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Preface 

It is a great pleasure to welcome all to this specially coordinated event combining two 

major international conferences on earthquake engineering:  

The Ninth International Conference on Urban Earthquake Engineering (9CUEE) and 

The Fourth Asia Conference on Earthquake Engineering (4ACEE). 

This year’s CUEE annual conference is thus of particular significance as being organized 

in conjunction with the ACEE, which itself conjoins the Association of Structural 

Engineers of the Philippines, the Asian Institute of Technology, and the Engineering 

Institute of Thailand. As has now become the custom, Pacific Earthquake Engineering 

Research Center (PEER), our U.S.-based collaborator, joins in this event in the capacity 

of a major sponsor. 

The 9th CUEE forms an integral part of the research activities of the Center for Urban 

Earthquake Engineering (CUEE), Tokyo Institute of Technology. CUEE is the Global 

Center of Excellence (COE) in the field of earthquake engineering, supported by the 

Japan Ministry of Education, Culture, Sports, Science and Technology. The CUEE 

Conference has been convened annually, since fiscal year 2003 under two consecutive 

COE programs. The current program aims not only to promote research on all aspects 

of mitigating the seismic mega-risk facing modern cities in earthquake regions 

throughout the world, but seeks to encourage next-generation practitioners and 

researchers who themselves must develop forthcoming strategies and practices for 

seismic risk reduction. This conference will foster and stimulate intensive information 

dissemination and technology transfer, all in promoting and extending an international 

network directed toward the formation of younger researchers through sustained 

international collaborative effort. 

The 4th ACEE will comprise the Association of Structural Engineers of the Philippines 

Inc. (ASEP), the Asian Institute of Technology (AIT), and the Engineering Institute of 

Thailand (EIT). Since the 1st ACEE held in Manila, Philippines, in 2004, the conference 

has been addressing "Seismic Hazards and Damage Mitigation in the Asian Region" by 

providing an excellent forum that brings together Asian researchers, professionals, 

engineers, scientists, and academics to promote and exchange new ideas and 



experiences in the broader fields of seismology, earthquake engineering, seismic risk, 

and disaster mitigation. 

We, the joint organizers of the 9CUEE and 4ACEE, are excited by the opportunity to 

combine the two conferences. This year the Joint Conference affords a platform not 

only to share overall common interests, as well as new information and technologies in 

the field of urban earthquake engineering, but also to make research and educational 

outcomes available while implementing an ever strengthening worldwide network for 

earthquake engineering.  

The Joint Conference gives special prominence to Keynote Talks on various themes 

reflecting state-of-the-art developments in urban earthquake engineering, followed by 

about 300 presentations in parallel sessions, and this year will also include a blind 

analysis contest of an E-defense shaking table test. We will also feature, as the 

conference has done each year, Special Educational Sessions and Best Presentation 

Awards for Young Researchers. Some one hundred papers will be given in these 

sessions. To facilitate conference participation of this younger generation, Travel 

Grants have been awarded this year again to some fifty individuals. 

Special sessions are also planned on the 11th March 2011 Great East Japan 

Earthquake, in observance of the first anniversary of the event that resulted in 

catastrophic damage in northeast Japan and a death toll of about 20,000. We wish to 

extend sincere sympathy to those who experienced this tragedy, while vowing to work 

toward the future mitigation of such occurrences and resultant loss of life. We believe 

it is enormously important and useful to exchange and share the lessons learned in the 

year since this catastrophic earthquake. Our hope is that the 9CUEE & 4ACEE Joint 

Conference will be an excellent opportunity for all of us dedicated to urban earthquake 

engineering. 

 

Kohji Tokimatsu 

Global-COE Program Leader and Director of CUEE/ Tokyo Tech 
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Abstract:  Real-time hybrid simulation (RTHS) is a testing technique that enables the dynamic response of complete 
structural systems to be investigated. The method combines physical testing of a component of a structure and numerical 
simulation of the remaining part, and provides a viable alternative to shake table testing where the complete structural 
system needs to be physically modeled. The emphasis of enhancing the seismic performance of structural systems and the 
demand for resiliency by stake holders has led to the development and use of response modification devices for designing 
structural systems. A number of response modification devices exist, and include passive and semi-active controlled 
dampers. The dampers provide a supplemental damper system for the structure. The dampers are load rate dependent and 
therefore experimental studies to validate performance-based design concepts with a supplemental damper system require 
real-time testing. This paper presents recent developments in RTHS and a study to experimentally validate a new design 
concept with supplemental damper systems that enhance the seismic performance of structural systems.  

 
 
1.  INTRODUCTION 

 

Supplemental damping systems increase the energy 

dissipation capacity of structures, reducing the seismic 

demand on the primary structure in addition to the velocity 

and acceleration demands on non-structural components 

(Constantinou and Filiatrault 2006). 

To demonstrate the full potential of new types of 

dampers, damper designs and performance-based design 

procedures for structural systems with dampers need to be 

experimentally validated. The NEHRP provisions (BSSC 

2003) allow the design of buildings with supplemental 

damping systems to experience controlled inelastic 

deformations associated with typical design drifts limits, e.g., 

the 2% drift limit. Therefore, to experimentally validate 

damper designs and performance-based design procedures, 

inelastic response statistics incorporating ground motion 

variability should be obtained. Full-scale shaking table 

testing (Kasai et al. 2010) is a reliable but, at the same time, 

a challenging experimental technique. In particular, 

conducting a series of full-scale tests to obtain response 

statistics of structural systems under earthquake intensities 

which produce inelastic deformations may be cost and time 

prohibitive since the damaged components of the structural 

system need to be repaired or rebuilt after each test. 

Real-time hybrid simulation (RTHS) is an efficient 

method for investigating the response of complex structures 

to dynamic loading. It combines physical testing and 

numerical simulation to enable the entire structural system to 

be included in the simulation. Hybrid simulation divides a 

structural system into analytical and experimental 

substructures. Compared to shaking table tests, the 

arrangement of the experimental and analytical substructures 

in a real-time hybrid simulation is economical, while the 

reliability of the simulation results is preserved when the 

analytical model used for the analytical substructure is 

accurate. The added benefit of this experimental technique is 

that it enables a large number of ground motions to be 

applied to the structure, resulting in various levels of 

structural damage, without the need to repair the test 

specimens if the damage is confined to the analytical 

substructure. 

This paper describes the RTHS method, and presents an 

experimental program based on this method to verify the 

performance-based seismic design procedure for a steel 

MRF with magneto-rheological (MR) dampers.  

 

 

2.  REAL-TIME HYBRID SIMULATION METHOD 

 

2.1  Equations of Motion  

The temporal discretized equations of motion at the i + 

1
th
 for a structural system are expressed as 

 

 1i1i1i1i   FrxCxM   (1) 

 

where M , C , �̈�i+1, �̇�i+1, 1ir , and 𝑭i+1are the mass 

matrix, viscous damping matrix, acceleration vector, 

velocity vector, restoring force vector, and the excitation 

force vector, respectively. As noted above, RTHS involves 

dividing the structure into experimental and analytical 

substructures. For example, Figure 1 shows a schematic of a 

RTHS of a 3-story frame with MR dampers, where the MR 

dampers are modeled as an experimental substructure and 
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the remaining part of the structural system is modeled 

analytically (and referred to as the analytical substructure). 

Equation (1) can then be rewritten as 

 

 1i
e

1i
a

1i1i1i )(   FrrxCxM   (2) 

 

where a
1ir and e

1ir are the restoring force vectors of the 

analytical and experimental substructures, respectively. 

RTHS involves solving Eq. (2) to obtain the response to 

dynamic loading. Direct numerical integration schemes are 

typically used. Explicit integration schemes are convenient 

for RTHS because of their computational efficiency, not 

requiring iteration to obtain equilibrium at the end of a time 

step. Chen and Ricles developed an unconditionally stable 

explicit integration algorithm called the CR Integration 

Algorithm (Chen and Ricles 2008a) and implemented it for 

RTHS (Chen et al. 2009). According to the CR algorithm, 

the variations of the displacement and velocity vectors of the 

structure over the integration time step t  are defined as  
 

 i1i1i xαxx   t  (3a) 

 i2ii1i xαxxx  
2tt  (3b) 

 

where ix , ix  and ix are the displacement, velocity and 

acceleration vectors of the structure at the i
th
 time step, 

respectively; and 1α  and 2α  are matrices of integration 

parameters defined as 

  MKKCCMαα
1

eteq21 )()(244


 2tt

 (4) 

In Eq. (4) K  is the initial stiffness matrix of the structure 

while etK  and eqC  are matrices that contain terms 

associated with the initial tangent stiffness 𝑘𝑒𝑡  and the 

equivalent damping 𝑐𝑒𝑞 , respectively, of the dampers. 𝑘𝑒𝑡 
can be determined from the experimentally obtained 

force-displacement relationship for the dampers. Chen and 

Ricles (2008b) showed that it is necessary to include the 

damping and stiffness of the complete structure in Eq. (4) to 

ensure that the integration parameters result in a stable 

solution. The solution will be stable as long as the total 

stiffness ( etKK  ) and damping )( eqCC  in Eq. (4) is 

larger than that developed in the system during the RTHS. 

A flow chart showing the implementation of the CR 

integration algorithm is given in Figure 2. After the 

displacement structural response 1ix  is calculated, it is 

imposed onto the experimental and analytical substructures 

to simultaneously obtain 
e

1ir  and 
a

1ir , and then the 

displacement response 2ix  for the next time step i+2 is 

calculated. This process is repeated to obtain the response 

over the duration of the earthquake. Ramp generators are 

used in conjunction with a hydraulic actuator to smoothly 

impose the displacement command to the experimental 

substructure. As shown in Figure 2, a linear ramp generator 

is used for the implementation of the CR integration 

algorithm for real-time testing in this paper because of its 

simplicity and easy implementation. The integration time 

step t is divided into n substeps, i.e., t = n δt, where δt is 

the sampling time of the servo-hydraulic controller. If the 

measured restoring force for the experimental substructure is 

fed back at the end of the time step after the actuator reaches 

the command displacement c(n)
1id associated with 1ix , a 

delay occurs while 2ix  is calculated and issued to the 

servo-controller, which reads the command displacement 

2ix  one sampling time δt later. To avoid this delay and 

ensure a continuous movement of the servo-hydraulic 

actuator, an extrapolation procedure is introduced in the 

implementation of the CR integration algorithm for real-time 

testing. At the end of the (n-1)
th
 substep within the (i+1)

th
 

time step, the actuator continues to apply the command 

displacement 
)(

d
1nc

1i


  to the experimental substructure in 

accordance with the ramp generator while the measured 

restoring force 
)1m(n

1i


r  of the experimental substructure is 

extrapolated using Eq. (5). The extrapolated value 
e
1ir~ is 

incorporated into the restoring force vector 
e

1ir to enable the 

integration algorithm to calculate the displacement response 

2ix  for the structure without a delay.
 
 

 

t/xxxcdxkrr~ Δ)()( e
i

e
1i

e
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1i

e
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e
1i  







  (5) 

 

 

2.2  Actuator Delay Compensation 

Due to inherent servo-hydraulic dynamics, the actuator has 

an inevitable time delay in response to the actuator 

command displacement 
c(j)

1id . This time delay is usually 

referred to as actuator delay and will result in a 

desynchronization between the measured restoring forces 

from the experimental substructure and the integration 

algorithm in a real-time hybrid simulation. Studies on the 

effect of actuator delay (Wallace et al. 2005, Chen and 

Ricles 2009) show that actuator delay is equivalent to 

creating negative damping, which can destabilize a real-time 

hybrid simulation if not compensated properly.  
Numerous actuator delay compensation schemes have 

been developed, as summarized by Chen and Ricles (2009). 

Actuator delay compensation has to be dealt with on a 

case-by-case basis, since it depends on the test structure and 

the servo-actuator hydraulic system involved in a RTHS. For 

the test setup of the RTHS example presented later the 

inverse compensation (IC) method developed by Chen and 

Ricles (2009) was found to be successful in minimizing the 

detrimental effect of actuator delay during the simulation. 

The IC method for a servo-hydraulic actuator can be 

expressed using the following discrete transfer function that 

relates the compensated command displacement 
p(j)

1id  to 

the original command displacement 
c(j)

1id  for the actuator: 

 
z

)1(αz
(z)G eses

c





 (6) 

In Eq. (6) z is the complex variable in the discrete 

z-domain; αes is the estimated actuator delay constant that is 

defined as t/dt δ1es  , where dt is the time duration 

of the actuator delay.  
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2.3  Real-Time Integrated Control System Architecture 

The combination of physical testing and numerical 

simulation in real-time requires a real-time integrated control 

system to enable experimental and numerical simulation 

tasks to be performed simultaneously. These tasks must be 

coordinated and synchronized in order that the RTHS be 

performed successfully. The architecture for the Real-Time 

Muli-Directional (RTMD) Facility’s real-time integrated 

control system is shown in Figure 3. The RTMD is a NEES 

Equipment Site located at Lehigh University (Lehigh 2011). 

Figure 3 shows a digital servo controller (Real-time Control 

Workstation); the controller has a 1024 Hz clock speed 

(sampling time t=1/1024 sec) and controls the motion of 

the servo-hydraulic actuators. It is integrated with the 

Real-time Target Workstation, Simulation Workstation, and 

Data Acquisition Mainframe using a shared common RAM 

network (SCRAMNet). SCRAMNet has a communication 

rate of about 180ns to enable the transfer of data among the 

integrated workstations in real-time with minimal 

communication delay. The nonlinear finite element program 

HybridFEM (Karavasilis et al. 2009) has been developed 

and implemented into the real-time integrated control system 

at the NEES RTMD Facility. HybridFEM has been 

developed in a manner that enables the integration algorithm, 

analytical substructure modeling, damper control laws, 

servo-hydraulic actuator control law, and actuator delay 
compensation scheme to be integrated into a single 

SIMULINK model on the Simulation Workstation and then 

downloaded onto the Real-time Target Workstation using 

Mathworks xPC Target Software (Matlab 2010).  
Experimental substructures containing semi-active 

controlled MR dampers, such as those presented later in this 

paper, require a closed-loop control system for the dampers. 

Figure 4 shows a block diagram for the real-time hybrid 

simulations with semi-active controlled MR dampers. The 

semi-active controller with the semi-active control law for 

each damper, along with the analytical substructure and 

experimental substructure (consisting of two MR dampers), 

are identified in Figure 4. The feedback signals for the 

semi-active control law, other than the damper force, are 

based on the state vector z associated with the structural 

displacements and velocities from the integration algorithm. 

The semi-active control law for each damper resides on the 

Real-time Target Workstation (see Figure 3) in order that it 

remains synchronized with z. For each damper the measured 

force from the damper load cell used by the semi-active 

control algorithm is acquired using a National Instruments 

16-bit A/D board (NI A/D in Figure 3), which resides in the 

Real-time Target Workstation. This same board, which also 

possesses D/A channels, is used to send the command 

current determined by the semi-active control law to the 

current driver for each damper.  

 

 

3.  PERFORMANCE-BASED DESIGN OF STEEL 

FRAMES WITH DAMPERS 

 

3.1  Simplified Design Procedure  

Figure 5 summarizes the Simplified Design Procedure 

(SDP) developed by Chae (2011) for the performance-based 

seismic design of structures with MR dampers. In Step 1, the 

seismic performance objectives and associated design 

criteria are established for the design of the structure. In Step 

2, the structure is designed without MR dampers in 

accordance with the design code selected in Step 1 to satisfy 

the strength requirement for the members in the structure. In 

Step 3, the MR dampers are incorporated into the design of 

the structure to satisfy the specified performance objectives. 

The design demand for the structure is estimated for a range 

of selected values for 𝛼, 𝛽 , and a constant loss factor 

𝜂 = 4/𝜋 using a simplified analysis procedure (Chae 2011). 

𝛽 is the ratio of the damper stiffness per story in the global 

direction to the lateral load resisting frame story stiffness 𝑘0 

without dampers and braces of the structural system, while 

𝛼 is the ratio of brace stiffness per story in the global 

direction to the lateral load resisting frame story stiffness 𝑘0. 

In the simplified analysis procedure the MR damper 

behavior is based on the simple frictional MR damper model 

(Chae 2011). The required MR damper sizes are then 

selected in Step 4 based on the smallest 𝛽 value that meets 

the design criteria and performance objectives in Step 1. 

Since the simple frictional damper model does not account 

for the velocity dependent behavior of an MR damper, a 

more accurate determination of the design demand are 

determined in Step 5 using a more sophisticated MR damper 

model (i.e., Hershel-Bulkley model) in the simplified 

analysis procedure. The design is then revised with final 

member sizes and the MR damper sizes are selected 

(location, number, force capacity, etc.). If the performance 

objectives cannot be met in an economical manner, then the 

performance objectives and/or structural system design need 

to be revised as indicated in Figure 5. 

 

 

3.2  Prototype Structure  

 

Based on the SDP, a 3-story building with MR dampers 

is designed. The floor plan and elevation of the prototype 

structure is shown in Figure 6. It consists of a 3-story, 6-bay 

building and represents a typical office building located in 

Southern California. Lateral loads are resisted by four 

perimeter moment resisting frames (MRFs) and four 

damped braced frames (DBFs) in the two orthogonal 

principle directions of the building’s floor plan. MR dampers 

are installed in the DBFs to control the drift of the building, 

adding supplemental damping to the structure. The DBFs 

have continuous columns, with pin connections at the 

beam-to-column connections and at the ends of the diagonal 

bracing. A rigid diaphragm system is assumed to exist at 

each floor level and the roof of the building to transfer the 

floor inertia loads to the MRFs and DBFs. The building has 

a basement.  

Two different performance objectives for the building 

are considered: 
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1) Limit the story drift to 1.5% under the design basis 

earthquake (DBE) ground motion; 

2) Design strength of members in the DBF shall not be 

exceeded by the demand imposed by the DBE 

ground motion. 

 

The maximum considered earthquake (MCE) ground 

motion is represented by a response spectra that has a 2% 

probability of exceedance in 50 years, where the DBE 

ground motion is 2/3rd the intensity of the MCE ground 

motion. (FEMA 2000a). The performance objectives of 1.5% 

story drift satisfies the life safety performance level under 

the DBE. The performance levels are defined in FEMA-356 

(FEMA 2000b). To minimize the damage and repair cost to 

the DBF structure, the second performance objective is 

adopted to have the DBF structure remain elastic under the 

DBE. 

The prototype building structure is intended to provide 

the basis for an MRF and DBF with MR dampers which can 

be constructed in the laboratory for future tests. Due to 

laboratory constraints, the prototype building structure and 

resulting MRF and DBF were designed at 0.6-scale. The 

MRFs are designed to satisfy the strength requirement of the 

current building seismic code of ICC (2006); the member 

design criteria is based on the AISC seismic design 

provisions (2010). The design response spectrum is based on 

a site in Southern California where the spectral acceleration 

coefficient for the short period, 𝑆𝑆 , and for a 1 second 

period, 𝑆1 , are equal to 1.5 and 0.6, respectively. The 

strength contribution from the DBFs and MR dampers is not 

considered when the MRFs are designed since, as noted 

above, the DBFs and MR dampers are intended only to 

control the story drift of the building system. More detailed 

information on the design of the MRFs and gravity frames 

can be found in Chae (2011). 

Once the MRFs and gravity frames are designed for 

strength, the required capacity of the MR dampers to control 

the drift is determined. The DBF members are then designed 

by imposing the displacement and damper force demands on 

the DBF, which are obtained from the simplified analysis 

procedure and the required MR damper capacity. The 

maximum displacements and the maximum MR damper 

forces are assumed to occur concurrently in the SDP. The 

design of the 3-story building is revised until the 

performance objectives and strength requirements are 

satisfied. The final member sizes for the 0.6-scale structure 

is summarized in Tables 1 and 2. The periods of vibration 

and damping for the first-three modes are given in Table 3 

for the structure without and with dampers, where the 

stiffness of the dampers is based on the secant stiffness 

method associated with the damper deformation design 

demand. 

 

 

3.3  MR Damper Control Law Design  

 

The design procedures of many popular semi-active 

controllers are developed based on the linear-elastic 

structural system. The motion of a linear-elastic structure 

under a horizontal earthquake ground motion is governed by 

the following set of equilibrium equations:  

 

 𝑴𝑠�̈� + 𝑪𝑠�̇� + 𝑲𝑠𝒙 = 𝜦𝒇 −𝑴𝑠𝜞�̈�𝑔 (7) 

 

where 𝑴𝑠 = mass matrix (𝑁 × 𝑁); 𝑪𝑠 = damping matrix 

(𝑁 × 𝑁); 𝑲𝑠 = stiffness matrix (N × N); 𝜦 = MR damper 

location matrix (𝑁 × 𝐿); 𝒇 = damper force vector (𝐿 × 1); 

𝜞 = unit vector of which all the row are 1 (𝑁 × 1); 𝒙 = 

vector of displacements (𝑁 × 1); �̇� = vector of velocities 

(𝑁 × 1); �̈� = vector of accelerations (𝑁 × 1); and �̈�𝑔= 

input ground acceleration. 𝑁 is the number of DOFs of the 

structure and 𝐿 is the number of MR dampers placed in the 

structure. For the design of the controllers, static 

condensation was applied to the analytical substructure 

model to condense out all of the DOF except for five DOF 

(i.e., N=5); these 5 retained DOF included the horizontal 

displacement of each of the three floors and the horizontal 

DOF at the top of each of the diagonal bracing in the 2nd 

and 3rd stories of the DBF where the MR dampers were 

located. Thus, the displacement vector is 

𝒙 = [𝑢1 𝑢2 𝑢3 𝑢2
𝑏 𝑢3

𝑏]𝑇 , where 𝑢𝑖  is the horizontal 

displacement of the 𝑖𝑡ℎ  floor; 𝑢𝑗
𝑏  is the horizontal 

displacement of the top of the diagonal bracing at the 𝑗𝑡ℎ 

story. The initial tangent stiffness of the analytical 

substructure is therefore condensed to a 5×5 matrix to form 

𝑲𝑠. The transformation applied to stiffness matrix to obtain 

𝑲𝑠  is also applied to the mass (M) and damping (C) 

matrices to obtain MS and CS, respectively.  

The state-space form of Eq. (7) can be written as 

 

 
�̇� = 𝑨𝒛 + 𝑩𝒇 + 𝑬�̈�𝑔 

𝒚 = 𝑪𝒛 + 𝑫 
(8) 

 

where, z is the state vector consisting of 𝒛 = [𝒙 �̇� ]𝑇 and y 

is an output vector. Matrices A, B, and E are defined as 

 

 

 

 

𝑨 = [
𝟎 𝑰

−𝑴𝒔
−𝟏𝑲𝒔 −𝑴𝒔

−𝟏𝑪𝒔
]  

𝑩 = [
𝟎

𝑴𝒔
−𝟏𝜦

], 𝑬 = [
𝟎
−𝜞

] 

(9a) 

(9b) 

For a LQR controller, the optimal damper forces are 

obtained by minimizing the scalar performance index 

defined as (Ogata 1997) 

 

 𝐽 = ∫ 𝒛𝑇𝑸𝒛 + 𝒇𝑇𝑹𝒇
∞

0

𝑑𝑡 (10) 

 

where, 𝑸  and 𝑹  are positive definite user-defined 

weighting matrices. The optimal control force is determined 

from the following expression (Ogata 1997) 

 

 𝑓𝑜𝑝𝑡 = −𝐾𝒛 = −𝑹−1𝑩𝑇𝑷𝒛 (11) 
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In Eq. (11) 𝐾 is an optimal feedback gain and matrix P is 

obtained by solving the algebraic Riccati equation:  

 

 𝑨𝑇𝑷 + 𝑷𝑨 − 𝑷𝑩𝑹−1𝑩𝑇𝑷 + 𝑸 = 𝟎 (12) 

 

The command current for an MR damper is obtained 

using the following criteria, which is known as the clipped 

optimal law:  

 

𝐼𝑐
𝑖 = {

 𝐼𝑚𝑎𝑥    𝑖𝑓   𝑓𝑜𝑝𝑡
𝑖 ∙ 𝑓𝑚

𝑖 > 0  𝑎𝑛𝑑  |𝑓𝑜𝑝𝑡
𝑖 | − |𝑓𝑚

𝑖 | > 0 

0         𝑜𝑡ℎ𝑒𝑟𝑤𝑖𝑠𝑒                                                      
(13)  

 

where, 𝐼𝑐
𝑖 ,  𝐼𝑚𝑎𝑥 , 𝑓𝑜𝑝𝑡

𝑖 and 𝑓𝑚
𝑖  are the command current, 

maximum current, optimal force and measured force of the 

ith MR damper in a structure, respectively.  

One of the challenges associated with the design of an 

LQR controller is to define the user-defined parameters 𝑸 

and 𝑹. In this study, 𝑸 is based on the recommendation of 

Chang and Zhou (2002), and 𝑹 is selected to be small in 

order that an aggressive controller design is achieved, 

whereby 𝑓𝑜𝑝𝑡 is large: 

 

𝑸 = [
𝑲𝒔 𝟎
𝟎 𝑴𝒔

]       𝑹 = 1 × 10−15 [
1 0
0 1

]     (14) 

 

4.  EXPERIMENTAL VERIFICATION OF 

PERFORMANCE-BASED DESIGN PROCEDURE 

USING RTHS 

 

The performance of a perimeter MRF and interior DBF 

is experimentally evaluated by conducting a series of 

large-scale real-time hybrid simulations. The ground 

motions in the plane of the perimeter MRF and parallel DBF 

were considered. The symmetry in the floor plan enabled 

only one perimeter MRF, one DBF, the gravity frames and 

mass within the area of the prototype building to one MRF 

to be considered. As illustrated in Figures 1(b) and 1(c), the 

experimental substructure consist of two individual MR 

dampers with the remaining part of the building (MRF, DBF, 

and gravity frames shown as a lean-on column in Figure 

1(b)) modeled as the analytical substructure.  

The integration time step Δt used for the hybrid tests is a 

multiple of the servo-hydraulic controller sampling time t 

of 1/1024 sec, and equal to 5/1024 sec. This time step size 

was arrived at by performing a convergence study to ensure 

that value for Δt was sufficiently small that the integration 

algorithm produced accurate results. The linear ramp 

generator is used to apply the command displacement vector 

xi+1
e through the hydraulic actuators to the experimental 

substructures at the servo-hydraulic controller sampling rate, 

i.e., at a time substep t of 1/1024 sec. A value of αes = 25 

was used for the actuator delay constant for the 

servo-hydraulic actuators. These values were established by 

conducting parametric studies of the servo-hydraulic system 

with the MR dampers.  

 

4.1  Analytical Substructure Modeling 

The analytical substructure model for the real-time 

hybrid simulations has a total of 190 degrees of freedom and 

69 elements. The beams and columns of the MRF structure, 

as well as the columns of the DBF, are modeled with a 

distributed plasticity displacement-based beam-column fiber 

element with five fiber sections along the element length. To 

make the state determination of the analytical substructure 

more efficient, and considering that the plastic behavior 

occurs near the ends of the beams and columns of the MRF 

structure, the beams and columns are divided into three parts: 

one linear elastic element in the middle and one fiber 

element at each end. The length of the displacement-based 

fiber element is 10% of the member length. This procedure 

also results in a more accurate determination of the plastic 

rotations near the end of the element, since the 

displacement-based fiber element is based on a formulation 

that has a linear variation in curvature along its length. The 

cross section of the element is discretized into 18 fibers, 

including 12 fibers for the web and 3 fibers each for the top 

and bottom flanges. Each fiber is modeled with a bilinear 

stress-strain relationship with a small post-yielding stiffness, 

where the elastic modulus and the yield stress of the steel are 

E = 200 GPa and Fy = 345 MPa, respectively. The 

strain-hardening ratio (the post-yielding modulus over the 

elastic modulus) is assigned to be 0.01. The beam-column 

joints are modeled using a panel zone element, where shear 

and symmetric column bending deformations are considered 

(Seo et al. 2009). The beams and braces of the DBF are 

modeled using linear elastic truss elements since they are 

expected to remain elastic and have pin-ended connections. 

The lean-on column is used to model P-Δ effects on the 

MRF and DBF from gravity loads carried by the gravity 

columns of the building that are in the tributary area of the 

perimeter MRF. An elastic beam-column element with 

geometric stiffness is used to model the lean-on column. The 

section properties of the lean-on column are obtained by 

taking the sum of the section properties of each gravity 

column within the tributary area of the MRF and the DBF. 

The MR damper is assumed to be located between the top of 

the brace and the beam-column joint of the DBF model.  

Diaphragm action was assumed at every floor in the 

building due to the presence of a composite floor slab in the 

building. The floor masses M1, M2, and M3 within the 

tributary area of the MRF are 101.0 kN ∙ sec2/m , 

101.0kN ∙ sec2/m, and 73.5kN ∙ sec2/m for the 1st, 2nd, 

and 3rd floors of the model, respectively, and are located on 

the lean-on column. The horizontal, vertical and rotational 

degrees-of-freedom (DOFs) are retained in the model. The 

top node of the panel zone element in the MRF and the 

beam-column joint in the DBF are horizontally constrained 

to the node of the lean-on column at each floor level to 

model the effects of the rigid floor diaphragm. Rayleigh 

damping is used to model the inherent damping of the 

building with a 5% damping ratio for the 1st and 2nd modes, 

consistent with the 5% damping in the design response 

spectrum. The building has a basement. A point of inflection 

is assigned at 1/3rd of the height of the basement column 
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from the column base. This point is modeled as a pin support 

at the base of the columns in the analysis model as shown in 

Figure 1(b). 

 

 

4.2  Experimental Substructure Modeling 

 

The experimental setup for the experimental 

substructure consists of the experimental substructure (two 

MR dampers with the associated current drivers and load 

cells) and two servo-hydraulic actuators with roller bearings, 

reaction frames, and damper tie-down beams. The maximum 

force capacity of the actuator is 1,700kN; with the actuator 

having the ability to generate approximately 500kN of force 

at a piston velocity of 1.0m/sec with three servo-valves. 

Each servo-valve has a maximum flow rate of 2082 lpm 

(550 gpm) at 20.7MPa (3000 psi). A 534kN load cell is 

installed between the actuator and the damper piston to 

directly measure the force developed in the damper. The 

measured damper force is used as feedback to the damper 

semi-active control law. The current going into the damper is 

controlled by a pulse width modulation (PWM) type current 
driver manufactured by Advanced Motion Controls (30A8). 

The PWM current driver can supply current up to 30A by 

driving a DC motor at a high rate of switching frequency 

(22kHz). The MR dampers were manufactured by Lord 

Corporation in 2005. Identification of the damper properties 

was performed through characterization tests (Chae et al. 

2011). The length and available stroke of the dampers are 

1.5m and ±279mm, respectively. Each damper can generate 

a force of about 200kN at a piston velocity of 0.1m/sec 

under a current input of 2.5A. The servo-controller for the 

actuator used in real-time hybrid simulations consist of a 

digital PID controller with a proportional gain of 20, integral 

time constant of 5.0 resulting in an integral gain of 4.0, 

differential gain of zero and a roll-off frequency of 39.8 Hz. 

 

 

5.  REAL-TIME HYBRID SIMULATION RESULTS 

 

The five ground motions used in the real-time hybrid 

simulations are listed in Table 4. The ground motions are 

scaled to the DBE level using the procedure by Somerville et 

al. (1997). Since the structure is scaled down with a 

geometric scale factor of 0.6, the time axis for the ground 

motion is scaled by √0.6  during real-time hybrid 

simulations to satisfy similitude laws, where the scaled 

structure is assumed to have the same stresses and the same 

acceleration as the prototype structure.  

Time history results from real-time hybrid simulation 

are presented for the Canyon Country-WLC record from the 

1994 Northridge earthquake scaled to the DBE intensity. A 

comparison between the measured, 𝑑m, and command, 𝑑c, 
actuator displacement for the two MR dampers with the 

LQR control is presented in Figure 7, where subspace 

synchronization plots of 𝑑c versus 𝑑m are plotted. Good 

agreement can be observed between 𝑑m and 𝑑c . The 

normalized root mean square (NRMS) error between 𝑑m 

and 𝑑cwas evaluated as 

 

 𝑁𝑅𝑀𝑆 𝑒𝑟𝑟𝑜𝑟 = √
∑ ∑ (𝑑𝑖

𝑐(𝑗)
−𝑑𝑖

𝑚(𝑗)
)
2

𝑛
𝑗=1𝑖

∑ ∑ (𝑑
𝑖
𝑐(𝑗)

)
2

𝑛
𝑗=1𝑖

 (15) 

 

where i and j in Eq. (15) are the time step and substep 

number associated with t. n is the number of substeps, 

where n=5 in this study. The NRMS errors were found 

equal to 0.022 and 0.024 for the actuators of the 2nd story 

and 3rd story dampers, respectively. The NRMS values and 

synchronization plots indicate that accurate actuator control 

is achieved during the real-time hybrid simulation. These 

values for the NRMS and the results shown in Figure 7 are 

representative of the actuator control achieved in all of the 

real-time hybrid simulations. 

The hysteresis of the semi-actively controlled MR 

dampers is given in Figure 8. The MR damper displacement 

(piston movement) is greater in the 3rd story (38 mm) than 

the 2nd story (31 mm), and is associated with a larger story 

drift in the 3rd story. The maximum damper force is 

approximately the same in both dampers. The energy 

dissipated in the dampers is 46.6kN-m and 46.2kN-m for the 

2nd and 3rd stories, respectively.  

The story drift time histories for the cases with no 

dampers and with dampers under LQR control are shown in 

Figure 9. The results for the case with no dampers have 

larger drift, and a residual drift occurs in the 2nd and 3rd 

stories. The residual drift is associated with damage from 

yielding of the members, where plastic rotations develop at 

the ends of the beams at each floor level and at the base of 

the column at the ground level. The case with dampers has 

smaller story drift and residual drift, where the maximum 

drift is less than target maximum drift of 1.5%. The 

reduction in residual drift is due to reduced inelastic 

deformations in the members of the building when dampers 

are used. Under the Northridge earthquake the maximum 

plastic rotation in the MRF beams and columns is 0.0047 rad 

and 0.0002 rad, respectively, for LQR control. The DBF 

columns showed linear-elastic behavior for the LQR control. 

For the case without dampers the MRF beams and columns 

had a maximum plastic rotation of 0.0173 rad and 0.0001 

rad, respectively. The hysteretic response at selected beam, 

panel zone, column, and diagonal brace locations for the no 

damper case are compared to that for the LQR control case 

in Figure 10, where Mp, Vu, and Py are the plastic flexural 

capacity of the member, shear capacity of the panel zone per 

ASIC (2010), and axial yield strength of the diagonal brace, 

respectively. The yielding in the beams at the 3rd floor for 

both cases is evident in the hysteretic response, as is the 

reduction in the extent of maximum rotation in the LQR 

control case compared to the no damper case. The response 

at the base of the ground floor column remains essentially 

elastic for both cases, however for the LQR control case the 

column develops more deformation than the no damper case. 

This is consistent with the observation that the 1st story drift 

is larger in the LQR control case than in the no damper case 

(see Figure 9). The panel zone and diagonal bracing in the 
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3rd floor is shown in Figure 10 to remain elastic during the 

hybrid simulation for both cases. The importance of 

modeling of the panel zones and diagonal bracing members 

is important, since the elastic deformations in the members 

affect the maximum response quantities of each damper. 

A benefit of real-time hybrid simulation is that it allows 

an unlimited number of ground motions to be applied to the 

simulated building and therefore, statistical experimental 

response results incorporating the ground motion variability 

can be obtained. In this paper, the seismic performance of 

the building with dampers is quantified in terms of various 

damage indices for both structural and non-structural 

components, and include the maximum story drift, θmax; 

MRF maximum plastic hinge rotation for beams, θpl.max_bm, 

and columns, θpl.max_col; peak floor absolute velocity, vmax; 

peak floor absolute acceleration, amax; and the floor 

acceleration response spectra, Sa,flr. vmax and amax are useful 

for quantifying the potential for damage of non-rigidly 

attached non-structural components and for rigidly attached 

non-structural components, respectively, while Sa,flr is useful 

for quantifying the potential for damage to flexibly attached 

equipment (ATC 2004). The DBF remained elastic under the 

DBE. Tables 5 and 6 present median and standard deviation 

response quantities from the real-time hybrid simulations for 

the θmax, vmax, amax, θpl.max_bm and θpl.max_col, for the semi-active 

control case. Also included are response quantities for the 

building with no dampers obtained from HybridFEM where 

there is no experimental substructure restoring force.  

Table 5 shows that when the dampers are placed in the 

structure that the median θmax value of 1.10%, 1.77%, and 

2.49% for the 1st and 2nd and 3rd stories, respectively, for 

the building is reduced in the 2nd and 3rd stories, with the 

1st story drift remaining about the same for the no damper 

and case with dampers. Semi-active control produces a 25% 

and 39% reduction in story drift of the 2nd and 3rd stories, 

respectively, compared to the no damper case. The median 

value for θmax under the DBE for the building with dampers 

is less than, or about equal to the maximum drift of 1.5% 

used as the performance objective for the design of the 

structure. An exception is at the 3rd story for LQR control, 

where the median value for θmax is 1.63. The median vmax and 

amax for the case with dampers is shown in Table 5 to be less 

than that of the case with no dampers. The semi-active 

control case is shown to reduce the floor velocity and 

acceleration, (14%, 14%, and 7% for vmax and 28%, 42%, 

and 13% for amax at the 1st, 2nd and 3rd floors, respectively).  

Table 6 shows that the structure with dampers has a 

significantly better performance than the structure without 

dampers in terms of member plastic hinge rotations. Since 

the MR dampers are located in the 2nd and 3rd stories, a 

greater reduction can be expected in these stories for the 

building with MR dampers. The average reduction in the 

median values for θpl.max_bm of the semi-active control case is 

69% and 80% in the 2nd and 3rd floor beams, respectively, 

compared to the no damper case. In the case with no 

dampers, large plastic deformations are predominantly 

concentrated in the 2nd and 3rd floor beams, resulting in less 

plastic rotation in the 1st floor beam and 1st story column 

than the cases with dampers. A more uniform distribution of 

member deformations along the floors and stories was 

achieved using the dampers. The plastic rotation at the base 

of the MRF column is negligibly small and no significant 

differences are observed among the various control cases. 

The columns in the DBF remained elastic under cases with 

and without MR dampers.  

Figure 11 shows the median acceleration response 

spectra Sa,flr at the 3rd floor for the cases of no dampers and 

with dampers. These spectra present the maximum 

pseudo-acceleration response of a 5% damped elastic 

single-degree-of-freedom system (SDOF) subjected to the 

motion (total acceleration) of the 3rd floor of the frames. The 

spectra show that the building with dampers performs 

significantly better than the building without dampers. It is 

evident that the resonance at the 1st and 2nd modes of 

vibration of the structure with dampers is effectively damped 

(the periods of vibration of the undamped structure for the 

1st, 2nd and 3rd modes are T1= 0.94 sec, T2 = 0.30 sec and 

T3= 0.13 sec, respectively, see Table 3). The resonance at the 

3rd mode is not significant. Figure 11 clearly demonstrates 

the benefit of using MR dampers in terms of reducing the 

damage of non-structural components associated with the 

floor acceleration.   

 

 

6.  SUMMARY AND CONCLUSIONS 

 

Real-time hybrid simulation is a technique that enables 

the dynamic response of complete structural systems to be 

investigated. The method combines physical testing of a 

component of a structure and numerical simulation of the 

remaining part, and provides a viable alternative for 

experimental investigation of structural system response to 

dynamic loading. Real-time hybrid simulation requires a 

real-time integrated control architecture that enables the 

simultaneous determination of the restoring forces in the 

experimental and analytical substructures in order to 

integrate the equations of motion in real-time. This 

architecture must include stable integration algorithms and 

actuator control to avoid actuator delay. In this paper the use 

of the unconditionally stable explicit CR integration 

algorithm was used to perform real-time hybrid simulations 

on a multi-story, multi-bay steel structure with semi-actively 

controlled MR dampers subjected to the design earthquake. 

Inverse compensation was used to achieve good actuator 

control, where minimal delay occurred in actuator response 

in the tests, with the structural response consisting of 

predominantly lower frequencies of less than 4 Hz. 

Structural response statistics from several real-time hybrid 

simulations experimentally validated the performance-based 

design of the 3-story steel structure which was based on a 

newly develop simplified design procedure. 
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Table 1 MRF and DBF Member Sizes, 0.6-scale Structure 

Story  
(Floor 
Level) 

MRF DBF 

Column Beam Column Beam 
Diagonal 
bracing 

1 W8X67 W18X46 W10X33 W10X30 - 

2 W8X67 W14X38 W10X33 W10X30 W6X20 

3 W8X67 W10X17 W10X33 W10X30 W6X20 
 

Table 2 Gravity Frame Member Sizes, 0.6-scale Structure 

Story (Floor Level) Column Beam 

1 W8X48 W8x40 

2 W8X48 W8x40 

3 W8X48 W8x40 

 

Table 3 Natural Periods and Damping, 0.6-scale Structure 

Mode 
No. 

Without MR 
dampers 

With MR dampers 

DBE level MCE level 

Period 
(sec) 

𝜉𝑖𝑛 
(%) 

𝑇𝑒𝑓𝑓  
(sec) 

𝜉𝑒𝑞 
(%) 

𝑇𝑒𝑓𝑓  
 (sec) 

𝜉𝑒𝑞 
(%) 

1 0.94 5.0 0.85 20.4 0.88 16.2 

2 0.30 5.0 0.28 15.5 0.29 12.1 

3 0.13 5.0 0.13 6.3 0.13 6.5 

Table 4 Ground Motions for Real-time ybrid Simulation 

EQ  Year Station Mag. Comp. 
DBE 
scale 
factor 

Superstition 
Hills 

1987 Poe Road  6.5 270 1.71 

Duzce, Turkey 1999 Bolu 7.1 90 0.64 

Landers 1992 Coolwater 7.3 LN 2.15 

Imperial Valley 1979 
El Centro 
Array #11 

6.5 230 1.95 

Northridge 1994 
Canyon 

Country-WLC 
6.7 000 1.16 

Table 5 Median and Standard Deviation of Maximum Story 

Drift, Maximum Absolute Velocity, and Maximum Absolute 

Acceleration of Real-time Hybrid Simulations Results 

 
Floor  

(or story) 
No damper LQR 

θmax  

(%) 

1 1.10 (0.47)* 1.11 (0.23) 

2 1.77 (0.48) 1.37 (0.26) 

3 2.49 (0.65) 1.63 (0.22) 

vmax  

(mm/sec) 

1 455 (176) 393 (115) 

2 514 (172) 442 (91) 

3 682 (205) 637 (73) 

amax  

(g) 

1 0.65 (0.13) 0.47 (0.08) 

2 0.68 (0.19) 0.52 (0.09) 

3 0.67 (0.10) 0.58 (0.08) 

* standard deviation of response 

- 8 -

http://www.nees.lehigh.edu/resources/users-guide
http://www.mathworks.com/


 

 

Table 6 Real-time Hybrid Simulation Results for Median 

and Standard Deviation of Maximum Beam Plastic Rotation 

for MRF Beams (θpl.max_bm) and Columns (θpl.max_col) 

 

Floor/ 

Member 

No damper 

(% rad) 

LQR 

(% rad) 

1/Beam 0.25 (0.42)* 0.27 (0.27) 

2/Beam 1.12 (0.53) 0.44 (0.26) 

3/Beam 1.74 (0.61) 0.48 (0.23) 

G/Col 0.03 (0.17) 0.04 (0.14) 

* standard deviation of response 
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Figure 11  Median 3rd Floor Acceleration Response 

Spectra Sa,Flr from Real-Time Hybrid Simulations  

Figure 9  Story Drift Time Histories from Real-Time 

Hybrid Simulation, Northridge EQ Ground Motion  
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Abstract:  This paper presents damage of bridges during the 2011 Great East Japan earthquake. Since the bridges in the 
north Miyagi-ken and south Iwate-ken suffered extensive damage during the 1978 Miyagi-ken-oki earthquake, damage of 
bridges during the Great East Japan earthquake is evaluated in comparison with the damage due to the Miyagi-ken-oki 
earthquake so that the effect of recent progress of seismic design can be evaluated. Tsunami-induced damage was 
extensive for bridges along the Pacific Coast. Feature of tsunami-induced damage is presented based on video movies. 

 
 
1.  INTRODUCTION 
 

Among a number of bridges which suffered damage 
during the 2011 Great East Japan earthquake, the bridges in 
the north Miyagi-ken and south Iwate-ken suffered extensive 
damage during the 1978 Miyagi-ken-oki earthquake. Thus, 
the Great East Japan earthquake was a valuable occasion to 
evaluate the effectiveness of recent progress of seismic 
design codes by comparing damage due to two earthquakes. 
Damage of bridges is shown here for two categories: bridges 
which were designed in accordance with the pre-1990 
design codes and the post-1990 design codes. Effect of the 
seismic retrofit is also presented.   

It was the first time to have extensive damage to bridges 
by tsunami in recent years. No single word about tsunami is 
included in the current design codes for bridges. Of course, 
extensive damage occurred in the past, but it was regarded as 
unavoidable natural disasters before the World War II. After 
the World War II, there were tsunami earthquakes, but 
extensive damage did not occur to transportation facilities.  

This paper presents ground-motion-induced damage and 
tsunami-induced damage of road bridges in the north 
Miyagi-ken and south Iwate-ken during the 2011 Great East 
Japan earthquake.  
 
 
2.  BRIEF HISTRORY OF JAPANESE SEISMIC 
DESIGN FOR BRIDGES 
 

For evaluating damage of bridges, it is important to 
know what design codes were used for constructing bridges 
which suffered damage. Japanese history of seismic design 
of bridges since the end of 19 century may be classified into 
the following four stages. 
 
2.1  Stage I 

The Stage I corresponds to the days between Meiji 

Revolution and the end of Second World War II (1886-1945) 
during which seismic design was not considered or was 
poorly considered. It was the 1923 Great Kanto Earthquake 
when Japanese first realized that technologies imported from 
the European countries were insufficient for mitigating 
damage of structures due to an earthquake. The Great Kanto 
earthquake was the starting point for Japanese to develop our 
own seismic design practice. At the Stage I, damage always 
resulted from settlement, overturning and excessive drift of 
foundations. Countermeasure for damage and cost saving for 
the use of expensive steel rebars led to the practice of 
constructing large and stiff foundations and piers, and this 
concept became the main stream of seismic design in Japan. 
 
2.2 Stage II 

The Stage II corresponds to the days of the 1964 
Niigata earthquake. Extensive damage of bridges occurred 
due to liquefaction. Terminology of "liquefaction" came 
after the Niigata earthquake leading to extensive research for 
the mechanism of liquefaction. The original concept of 
"unseating prevention devices" was proposed by Japanese 
field engineers. They proposed that if adjacent decks were 
tied together by cables or if a deck was connected to a 
substructure, a total collapse of bridges could be prevented. 
This concept was first incorporated in the 1971 Design 
guidelines for seismic design of bridges (JRA 1971). Now it 
is widely adopted not only in Japan but also worldwide. 
There are essentially no bridges in Japan which do not have 
unseating prevention devices. Various unseating prevention 
devices are currently used.  

 
2.3 Stage III 

After the Stages I and II, foundations and piers were 
strengthened, the effect of soil liquefaction was included in 
seismic design, and unseating prevention devices were 
implemented. As a consequence, damage extended in an 
unexpected direction though the existing damage was 
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mitigated. The days between 1978 and 1995 when we had 
extensive damage to piers and steel bearings corresponds to 
Stage III. 

During the 1978 Miyagi-ken-oki earthquake (MJMA7.4), 
extensive damage concentrated to piers and bearings though 
damage of foundations due to excessive displacement and 
liquefaction was gradually mitigated. In the 1982 
Urakawa-oki earthquake, extensive shear failure occurred at 
Shizunai Bridge at cut-off of main reinforcements with 
insufficient development. Obviously damage shifted from 
the previous weak links to the next weak links. Though the 
allowable shear strength of concrete was overestimated and 
the development of longitudinal bars at cut-off points was 
insufficient, they did not lead to shear failure of piers in the 
Stages I and II since the concrete section was large. 
However as population in cities increased, a space limitation 
under bridges restricted the size of piers in viaducts in urban 
areas. The same restriction was imposed to river crossing 
bridges for smoother river flow. Thus, column and pier 
section had to be reduced in size such that they became 
flexible piers. Under such a condition, overestimation of the 
concrete shear capacity and insufficient development at 
cut-off predominantly contributed to resulting in shear 
failure in columns and piers.  

Steel bearings which accommodate only limited relative 
displacement between superstructure and substructure 
suffered extensive damage. Side blocks with poor capacity 
were always sheared off, and anchor bolts were pulled out 
from concrete bases in past earthquakes. Because an elastic 
static analysis based on a 0.15-0.3g elastic static seismic 
force was used, the seismic force demand for steel bearings 
was inadequate. There was an argument that weak bearings 
were fuse to limit an excessive transfer of the inertia force 
from decks to substructures so that collapse of substructures 
could be prevented. However damage of weak bearings 
resulted in excessive drift of superstructures, and repair of 
steel bearings in a wide damaged region required long down 
time resulting in suspension of transportation.  

The shift of damage to piers and bearings was first 
noticed in the 1978 Miyagi-ken-oki earthquake and it 
extensively occurred during the 1995 Kobe earthquake.  
 
 
 
 
 
 
 
 
 
 
 

 

Fig. 1 Type I and II design ground motions 

 
2.4 Stage IV 

The importance of considering the realistic design 

ground motions and ductility capacity by preventing shear 
failure for piers and columns was recognized since the 1978 
Miyagi-ken-oki earthquake. The first seismic design code 
which included the design requirement for ductility capacity 
was issued in 1990 as Part V Seismic design, Design 
specifications of highway bridges (JRA 1990). An inelastic 
static analysis as well as the Type I ground motions as 
shown in Fig. 1 was incorporated in the 1990 code, where 
the Type I ground motion represents the ground motions 
which are induced by an M8 subduction earthquake. In 
design, the ground motions which were possibly developed 
in Tokyo during the 1923 Great Kanto earthquake is used as 
the Type I ground motions. As well as the Type II ground 
motions which was incorporated in the 1995 Guide 
specifications (JRA 1995) and 1996 code (JRA 1996), the 
introduction of realistically high intensity ground motions 
and an inelastic static analysis extensively enhanced the 
seismic performance of brides designed in accordance with 
the post-1990 codes. The days after the 1995 Kobe 
earthquake corresponds to the Stage IV.  

Various research for seismic isolation was on going in 
parallel with the preparation of 1990 design code. The first 
seismic isolated bridge with use of lead rubber bearings 
(Miyagawa bridge, Shizuoka-ken) and high damping rubber 
bearings (Yama-age Bridge, Tochigi-ken) was constructed in 
1991 and 1992, respectively. Implementation of elastomeric 
bearings, LRB and HDB was initiated in the early 1990s 
(Unjoh et al 2010). Those bearings were implemented not 
only in seismic isolated bridges but also in multi-span 
continuous bridges for distribution of the inertia force to 
piers. The implementation of elastomeric bearings, LRB and 
HDR extensively mitigated damage of steel bearings during 
the 2011 Great East Japan earthquake.  

Furthermore, a new evaluation analysis for the inertia 
force for multi-span continuous bridges was incorporated in 
the 1990 code. Prior to the 1990 code, the lateral force was 
evaluated by only multiplying a reaction force and a seismic 
coefficient by disregarding the overall system response. In 
the 1996 Part V Seismic design (JRA 1996), the Type II 
ground motions, which represents typical near-field ground 
motions induced by an M7 event (ground motions 
developed during the 1995 earthquake), an evaluation for 
residual displacement (Kawashima et al. 1998), and an 
enhancement for lateral force demand for bearings and 
unseating prevention devices were incorporated 
(Kawashima 2000, Kawashima 2006). Thus, the post-1990 
design codes (1990 code and 1996 code) contributed to 
construction of bridges with enhanced seismic performance. 
As a result, ground-motion-induced-damage of bridges 
which were designed in accordance with the post-1990 
codes was minor as will be described later. 
 
2.5 Pre-1990 and Post-1990 Seismic Design Codes 

Fig. 2 shows the progress of seismic design of bridges in 
terms of number of pages of design codes which are relate to 
seismic design. Of course only an increase of number of 
pages in codes does not lead to better seismic design, but it 
can be realized how the knowledge on seismic design was 
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accumulated in the past. It should be noted that only a 3-4 
page description was provided in the 1964 Design 
specifications of highway bridges, which was referred to in 
design of a large number of bridges. Many bridges which 
collapsed or suffered extensive damage during the 1995 
Kobe earthquake were constructed in accordance with the 
1964 design code (JRA 1964). A combination of a static 
elastic analysis and an allowable stress design approach 
(seismic coefficient method) was used until 1990 (pre-1990 
codes). The static elastic method is still used now but a 
combination of an inelastic static analysis and the Type I and 
II design ground motions is the main stream in the post-1990 
codes. It should be noted that elastic and inelastic dynamic 
response analyses are conducted on routine basis for bridges 
with complex structural response after 1995.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2 Progress of seismic design in terms of pages 

related to seismic design 
 
Seismic retrofit of existing bridges was conducted for 

piers which had cut-offs of main bars with insufficient 
development since the 1980s. Over 30,000 piers were so far 
retrofitted since 1995. However there still remain a number 
of piers which require retrofitting. Moreover, seismic retrofit 
of foundations has be conducted only for few bridges.  

 
 
3. GROUND-MOTION-INDICED-DAMAGE 
 
3.1 Damage of Bridges Designed in Accordance with the 
Pre-1990 Codes 

Extensive damage occurred at the bridges which were 
designed in accordance with the pre-1995 design code and 
not yet retrofitted in accordance with the post-1990 design 
codes. For example, Photo 1 shows flexural-shear failure of 
reinforced concrete piers at Fuji Bridge. The damage was 
resulted from an overestimated shear capacity and an 
inadequate development of longitudinal bars at cut-off which 
were the common practice in the pre-1980 design codes. 
This mode of damage occurred extensively during the 1995 
Kobe, Japan earthquake (Kawashima and Unjoh 1997). 
Seismic retrofit was initiated in the 1980s, and it was 
accelerated after the 1995 Kobe earthquake. Over 30,000 
columns were so far retrofitted. Consequently, during the 
Great East Japan earthquake, damage due to this mechanism 

 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 1 Flexure-shear failure of columns due to termination 
of longitudinal bars with insufficient development (Fuji 
Bridge) (courtesy of Dr. Hoshikuma, J., PWRI) 

 
 
 
 
 
 
 
 
 
 
 

 

(a) 1978 Miyagi-ken-oki earthquake 

 
 
 
 
 
 
 
 
 
 

 

(b) 2011 Great East Japan earthquake 

Photo 2 Damage of steel roller and pin bearings, 
 Yuriage Bridge 

 
did not occur at the bridges which were retrofitted, but 
damage still continued to occur at the bridges which were 
not yet retrofitted. 

Yuriage Bridge suffered extensive damage at reinforced 
concrete hollow and solid columns, an end of prestressed 
concrete girders, and steel pin and roller bearings during the 
1978 Miyagi-ken-oki earthquake as shown in Photo 2(a). 
Since the damaged columns were repaired and retrofitted 
using reinforced concrete jacketing, they did not suffer 
damage again. However steel pin and roller bearings 
suffered extensive damage again in the similar mode as 
shown in Photo 2 (b). It is obvious that steel pin and roller 
bearings are vulnerable to seismic action, because the stress 
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builds up to failure by allowing no relative displacements at 
pin bearings and relative displacements accommodated in 
roller bearings are insufficient to real relative displacement 
under a strong excitation.  

Furthermore, exactly the same end of a prestressed 
concrete girder which suffered damage during the 1978 
Miyagi-ken-oki earthquake suffered again as shown in Photo 
3. It was a critical zone due to concentration of seismic force, 
dead load reaction and PC anchor force. 

Tennoh Bridge built in 1959 which suffered extensive 
damage during the 1978 Miyagi-ken-oki earthquake suffered 
extensive damage again during the 2011 Great East Japan 
earthquake at the same members. Photos 4 and 5 show 
rupture and local buckling of upper and lower braces. An 
end of a lower truss brace with a gusset plate was completely 
disconnected due to corrosion. Because similar 
disconnection was observed at other lower braces, it is likely 
that a large torsion response of the truss bridge due to 
deterioration of torsional rigidity resulted in extensive 
rupture and buckling of upper and lower braces. This truss 
bridge was critical for collapse during the earthquake.  

 
 
 
 
 
 
 
 
 
 
 
      
 
 
 

 
(a) 1978 Miyagi-ken-oki earthquake 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

(b) 2011 Great East Japan earthquake 

Photo 3 Damage of a PC box girder bridge at the end 
   support, Yuriage Bridge 

 
 
 
 
 
 
 
 
  
 

 
Photo 4 Rupture and buckling of upper braces, Tennoh 

Bridge, National Road No. 45 
 
 
 
 
 
 
 
 
 
 
 
 

 
Photo 5 Rupture of a lower brace and lost of connection at  
    the end, Tennoh Bridge 

 
 
 
 
 
 
 
 
 
 
 

 
(a) 1978 Miyagi-ken-oki earthquake 

 
 
 
 
 
 
 
 
 
 

 

(b) 2011 Great East Japan earthquake 

Photo 6  Effect of seismic retrofitting of piers, Chiyoda 
Bridge, National Road No. 4 
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3.2 Performance of Bridges which were Retrofitted 
Damage of bridges which were already retrofitted 

suffered virtually no damage. For example, Sendai Bridge 
which is an extremely important bridge in Sendai City 
suffered extensive damage at reinforced concrete piers and 
steel bearings as shown in Photo 6(a) during the 1978 
Miyagi-ken-oki earthquake. However this bridge suffered no 
damage during the 2011 Great East Japan earthquake, 
because columns were retrofitted as shown in Photo 6(b) and 
the original steel bearings were replaced with elastomeric 
bearings.  

Shin-Iino-gawa Bridge suffered extensive damage at 
steel pin and roller bearings as shown in Photo 7 during the 
1978 Miyagi-ken-oki earthquake. It was retrofitted prior to 
the 2011 Great East Japan earthquake: 1) some reinforced 
concrete piers were retrofitted using steel jacketing, 2) 
nonlinear viscous dampers were installed, and 3) steel 
bearings were replaced with elastomeric beatings as shown 
in Photo 8. As a result, the bridge suffered no damage during 
the 2011 Great East Japan earthquake. 

 
 
 
 
 
 
 
 
 
 
 

 
Photo 7 Damage of steel bearings during the 1978 
Miyagi-ken-oki earthquake, Shin-Iino Bridge, National 
Road No. 45 

 
 

3.3 Bridges Designed in Accordance with the Post-1990 
Codes 

Bridges which were designed in accordance with the 
post-1990 codes suffered essentially no damage during the 
Great East Japan earthquake. For example, Photo 9 shows 
Shin-Tenno Bridge constructed in 2002 suffered no damage. 
Elastomeric bearings and new cable restrainers which satisfy 
the requirements of the post-1990 design code were set. This 
bridge was located only 200m upstream of Tenno Bridge 
which suffered extensive damage during the Great East 
Japan earthquake (refer to Photos 4 and 5).  

Elastomeric bearings generally performed quite well 
under the extreme ground motions as shown above. 
However it should be noticed that elastomeric bearings 
ruptured in some bridges. For example, several elastomeric 
bearings ruptured such that a deck offset by 0.5m in the 
transverse direction as shown in Photo10(a) at Sendai-Tobu 
Viaduct. Rubber layers detached from steel plates in addition 
to rupture of rubber layers as shown in Photo 10(b). 
Although detailing is not yet released, there may be two 
possible reasons for the damage. The first is a miss design  

 
 
 
 
 
 
 
 
 
 

 

(a) An elastomeric bearing without damage 

 
 
 
 
 
 
 
 
 
 

 

        (b) A damper for seismic retrofit 

Photo 8 Elastomeric bearings and viscous dampers which 
were set for seismic retrofit did not suffer damage during the 
2011 Great East Japan earthquake 

 
 
 
 
 
 
 
 
 
 
 

 
Photo 9  Shin-Tennoh Bridge 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Photo 10(a) Offset of left girder by 0.5m due to rupture of 
elastomeric bearings (NEXCO East) 
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Photo 11  Utatsu Bridge (Google) 

 
 
 
 
 
 
 
  
 

 
Photo 10(b) Ruptured elastomeric bearing  
 

and fabrication of the elastomeric bearings. The second is an 
interaction between adjacent decks. Since an expansion joint 
constrained relative displacement between adjacent decks in 
the transverse direction, it is possible that a larger 
displacement demand of a deck is imposed to an adjacent 
deck resulting in larger shear deformation in the damaged 
bearings. 

 
 

4. TSUNAMI-INDUCED-DAMAGE 
 
4.1 Bridges Which Suffered Damage by Tsunami 

A number of bridges suffered damage by tsunami. 
Overturning of substructures due to scouring did not occur in 
road bridges though it happened in railway bridges. Smaller 
and shorter span bridges which were built in the early days 
were generally vulnerable to tsunami effect. Bridges which 
were taller than tsunami waves did not suffer damage. Very 
short and short span bridges generally suffered less damage 
by tsunami probably because tsunami wave front did 
directly hit bridges and they were well constraint by 
abutments. Back fills and embankment were eroded and 

washed away at many bridges. Though repair of back fills 
and embankment is easier than repair of bridge structures, 
protection should be considered in the future. 

 
4.2 Utatsu Bridge 
Utatsu Bridge built in 1972 at Minami-sanriku Town over 
Irimae Bay suffered extensive damage by tsunami as shown 
in Photo 11. It was a 303m long 12 simply supported PC 
girder bridge consisting of 3 types of superstructures with 
spans ranging from 14.4m to 40.7m as shown in Fig. 3. 
Diaphragms were set between PC girders at the ends and 
mid points. The girders had an inclination as large as 6% in 
the transverse direction due to curved alignment of the 
bridge. For example, the inclination was 4.8%, 3%, 3%, 
1.1% (sea side down) at D3, D4, D5, and D6, respectively, 
then it changed to 2-5%, 9%, 4% and 2% (sea side up) at D8, 
D9 & D10, D11, and D12, respectively.  

The bridge was seismically retrofitted a few years ago. 
Columns were retrofitted by steel jacketing and unseating 
prevention devices were installed. The decks D1, D2, D11 
and D12 remained but Decks D3-D10 were washed away. 
Decks D3-D7 were simply supported pre-tensioned PC 
girder bridges. As a part of the seismic retrofit, cable 
restrainers were set for tying together between D3-D7, and 
three steel stoppers were provided at the end of D3 and D7 
for preventing excessive longitudinal deck movements. 
Though cable restrainers ruptured between D4 and D5, 
D3-D4 and D5-D6-D7 were still tied together after floated. 
D8, D9 and D10 overturned when they were floated as 
shown in Photo 12. 

Only P2 suffered flexural failure as shown on Photo 
13 at the land side. The column was retrofitted using a steel 
jacket. The damage was probably caused by 
ground-motion-induced seismic force based on an analysis  

  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

- 16 -



 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 3 PC Deck Sections, Utatsu Bridge (the left and right 
correspond to the land side and sea side, respectively, when 
viewed from Sendai side) 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

     Photo 12  Overturned D8 

 
 
 
 
 
 
 
 
 
 

 
  Photo 13 Flexural failure of P2 

 
of the moment capacity of retrofitted section. Since new ties 
in the jacket were flare welded, the ties were still confining 
the column though they yielded. D2 did not suffer damage 
and three stoppers for D2 on P2 were intact. On the other  

 
 
 
 
 
 
 
 
 
 
 

 
  (a) Steel stoppers and seat extenders on P9 

 
 
 
 
 
 
 
 
 
 
 

 

      (b) P7 from D7 side 

   Photo 14 Stoppers which did not suffer damage  
 
 
hand, three stoppers for D3 on P2 suffered damage. This 
indicates that D3 offset when D3 was dragged laterally due 
to tsunami.   

Photo 14(a) shows three steel longitudinal stoppers 
and four seat extenders for D9 on P9. The stoppers neither 
tilted nor suffered damage. This indicates that D8 was first 
uplifted before they were floated. Photo 14 (b) shows four 
stoppers for D7 on P7. The land side stopper slightly tilted 
with other three stoppers being not damaged at all. It 
indicates that D7 (one of the shortest deck) was uplifted 
toward the land side at the sea side but insufficiently at the 
land side before it was floated. Other shorter span decks 
(D2-D6) were simply dragged laterally.  

A video was taken from A2 by a local resident. This 
video shows a whole process of rising tsunami water level 
until the bridges was completely covered by tsunami as 
shown in Photo 15. Since  the bridge failed after it was 
completely covered by tsunami, it is not known when the 
decks were uplifted and floated. Since tsunami flow was not 
fast at both sides of the bay, this saved D1-D2 and D11-D12 
from collapse. Tsunami flow velocity was about 6m/s. 

Fig. 4 shows possible failure mechanisms due to 
tsunami. As mentioned earlier, overturning of foundations 
due to scouring did not occur. The above mentioned damage 
indicates that Utatsu Bridge suffered damage due to the 
mechanism of (b) and (c).  

If decks uplift before floated under tsunami action, it 
may be effective to install restrainers in the vertical direction  

8.3m 

2.3m 

(a)  D1-D2 

(b) D3-D7 

 (c) D8-D12 

8.3m

1.75m 
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Photo 15 Utatsu Bridge covered by tsunami (a video taken 
by a local resident) 
 
 
 
 
 
 
 
 
 
 
 
 
                 (a) transverse drag 
 
 
 
 
 
 
 
 
 
 
 
              (b) Floated after uplifted 
  Fig. 4  Possible damage mechanism by tsunami 
 
 
between decks and substructures so that decks can be tied 
down to substructures (tsunami unseating prevention 
devices). Since installation of tsunami unseating prevention 
devices imposes an additional upward force to substructures, 
substructures have to be strengthen if they do not have 
enough capacity. However because an upward uplifting 
force is limited, such a strengthening is not generally 
required for most bridges unless bridges were not very old. 

 
4.3 Bridges which Survived Tsunami 

There are a number of bridges which survived tsunami 
though they were completely covered by tsunami. For 
example, Yanoura Bridge on National Road No. 45 in 
Kamaishi City was a 108.6m long three span simply 
supported curved steel deck girder bridge as shown in Photo  

 
 
 
 
 
 
 
 
 
 

 

Photo 16 Yanoura Bridge, National Road 45, Kamaishi City 

 
 
 
 
 
 
 
 
 
 
 
 
 

 

Photo 17  Yanoura Bridge completely covered by tsunami 

(Kamaishi Port Office, MLIT) 
 
 
16. It crossed Koshi River. Pile foundations were used for 
two abutments and two piers. Ten 30m long and 1m 
diameter cast in place piles were driven to support the 
footings. A video was taken from Kamaishi Port Office 
which was located at the left bank 140m from the bridge.  

At about 15:00, the first tsunami attacked the bridge as 
shown in Photo 17. Since the tsunami reached mid-height of 
the second story of Ozawa Building, it is evaluated that the 
maximum covering depth of tsunami above the bridge 
surface was about 5m. Yanoura Bridge suffered only minor 
damage on hand rails.  

 
4.4 A Preliminary Evaluation of Uplift and Floating of 
Utatsu Bridge 

A preliminary analysis was conducted to evaluate 
possible uplift of decks of Utatsu Bridge. As shown in Photo 
12, since the PC girder decks had lateral diaphragms at both 
ends and mid spans, they were vulnerable to uplift due to 
trapped air under the deck (Chen 2007). The uplift force by 
trapped air uF  was estimated as 
 

wtau wVF                    (1) 
 
where, taV  is trapped air volume per deck and ww  is unit 
weight of tsunami water. It was assumed that ww  is 10.78 
kN/m3 by considering sand and mud included in tsunami 
water. Deck weight dW  was evaluated from the design 

Tsunami ForceTsunami ForceTsunami Force

Buoyancy Force

Floated after 
upliftedTsunami Force

Buoyancy Force

Floated after 
upliftedTsunami ForceTsunami Force
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document. 
Table 1(a) shows a comparison of uplift force by trapped 

air uF  and deck weight dW  for three sections. uF  is 
not larger than dW , but uF  becomes closer to dW  as the 
deck height increases (D1-D2 and D8-D12). Thus it is 
considered possible that D8-D10 were uplifted before 
floated if some uplift force due to tsunami additionally 
applied to the decks. 

Similarly, tsunami drag force vs. lateral resistance of a 
deck was evaluated. The tsunami drag force dfF  was 
assumed to be evaluated from hydrodynamic water pressure 
based on the Design specifications of highway bridges (JRA 
2002, Kosa et al 2010, Shoji et al 2009) as  
 

            dwdwdf AvcF 2

2

1                (2) 

 
in which w  ( w = gww / ), g  is the gravity 
acceleration, dc  is dag coefficient, wv  is tsunami 
velocity, and dA  is the side area of a deck. The drag 
coefficient dc  is assumed as 1.4 based on the Design 
specifications of highway bridges (JRA 2002). It should be 
noted that since Eq. (2) represents hydrodynamic force 
acting to a pier, an accuracy of Eq. (2) for representing 
hydrodynamic force due to tsunami for a deck is not 
verified. 

On the other hand, the lateral resistance of a deck was 
evaluated from the design seismic lateral force of a deck in 
the transverse direction brF  as 

 

dhbr WkF                  (3) 

 
where hk  is elastic seismic coefficient used in design, dW  
is dead weight of a deck and   is an over-strength factor 
for steel bearings. Since Utatsu Bridges was designed in 
accordance with the Pre-1990 design code, hk  was 
assumed as 0.25. The over-strength factor   was assumed 
to be 2.0.  

Table 1(b) shows the tsunami drag force dfF  and the 
lateral resistance brF  of a deck evaluated for three types of 
deck. Since the drag force dfF  is in proportion to the deck 
height, dfF  becomes closer to the estimated lateral 
resistance of decks brF  at D1-D2 and D8-D12. However 

dfF  is only 45% of brF  at D3-D7 which were probably 
dragged by tsunami based on the field investigation. More 
precise evaluation for tsunami effect is required.   

 

Table 1  Eevaluation for deck uplift and shear resistance 

(a) Uplift vs. dead weight (per deck) 

Decks D1-D2 D3-D7 D8-D12

Trapped air volume  (m3) 400 55 240 

Uplift by trapped air (kN) 4300 580 2500 

Deck weight  (kN) 5800 1600 3600 

 

(b) Dragged force vs. lateral resistance 

Decks D1-D2 D3-D7 D8-D12 

Hydrodynamic force  
(kN) 

2560 360 1390 

Lateral capacity of 
bearings (kN) 

2890 800 1800 

 

 
5. CONCLUSIONS 

 
Ground-motion-induced and tsunami-induced damage 

of road bridges in the north Miyagi-ken and south Iwate-ken 
during the 2011 Great East Japan earthquake was presented. 
Based on the findings presented herein, the following 
conclusions may be tentatively deduced: 
 
1) Ground-motion-induced damage of bridges which were 
built in accordance with the post-1990 design code was very 
limited. Thus enhancing the shear and flexural capacity as 
well as ductility capacity of piers and extensive 
implementation of elastomeric bearings were effective for 
mitigating damage during this earthquake. Since the ground 
motions during the 2011 Great East Japan earthquake was 
nearly equal or smaller than the type II ground motions, it is 
the expected level of seismic performance. However 
effectiveness of the measures provided in the post-1990 
design codes against stronger than code specified ground 
motions has to be verified.  
 
2) Bridges which were built in accordance with the pre-1990 
code and which were not yet retrofitted suffered similar 
damage developed during the 1978 Miyagi-ken-oki 
earthquake. Appropriate seismic retrofit is required for those 
bridges. 
 
3) Tsunami-induced-damage was extensive to bridges along 
the Pacific Coast. There were bridges which were uplifted 
before floated. On the other hands, there were a number of 
bridges which survived though they were completely 
covered by tsunami. Tsunami effect has to be studied so that 
it can be included in design in the future. 
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Abstract:  This paper describes the amplitude dependent dynamic characteristics of a 9 story building in Sendai before, 
during, and after the Tohoku earthquake including a fore-shock and some after-shocks. Dynamic hysteresis characteristic 
are investigated and the origin oriented type hysteresis and the inverse „S‟ type hysteresis in time are recognized. The 
system identification using the extended Kalman filter determined the amplitude dependency of natural frequency and 
damping factor, which are consistent with damage feature. Occurrence of partial uplifting in the transverse direction is 
suggested by the induced higher harmonics based on the wavelet analysis. Historical change of the dynamic 
characteristics is also discussed based on the long-term monitoring data. 

 
 
1. INTRODUCTION 

 

On March 11, 2011, a huge earthquake (Mw9.0) 

occurred in the Pacific Ocean off the coast of Miyagi, Japan. 

This earthquake is officially named the 2011 Off the Pacific 

Coast Tohoku earthquake, or simply the 2011 Tohoku 

earthquake. During this earthquake, strong ground motion 

with very long duration caused much structural damage. The 

authors have reported structural damage in relation to 

ground motion characteristics (Motosaka, 2012). 

A 9-story SRC building on Aobayama campus, 

Tohoku University (hereafter, THU building) was heavily 

damaged during the Tohoku earthquake. The observed 

maximum acceleration at 9th floor was 908 cm/s/s for 333 

cm/s/s at ground floor. One of the major reasons is the site 

specific ground motion amplification due to geological hill 

compared to the observed records at Basement floor of 

Sumitomo Building near the Sendai station, which is 

engineering bedrock in Sendai area (Figure 1). Ground 

motions at around 1 period contents are amplified by about 2 

times compared to Sumitomo site. The amplification is also 

recognized for the 1978 Miyagi-ken Oki earthquake as 

shown in Figure 1. 

This paper describes the amplitude dependent 

dynamic characteristics before, during, and after the Tohoku 

earthquake including a fore-shock and some after-shocks. 

Historical change of the dynamic characteristics is also 

discussed based on the long-term monitoring data together 

with dynamic hysteresis characteristics. Furthermore, 

investigation of partial uplifting of the upper part from the 

set backed 3rd floor, which is suggested from damage 

feature, is described.  

 

 

 

 

 

 

 

 

 

 

2.  DYNAMIC BEHAVIOR OF THU DAMAGED 

BUILDING DURING THE TOHOKU EARTHQUAKE 

 

2.1  Description of the THU Building and Structural 

Damage during the Tohoku Earthquake  

The THU building is a 9 story SRC (non-full web type) 

building and was constructed in 1969. After experience of 

the structural damage due to 1978 Miyagi-ken Oki 

earthquake (Shiga et al., 1981), a retrofit work was done 

from autumn of 2000 to spring of 2001. It is noted that the 

seismic strength index, Is-value at the damaged 3 rd floor in 

the transverse direction increased from 0.53 to 0.84. Before 

and after the retrofit, forced vibration tests were performed. 

Then, the building experienced many earthquakes including 

the 2005 Miyagi-ken Oki earthquake (M7.2), the 2008 

Iwate-Miyagi Nairiku earthquake (M7.2), and so on. 

Amplitude dependent vibration characteristics have been 

Figure1 Site specific ground motion spectral 

amplification in Aobayama hill  
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investigated for more than 40 years not only strong motion 

observation but also microtremor observation (Motosaka et 

al, 2004, Tanaka and Motosaka, 2008). The structural health 

monitoring system using the wide dynamic range sensors 

(NetDAS/ MicroSMA) has been installed at 1st, 5th and 9th 

floor in 2007 and continuous observation has been done up 

to now (Motosaka et al., 2008). The system enables to 

measure from microtremor to strong motion. 

Photo 1 shows the damaged THU Building. The 

building was heavily damaged at bottom of 4 corner 

columns (Motosaka, et al.,2011). The severe crack of the 

side shear wall due to possibly partial uplifting was 

suggested at the level of third floor (Tsamba and Motosaka, 

2011). 

In the building, SMAC-MD type seismometer is 

installed at 1st and 9th floor. The configuration of the 

building and sensor locations are shown in Figure 2. The 

observed acceleration waveforms of the 3 components at 1st 

floor and 9th floor are shown in Figure 3.  

Figure 4 shows acceleration waveforms in the NS 

direction (Transverse direction) at 1st floor and top (9th) 

floor of THU building for the 2011 earthquake and the 1978 

Miyagi-ken Oki earthquake.  

Figure 5 shows the spectral amplification in the THU 

building for the two earthquakes. It is noted that the 

amplification characteristics of the 1st phase (phase A) and 

the 2nd phase (phase B) are different. In NS direction, the 

second phase is amplified by more than two times at around 

1s period content at Aobayama campus compared to 

Sumitomo building near Sendai station. The amplification 

characteristics are almost the same as those of the 1978 

Miyagi-ken Oki earthquake and the THU building was 

strongly amplified by resonance.  
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2.2 Dynamic hysteretic behavior  

To investigate the dynamic hysteretic characteristics, 

the acceleration records at 9th floor and 1st floor are doubly 

integrated and the relative displacement is calculated. The 

maximum relative displacement is 31cm in NS direction.  

Figure 6 shows the relative displacement waveform 

and the dynamic hysteretic behavior based on 

force-displacement relation for the 16 time sections which 

are obtained from acceleration waveform at 9th floor and the 

relative displacement.  

Findings from this figure are as follows.  

1) Starting from linear behavior at smaller amplitude 

level, hysteresis shows the inverse S shape slightly as 

recognized in section 5. Then shows linear behavior 

but the stiffness is reduced in section 6 compared to 

section 1.  

2) Then, with increasing displacement, the hysteresis 

shows softening and hysteretic loop is recognized only 

for the larger displacement level. The hysteresis shows 

origin oriented behavior as recognized in (section 7).  

3) Then decreasing the displacement, the hysteresis 

shows the characteristic inverse S shape in section 9. 

Although the amplitude decreases from Section 9 to 

Section 10, this hysteresis leads to stiffness reduction, 

which consistent with the dominant frequency 

reduction. 

4) Then decreasing displacement gradually returns to 

linear behavior with the reduced stiffness in sections 

from 13 to 16 compared to section 6. The stiffness 

change is consistent with microtremor observation 

before and after the earthquake. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.3 System Identification  

To investigate non-stationary dynamic characteristics 

due to structural non-linearity, the system identification 

technique using the extended Kalman filter is used to 

determine natural frequency and damping factor as 

equivalent SDOF system (Takahashi et al., 2010). 

Figure 7 shows the result of the identified system 

parameters, natural frequency and damping factor for NS 

direction and EW direction, respectively. In these figures, the 

calculated relative displacement waveform is compared to 

that obtained from observed records. As for the identified 

system parameters, natural frequency and damping factor, 

the smoothed curves are shown in these figures.  

Findings from the system identification results are as 

follows. 

1) In the transverse (NS) direction, dominant frequency 

decrease down to about 0.8 Hz with increasing 

amplitude and the dominant frequency is not changed 

even if amplitude is decreased. 

2) The damping factor in the transverse direction 

increases with increasing the amplitude at time section 

7 in Figure6. At the time sections with the inverse S 

type hysteresis, damping factor is decreasing with 

increasing the amplitude. 

Figure 5 Comparison of response spectra of 2011 Tohoku 

earthquake and 1978 Miyagi-ken Oki earthquake  

Figure 4 Comparison of observed recors of 2011 

Tohoku earthquake and 1978 Miyagi-ken Oki 

earthquake (NS direction) 

 

40 cm 

 

1G=980cm/s/s  

Figure 6 Relative displacement waveform and Hysteresis 

loops for each time section (NS-Direction)  

(b) 9
th
  floor 

(a) 1
st
  floor 
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3) In the longitudinal (EW) direction, dominant 

frequency decrease down to about 0.9 Hz but return to 

about 1 Hz when amplitude level becomes small.   

4) The smoothed damping factor in the longitudinal 

direction seems to be lager compared to the Transverse 

direction. This may be due to difference of hysteretic 

energy consumption. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
2.4 Investigation of uplifting vibration 

In case of structural vibration with partial uplift, odd 

number higher harmonics are induced in the horizontal 

directions and even number higher harmonics are induced in 

the vertical direction (Motosaka and Nagano, 1993). Figure 

8 shows non-stationary characteristics expressed by wavelet 

coefficients of the 9th floor‟s acceleration waveform in the 

transverse direction for 10 sec time sections including the 

peak value.  

Figure 9 (a) shows the wavelet coefficients of 9th 

floor for the vertical direction. Figure 9 (b) is the wavelet 

coefficients of 1st floor for the vertical direction.  

 Findings from these figures are as follows. 

1) The dominant frequency corresponding to the two 

times frequency (about 2Hz) of the vertical direction is 

clearly seen at large amplitude range corresponding to the 

time sections from 7 to 9. But the dominant frequency is not 

seen at the 1st floor.  

2) This suggests the occurrence of partial uplift of the 

damaged building at the 3rd floor. 

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3. LONG TERM MONITORING OF DYNAMIC 

CHARACTRISTCS OF THU BUILDING 

 

3.1 Change of natural frequency before, during and after 

the 2011 Tohoku earthquake  

In the building, earthquake observation has been 

performed since completion in 1969 and microtremor 

observations also have been performed. The forced vibration 
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Figure 8 Acceleration waveform at 9F and wavelet transform 

Figure 9 Wavelet transforms of acceleration in the vertical 

direction at (a) 9F and (b) 1F 

Figure 7  Identified damping and natural frequency in the 

horizontal two directions 
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test was performed before and after the retrofit work in 2000. 

The amplitude dependent dynamic characteristics have been 

investigated (Motosaka et al., 2004).  

     Table 1 shows change of 1st natural frequency of the 

building based on not only the earthquake records of main 

shock and foreshock and together with micotremor records 

before and after the earthquake events.  It is noted that the 

natural frequency of the two directions due to microtremor 

observations were the same (1.61Hz) before and after the 3/9 

foreshock and also the same (1.26Hz) in the two directions 

during the foreshock. But during the main shock, reduction 

of the natural frequency is remarkable in NS direction 

compared to EW direction, which is consistent with the 

damage feature of the building. The frequency reduction is 

large in the second phase (phase B). The stiffness reduced up 

to 23% in NS direction and 37% in EW direction compared 

to the stiffness due to microtremor before the main shock. 

The stiffness in the microtremor level was reduced to 53% in 

NS direction and 72% in EW direction.  

It is noted that the THU building was temporary 

repaired at the damaged 3rd floor in May, which lead to the 

natural 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

frequency increase from 1.17Hz to 1.37Hz in NS direction 

and 1.37Hz to 1.48Hz in EW direction. But the microtremor 

observation at May 3 (before the repair work) shows no 

natural frequency change from March 19, even if the 

building was shaken by the large aftershock on April 7 and 

April 11. 

 

3.2  Historical change of amplitude dependent dynamic 

characteristics 

Table 2 shows the maximum acceleration list of major 

earthquake observation records at THU building. Figure 10 

shows the relation between the deflection angle and the 

natural period for both two directions. In the figure, the 

different symbols are used for the 4 terms, namely, Term 1: 

From completion to 1978 earthquake, Term 2; After 1978 

earthquake to retrofit work in 2000, Term 3: After retrofit 

work to 2011 Tohoku Earthquake, Term4: After Tohoku 

earthquake. Furthermore Term 3 and Term4 are divided into 

two terms. 

Findings from this figure are as follows.   

1) The amplitude level of the first phase (phase A) is 

smaller than that of the 1978 earthquake in NS 

direction but the amplitude level of the second phase 

(phase B) became larger compared to 1978 earthquake 

in the both directions. 

2) The change of the natural period due to the 2011 

Tohoku Earthquake is lager in NS direction compared 

to EW direction, which is consistent with the damage 

feature.  

3) It is confirmed through the continuous observation that 

the dominant period at mictotremor level is not 

changed if the deflection level is smaller than the 

experienced maximum deflection.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

NS EW NS EW

1978/2/20 6.7 170 114 421 298

1978/6/12 7.4 258 203 1040 523

1998/9/15 5.2 138 451 190 379

2003/5/26 7.1 231 264

2003/7/26 6.2 33 27 98 102

2003/9/26 8.0 29 22

2005/8/16 7.2 87 81 329 287

2008/5/8 7.0 19 22 261 226

2008/6/14 7.2 88 70 392 293

2008/7/24 6.8 59 77 275 367

2011/3/9 7.2 37 34 171 89

207 216 594 617 (Phase A)

333 330 908 728 (Phase B)

2011/3/19 6.1 15 18 34 56

2011/4/11 7.0 72 70 141 172

2011/4/12 6.4 24 28 43 84

2011/4/23 5.4 17 27 23 57

2011/7/10 7.1 21 18 95 58

2011/7/23 6.5 10 11 60 42

2011/7/25 6.2 48 62 106 99

2011/7/31 6.4 36 31 70 45

1 Floor    (max.acc

(cm/s/s)

9 Floor     (max.acc

(cm/s/s)MagnitudeDate

Miyagi-Ken Oki

Miyagi-Ken Southern

Miyagi-Ken Oki

Miyagi-Ken Northern

2011/3/11 9.0 Off Pacific Coast Tohoku

Sanriku Oki

Miyagi-Ken Oki

Ibaraki-ken Northern

Fukushima-ken Oki

Area name

Sanriku Oki

Ibaraki-ken Northern

Fukushima-Ken Southern

Fukushima-Ken Oki

Fukushima-ken Oki

Tokachi Oki

Miyagi-Ken Oki

Ibaraki-ken Oki

Iwate-Miyagi inland

Iwate-Ken North Coast

Miyagi-Ken Oki

NS EW

2011/3/9 Microtremor 1.61 1.61

2011/3/9 Foreshock (Sanriku Oki) 1.26 1.26

2011/3/11  Microtremor 1.61 1.61

Main shock (Phase A) 1.05 1.05

Main shock (Phase B) 0.78 0.88

2011/3/19 Microtremor 1.17 1.37

2011/3/19 Aftershock (Ibaraki-Ken) 0.93 1.16

2011/5/3 Microtremor 1.17 1.37

2011/5/31 Microtremor 1.37 1.48

Natural frequency (HZ)
Date Event name

2011/3/11

Table 1 Change of fundamental frequency 

Table 2 Maximum acceleration list of major earthquake observation records at THU building 
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4.  CONCLUSIONS 

In this paper, the dynamic behavior of the damaged 9 

story SRC building during the 2011 Tohoku earthquake is 

investigated. The amplitude dependent dynamic 

characteristics are also investigated based on the long-term 

monitoring data from microtremor level to strong motion 

level. Findings in this study are as follows, 1) Structural 

damage of THU was caused by the resonance vibration to 

the input motion amplified by the geological condition. 2) 

Dynamic hysteresis shows origin oriented type in the time 

section of the largest deflection in the severely damaged NS 

direction. The hysteresis of inverse S  type was also 

recognized from the actual observation data. 3) Amplitude 

dependency of the natural frequency and damping factor is 

also investigated based on the system identification for the 

severely damaged building. 4) Occurrence of the partial 

uplifting at the 3rd floor of the THU building was suggested 

by the induced higher harmonics, which is consistent with 

the damage feature. 5) Long term monitoring of amplitude 

dependent dynamic characteristics is summarized 

The obtained information based on the observation 

data would be very informative in the seismic design of 

building structures. 
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Abstract:  The George E. Brown, Jr. Network for Earthquake Engineering Simulation (NEES) is a network of 14 
experimental sites (https://nees.org/sites-mainpage/laboratories) connected by a cyberinfrastructure that fosters 
collaboration in research and education. The current experimental reach of the laboratories ranges from the marine to the 
geotechnical to the structural environments and can address almost any technical question related to the safety of the 
built-environment in earthquakes. While each of the NEES equipments sites are impressive, the umbrella of the network 
facilitates cooperation on research between multiple sites. Consequently, more may be accomplished in a single 
investigation, which results in faster impact of research findings. Now in its 8th year of official operation, the network 
features over 300 multi-year, multi-investigator projects, yielding many advances in earthquake engineering and a wealth 
of valuable experimental data. The NEES platform for collaboration, NEEShub (nees.org), provides convenient access to 
the NEES data repository (Project Warehouse) and hosts tools for data visualization, analysis, computational simulation 
and collaboration. The NEESacademy in the NEEShub is designed to host a rich set of resources aimed at disseminating 
new earthquake engineering knowledge. In this paper, brief descriptions of some of the research, outreach, information 
technology, and educational accomplishments of NEES are illustrated.  

 
1.  INTRODUCTION 
 

In November 1998, the National Science Board 
approved the George E. Brown Jr., Network for Earthquake 
Engineering Simulation (NEES) for construction with funds 
totaling $82 million from the National Science Foundation 
(NSF) Major Research Equipment and Facilities 
Construction (MREFC) appropriation. Construction 
occurred during the period 2000-2004. As part of its 
contribution to the National Earthquake Hazards Reduction 
Program, the National Science Foundation (NSF) funds 
NEES operations (Award # CMMI-0927178) as well as 
many of the research projects that are conducted in NEES 
facilities. NEES operations are managed by the NEES 
Community and Communications Team (NEEScomm), 
which is headquartered at Purdue University in West 
Lafayette, IN, and includes key administrative partners at the 
University of Texas at Austin, San Jose State University, the 
University of Washington at Seattle, the University of 
Kansas at Lawrence, and Fermi National Accelerator 
Laboratory. 

 
NEEScomm manages a nationwide network of 14 

experimental facilities. Each of these university-based 
equipment sites enables researchers to explore a different 
aspect of the complex way that soils and structures behave in 
response to earthquakes and tsunamis. The sites are available 
not just to researchers at the universities where they are 
located, but to investigators throughout the USA who are 

awarded grants through NSF’s annual NEES Research 
(NEESR) Program and other NSF programs. Researchers 
located at colleges or universities remote from the NEES site 
used have led 80% of NEESR projects.  

 
NEES laboratories are also used for research conducted 

or funded by other federal, state, and local agencies, by 
private industry, and even by international researchers under 
the partnerships that NEES has cultivated with research 
facilities and agencies in Japan, Taiwan, Canada, and China. 
To date, more than 300 multi-year, multi-investigator 
projects have been completed or are in progress at NEES 
sites. These projects are yielding a wealth of valuable 
experimental data and continue to produce transformational 
research and outcomes that impact engineering practice from 
analytical models to design guidelines and codes. The family 
of NEES researchers, educators, and students encompasses 
an ever increasing group of universities, industry partners, 
and research institutions in the US and abroad. Project teams 
in collaboration with the NEEScomm team have developed 
a rich set of resources for research and education. 

 
The focus of this paper is to provide a sample of the 

breadth of the activities of researchers, students, educators, 
and practitioners collaborating in NEES equipment sites and 
field stations and the NEES cyber-platform for collaboration, 
NEEShub (nees.org). Regrettably, many notable activities 
were excluded because of limited space. More information 
about these activities and others can be found in Buckle and 
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Ramirez (2010), 2009-2010 NEES Facility Project 
Highlights (NEEScomm, 2010), 2010-2011 NEES Activity 
Highlights (NEEScomm, 2011) and in the NEEShub at 
nees.org. 
 
 
2.  RESEARCH ACCOMPLISHMENTS 
 

Today, NEEScomm manages the operations of the 
large, complex, and geographically distributed NEES 
infrastructure (Figure 1) of equipment sites and 
cyberinfrastructure with its collaboration platform, 
NEEShub at nees.org, that encompasses hundreds of 
millions of dollars of investment.  

 

Figure 1. Growing Community of NEES Users 
 

Research at NEES facilities has contributed to the 
advancement of understanding of seismic phenomena, such 
as the characteristics and effects of tsunamis and the 
potential for soil liquefaction (Figure 2).  

 
 

Figure 2. Colormap of Induced Shear Strain vs. Depth 
and Time (upper plot) and Recorded Ground Surface 

Accelerogram (lower plot) in Centrifuge Model Tested in 
RPI Centrifuge. 

 
Award Title:  NEESR-CR: Evolutionary Intensity Measures for More 
Accurate and Informative Liquefaction Hazard Evaluation. Award NSF 
Number:  CMMI-0936408 
Start Date:  October 1, 2009. End Date:  September 30, 2012 
Award PI/PI Affiliation:  Steven Kramer/ University of Washington, 
Award co-PI/co-PI Affiliation: Kenan Hazirbaba /University of Alaska, 
Matthew Kuhn/ University of Portland.  
NEES Sites at which research occurred:  RPI 

 
It has also strengthened our knowledge of how the built 

environment responds to earthquakes. NEES investigators 
have studied the responses of a variety of structures, from 
reinforced concrete columns used in buildings and bridges 
(Figure 3) to wind turbines and port container cranes. 

 

Figure 3. Full-scale Bridge Column on the 
NEES@UCSD Shake Table 

  
Award Title: Large-Scale Validation of Seismic Performance of Bridge 
Columns. Funded by Caltrans through the PEER Center. Award PI/PI 
Affiliation: Steve Mahin/ University of California, Berkeley. Award 
co-PI/co-PI Affiliation: José Restrepo / University of California, San Diego 
Ian Buckle/ University of Nevada, Reno. NEES Sites at which research 
occurred: NEES @ UCSD 
 

Other NEES research has developed or validated new 
seismic protection systems, design methods, or simulation 
tools that enable engineers to improve the seismic 
performance of structures. For example, NEES projects have 
validated the improved seismic performance of bridge piers 
made with innovative polymer materials (Figure 3); of 
base-isolated designs for steel structures; of reinforced 
masonry shear-wall structures; and of retrofit techniques for 
nonductile, reinforced concrete frames with infill walls. New 
design methods have been developed for mid-rise 
wood-framed buildings, metal building systems, precast 
concrete floors, and reinforced concrete wall systems. NEES 
research has also produced new simulation tools and 
fragility data for nonstructural building systems. 

 
 
 
 
 
 
 
 
 

Figure 3. The Bridge Model Mounted on the Three 
Shake Tables with Glass Fiber Reinforced Polymer 

Wrapped Columns 
 
Award Title: Seismic Performance of Bridge Systems with Conventional 
and Innovative Design. Award NSF Number: CMS-0420347, 
CMMI-0650935, and CMS-0402490  
Start Date:  November 2004. End Date:  April 2011 
Award PI/PI Affiliation: M. Saiid Saiidi, University of Nevada, Reno, 
Award co-PI/co-PI Affiliation: A. Elgamal, UCSD; A. Mirmiran, Florida Int. 
U.; I. Buckle, UNR; G. Fenves, University of Texas, Austin 
NEES Sites at which research occurred: UNR and UCSD 
 

- 28 -



 Many of these projects have prompted, or laid the 
groundwork for, improvements in model building codes and 
in design and construction practices, enhancing societal 
resilience to earthquakes and tsunamis. Facilitating these 
outcomes has been the dissemination of NEES findings 
through publications, NEEShub at nees.org, and NEES EOT 
activities. NEES research has been cited in more than 1,500 
publications, including rising numbers of refereed journal 
articles (Figure 4). During the first 10 months following its 
release in July 2010, NEEShub served 28,447 unique 
visitors from 57 countries. 
 
 

 

Figure 4. Publications Resulting from NEES work 
 
Seismic design professionals visiting NEEShub can 

search and download bibliographic citations (and often 
copies) of publications describing NEES research findings; 
access and analyze these findings and use associated tools to 
improve their designs; and view presentations about NEES 
findings recorded at conferences and webinars. Practitioners 
can also attend NEES research presentations at EOT venues 
such as the annual “Quake Summit” conferences hosted by 
NEES. 

 
 

3.  NEES CYBERINFRASTRUCTURE 
 
Linking the experimental facilities to each other, to 

NEEScomm, and to off-site users is the NEES 
cyberinfrastructure. This unique system of information 
technology resources enables researchers participating 
on-site or remotely to collect, view, process, and store data 
from NEES experiments, to conduct numerical simulation 
studies, and to perform hybrid (combined experimental and 
numerical) testing involving one or more NEES equipment 
sites. At the center of this system is NEEShub, a platform 
designed to facilitate information exchange and 
collaboration among earthquake engineering researchers, 
educators, students, practitioners, and stakeholders. 
Accessed via the NEES website, nees.org, NEEShub is 
powered by HUBzero software developed at Purdue 
University (Figure 5).  

 
NEEShub features the NEES Project Warehouse 

(Figure 6), a curated, centralized data repository used to 
store and share research results. As more NEES research 
projects have been completed in recent years, the number of 

files in the warehouse has increased rapidly and now 
exceeds one million (Figure 7). NEEShub also stores and 
shares a variety of other earthquake engineering resources, 
including publications, databases, computational models, 
simulation software, educational materials, and data 
management and visualization tools. Some of these have 
been developed by NEES personnel, while others have been 
contributed by the earthquake engineering community. 
NEEScomm solicits and welcomes such contributions from 
the United States and abroad.  

 
 
 

Figure 5. NEEShub: NEES Platform for Collaboration 
 
 
 
 

Figure 6. NEES Data Repository: Project Warehouse 
 

Figure 7. Project Files and Directories in the Project 
Warehouse 

 
An example of such collaboration can be found in the 

section on databases on the NEEShub Project Warehouse 
which provides access to NEES and non-NEES data vetted 
by the professional community and organized by theme. The 
database on shear wall structural performance features 267 
entries and contains material and geometric properties, 
experimental results, and references for tests of reinforced 
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concrete structural walls subjected to lateral-load reversals 
for each entry. Part of the database was assembled by 
researchers at Tongji University under the direction of 
Professor Xilin Liu (Figure 8).  

 
 
 

Figure 8. Database on Shear Wall Performance on the 
NEEShub Project Warehouse 

 
In addition to enabling sharing and collaboration that 

can accelerate advances in earthquake risk reduction, 
NEEShub is also helping to disseminate these advances. 
NEESacademy, a section of NEEShub maintained by 
NEEScomm’s education, outreach, and training (EOT) staff, 
provides access to varied resources tailored for students, 
teachers, engineering professionals, and the public. NEES is 
helping to build the workforces needed to discover and 
implement research findings. NEES is also enabling students 
to learn earthquake enginneering through involvement in 
research projects, undergraduates through NEES’ annual 
Research Experiences for Undergraduates program, and 
graduate students by directly assisting NEES investigators. 
In a recent survey, NEEScomm found that at least 559 
graduate students, including 191 PhD candidates, have been 
trained through participation in NEES research. Many of 
those receiving PhDs now hold faculty positions at major 
research universities worldwide. 
 
 
3.  INTERNATIONAL COLLABORATIONS 
 

NEES has cultivated partnerships with research 
facilities and agencies in Japan, Taiwan, Canada, and China 
(Ramirez 2010).  

 
The development of a Memorandum of Understanding 

with The National Research Institute for Earth Science and 
Disaster Prevention (NIED) on earthquake engineering 
research using E-Defense and NEES Facilities represents an 
important accomplishment with significant realizations in 
the collaborative research arena. Japan's E-Defense shake 
table, operated by NIED, is the world's largest multi-degree 

shake table. In September 2005, the NSF and the Japanese 
Ministry of Education, Culture, Sports, Science, and 
Technology (MEXT) signed a memorandum concerning 
cooperation in the area of disaster prevention research. 
NSF-supported NEESR projects addressing the seismic 
performance of midrise wood frame buildings, steel frames, 
and base-isolated structures utilized both NEES facilities and 
E-Defense during the 2009-2010 timeframe. An example of 
the successes is the testing on July 14, 2009, of a six-story 
condominium building on the shake table at the E-Defense 
facility, located in the city of Miki, north of Kobe (Figure 9). 
This was the culminating experiment of the National 
Science Foundation (NSF) multi-year NEESWood project 
under the direction of Prof. John van de Lindt from the 
University of Alabama. The enabling agreement was 
intended to last five years.  NSF continues to support the 
extension of this program for another 5-year term. On 7 June 
2010, the Memorandum of Understanding with The 
National Research Institute for Earth Science and Disaster 
Prevention (NIED) on earthquake engineering research 
using E-Defense and NEES Facilities was renewed for up to 
five more years. 

Figure 9. Testing the NEESWood Capstone Building 
on the E-Defense Shake Table 

 
Another significant milestone was reached on July 8, 

2010 with the official signature at the Port and Airport 
Research Institute (PARI) in Japan, of the Memorandum of 
Understanding (MoU) on use of facilities and research 
collaboration between PARI and NEES. PARI has 
developed and operates experimental facilities for 1) marine 
environment and engineering, 2) geotechnical and structural 
engineering, and 3) construction and control systems in close 
collaboration with the Ministry of Land, Infrastructure, 
Transport and Tourism (MLIT) of Japan. Among those 
facilities are the “Large Hydro-Geo Flume (LHGF)”, an 
“Underwater Shake Table (UST)” to investigate earthquake 
and tsunami engineering (Figure 10) and a “Large 
Geotechnical and Hydrodynamic Centrifuge (LGHC)” to 
investigate the multi-hazards of earthquakes and tsunamis.  

 
 
 
 

- 30 -



 

Figure 10. PARI Underwater Shake Table (UST) 
 
On 3 May 2010, through a Memorandum of 

Understanding, the research partnership between NEES and 
the Canadian Seismic Research Network (CSRN) was 
formalized. CSRN was established to undertake research 
leading to the development of national guidelines for seismic 
rehabilitation of existing buildings and bridges, 
microzonation of Canadian urban regions, and scenarios for 
policy and planning decisions.  CSRN, led by Prof. Denis 
Mitchell, is headquartered at McGill University in Montreal, 
Quebec, Canada, and coordinates research projects 
conducted by 26 researchers from eight universities across 
Canada.  Large-scale structural testing is conducted at most 
of the eight universities and forms an important component 
of the CSRN research program. In this MoU, NEES and 
CSRN agree to cooperate in the implementation of joint 
research in earthquake engineering, including but not limited 
to experimental research utilizing CSRN and NEES 
facilities. 

 
As part of the ongoing effort by NEES to explore and 

nurture research and collaboration partnerships, on August 
2010, NEEScomm, the National Science Foundation (NSF), 
and the National Natural Science Foundation of China 
(NSFC) have sponsored two workshops to develop research 
topics and proposal teams on China-United States 
collaboration for disaster evolution/resilience of civil 
infrastructure and urban environment with participation of 
the NEES research community. The final report of the first 
Workshop held at Purdue University on China-United States 
Collaboration for Disaster Evolution/Resilience of Civil 
Infrastructure and Urban Environment was posted on 
nees.org. The report includes workshop discussions, 
recommendations, key resolutions, and future plans. The 
second workshop was held in Shanghai on December 9-10, 
2011 (Figure 11). 
 
 
 

 
 
 
 

Figure 11. 2nd NEES/NSFC Workshop Participants 
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Abstract:  Many strong motion records were obtained during the 2011 Off the Pacific Coast of Tohoku earthquake.  
The earthquake provides an opportunity to examine the characteristics of strong ground motion from a gigantic 
earthquake.  The ground motion attenuation, spectral characteristics and duration of the records were examined and 
compared with those from the other gigantic earthquakes such as the 2003 Tokachi-oki (Mw8.3) and 2010 Chile (Mw8.8) 
earthquakes.  The attenuation and spectral characteristics of the records from the Mw9.0 earthquake are similar to those 
from the other gigantic earthquakes.  The duration of the records from the Mw9.0 earthquake, however, is much longer 
than that from the other gigantic earthquakes, indicating its magnitude dependence. 

 
 
1.  INTRODUCTION 
 

The 2011 Off the Pacific Coast of Tohoku earthquake 
hit the northeastern Japan on March 11, 2011, and it 
registered a moment magnitude (Mw) of 9.0, the largest ever 
recorded in Japan.  To understand the characteristics of 
strong ground motion from such a gigantic earthquake is of 
great significance in preparing measures to reduce damage 
from a similarly earthquake in the future.  Because such 
gigantic earthquakes rarely occur, their strong motion 
records are only limited.  Few examinations have been 
done for the characteristics of ground motion from gigantic 
earthquakes. 

From the Tohoku earthquake, many strong motion 
records were obtained owing to dense strong motion 
observation networks in Japan.  K-NET and KiK-net 
records of the National Research Institute for Earth Science 
and Disaster Prevention (NIED) were immediately made 
available.  Records from the other networks such as those 
by the Japan Meteorological Agency (JMA) and the 
Ministry of Land, Infrastructure, Transport and Tourism 
(MILT) are also released.  These records will provide 
valuable insight on ground motion characteristics of gigantic 
earthquakes.  This paper describes the outline of the 
observed records, preliminary analyses on the characteristics 
of observed ground motions records, and the comparison 
with those from other gigantic earthquakes. 
 
 
2.  OVERVIEW OF THE EARTHQUAKE 
 

The Tohoku earthquake is an inter-plate earthquake 

caused by the subduction of the Pacific Plate.  The Pacific 
coast of the Tohoku region has experienced several mojor 
earthquakes since the Meiji Era (1868-1912), including the 
1896 Meiji-Sanriku earthquake (M8.4), the 1978 Miyagi- 
ken-oki earthquake (M7.4) and the 1938 Fukushima-ken-oki 
earthquake (M7.5).  Of them, scientists had warned about a 
possible recurrence of the Miyagi-ken-oki earthquake, but 
they did not think that a possibility of recurrence was high 
for other earthquakes (Earthquake Research Committee, 
2002). 

The focal area of the Tohoku earthquake covered those 
of these three major quakes and their surrounding areas, 
measuring a total of 500 km long and 200 km wide.  
Therefore, the earthquake was called as unforeseeable one.  
Figure 1 shows the aftershock distribution and the fault 
plane of the Tohoku earthquake by yellow circles and 
rectangular grid, respectively (Koketsu et al., 2011).  The 
earthquake caused major crustal deformations in wide areas.  
Red arrows in the figure show the horizontal static 
displacement observed by the GPS network.  Ojika 
Peninsula moved 5.3 meters horizontally in the east- 
southeast direction and sank 1.2 meters (Geospatial 
Information Authority of Japan, 2011). 
   As shown in Fig. 2, Furumura et al. (2011) pasted up 
observed acceleration time histories along the Pacific coast 
to find that major fault ruptures occurred at three different 
places: (1) off the northern part of Miyagi Prefecture; (2) 
farther off the northern part of Miyagi Prefecture; and (3) off 
the northern part of Ibaraki Prefecture, rather close to the 
shore. They estimated that ground motions in Iwate and 
Miyagi prefectures were caused mainly by (1) and (2), while 
motions in Fukushima, Ibaraki and Tokyo Prefectures were 
strongly affected by (3).  
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Fig. 1  Epicenter (star), Fault Plane (rectangular grid), 
Aftershocks (circle) and Observed Horizontal 
Displacement (arrow)  (Koketsu et al., 2011) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2  Distribution of Peak Ground Acceleration (left) 
and Past-up of Vertical Acceleration Time 
Histories (right) (Furumura et al., 2011) 

 

3.  STRONG MOTION RECORDS 
 
3.1  Strong Motion Networks in Japan 

Strong motion observation of Japan started in 1953.  
After that, the number of the strong-motion sites was 
increasing.  During the 1995 Kobe earthquake, however, 
few records were observed in the disastrous area.  After the 
earthquake, importance of strong-motion observation has 
been strongly recognized.  As a result, many nation-wide 
and local strong-motion observation networks were 
constructed.  In total, more than 10,000 strong motion sites 
on ground are maintained by different institutions 
(Midorikawa, 2005). 

The main objective of the networks constructed is 
classified into two types; one is basic research to obtain the 
time history data for analysis, and another is disaster 
management to obtain the seismic intensity data for quick 
and efficient emergency response decision.  The 
nation-wide networks for research are such as K-NET (about 
1,000 sites) and KiK-net (about 700 sites) by National 
Research Institute for Earth Science and Disaster Prevention 
(NIED), PARI-net (about 70 sites) by Port and Airport 
Research Institute, and BRI-net (about 80 sites) by Building 
Research Institute. 

The networks for disaster management are such as 
JMA-network (about 600 sites) by Japan Meteorological 
Agency, Prefectures-network (about 2,800 sites) by each 
prefectural office and MLIT-network (about 700 sites) by 
Ministry of Land, Infrastructure and Transport.  The 
Prefectures-network was established with initiative of Fire 
and Disaster Management Agency, and the instrument to 
measure the seismic intensity was installed at almost all the 
municipalities in Japan.  Figure 3 shows locations of the 
sites for the nation-wide networks. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 3  Locations of Strong Motion Sites of Nation-wide 
Networks in Japan 

(1) 
(2) 

(3) 
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Fig. 4  Distribution of Peak Horizontal Acceleration 
 
 

3.2  Observed Strong Motion Records 
The Tohoku earthquake produced many strong motion 

records. About 1,200 K-NET and KiK-net records were 
made available soon after the earthquake (NIED, 2011).  
JMA released about 40 records as the sample data on the 
web site (JMA, 2011), and the additional 400 records are 
going to be released.  JMA is also compiling several 
hundreds of records from the Prefectures-network.  About 
150 records from the MLIT network have been released 
(MLIT, 2011).  BRI and PARI also released their records 
(BRI, 2011; PARI, 2011).  In total, more than 2,000 records 
are available from the nation-wide networks. 

We tentatively collected the records from the K-NET, 
KiK-net (at surface), JMA, Prefectures, MLIT, PARI and 
BRI networks.  The total number of the collected records is 
about 2,400.  Figures 4 and 5 show distributions of peak 
horizontal acceleration and velocity.  The peak horizontal 
accelerations higher than 500 cm/s2 and 1000 cm/s2 are 
observed at 210 sites and 34 sites, respectively.  The peak 
horizontal velocities higher than 50 cm/s and 100 cm/s are at 
110 sites and 3 sites, respectively. 

Among the records, the maximum peak acceleration 
observed is about 2.8 g at K-NET Tsukidate, Miyagi 
prefecture.  The acceleration time history of the record is 
shown in Fig. 6.  The waveform is composed of two 
distinct phases producing long duration of strong shaking.  
In the second phase, pulse-like high accelerations appear in 
the north-south and vertical components. 

Such high acceleration pulses are not observed at the 
surrounding sites as shown in Fig. 7.  As has been 
discussed by Motosaka and Tsamba (2011), the high 
acceleration  at  K-NET Tsukidate  may be due to partial 
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Fig. 5  Distribution of Peak Horizontal Velocity 

 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 6  Acceleration Time History at K-NET Tsukidate 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 7  Past-up of Accelerations at K-NET Tsukidate 

 and Its Surrounding Sites 
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Fig. 8  Velocity Time History at KiK-net Namie 
 

 
uplifting of the foundation of the instrument, and may not 
necessarily indicate actual ground acceleration. 

The maximum peak velocity observed is about 110 
cm/s at KiK-net Namie, Fukushima prefecture.  The 
velocity time history of the record is shown in Fig. 8.  The 
duration of strong shaking is also long.  Unlike the 
Tsukidate record, however, the waveform is composed of 
not two distinct phases, but one indistinct phase with a high 
velocity pulse whose period is about 2 sec.  Such a large 
pulse is also observed at the nearby sites, suggesting that the 
area generating strong ground motion exists near the site. 

 
 

4.  CHARACTERISTICS OF OBSERVED MOTION 
 

Figures 9 and 10 show attenuations of peak horizontal 
acceleration and velocity, respectively.  The observed data 
are widely dispersed with distance, but the peak 
accelerations and velocities generally are 200 to 1,000 cm/s2 
and 20 to 80 cm/s for the distance of 50 km, 100 to 500 
cm/s2 and 10 to 50 cm/s for 100 km, and 20 to 150 cm/s2 and 
3 to 20 cm/s for 200 km, respectively.  The figures also 
show attenuation curves obtained from attenuation 
relationships by Si and Midorikawa (1999) for earthquakes 
with a magnitude of 8.0, 8.5 and 9.0, respectively.  On the 
average, it appears to be smaller than the curve for M9.0 and 
come between curves for M8.0 and M8.5. 

Figure 11 shows examples of two-dimensional 
horizontal velocity response spectra (h=0.05) at soft soil sites, 
stiff soil sites and rock sites.  The spectra at rock sites 
(Ohfunato Port and Kamaishi Port) are almost flat between 
the periods of 0.1 and 10 seconds, with comparatively small 
amplitudes of 20 to 40 cm/s. 

  At stiff soil sites (K-NET Towa and K-NET Toyosato), 
the spectra have broad peaks and their amplitudes are 
between 50 and 100 cm/s.  At soft soil sites (JMA Ohsaki 
and K-NET Sendai), the spectra have sharp peaks with the 
amplitudes at those peak periods reaching 300 to 400 cm/s.  
For long-period ranges, spectral amplitudes become rather 
constant with period. Thus, the spectra are flat at rock sites 
and have peaks at soil sites.  From the results, it is 
reconfirmed that ground motions are strongly amplified by 
soil conditions. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 9  Attenuation of Peak Horizontal Acceleration 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 10  Attenuation of Peak Horizontal Velocity 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 11  Examples of Velocity Response Spectra 
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Fig. 12  Distribution of Duration 
 

 
The records are also characterized by their long 

duration.  The duration of ground motion is calculated as 
the time interval between 5 percent and 95 percent of the 
total power of acceleration.  In the calculation, the records 
with length of longer than 300 sec. are used.  The 
distribution of the duration is shown in Fig. 12.  The 
observed duration is longer than 100 sec. at many sites, 
although spatial variation of the durations is large.  In the 
area with peak acceleration higher than 200 cm/s2, the 
duration ranges 40 to 120 sec. and seems shorter in the 
southern part of the area. 

Figure 13 shows the past-up of the acceleration time 
histories at linearly aligned sites along the Pacific ocean 
from north to south.  At the northern sites, the waveform 
consists of two distinct phases, while it becomes a simple 
shape at the southern sites, resulting shorter duration in the 
south.   At the sites in the middle, the waveform seems 
complex.  This is probably due that the rupture mainly 
propagated to the south while the rupture process is not 
simple (Furumura et al., 2011). 
 

 
5.  COMPARISON  WITH  RECORDS  FROM 

OTHER GIGANTIC EARTHQUAKES 
 
Strong motion records obtained from the Tohoku 

earthquake is probably the first ever available from a 
magnitude 9 event, but there have been records from several 
gigantic earthquakes with a magnitude of greater than 8.  In 
Japan, many records were obtained in the 2003 Tokachi-oki 
earthquake (Mw8.3).   Outside Japan,  the  2010  Chile 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 13 Past-up of Acceleration at Sites along Pacific Ocean 
 
 

earthquake (Mw8.8) produced a considerable number of 
strong motion records (Borochek et al., 2010). 

Figure 14 shows comparison of attenuations of peak 
acceleration among the Tohoku earthquake (Mw9.0), the 
Tokachi-oki earthquake (Mw8.3), and the Chile earthquake 
(Mw8.8).  The data from three earthquakes are overlapping, 
indicating that attenuation characteristics of three 
earthquakes are almost the same.  The same things are 
observed for peak ground velocity as shown in Fig. 15. 

These indicate that attenuation curves begin to saturate 
when a moment magnitude surpasses 8, and that, when the 
magnitude comes to 8.3 or more, an increase in magnitude 
brings very little change in attenuation.  It has been 
expected from seismic source spectra of the ω2 (omega 
square) model that short-period ground motion intensity 
tends to saturate when a magnitude becomes extremely large 
(e.g. Fukushima, 1996).  The records from these gigantic 
earthquakes thus come as a clearer confirmation of the 
tendency for ground motion intensity to saturate with a very 
large magnitude. 

In order to examine characteristics of seismic source 
spectra of these earthquakes, a comparison is made with 
records at rock sites, where local site effects are not likely to 
appear.  Figure 16 is a comparison of the two-dimensional 
horizontal velocity response spectra at rock sites from these 
three earthquakes.  In the Tokachi-oki and Chile 
earthquakes, the velocity response spectra at rock sites 
(K-NET Meguro and Cerro El Roble) are generally flat, as 
in the records at rock sites from the Tohoku earthquake. 

The figure also includes velocity response spectra at 
rock  sites  from  the main shock  of  the  1985  Mexico 
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Fig. 14  Comparison of PGA from Three Gigantic Events 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 16  Comparison of Velocity Response Spectra 

at Rock Sites 
 
 

earthquake (Ms8.1) and some of its aftershocks, shown with 
fine lines (Anderson and Quaas, 1988).  These data show 
that when magnitudes are small, amplitudes become smaller 
as periods get longer.  The tendency, however, becomes 
less notable as magnitudes become larger.  The spectrum of 
the M8.1 main shock is rather flat, like the spectra from the 
other three gigantic earthquakes.   These indicate that when 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 15  Comparison of PGV from Three Gigantic Events 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 17  Duration with Distance 

 
 

an earthquake has a magnitude of 8 or larger, velocity 
response spectra at rock sites are rather flat, suggesting that 
characteristics of seismic source spectra may not change 
significantly. 

The duration of ground motion is also compared among 
the records from these three earthquakes.  Figure 17 shows 
the durations from these three earthquakes with distance.  
The durations tend to be longer at longer distance, but in 
average, the durations from the Tohoku earthquake seem 
longer than the other earthquakes. 

To eliminate effects of the distance dependence on the 
duration,  the durations  at  shorter distance  are compared.  

Fault distance (km)

P
ea

k 
gr

ou
nd

 a
cc

el
er

at
io

n 
(c

m
/s

/s
)

Si and Midorikawa (1999)
 Mw=8.0
 Mw=8.5
 Mw=9.0

Tokachi-oki Earthquake (2003)
Tohoku Earthquake (2011)

Chile Earthquake (2010)

100 101 102 103100

101

102

103

Fault distance (km)
P

ea
k 

gr
ou

nd
 v

el
oc

ity
 (c

m
/s

)

Si and Midorikawa (1999)
(AVS30=300m/s)

 Mw=8.0
 Mw=8.5
 Mw=9.0

Tokachi-oki Earthquake (2003)
Tohoku Earthquake (2011)

Chile Earthquake (2010)

100 101 102 10310-1

100

101

102

Fault distance (km)

D
ur

at
io

n 
(s

ec
)

Tohoku Earthquake (2011)
 Tokachi-oki Earthquake (2003)
 Chile Earthquake (2010)

101 102 103101

102

103

 Ohfunato-G  (Tohoku 2011, M9.0)
 Kamaishi-G  (Tohoku 2011, M9.0)
 Cerro El Roble (Chile 2010, M8.8)
 K-NET Meguro (Tokachi-oki 2003, M8.3)

Period (s)

Ps
eu

do
 R

el
at

ive
 R

es
po

ns
e 

Ve
lo

ci
ty

 (c
m

/s
)

Mexico Guerrerro Sites (M3.1-8.1)

0.01 0.1 1 100.1

1

10

100

1000

- 38 -



 

 

  
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 18  Frequency Distribution of Ground Motion Duration 
 
 

Figure 18 shows the frequency distribution of durations 
observed at distance shorter than 100 km.  The data from 
the Tohoku earthquake range mostly 40 to 120 sec., while 
the data from the Tokachi-oki and Chile earthquakes range 
mostly 20 to 40 sec. and 20 to 80 sec., respectively.  For the 
duration, the magnitude dependence is observed. 

Figure 19 shows the durations at shorter distance from 
these three earthquakes with magnitude.  Also shown in the 
figure is an empirical relationship between duration and 
magnitude obtained from earthquakes in California, with 
magnitudes of up to 7.6 (Dobry et al., 1978).  The duration 
of a M5 earthquake is 2 seconds, compared with some 25 
seconds for a M7.5 earthquake.  The data from these three 
earthquakes fall largely in line with an extension of the 
relationship by Dobry et al. (1978), and the logarithm of 
duration and magnitude appear to be generally in a linear 
relationship across a broad range of magnitudes. 

 
 

6.  CONCLUSIONS 
 

Many strong motion records were obtained from the 
2011 Off the Pacific Coast of Tohoku earthquake (Mw 9.0), 
owing to implementation of dense strong motion 
observation in Japan.  More than 2,000 records are 
available.  The high acceleration records with PGA over 
500 cm2 and 1000 cm/s2 are obtained at more than 200 sites 
and 30 sites, respectively. 

The attenuations of peak acceleration and velocity are 
compared with the curves from the previous attenuation 
relationship.  On the average, they appear to be smaller 
than the curve for M9.0 and come between curves for M8.0 
and M8.5.   

The velocity response spectra on rock sites are almost 
flat with period with comparatively small amplitudes, while 
the spectra have sharp peaks with much higher amplitudes at 
soft soil sites.  These results indicate that soil characteristics 
affect amplifications of seismic motion. 

Long duration of ground motion is observed.  The 
duration  ranges  40  to  120 sec.  in  the  area  with peak  

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 19  Relationship between Ground Motion Duration and  
Earthquake Magnitude 

 
 

acceleration higher than 200 cm/s2, and seems shorter in the 
southern part of the area, which is probably due to the 
rupture process of the earthquake. 

The comparison of the records of the Tohoku 
earthquake with other gigantic earthquakes shows that 
attenuation characteristics and spectral characteristics of 
ground motions are similar for the Tohoku earthquake 
(Mw9.0) and the other earthquakes such as the 2003 
Tokachi-oki earthquake (Mw8.3) and the 2010 Chile 
earthquake (Mw8.8).  The duration, by contrast, tends to be 
longer as magnitude becomes greater even after it exceeds 8.  
The logarithm of duration and magnitude are largely in 
linear relationship over a broad range of magnitudes. 
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Abstract:  The Great East Japan Earthquake generated a huge tsunami and caused devastating disasters in the coastal 
towns facing the Pacific Ocean. The tsunami attacked all the Pacific coasts in Japan impacting the coastal towns from 
Hokkaido to Chiba Prefecture. Especially devastating disasters occurred in Iwate, Miyagi, and Fukushima Prefectures. 
Damages due to the earthquake are significant especially in the southern areas of Miyagi Prefecture. In this report the 
tsunami heights along the coasts are estimated using measured offshore GPS data and tsunami disasters in Iwate, Miyagi 
and Fukushima Prefectures are described including the failures of tsunami defenses. Preparedness for the worst case is 
discussed as an important lesson we learned from the disaster.  

 
 
1.  INTRODUCTION 
 

The Great East Japan Earthquake, which occurred at 
14:46JST on March 11, 2011 with the magnitude M9.0 
generated a huge tsunami and caused devastating disasters in 
the coastal towns facing the Pacific Ocean. It is very sad and 
horrible that the number of casualties and missing persons is 
nearly 20 thousands. 

The Port and Airport Research Institute is conducting 
investigations including field surveys (Takahashi et al. 2011) 
just after the earthquake, for recover the ports and coasts in 
the regions for the Ministry of Land, Infrastructure, 
Transport, and Tourism (MLITT) . 

The tsunami attacked all the Pacific coasts in Japan 
impacting the coastal towns from Hokkaido to Chiba 
Prefecture. Especially devastating disasters occurred in 
Iwate, Miyagi, and Fukushima Prefectures. Damages due 
to the earthquake are significant especially in the southern 
areas of Miyagi Prefecture. In this report the tsunami 
disasters in Iwate, Miyagi and Fukushima Prefectures are 
described.  
 
2.  OFFSHORE TSUNAMI OBSERVED BY GPS 

BUOYS AND 10-M TSUNAMI WARNING 
 

Huge tsunami waves were generated by the M9.0 
earthquake. The left figure of Fig. 1 shows the source 
region, which ranges 400km from north to south and 
200km from east to west. The sea bottom of the region 
rose and dropped, causing the initial tsunami. The Port 
and Harbour Bureau of the Ministry of Land, 
Infrastructure, Transport and Tourism had installed a 
number of GPS buoys (GPS mounted buoy or GPS Wave 

Meter) 10-20km off the Japanese coasts, that measured the 
tsunami directly. For example a GPS wave meter 18km off 
the coast of Kamaishi at a depth of 204m measured a 6.7m 
high tsunami at 15:12. Another GPS wave meter off the 
coast of Rikuzen-Takada recorded a 5.7m high tsunami at 
15:14. 

The measured values of tsunami were incredible since 
the tsunami was expected to be more than 10m (2 or 3 
times) on shore if the simple shoaling effect was considered.  
At 14;49 the Japan Meteorological Agency had issued a 
Major tsunami warning of more than 6m and changed it to 
that of more than 10m accordingly. 

  

Fig.1 Source region and GPS wave meters(left) 

and Estimated Incident Tsunami and Measured 

Tsunami water marks(right) 
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3.  HUGE TSUNAMI ATTACKING THE COASTS 

The GPS data are very important for the disaster 
analysis. For example the incident tsunami can be estimated 
from the GPS data. The right figure of Fig.1 shows 
‘Equivalent Incident Tsunami Height at Shore’ which is 
evaluated considering shoaling coefficient assuming 
perpendicular incidence and parallel contours. The estimated 
tsunami height at shoreη (defined here as equivalent 
incident tsunami height at shore) is evaluated by η＝（hG

ηG
４）0.2 where the water depth hG and the GPS tsunami 

height ηG. As mentioned above the equivalent incident 
tsunami height at shore is two or three times the GPS values 
-- 7.9m at Kuji, 12.6m at Miyako, 13.3m at Kamaishi, 11.1m 
at Hirota Bay (Rikuzen-Takada), 10.9m at Kinkazan, and 
5.7m at Onahama. 

The right figure of Fig.1 shows the measured water 
mark heights. Although the teams of Japan Society of Civil 
Engineers also measured the water marks, the figure shows 
only the authors’ data due to the urgency of this report. The 
water mark heights are the heights above the sea level when 
the tsunami arrived and include those of inundation heights 
and run-up heights. The data scatters significantly. The 
run-up heights exceed 15m and the inundation heights vary 
from 5 to 15m approximately. The equivalent incident 
tsunami height at shore agrees with the average of the 
measured inundation heights which exceed 10m in Miyagi 
and Iwate Prefectures. 

It is well-known that the tsunami height increases at 
sawtooth coastlines with decreasing width and resonant 
effects and the heights increases with refraction effects, 
while the heights decrease with the sheltering effects due to 
natural islands, artificial breakwaters, and seawalls. These 
are the reasons of the wide scattering of the measured data in 
Fig.1. It should be noted that the tsunami ran up rivers and 
overflowed from the rivers. 

Tsunami height changes significantly due to the shore 
profile. Figure 2 shows a schematic diagram of typical cross 
sections of the shores to explain the intrusion of tsunami 
more than 10m.  Videos and photos that were taken during 
the tsunami attacks will be analyzed further to reveal the 
tsunami behaviors at shore. 

 
 (a) Ordinary Sandy Beaches: 
The coast near Sendai Airport is a typical mild-sloped 

sandy beach with a sand dune. Tsunami broke near the shore 
and run up 5- 10 m high sand dune. The tsunami ran down 
from the dunes to a lowlying rice field and inundated several 
km in the paddy field. The sea bottom slope in the coast is 
1/200 to 1/500 at a depth from 10 to 100m. Videos showed 
the tsunami front breaking with solitons.  A 15m high 
tsunami waves of this type were also seen in the beach at 
Rikuzen-Takada of Hirota Bay. 

(b) Steep slope shore: 
Tsunami fronts break and run up rapidly on a relatively 

steep slope. This type of rapid runup with breaking waves 
was seen at Omoe Peninshula and Ryori-Shirahama Bay 
where the runup heights were more than 20m. The sea 
bottom slope at Ryori-Shirahama is 1/100 at a depth of 10m 
and 1/10 on land. The tsunami runup heights are high at this 
type of shore in Fig. 1. 

(c) Steep cliff with deep front sea: 
Nagasaki district of Ohfunato has a very steep cliff 

facing the Pacific Ocean and relatively deep sea in front, and 
therefore the tsunami did not break and the water surface 
moved up and down relatively smoothly. 

(d) Ports and rivers: 
Since ports have a relatively large water depth and 

tsunami does not break. In Kamaishi port the tsunami 
overtopped the quaywalls and seawalls and intruded into the 
town with a very rapid current of 10 to 30 km/h. It should be 
noted that the tsunami heights exceeded those of 1896 
Maiji-Sanriku Tsunami and the tsunami heights were more 
than two times higher in the southern areas from the border 
of Iwate and Miyagi Prefecture. 

 
4.  VARIOUS DEVASTATING DAMAGES DUE TO 

HUGE TSUNAMI  
The tsunami caused significant damages on all the 

coastal towns along the Pacific Oceanfrom Hokkaido to 
Chiba. Especially more than 10m tsunami caused all the 
kinds of tsunami damages to the coastal towns of Iwate, 
Miyagi and Fukushima Prefectures. Devastating damages 
due to huge tsunamis were observed in many places by 2004 
Indian Ocean Tsunami and Aonae District of Okushiri Island 
by 1993 Hokkaido Nansei-oki Tsunami in Japan ( Murata et. 
al. 2010). 

Table 1 summarizes the tsunami damages due to more 
than 10m tsunamis except for casualties. Most typical 
damage is complete destruction of wooden houses. Almost 
all the coastal towns in the three prefectures were flattened 
by tsunami.          

Wooden houses are destroyed by even 2m tsunamis and 
it was obvious that more than 10 tsunami caused fatal 
damages to wooden houses (Photo 1 and 2). It is said that 
some concrete buildings collapsed although the concrete 
buildings are said to be safe against tsunamis. The impulsive 
force due to collision of breaking wave front might be a 
reason for the collapse of concrete buildings as shown in (a) 
and (b) in Fig.2.  

 

Fig.2  Typical cross sections of shores 

and intrusion of a huge tsunami 

d Overtopping Type (Ports and Rivers)

b High Runup Type c Slowly-varying Type

a Breaking Wave Type(Sandy Beach)
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 Table 1 Damages due to tsunami more than 10m

 

Destruction and washed-away of houses

Drift and crash of cars

Fires

Destruction of tanks and oil spill

Destruction of Railways, roads and
bridges

subsidance　of ground

Inundation of rice paddles

Drifting and collision of ships

Destruction and inundation of port
faciliteis

Drifting and collision of timbers and
containers

Debris deposit in ports

Scouring and deposit in ports

Scouring of sandy beaches and
destruction of green belts

Destruction of acuaculture facilities

Scouring and sliding of Breakwaters and
quaywalls

Destruction of jetties and detached
breakwaters
Destruction (scouring) of Dykes and
Seawalls
Destruction of water gates
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Cars floated everywhere and were found even in houses 
and under the debris (Photo 2). Some were found on the roof 
of concrete buildings. Fires broke out in the debris and 
spread due to drifting of the debris. Spilled oil spread due to 
tsunami and caused large-scale fires. Damages to railways 
and roads were also significant including the damages to 
bridges (i.e. Minamisanriku-Utatsu). Sendai Airport which is 
located 1.5 km from the coastal line was inundated and 
airplanes floated just like cars.  

It should be noted that the land subsidence due to 
crustal movement by the earthquake was from 0.5 to 1m, 
which cause secondary inundation due to spring tide in the 
lowlying coastal areas like Ishinomaki. 

 

   
Photo 1(a) Flattened wooden houses and remaining 

concrete buildings(Minami-Sanriku) 
           

 

Photo1(b) Flattened wooden houses and remaining 
concrete buildings(Rikuzen-Kakada) 

 

Photo 1(c) Burnt houses (Ishinomaki)        

 

  
Photo 2 Debris and cars piled in a road(Kamaishi) 
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4.1  Damage in Ports and Coasts 
Various damages occurred in ports areas including 

typical port damages as shown in the middle of Table 1. For 
example, many ships broke their moorings and collided with 
port facilities and one was washed on a wharf (Photo 3). 
According to Maritime News Paper a total of 6 vessels (1 at 
Ishinomaki, 2 at Souma, 1 at Haramachi, 1 at Onahama, 1 at 
Kamaishi) of 20 to 200 thousand tons were stranded or 
caused oil spill within ports. 31 passenger ships were 
severely damaged including 2 partially damaged according 
to Tohoku-disrict passenger ship association. Also small 
boats including fishing boats were carried far inland areas 
and it is estimated that more than 17,000 boats were 
damaged. The severe damage to warehouses and factories in 
the port industry areas caused the secondary impact on 
industry in the world. The container terminals suffered from 
inundation. More than 4000 containers in Sendai Port 
floated from their foundations and 1000 of them went into 
the sea. 

Scouring and deposit occurred in ports and navigation 
channels. At some breakwater mouths the scouring depth 
was more than 10m. Much debris sunk in port areas and 
removal operations are in progress. The operations were 
started just after the damages and some ports opened just 
one week after the earthquake with limited quays to 
contribute recovery of the neighbor areas.  

It should be noted that utterly damages occurred to 
aquaculture facilities and that sandy beaches and beach 
forests disappeared, as in Rikuzen-takada. 

 

 

Photo 3 Ship landed on a quay 

 

 
Photo 4 Fishing boats landed on quay and burnt in a fire 

 

 

Photo 5 Scattered containers (Sendai Port) 

 

4.2 Effect of Tsunami Breakwater and Its Damage 
Tsunami breakwaters were constructed in the baymouth 

of Kamaishi and Ofunato. The tsunami breakwater at 
Kamaishi Bay was designed to protect the port against not 
only the tsunami of 1896 Meiji-Sanriku Earthquake but also 
the large storm waves. Although the tsunami was very high, 
exceeding significantly the design tsunami height, the 
breakwater was relatively strong and tough since the stability 
design was determined by a large storm wave. According to 
the video, the breakwater was relatively safe until the peak 
of the first tsunami wave. 

Figure 3 shows a result of numerical simulation for the 
tsunami at Kamaishi. The tsunami measured by the GPS 
wave meter 18km off the Kamaishi coast was used as the 
boundary condition. The figure compares the effect of 
tsunami breakwater by the two time series of tsunami 
heights at a tide gauge station of Kamaishi Port with and 
without the breakwater. The tsunami height is 13.7m without 
breakwater while 8m with breakwater, reduced to 60 % by 
the breakwater. The measure value at Kamaishi was around 
8 m which agrees with the calculation with the breakwater. It 
can be said that the breakwater maintained its function until 
the peak. However, the caissons of the breakwater gradually 
sunk down and slipped from the breakwater mound due to 
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scouring by the strong current and due to the pressure 
difference between the front and back walls of the 
breakwater caissons (Photos 6 and 7) 

It should be noted that the tsunami breakwater at 
Ofunato was designed against Chilean Tsunami and the 
caissons of that breakwater shifted before the first peak of 
the tsunami 

 

 
Fig. 3 Calculation results of tsunami profile at Suga in 

Kamaishi Port 
 

 

Photo 6 Overtopping from Kamaishi Breakwater    
(Courtesy of Tohoku Bureau of MLIT) 
 

  

Photo 7 Damaged caissons of Kamaishi Breakwater 

 

 

 

4.3 Damage to Other Coastal Facilities 
Many breakwaters and seawalls were also damaged by 

the tsunami. For example, the north breakwater of the 
Hattaro-district in Hachinohe Port (Photo 8), the marina 
breakwater of the Fujiwar-Kanbayashi district in Miyako 
Port and the offshore breakwater of Souma Port were 
damaged significantly. However, they were designed against 
severe storm waves and therefore relatively strong and tough 
against the huge tsunami. The breakwaters damages due to 
the 1983 Nihonkai-Chubu Earthquake Tsunami and 1993 
Hokkaido-Nansei-oki Earthquake and Tsunami were limited 
to inner breakwaters and the parts near breakwater mouths. 
The more than 10m tsunami caused extensive damage to 
offshore breakwaters but still was limited to those that have 
a relatively small width of the caisson. 

It should be noted that many seawalls and dykes were 
constructed to protect the coastal towns from tsunamis , 
using the 1896 Meiji-Sanriku Tsunamis for design 
conditions. The more than 10m tsunami overtopped the 
tsunami defenses and damaged them significantly (Photo 9). 
Even for huge tsunamis the tsunami defenses should exist 
and work to reduce the tsunami. The tough stability of the 
structures should be investigated further. 

 

Photo 8  Caisson sliding at Hattaro Breakwater in 
Hachinohe   

 

 Photo 9 Seawall at Ryoishi in Kamaishi 

  

- 45 -



 

 

 
5.  FAILURE MECHANISM OF COASTAL 

STRUCTURES         
Table 2 shows the major tsunami forces to damage the 

coastal structures and Figure 4 shows the typical failures of 
the coastal defenses: 

1. The force due to the pressure difference between 
the front and back walls broke the breakwaters and seawalls. 
The pressure is almost static especially when the water depth 
is large enough. Uplift forces should also be considered to 
check the stability. 
     2. Impulsive breaking wave forces hit the seawalls. 
Tsunami wave front breaks due to shallow water in the  
shore and collides into seawalls. Also rapid current due to 
breaking causes dynamic wave pressures on the seawalls. 

3. Drag forces due to strong current causes the 
scattering of armor stones and blocks. However comparing 
the very rapid currents induced by tsunami the damages to 
concrete blocks for detached breakwaters to dissipate the 
wave energy are limited. 

4. Strong current caused scouring damages in 
navigation channels, around seawalls and breakwaters in 
addition to beaches and rivers. Scouring is the most typical 
failure of coastal structures by tsunamis.  
 It should be noted that the tsunami force can be evaluated 
by the accumulated knowledge of coastal engineering  
using the current velocity and height of the incident tsunami 
by proper numerical simulations. 
 
Table 2 Tsunami forces on coastal structures 

 
 
 
 
 

  

 

 

 

Figure 4 Typical Failures of Coastal Defenses 

 
 
 

 
6. PREPAREDNESS FOR THE WORST CASE (Level 

II-  Performance Design) 
As you remember we had recently devastating 

disasters like Indian Ocean Tsunami and Hurricane Katrina. 
The most important lessen we learnt was to prepare for the 
worst case. The Port and Airport Research Institute 
considered that to prepare for the worst case we need to have 
performance design concept for the design of coastal 
defenses (Takahashi et. al. 2004; PIANC 2010). 

Table 2 shows the concept to prepare for the worst 
case tsunami using the performance design. For the ordinary 
design tsunami (Level-I) we have to save all the lives and to 
protect all the properties and economic activities. For the 
extraordinary tsunami (Level II) we have at least to save all 
the lives. In addition, we have to reduce the economic loss 
and to prevent the severe secondary disasters and to prepare 
for early recovery. In the figure the worst case is Level II and 
the present tsunami is the worst case tsunami. If necessary 
we have to consider a higher tsunami as the Level III. 

In the design of tsunami defenses the function 
performance and stability performance should be determined 
according to the required performance for the Level I and II 
scenarios. For the Level II we need to use structural and 
non-structural countermeasures to save lives. To reduce the 
economic loss for the Level II it is important to have the 
structural countermeasures. If we construct a seawall to stop 
the Level II tsunami it might be a huge structure and 
economically not feasible. The height should be determined 
by considering the cost and the inundation reduction 
performance. 
 
Table 3 Preparedness for the worst case (performance 
design) 
 
 
 
 
 

 
 
 
 
 
 

It should be noted that the tsunami defenses should be 
stable against the Level II tsunami, at least tough and strong 
to deform not largely and maintain the functional 
performance. It should be repeated that the tsunami defenses 
should be tough and strong enough. The performance design 
concept was already employed in the design standard for 
port facilities and for coastal defenses in Japan. However, 
the level II tsunami should be considered in the next version 
of the standards. The stability performance should be 
investigated further. 

It is said that the most effective way to save the 
people’s lives is not to live in the inundation areas. It is 
important and useful countermeasure to move to high lands. 
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Force due to the Pressure Difference 

between the front and back walls 

Impulsive Breaking Wave Force 

Drag Force due to Strong Current 

Scouring due to Strong Current 

Design tsunami Required performance

Level 1 Largest tsunami in 
modern times 
(return period: 
around 100 years)

• To protect human lives
• To protect properties
• To protect economic activities

Level 2 One of the largest 
tsunamis in history 
(return period: 
around 1000 years)

• To protect human lives
• To reduce economic loss, 
especially by preventing the 
occurrence of severe secondary 
disasters and by enabling prompt 
recovery
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around 1000 years)

• To protect human lives
• To reduce economic loss, 
especially by preventing the 
occurrence of severe secondary 
disasters and by enabling prompt 
recovery
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However the economic activities near ports and coasts are 
very high and it is very important to protect the economic 
activities in the areas. High residential and business 
buildings are very useful countermeasures in addition to the 
high grand level of reclaimed land. Comprehensive 
measures should consider the lives of the people in the 
coastal areas 
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Abstract:  An overview of the geotechnical aspects of the building damage in the 2011 Tohoku Pacific earthquake is 
presented, based on field reconnaissance made after the quake. It is shown that: (1) Extensive soil liquefaction occurred 
along the coast of Tokyo Bay and around the Tonegawa River floodplain. Liquefaction primarily occurred within 
relatively new reclaimed area, with large ground settlement up to 60 cm, accompanied by settlement/tilting of wooden 
and reinforced concrete buildings supported on spread foundations; (2) Numerous houses in Sendai’s hilly residential 
areas constructed with cut-and fill methods were badly damaged not only by simple collapse of retaining walls, but also 
by slope failures of fill; (3) Several pile-supported buildings tilted and settled not only in the Tohoku region but also in 
the Kanto plain, implying damage to pile foundations; and (4) Within Onagawa and Rikuzen-Takata, several steel and 
reinforced concrete structures were knocked over by tsunami surges, probably after having suffered damage to their pile 
foundations. 

 
 
1. INTRODUCTION 

A massive earthquake shook northeastern Japan at 2:46 
p.m. on March 11, 2011. At magnitude 9.0, the 
Tohoku-Pacific Ocean Earthquake, centering off the Sanriku 
coast, was the strongest jolt ever recorded in Japan. The 
earthquake triggered giant tsunami, which caused huge 

damage mainly in the Tohoku region, leaving about 20,000 
people dead or missing.  Furthermore, soil liquefaction and 
other ground disasters have left extensive damage to 
infrastructure, lifelines, houses and other structures. 

A group of researchers including these authors carried 
out a field survey starting on March 12 with a focus on 
geotechnical problems, damage on structure foundations 
and ground behaviors near K-NET strong motion stations.  
This paper reports on the results of the survey. But we must 
note that a survey by individual researchers can cover only a 
small portion of the vast stretches of land affected by the 
disaster. Furthermore, the survey on the reaches of the Tone 
River and on the Tohoku region was conducted after 
mid-March and early April, respectively. This paper, 
therefore, may not necessarily present the entire picture of 
the damage and that the findings were as of the time of the 
survey, which means aftershocks’ effects are included. 
 
2. SOIL LIQUEFACTION DAMAGE IN TOKYO BAY 

WATERFRONT AREAS 
Ground characteristics of liquefaction sites and seismic 
motions 

Figure 1 shows correlations between reclaimed areas 
(and years of reclamation work) and sites where soil 
liquefaction was observed (Kaizuka, 1993). The figure 
clearly indicates that liquefaction occurred only in reclaimed 
land areas. Figure 2 shows correlations between the depth of 
the alluvial basement and liquefaction sites (Bureau of Port 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 1 Map showing reclaimed areas and periods together 
with liquefied areas 
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and Harbor, Tokyo Metropolitan Government, 2001; Kanto 
Regional Development Bureau, Ministry of Land, 
Infrastructure, Transportation and Tourism, 2011; Ministry 
of Land, Infrastructure, Transportation and Tourism, 2011). 
It is interesting to note that most of the extensively liquefied 
sites are located in areas where the basement depth is 35-40 
meters or more.  

Among the K-NET strong motion stations along the 
Tokyo Bay coast at which digitized time-history data of the 
main shock are available (National Research Institute for 
Earth Science and Disaster Prevention, 2011), soil 

liquefaction was observed near two stations: at K-NET 
Inage (CHB024) and K-NET Tatsumi (TKY017). No 
liquefaction was spotted in the neighborhood of K-NET 
Urayasu (CHB008), which is located north of the old 
coastline in Urayasu city. 

The acceleration time history at K-NET Inage (a 
duration of 100 seconds including principal motions) is 
shown in Figure 3. The peak acceleration was 2.34m/s2 in 
the north-south direction and 2.03m/s2 in the east-west 
direction. Spiky waves occurring around 120 seconds 
suggest a possibility of cyclic mobility of sand in a 
liquefaction process.  Figure 4 shows the running spectrum 
at K-NET Inage, normalized at the spectral peak of each 
10-second interval. The periods become elongated from 0.7 
s to about 4 s between 110 seconds to 140 seconds. This 
suggests that the ground liquefied gradually with cyclic 
loading during the 30 seconds. Figures 5-6 present similar 
data for K-NET Urayasu, where no liquefaction occurred. 
Unlike that at K-NET Inage, the running spectrum at 
K-NET Urayasu shows no apparent changes in the spectral 
peak period. Considering the fact that the principal motion 
with accelerations greater than about 1 m/s2 at the 
non-liquefied Urayasu site lasted about 30 s from 110 to 140 
seconds, complete liquefaction at Inage likely to have 
occurred in the latter part of the principal motion. 
  
Soil liquefaction damage in Urayasu city  

Extensive soil liquefaction occurred in reclaimed area 
along the coast Tokyo Bay, including Shinkiba in Koto ward, 
Urayasu city, Ichikawa city, Funabashi city, Narashino city, 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2 Map showing depth of alluvial deposit and liquefied area
 
 
 
 
 
 
 
 
 
 
 
 
 
 
     Fig. 3 Acceleration time histories at K-NET Inage          Fig. 5 Acceleration time histories at K-NET Urayasu 
               during the main shock                          during the main shock 
 
 
 
 
 
 
 
 
 
 
 
          Fig. 4 Normalized running spectra at Inage              Fig. 6 Normalized running spectra at Urayasu 
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and Mihama ward in Chiba city.  This section reports 
liquefaction damage in Urayasu city, Chiba Prefecture. 

Figure 7 shows a map of Urayasu city, Chiba Prefecture, 
which was covered by this survey, and the years when 
reclamation work was done for each area. The work in the 
area started in around 1964 outside levees along the old 
coastline. In the areas reclaimed in the first phase of the 
project through 1975, many houses, commercial buildings 
and public facilities have been built. Meanwhile, the areas 
completed in the second phase through 1980 have many 
high-rise condominium buildings, universities, hotels and 
storehouses. Vacant lots still dot areas near the coast. Sand 
excavated from the seabed off Urayasu was mainly used to 
fill the reclamation sites. In Urayasu city, a magnitude-6.7 
quake that occurred off eastern Chiba Prefecture on Dec. 17, 
1987 (Chibaken Toho-oki Earthquake), reportedly caused 
liquefaction in such areas as Kairaku 1-chome, Mihama 
3-chome and Irifune 4-chome. 

The authors’ group carried out a survey in the area 
circled with the dotted line in Figure 7. In the survey area, 
no liquefaction damage was observed northwest of the old 
coastline, including the neighborhood of Urayasu Station 
and K-NET Urayasu site.  The survey made the following 
findings that are common to the areas covered. 
1) In many areas where no liquefaction occurred, including 
the Tokyo Disneyland, ground improvement work of some 
kind has been carried out. This has confirmed the 
effectiveness of ground improvement work against 
earthquake jolts with a peak ground acceleration of 2.0m/s2 
caused by the magnitude-9.0 earthquake. 

2) In areas where liquefaction occurred, many sand boils, 
ground settlements as well as settlements and tilts of 
building and houses on spread foundations (Photos 1-3) 
were observed, and gaps were created between 
pile-supported structures and surrounding ground (Photo 3), 
causing damage to piping and other facilities. Underground 
facilities, such as manholes, emergency water tanks and 
parking lots were uplifted (Photo 4), damage was done to 
tap water and sewerage systems, roads had dents and utility 
poles were toppled. But little or no damage to 
superstructures induced by seismic force was observed.  
Even where foundations settled or tilted, few upper 
structures suffered damage as a result. That was because 
many buildings had adopted mat foundations or highly rigid 

            
 
 
 
 
 
 
 
 
 
 
 
 
      Photo 1 Large settlement of a building        Photo 3 Pile-supported building and settled building 
 
 
 
 
 
 
 
 
 
 
 
 
 
       Photo 2 Largely tilted building            Photo 4 Uplift of underground parking lot 

 
 
 
 
 
 
 
 
 
 
 
 

 
 

Fig. 7 Map showing reclaimed period and investigated area 

- 51 -



foundations to prevent damage from liquefaction or uneven 
settlings. 
3) RC houses, and houses whose first floor or 
semi-basement was made of reinforced concrete to prevent 
flood damage, suffered relatively heavy settlement. It was 
probably because their ground contact pressure was greater. 
4) When two buildings stand closely together, they often tilt 
toward each other, as in Photo 2. This is supposed to occur 
because the ground settlement between the two structures is 
greater due to their combined weight loads. When buildings 
face each other across a street, they tend to tilt backward, 
away from each other. The reason is supposed to be their 
proximity to other buildings behind them, which makes 
them tilt toward those closer buildings. 
5) Several pile foundations, including some under 
construction during the main shock, reportedly suffered 
severe damage. 

Based on the field performance of soils and buildings 
including ground settlements as well as settlements and 
tilting of houses, the authors have created a damage map in 
which the extent of soil liquefaction is classified into four 
categories (i.e., no, slight, moderate, and extensive) as 
shown in Figure 8. It can be confirmed that, 
liquefaction-induced damage was not seen on the north of 

the old coastline as of 1964 but was widely developed in the 
area reclaimed after that year. The areas that had 
experienced liquefaction in the 1987 Chiba-ken Toho-oki 
Earthquake did re-liquefy.  The degree of damage, 
however, varies from place to place within the reclaimed 
areas.  In particular, some of the reclaimed zone escaped 
any liquefaction damage probably due to ground treatment 
including remedial measures against soil liquefaction. 
   
Ground structure and liquefaction damage in Urayasu 
city 

Figure 9 is a cross section of the ground of Urayasu city 
along the A-A’ survey line in Figure 7. Figure 10 shows 
altitudes based on a digital elevation model with 2-x-2 m 
data spacing that was determined with an airborne scanning 
laser survey made before the quake (December 2006).  
The altitude is 0 to 2 meters north of the old coastline of 
1964, 2 to 4 meters between the 1964 coastline and the 1971 
coastline to the south, and 3 to 7 meters in land reclaimed in 
or after 1979. The altitude is especially high in a park near a 
coastal levee in Akemi.  Figure 9 shows that in reclaimed 
land, earth filling or sand is mostly deposited between the 
sea level and the depth of 10 meters in the ground. The 
N-value, which indicates soil strength, is very small at 10 or 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
           Fig. 8 Map showing liquefied area                   Fig. 10 Map showing elevation of Urayasu city  
                                                                     before the main shock 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
          Fig. 9 Geological section along A-A’ line          Fig. 11 Map showing thickness of alluvial soil in Urayasu city
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lower at most places. Underlying below are deep silt and 
cohesive soil layers, with N-values of mostly 0 to 3.   

Figure 11 shows depth distribution for the 
sedimentation of soft ground. Buried valleys of about 60 
meters deep exist directly below Minato, Imagawa, Akemi 
and Irifune areas, causing complicated changes in the 
thickness of soft ground in those areas. It can also be seen 
by comparing Figures 9 and 11 that the depth of engineering 
foundation, with the N-value of 50 or greater, along the A-A’ 
line (northwest to southeast) is about 20 meters below the 
sea level near the old coastline on the north side, and about 
50 meters below the sea level in the area closest to the sea, 
meaning that the depth becomes greater toward the sea (in 
the southeast direction). By comparison, along the northeast 
to southwest line, which is perpendicular to the A-A’ line, 
the depth becomes greater in the southwest direction. 

Figure 12 shows grain size distribution of boiled sand 
samples collected at locations shown in Figure 7. The 
samples each have high fine-grain content ratios, at 15 to 70 
percent. Those fine grains are believed to be non-plastic fine 
sand or silty sand, which correspond to the composition of 
the sand layer in reclaimed land up to 10 meters below the 
sea level. This suggests that the reclaimed sand layer was 
liquefied at the time of the jolts. 

Figure 13 shows depth distributions of the N-value of 
earth filling or sand layers at each area of Urayasu in gray. 
The average is shown in red. The data was obtained from 
the Chiba prefectural government and the authors’ own 
survey. For the Akemi-Hinode area, separate graphs were 
given for the northwestern and southeastern districts, 
because the extent of the damage was distinctively different 
between them. It can be seen in the figure that the N-value 
in the sand layer was extremely small in Tomioka, Imagawa 
and Akemi-Hinode (northwest), but large in the 
neighborhood of Urayasu Station, which is not reclaimed 
land, and in Akemi-Hinode (southeast), which is reclaimed 
land but which is the highest in altitude. The thickness of 
earth filling and sand layers was different from place to 
place, with Maihama, Mihama-Irifune, Takasu and 

Akemi-Hinode marking high figures. 
Comparison of these findings with liquefaction damage 

suggests the following: 
1) On the land side of the old coastline of 1964 or before, no 
liquefaction was observed even though the altitude is low 
and so the groundwater level is shallow. And in this area, the 
N-value is higher than in recently reclaimed land where 
liquefaction occurred. These facts suggest a possibility that 
“aging effect” of soil may have worked in mitigating 
liquefaction. 
2) In Akemi-Hinode area (southeast), the N-value is 
relatively high and liquefaction damage was minor. It could 
be surmised that differences in reclamation materials and 
method of reclamation may have affected the degree of 
damage. Furthermore, the area’s altitude is rather high, 
indicating a possibility that differences in altitude may have 
also affected the extent of damage. This may be because, 
when the altitude is high, the groundwater level becomes 
relatively low and the compression of the silty sand layer 
below the groundwater level has progressed. 
3) Comparison of Figures 8 and 11 shows that major 
liquefaction damage tended to occur just above or near 
buried valleys. Therefore, it cannot be denied that 
differences in ground surface response due to differences in 
thickness of alluvial deposits could have affected the 
occurrence of liquefaction and to its extent.  
 
Liquefaction damage in Urayasu city and liquefaction 

 
 
 
 
 
 
 
 

Fig. 13 Distribution of N-value with depth at selected districts in Urayasu city 
 
 
 
 
 
 
 
 
 

Fig. 14 Distribution of factor of safety against liquefaction with depth at selected districts in Urayasu city 

 
 
 
 
 
 
 
 
 
 

Fig. 12 Grain size distribution curves of boiled sands 
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prediction 
Figure 14 are the results of liquefaction evaluation 

made with a method specified in the Architectural Institute 
of Japan’s guidelines for basic structural design (2001), 
using the average N-value for each area (Figure 13), a peak 
ground acceleration of 2.0m/s2 and at magnitude 9.0. The 
ground water level is set at the average for each area, and 
the fines content was set at three different levels—15%, 
25% and 35%. 

The FL-value (safety factor against liquefaction) came 
to 1 or more at most depths in the neighborhood of Urayasu 
Station, where no liquefaction damage was observed, and in 
the Akemi-Hinode (southeast) area, where only minor 
damage was seen. But in other places, the FL-value turned 
out to be lower than 1. Especially in Mihama-Irifune, 
Takasu and Akemi-Hinode (northwest), there are a sequence 
of layers with the FL-value of lower than 1 until the depth 
of nearly 20 meters. These results agree with the actual 
damage situation. 

Table 1 shows comparison of the average figure of 
estimated ground settlement based on N-value distribution 
in each area in Figure 13 (calculation made under the AIJ 
guidelines), and the actual, measurements. Because 
fine-grain content ratio was not clear in many areas, 
estimates were made for 15%, 25% and 35%. 

With fines content at 25%, the estimated settlement was 
6 centimeters near Urayasu Station and 11 cm in 
Akemi-Hinode (southeast). But in other areas where 
liquefaction was severe, the estimate was 16 to 33 cm, with 
the highest figure for Akemi-Hinode (northwest). These 
estimates were generally in agreement with the tendency in 
actual figures. Even though a review is necessary after 
clarifying fines content for each area and each depth, it can 
be said that the current design guidelines were able to 
predict, with a reasonable degree of accuracy, the possibility 
of liquefaction and degree of damage. 
 
LIQUEFACTION DAMAGE IN THE TONE RIVER 

REGION 
Soil liquefaction occurred around the Tone River basin, 

as shown in Figure 15 (Kanto Regional Development 
Bureau, Ministry of Land, Infrastructure, Transportation and 
Tourism, 2011).  Houses suffered damage due to 

liquefaction in Kuki city and Satte city, Saitama Prefecture, 
and in various places in Chiba and Ibaraki Prefectures. 
 
Damage in Katori city (Sawara area), Chiba Prefecture 

Waterways leading to the Tone River crisscross the 
Sawara area of Katori city. A comparison with a 1955 map 
shows that much of the area and its waterways used to be 
marshes and river channels. Liquefaction damage was 
particularly conspicuous in reclaimed land, including land 
along the waterways. Settlement and tilt of spread 

Table 1 Estimated and observed ground subsidence 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Fig. 15 Map showing liquefied areas along the Tone river 
(Kanto Regional Development Bureau, Ministry of Land, 

Infrastructure, Transportation and Tourism, 2011) 
 
 
 
 
 
 
 
 
 
 
 

 
Photo 5 Lateral ground spreading towards the river 

 
 
 
 
 

 
 
 
 
 
 
 

Photo 6 House damaged by lateral spreading 
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foundation buildings, settlement of ground adjacent to 
pile-supported buildings, uplift of buried structures, and 
road surface irregularities and slumps were observed in 
many places. Along waterways, liquefaction-induced lateral 
spreading occurred, and the following damage was also 
observed. 
1) Due to liquefaction-induced lateral spreading, the stream 
became narrow and the riverbed lifted (Photo 5). The 
ground behind the embankment also settled greatly and 
shifted horizontally, causing damage to a bridge across the 
stream. 
2) Houses and other structures near the embankment had 
their foundations tilted, as if pushed toward the stream, and 
some collapsed (Photo 6). Those which collapsed were 
generally old structures that lacked foundation rigidity. A 
gap of up to 50 cm emerged between pile supported 

buildings and the ground surrounding them. 
 
Itako city (Hinode area), Ibaraki Prefecture 

The Hinode area of Itako city saw large quantities of 
sand boiling as a result of liquefaction, which caused spread 
foundation buildings to tilt or settle, ground to settle around 
buildings supported by a pile foundation, buried structures 
to be uplifted and roads and sidewalks to have dents and 
bumps as a result of ground settlement, which also left 
utility poles tilted. Water supply and sewer systems were 
both blocked in the entire Hinode area immediately after the 
earthquake. Liquefaction damage was larger in the southern 
part of the area, through which the Hitachi-Tone River, a 
tributary of the Tone River flowing out of Lake 
Kasumigaura, runs. The degree of ground settlement was 
accordingly larger in the south, at 40-50 cm near the Itako 
Sewage Treatment Plant, than in the north at 10 cm or less. 

A look at a 1955 map finds that the Hinode area 
corresponds to the former Uchinasakaura reclamation land 
(project: 1934-1949).  Wakamatsu (1991) has earlier 
reported liquefaction damage in the Hinode area from the 
Chibaken Toho-oki Earthquake of 1987. In the March 
earthquake, liquefaction occurred on a far greater scale and 
affected much wider areas, bringing about more serious 
damage to lifelines, including tap water and sewer systems. 
 
Kamisu city, Ibaraki Prefecture 

The March earthquake severely damaged a water 
purification plant in Kamisu city’s Wanigawa area (partly in 
Kashima city), maiming water pipes leading to water 
distribution facilities and cutting off water supply to 
neighboring communities. 

At the Wanigawa purification plant, liquefaction 
induced ground settlement of up to about 50 cm and uplift 
of a public utility duct by up to 50 cm (Photo 6). This 
resulted in a gap of up to 40 cm in the vertical direction 
between pile supported building and the duct, which severed 
some of the wiring inside the duct. Horizontal gaps of up to 
15 cm also emerged at many joints of the duct, leading large 
quantities of sand to flow into the duct, which added to the 
scale of ground settlement. Liquefied ground also caused 
lateral spreading toward a regulation reservoir at the center 
of the site, exacerbating ground settlement and raising the 
water level in the reservoir, inundating roads in the plant. 

In the Fukashiba and Horiwari areas, liquefaction 
induced large quantities of sand boiling, causing settlement 
and tilt of spread foundation buildings (Photo 7), settlement 
of ground adjacent to buildings supported by a pile 
foundation, uplift of buried structures and bumps and dents 
in roads and sidewalks. Boiled sand in Fukashiba measured 
up to 50 cm thick in some places. When several structures 
stand close together, they tended to tilt toward the center, 
where settlement is larger in scale (Photo 8). Several houses 
located at the end of filled land tilted in the direction of 
lower ground (outside the land) as the earthfill collapsed due 
to liquefaction (Photo 7). The northern part of the Horiwari 
area saw serious damage—an underground drain was 
uplifted and houses standing along a street settled by up to 

 
 
 
 
 
 
 
 
 
 
 
 
 
      Photo 7 Uplift of buried conduit 
 
 
 
 
 
 
 
 
 
 
 
 
 
         Photo 8 Tilted building on the edge of fill 
 
 
 
 

 
 
 
 
 
 
 
 
 

Photo 9 Larger settlement occurring in the middle 
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50 cm vis-à-vis the road surface or adjacent houses, but the 
southern part suffered only minor damage. Puddles of water 
had formed in all of these liquefaction areas, indicating that 
groundwater level was extremely shallow. 

A 1955 map of the Kasumigaura area shows the 
Wanigawa area and the northern part of the Horiwari area 
correspond to the Wanigawa reclamation land at that time 
(project: 1928-1942).  The reclaimed land was later 
developed into residential land, where the March temblor 
triggered liquefaction.  The southern part of the Horiwari 
area, which suffered only minor damage from liquefaction, 
meanwhile, used to be conifer forests. In the Fukashiba area, 
residential districts that were once used as rice paddies 
suffered major damage, while land plots along an old main 
road and old communities suffered little damage.  A stone 
monument in Fukashiba area shows that, to improve 
farmland, soil treatment including dredging was done in 
1957-1959 around which extensive soil liquefaction 
occurred in March.  This might have worsened 
liquefaction damage. 
 
PILE DAMAGE IN THE KANTO REGION 

It has been reported that some piles were damaged in 
the non-liquefied and liquefied ground.  This paper 
describes the cases in Urayasu City and Saitama Prefecture. 
 
Lightning poles in the playing field in Urayasu City 

Piles of lightning poles in the playing field in Urayasu 
City (Maihama) were damaged du to soil liquefaction.  
The pile profile is 48m long, having diameters of 0.6 m, 
which consists a prestressed high strength concrete pile at 
the upper 10 m and a steel pipe-concrete composite pile at 
the lower part.  The piles were under construction with a 
small footing in the earthquake.  Due to severe liquefaction, 
the ground moved laterally in the earthquake.  As a result, 
all piles were deformed having a residual deformation of 
100 mm to 500 mm.   

A survey with a borehole camera and an inclinometer 
shows that the piles have bent below 10 m below the pile 
head (Figure 16).  An inclination of the pile reached about 
1/15.  At the corresponding depth, the inner side of the pile 
has cracked with peeling off of concrete surface.  This 
confirms that the pile has damage at the joint of prestressed 
high concrete pile and steel pipe-concrete pile. 
 
Elementary school building in Saitama Prefecture 

An elementary school building, whose piles were 
damaged, is an L-form reinforced concrete building 
(four-story), completed in 1977-1978.  Piles are reinforced 
concrete piles with a length of 36 m and a diameter of 450 
mm.  The ground around the building does not consists 
liquefiable soil but consists humus soil.  The humus layer 
is thicker in the short side of the L-form building than in the 
longe side.  In the earthquake, the piles of the short side 
had damage at their head, causing a settlement of the 
structure of the short side.  The magnitude of settlement 
reached 500 mm.  In contrast, the piles of the long side had 
no damage.  As a result, level difference between the short 
and long sides developed, causing shear failure of walls 
between the two sides (Photo 10). 

An excavation survey after the quake showed that the 
humus soil layer lying below the school building had large 
settlement.  The settlement is larger in the short side of the 
L-form building than is the long side.  Namely, the 
settlement is large on the side, in which the humus layer is 
thick.  This finding confirms that the piles, which were 
sticking out the ground, had been damages severely.   
 
 
TOHOKU REGION 
Lowland of Sendai city 
i) K-NET Sendai (MYG013) 

Sand boiling occurred in the neighborhood of K-NET 
Sendai in Nigatake, Miyagino Ward, in Sendai city 
(MYG013, at Miyagino Fire Station), where ground 
adjacent to pile supported buildings settled by about 3 cm. 
Most of the settlements reportedly took place just after the 
main shock. No structural damage was observed to the 
buildings themselves. At the K-Net Sendai station, peak 
ground accelerations in the NS and EW directions during 
the main shock were 15.15m/s2 and 9.77m/s2. 

Figures 17-18 show, respectively, acceleration time 
history and the running spectrum of the main shock 
normalized at the spectral peak of each interval. Figure 17 
shows spiky waves at around 90 seconds, indicating a 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Fig. 16 Pile deformation 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 10 Shear failure of concrete walls 
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possibility of cyclic mobility of sand due to liquefaction. 
Figure 18 shows that the peak period was elongated from 
0.6 s to about 1 s at around 90 s. These suggest that excess 
pore water pressure at some depth in the ground may have 
reached a certain peak around this time or become equal to 
the initial effective stress, triggering soil liquefaction. But 
the peak period of 1.0 s continued only for about 15 seconds 
and then decreased.  This indicates that liquefaction may 
have been incomplete, or that increased excess pore water 
pressure may have gone down due to quick water drainage, 
probably because the layer with increased water pressure 
was thin or because the permeability of the ground was 
high. 
ii) Pile damage in Sendai city 

In the western part of Oroshimachi-Higashi area, soil 
liquefaction induced sand boiling, settlement of ground 
adjacent to structures supported by a pile foundation, uplift 
of buried structures, and bumps and dents in roads and 
sidewalks. Settlement of ground surrounding pile supported 
buildings measured about 10 to 20 cm.  At least two 
buildings apparently supported by a pile foundation tilted 
remarkably.  A similar pattern of building damage 
associated with pile failure involving soil liquefaction was 
observed in the Fukumuro area. A 14-story, steel-reinforced 
condominium complex, consisting of two buildings 
connected in an L-form with expansion joints, had pile 
damage.  It was completed in 1976. Along the bottom of 
the letter L (on the south side) runs a national highway. It 
has been reported that the complex’s nonstructural walls 
suffered shear fractures in the 1978 Miyagiken-oki 
Earthquake. In the March quake, the southern building tilted 

by about 1 degree southward as its foundation on the south 
side settled. There were large cracks in nonstructural walls 
of various parts of the building, but no significant damage 
was observed in the major structural components. The 
ground settlements around the neighboring buildings were 
about 10 cm. 
 
Hilly land of Sendai city 

There are many residential lands developed with 
cut-and-fill in Sendai city (Fukkenn Gijutu Consultant Co., 
Ltd., 2008).  The thickness of cut and fill in the area varies 
from almost zero to about 30 m.   
i) Oritate 5-chome in Aoba Ward, Sendai city 

The Oritate housing complex was built in the latter half 
of the 1960s, and put on sale in the first half of the 1970s. 
Any geotechnical problem was reported on the complex in 
the 1978 Miyagiken-oki Earthquake (the Architectural 
Institute of Japan, 1980; and the Tohoku branch of the Japan 
Society of Civil Engineers, 1980). 

Figure 19 shows a damaged area in Oritate 5-chome, 
where many retaining walls were broken. At the lower part 
of a slope (P1 in Figure 19), retaining walls had collapsed as 
if pushed out by backfill soil (Photo 11). Above that point, at 
P2, ground under a retaining wall was raised. It is believed 
that the earthfill had moved toward the street, exerting a 
compressive force.  At a somewhat high point on the slope 
(P3), there were major cracks in a residential land plot. At a 
high part of the slope, there were also retaining walls with 
tensile cracks.  Figure 19 shows the points of tension and 
compression found from these examples, suggesting that 
landslide occurred in the hatched part in the figure. A 
comparison with an old topographical map (around 1964) 
shows that the landslide area roughly corresponds to a 
valley in the old landscape. The March earthquake 
apparently led the entire earth and sand used to fill up the 
valley to shift. 

A house that straddles the landslide area and a cut slope 
was broken around the boundary (P5). Severe damage to 
houses concentrated at the foot of the landslide area, shown 
with a shade in Figure 19 (Photo 12). Damage was greater 
at the end of the landslide block because ground 
deformation became greater in both horizontal and vertical 
directions. 
 
ii) Aoyama 2-chome in Taihaku Ward, Sendai city 

The Aoyama housing complex there was built in the 
latter half of the 1960s. A number of cracks, bulges and 
collapses of retaining walls was observed during the 1978 
Miyagiken-oiki Earthquake (Architectural Institute of Japan, 
1980). According to residents’ accounts, some houses that 
had their foundations broken in the 1978 quake had the 
same misfortune during the 2011 main shock. 

Figure 20 shows the damaged area in Aoyama 2-chome. 
A major crack had formed in a housing lot in the upper part 
of the slope (P1 in Figure 20). The crack was as deep as 70 
cm. Closer to a valley at P2, the retaining wall shifted about 
1 meter to the valley side, causing ground to sink and 
leaving a void below the foundation, as in Photo 13. At the 

 
 
 
 
 
 
 
 
 
 

 
 
 

Fig. 17 Acceleration time histories at K-NET Sendai  
during the main shock 

 
 
 
 
 
 
 
 
 
 
 

Fig. 18 Normalized running spectra at Sendai 
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lower part of the slope, a residential land plot was destroyed 
as if pushed out, as in Photo 14 (At P3 in Figure 20). Figure 
20 shows the points of tension and compression found from 
these examples, which indicates that the landslide area was 
a shaded part in the figure. Comparing it with an old 
topographical map (around 1964) finds that the area roughly 
coincides with an earth cliff in the old landscape. The 
landslide occurred in the residential land developed by 
widening earthfill along the cliff. Residents said that the 
groundwater level in the neighborhood is extremely shallow 

at about 1 meter deep, which is considered to be a factor 
leading to the landslide. 

Some buildings at the lower part of the landslide block 
suffered severe damage as a whole (P4 in Figure 20). In 
Aoyama 2-chome, ground shift was large in scale in the 
upper part of the landslide block, severely damaging many 
detached houses there. Some of the entirely collapsed 
houses had had their superstructures reinforced against 
earthquakes. This fact suggests the need to make a 
comprehensive judgment on anti-seismic reinforcements, 
considering not just superstructures alone but also 
foundations and land plots.  Residents said ground cracks 
and bulges of retaining walls were created initially by the 
main shock of March 11 and became worsen each time an 
aftershock hit. The April 7 aftershock, in particular, 
exacerbated ground deformations and destroyed foundations, 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 19 Map showing damage area in Oritate 5-chome 
 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 11 Damage to retaining wall 
 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 12 Damage to wooden house 

 
 
 
 
 
 
 
 
 

 
 
 
 
 Fig. 20 Map showing damage area in Aoyama 2-chome 

 
 
 
 
 
 
 
 
 
 
 
 

 
Photo 13 Damage to foundation of wooden house 

 
 
 
 
 
 
 
 
 
 

 
 
 

Photo 14 Failure of reclaimed fill 
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suggesting a possibility of progressive failure of the ground. 
 
Tsunami-induced damage to structures along the Sanriku 
coast 
i) Onagawa, Miyagi Prefecture 

Figure 21 is an aerial photo (by Google Earth) of 
Onagawa town. Point P1 stands for the location of Onagawa 
town hospital. The tsunami surged up to the first floor of the 
hospital, which stands on a hill 16 meters from the sea level. 
The inundation height in Onagawa was about 17 meters. 

At point A, a four-story, steel-frame building, supported 
by a pile foundation, was swept by about 10 meters toward 

the mountain side and toppled sideways (Photo 15).  The 
building apparently floated by the tsunami’s force and was 
carried away, and then toppled. The foundation of the 
building had pile caps, each supported by two or three piles. 
The toppled building had one pre-stressed concrete (PC) 
pile with a diameter of 300 mm hanging from its foundation. 
All the other piles had broken away at their connections 
with the pile caps. The joints were made of filling concrete, 
which was weak. Most of the concrete was destroyed, with 
reinforcing steel alone left behind. The pile head joints were 
possibly damaged by the earthquake and then fractured by 
the ensuing tsunami. 

At point B, a four-story, reinforced concrete building 
with a pile foundation lay on its side (Photo 16). The 
building used to stand at point B0, from which it was swept 
toward the mountain side by about 70 meters. A PC pile 
with a diameter of 300mm was hanging from the pile cap. 
The pile’s head barely remained connected with the cap by 
reinforcing steel, but the rest of the pile suffered 
comparatively minor damage. Most of the other piles were 
found at point B0, either fractured at their heads or head 
joints, or pulled from the ground with damage at or near 
their heads. The state of destruction of these piles showed 
that bending and tensile forces had applied. At a 
neighboring five-story, reinforced concrete building (at P2), 
adjacent ground apparently settled, indicating soil 
liquefaction. It is possible that, when soil liquefaction had 
lowered the shear strength of the ground, horizontal and 
buoyant forces of the tsunami applied to the building, 
pulling the piles out of the ground or causing complete 
failures at the pile heads.  At point D, a two-story, 
reinforced concrete building with a pile foundation (police 
box) was tipped over sideways. The adjacent ground 
apparently settled similarly, indicating soil liquefaction 
occurred in the neighborhood. 

Point J is the site of the Marine Pal Onagawa 
(three-story, reinforced concrete building), a tourist facility 
on the coast. Facing the sea, this facility was apparently hit 
directly by tsunami. Soil was badly washed away around its 
foundation and part of the ground was lost, but no tilt or 
shift was observed. There was no damage to its structure, 
either. 
 
ii) Rikuzentakata, Iwate Prefecture 

Figure 22 is an aerial photo (by Google Earth) of 
Rikuzentakata city after the March 11 earthquake and 
tsunami. Iwate Prefectural Takata Hospital is located at 
point A in Figure 22. Tsunami waters reached the hospital’s 
fourth floor. The inundation height was 14 to 15 meters. 
Some footings were exposed as tsunami washed soil away, 
but the building escaped settlement or tilt. There was 
damage apparently caused when some drifting object hit, 
but damage to the structure itself was minor. 

At point B, a two-story, reinforced concrete building, 
which appeared to be a house, lay upside down (Photo 17). 
There were traces of piles in one of the pile caps. The joint 
between the caps and piles was fragile. The building was 
surrounded with debris, and its original location was not 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 21 Aerial photo of Onagawa taken  
after the main shock, after Google Earth 

 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 15 Toppled building A 
 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 16 RC building B carried 70 m away and toppled 
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known. At point C, there was also a two-story reinforced 
concrete building that had similarly turned over. Its original 
location was not available, either. At point D, a two-story, 
reinforced concrete building with a spread foundation was 
toppled over sideways, from the sea side to the mountain 
side. At point E, in contrast, another two-story, reinforced 
concrete building was toppled from the mountain side to the 
sea side.  
 
CONCLUSIONS 

Field surveys on building damage associated with 
geotechnical problems in the 2011 Tohoku Pacific Ocean 
Earthquake have found the following: 
1) Liquefaction occurred around Tokyo Bay and in the Tone 
River basin generally in land areas reclaimed in relatively 
recent years. In some places, liquefaction caused severe 
sand boils and ground settlement of up to 50 cm, leading to 
damage such as tilt and settlement of wooden and reinforced 
concrete buildings with spread foundations, uplift of buried 
structures and slumps of roads. Liquefaction also caused a 
major gap between pile-supported buildings and 
surrounding ground, but no structural damage was observed 
in superstructures. Buildings with a spread foundation that 

had high rigidity, such as mat foundation, did not suffer 
structural damage to their superstructures, even when they 
settled or tilted. 
2) Degree of liquefaction differed from place to place even 
within the same city, and may depend on such factors as the 
thicknesses of reclaimed fill and alluvial deposit, the altitude 
or groundwater table, and the presence of ground 
improvement, as well as the reclamation year, and the 
method and material used for reclamation.  
3) Some of boiled sand samples collected had high fines 
content, indicating that fine grained sands had liquefied. 
4) The currently available liquefaction evaluation procedure 
appeared to have performed well in predicting the 
occurrence of soil liquefaction as well as the degree of 
resulting ground settlements. But there is need to obtain 
more detailed data on ground and scrutinize the adequacy of 
those methods.  
5) In Sendai city and the Tokyo bay area, several 
pile-supported buildings suffered tilt and settlement, 
indicating damage to their pile foundations, mostly 
accompanied by sand boils and liquefaction-induced ground 
settlement nearby. 
6) Damage to houses in the Oritate and Aoyama areas of 
Sendai city was not caused simply by collapses of retaining 
walls but involved earthfill slides that destroyed their plots 
of land. Piecemeal work to reinforce retaining walls may 
fail to prevent future damage to residential land; large-scale 
landslide prevention measures are necessary as a public 
works project. 
7) In Onagawa and Rikuzentakata, where tsunami was 
extremely high, many two- to three-story, reinforced 
concrete buildings toppled sideways or overturned, even 
though they are considered rather stable against a horizontal 
force due to their relatively small aspect ratios. In addition 
to the pressure of the tsunami that far surpassed their heights, 
the water’s buoyancy force is believed to have caused them 
to topple. 
8) In Onagawa and Rikuzentakata, pile foundations were 
destroyed, leading steel buildings and reinforced concrete 
buildings to be swept away and topple. Most of the pile 
destructions occurred at pile cap-pile joints or near pile 
heads. Toppled pile supported buildings were rather old, and 
apparently were not built with seismic design. For this 
reason, cap-pile joints, or piles themselves, suffered a 
certain extent of damage from the earthquake, becoming 
unable to withstand the tsunami’s wave pressure and 
buoyancy force. 
9) In Onagawa, some of pre-stressed concrete piles of two 
toppled buildings were pulled away from ground despite 
damage on their head joints. It was partly because tsunami’s 
horizontal and buoyancy forces applied to the piles when 
ground liquefied and its shear strength reduced. They were 
pulled off the ground despite the damage to their heads, 
having retained enough strength not to break apart in the 
face of the pulling force. 
10) Large-scale, newly built structures, such as Marine Pal 
Onagawa, did not tilt or shift despite being directly hit by 
the tsunami. No structural damage was observed in the 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 

 
 

Fig. 22 Aerial photo of Rikuzen-takata taken  
after the main shock, after Google Earth 

 
 
 
 
 
 
 
 
 
 
 
 
 

Photo 17 Overturned building B 
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buildings, including their foundations. 
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Abstract:  The 2011 Tohoku Pacific Earthquake of March 11 caused extensive damage due to soil liquefaction, 
triggering major deformation and eventual collapse of levees.  At the same time, effectiveness of measures to counter 
liquefaction of foundation of levees was confirmed in many places.  In addition, measures for seepage control, such as 
cut-offs with steel sheet piles for foundation under-seepage and horizontal drainage layer for seepage through 
embankment, were also effective to mitigate liquefaction-induced large deformation of levees in some places.  This 
paper focuses on effects of the horizontal drainage layer for the seepage control on mitigation of liquefaction of levee 
body and reports results of preliminary numerical analyses on the levee survived in the earthquake. 

 
 
1.  INTRODUCTION 
 
The 2011 Tohoku Pacific Earthquake of March 11 caused 
extensive damage due to soil liquefaction, triggering major 
deformation and eventual collapse of levees.  Levees 
suffered damage from earthquake-induced liquefaction in 
wide areas along the Pacific Coast in the Tohoku and Kanto 
Regions of north-eastern Japan.  Figure 1 shows locations 
at which emergency repair work was carried out at levees 
along major rivers under direct management of the central 
government.  In the Tohoku Region, damage was 
especially conspicuous in the Osaki Plain (an alluvial plain 
formed by flooding of the Naruse and Eai Rivers) in 
northern Miyagi Prefecture.  In the Kanto Region, the 
lower reaches of the Kuji, Naka and Tone Rivers were all 
notably affected. 

River levees may be damaged by liquefaction in two 
ways: one pattern involves liquefaction at the foundational 
ground, while the other results from liquefaction of the lower 
portion of the levee itself.  The former is a typical form of 
earthquake-induced damage to levees, which occurs when 
foundation ground has liquefied to such an extent it can no 
longer support the levee, causing settlement or resulting in 
longitudinal cracks.  The latter normally occurs where a 
foundation consists of clay or other types of soft soil that do 
not liquefy, yet where such ground has subsided 
considerably over time as a result of levee construction, 
leaving the lower level of the levee exposed to liquefaction. 
This pattern has only rarely been reported in past 
earthquakes (TC4 of ISSMGE, 2001), but occurred in 
several different places in the course of the earthquake in 
2011. 

Although many levees were damaged due to 
liquefaction as mentioned above, effectiveness of measures 

 

(a) Tohoku Region 

 
(b) Kanto Region 

Figure 1: Sites where emergency levee repairs have been carried 
out along rivers managed directly by the central government 
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to counter liquefaction of foundation of levees was 
confirmed in many places.  At the Naruse River, levees 
rebuilt on the ground improved by the Deep Mixing Method 
after the 2003 Miyagiken- Hokubu Earthquake remain intact 
after the earthquake.  The levee on the foundation 
improved by the Sand Compaction Piles prior to the 
earthquake in 2003 (Takahashi & Sugita, 2009) also 
survived in the 2011 Tohoku Pacific Earthquake, even 
though the surface was eroded due to the overtopping of the 
tsunami. 

In addition, measures for seepage control, such as 
cut-offs with steel sheet piles for foundation under-seepage 
and horizontal drainage layer for seepage through 
embankment, were also effective to mitigate 
liquefaction-induced large deformation of levees in some 
places.  Obviously these are not intended to counter 
liquefaction.  However the former mitigated the 
liquefaction-induced lateral spreading of the foundation 
ground, while the latter mitigate the liquefaction of the lower 
level of the levees. 

This paper focuses on effects of the horizontal 
drainage layer for the seepage through embankment on 
mitigation of liquefaction of levee body and reports results 
of preliminary numerical analyses on the levee survived in 
the earthquake. 
 
 
2.  LEVEE WITH AND WITHOUT HORIZONTAL 
DRAINAGE LAYER 
 
As mentioned in the previous section, the levees were 
heavily damaged in the Naka River.  On the left levee, clear 

contrast in the seismic levee performance was found in the 
upstream and downstream of River Kilometre 7.0 (L7.0k).  
Figure 2 shows surface drift map around the site and profile 
of the foundation ground along the levee.  As seen in the 
figure, no marked difference exists in the foundation ground 
and the current levee is built on the natural levee.  
According to the post-mortem sounding, the SPT N-value of 
the levee body is around 10, that at the As1 is ranging from 
20 to 25, and that at the clay layers is around five. 

In the upstream of L7.0k, the horizontal drainage layer 
was placed in the bottom of the levee and no marked 
earthquake-induced damage was found, while a number of 
wide longitudinal cracks were found in the downstream as 
shown in Fig. 3.  Typical cross-sections of the levee with 
and without drainage layer are shown in Fig. 4.  Except the 
drainage layer near the toe of the levee, marked difference 
cannot be seen in the cross-sections. 

Since the SPT N-value at the sand layer underneath 
the clayey layer is relative large as mentioned above, 
liquefaction of the foundation ground may have not been the 
major cause of the levee damage.  Probably the 
liquefaction of the lower level of the levee or that of the sand 
layer underneath the fill may have taken place in the 
downstream of L7.0k and the horizontal drainage layer may 
have had some effects, such as lowering of the water level in 

 

(a) Surface drift map 

(b) Profile of foundation ground along levee 
Figure 2: Surface drift map and profile of foundation ground along 
levee in Naka River (Left levee around L7.0k) 

 

Figure 3: Typical damage in downstream of L7.0k in Naka River 
 

 
(a) At L7.0k (without drainage layer) 

 
(b) At L7.5k (with drainage layer) 

Figure 4: Cross-sections of levee with and without drainage layer 
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the levee or helping quick dissipation of the excess pore 
water pressure during earthquake, on mitigating the 
earthquake-induced deformation of the levees in the 
upstream of L7.0k. 
 
 
3.  PRELIMINARY NUMERICAL ANALYSES ON 
LEVEE WITH DRAINAGE LAYER 
 
To examine effects of the drainage layer on the seismic 
performance of the levee, preliminary numerical analyses 
was undertaken.  Target cross-section is at L7.5k in the 
Naka River (See Fig. 5).  As an input motion, the 
earthquake motion recorded not so far from the site is used 
with adjusting the magnitude by considering amplification 
of the ground response.  Figure 6 shows the time history of 
the input motion.  The finite element analysis code 
developed by the author (e.g., Takahashi et al., 2010) was 
used. 

In the analysis, two cases are considered; with and 
without drainage layer.  In the case without drainage, it is 
assumed that the highest water level exists around the 
middle of the levee body, while it is 0.5m lower for the case 
with drainage.  All the soil parameters used in the analysis 
are the same for both the cases. 

Distributions of the excess pore water pressure ratio at 
100 and 200 sec. for both the cases are shown in Fig. 7.  
Here the excess pore water pressure ratio is defined as the 
relative magnitude of the excess pore water pressure to the 
initial overburden pressure.  At 100 sec., just after the peak 
of earthquake motion, the build-up of the excess pore water 
pressure in the sandy layer underneath the clayey layer is 
moderate and that at the lower portion of the levee remains 

small in both the case.  After the main shock at 200 sec., 
due to the upward dissipation of the excess pore water 
pressure, the excess pore water pressure ratio at shallower 
portion of the sandy layer underneath the clayey layer gets 
close to unity.  At the lower portion of the levee, due to 
redistribution of the excess pore water pressure during the 
course of dissipation, the excess pore water pressure 
increases a little in the case without drainage, but far from 
liquefaction. 

Figure 8 shows deformation of levees at 200 sec. for 
both the cases.  By introducing the drainage layer, lateral 

 
Figure 6: Input motion 

(a) Without drainage at 100 sec. 

(b) Without drainage at 200 sec. 

(c) With drainage at 100 sec. 

(d) With drainage at 200 sec. 

Figure 7: Distributions of excess pore water pressure ratio 

 

Figure 5: Analytical domain 

0 100 200
-400

-200

0

200

400

Time: sec

A
cc

el
er

at
io

n:
 g

al

Bs

As

2m

12
m

72m

9m 6m 9m

3m

Drainage

24m 24m

                                                  As                                                                                                                        Ac

- 65 -



 

 

stretching of the levee is mitigated.  However, difference is 
not so large.  Time histories of settlement of levee crown 
are shown in Fig. 9.  At the centre of the levee reduction in 
the settlement by drainage at 200 sec. is about 10%, while at 
the shoulders about 20% reduction can be seen.  Perhaps 
underestimation of the water level lowering effect of the 
drainage may have caused less difference in the seismic 
performance of levee with and without drainage. 

As described above, effects of the drainage layer on 
mitigation of the levee deformation are unexpectedly small, 
while marked difference was seen at the site.  Although 
detailed checking of modelling is required, possible reasons 
may be as follows: 
(1) Importance of modelling of construction sequence:   

If loosening of the central part of the levee occurred 
during the course of the subsidence of the foundation 
clayey ground; this has to be properly modelled.  (In 
this study, such an effect is not considered.)  If that is 
the case, neglecting of this may result in 
underestimation of the levee deformation for the case 
without drainage. 

(2) Limitation of ordinary finite element analysis 
considering soil-water coupling:   
When the saturated lower portion of the levee is 
laterally stretched, the excess pore water pressure can 

be negative (in Fig. 6, even though the negative excess 
pore water pressure appears at the lower portion of the 
levee and the sandy layer underneath the levee, they 
are plotted with blue), resulting in increase of the 
effective stress and resistance against lateral stretching.  
However, in reality, deep cracks appeared in the levees 
may have altered hydraulic boundary condition of the 
soil in the levee and have cut the tension force induced 
by the pore water. 

(3) Neglecting asphalt pavement covering the levees:   
At the section with drainage layer, the asphalt 
pavement covered the top of the levee.  Obviously it 
may have acted as resistance against lateral stretching 
during earthquake.  Neglecting of the pavement may 
increase the deformation of the levee in the numerical 
analysis.   

(4) Difference in completion date of the levees:   
In addition, completion date of the levee construction 
is quite different for the two levees.  The levee with 
drainage completed a decade before the earthquake, 
while that without drainage completed just a year 
before the earthquake.  Even we cannot expect ageing 
effects in such short periods; it may have some effects 
on the seismic performance of the levees. 

 
 
4.  SUMMARY 
 
Measures for seepage control, such as cut-offs with steel 
sheet piles for foundation under-seepage and horizontal 
drainage layer for seepage through embankment, were also 
effective to mitigate liquefaction-induced large deformation 
of levees in some places in the 2011 Tohoku Pacific 
Earthquake. 

Effects of the horizontal drainage layer for the seepage 
control on mitigation of liquefaction of levee body was 
examined through preliminary numerical analyses on the 
levee survived in the earthquake.  Analysis results reveal 
that effects of the drainage layer on mitigation of the levee 
deformation are unexpectedly small, while marked 
difference was seen at the site.  Possible reasons for it were 
discussed. 
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Figure 8: Deformation of levees at 200 sec. 

 
Figure 9: Time histories of settlement of levee crown 
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Abstract:  The Tohoku earthquake, which occurred on March 11, 2011, caused water-supply outages to 2.2 million 
households in 187 cities and towns. This earthquake impacted natural and social events, affecting the water-supply system. 
For instance, there were long-term disruptions of regional water supplies, long-term electric power outages, extensive 
liquefaction damage, and the damage caused by the tsunami. These multiple factors made the damage pattern complex, and 
water-supply restoration was delayed even though the seismic ground motion was moderate. This study attempts to elucidate 
the factors that caused water-supply restoration to be delayed following the earthquake and measure the earthquake impact on 
water-supply outages in terms of restoration time and the households affected by the water-supply outage. As a result, the long 
restoration time for the water supply following the Tohoku earthquake could be explained by a combination of factors 
including the restoration time for electric power and regional water supplies and pipeline repair in the liquefaction area, in 
addition to the restoration time for pipeline repair experienced following past earthquakes. Pipeline repair required twice the 
time compared with past earthquakes. 

 
 
1.  INTRODUCTION 
 

The Tohoku earthquake that occurred in the Pacific 
Ocean on March 11, 2011, caused wide-area earthquake 
disaster, a tsunami, and a nuclear disaster in the stricken area. 
While this earthquake affected a wide area in Eastern Japan, 
damage to houses and civil structures was minor or moderate, 
considering the observed seismic ground motion. Damage to 
water supply facilities and pipelines was also less than or equal 
to the amount of damage caused by previous earthquakes, if 
damage due to the severe tsunami and liquefaction is excluded. 
Nevertheless, it took a long time to restore the water supply. The 
water-supply outage caused by this earthquake and the 
following earthquakes in the Niigata and Nagano Prefectures 
affected up to 187 cities and towns and about 2.25 million 
households. The number decreased from 2.25 million to 1.2 
million, 0.6 million, and 0.31 million by the 1st, 2nd, and 3rd 
weeks of the earthquake, respectively. Some prefectures reduced 
the number of households affected by the water-supply outage 
by half in a week, whereas others were still affected by the 
long-term disruption of the water supply. 

Several natural and social events caused the prolongation 
of the water-supply outage. They were different for different 
water-supply district. Referring to the reconnaissance report on 
the damage to the water-supply system just after the earthquake 
(JSCE, 2011), the main factor for delayed restoration was said to 
be the damage of the regional water-supply system, which 
supplies water to the local water-supply districts via 
large-diameter pipelines. The main factor is still not clear 
because several factors can be considered to have affected the 

water-supply outage.  
This study attempts to elucidate and evaluate the factors 

that delayed water-supply restoration after the Tohoku 
earthquake, including the damage to regional water-supply 
systems. First, earthquake damage and emergency response to 
the disaster are investigated at the water-supply authorities that 
had delayed restoration owing to cuts in the regional 
water-supply and other factors. Then, these factors that 
prolonged the water-supply outage are summarized qualitatively 
and analyzed in terms of the number of days until service could 
be restored, hereafter referred to as restoration time in day, 
compared with the experienced restoration time that can be 
calculated by the pipeline repair rate.  
 
 
2.  FACTORS AFFECTING THE PROLONGATION 

OF WATER-SUPPLY OUTAGES 
 
2.1  Selection of Prolongation Factors 

The Tohoku earthquake caused water-supply outages to 
about 2.25 million households at its peak, as mentioned above. 
The restoration time for the water-supply in water-supply 
districts are shown in Figure 1, based on the report of the 
Ministry of Health, Labor and Welfare (2011). Many 
water-supply districts in which service was restored more than 
two weeks after the earthquake were not only affected by the 
tsunami but were located inland.  

In order to clarify the factors that delayed water-supply 
restoration, water-supply authorities in 19 affected cities and 
towns in four prefectures were interviewed; in most cases, two 
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interviews were conducted. The first interview was conducted 
approximately one month after the earthquake, and the second 
interview was conducted approximately six months after the 
earthquake. Based on the earthquake and tsunami damage, 
emergency response, and statistical data provided by the 
water-supply authorities, five factors were selected. The reasons 
for the long-term water-supply outages are described in the 
following sections. The detailed numbers and activities of the 
authorities are omitted in this paper. 

 

Restoration time 
(in days)

Miyagi Pref.

Fukushima Pref.

Ibaraki Pref.

Chiba Pref.

Iwate Pref.
TOHOKU 
REGION

KANTO 
REGION

 
Figure 1 Restoration Time for Water-supply System in 

Water-supply Districts Following the Tohoku 
Earthquake 

 
1. Factor 1: Lack and Delay of Restoration Resources in a 
Wide-area Disaster: Although many restoration resources such 
as assistance personnel and machines were urgently required by 
the 187 affected water-supply districts in the Tohoku and Kanto 
region, it took four days to gather information and dispatch a 
steady number of water trucks. By March 15, 300 vehicles had 
been dispatched (Ohnishi and Kuwata, 2011). On March 14, the 
disaster assistance policy of the Japan Water Works Association 
(JWWA) was changed to “Intensive work only on the 
emergency water supply,” and disaster assistance for recovery 
was barely done. In a word, the affected water-supply authorities 
had to work in cooperation with local water-related businesses 
without resources from outside the affected water-supply 
authorities. In addition, because most of the stricken 
water-supply authorities were in rural areas, engineering staff for 
overseeing the water-supply repair work was limited.  

Moreover, it took time to restore roads and transport fuel 
to the stricken areas. One of the factors for the prolongation of 
the water-supply outage was the delay and lack of restoration 
resources including personnel, machines, and fuel. 

2. Factor 2: Long-term Power-supply Outages: Large areas 
from North Kanto to the Tohoku region could not get electric 
power for at least a few days after the earthquakes. The 
water-supply authorities could not respond to the power-supply 
outages for more than one day even though they were prepared 
with private generators. The water-supply authorities that could 
restart water processing using private generators were the ones 
with small facilities. Treated water was available for emergency 
water delivery but there was not enough to supply the entire 
area by pipeline. Moreover, all the power lines in the stricken 
water-supply district were cut, while more important 
disaster-response facilities received power over multiple lines 
from substations. 

The remote monitoring system that was used to manage 
the water-supply operation had difficulty confirming the extent 
of damage due to the electricity black out. Most of the 
water-supply authorities in the north of the Miyagi Prefecture 
could not begin repair work for two weeks after the earthquake 
because electric power was out for almost a week. It is evident 
that there is a limit on the duration of power outage; when the 
outage duration exceeds the capacity of back-up systems such as 
private generators, the water-supply system cannot be restored 
quickly. A long-term power outage cannot help changing the 
framework of emergency response because it affects not only 
facilities and equipment but also the entire disaster response 
organization. 
3. Factor 3: Damage to Regional Water-supply Systems: The 
regional water-supply systems are installed not only in the 
stricken area of this earthquake but all over Japan. The regional 
water-supply system has been developed and enlarged by 
prefectures and regional water-supply authorities to provide a 
steady water resource to meet the increased demand for water in 
high-growth period of the Japanese economy. The exceptions 
are historical cities, which have already developed their 
water-resources, or mountainous areas, where a large 
water-service network is physically impossible. The regional 
water-supply system is increasingly being extended to include 
small water-supply authority for more efficient business 
management purposes. The extended system, however, has low 
redundancy. 

The influence of the regional water-supply systems on the 
outage has not been examined thus far. For instance, in the 1995 
Kobe earthquake, the Hanshin Regional Water-supply 
Authority, which supplied to four local water-supply districts 
such as Kobe and Ashiya Cities, stopped water transmission just 
after the earthquake, but it resumed by the end of the day. The 
recent earthquakes in Japan occurred mostly in rural areas, and 
the regional water-supply system was not damaged severely. 
Therefore, its seismic weakness was not considered. Earthquake 
damage estimates in the regional disaster planning rarely takes 
into account disruptions in the regional water supply.  

In this earthquake, ten regional water-supply authorities 
suffered outages for at least one week. Figure 2 indicates the 
restoration time for the regional water-supply in ten authorities. 
Large parts of the Miyagi, Fukushima, and Ibaraki Prefectures 
were affected by the regional water-supply outage. It 
corresponds to the restoration time for the water supply in the 
local water-supply authorities shown in Figure 1. 
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Figure 2 Restoration Time for the Regional Water-supply 
Systems Following the Tohoku Earthquake 

  
 
One cause for the delay in restoring regional water-supply 

systems was power outages. The blackout, which lasted for at 
least three days after the earthquake from the North Kanto to the 
Tohoku region, caused the water transmission system to 
malfunction. After the power supply was restored, it took several 
days to fill the empty reservoir and large-diameter pipeline with 
water. The regional water-supply system could not be quickly 
restored. The second cause was leakage and separation of the 
large-diameter pipe. Because the regional water-supply system 
has low redundancy, one location of damage caused a complete 
outage of the water supply to downstream authorities. Moreover, 
repairing the large-diameter pipeline was difficult immediately 
after the earthquake owing to the nature of the work itself as well 
as the problem of procuring a special replacement pipe.  

For instance, the Sennan-Senen Regional Water-supply 
Authority which supplies water to the local authorities in the 
south of the Miyagi Prefecture was affected and as a result 
caused damage to a large-diameter pipeline at 14 locations. This 
system has two trunk lines for the north and south districts. The 
trunk line to the north districts had breaks at a flexible joint of 
pipeline with a diameter 2400 mm at the upstream end of the 
system, which required 11 days for repair. The water supply to 
Matsushima and Shiogama Cities at the far end of the pipeline 
was not able to be restored until March 31, whereas the water 
supply in the trunk line for the south district was restored by 
March 15. Because most of the local water-supply authorities 
depend on the regional water-supply for more than half of their 
water demand, they cannot provide an adequate supply of water 
from their own resources. As the other case, the Wanigawa 
water treatment plant, which is managed by the Rokko 
Regional Water-supply Authority in the Ibaraki Prefecture, was 

severely damaged owing to liquefaction, which resulted in its 
being out of service for a month.  
4. Factor 4: Pipeline Repair in Large areas of Liquefaction: 
There was extensive pipeline damage due to liquefaction around 
the coast of the Tokyo Bay and the valley of the Tonegawa River 
in the Kanto region, for instance, in Urayasu, Katori, and Asahi 
Cities in the Chiba Prefecture and Kamisu, Itako, and Kashima 
Cites in the Ibaraki Prefecture. The liquefied area corresponds to 
10 to 20 % of the entire water-supplied area. The water-supply 
pipelines as well as housing lots and roadways were damaged in 
the liquefied area, which was as large as a residential block; 
hence, cooperation between the departments in charge of 
housing and civil structures was needed for their restoration. If a 
temporary pipeline above the ground is installed in a severe 
liquefaction area, service can be restored more quickly than with 
a normal pipeline repair. The temporary pipeline installation also 
depends on the engineer’s decision to make either a temporary 
or repair the existing one. 
5. Factor 5: Restoration in the Tsunami-affected Area: While 
water-supply facilities and pipelines are mostly installed 
underground, water-pipe bridges and pipelines hanging on river 
bridges may be damaged by the tsunami running up the river. In 
the Miyagi and Iwate Prefectures, the office and water treatment 
plant were flooded by the tsunami following this earthquake. 
There was salt-water damage to the shallow water well after 
flooding by the tsunami in the Iwate Prefecture.  

Incidentally, there was no damage to underground 
pipelines in areas where the tsunami flooded houses at a depth of 
1 m or less or areas where houses were not swept away. While, 
when the house was swept away, the service pipeline was 
broken. However, in the tsunami-flooded areas, reconstruction 
of residential settlements is given a higher priority than pipeline 
repair by previous specifications. Its restoration process is 
substantially different from the process for repairing damage due 
to the other factors mentioned above. We do not deal with this 
factor as being the same as the other factors in the following 
analysis. In the water-supply authorities targeted in this study, 
fewer than 2% of the houses were flooded by the tsunami. 

 
2.2  Water-supply Restoration Process in Water-Supply 

Authorities 
     The water-supply restoration process in the water-supply 
authorities that were the most severely affected due to the 
regional water-supply outages and due to the liquefaction is 
compared to the restoration process in the authority which were 
not affected by special factors, as shown in Figure 3.  

In the local water-supply authorities where the regional 
water supply was cut for a long time, a high rate of water-supply 
outages continue for a while after the earthquake and then the 
rate rapidly decreases after the restoration of the regional water 
supply, as shown in Figure 3(a). The restoration of the regional 
water supply is a prerequisite for the restoration of the 
water-supply in the local authority. The increase in the outage 
rate at around 30 days after the earthquake was due to the 
damage of the regional water supply by the aftershock on April 
7. The water-supply authorities affected by large-area 
liquefaction showed a gradual decrease of water-supply outages 
at first and then remarkably slow restoration of the remaining 
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30% or less of outages, as shown in Figure 3(b). Such delays 
appear to be due to problems in procuring temporary pipes and 
construction difficulties in the liquefied area. The water-supply 
authorities that were not affected by special factors tended to 
have complete outages for the first few days owing to power 
outages and then gradual decreases in outages until 
approximately 90 % of the outage were restored. The remaining 
10 % of the outages were restored more slowly, as shown in 
Figure 3(c). The restoration process of the water supply can be 
characterized by the prolongation factor of the water-supply 
outage.  
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Figure 3 Restoration Process of the Water Supply: (a) 
Water-supply Authorities Affected by the Regional 
Water-supply Outage, (b) Water-supply Authorities 
Affected by Large-area Liquefaction, and (c) 
Water-supply Authorities not Affected by Special 
Factors. 

 
 

3.  ANALYSIS OF THE FACTORS THAT 
PROLONGED THE WATER-SUPPLY OUTAGE 

 
3.1  Concept of Restoration Model 

When the system of water-supply facilities and pipelines 
is considered, the relation between the restoration time and the 
water-supply outage rate is shown in Figure 4. The functions of 
water-intake and water-treatment facilities after an earthquake 
determine whether the system itself can function, as shown in 
Figure 4(a). Meanwhile, the function of pipelines is explained by 
the restoration rate in supplied areas, as shown in Figure 4(b). 
The supplied area increases from upstream to downstream of 
pipelines because water is required in the pipeline to locate the 
damage. The water-supply outage rate on the customer side is, 
therefore, expressed as in Figure 4(c) because the repair of the 
pipeline damage begins only after the upstream facilities are 
repaired. 

Here, when the prolongation factors of the water-supply 
outage are considered, the delay of pipeline restoration due to 
the lack of restoration resources (Factor 1) affects the rate of 
pipeline restoration, as shown in Figure 5(a). The power outage 
at a water purification facility in a water-supply authorities 
(Factor 2) and the cut of the regional water-supply (Factor 3) 
have the same effect as an outage of the water-treatment facility: 
100% or 0% in the rate of water-supply outage (see as Figure 
5(b)). In addition, the restoration rate of pipelines in a 
liquefaction area (Factor 4) rapidly decreases for the few 
remaining water-supply outages, as shown in Figure 3(b). The 
model can be drawn as Figure 5(c). 

This study proposes a model to estimate the restoration 
time for the water supply, using a basic restoration model based 
on pipeline damage as well as the restoration time due to power 
outages, regional water-supply outages, and pipeline repair in 
liquefaction areas. 

 

 
(a)               (b)                (c) 

Figure 4 Schematic Chart of Water-supply Restoration: (a) 
Facility, (b) Pipeline, and (c) Entire system 
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Figure 5 Concept of Restoration Time due to the Following 
Factors: (1) Delay in Pipeline Restoration, (2) 
Power-supply Outage at the Water Facility and/or 
Outage of the Regional Water-supply, (3) Delay due to 
Pipeline Repair in a Liquefaction Area 
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3.2  Restoration Model Based on Pipeline Damage 
The basic model to estimate restoration time is proposed 

by the relationship of the pipeline repair rate (hereafter, RR 
(repair number/km)) and the customer density (the number of 
water-supplied households per length of pipeline, (hereafter, d 
(households/km)) during the Kobe earthquake (Takada et al., 
2003) as follows: 

 59.086.0
90 38.0 RRdTp   (1) 

where Tp90 is 90% restoration time in day based on pipeline 
repair, d is the customer density (household/km), and RR is the 
pipe repair rate (number/km). 

 
When the restoration is 90% complete, the restoration rate 

for the remaining outages in the area varies according to the 
individual damage and condition. Therefore, the model adopts 
the restoration up to 90%, in which the restoration rate is almost 
constant. 

The restoration time based on pipeline damage in this 
earthquake is estimated for the 19 water-supply authorities. The 
number of pipe repairs was obtained by the interviews. The pipe 
repair rate, RR, is calculated using statistics obtained from 
water-supply businesses (JWWA, 2007). The 90% restoration 
time in day are obtained from the report of the Ministry of 
Health, Labor and Welfare (2011). The pipe repair rate in 
number per km ranged from 0.04 to 0.67. The pipe repair rate 
exceeded 0.3 in the strong ground-motion area in the north of 
the Miyagi Prefecture and in the liquefaction area in the Ibaraki 
Prefecture. This damage was equal to the damage in Ojiya and 
Nagaoka Cities in the 2004 Niigata Chuetsu earthquake and in 
Wajima City in the 2007 Noto peninsula earthquake. The extent 
of liquefaction damage was also equal to that in Kashiwazaki 
City in the 2008 Niigata Chuetsu-oki earthquake. All the cities 
and towns, however, were not damaged at such a high level. 
Most of the cities and towns had little damage. 

Figure 6 shows the relationship between 90% pipe 
restoration time, Tp90, and actual 90% restoration time (hereafter, 
Tobs). The estimated restoration times are fewer than the actual 
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Figure 6 Relationship between Actual 90% Restoration Time, 

Tobs, and the 90% Restoration Time Estimated by the 
Pipe Repair Rate, Tp90, for 19 Affected Water-supply 
Authorities 

restoration times among all the authorities. The restoration 
times are more than twice the estimated 90% restoration time 
based on the pipeline damage. Although the restoration seems to 
have been delayed because repair personnel and resources were 
not dispatched quickly enough, it is evident that restoration time 
cannot be explained only by the pipeline damage. 
 
3.3  Enhancement of Restoration Model 

In order to improve the estimation model, the restoration 
time for the power supply, Te, regional water supply, Tt, and the 
pipeline in the liquefaction area, Tl, are added to the estimated 
restoration time for pipeline damage as prolongation factors for 
restoring the water-supply following this earthquake. If the rate 
of water demand from the regional water supply to the entire 
water demand of the local water-supply authority is defined as r, 
the estimation model for the restoration time can be enhanced 
by Eq. (2). Each coefficient can be obtained by the 
multi-regression analysis. 

 
 

ltepest TkrTkTrkTkT 4329012 )1(    (2) 

 
where, Tp90 is time until 90% restoration based on pipeline repair, 
Te is restoration time for the power supply at the facility, Tt is the 
restoration time for the regional water-supply, Tl is the time 
awaiting pipeline repair in a liquefaction area.  

 
The restoration of the power supply has two aspects, 

restoration to the water treatment facility and restoration to the 
supplied area. This study focuses on the power supply at the 
facility that produces and distributes water. If the water-supply 
authority prepared a private generator and continued water 
processing on the day of the earthquake, the restoration time of 
the power supply is regarded as 0 even though the power 
supplied to the area was cut. The restoration time for the 
regional water supply is taken from the reports from the Miyagi 
Prefecture (2011) and the Ibaraki Prefecture (2011). When a 
water-supply authority receives water at several points from a 
regional water-supply system, the average of the restoration 
times is used. As for liquefaction, the time from when the 
restoration rate quickly decreases to when the restoration is 90% 
completed is used as the delayed time due to pipeline repair in 
the liquefaction area. Although the tsunami is considered as one 
factor, the number of households destroyed by the tsunami is 
less than 2% of the households in all the authorities in this study. 
The tsunami factor does not affect this model. 

As the result of multiple regression analysis, the 
coefficient of correlation, R2 = 0.94, has good correlation. The 
regression coefficient of each parameter is shown in Table 1. 
Regression coefficients of the parameters in the 2nd, 3rd and 4th 
terms other than restoration time due to pipeline damage, Tp90, 
are values roughly close to 1.0. Factors such as power-supply 
outages, regional water-supply outages, and liquefaction 
introduced in this study have a strong effect on the actual 
restoration time for the water supply by normal summation. It 
can be said that they are predominant factors for the 
prolongation of the water supply outages. However, the value of 
the regression coefficient of the parameter in the 1st term for 
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pipeline damage is calculated as 1.84. Briefly, the 90% 
restoration time calculated by the pipeline damage 
underestimates the restoration time of this earthquake. The 
pipeline repair in this earthquake can be understood to be twice 
as hard as that in previous earthquakes because restoration 
resources were scarce, and dispatching them in the wide 
earthquake disaster area was delayed. 
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Figure 7 Relationship between Actual 90% Restoration Time, 

Tobs, and the 90% Restoration Time Estimated by the 
Enhanced Model, Test, for 19 Affected Water-supply 
Authorities 

 
Table 1 Coefficient of Regression Analysis 

Term  Coefficient 
Explanatory 

variable 
Value of 

coefficient
1 Pipeline repair k1 Tp90 1.84 
2 Power-supply k2 (1 - r)Te 0.88 
3 Regional 

water-supply 
k3 rTt 0.78 

4 Liquefaction k4 Tl 1.19 
 
 
4.  EVALUATION OF HOUSEHOLDS AFFECTED BY 

WATER-SUPPLY OUTAGES BY FACTORS 
 

The earthquake impact on the prolongation factors for 
water-supply outages that affected the restoration time for the 
water supply can be evaluated by the model of Eq. (2). The 
estimated restoration time for the water supply affected by the 
regional water-supply outage and liquefaction are shown in 
Figure 8 by each term of Eq. (2).  

The rate of restoration time due to the regional 
water-supply outage was as high as 58% in Rifu Town, which 
receives a large amount of water from the regional water supply. 
The impact of the regional water-supply outage did not strongly 
affect Kurihara City because the rate of water demand was low 
in spite of the long period of the regional water-supply outage. 
For Kurihara City, the power-supply outage was more serious 
than the regional water-supply outage. Moreover, the rate of 
restoration time was delayed because the liquefaction damage 
was the highest at 68% in Itako City. Considering that the 
restoration time due to pipeline damage are estimated to have 
been double, liquefaction affected restoration time by a factor of 

6 to 8 times that due to the pipeline damage experienced in the 
past earthquake.  
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Figure 8 Estimated Restoration Times for the Water Supply 
with Composition for Restoration Times due to 
Following Factors: (a) Regional Water-supply 
Outage and (b) Liquefaction 

 
The earthquake impact on regional water-supply outages 

can be explained as the number of households with 
water-supply outages in terms of the estimated restoration times 
for the regional water-supply outage multiplied by the total 
number of households in the water-supply authority. This 
accounts for the color-filled area in Figure 5(b) multiplied by the 
total number of households. 

The number of households experiencing water-supply 
outages due to the delay of pipeline repairs in liquefaction areas 
is also calculated by the area of Figure 5(c) multiplied by the 
total number of households in the water-supply authority. In 
other words, the triangular area of Figure 5(c) is calculated a half 
of the product of estimated restoration time due to liquefaction 
and 30%, when the liquefaction-affected area is assumed to be 
constant at 30%. The number of households with water-supply 
outages due to a regional water-supply outage and liquefaction 
are shown in Figure 9 for 19 targeted water-supply authorities. 

The number of affected households with water-supply 
outages due to a regional water-supply outage is 1.3 million in 
the targeted water-supply authorities. Among them, Sendai City, 
in the Miyagi Prefecture had 0.5 million households, and 
Kamisu City, Ibaraki Prefecture had 0.3 million households. 
Both of the cities have a large number of water-supplied 
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households affected by long-term regional water-supply outages. 
The water to the affected households corresponds to the water 
delivered by 950 water trucks, assuming a water truck with 4-m3 
capacity delivers three liters per person per day. As for 
liquefaction, the households affected by water-supply outages 
totaled 300,000. Kamisu City, Ibaraki Prefecture has a 
maximum of 90,000 affected households. 
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Figure 9. Affected Households with Water-supply Outages by 
Factors in the Water-supply Authorities: (a) due to 
Cuts in the Regional Water Supply, (b) due to 
Liquefaction 

 
The prolongation of the water-supply outage during the 

Tohoku earthquake is attributed to two factors: the wide-area 
earthquake disaster and the inter-plate earthquake. The 
wide-area earthquake disaster caused a shortage of restoration 
resources and a malfunction of the lifeline system in the wide 
area. The inter-plate earthquake provoked long-period and 
long-duration of ground shaking resulting in severe liquefaction. 
The factors of power-supply and regional water-supply outages 
and liquefaction were significant, and they can explain the 
restoration time for the water supply by summation, besides 
doubling the number of restoration time due to pipeline repair. 

 
 

5.  CONCLUSIONS 
 

This study attempted to evaluate the prolongation factors 
in water-supply outages and their impact during the Tohoku 
earthquake. This study can be summarized as follows.  
 The restoration time for the water-supply following the 

Tohoku earthquake can be explained by a combination of the 
restoration times for the power-supply and the regional 
water-supply, and pipeline repair in liquefaction areas in 
addition to the restoration time for pipeline repair 
experienced in the past earthquake.  

 Pipeline repair took twice as long compared with past 
earthquakes because of the wide area of the earthquake 
disaster.  

 The restoration time in day caused by regional water-supply 
outages was 58% at the maximum and that by the 
liquefaction was 68% among the targeted water-supply 
authorities, according to the enhanced model to estimate 
restoration time.  

 In terms of the number of households affected by 
water-supply outages, the earthquake impact due to regional 
water-supply outages was high in Sendai City, Miyagi 
Prefecture, and Kamisu City, Ibaraki Prefecture, and the 
number of outages due to liquefaction was also high in 
Kamisu City, Ibaraki Prefecture.  
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Abstract:  In the Great East Japan Earthquake, many school facilities as classroom buildings and gymnasiums are 
damaged or destroyed by Tsunami and seismic shake. Not only structural elements as columns, braces and bearing shoes, 
damages on non-structural elements as ceilings were widely observed in very wide areas not only in Thohoku, but apart 
prefectures as Ibaragi. In this paper, typical observed damages on these facilities are summarized and discussed, followed 
by repair works and further reinforcement methods. 

 
1.  INTRODUCTION 

In the Great East Japan Earthquake on March 11, 2011, 
many school facilities in Iwate, Miyagi, and Ibaragi 
prefectures are damaged by Tsunami and seismic shake. 
There are observed several typical damage pattern depends 
on building types structural system and built ages. In this 
paper, these damages are categorized and discussed. 

 
2.  DAMAGES BY TSUNAMI 

Figure 1 shows the gymnasium and classroom building 
of Takata high-school in Rikuzen Takata City in Iwate 
prefecture, where the whole city was hit by Tsunami. This 
school was located around 0.5 km apart from the coast near 
hill, suffered Tsunami up to 3rd floor level. The tremor itself 
in this area was an intensity of 6 on the Japanese 
seven‐stage seismic scale, and maximum ground 
acceleration and displacement reached 600 cm/s2 and 50 cm 
respectively. The gymnasium was lift up by Tsunami, drifted 
around 20 m and crashed to the school building. Anchor 
bolts and base plates at column bases were not damaged, so 
the fixture of the anchorage was considered to be not 
sufficient. In the damaged gymnasium, various drifted 
objects were remained, as closes, desks and chairs, mats, and 
cars, which indicating the water came up to the roof level. 
The concrete steel classroom building was suffered damages 
in interior or windows; however, no serious structural 
damages ware observed in spite of high ground acceleration.  

In coastal area in Tohoku prefectures as Myagino-ku in 
Sendai city, similar damages were widely observed. 
Generally steel structures and interior of gymnasium 
buildings were seriously damaged by Tsunami, and concrete 
buildings over three stories were survived and well 
performed as temporary evacuation shelters for the students 
and local accommodates. Not only water pressure, but 
drifting objects as cars, containers, tanks affected to the 
damages of these structures.  

 
(a) Drifted Gymnasim  

 
(b) Interior of Gymnasium 

 
(c) Interior of School Building 

  Figure 1: Damaged High-school facilities by Tsunami 
 
 

- 75 -



 

 

3.  DAMAGES BY GROUND SHAKE 
3.1 Shear Failure and Brace Buckling 

The tremor of intensity of 6 was widely observed not only 
in Miyagi and Iwate prefecture, but also in Ibaragi prefecture 
near Tokyo metropolitan areas. In these areas, instead of high 
maximum acceleration, high energy spectrum of VE = 
200-300 cm/sec was distributed in natural periods between 0.2 
-0.4 sec. This characteristic was different from the Great 
Hanshin Earthquake, whose energy peak was distributed 
between 1.0 and 2.0 sec. Because of these characteristics, 
traditional wooden houses were not severely damaged. Instead, 
the concrete buildings and braced steel structures were widely 
damaged. Figure 2 shows shear failure of wall columns in 
high school building near Mito City. This building was 
constructed in 1960's and had not seismically retrofitted. 
Similarly, such old concrete structures suffered typical shear 
failures in columns and walls. On contrary, very few 
seismically retrofitted buildings were damaged. This means 
the retrofit reinforcement worked successfully.  

In steel gymnasia, typical damage patterns as vertical 
brace buckling and fractures (Figure 3), roof brace buckling 
and fractures were widely observed. The gymnasium shown 
in Figure 3 was located in Tsukuba City. This gymnasium 
was constructed in 1960's having truss roof structure 
comprising L-section members. The structure was estimated 
to have not enough seismic strength; however, seismic retrofit 
was not completed at the time of the earthquake. In the event 
of the earthquake, all of vertical braces were fractured and 
some of roof truss members were buckled. Fractures of 
vertical braces were occurred at bolt joints, indicated several 
cyclic loading working on the brace led to a low-yield fatigue 
fractures. Still, the structure was not collapsed. It is considered 
that this structure avoided the collapse because the natural 
period increased from 0.3 sec. to over 1.0 sec. by the fracture 
of these vertical braces, and shifted to low-energy input zones 
of this seismic wave. This means such gymnasia may collapse 
if the seismic wave has higher energy input in longer natural 
periods as Great Hanshin Earthquakes. Besides, most of the 
light equipment was damaged by roof shake, and many of 
them were dropped in the event of earthquake. Although no 
injured students occurred fortunately, they indicated warning 
for the destruction of non-structural components.  

  

  
     

Figure 2: Shear Cracks on Wall Columns 
 

 

   

 
(a) Interior View of Gymnasium 

  
  (b) Brace Buckling         (c) Brace Fracture   

  
  (d) Rod Brace Fracture   (e) Dropped Light Equipments 
Figure 3 Damaged School Gymnasium in Tsukuba City 

 
3.2 Fractures at Bearing Shoes of Steel Frames 

In Ibaragi Prefecture, typical high school gymnasia are 
constructed with steel roofs and concrete frame substructures 
supporting the roof. In the earthquake, the damages on the 
anchor bearings ware widely observed.  

Figure 4 shows the damages of high school gymnasium in 
Ohta City in Ibaragi Prefecture. This building has a big steel 
keel truss anchored at the top of concrete supporting structure 
at the ridge of the roof, and all other beams were supported by 
this keel truss. By the shake, the keel truss moved in the 
longitudinal direction, all the anchor bolts was damaged by 
shear forces, pushing out the concrete covers and drop the 
pieces of destroyed concrete. Because of the displacement of 
keel truss, some roof braces were buckled by receiving a 
compression forces (Figure 4(c)). This gymnasium was 
designed with the latest seismic code, yet the anchor detail 
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was not sufficient to transfer the shear forces working on the 
roof structure.  

Figure 5 shows the damages of anchored bearing shoes for 
space frame systems. Typical bearing details for such systems 
are base plates with anchor bolts with leveling mortals. 
Normally each bearing allows sliding movement in 
out-of-wall directions. The bearing shown in Figure 5 (a), (b) 
collapsed even with the loose hall for anchor bolts allowing 
movements, and covering concrete was destroyed. One of the 
major factors is the thickness of the leveling mortal that is 
much larger than design values. Ordinary dimension of these 
mortal is 50 mm; however, the thickness of the mortal in 
collapsed bearings reaches 100 mm to 150 mm. Such mortal 
and cover concrete had no reinforcement bars resisting against 
the sway of the bearings, hence led to the collapse. Figure 5(c) 
shows the same damages observed in another gymnasium. In 
this structure, lines of bearings damages in the same manner. 
This collapse indicates the individual response movement of  

 

  
 (a) Elevational View  

 
(b) Damages on Anchored Bearing  

 
(c) Buckling of Roof Braces 

Figure 4 Damaged Gymnasium in Ohta City 

the roof structure and the supporting concrete wall structure 
produced high shear forces and movement in each bearing. 
For avoiding such kinds of failures, the new AIJ Design 
Recommendation for Composite Constructions [1] gives the 
criteria for side shear failure of anchored bearings (Figure 6).  

 

 
(a) Interior View 

 
(b) Collapse of Bearing Shoes -1 

 
 (c) Collapse of Bearing Shoes -2 

Figure 5: Damages of Anchored Bearings of Space Truss System

 

  Figure 6:  Side Shear Failure Criteria for Anchor Bolts 
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Figure 7 shows another high school gymnasium in Mito 
City, capital of Ibaragi Prefecture. This building was 
constructed in 1990's and designed with the latest seismic 
code. However, the most of bearing columns are broken again. 
The tapered top of these columns did not contain enough 
reinforcement bars, casted as very thick leveling mortal and 
had no strength capacity to transfer the shear forces from the 
roof. Although the latest seismic design code in Japan requires 
ultimate joint strength until the collapse mechanism of the 
structure, this requirement is not necessarily satisfied in these 
bearings in design and construction. The reason is considered 
that such joints are not covered by both of steel and concrete 
design codes, and also the constructor is separated in both 
components. In this gymnasium, the space frame roof suffered 
no damages; while all the ceiling was dropped off.  

Figure 8 shows the stadium roof that was replaced on 
existing concrete columns with chemical anchors. With the 
earthquake, the column head around the anchor was destroyed 
in pieces as shown in Figure 8 (b). Although this collapse 
mechanism is still under researches, it is considered that shear 
forces with high tensile forces caused by vertical response of 
the stadium roof affected on such collapse modes. 
3.3 Collapse of Ceilings and Suspended Components 

Figure 9 shows an auditorium in Mito City, whose 
ceilings are collapsed and dropped on the stage. Structural 
components were also partially damaged at columns, beams 
and walls. Part of GRC curtain wall was damaged and 
dropped. The supporting structures of the ceiling above the 
seats were reinforced with aluminum struts before the 
earthquake. Some of these struts was buckled in the shake as  

  

 
(a) Interior and Dropped Ceiling 

  
(b) Destroyed Column Bearings  

  Figure 7: Damages of Gymnasium in Mito City 

shown in Figure 9 (c), indicating the reinforcement worked 
to prevent the collapse of the ceiling above the seats. 

Figure 10 shows another gymnasium whose ceiling totally 
dropped. The ceiling comprised with expended metal sheets, 
simply supported by systemized frames at each edges.  

  

 
(a) Replaced Stadiumn Roof 

 
(b) Desyroyed Column Head 

     Figure 8: Damages of Chemical Anchor Bearings 
 

  
(a) Collapse of Ceiling in Auditrium 

 
(b) Collapse of GRC walls (c) Buckled Ceiling Hanger 

    Figure 9:  Damage of Auditorium in Mito City 
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         Figure 10: Collapsed Systemized Ceilings  
 
This types of ceiling are quite dangerous when drop on the 
students; however, no seismic design is applied to these 
components. Such collapses of ceiling were very widely 
observed in Great East Japan Earthquake in various types of 
buildings, even in far areas from epicenter as Tokyo or 
Yokohama. The reason is considered that such ceiling had 
relatively very long natural periods but low damping, and 
long-time amplitude occurred in far areas were enough to 
damage such ceilings. In Tokyo downtown, two people was 
killed by collapsed ceiling in the school graduate ceremony. 

Table 1 shows the relationships of seismic index (Is 
value) and whether the gymnasium was used as shelters after 
the earthquake in a city in Miyagi Prefecture [2]. The table 
indicates high seismic index does not prove the applicability 
as shelters, and even gymnasium with lower seismic index 
was used as shelters. This is caused because of the strength 
of ceiling was not considered in the seismic index. The 
lesson from this earthquake remained the problem that how 
seismic performance of such non-structural members is 
designed and proofed.  

 

4.  REPAIR WORKS AND REINFORCEMENT 
  Typical repair details for the damaged bearing shoes are 
shown in Table 2. Epoxy resin is infused in concrete cracks 
and non-shrinkage mortal was casted in damaged parts with 
additional reinforcement bars. To unify the reinforced parts, 
steel plate coverage and penetration tie bolts are desirable.  

To reduce the response acceleration of the roofs which 
leads to the collapse of ceilings, reinforcements with energy 
dissipation members as hysteretic or viscous dampers are 
reported as effective[3]. Figure 11 shows the recent seismic 
retrofit using hysteretic dampers (Buckling Restrained 
Braces, BRB). Because the existing moment frames reaches 
maximum strength at large story drift over 1% radian, 
ordinary additional braces cannot be added in strength that 
buckles before 0.2 % radian story drifts. So the strength 
based reinforcement requires full strength arrangement as 
shown in Figure 11 (a). On contrary, BRBs have stable 
hysteresis after yielding up to 3% axial strain, their strength 
can be added on that of existing frames as in Figure 11(b). 
Also they are effective to reduce the response acceleration of 
roofs, by additional hysteretic damping. Figure 11 (c) shoes 
the construction scenes of the BRB reinforcement of junior 
high school gymnasium. By reducing the numbers of 
additional elements, repair works on exterior and interior  
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   Table 1 Relationship of Seismic Index and Shelter Use 

 

    Table 2 Repair Works on Damaged Bearings 
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(a) Ordinary Strength-based Reinforcement 

 
(b) BRB Reinforcement 

 
(c) Construction Scene 

   Figure 11: Seismic Retrofit with Hysteretic Dampers 
 

walls also have been minimized. Such types of seismic 
retrofits are gradually being popular. 
 
5.  CONCLUSIONS 
Damages of school facilities by the Great East Japan 
Earthquake were reviewed. The contents are summarized as 
follows. 

1) By Tsunami attacks, many steel gymnasia was seriously 
damaged. The concrete classroom building generally 
survived as structures, performed well as temporary 
shelters. 

2) Although the seismic waves had no severe energy input in 
typical natural periods of buildings, many typical damage 
patterns as shear failure of columns and walls, buckling of 
braces were widely observed. 

3) In gymnasia, damages on bearing shoes and ceilings were 
widely observed, which affected to the availability as 
temporary shelters. 

4) Repair details for damaged bearings have been proposed 
for practice, and retrofit method using energy dissipation 
braces have been taken into practice. 
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Abstract:  Seismic damages and learnt lessons for bridges and civil engineering structures by the Great East Japan 
Earthquake are summarized. Although the ground acceleration was very large, the major damages were caused by 
Tsunami. Structures of Tohoku Shin-kansen were not seriously damaged. However, railway bridges and piers of local JR 
(Japan Railways) lines near the coastal line were severely damaged by Tsunami. Some of road bridges and other civil 
engineering structures near the coastal line were also severely damaged by Tsunami. 

 
 
1.  INTRODUCTION 
 

The Great East Japan Earthquake occurred at 14:46 on 
March 11, 2011. The epicenter was 24 km in depth from the 
seabed at 130 km east by southeast from Ojika peninsula 
(Figure 1). The magnitude was 9.0, which is the largest 
magnitude ever recorded in Japan. The epicentral area was 
very huge, about 500 km from Iwate pref. to Ibaraki pref. in 
the north-south direction, and about 200 km in the east-west 
direction. Due to the earthquake, huge Tsunami which height 
was more than 10 m occurred. In some place, Tsunami came 
up to nearly 40 m from the normal sea water level. The 
devastating disaster was caused by Tsunami (Figures 2 and 
3).  
 
2.  DAMAGES OF RAILWAY STRUCTURES 
2.1  Shin-kansen structures 

Damages of Tohoku Shin-kansen line were observed. 
Several reinforced concrete (RC) piers of Shin-kansen were 
damaged (Figures 4 and 5). It looks like the same damage by 
Kobe Earthquake in 1995. After Kobe Earthquake, all of 
Shin-kansen RC piers have been strengthened against the 
earthquake. However, since these piers are considered to fail 
in flexure,  sufficient shear reinforcement was not 

provided1). 
Within two weeks after the earthquake, the seismic 

strengthening work has been done to these piers (Figure 6). 
The collapse of prestressed concrete (PC) electric poles for 
Shin-kansen occurred in a wide area (Figure 7). The number 
of collapsed poles was around 540. It delayed the recovery 
of Shin-kansen line. In addition, the falling of ceiling boards 
of Shin-kansen platform of Sendai station occurred (Figure 
8). Emergency stop of Shin-kansen train was also caused by 
the earthquake (Figure 9). However, no derailing happened 
at all. 
 
2.2  Local JR lines 

In Tohoku region (Figure 10), there are many local JR 
lines near the coastal line. These local JR lines were severely 
damaged by Tsunami (Figures 11 to 15).  
 
2.3  Damages of bridges and piers of local JR lines 

Many bridges and piers of local JR lines near the 
coastal line were damaged by Tsunami. In Koganezawa 
bridge of JR Kesen-numa line, Kesen-numa city, four-span 
RC main girders were fallen down from the pier (Figures 16 
to 18). In Isato-maegawa bridge of JR Kesen-numa line, 
Minami-sanriku town (Figures 19 to 21), a RC pier was  

Figure 1  Epicenter and 
 JMA seismic intensity. 

Figure 2  Tsunami at Kamaishi city. Figure 3  Life jackets were swept away. 
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Figure 5  Shear reinforcement was  
insufficient. 

Figure 6  Strengthening work after 
the earthquake.  

 

Figure 4  Damaged Shin- 
    kansen RC piers.  

Figure 7  Collapse of PC electric 
   poles. 

   
 

Figure 8  Falling of ceiling boards 
   of Shin-kansen Sendai station.  

Figure 9  Emergency stop of  
Shin-kansen train. 

 

Figure 11  Fishing boat remaining 
      on JR Senseki line.  

Figure 12  Tsumani-driven cars and 
        rubble on JR Senseki line.  

Figure 10  Tohoku region. 

Figure 13  Twisted tracks of JR 
       Jyoban line by Tsunami. 

Figure 14  Completely destroyed  
Shin-chi station (JR Jyoban line) . 
 

Figure 15  Collapsed train cars of 
JR Ishinomaki line. 
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completely collapsed and a PC simple girder was swept 
away.  In these RC or PC girders, T-shaped cross-section 
was utilized. Since the gravity center of T-shaped 
cross-section is relatively high, these girders were fallen 
down from the pier and completely turned with upside 
down2).  

In Tsuyagawa bridge, JR Kesen-numa line, 
Kesen-numa city (Figures 22 to 24), the pier was failed with 
the break of longitudinal reinforcement and several piers in 
the river were inclined by Tsunami. After Miyagi-ken-oki 
earthquake (1978, Mj=7.4), the girders of Tsuyagawa bridge 
were directly connected to the piers to prevent the falling. In 
the Great East Japan Earthquake, huge horizontal force 
applied to the girders by Tsunami and these girders were 
swept away and the piers were inclined or failed.  

 

  
In summary, many simply supported RC or PC girders 

were fallen down from the pier or swept away. Since the 
strengthening work against a huge earthquake was 
insufficient or inadequate in these local JR lines, several RC 
piers were also damaged or failed with the break of 
longitudinal reinforcement. 
 
3.  DAMAGES OF ROAD BRIDGES  
3.1  Steel bridges 

Many steel road bridges were also damaged by 
Tsunami. A very unusual example is shown in Figures 25 to 
27. This is Shin-kitakami bridge, Ishinomaki city. The 
superstructure is a seven-span steel truss girder. After the 
earthquake, two-span main truss girders were swept away by 
Tsunami. Although RC piers remained without any serious  

Figure 17  Remaining abutment 
           and piers. 

Figure 16  Disappeared main 
   girders.  

Figure 18  Fallen main girder. 

Figure 19  Collapsed RC pier. Figure 20  Remaining abutment. Figure 21  Completely turned 
       girder with upside down. 

Figure 22  Collapsed RC pier. Figure 23  Failure of RC pier 
 with the break of reinforcement. 

Figure 24  Inclined RC piers by 
          Tsunami. 
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damage, two-span truss girders were found at around 500 m 
in the upstream of the river. Since water can go through the 
void of truss, generally the huge horizontal force does not 
apply to the superstructure.  

Unfortunately, in this case the flowing rubble in the 
river blocked the void of truss and provided the huge 
horizontal force to the superstructure. This might be the 
reason why the truss girders were swept away3). Another 
example of the damage for steel bridges is Koizumi bridge, 
Kesen-numa city (Figures 28 to 30). In this bridge, the 
device to prevent the falling of a girder was provided. After 
the earthquake, six-span steel plate girders were completely 
swept away. As a result, the device was not able to prevent 
the falling of a girder.  

 
3.2  Concrete bridges 

Many concrete road bridges were also suffered by 
Tsunami. However, several concrete bridges resisted against 
Tsunami. Figures 31 and 32 show Shishi-ori viaduct, 
Kesen-numa city. Although this bridge was submerged in 
Tsunami water, no damage was caused at all, because girders 
were connected each other and RC piers were already 
strengthened against a huge earthquake by the lapping 
method. Figures 33 and 34 are Matsukawa-ura bridge, Soma 
city. This is the long-span PC cable stayed bridge. Although 
several wave-dissipating blocks under the sea are found on 
the bridge deck after the earthquake, the bridge itself is 
sound enough. Figures 35 and 36 are Kawahara-gawa bridge, 
Rikuzen-takada city. This is a PC hollow slab bridge. 

Figure 25  Two-span main truss 
       girders were swept away. 

Figure 26  RC piers remained. Figure 27  Swept truss girders 
     in the upstream of the river. 

Figure 28  Six-span main plate 
        girders were swept away. 

Figure 29  Device was not able to
    prevent the falling of a girder. 

Figure 30  Swept plate girders  
in the upstream of the river. 

  

Figure 31  Submerged piers in 
          Tsunami water. 

Figure 32  Connected girders and 
           strengthened piers. 

Figure 33  Wave-dissipating blocks 
on the bridge deck. 
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Figure 34  Bridge is sound. Figure 35  Collision of a flowing  
wreckage. 

Figure 36  Bridge is sound. 

Figure 37  Bridge is sound. Figure 38  Fallen PC girders near  
         RC piers. 

Figure 39  Fishing boat stayed on 
 the slab of a PC girder. 

Figure 40  Slight damage of  
strengthened RC pier. 

Figure 41  Direction of applying  
moment can be predicted. 

Figure 42  Main girders were 
  fallen down. 

 

Figure 43  Fallen girder. Figure 44  The device was not 
  damaged. 

Figure 45  The anchor bars  
remained straight. 
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In spite of the collision of a flowing wreckage of a RC 
structure, this bridge was able to resist this impact.  Figure 
37 shows Furukawa bridge, Rikuzen-takada city. This is also 
a PC hollow slab bridge. Although the ground behind the 
abutment was completely washed out and the approach slab 
plate was required to use the bridge, Furukawa bridge itself 
is sufficiently sound. 

However, concrete bridges were also severely damaged  
by Tsunami. Figures 38 to 41 are Utazu bridge, 
Minami-sanriku town. PC main girders were fallen down 
from the pier. A fishing boat stayed on the concrete slab of a 
fallen girder. However, since the RC pier was already  
 
 

 
strengthened against a huge earthquake, the damage was 
very slight. In addition, from the damage of the pier, the 
direction of applying moment by Tsunami can be predicted. 

Numata bridge over railway, Rikuzen-takada city 
(Figures 42 to 45), has simply supported post-tensioned PC 
T-shaped girders. After the earthquake, PC T-shaped main 
girders were fallen down from the pier. However, the device 
to prevent the falling of a girder was not damaged at all. 
Furthermore, the anchor bars to connect a girder with a pier 
also remained straight. Therefore, PC main girders are 
supposed to be floating and then falling down from the pier. 
 
 

Figure 46  Completely collapsed  
breakwater and embankment.  

Figure 47  Breakwater of Tarou 
           port was collapsed. 

Figure 48  Wooden houses  
were completely swept away. 

Figure 49  Collapsed concrete blocks 
 of embankment on the apron deck. 

Figure 52  Damaged floodgate of  
Fudai-hama port. 

Figure 50  Damaged quay in  
Soma port. 

Figure 51  Damaged quay in 
  Soma port. 

Figure 53  Completely destroyed 
concrete bridge. 

Figure 54  Damage of Sendai 
airport by Tsunami. 
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4.  OTHER CIVIL ENGINEERING STRUCTURES 
4.1  Port structures 
 

Breakwaters and embankments were also severely 
damaged by Tsunami. Figures 46 and 47 are completely 
collapsed breakwater and embankment of Tarou port, Tarou 
town. Wooden houses near the port were completely swept 
away and a fishing boat stayed on the collapsed building at 
Soma port, Soma city (Figure 48). 

Figures 49 to 51 are damaged port structures of Soma 
port, Soma city as well. In Figure 49, huge concrete blocks 
of embankment were collapsed and moved up on the apron 
deck of the port by Tsunami. Figures 50 and 51 show the 
damaged quays in Soma port. 
 
4.2  Floodgate and airport 
 

Tsunami over the floodgate of Fudai-hama port, Fudai 
village, suddenly dropped on the concrete bridge and 
destroyed it dynamically (Figures 52 and 53). However, 
totally this floodgate worked well to hold Tsunami back.  

By Tsunami, mud water accumulated on Sendai airport 
(Figure 54). As a result of great effort, Sendai airport has 
re-opened at July 25. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

5.  CONCLUSIONS 
(1) Major damages of civil engineering structures were 

caused by Tsunami, not from the strong earthquake 
motion itself. 

(2) Except the electric poles and other attachments, the 
damage of Shin-kansen structures was relatively slight. 

(3) The damages of local JR line bridges and several road 
bridges were very serious. Many girders were swept 
away or fallen down by Tsunami. Several piers were 
also damaged by Tsunami.  

(4) Simply supported girders were fallen down and swept 
away by Tsunami. Especially, T-shaped girders were 
turned with upside down due to the high position of the 
gravity center. 

(5) To connect girders each other and to strengthen piers 
against a huge earthquake are effective countermeasures 
to strong earthquake. As for huge Tsunami, the 
cross-section and type of girders are very important. 
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Abstract:  When the magnitude 9.0 Tohoku Pacific earthquake and tsunami occurred, many schools and community 
centers were used for vertical evacuation places.  The authors conducted field surveys to collect information on how 
municipal offices had designated vertical evacuation places in Miyako, Kamaishi, Kesennuma, Minami-Sanriku, 
Ishinomaki, and Natori cities and towns prior to this disaster, and how they were used in the event. Further, interview 
surveys were conducted on emergency responses after the earthquake at some evacuation places in Natori city.  It was 
found that access to the roof floor and night time entry to the buildings, redundant tools to receive warning messages and 
share communication, emergency stocks of water and food are crucial, and too much use of automobiles for evacuation 
caused traffic congestion and delay of evacuation.  

 
 
1.  INTRODUCTION 
 

When the Mw9.0 Tohoku Pacific Earthquake occurred 
on March 11, 2011, at 14h46m, large tsunami exceeding 
10m attacked cities, towns and villages along coast and 
harbors of Iwate, Miyagi and Fukushima prefectures.  
According to observations by JMA, tsunami arrival times 
were 15h18m at Ofunato, 15h26m at Miyako, 15h26m at 
Ayukawa-Ishinomaki.  In total, human loss of 16,146 
people dead and 3,333 people missing, physical loss of 
126,491 houses and buildings collapsed, 227,600 houses and 
buildings partially collapsed are reported by FDMA (2011) 
as of December 12, 2011.  In the cities and towns along the 
Sanriku rias coast, people and local municipalities have long 
experienced tsunami disasters and have certain knowledge, 
planning and preparedness for evacuation from tsunami, 
while those on the sandy and alluvium plain of Sendai had 
little knowledge, planning and preparedness and it was very 
difficult to save lives.   

The authors carried out field reconnaissance surveys on 
tsunami evacuation buildings (denoted here as TEB) and use 
of tsunami hazard and evacuation maps in October, 2011. 
This study tries to clarify the conditions of tsunami 
evacuation buildings, how people used those emergency 
shelters and what we can learn to improve human 
evacuation against future tsunami in Japan and in other 
countries facing tsunami hazard.   
 
2.  SURVEY METHOD AND DAMAGE STATISTICS 
 

2.1  Field Survey 
Two of the authors (SF and GL) conducted field 

reconnaissance surveys visiting municipal offices and 
damage area in Taro town of Miyako city, Kamaishi city, 
Ofunato city, Kesennuma city, Minami-Sanriku town, 
Ishinomaki city, Matsushima town, and Natori city during 
October 19-28, 2011.  One of the authors (IM) joined the 
survey in Taro town, Kamaishi and Ofunato cities.  The 
other author (HM) joined the survey in Kesennuma, 
Ishinomaki and Natori cities. The locations of the survey are 
depicted in a map in Figure 1.  

Figure 1  Map of locations investigated, with epicenter of 
March 11 main shock indicated 
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We sent a Japanese translation of the questionnaire 

about tsunami hazard maps, tsunami alert communication, 
tsunami evacuation buildings and so forth, to the disaster 
management official of the cities and town offices in 
advance of our interviews.  We carried out additional 
interviews at fire departments and held meetings with 
community volunteer fire organizations.  We also visited 
tsunami evacuation buildings to examine conditions of the 
buildings, outside stairs, and trace of tsunami inundation 
damage at upper floors. The discussion and 
recommendations produced in the resulting GNS Science 
Report (Fraser et al., 2012) form much of the content of this 
paper. 

One of the authors (SF) was a member of the U.K. 
EEFIT reconnaissance team in May to June 2011, and 
another of the authors (HM) was an associate member of the 
team, therefore some data and information are referenced 
from the EEFIT (2011) report.   

One of the authors (HM) has conducted the 
questionnaire survey regarding tsunami evacuation behavior 
and tsunami warning information and transportation 
(Murakami and Kashiwabara, 2011) and have been 
conducting interview surveys of teachers and staffs of 
schools and community center in , Natori city, and a staff in 
the community center in Kesennuma city.  The results of 
those studies are referenced to clarify conditions of 
evacuation buildings at the time of tsunami attack.   
 
2.2  Damage Statistics 

Surveyed cities and towns are listed in Table 1 to 
compare human losses and fatality rate by population in the 
inundated area.  Number of people dead and missing is 
largest in Ishinomaki city with 3,892; exceeds 1,000 in 
Kamaishi and Kesennuma cities; and is close to 1,000 in 
Minami-Sanriku town and Natori city.  It is smaller in 
Miyako and Ofunato cities.  Fatality rate by population of 
the inundated area is 8% in Kamaishi and Natori cities, 
while it is smaller in Miyako, Kesennuma and Ishinomaki 
with 3% and in Ofunato with 2%.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
2.3  Tsunami arrival and JMA warnings 

Due to the location and extent of seafloor deformation, 
arrival time of the major waves was very short in the rias 
coastline.  Harbor tide gauges at Ofunato showed arrival 
time of as little as 30 minutes after the ground shaking 
commenced, affording little time for official evacuation 
response. Fortunately, many communities had previous 
experience of tsunami, which led to them evacuating on 
feeling sustained strong ground shaking.   

 
Table 2  Sequence of the tsunami warning updates by JMA 

(source: Japan Meteorological Agency (2011)) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

As  there was a very short time taken to produce the 
initial JMA warning after the earthquake (3 minutes), initial 
estimates of tsunami height were only 3m at the Iwate coast, 
and 6m at the Miyagi coast, based on early estimate of 
earthquake magnitude M7.9.  They were revised upwards  
in the 2nd warning at 15h14m and in the 3rd warning at 
15h30m (Table 2), however, transmitting these warnings to 
people were very difficult.  By this time, significant waves 
had already arrived at several locations where people had a 
false sense of safety. The failure of some tsunami warning 
and evacuation message dissemination systems – e.g. 
municipal wireless systems – contributed to the mis- 
communication of warnings.  In Minami-Sanriku, every  

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 1  Casualty statistics at locations investigated (JMA intensity source: Japanese Meteorological Agency, 2011.   
Census and damage data source: Statistics Bureau, 2011.)  

Municipality Miyako City
Kamaishi

City
Ofunato

City
Kesennuma

City

Minami-
Sanriku
Town

Ishinomaki
City

Natori City

JMA Intensity 5L to 5U 5U to 6L 6L 6L 6L 6L 6U
Total population (2010) 59,430 39,574 40,737 73,489 17,429 160,826 73,134
Population residing in inundated area
(Miyazawa, 2011)

11740 11390 8990 20880 8480 92210 10430

Percentage of total popl residing in
inundated area (Miyazawa, 2011)

20% 29% 22% 28% 49% 57% 14%

Percentage of population over 65
years (2005 data)

27% 31% 27% 27% 28% 24% 17%

Dead and missing (at October 11,
2011)

541 1078 446 1404 902 3892 981

Fatality rate (total population) 1% 3% 1% 2% 5% 2% 1%
Fatality rate (population in inundated
area by Miyazawa (2011))

5% 9% 5% 7% 11% 4% 9%

Time Expected Iwate Pref.
Miyagi
Pref.

Fukushima
Pref.

tsunami
height

3m 6m 3m

arrival
time
estimate

Assume it
arrived
already

15h00m 15h10m

tsunami
height

6m over 10m 6m

arrival
time

It arrived It arrived It arrived

March 11th,
15:30 (#3)

tsunami
height

over 10m over 10m over 10m

March 11th,
14:49
(warning #1)

March 11th,
15:14 (#2)
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house had a wireless emergency radio which receives 
tsunami warnings directly from town officials and it is 
believed that this mitigated the fatality rate.  In Natori city 
with wireless municipal radio system in trouble, where 
tsunami height is much lower, fatality rate of 8% is higher 
than 6%  in Minami-Sanriku town. 
 
 
3.  CONDITIONS OF EVACUATION BUILDINGS 
 
3.1 Government Recommendations for Tsunami 

Evacuation Buildings  
Tsunami evacuation buildings (TEB) were extremely 

valuable in reducing life loss on March 11, 2011.  The 
consistent education message delivered to the public in 
Sanriku rias coastal areas was to evacuate to highland as 
priority, but the strategy of having buildings designated 
according to government guidelines (Cabinet Office 
Government of Japan, 2005) proved successful in situations 
where people were unable to get to high land prior to 
tsunami arrival.  There are many TEB which saved lives of 
people, while in some cases tsunami inundation was too 
deep and arrived before people could reach safe floors, 
resulting in loss of life.  Buildings designated as TEB 
include schools, community centers, apartment blocks, and 
offices. Additional buildings and open spaces had been 
designated as evacuation refuges outside of tsunami hazard 
zone, but many were inundated due to the extreme level of 
tsunami height.  
 
3.2  Building Specification and levels of damage 

The key criteria from the 2005 guideline for official 
designation of buildings as tsunami evacuation buildings are 
that they: 
• Are of a minimum height according to estimated 
maximum tsunami height: 

o <1m depth = 2-storeys required 
o 2m depth = 3-storeys or higher required 
o 3m depth = 4-storeys or higher required 

•Are reinforced concrete (RC) or steel reinforced concrete 
(SRC) construction 
•Were constructed after 1981 (when the latest significant 
update of building codes occurred in Japan) 

Observations in Tohoku suggest that RC structures are 
the most effective buildings to use, as they are more resistant 
to debris impact and non-structural damage. Although the 
structure of steel buildings survived tsunami flow very 
effectively, high levels of cladding damage and potential for 
significant damage of structural members from debris strike 
makes them unsuitable for subsequent use as a safe refuge.  

No TEB in the areas we visited was overtopped, 
although in some cases in rias coast, the maximum 
inundation height was close to the building roof when the 
tsunami arrived at low tide. This has caused some disaster 
prevention officials to call for a minimum height for TEB of 
5-storeys. Despite this, there were some buildings which, at 
only 2-storeys in height, proved sufficient as a refuge in 
Ishinomaki and Natori cities. 

3.3 Observations of Evacuation Buildings  
Kamaishi City 

There were 3 designated tsunami evacuation buildings 
in Kamaishi district at the time of this event: an 8-storey RC 
frame apartment blockand a 2-storey RC government 
building in the city, and a 4-storey steel frame hotel near 
Unosumai. An estimated 50 people evacuated to the 
apartment block and government building. The owner of the 
hotel directed guests to high ground behind the hotel, rather 
than staying in the building. Damage was limited to glazing 
and very minor cladding damage on the government 
building; debris impact of a steel frame vehicle lift, glazing 
and damage to non-structural RC-infill panels on the 
apartment block (EEFIT, 2011). The hotel at Unosumai 
suffered non-structural damage at the ground floor only. 
 
Ofunato City  

Seven buildings in Ōfunato City were recognised by 
the community and municipal government as TEB, although 
these were not officially designated as they did not meet the 
standards set by the 2005 government guidelines, due to 
them being constructed prior to 1981. As result, the 
buildings are defined through informal arrangements with 
the building owners (Figure 2).  

 
 
 
 
 
 
 
 
 
 
 
 

Figure 2  Tsunami evacuation map for community in 
Ofunato with TEB indicated. 

 
 
 
 
 
 
 
 
 
 
 

Figure 3  Maiya shopping center in Ofunato. 
 

This arrangement is in place for the Maiya shopping 
plaza and adjacent multi-storey car park (Figure 3), 2 private 
commercial and apartment blocks , Fukutomi Hotel, Plaza 
Hotel (Figure 4), Kesennuma Banking building, Nokyo 
Credit Co-operative building, and the Wedding Plaza. 
Despite the construction of these buildings prior to latest 
seismic requirements, they were not significantly damaged 

- 91 -



 

 

in this earthquake. The only structure less than 4-storeys in 
height is the RC construction Wedding Plaza, which was 
inundated almost to its roof but survived intact.  
 

 
 
 
 
 
 
 
 
 
 
 

Figure 4  Ofunato Plaza Hotel in Ofunato 
 
Kesennuma City 

Twelve buildings were designated as TEB by 
Kesennuma City in 1982 with a further 3 added later – 2,327 
people were saved in 10 of these buildings in the city. With 
the exception of the car park deck over the fish market 
which was constructed with vertical evacuation as a planned 
function, these buildings were all existing structures. Being 
constructed over a fish market, the car park essentially has 
an open ground floor allowing flow beneath the structure.  
At Kesennuma Central Community Center (Figure 5), 450 
people including children from daycare center took refuge 
despite it being inundated to the 2nd floor. Communication 
from TEB to the city headquarters was very difficult, and 
e-mail by mobile phone and Twitter sharing helped 
broadcasting the crisis (Kahoku Shinpo newspaper, 2011a).  
Yayoi food factory (Figure 6) had collaborated with the 
community to carry out evacuation training before the 
disaster, and 400 people, of which many were workers and 
some were from community took refuge in this building. 

Consideration is being given to changes in 
characteristics of buildings used for vertical evacuation in 
Kesennuma, as several buildings were close to being 
overtopped.  The tsunami occurred at low tide, and it is 
estimated that if the tide and tsunami combined had been 1m 
higher, some buildings would have been overtopped.  In 
recognition of this, the fire department believes that 
buildings designated for vertical evacuation in future should 
be 5-storeys or greater. Additional features for consideration 
include night-time lighting to indicate evacuate routes, and 
emergency power in TEB.  Fires were a significant issue in 
Kesennuma, after 51,000 liters of oil was spilt from ruptured 
oil tanks.  Many buildings burned and some evacuation 
centers, such as Central Community Center and Yayoi food 
factory narrowly avoided catching fire while occupied by 
evacuees.  A government committee has been set up to 
prevent such a spillage of oil in industrial areas occurring 
again, and the fire-proofing of TEB was raised as a 
consideration for future design of such facilities. 

 
 
 

Figure 5  450 people evacuated to Kesennuma Central 
Community Center inundated up to 2nd floor,.  There are 

external stairs on the left side. 

Figure 6  Yayoi food factory in Hamacho, Kesennuma city 
where 400 people evacuated. 

 
Minami -Sanriku Town 

There were 4 designated tsunami evacuation buildings 
in Minami-Sanriku, designated based on the 2005 
government guidelines: 
i. Shizugawa Hospital (Figure 7), where 250 people, of 
which 150 were patients, survived the tsunami on the 5th 
floor of the two buildings.  However, 71 people lost their 
lives, the majority of whom were patients who could not 
relocate to the top storey due to illness/weakness, and staff 
had extreme difficulty trying to relocate them without 
elevators and electricity (Kahoku Shinpo newspaper, 2011b). 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7 Shizugawa hospital in Minami-Sanriku town, with 
5-storey (left) and 4-storey (right) blocks inundated up to the 

4th storey. 
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ii. The Matsubara community apartment block, which is 
owned by the town, is located at the harbor front. It is RC 
construction, 4-storeys, and 44 people survived on the roof, 
despite inundation up to the 4th storey at approximately 16m 
height (Figure 8). This building was constructed in 2007 and 
planned as a vertical evacuation structure to provide refuge 
to large crowds at the adjacent sports ground. This is the 
only building in Minami-Sanriku with tsunami evacuation 
signage, due to its construction after use of common signage 
began in 2004. There were initial public concerns about the 
building being used for tsunami evacuation due to its 
location, but it was agreed that 4-storey plus roof access 
would provide safe elevation. 
iii. The Takano Kaikan wedding ceremony building 
provided refuge to 330 people, most of whom were elderly 
and attending an assembly at the time of the earthquake. The 
building owners considered use of this building in 
evacuation as corporate social responsibility. 
iv. Despite being only 2-storey in height, the fishing 
co-operative building was designated for vertical evacuation 
use to protect its workers and fishermen. The building was 
unused on March 11. 

Following experiences of March 11, the disaster 
prevention official in Minami-Sanriku recommends TEB 
should all be higher than 5-storeys. Evacuation towers may 
be considered in the town for the future but primary advice 
will be to evacuate to higher ground rather than using 
buildings or towers. These should remain a last resort as 
people can become isolated in buildings and require rescue.  
 
 
 
 
 
 
 
 
 
 
 
 

Figure 8  Matsubara community apartment in waterfront 
saving 44 people in Minami-Sanriku town.  The ground 

was subsided in the earthquake. 
 
Ishinomaki City 

Following production of the 2005 government 
guidelines on vertical evacuation, Ishinomaki City office 
reached agreement with 3 private companies in the 
Minato-machi district of the city to use their facilities for 
evacuation. On March 11, 2011, around 500 people 
evacuated to these buildings:  
i.  York Benimaru shopping center  (Figure 9) 
ii.  Homac hardware center 
iii. Hotaru funeral facility  

Although these buildings are only 2-storeys high, they 
were deemed appropriate for the city’s level of tsunami risk. 
Two of the buildings (Homac and Hotaru) have external 

vehicle ramps leading to car parking space on the 2nd storey; 
the funeral facility appeared not to have external access, and 
it is unclear whether 24 hour access is available. It was 
agreed that the city would pay compensation to the building 
owners in the event of damage or costs incurred to the 
property when people evacuate to the property – for example, 
people having to break in or occupy the building for long 
periods of time.  

Almost any building that is higher than a single-family 
residential structure was used for vertical evacuation in this 
event. About 260 official and unofficial evacuation places 
were used in total in the early stages, providing refuge to 
around 50,000 people. These included schools, temples, 
shopping centers and apartment blocks.  Relocation of 
evacuees was required in some locations, for example at 
Kadonowaki Elementary School (Figure 10), which was 
inundated at the 2nd storey and was subsequently damaged 
by fire within 1 hour of the earthquake. Those people that 
had evacuated to the school, pupils and teachers were able to 
leave the school prior to the fires, moving to Hiyoriyama 
hill.   

 
 

 
 
 
 
 
 
 
 
 
 

Figure 9  York Benimaru supermarket in Minato district, 
Ishinomaki city. 

 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 10  Kadonowaki Elementary School, in Ishinomaki 

city. 
 
Natori City 
 Three public buildings in Yuriage had been specified by 
the municipality office as evacuation places: Yuriage 
Community Center (Figure 11), Yuriage Elementary School, 
and Yuriage Junior High School (Figure 12).  Sendai 
International Airport in Kitakama was also an evacuation 
location, through an existing agreement with local residents 
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that it would be used in the event of a tsunami. The number 
of people who evacuated to those buildings was 43 in the 
community center, 800 in the junior high school, 870 in the 
elementary school and more than 1,000 at the airport. Other 
buildings between Yuriage and the airport, such as a 
pump-house and a university boat club building were also 
successfully used as evacuation places. A pedestrian 
footbridge close to the Yuriage Bridge was also used.  
 The designated buildings in Yuriage were 3-storeys in 
height except for the 2-storey community center; this 
building was designated as an evacuation place, as the 
expected tsunami along the Natori coast was 4m maximum 
and would not inundate the residential area (Natori city, 
2001). In this event a small amount of water reached the 2nd 
storey but people survived at that level.  People who first 
evacuated to the community center were redirected to higher 
buildings of the junior high school or elementary school in 
response to tsunami warning of 10m high, and some of those 
lost their lives due to traffic congestion and delay of 
evacuation (Murakami and Kashiwabara, 2011).  

In the elementary school, some parents of pupils 
insisted they leave the building with their children after the 
expected tsunami arrival time due to lack of basic 
knowledge about the nature of tsunami and real time 
information of subsequent devastating tsunami waves. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 11  Yuriage Community Center, inundated to the 2nd 

storey. The building provided refuge to 43 people. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 12  Yuriage Junior High School, 3-storey with 1st 
storey inundated. The building was a refuge for 823 people. 

 
 

4.  KEY FACTORS FOR TSUNAMI EVACUATION 
BUILDINGS  

 
 Figure 13 indicates the relation of number of storeys of 
the TEB (including roof level when accessible) and the 
number of storeys inundated on March 11.  In Ishinomaki 
and Natori cities, inundation level was mostly up to the 
ground floor (1st storey) level, while in Kesennuma and 
Ofunato cities, it was much higher and up to 3rd storey, and 
the worst cases in Minami-Sanriku reached to the 4th storey.  
Also municipal office buildings of Minami-Sanriku town, 
Otsuchi town, Rikuzen-Takata city, and so on sustained 
substantial loss of lives of their personnel, since they were 
on duty in 3-storey buildings which were unexpectedly 
inundated to the roof level.  

Figure 13  Relation of number of storeys of TEB and 
inundation level observed (n=24 cases). 

 
4.1  Access to Buildings   

Access to the roof of TEB is crucial, since tsunami 
height estimation depends on earthquake source scenario 
and there is always probability of exceeding the hazard map 
estimation.  Night time access and entry to the building 
should be arranged, preferably via external stairs.  Signs 
and codes of buildings should be placed at roof level to 
allow easy recognition of the building from long distances 
on the ground, and from the air for helicopter rescue.  
 
4.2  Stock of Emergency Water and Food 

Emergency water, food and blankets should be kept in 
each TEB and at ordinary evacuation facilities.  The 
possibility of rainwater harvesting systems and partial water 
storage should be considered on the upper floors to prevent 
pollution from sea water during inundation. 
 
4.3  Communication and Information 

Daily use of portable radios with batteries is 
recommended.  Municipal wireless system should be 
reliable and well maintained.  Redundant means of 
communication are required for a resilient system, and could 
consist of both conventional and new technologies.  
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4.4  Use of Automobiles 
There are good reasons and benefit not to use 

automobiles in case of tsunami reaching emergency.  
i  Parking places in evacuation places are limited and road 

access can be easily blocked with heavy vehicle traffic.   
ii  Disabled and elderly people need assistance to evacuate 

by cars, so people in normal conditions are 
recommended to evacuate on foot or by bicycle 
(Murakami and Kashiwabara, 2011).   

iii  There were cases of fire spreading after cars collided in 
the waves, so that those fires might endanger evacuation 
building and people there.   

 
 
5.  CONCLUSIONS 
 

A field survey was conducted to investigate conditions 
and roles of tsunami evacuation buildings (TEB) in 7 cities 
and towns in Iwate and Miyagi prefectures, through 
interviews with municipal officers in disaster management 
sections and fire departments.  This paper examined 
observation results and found that TEB did not sustain major 
damage from earthquake shaking and played an important 
role in saving lives of inhabitants in tsunami inundated areas, 
though there was a case of a hospital in which many patients 
lost their lives.  As lessons from this Tohoku tsunami 
disaster, the authors highlight the importance of adequate 
height and capacity of buildings, with 24 hour direct roof 
access, dedicated stocks of emergency water and food, and 
redundant communication and information tools. In addition, 
the danger of using automobiles in evacuation is highlighted 
and discouraged. 
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Abstract:  The intensive reconstruction works from the Tohoku Pacific Ocean Earthquake had been launched since 
February 10, 2012 with the inauguration of the Reconstruction Agency, which was authorized by the Basic Law for 
Reconstruction enacted on July 24, 2011. It is however still suspicious that all reconstruction works will be completed 
within the scheduled ten years since the function of the Agency is quite limited. Apart from that more substantial 
questions should be taken into account for successful completion of the whole reconstruction works. They are budgetary 
constraint, inconsistency with regional development, the anticipating earthquake risk in Metropolitan area, the return 
home of the escapees from Fukushima Nuclear Power Plant and so on. This paper illustrates the current progress of the 
reconstruction works of the central and the affected local governments, and tries to highlight the above mentioned latent 
problems to be solved. 

 
 
1.  MACROECONOMIC IMPACT  

 
The Cabinet Office of Japan officially announced the 

macroeconomic impact of the earthquake on June 24, 2011. 

According to it, the total loss estimate by the earthquake 

amounts to 16 trillion and 900 billion yen (about US$ 211 

billion; at the rate of US$1=80 yen). This estimate, however, 

does not include either the effects from the on-going incident 

at the Fukushima First Nuclear Power Plants or the effects 

from the rolling black-out that has been imposed in the 

Kanto region. The item-wise loss is shown in Table 1.   

 

Table1. Loss estimate (billion yen) 
 Tohoku 

EQ 
Kobe 
EQ 

Buildings 
(houses, shops, office, 
factories, etc) 

10,400 6,300 

Life line facilities 
(water, gas, electricity, 
communication etc) 

1,300 600 

Social infrastructure 
(river, road, port, 
swage, air port, etc) 

2,200 2,200 

Agriculture and 
fisheries 
(farm land, forestry, 
ships. Etc) 

1,900 500 

Others 
(school, hospital, 
garbage disposal, etc) 

1,100 

Total 16,900 9,600 
 

2.  POLICY GUIDELINE FOR RECONSTRUCTION 

 

In early April, around one month after the occurrence of 

the earthquake, an advisory committee for the Prime 

Minister, named as the Committee on Reconstruction 

Initiative for the Eastern Japan Earthquake was formed 

aiming at designing the basic policy guideline for 

reconstruction. On June 26, 2011, the committee submitted 

the report entitled “Recommendations for Reconstruction: 

Hope in Tragedy”
 (1)

. On the base of this report, the 

Headquarters for the Reconstruction from the Great East 

Japan Earthquake (the Headquarters, hereafter) of the central 

government announced “The Basic Policy Guideline for 

Reconstruction”
 
on July 29, 2011

(2)
. 

The policy guideline declared the following points. 

- To designate a special district for reconstruction, 

- To arrange a special subsidy that is at the affected local 

governments’ disposal,  

- To equip a mixed tsunami protection system for supporting 

evacuation, 

- To encourage solar or wind power generation in the 

affected region, and  

- To establish a Reconstruction Agency  

 

 

3. RECONSTRUCTION FRAMEWORK 

 

3.1 Reconstruction Cost 

With regard to the total reconstruction cost disbursed by 

the local and central governments, the Headquarters 

determined to prepare 23 trillion yen (US$ 290 billion at the 

rate of US$1=80 yen) during the coming 10 years of 

reconstruction period, and about 19 trillion yen (US$ 237 
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billion), 80 % of the total amount, will be spent during the 

first five years which are regarded as “an intensive 

reconstruction period”. On this policy, the total of 20,283 

billion yen (US$ 253.6, at the rate of US$1=80 yen) has 

been prepared as the first to fourth supplementary budget in 

the FY 2011 (Table 2). 

  The first supplementary budget have been spent to the 

rescue and response operations by the Self-Defense Force, 

Police and Fire Services (20%), debris treatment (9%), 

urgent recovery of public facilities (40%), financial 

assistance to small industries and agriculture and fisheries 

(16%), and subsidy to the local governments for temporally 

housing, and assistance to the victim’s life and so on (15%). 

   The second supplementary budget was supposed to be 

spent for compensation for damage by Fukushima First 

Nuclear Power Plant (14%), financial assistance to the 

victim’s life (19%), a reserve fund for recovery and 

reconstruction (40%), and the special subsidy to the affected 

local governments (27%). 

   The third supplementary budget was prepared toward 

intensive reconstruction works. Out of it, however, 2,490 

billion yen was for supplementation of a source of pension 

fund. Thus proper budget for reconstruction was 92,438 

billion yen. It is distributed to rescue operations and 

emergency assistance to the victims (1%), debris treatment 

(4%), recovery of public facilities (16%), financial assistance 

to small industries and agriculture and fisheries (7%), special 

subsidy to the affected local governments (35%), recovery of 

Nuclear Power Plant (4%), and other related activities 

(33%). 

   The fourth supplementary budget includes 1,268 billion 

yen for supplementation of general social welfare, support of 

encouragement of ecological car, international contribution 

and emergency assistance to the flood disaster in Bangkok. 

Thus, only 1,266 billion yen is supposed to be used for the 

reconstruction of the Tohoku Pacific Ocean Earthquake. It is 

distributed to regeneration of agriculture and fishery (71%), 

and special subsidy to the affected local governments (28%). 

 

 Table 2 Supplementary Budget (billion) 

Supplementary  

Budget 

Date Amount 

Yen US$ 

 1
st
 May 2, 2011 4,015 50.2 

2
nd

 July 25, 2011 1,999 25.0 

 3
rd
  Nov. 21 ,2011 11,734 146.7 

 4
th
  Feb. 8,2012 2,535 31.7 

Total 20,283 253.6 

 

These budgets has been and will be accumulated by 

saving of annual expenditures, sale of national assets, 

reduction of salaries for public servants, earthquake 

reconstruction loan, and temporal taxation, in order to avoid 

influencing on the current debt accumulated to 800 trillion 

yen (US$ 10 trillion) as of the end of March 2011.
 
This 

estimate does not include the cost for treatment on the 

Fukushima Nuclear Power Plant. 

 

 

3.2 Institutional Arrangement 

(1) Reconstruction Agency 

   The key institutional arrangement of promoting the 

reconstruction works from the Tohoku Pacific Ocean 

Earthquake is the establishment of the Reconstruction 

Agency, which has been authorized by the Basic Law for 

Reconstruction enacted on June 24, 2011. The Agency with 

personnel of 250 persons has been inaugurated since 

February 10, 2012, and will be operated for 9 years from 

now on.  

The main function of the Agency is to distribute the 

national budget to the reconstruction projects, to allocate 

special subsidies for reconstruction to the affected local 

governments, and to approve the special district for 

reconstruction where the normal regulations can be eased. 

The Agency is very much expected to function as the 

center of intensive reconstruction works. It is, however, still 

suspicious that all reconstruction works will be completed 

within the scheduled ten years since the function of the 

Agency is quite limited, and the operation criteria for 

approving applications by the affected local governments are 

rather strict. In addition, only 40% of municipalities have 

succeeded in getting people’s consensus on their 

reconstruction plans..  

  

(2) Special District for Reconstruction, 

   The purpose of the special district for reconstruction is to 

promote industrial activities and to generate new job 

opportunities by means of tax free privilege or releasing new 

investors from normal regulations.  

   Miyagi Prefecture is proposing “The Special District for 

Promoting Private Investment”, where a newly located 

company will be exempted from production tax for five 

years. 

   Iwate Prefecture is proposing “The Special District for 

Health, Medical Services and Social Welfare”, where 

national criteria for deployment of medical doctors and 

nurses will be eased in order to improve medical services at 

the current low level, and “The Special District for Industrial 

Regeneration”, where tax free policy will be applied. 

   Aomori Prefecture is proposing “The Special District for 

Creation of Job Opportunity”, which is the same with the 

above mentioned two districts.  

 

(3) Special Subsidy for Reconstruction 

  The total of 1tlliion and 800 billion yen (US$23 billion) 

was reserved as this subsidy in the 3
rd

 supplementary budget. 

The first applications by the affected local governments were 

made at the end of January, 2011, and more than 78 

municipalities of 7 prefectures had applied to about 400 

billion yen. The subsidy can be used to the 40 designated 

reconstruction projects, including resettlements project to 

elevated ground, public housing construction, and so on. 

Once they are approved, no burdens for implementing the 

projects can be shouldered by the local governments. 
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4.  PROGRESS OF RECONSTRUCTION PLAN 

 
   There are 42 municipalities which were severely 

damaged by either tsunami or radiation leak or by both of 

them (Table 3). This paper tries to outline the reconstruction 

plans of just 28 municipalities affected by the tsunami. 

 

    Table 3 Classification of Damaged Municipality 

Damage No. of municipality 

By tsunami 28 

By tsunami and radiation leak 9 

By radiation leak 5 

 Total 42 

 

   Main planning components of their reconstruction plan 

to protect tsunami are;  

- Resettlements to elevated ground  

- Residential area raising, 

- Road raising for tsunami protection, 

- Railway raising for tsunami protection, 

- Seawall raising or strengthening, 

- Evacuation building, and 

- Artificial hill construction. 

   The plans are formed by applying to one of them or 

combining them. Table 4 shows that 14 municipalities plan 

to resettle the residents on the elevated ground, 6 

municipalities plan to reconstruct on the previous low land 

as they were, and 8 municipalities plan to combine both of 

them. (Based on the survey conducted by Yomiuri News 

Paper on December 11, 2011)  

 

     Table 4 Resettlements Plan 

Plan component No. of municipality 

Resettlements to elevated ground 14 

Residential area rising 6 

Combination 8 

Total 28 

 

  As to tsunami protection, there are two options of seawall 

construction. One is to raise a seawall, and the other is to 

block it by multiple protection line such as road or railway. 

   Even though a residential area can be constructed on a 

elevated ground, certain function of fisheries or commences 

cannot help being located on lowland protected by seawall 

or so. Thus, the reconstruction plans can roughly be 

classified by four types as shown in Table 5. The differences 

of the plans depend on their geographical features. 

 

    Table 5 Four Types of Reconstruction Plan 

 Seawall Multiple Total 

Elevated 

ground 

15 7 22 

Lowland 5 1 6 

Total 20 8 28 

 

 

 

5. FURTHER PROBLEMS 

 
5.1 Capacity of Affected Local Governments 

   One of the most severe problems which the affected 

local governments are confronted with is lack of capacity in 

terms of financial and human resources. 

  According to the questionnaire survey to the mayors of 42 

municipalities conducted by Mainichi News paper on 

December 2011, fifteen mayors (36%) pointed out financial 

resources as the most important issues since their major 

industries were almost disappeared, and 32 mayors were 

worried about the future management of their municipalities 

although most of them appreciated the framework of the 

third supplementary budget prepared by the central 

government. 

In a normal development planning system, the local 

governments can formulate their development plan based on 

the estimate of an annual budget framework including 

anticipating subsidy from the central government, which is 

rather stable every year. In an emergency case, however, 

their budget framework depend 100% on the reconstruction 

grant given by the central government. Since the grant had 

not been clarified at the early stage, the local government 

had not been able to formulate the plan, resulted in the delay 

of reconstruction activities. Rather the central government 

seemed to intend to determine the total amount of the grant 

through accumulating the requests by the respective affected 

local governments. Thus, both bodies waited for the decision 

of the others and had come to a deadlock.  

   The lack of human resources is another serious problem. 

Eleven mayors (26%) stated that office works of their 

municipalities far exceeded the capacity of the officials. One 

of the mayors estimated that the work at present would be 40 

times than the one at the normal year. 

  Not only the public officials but also the private 

construction companies in the affected areas face serious 

problems in lack of their employees due to huge amount of 

contract works generated as the implementation of the 

reconstruction progresses.   

 

5.2 Consistency with Regional Development Planning 

  The second question is more or less related to the regional 

development strategy for the reconstruction, which is not 

appeared in the plans drawn by the affected local 

governments. The earthquake caused severe damage to 

agriculture and fisheries in the Tohoku Pacific Ocean region, 

where is one of the best farm and marine production sites in 

Japan. The production system of the region, however, had 

been very traditional and individual oriented so far. This 

opportunity of recovering the region, therefore, should be 

taken to modernize its production system in order to meet 

the standard of global market in terms of cost effectiveness. 

Such structural change can only be made by the strong 

initiative of the central government rather than by just 

responding to the requests of the local governments. 
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5.3 Budget Constraint 

   The next question is whether the total budget for 

reconstruction is sufficient to complete all of the 

reconstruction plans drawn up by the affected local 

governments. The central government estimated that the 

reconstruction cost required would be 23 trillion yen 

(US$300 billion), and thus prepared 19 trillion yen as the 

first to fourth supplemental budget in FY2011, which were 

supposed to be intensively used during the first-half 

reconstruction period. This budget, however, included the 

expenses for response operations such as rescue and relief, 

temporally housing, debris treatment and so on, and only 5 

to 6 trillion yen could be used for proper reconstruction 

works to create new residential areas. Even though the 

remaining budget of 4 trillion yen could be fully used for 

building a new community, the total budget amounts to 10 

trillion yen. According to the author’s estimate, one unit of 

totally and half collapsed buildings can be reconstructed as 

an element of new residential town by 70 to 100 million yen, 

including land acquisition cost, land raising cost, 

infrastructure cost, and community facilities cost. Thus, the 

total cost for perfect reconstruction of the affected area 

amounts to 20 to 28 trillion yen multiplied by the 280 

thousand collapsed buildings. It means that the additional 

budget will be definitely needed in the future 

 

5.4 Earthquake Risk in Metropolitan Region 

   However, the central government cannot afford to 

increase the budget because it is anticipated that another 

earthquake may hit the Metropolitan Tokyo with a 

probability of 70% within coming 30 years. Thus, some 

governmental latent assets have to be spared for recovery 

and reconstruction from the anticipating earthquake, which 

may cause economic loss of 67 trillion yen and require 100 

trillion yen (US$1.25 trillion) for recovery and 

reconstruction. If it happens, the reconstruction works from 

Tohoku Pacific Ocean Earthquake must be interrupted. 

 

5.5 Escapees from Fukushima NPP 

   The return home of the escapees from Fukushima 

Nuclear Power Plant is another question to be answered 

urgently, but there is no way to see it for the time being. 

   After the eruption of the Fukushima First Nuclear Power 

Plant, the government designated three areas and set up 

evacuation criteria for the sake of resident’s safe. They are; 

- Warning Area: district within a 20-km radius from the 

Power Plant, 

- Planned Evacuation Area: Outside district of a 20-km 

radius from the Power Plant with more than 20 

millisievert (mSv) of annual accumulated radiation, 

and  

- Emergency Evacuation Preparation Area: Between a 

20-km and 30-km from the Power Plant 

   As the treatment of the Power Plant achieved the second 

step of stable cooling, the designation of the emergency 

evacuation preparation area was removed on September 30, 

2011. It was also decided that the central government was 

responsible for clean the areas contaminated by radioactivity 

in both the warning and the planned evacuation area.  

   These designated areas are supposed to be rearranged to 

the following new three areas after April 1 2011. 

 - Area for preparing release evacuation instruction: Less 

than 20 mSv radiation per year. The residents can return 

under certain qualified living environment. 

 - Restricted area for residence: Between 20 and 50 mSv 

radiation per year. The residents will be able to return 

within a couple of years.  

 - Difficult return area for long term: More than 50 mSv 

radiation per year. The resident will not be able to return 

within 5 years. 

   A question to be raised is on how to support the residents 

who used to live in the area where will be designated as the 

area of difficult return. It is definitely a part of 

reconstruction. 
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Abstract:  This project conducts a comprehensive research towards earthquake and tsunami disaster mitigation in Peru 
under the framework of "Science and Technology Research Partnership for Sustainable Development (SATREPS)", 
sponsored by Japan Science and Technology Agency (JST) and Japan International Cooperation Agency (JICA). The 
project focuses on five research fields such as seismic motion and geotechnical issues, tsunami, buildings, spatial 
information database and damage assessment, and disaster mitigation plan. It has been two years since the project has 
started after signing on the Record of Discussion (R/D) in January 2010. During these periods, researchers from different 
fields coordinate the schedule and collaborate together to achieve the overall project goals. This paper describes the scope 
of the work and the progress of the JST-JICA Project on Earthquake and Tsunami Disaster Mitigation in Peru.  

 
 
 

1.  INTRODUCTION

 

A project of “Enhancement of Earthquake and Tsunami 

Disaster Mitigation Technology in Peru” has started since 

2010 to conduct a comprehensive research towards 

earthquake and tsunami disaster mitigation in Peru. This 

project is performed under the strong collaboration 

among Peruvian and Japanese researchers with the 

framework of “Science and Technology Research 

Partnership for Sustainable Development (SATREPS)”. 

Fig. 1 shows the project system between two research 

institutes and two funding agencies. Research institutes in 

Japan primary consist of Chiba University, Tohoku 

University, Building Research Institute, and Tokyo 

Institute of Technology. Research institutes in Peru 

primary consist of National University of Engineering, 

Peru (UNI), Geophysical Institute of Peru (IGP), 

Direction of Hydrology and Navigation (DHN), and 

National Institute of Civil Defense (INDECI). Fumio 

Yamazaki and Carlos Zavala are leading the research 

teams as the principal investigators of this project. Japan 

Science and Technology Agency (JST) supports the 

Japanese institutes for the data collection of the global 

earthquake and tsunami disasters. Japan International 

Cooperation Agency (JICA) supports the project for 

Peruvian institutes by sending the Japanese experts, 

machinery, and inviting the Peruvian trainees to Japan. 

This joint sponsorship is unique and specially developed 

for the framework of SATRES projects. 

 
Fig. 1 Scheme of Science and Technology Research Partnership 

for Sustainable Development (SATREPS) 
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2.  BACKGROUND AND OBJECTIVES 

Earthquakes and tsunamis are major concerns in the 

Asia-Pacific region towards sustainable developments for 

these countries. Understanding natural hazards and 

upgrading societal resilience are necessary to reduce 

disaster risks. Since earthquakes and tsunamis are rare 

events, the data collection is important in a global scale. 

Therefore, the international collaboration is a key among 

these countries by sharing their experiences. Currently, 

Japan is one of the leading societies in the field of 

international disaster mitigations because of its long 

history for challenging the earthquake and tsunami 

disasters.  

Peru also has a long history for the earthquake and 

tsunami disasters with the similar seismic environment to 

Japan. Fig. 2 shows the tectonic settings for this region. 

Large plate-boundary earthquakes occurred recently in 

the offshore of Atico (Mw 8.4, June 23rd, 2001) and in the 

offshore of Pisco (Mw 8.0, August 15th, 2007). Seismic 

shakings and tsunami caused hundreds of fatalities with a 

large number of building failures and infrastructure 

damages. Hence, earthquakes and tsunamis are major 

concerns in Peruvian society too.  

Peru and Japan have a long-term relationship 

which started in 1873 with the diplomatic relation. A 

large number of immigrants from Japan settled down in 

Peru in the early 20th century. In 1987, Japan-Peru Center 

for Earthquake Engineering and Disaster Mitigation 

(CISMID) was established in National University of 

Engineering (UNI) by the support of Japanese 

government. CISMID became a leading center of 

earthquake engineering research in South America, and 

has collaborated with many Japanese research institutions 

such as Building Research Institute in Tsukuba, Japan.  

Scopes of this joint research project between Peru 

and Japan are described into four points: 1) contribution 

of Japanese science and technology to disaster mitigation 

in Peru, 2) providing research fields to Japanese 

geoscience and earthquake engineering, 3) contribution to 

international tsunami research for subduction-zone 

earthquakes, and 4) promotion of disaster mitigation and 

capacity building by sharing the knowledge between 

countries. 

 

3.  RESEARCH ORGANIZATION AND TOPICS 

Fig. 3 shows the research organization of this five-year 

project. The project primary comprise five main research 

topics: Strong motion prediction and development of 

seismic microzonation (Group 1); Development of 

tsunami effects based on numerical simulations (Group 

2); Enhancement of seismic resistance of buildings based 

on structural experiments and field investigation (Group 

3); Development of spatial information database using 

remote sensing technology and earthquake damage 

assessment for scenario earthquakes (Group 4); 

Development of earthquake and tsunami disaster 

mitigation plan and its implementation to the society 

(Group 5). Each research has the collaboration research 

groups in Japan and Peru to fulfill the project objectives. 

For instance, the researchers in Chiba University work 

together with IGP in the field of seismic motions and 

geotechnical issues. Similarly, Tohoku University 

collaborates with DHN in evaluating the tsunami hazard 

in Peru. Building Research Institute and CISMID 

collaborate to evaluate the building vulnerability in Peru. 

Tokyo Institute of Technology and CISMID perform the 

damage assessment together against the earthquakes in 

Peru. Finally, these works are summarized and 

implemented into disaster mitigation plans in Peru by 

collaborating with Chiba University and INDECI. 

Fig. 4 shows the research topics and items for each 

group in the project. Based on the research outputs from 

the four groups (G1-G4), the disaster mitigation plan 

group (G5) will propose mitigation strategies for 

earthquake and tsunami disaster and implement those into 

Peruvian societies. 

 

Fig. 2 Tectonic Setting and Epicenters of Earthquakes in 

Peru (modified from USGS, 2007) 

 

 

 

Fig. 3 Organizational structure of the project 
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A part of Metropolitan Lima including Callao was one of 

the study areas which are densely populated in Peru. City 

of Tanca was also selected as the study area which locates 

in south of Peru near the boundary between Chile. Pisco 

(the 2007 event) Camana, and Arequipa (the 2001 event) 

are also considered in developing hazard and damage 

assessment models.  

 

4.  SCOPE OF WORK 

JICA sent a study team to Peru from August 5th to 13th in 

2009 to investigate the details of the technical 

cooperation for the project. The team and the Peruvian 

organizations came to an agreement on the matters listed 

in the document (JICA 2009). The objective was agreed 

to develop technologies and measures for assessment and 

mitigation of earthquake/tsunami disasters caused by 

large-magnitude inter-plate earthquakes occurring off the 

coast of Peru. This objective will meet the demands in 

Peruvian and Japanese societies, and these outcomes will 

be applied to pacific-rim countries, especially to 

neighboring countries facing to the risks of 

large-magnitude inter-plate earthquakes and tsunamis. 

Therefore, the project will contribute to the advance of 

research for Peruvian and Japanese societies as well as 

provide the earthquake and tsunami technologies to the 

pacific-rim countries. 

The followings are seven listed outputs in the 

master plan developed by JICA.  

1. Scenarios of large-magnitude inter-plate 

earthquakes are identified to cause the most significant 

losses in Peru. 

2. Geographical information of the study areas is 

prepared. 

3. Tsunami disaster losses in study areas by 

scenario earthquakes are estimated, and mitigation 

technologies are developed.  

4. Strong motions and ground failures in study 

areas by scenario earthquakes are simulated. 

5. Earthquake disaster losses are estimated against 

scenario earthquakes, and the mitigation technologies are 

developed. 

6. Technologies are developed for evaluating the 

structural seismic resistances and those retrofit, which are 

applicable to building characteristics in Peru. 

7. Earthquake/tsunami disaster mitigation is 

promoted in the study areas.  

Fig. 5 shows the time schedule of the five-year 

project. The leading members of the project will meet 

annually either in Peru or Japan at the project workshop. 

The Joint Coordinating Committee (JCC) will be 

organized annually in order to approve the annual work 

plan, to review the progress, to exchange opinions and to 

discuss details of the project for the implementation into 

Peruvian society. 

 

5.  RESEACH ACTIVITIES  

Each group performs the research on the basis of the 

master plan. Group 1 studies the seismic motions and 

geotechnical aspects in Peru. Fig. 6 shows the selected 

earthquake scenarios based on the work by Peruvian and 

Japanese researchers. The scenarios come from two 

major previous earthquakes. One is 1746 great 

earthquake (Mw 8.6) that destroyed City of Lima 

completely, and the other is 1868 great earthquake (Mw 

8.8) which caused the significant tsunami damages in 

Peru. G1 also performs the site investigation to measure 

the shear wave velocity profile at Lima by array 

mictrotremor observations. These results are available at 

more than 200 sites in Peru and will be used for creating 

the hazard maps. 

Group 2 studies the tsunami simulations and these 

damage mitigations. Fig. 7 shows the example results of 

tsunami propagation simulations performed by Tohoku 

University and DHN. These results are currently utilized 

to obtain the inundation map in Lima and referenced for 

the evacuation plan at La Punta district in City of Lima.  

Group 3 studies the seismic resistance of Peruvian 

structures and retrofit of historical buildings. Fig. 8 shows 

the structural tests for masonry buildings. These tests are 

performed in CISMID and National Yokohama  

 

 

Fig. 4: Research topics and items of the project and 

the groups in charge the items 

 

Fig. 5 Timeline of the project 
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University to create the database to study the effective 

retrofit methods for the regional structures. 

Group 4 performs the damage assessment in Peru.  

Fig. 9 shows the building inventory in Lima obtained by 

the census data, satellite images, landuse map and 

elevation maps. On the basis of these building inventories, 

the earthquake damages will be evaluated against the 

scenario earthquakes provided by Group 1. 

 

6.  FIELD SURVEY FOR THE 2010 MAULE 

EARTHQUAKE IN CHILE  

A magnitude Mw 8.8 earthquake occurred off the Pacific 

coast of Maule, Chile at 3:34 am (local daylight saving 

time), on 27 February 2010. The epicenter was located at 

35.909o S 72.733o W with a depth of 35 km. The event 

took place at the boundary of the Nazca and South 

American plates where they converge as the Nazca plate 

moves below the South American plate. Tsunamis were 

generated by the earthquake to hit the coastline of Chile, 

and propagated to Pacific islands and even to Japan. 

Although the project interest is large-magnitude 

inter-plate earthquakes in the offshore of Peru, this event 

in Chile is also considered to be good a reference for the 

project purpose. After the occurrence of the earthquake, 

joint field survey teams by Japanese and Peruvian 

researchers were planned with the collaboration by 

Chilean researchers. JST provided the financial support to 

send the three survey teams to Chile. Fig. 10 shows the 

team members for each group. Team 1 collected the 

ground truth data using GPS survey with satellite images. 

Team 2 surveyed tsunami run-up water-depth 

measurements and damages. Team 3 investigated the 

detailed building damages with the background of 

seismic motions and geotechnical aspects. We 

coordinated the research activities and wrote the 

reconnaissance report. This report is now available at the 

project website (JST-JICA SATREPS Peru Project Chile 

Earthquake Field Investigation Team, 2010).  

 

7.  PROJECT MANAGEMENT AND OUTCOMES  

Since SATREPS are funded by two agencies, both have 

the different objectives throughout the projects. JICA in 

Ministry of Foreign Affairs (MOFA) supports the project 

as a part of Official Development Assistance (ODA), 

which requires the development of practical technologies 

to Peruvian societies. On the other hand, JST in Ministry 

of Education, Culture, Sports, Science and Technology 

(MEXT) expects the scientific achievements by 

developing the novel theories and new technologies. 

Therefore, the project balance is taken by providing the 

 
Fig. 6 Scenario Earthquakes for Peru 

 

Fig. 8 Structural Test in National Yokohama University 

 

Fig. 7 Tsunami Simulation Results 

 

 

Fig. 9 Building Inventory in Lima 
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equipment such as seismograph network, structural 

testing devices, and building database, and also by 

developing the technologies related to image analyses, 

tsunami simulations, and survey technologies.  

 Large portion of the budget was spent to 

providing the structural testing equipment and 

seismographs and microtremor devices based on the 

communication between Peruvian and Japanese 

researchers. These equipments are mainly purchased in 

Japan by Chiba University and shipped to Peru by JICA. 

The shipping process is relatively complicated and very 

new for Japanese researchers including petition of tax 

exemption and installation of equipment in sites.  

The other focus of the project is the technical 

support by sending the Japanese experts to Peru and 

inviting the Peruvian researchers to Japan. Most of the 

Japanese researchers, especially the young researchers, 

have good experiences by working with Peruvian 

researchers to perform the laboratory tests and field 

surveys. Fig. 11 shows the Japanese researchers activities 

in Peru by organizing the lectures, seminars and filed 

survey.  

Three short-term trainees have already studied in 

Japan from 6 to 8 months at Chiba University and 

Tohoku University. Two doctoral students are studying in 

Yokohama National University and Chiba University 

with the support by MEXT. We had the project workshop 

from March 9th to 11th in 2011 at Chiba University by 

inviting 15 and 5 researchers from Peru and Latin 

American countries, respectively. Fig. 12 shows the 

group picture at the workshop before the public 

symposium, for which more than 200 people attended. 

The technical tour was also organized for tsunami facility 

at Port and Airport Research Institute (PARI). After this 

technical tour, we met the 2011 Tohoku earthquake in 

City of Kamakura. Fig. 13(a) – (c) show the activities by 

Peruvian researchers and trainees in 2011. Fig. 13(a) is 

the technical tour at PARI, Fig. 13(b) shows the field 

survey for Tsunami damaged areas by Mr. Jimenez, he 

was a short-term trainee in Tohoku University, and Fig. 

13(c) shows the seismograph data collections by Mr. 

Gonzales and Ms. Uriarte, both were short-term trainees 

in Chiba University.  

 

8.  CONCLUSIONS  

An international research program named "Science and 

Technology Research Partnership for Sustainable 

Development (SATREPS)" has started under the joint 

sponsorship of JST and JICA. This paper describes the 

project background, objectives and research activities for 

the past two years. The progress of the projects is 

presented as a result by the strong collaboration between 

Peruvian and Japanese researches. The field survey for 

2010 Maule Earthquake in Chile was also performed by 

coordinating the Peruvian and Japanese researchers with 

the support by Chilean researches. The activities by 

young researchers in Japan are described as a short-term 

trainee and doctoral student. The project will continue to 

conduct a comprehensive research towards earthquake 

and tsunami disaster mitigation in Peru for coming three 

years. Seismic losses and those mitigation technologies 

are studied regarding the regional characteristics in Peru 

under strong collaboration among Peruvian and Japanese 

researchers. The project will also provide the educational 

opportunities for younger Peruvian researchers. 

  
 

Fig. 10 2010 Chile Earthquake Reconnaissance Survey (a) Team 1, (b) Team 2, (c) Team 3 

   

Fig. 11 Japanese Experts activities in Peru (a) Presentation at Peru Congress, (b) Tsunami Simulation Seminar, 

(c) Field Survey of Historical Buildings 
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Fig. 12 The 2nd Japan-Peru Workshop on Enhancement of Earthquake and Tsunami Disaster Mitigation Technology in Peru 

at Chiba University in March, 2011 

   

Fig. 13 Activities by Peruvian Researchers and Trainees in Japan  (a) Technical Tour at PARI, (b) Tsunami Damage Survey 

at Onagawa, (c) Training for Seismograph Data at Chiba University 
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Abstract:Miyagi prefecture and Iwate prefecture took different recovery policies after the 2011 Great East Japan 
Earthquake.The difference was caused by the future perspectives on reconstruction of each affected area and it results in 
different recovery processes and projects on housing and building reconstruction. Application of various types of system 
provides an opportunity to analyze issues of each reconstruction process and future issues of the urban planning 
systemsthat are provided by the City Planning Law and the Building Standard Law. The authorproposes recovery policies 
through comparisonto other reconstruction case such as theGreat Hanshin-Awaji Earthquake, Indian Ocean Tsunami etc. 
 

 
1.  URBAN PLANNING AND THE GREAT EAST 

JAPAN EARTHQUAKE 
 
Both of theBuilding Standard Law (BSL) and the City 

Planning Law (CPL) in Japan lay down several Articles 
related to recovery processes after disasters. However, the 
term of “tsunami” appears only once in the BSL and in the 
case of CPL, it does not containithe term of “tsunami” in the 
law,because most of recovery processes were prepared 
against urban fire. The Japanese history of urban disaster 
focuses on spread of fire in the city since Edo era and 
large-scale urban fire also occurred recently in Kobe city in 
1995 at the Great Hanshin-Awaji Earthquake.Therefore, 
current urban planning system in Japan seems to deal with 
tsunami disaster management not so clearly. The devastated 
tsunami that occurred on March 11, 2011represents the first 
huge tsunami disaster during more than half century of 
history of both legal systems.ii 

Within the 3 most affected prefectures by the Great East 
Japan Earthquake, Miyagi prefecture and Iwate prefecture 
are now taking different recovery processes especially for 
restriction of housing and building reconstruction.This paper 
reviews the processes of both prefectures in terms of housing 
and building reconstruction and summarizes key issues from 
April up to December 2011 in order to avoid future 
problems of middle and long term recovery. 

There is no“Urbanization Promotion Area (UPA)iii”in 
the 2011 tsunami affected areas in Iwate prefecture, while 
most of Sendai plain in Miyagi prefecture is clearly divided 
into UPA and Urbanization Control Area (UCA)iv. 

Most of Sanriku areasare not applied “Area Division (to 
classify into UPA and UCA)” even in Miyagi prefecture like 
Minami-sanriku Town and Kesennuma City, because there 
was notso much pressure on increase of population. Area 
Division system should be appliedto the area where urban 

settings are already formulated or where urban development 
is expected within the next 10 years. However, in 1964 when 
the current City Planning Law was established there 
existedfew scientific and engineering knowledge on tsunami 
to establish legal systems, and both laws do not function 
well in reality. 

 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1:Ishinomaki Urban Planning Area 
(pink; inundated areas by GSI, red line; Urbanization Promotion Area) 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2: Sendai-Shiogama Urban Planning Area 
(Pink; inundated areas, colored zones; Land Use Districts in UPA) 
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Tsunami disasters by the Great East Japan Earthquake 
were observed in the newly developed areas in Sendai Plain 
where former agricultural land has been designated as UPA 
after 1964, such as in Natori city and Ishinomaki city close 
to Sendai city. (Since Sendai city has preserved UCA except 
surroundings of Sendai Port area, there was not so much 
damage in the coastal region of the city except already 
existed villages and the new development around the port.) 

 
 

2.  CHARACTERISTICS OF DAMAGE BY THE 
GREAT EAST JAPAN EARTHQUAKE 

 
Table 1 shows the comparison of damage in Miyagi 

prefecture and Iwate prefecture by the Great East Japan 
Earthquake. Firstly, the inundated area of Miyagi prefecture 
extended six times larger than the case of Iwate prefecture, 
then, total number of damaged houses represents similarly 
almost 10 times larger in Miyagiprefecture.  

However, totally collapsed houses in Miyagi prefecture 
accounts for four times larger than those of Iwate prefecture, 
and number of casualties including death and unknown of 
Miyagi prefecture resulted in around doubled compared with 
the case of Iwate prefecture. This fact means that one victim 
corresponds to almost 7 totally collapsed houses in Miyagi 
prefecture, while one victim took place per three totally 
collapsed houses in Iwate prefecture. 

In addition, another characteristic is pointed out that 
half and partially collapsed houses are comparatively few in 
Iwate prefecture, it was more than ten times smaller than 
Miyagi prefecture. One of the reasons was geographical 
condition of Sanriku area that is called “rias coast” where the 
tsunami affected areas are clearly divided from the non- 
affected areas. On the other hand, tsunami attacked Sendai 
Plain in Miyagi prefecture in wider area even the inundation 
depth was not so deep compared to Iwate prefecture. 

 
 
 
 
 
 
 
 
 
 
 
 
 

*  Geospatial Information Authority (GSI) 
** National Police Agency (NPA), damage as of 30 Dec. 2011,  
http://www.npa.go.jp/archive/keibi/biki/higaijokyo.pdf 

 
Difference of damage to houses reflected to the number 

of temporary houses, for instance in many casesowners 
continue to live in half or partially collapsed houses after 
having repaired their houses. The reason of smaller number 
of rental public houses for disaster victims may be that rental 

housing market in Iwate prefecture is comparatively small as 
the main housing type is owner-owned. (In addition, number 
of public operated houses for disaster victims in Table 1 will 
vary significantly in the next year, as MLIT is asking local 
governments to submit their applications as of Dec. 2011.) 

 
 

3.  BUILDING CONTROL SYSTEMS 
 
There are two types of urbanization control systems to 

restrict building construction in disaster affected areas.  
 
 
 
 
 
 
 
 
 
 
 
 

*1 Specialized Administrative Authority: Mayors that put building officer, 
Governor of prefecture in other cases 

*2 Based on a special law, max. 6 months’ additional extension was 
possible this time, Miyagi extended till Nov. 11.  

 
The first one is based on the BSL Article 39. This 

system allows local governments both prefecture and 
municipal levels to establish local regulations including 
prohibition of housing construction and restriction of 
buildings other than houses. This system aims to 
preventdisasters utilizing locally applicable control codes 
through designation of the “Disaster Hazard Area”. There 
exist approximately 17,800 Disaster Hazard Areas in Japan 
(2007 MLIT), however most of them were designated 
against land slide to restrict housing construction in the steep 
slope areas. 

The second building control system is based on the BSL 
Article 84. This system is utilized as a temporary measure 
after disaster before decision of urban planning projects 
therefore it is applied within the City Planning Area and the 
area where a certain urban planning project will be executed. 
Characteristics and case examples of each system are shown 
in the Table 2. 
 
 
 
 
 
 
 
 
 
 
 
Figure 3: Disaster Hazard Area, Minami-Sanriku Town 
(Blue line areas; Bylaw No. 152, established on October 1, 2005) 

 Miyagi prefecture Iwate prefecture 
Inundated area* 326 km2     49 km2  
Death** 9,506 persons   (2011/12/30) 4,667 persons  (2011/12/30) 
Unknown** 1,861 persons   (2011/12/30) 1,368 persons  (2011/12/30) 
Totally collapsed** 82,754 houses   (2011/12/30) 20,184 houses  (2011/12/30) 
Half collapsed** 129,212 houses  (2011/12/30) 4,552 houses   (2011/12/30) 
Partially collapsed** 211,305 houses  (2011/12/30) 7,316 houses   (2011/12/30) 
Temporary house 22,042 units  (2011/12 MLIT) 13,984 units (2011/12 MLIT) 
Temporary rental 24,751 units rented (Miyagi) Approx. 4,500 units (Iwate) 
Public housing 12,000 units planned(Miyagi) 4,000〜5,000 units  (Iwate) 
 

Table1: Damage / Response of Miyagi and Iwate Prefectures  
in case of the Great East Japan Earthquake 

Building Standard Law Article 39  (Disaster Hazard Area) Article 84  (Control in Affected Area) 

Designation of area Based on bylaw of local governments By Specialized Admin. Authority *1 

Duration of control Permanent measures Max. two months *2 

Construction control Prohibit housing, limit other building 

(no national intervention) 

Prohibit / limit building construction 

in the project planned area 

Application to Great 

East Japan Eq. 

Iwate: Urge municipality to set bylaw 

Miyagi: Pref. started to plan to apply 

Iwate pref.: No application 

Miyagi: Applied to 5 municipalities 

Response of 

municipalities 

Iwate: Mayors are prudent (negative) 

Miyagi: Part of Minami-sanriku town 

Miyagi: Managers are embarrassed 

then try to permit some construction 

Applied cases Hokkaido, Okushiri town, Aonae area Great Hanshin-Awaji Eq. (Kobe etc.) 

 

Table 2: Comparison of Building Control based on the BSL 
(BuildingStandard Law) Article 39 and Article 84 
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Figure 4: Tsunami Affected Area, Minami-Sanriku Town 
(From the ground of Shizugawa High School, September 2011)v 
 
 
4. RECONSTRUCTION SYSTEMS 
 

Total 40 types of project systems are designated as the 
principal project in the Law on the Special Area for 
Reconstruction of the Great East Japan Earthquake that was 
established in December 2011. Major project systems are 
“Collective Removal Project after Disasters”, “Recovery 
Base Project after Tsunami (newly established system based 
on the new Law on Tsunami Disaster Management Regional 
Development)”, “Land Readjustment Project for Urban 
Renewal”, “Public Operated Housing for Disaster Victims” 
and “Improvement Project of Small-ScaleResidential Area”. 
Characteristics and contents are summarized in the Table 3. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Note: Table 3 is formulated based on the data of MLIT and the 
University of Tokyo (Machizukuri-Daigakuin). 

 
The application of 40 project types will be selected by 

the local government within this fiscal year (by March 2012) 
and those reconstruction projects will be executed within 3-5 
years utilizing mainly nationalsupplementary budget that 
will be provided to the local governments of affected areas 
next year. 

Author tries to analyze selection and execution process 
of reconstruction projects from urban planning view point. 

5.  LONG-TERM URBAN PLANNING 
 

As for December 30, 2011 national government has 
announced these systems and budgetary framework to the 
local governments. Now local governments are discussing 
with community on the concrete projects for reconstruction 
based on the basic plans and future prospect in each region 
and community that have been basically created in 2011. 

The basic issue of these areas is the trend of decreasing 
population that will be heavily influenced to decide future 
urban plan of reconstruction areas. Table 4 shows estimated 
population based on a research study by Hayashi and Saito 
in 2011. vi  While population of Miyagi prefecture will 
decrease less than 20%, total population of Iwate prefecture 
will decrease more than 30% by 2040 from 2005 within 
these 35 years. In addition, decrease of regional population is 
estimated almost 50% in the tsunami affected areas both in 
Miyagi prefecture and Iwate prefecture. The reconstruction 
plan will be influenced by such regional population prospect. 
 
 
 
 
 
 
 
 
 
 
 
 
 
*Estimated population by Naoki Hayashi and Saito (SERC 11023, 2011) 
 

 
6.  COMPARISON WITH OTHER CASES 
 

For those who live in earthquake prone area in the 
world, reduction of damages in earthquake disaster is one of 
the most serious issues. Every single earthquake may cause 
massive damage in human lives and properties, as recently 
for instance, around 90,000 people were killed with the 
Wenchuan Earthquake that occurred in Sichuan Province of 
China on 12 May 2008. And an earthquake disaster occurred 
in Haiti in January 2010 with more than 220,000 casualties. 
Many of them claimed their lives by being pressed with 
collapsed building structures particularly their own 
houses,remembering the similar damages in Kobe in 1995, 
and other disasters.The Indian Ocean Tsunami triggered by 
the Off Sumatra Earthquake on 26 December 2004, killed in 
total approx. 230,000 people in 12 countries.The impact of 
earthquake on livelihood of people can be reduced by 
measures such as to comply with earthquake resistant house 
and building design and appropriate construction methods, 
proper urban planning, education and trainings. 

From experiences in the past including in Aceh after the 
2004 tsunami, many lessons can be learned.There were 
remaining ships in the residential area where is located a few 

Basic 
Projects 

Collective 
Removal project 
after Disasters 

Recovery Base project 
after Tsunami (new) 

Project on Land 
Readjustment for 
Urban Recovery 

Public Operated 
Housing after 
Disasters 

Improvement of 
small-scale 
residential area 

Plan aid Planning cost Planning cost Planning cost No aid Planning cost 

Subsidies 
Cost for public 
works incl. land 
development 
except sell land 

Total mounding cost, 
Development of 
evacuation building 
and Public works etc. 

Cost for public 
works incl. land, 
totally mounding 
(40 persons/ha) 

Cost for public 
houses for low  
income people, 
aid for the aged 

Public works, 
clear vulnerable 
units, community 
facilities etc. 

Area No relation to 
City Planning 

Principally within 
City Planning Area 

Within City 
Planning Area No relation with City Planning 

Scale More than five 
houses 

Principally 2 projects 
per city, and approx. 
20 ha per project 

No condition No condition 
More than 15 (5) 
units, with 50%  
vulnerable units 

Condition 
Designation of 
Disaster 
Hazard Area is 
requisite 

Define area for land 
purchase, Step by 
step extension will be 
possible 

Consolidated area 
to develop road 
system. Division 
of project area  

No condition Consolidated area 
is preferable 

 
Process 

Agreement of 
MLIT minister 
on removal plan 

Planning decision as 
urban facility, project 
approval of prefecture 
(or MLIT) 

Urban planning 
procedures are 
requisite (from 
planning decision 
to liquidation) 

No need for 
urban planning, 
need financial 
agreement 

No need for urban 
planning permit, 
need financial 
MLIT agreement 

Aid ratio All costs will be covered (by national grant + special tax). Depend on the tax condition (local 
debt will be reimbursed by rent). 

 

Table3: Characteristics of Major Principal Project Systems to 
be applied to Reconstruction of Tsunami Affected areas 

 Miyagi Prefecture Iwate Prefecture 

Total population 2,360,218 persons (2005) 1,385,041 persons (2005) 

Estimated pop. 1,894,000 persons (2040) 962,000 persons (2040) 

Ratio(2040/2005) - 19.8% (affected area - 46.8%) - 30.5% (affected area - 48.8%) 

Aged ratio(05-40) 20.0% (2005) → 34.3% (2040) 24.6% (2005) → 38.0% (2040) 
Basic Concept for 
Reconstruction 
(part of land use / 
development) 

Miyagi Pref. Recovery Plan:  
Recovery focusing on tsunami disaster 
management of coastal areas applying 
removal to high land, separation of 
work and home, multiple protection 
against tsunami from the lessons 

Iwate Pref. Recovery Basic Plan: 
Based on agreements with residents, 
improvement of residential area for 
safety and development connected with 
land use plan considering tsunami 
disaster management 

Current situation 

(building control) 

Pref. set building control based on City 

Planning Law etc. after BSL Article 84. 

Pref. has recommended municipalities 

to use BSL Article 39, but no execution. 

 

Table4: Comparison of Trend of Population and Urban 
 Reconstruction of Miyagi and Iwate prefectures 
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kilometers from the coast line of Aceh as a memory. There 
are huge amount of construction sites of new houses in the 
areas. However, because of so rapid reconstruction of public 
facilities and houses, some houses were constructed with 
lower earthquake resistance and lower quality than before, or 
a set of completed recovery houses were still vacant in some 
residential zones as no infrastructure was provided in 2007. 

 
 
 
 
 
 
 
 
 
 

Figure 5: Tsunami Affected Area, Aceh, Indonesia (2007) 
 

By the Wenchuan Earthquake, occurred on 12 May 
2008 in the afternoon, the human damage of the disaster 
amounted to more than 69,000 casualties except the lost, and 
several millions of people lost their houses. The affected area 
extended from cities that have hundreds of thousand 
populations to villages in the mountain regions over 500km 
long range of areas. As it was just before the Beijing 
Olympic Game, the Chinese government quickly responded, 
such as the rapid provision of temporary houses. It was ten 
times larger in number of units within the same period 
compared with the case of the 1995 Great Hanshin-Awaji 
Earthquake. The reconstruction of houses has finished 
within 2 years although the original recovery plan needed 3 
years. 

One of the factors why the recovery has been 
completed so fast is “Partner Assistance” system that has 
contributed to recovery of a heavily affected city through the 
support by a designated province in China. This system was 
applied from the initial stage to whole reconstruction and 
proved effective, partly because of competitive atmosphere 
of the system.Chinese government carried out various 
recovery support measures as well as “Partner Assistant” 
system, referring to the experiences of the 1995 Great 
Hanshin-Awaji Earthquake and others. The traumatic care of 
victims and recovery of cultural heritages are included. 
Retrofitting of vulnerable buildings remains a major issue as 
the lesson from this disaster. 

 
 
 
 
 
 
 
 
 
 
Figure 6: Affected Area, Sichuan, China (2008) 

Haiti Earthquake on 12 January 2010 claimed more 
than 200 thousand of casualties. Main cause of the huge 
damage also arose from the collapse of buildings like houses 
and offices. It is reported that vulnerable RC or reinforced 
block structure enlarged the damages, because heavy 
construction materials are common in Haiti to resist against 
hurricanes. 

Furthermore, modern buildings represented by the 
President House have been designed by foreign planners 
based on the building code of each planner’s home country, 
and it seems that there is no locally adopted seismic standard 
and code. 

 
 
 
 
 
 
 
 
 
 

Figure 7: International Comparison of “number of casualties 
per 100 collapsed houses” of recent world huge disasters 
 
Comparison of casualties per 100 collapsed houses is 

shown in the Figure 7. This figure indicates that the human 
damage by tsunami disaster resulted in more casualties than 
the case by earthquake motion if the physical (economic) 
damage was same level. In the case of Iran (and Kashmir), 
the human damage per collapsed houses became similar to 
the cases of tsunami, mainly because of the heavy and 
vulnerable construction materials and methods. 
 
Recovery of the 1995 Great Hanshin-Awaji Earthquake 
1) Selection of the Disaster Recovery Project Area / Method 

The following description shows the urgent process of 
urban planning in the case of Kobe city after the Great 
Hanshin-Awaji Earthquake on January 17, 1995. To decide 
the project target area and method, the city, prefecture, and 
central government decided within two weeks in order to 
finalize the urban planning decision within two months.  
2) Decision-Making for Urban Planning 

In general, to develop a plan, negotiations with the 
central government are the first step to decide infrastructure. 
Then, discussion with residents normally takes a few months 
or a few years. However, damaged people would like to start 
rebuilding in their own areas as soon as possible, and dense 
urban areas will be regenerated. Therefore, limitations for 
construction are necessary, and the maximum period for 
applying such measures is two months according to the law. 
Kobe city asked the central government to make a special 
provision for this law but this was not accepted. TheCity 
Planning Law sets construction limitations to be applied to 
the area where urban plan is decided.vii 

In the case of Kobe city in 1995, limitations can be 
applied by deciding land readjustment project areas and 
urban redevelopment project areas within the first 2 months 
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since the earthquake. Then, longer time could be taken for 
planning such as road placements with resident participation. 
This is the “two-step urban planning”.  
3) Financial Support Strategy for Earthquake Recovery 

The responsibility of the recovery projects was given to 
damaged local governments. Though in usual public projects, 
financial assistance is limited to 50% of the project cost, 
with the application of the Severe Damage Disaster Law, 
areas recognized to be heavily damaged by the disaster were 
granted more than 90% support for the recovery of public 
works. In the case of Kobe city’s recovery, 86% of the total 
costs were covered by the central government. In the case of 
the Great Kanto Earthquake in1923, central government has 
covered 90% of the costs. 
4) Disaster Area Urban Recovery Special Measures Law 

The assistance target area was expanded in the disaster 
urban recovery implementation area. The restrictions for 
land readjustment project areas were also deregulated (from 
minimum 5 hectares to more than 2 hectares), as well as that 
for road width in urban planning (from minimum 12 meters 
to 8 meters).  
5) Decision on the Earthquake Recovery Project 

The target area was announced on January 31st, 1995. 
These were disaster damaged areas that covered more than 5 
hectares and more than two-thirds of the structures were 
completely collapsed.The new Special Measures Law was 
established on February 17th. The Recovery Urban Plan was 
announced on February 21st. The law was enacted on 
February 26th. 

March 17th was the deadline of 2 months’ construction 
limitation set forth by the Article 84 of the Building 
Standards Law and with Article 53 of the City Planning 
Law.By the urban planning decision of the project areas, a 
new construction limitation was applied to the project areas. 

 
 

7.  CONCLUSIONS 
 

The reconstruction of each municipality will be based 
on mainly reconstruction projects utilizing national grants, 
subsidies and preferential treatment of tax as well as the 
building restriction systems within the urban planning and 
building control administration. 

The basic direction toward reconstruction of Miyagi 
prefecture and Iwate prefecture seems to select different way 
as the case of building restriction in early stage. It seems that 
Miyagi prefecture aims to improve urban structure using this 
opportunity especially in the coastal zones, while Iwate 
prefecture seems to be struggling to maintain population in 
the tsunami affected areas and then restriction of building 
construction in Iwate prefecture is not so strict compared to 
Miyagi prefecturebecause the population decrease trend is 
expected severer in the remote regions from big cities. 

However, it may cause simply because of the difference 
of urban planning settings of both prefectures, i.e. Miyagi 
prefecture sets Area Division and most of coastal areas are 
prohibited to construct buildings while there is no Area 
Division (UPA and UPC) and construction of buildings is 

not so strictly controlled in the coastal cities and towns in 
Iwate prefecture. 

Further field investigation will be needed to follow the 
reconstruction processes in the affected areas. Comparison 
of Miyagi and Iwate prefectures will provide lessons on the 
reconstruction process under the different urban planning 
settings and conditions, and will be helpful to improve urban 
planning systems. 
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Reference Photos 1 (Recovery situation of Onagawa Town) 
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Reference Photos 2 (Recovery situation of Taro area, Miyako City) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
(May 2007, IISEE / BRI) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
(April 2011) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
(November 2011, IISEE / BRI) 
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Note: 
                                                 
iThough CPL doesn’t include the word of “tsunami” before the 
Great East Japan Earthquake, the Cabinet Order of CPL contains 
once in the Article 8 on the standard of setting for “Urbanization 
Promotion Area (UPA)”. 
 
iiBSL has established in 1950 and the former law “City Building 
Law” was established in 1919, the same timing of the former City 
Planning Law (ex-CPL). However, before the World War II and 
when Showa Sanriku Great Tsunami occurred in 1933, both legal 
systems were applied only in the central areas of limited big cities, 
and then there was no restriction of tsunami affected areas of the 
Great East Japan Earthquake. 
 
iiiUPA was introduced in CPL in 1963 when the ex-CPL was totally 
revised in order to tackle the rapid urbanization of big cities 
especially in the three major metropolitan areas, Tokyo, Hanshin, 
and Nagoya. Most of urban areas in local cities includingIwate 
prefecture are not applied even in the 1960’s and 1970’s when rapid 
urbanization emerged in Japan. 
 
ivUrbanization Control Area (UCA) is designated as the area where 
all construction activities are prohibited and only few cases can be 
permitted such as house for children of farmers and public facilities. 
The case of Sen-en (Sendai-Shiogama) Large-scale City Planning 
Area is evaluated to set UCA in almost allofcoastal zones and 
resulted in not so many victimsas there were small number of 
residents compared with the Ishinomaki Large-scale City Planning 
Area both located in Miyagi prefecture. (see Figure 1 and 2) 
 
vMimami-sanriku Town was heavily affected by the Great East 
Japan Earthquake especially by tsunami. Though the Disaster 
Hazard Area was designated in the part of the Town, almost of all 
urban areas were inundated and destroyed by devastated tsunami. 
 
viEstimation of population was based on the paper prepared after the 
Great East Japan Earthquake by Hayashi Naoki, Saito (2011), 
Perspective of Future Population of Iwate, Miyagi and Fukushima 
prefectures, (SERC 11023).  
 
viiSpecialized Law on Reconstruction of the Great East Japan 
Earthquake was established on 29 April 2011 to allow the extension 
of original two-month’s deadline to maximum six months more in 
the heavily affected areas by the Great East Japan Earthquake. 
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Abstract:  The ground shaking from the March 11, 2011, M 9.0, subduction zone earthquake near the east coast of 
Honshu, Japan, was well recorded at a number of KiK-net downhole arrays deployed by the National Research Institute 
for Earth Science and Disaster Prevention (NIED). These downhole arrays provided strong motion recordings at ground 
surface and within the soil profile, and allow us to investigate the dynamic characteristics of soils due to long duration 
subduction zone earthquakes that up till now have not been available. This paper takes advantage of these downhole 
arrays to evaluate the use of one dimensional site response analysis to capture the surface motion given the ground 
motion at depth. These recordings also allow us to evaluate the importance of shear modulus reduction to strain levels 
under long duration earthquake. We find that at a number of shallow rock currently used modulus reduction appears to 
be appropriate. However, at softer soil sites it appears that modulus reduction is overestimated. The paper will describe 
in detail the analysis approach used and the assumptions made in selection of material properties. 

 

 

1.  INTRODUCTION 

 

    The changes in the intensity and the frequency 

contents of earthquake ground motions due to the 

propagation of the seismic waves through soil deposits 

are commonly referred to as site effects (Seed and Idriss 

1969). One-dimensional (1D) site response analysis 

methods are widely used to evaluate this site effects. 

Conventional site response analysis had been performed 

using the ground motions at reference site. However, it is 

hard not only to select the reference site, but also to 

separate the amplification at a reference site itself (Steidl 

et al. 1996). Laboratory tests are often used to measure 

or evaluate dynamic soil behavior, and to develop cyclic 

soil constitutive models. However, the loading paths in 

lab tests are different from those soil experiences in the 

field (Kramer 1996). An increasing number of downhole 

arrays are now available to measure earthquake motions 

at the ground surface and within the soil profile, 

providing valuable information to enhance the 

understanding of dynamic soil behavior.  

    One of the largest earthquakes (M 9.0) in the history 

of Japan occurred in the subduction zone near the east 

coast of Honshu on 11 March 2011 (USGS 2011). This 

earthquake generated long duration ground motions 

which were well recorded in numerous downhole arrays. 

These recordings provide us an opportunity to investigate 

the dynamic characteristics of soil during the long 

duration earthquake that has not been available yet.   

    We conducted a series of site response analyses for 

nine selected downhole array stations at both rock and 

soil sites, using recorded motions during the March 11 

M9.0 earthquake and other shallow crustal earthquakes 

that occurred in 2011 to evaluate the dynamic soil model 

under long duration earthquake. 

 

 

2.  DOWNHOLE ARRAYS IN JAPAN 

 

    The National Research Institute for Earth Science 

and Disaster Prevention (NIED) in Japan has deployed 

seismographs at more than 1,000 stations (K-net) and at 

approximately 700 downhole arrays (KiK-net) since 

1996, providing numerous earthquake records to public 

(NIED 2011). Locations of the recording stations of 

K-net and KiK-net are shown in Figure 1.  

 

2.1 Soil Profiles 

    Nine stations including three stations at deep soil 

sites (CHBH13, IBRH20, and TCGH16) and six stations 

at shallow rock sites (FKSH17, FKSH18, IBRH14, 

IWHTH23, IWTH27, and MYGH04) were selected for a 

preliminary investigation. The location of these stations 

is shown in Figure 1. The shear wave velocity (Vs) 

profiles for these stations are available from the KiK-net 

database, and are shown in Figure 2. For rock sites, the 

installation depth is approximately 100 m, and the Vs of 

bedrock reaches up to 3,000 m/s. Vs,30’s for rock sites are 

mostly close to or greater than 1000 m/s, except for the 

station FKSH17 where the top profile consists of 

weathered granite with the Vs,30 of approximately 407 
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m/s. The Z1.0’s for most of the rock sites are as small as 4 

m (IWTH27) to 10 m (IBRH14 and MYGH04). The Z1.0 

for station FKSH18 (~30 m) is greater than other rock 

sites.  

    On the other hand, the installation depths for 

CHBH13, IBRH20, and TCGH16 (soil sites) are 

approximately 1,300 m, 900 m, and 115m, respectively. 

The average shear wave velocities down to 30 m (Vs,30) 

for soil sites are about 220-285 m/s. The depths to Vs = 

1.0 km (Z1.0) for CHBH13 and IBRH20 are 850 m and 

552 m, respectively. Z1.0 for TCGH16 exceeds the 

installation depth which is approximately 115 m. It can 

be noted that these downhole arrays consist of deep soft 

materials. The values of Vs,30 and Z1.0 for the selected 

stations are summarized in Table 1. 

 

 

3/24 M6.2

3/31 M6.1
7/23 M6.4

3/28 M6.5

4/7 M7.1
3/11 M9.0

8/19 M6.5

7/31 M6.5

8/12 M6.1
3/19 M6.1

4/11 M7.0

3/14 M6.2

3/11 M7.7

3/16 M6.1

4/12 M6.4
IBRH20

IBRH14TCGH16

CHBH13

FKSH17

FKSH18

IWTH27

IWTH23

MYGH04

 

Figure 1 Location of earthquake recording stations 

(KiK-net: yellow rectangles, K-net: white circles). The 

downhole array stations and earthquakes in 2011 selected 

for this study are shown. 

 

 

Table 1 Characteristics of downhole array stations and 

earthquakes used in this study. PGAs and uniform 

durations (the total time during which the acceleration is 

larger than a given value) of bedrock motions for each 

earthquake are presented. 

Stations Earthquakes 

Code 
Vs,30 

(m/s) 

Z1.0 

(m) 
Date M 

PGA  

(g) 

Uniform 

Duration 

(sec) 

CHBH13 220 850 

3/11 9.0 0.06 42.7 

3/11 7.7 0.03 38.2 

4/11 7.0 0.01 30.8 

4/12 6.4 0.01 17.9 

7/31 6.5 0.01 28.8 

FKSH17 947 5 

3/11 9.0 0.08 90.6 

4/7 7.1 0.04 31.1 

4/11 7.0 0.03 26.6 

7/31 6.5 0.01 24.5 

8/19 6.5 0.01 20.4 

FKSH18 407 30 

3/11 9.0 0.11 75.7 

4/7 7.1 0.03 35.6 

4/11 7.0 0.03 25.6 

7/31 6.5 0.05 12.0 

8/12 6.1 0.02 9.5 

IBRH14 1425 10 

3/11 9.0 0.10 46.8 

3/19 6.1 0.07 8.1 

4/11 7.0 0.05 24.3 

7/31 6.5 0.02 21.0 

8/12 6.1 0.02 9.3 

IBRH20 247 552 

3/11 9.0 0.07 53.0 

3/11 7.7 0.10 23.0 

3/14 6.2 0.02 13.3 

3/16 6.1 0.03 11.0 

4/12 6.4 0.04 12.9 

IWTH23 1309 10 

3/11 9.0 0.15 67.2 

3/24 6.2 0.03 22.2 

3/31 6.1 0.02 13.1 

4/7 7.1 0.13 24.9 

7/23 6.4 0.04 11.2 

IWTH27 1342 4 

3/11 9.0 0.11 84.2 

3/24 6.2 0.03 15.3 

3/31 6.1 0.02 13.2 

4/7 7.1 0.13 25.0 

7/23 6.4 0.02 14.7 

MYGH04 1473 10 

3/11 9.0 0.21 80.1 

3/11 6.5 0.02 25.3 

3/28 6.5 0.05 11.0 

4/7 7.1 0.17 24.0 

7/23 6.4 0.01 23.1 

TCGH16 285 >115 

3/11 9.0 0.18 59.9 

3/19 6.1 0.03 20.6 

4/7 7.1 0.02 75.7 

4/11 7.0 0.05 45.8 

7/31 6.5 0.02 43.6 
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Figure 2 Vs and small strain damping profiles for nine downhole stations used in this study. 

  

 

2.2 Shear Modulus Reduction and Damping Curves 

    Generic modulus reduction and damping curves are 

used to represent dynamic soil behavior as no site 

specific curves are available. Most commonly used 

modulus reduction and damping curves include EPRI 

(1993), Vucetic and Dobry (1991), and Darendeli (2001). 

In this study, we used the curves proposed by Darendeli 

(2001) which are considered to be an improvement over 

other curves proposed in prior studies. The 

frequency-independent damping and hyperbolic model 

(Phillips and Hashash 2009) is used to determine the 

parameters that provide the best fit for the modulus 

reduction and damping cures for each layer of the soil 

profiles. The modulus reduction and damping curves for 

layers at depths of 3 m, 8m, 25m, and 65 m of station 

MYGH04 are shown in Figure 3. 

    Small-strain damping profiles were established 

based on damping curves by Darendeli (2001) for all 

nine stations as shown in Figure 2. The small strain 
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damping reaches to approximately 5% at shallow depth 

if soft soil exists at the ground surface. The small strain 

damping for bedrocks is about 0.5%. 
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Figure 3 Normalized shear modulus and damping ratio at 

each layer of station MYGH04.  

 

 

3. EARTHQUAKE GROUND MOTIONS 

 

    Five earthquakes (M>6.0) occurred in 2011 in Japan, 

including the March 11 M9.0 earthquake, were selected 

for each of the nine stations as shown in Table 1. The 

epicentral location of these earthquakes is shown in 

Figure 1. 

    The ground motion time histories measured at 

station MYGH04 are shown in Figure 4. Due to two 

successive rupture processes associated with the March 

11 M9.0 earthquake, the time histories clearly show two 

earthquake wavelets. The mean uniform duration with 

the threshold amplitude of 5 % of maximum acceleration 

of bedrock motions in EW and NS directions during the 

March 11 earthquake is approximately 80.1 sec. This is 

significantly longer than other earthquakes 

(approximately 13.2-25.0 sec). The comparison between 

uniform duration for the March 11 M9.0 earthquake and 

the mean uniform duration for other earthquakes per 

each station is shown in Figure 5.  
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Figure 4 Ground motion time histories within soil profile 

(blue) and at ground surface (gray) for station MYGH04. 
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Figure 5 Comparison of uniform duration of the March 

11 M9.0 earthquake and the mean uniform duration of 

other earthquakes per each station. The average of 

uniform durations for EW and NS directions were 

considered. 
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4.  RESULT OF SITE RESPONSE ANALYSIS  

 

    The ground motions within the downhole arrays 

were propagated through the selected profiles using the 

one-dimensional site response analysis code DEEPSOIL 

V5.0 (Hashash et al. 2011). Both frequency domain 

equivalent-linear and time domain nonlinear site 

response analyses were performed for each of the two 

horizontal components (East-West and North-South 

directions) of input ground motions.  

 

4.1 Response Spectra at Individual Stations 

    The response spectra measured at the ground 

surface and within soil profile at each station for two 

directions (EW and NS) are shown in Figure 6 through 

Figure 8. In general, the shorter period components are 

amplified for rock sites (Figure 6 and Figure 7), and the 

longer period components are amplified for soil sites 

(Figure 8).  

    The response spectra at the ground surface were 

compared with computed responses. Overall, both 

equivalent-linear and nonlinear analyses could capture 

the key features of the responses. Especially, PGAs and 

longer period components (Sa at T > 2 sec) are in good 

agreement between prediction and observation. Although 

there are some mismatches for spectral accelerations (Sa) 

at periods between 0.08 sec and 0.3 sec for rock sites and 

between 0.5 sec and 2 sec for soil sites due to fluctuation 

in response spectra, the computed response spectra 

capture the amplitude of spectral accelerations and the 

periods where the amplification occurs. 

    Similar to the rock sites, the computed spectra for 

soil sites are in good agreement with the measured 

spectra. However, significant mismatches are found for 

the March 11 M9.0 earthquake. The computed response 

spectra underestimate the short period component for all 

soil sites. The computed response spectra for CHBH13 

are slightly underestimated at periods between 0.08 sec 

and 0.4 sec. For station IBRH20, the spectral 

accelerations at periods less than 0.7 sec, including PGA, 

are underestimated compared to the measured spectra. 

The most severe discrepancy is observed at station 

TCGH16. The shorter period components of computed 

response spectra are significantly smaller than those of 

measured spectra. Furthermore, the spectral accelerations 

computed by the nonlinear approach are approximately 

half of those by equivalent-linear approach for shorter 

periods.  

 

4.2 Residual of Response Spectra 

    The residuals of response spectra versus period are 

computed as  SaComputedSaObservedln to examine 

systematic mismatches between prediction and 

observation. Thus the positive residual indicates 

underestimation of spectral acceleration, and negative 

residual indicates overestimation. The residual between 

observed spectral acceleration (Sa) and computed Sa 

equally weighted for both equivalent-linear and 

nonlinear analyses, and for both EW and NS directions 

are shown in Figure 9. The mean residual of nine stations 

and all ground motions is close to zero, indicating a good 

match between prediction and observation.     

    In general, the mean residual for the March 11 M9.0 

earthquake is slightly greater than that for other 

earthquakes at periods less than 1 sec, but it is still close 

to zero (Figure 10 (a)). A similar trend can be observed 

for mean residuals for rock sites (Figure 10 (b)). 

However, for soil sites, the mean residual for the March 

11 M9.0 earthquake is much greater than that for other 

earthquakes at periods less than 1.0 sec (Figure 10 (c)). 

The positive values of mean residual indicate 

underestimation of spectral acceleration at shorter 

periods. These results suggest that the currently used soil 

models overestimate the modulus reduction for soil sites.  

 

 

5.  SUMMARY AND CONCLUSIONS 

 

    A series of 1D site response analyses were 

conducted using the earthquake motions recorded at nine 

downhole array stations in Japan during the March 11, 

2011, M9.0, subduction zone earthquake and several 

shallow crustal earthquakes occurred in 2011. Based on 

the information provided by KiK-net, the soil profiles for 

each station were constructed. Then the ground motions 

recorded within the downhole arrays were propagated 

through the profile. In general, both equivalent-linear and 

nonlinear site response analyses can estimate the 

responses well. The mean residual of all computed 

spectra shows good agreement between observed and 

computed spectral accelerations.  

    Residuals for the March 11 M9.0 earthquake were 

separated from those for other earthquakes to evaluate 

the shear modulus reduction for long duration earthquake 

motions. For rock sites, the mean residual for the March 

11 M9.0 earthquake did not show much difference from 

that for the other earthquakes. However, the difference 

became significant when soil sites were taken into 

account. The mean residual for the March 11 M9.0 

earthquake was significantly greater than that for the 

other earthquakes, for the periods less than 0.7 sec. This 

indicates that the computed spectra were underestimated 

due to the use of shear modulus curves that do not 

represent the modulus reduction of the soil. Therefore, it 

is necessary to enhance the understanding of the shear 

modulus model. Further research is needed with more 

earthquake cases and further site characterization to 

refine the estimate of shear wave velocity profiles as well 

as modulus reduction and damping curves.  
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Figure 9 Residual of response spectra for five 

earthquakes per each of nine stations. Mean residual and 

mean residual ± 1 standard deviation are also shown. 
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Figure 10 Comparison of residuals for the March 11 

M9.0 earthquake and for other earthquakes (a) for all 

sites, (b) for rock sites, and (c) for soil sites. 
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Abstract: Liquefaction-induced ground failures in the form of levee embankment deformations, settlements, and lateral 
spreading damage from the Mw = 9.0 Tohoku Earthquake of March 11, 2011 affected the Kanto and Tohoku regions from 
Tokyo to Hachinohe. Examples of soil liquefaction-induced damages were observed in the urban fill-developments 
within Urayasu City, along the Tone River in Chiba and Ibaraki Prefectures, at Fujinuma Dam in Fukushima, and in 
landslide deposits at Hitachinaka Port. In coordination with the Japanese Geotechnical Society, the US National Science 
Foundation sent teams from the Geotechnical Extreme Event Reconnaissance (GEER) Association to document the 
effects of this massive earthquake on the built environment. The GEER effort sought to permanently record 
characteristics of ground deformation areas using conventional mapping coupled with terrestrial LIDAR technology and 
surface wave methods. The first phase of the GEER team identified relevant sites and performed field mapping; a second 
phase collected LIDAR data at ten sites of importance from the standpoint of potentially impacting ground failure 
prediction methodologies. A third phase collected surface wave dispersion data at 56 liquefaction investigation and slope 
stability sites to model the internal shear wave velocity structure of soil layers affecting the performance of both damaged 
and undamaged sites.  We anticipate the ground failure case studies will be useful for applications in lateral spread 
predictions, inference of undrained residual strengths from landslides, and post liquefaction settlements. 
 
 

1.  INTRODUCTION 
 

In coordination with the Japanese Geotechnical Society, 
the US National Science Foundation organized teams to 
document the effects of the Mw = 9.0 Tohoku Earthquake of 
March 11, 2011. One of the principal groups tasked with this 
responsibility was the Geotechnical Extreme Event 
Reconnaissance (GEER) Association, an organization 
sponsored by the US National Science Foundation. The 
GEER Association is developing systematic guidelines and 
methods of conducting NSF sponsored reconnaissance 
efforts of the geotechnical effects of extreme events. The 
GEER effort sought to permanently record characteristics of 
ground deformation areas using conventional mapping 
techniques coupled with terrestrial LIDAR technology and 

surface wave methods. The first phase of the GEER team 
efforts identified relevant sites and performed field mapping 
(GEER Reports - Ashford et al, 2011; Kwak and Stewart, 
2011; Mahin, 2011; Harder et al., 2011a; Harder et al., 
2011b; Harder et al., 2011c; Arduino and Meneses, 2011); 
the second phase collected LIDAR data at ten sites of 
importance from the standpoint of potentially impacting 
ground failure prediction methodologies (GEER Report - 
Kayen et al., 2011). A third phase recently collected surface 
wave dispersion data in October and November at 56 
liquefaction investigation, site response and slope stability 
sites to model the internal shear wave velocity structure of 
soil layers affecting the performance of both damaged and 
undamaged sites.  
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The GEER efforts visited the entire effected region 
from Tokyo to Aomori. The principal purpose of the visits 
was to observe and document the geotechnical case histories 
using traditional reconnaissance methods and advanced 
technologies like LIDAR imaging and surface wave testing. 
This paper primarily focuses on the latter advanced 
technology data collection and analysis phases that directly 
followed the traditional reconnaissance observations of the 
Phase-1 GEER teams. 

 
1.1 Reconnaissance Method 

 
The first GEER Reconnaissance Teams were organized 

and sent to the epicentral region 15 days after the earthquake 
to assess the geo-engineering and soil-induced structural 
damage aspects of the earthquake, namely the spatial extent 
and magnitude of ground failures, soil liquefaction, 
landslides, and damage to bridges, piers, ports, harbors, 
lifeline systems, and critical structures.  During these early 
reconnaissance, vehicles were used to traverse the roads of 
the epi-central region equipped with handheld two-way 
radios, phones, digital cameras, maps, computers for 
recording observations and GPS units for recording track 
logs and site locations.  In the evenings and following the 
field work, the reconnaissance teams met to merge the GPS 
data, site logs, and digital photos into a common database.  
A Google Earth KML markup language file was generated 
to display all the written observations on dynamic digital 
maps (GEER Google Earth map - Kwak and Stewart, 2011).  

By observing damage in the Google Earth file, subsequent 
teams could identify unexplored areas, spatial trends in the 
observations, and any errors in the GPS logs and typed 
observations.   

 
High-resolution laser-topographic data sets of the most 

significantly damaged levees, earth dams and communities 
were collected by the Phase 2 teams (Kayen et al., 2011) to 
preserve and archive deformations using one of the USGS 
terrestrial Light Detection and Ranging (LIDAR) systems 
(Table 1).   
 

A subsequent larger Phase 3 effort to gather surface 
wave dispersion data at liquefaction and site-response 
locations was fielded in the fall of 2011.  Surface wave data 
were collected at 56 sites (28 within Urayasu City).  These 
data are currently being analyzed to provide detailed 
sub-surface shear wave velocity estimates for assessing 
strong motion amplification, liquefaction damage potential, 
and geophysical stratigraphy.  Video LIDAR movies of 
damage sites, the early reconnaissance LIDAR reports 
(GEER Quick Report 1-6), and data from these sites are 
available at:  

 
http://vimeo.com/lidarmedialab/  
 
http://www.geerassociation.org/GEER_Post%20EQ%20Re
ports/Tohoku_Japan_2011/Cover_Tohoku_2011.html 
 

  

LIDAR Site Latitude Longitude 
Site RK3: Yoko-Tone (lateral spread) N35.92559 E140.48844 

Site RK4; JS23: Isobe (lateral spread)  N35.63474 E140.04755 

Site RK5, J26: Sodegaura Shou Gaku N35.66958 E140.02742 

Site RK6,J27: Urayasu Cemetary (lateral spread) N35.63797 E139.93345 

Site RK8, JS7: Hinuma Lake Levee (lateral spread) N36.26869 E140.50896 

Site RK10, JS10: Hitachinaka Port landslide N36.34481 E140.60344 

Site RK13: Shirakawa Village Landslide N37.13885 E140.21866 

Site RK15a: Fujinuma Dam Failure Site A N37.29893 E140.19466 

Site RK15b: Fujinuma Dam Failure Site B N37.29890 E140.18874 

Site RK34: Koguchi Route 257 Road settlement N38.53377 E141.21575 
 
 

Table 1:  LIDAR sites of the GEER Phase 2 Investigation. 
 
2.  LIDAR TECHNOLOGY 

The terrestrial LIDAR data collection technique 
consists of sending and receiving laser pulses to build a point 
cloud in 3-D coordinates. The travel time of a single pulse 
reflection using a known azimuth and zenith angle is 
measured resulting in the distance between the laser and 

point of interest. This process is repeated hundreds of 
thousands of times using different azimuth and zenith angles 
to form the point cloud of interest. The instrument captures 
data at approximately 12,000 points per second, with a 
typical maximum range of 700-1000 meters and an accuracy 
of approximately 15 mm for each point (Figure 1). LIDAR 
reflectors were placed within the field of view of the 
instrument to geo-reference the data.   

LIDAR technology is a natural extension of laser range 
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finder systems and electronic distance meters (EDMs) 
commonly used in survey applications.  With this 
technology, a laser beam systematically scans over an area 
of interest to acquire the precise distance to objects across 
the scene.  The laser repeatedly shoots pulses of light at 
each rotation point of the scanner, sending light to reflect off 
an object and back to the scanner.  The pulse hits the object 
and scatters a portion of the light back.  By timing the 
round trip of each laser pulse, the range is determined for 
each scan position and a series of spherical coordinates is 
recorded.  Knowing the position and orientation of the 
instrument, a group of x,y,z coordinates (referred to as a 
“point cloud”) is acquired at a very rapid rate.  As the 
scanning laser pulses reflect off objects at various distances 
from the scanner, point measurements are collected that 
define the objects’ shape.  

  

Figure 1.  The headscarp of the landslide at 
Hitachinaka Port (A) cutting through the median of the port 
access road.   The concrete-faced Pleistocene coastal cliff 
can be seen on the left.  The compressional toe of the 
landslide (B) on a lower road within the port. 

 
To image a surface, the scanner is transported to the site 

in a vehicle or backpack.  The USGS unit weights 13 kg 
plus the weight of accessory cables, tripod, battery and 
laptop. The scanner is placed on a tripod in front of the 
object of interest and connected to a battery and laptop 
computer (Figure 1).  Using multiple tripod set ups, a 

typical site point cloud consists of many tens of millions of 
data points.  Efficient manipulation of that data are 
performed with specialized surface modeling software.  
This software collects the scan point-cloud data and 
processes multiple scans into geo-referenced surfaces.  
Following data acquisition, a series of standard processing 
steps is followed to register, filter, and produce a bare-earth 
surface model. The surface model can then be used to 
document the state of the ground and provide a baseline for 
detection of any changes in volumes, areas, and distances.  

 
3. Selected LIDAR Imagery from the Mw9.0 Tohoku 
Earthquake of 11 March 2011 
 

Damage from the earthquake was centered in coastal 
communities and young soil deposits. Two examples of the 
ten LIDAR data sets are presented here and are intended to 
show highlights of the laser-based topography damage 
analysis.  For complete discussion of LIDAR analysis and 
deformation, please refer to the reports at the GEER 
Association web site. 

 
3.1  Hitachinaka Port, Ibaraki Prefecture 
 
Geotechnical damage impacting Hitachinaka port, in 
northeast Ibaraki Prefecture (36.3448°N, 140.60344°E), was 
primarily deformations of a small shallow rotational 
landslide (GEER, 2011). The portion of the port that 
suffered landslide damage is founded on young coastal 
Holocene age sediment immediately adjacent to a 
Pleistocene age weakly cemented sandstone seacliff.  This 
cliff is the location of the port access road and serves as the 
landward-perimeter of the port.  The landslide-toe daylights 
in the parking lot behind one of the port facility buildings 
that was inundated by the tsunami.  

 
Damage by the earthquake resulted in vertical slumping 

in the headscarp area that closed the port access road (still 
closed 8 months after the earthquake). On April 4, 2011, 
four LIDAR scans were taken at the site (Figure 1). This 
collection was registered in a project coordinate system with 
a model accuracy of approximately 14 mm.  
 

 

Figure 2 LIDAR scan data draped on oblique satellite 
imagery as an overlay in Google Earth. 
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In Figure 2, the LIDAR data coverage is draped over 

satellite imagery of the port.  In this figure, the rainbow 
shaded colors range, from dark blue representing the highest 
elevations, to red representing the lowest elevations.  The 
coastal seacliff above the headscarp of the slide is the thin 
blue strip along the top right (north) edge of the LIDAR data.   
In the oblique image in Figure 2, the Prefecture highway 
road and coastal seacliff are shaded in blues and greens, and 
the sloping port ground is colored in yellows and red.  On 
the port access road, the green zones are depressions caused 
by deformations of the slide along the headscarp. The fissure 
that defines the headscarp can be seen in the LIDAR 
coverage along the green and blue zones. 

 

Figure 3.  Post event elevations (left), pre-event 
simulated surface (middle), and difference map of the Post- 
and Pre-surfaces.  On the right is a histogram of 
deformations. 

 

Figure 4.  Change detection contour map of the 
relative elevations on the Hitachinaka port road. 

 
One of the powerful aspects of LIDAR data is the 

ability to generate precise topographic elevation maps of the 
study area that can be differenced or dissected in any 
orientation. From estimates of the pre-failure geometry of 
the roadbed, a primitive surface was made and used to 

determine elevation differences between it and the LIDAR 
image (Figure 3).  The ability to difference surfaces allows 
for multi-epoch change detection across surfaces. At 
Hitachinaka port, a simulated pre-event surface was made to 
compute the estimated distribution of elevation changes 
across the entire highway.  On the right side of Figure 3, 
the settlement distribution function is presented for the failed 
section of the Highway.  Vertical settlement deformations 
ranged from 0 to a maximum -224 cm with the mode in the 
vicinity of about -1.0 meter.  In a separate analysis, the 
pre-and post-failure surfaces at Hitachinaka port were 
brought into the software package Surfer, and topographic 
change contours were modeled across the landslide. In 
Figure 4, zones of settlement shown in orange and red along 
the road at the headscarp of the landslide. Settlements are 
estimated to be in excess of 1.8 m along the greatest negative 
contour line.  In the yard behind the buildings positive 
contours of topography (blue region) can be seen where the 
toe of the landslide has bulged and compressed the ground.  
These values are in excess of 1.8 m at their maximum. 

 
3.2 Fujinuma Dam, Fukushima Prefecture 
 

Fujinuma Dam is an embankment dam located in 
southern Fukushima Prefecture that failed shortly after the 
earthquake. The failure of the dam resulted in the 
uncontrolled release of the entire reservoir, which flowed 
downstream into a small village and lead to the death of 8 
people (Matsumoto, 2011; Towhata et al., 2011).  
Fujinuma Dam had a maximum height of approximately 
18.5 meters and a maximum reservoir volume of 
approximately 1.5 million cubic meters. It has sometimes 
been referred to as Fujinuma-ike, which means it was 
considered to be a pond-retaining structure because the dam 
was not on a regulated river (Matsumoto, 2011).  A strong 
motion station located 2.8 km away from the dam registered 
a peak horizontal acceleration of 0.315g. 

 
Construction on Fujinuma Dam began in 1937 and 

was completed in 1949. The breach of the dam occurred 
following the March 11, 2011 main shock at 2:46 local time 
near the right abutment corresponding to the thalweg of the 
reservoir, observed after the failure. 

 

Figure 5.  Estimated pre-failure surface of Fujinuma 
dam modeled from engineering drawings and surrounding 
topography. 
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LIDAR data collection at the reservoir included the 

main 18.5 m dam, a second 6m auxiliary dam, and 
liquefaction-induced deformations of the embankment 
slopes along the park frontage at the western end of the 
reservoir. Engineering cross-sections of the dam in 
conjunction with LIDAR data at the dam were used to 
construct a pre and post-failure LIDAR model geometry. 
This information was used to compute surfaces and contour 
maps in order to estimate the volume of material lost during 
the failure.  

 
Figure 5 shows the simulated surface model of the 

dam estimated from the engineering drawings. In Figure 6, 
the pre-and post-failure contour maps are shown, and from 
these it can be seen that water release from the dam cut 
down and reduced crest heights to between -8 and -13 
meters (Figure 7). 
 

 
Figure 6. Contour maps for Fujinuma dam pre-failure (top) 
and post-failure (bottom). 
 
 
4. SURFACE WAVE TESTING 

 
Noninvasive surface waves methods (Spectral 

Analysis of Surface Waves (SASW) and Multi-Channel 
Analysis of Surface Waves (MASW)) were used to obtain 
shallow shear wave velocity (Vs) profiles at 56 sites affected 
by the earthquake. Shear wave velocity measurements at 
these sites were collected to: (1) delineate the stiffness, depth, 
and thickness of liquefiable soils that contributed to 
observed ground deformations of levees, bridges, highways, 
and buildings; (2) to assess site response by way of dynamic 
analyses, and (3) to investigate small-strain stiffness of 
various age man-made fill deposits.  

 

Figure 7. Contour map of elevation changes at Fujinuma 
dam. 

 
The surface wave field measurements were made using 

four methods: (1) SASW by the frequency controlled 
stepped-sine technique using 1.0 Hz sensors, a four-channel 
Agilent 35670A dynamic signal analyzer, and a computer 
controlled harmonic vibrator; (2) SASW by the transient 
vibration drop weight/hammer technique; (3) MASW by the 
frequency controlled stepped-sine technique using 4.5 Hz 
sensors and a ‘Mobilyzer’ multichannel dynamic signal 
analyzer; and (4) MASW by the transient vibration drop 
weight/hammer technique.  These tests are transportable 
and run off a single car battery or generator.  
 

The principal advantage of these tests is that they are 
non-invasive, easily to mobilize, and still allow for flexible 
adjustment of test settings, signal gains, and array 
dimensions ideal for earthquake reconnaissance efforts. 
SASW/MASW data were collected at 56 sites, 28 of which 
were in Urayasu city (Figure 8).  

 
Figure 8. Map of 28 surface wave test sites at liquefaction 
field performance locations within Urayasu City. Blue sites 
were collected by Cox & Wood and red sites by Kayen. 
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The experimental dispersion curve data obtained at the 
SASW and MASW sites (Figures 9 and 10) were gathered 
for wavelengths between approximately 0.2 and 50 meters, 
and were resolved at frequencies between approximately 3 
to 100 Hz. At present, these data are being processed so as to 
fit a theoretical dispersion curve to the experimental field 
data via iterative forward modeling that accounts for 
fundamental and higher-mode surfaces waves. The 
dispersion trends show changes in the velocity structure of 
the soil column. A typical dispersion curve and associated 
shear wave velocity profile are shown in Figure 11. A near 
surface crust results in a velocity inversion at short 
wavelengths/high frequencies, followed by a normally 
dispersive trend of increasing phase velocity with increasing 
wavelength or decreasing frequency. The surface wave data 
is still being processed and is not discussed further herein. 

 
Figure 9. SASW test in Urayasu City with 1 Hz sensors and 
electromechanical shaker. (Kayen vehicle) 

 
CONCLUSIONS: 

The enormity of this earthquake required a new 
strategy for gathering post-event reconnaissance data. The 
GEER Association developed a vertical managerial structure 
to direct multiple investigation teams into the field, 
sometimes simultaneously. The GEER Association adopted 
a strategy of fielding three general phases of investigation: 
(1) general observational reconnaissance; (2) target- or 
topic-specific investigation and advanced technologies for 
mapping deformations; and (3) advanced technologies in 
order to collect subsurface geotechnical properties. This 
paper describes our current efforts to analyze data collected 
during Phases 2 and 3 of the investigation. Additional phase 
3 activities are planned for 2012 that include additional 

surface with testing and cone penetration testing. 
 

In total seven separate trips were conducted by GEER to 
characterize the damage. Two of these trips used advanced 
technologies in order to capture quantitative damage 
information and subsurface geotechnical properties. 10 sites 
were visited using laser-based light detection and ranging 
technology (LiDAR) and 56 sites were characterized using a 
variety of surface wave methods and techniques (Figure 12). 

 
 
Figure 10. MASW test in Urayasu City with 4.5 Hz sensors, 
electromechanical shaker, and transient hammer source (Cox 
vehicle). 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 11. Typical dispersion curve and shear wave velocity 
profile measured in Urayasu City. 
 
The objectives of this data collection are to establish 
important case histories that will allow for the calibration of 
new site response and deformation models against 
quantitative measurements of ground properties from this 
rare Mw 9.0 event. 
 
ACKNOWLEDGMENTS 
 
GEER is supported by the National Science Foundation 
(NSF) under CMMI-00323914 and the surface wave 
investigation was supported by NSF Rapid awards 
CMMI-1138203 and CMMI-1138168. The GEER Advance 
Team gratefully acknowledges the collaboration and support 
of our Japanese colleagues.  Several port visits were 

- 128 -



7 

coordinated by Dr. Takahiro Sugano of the Port and Airport 
Research Institute. 
 

REFERENCES: 
 

http://geerassociation.org/GEER_Post%20EQ%20Rep
orts/Tohoku_Japan_2011/Cover_Tohoku_2011.html 

 
Quick Report 1: GEER Association Report No. 

GEER-025a (April 5, 2011). Geotechnical Quick Report on 
the Kanto Plain Region during the March 11, 2011, Off 
Pacific Coast of Tohoku Earthquake, Japan 

Google Earth Map File (May 10, 2011) 
GEER Advance Team Reconnaissance Video (Posted 

April 20, 2011) YouTube Video Based on the GEER Team 
observations from March 26 - April 1, 2011 

PEER/EERI/GEER/Tsunami Field Investigation Team 
Short Interim Report (Posted April 23, 2011)  

Quick Report 2: GEER Association Report No. 
GEER-025b (May 4, 2011)Preliminary Observations of 
Levee Performance and Damage following the March 11, 
2011 Tohoku Offshore Earthquake, Japan 

Quick Report 3: GEER Association Report No. 
GEER-025c (May 17, 2011) Preliminary Observations of 
the Effects of Ground Failure and Tsunami on the Major 
Ports of Ibaraki Prefecture 

Quick Report 4: GEER Association Report No. 
GEER-025d (June 6, 2011) Preliminary Observations of 
Surface Fault Rupture from the April 11, 2011 Mw6.6 
Hamadoori Earthquake, Japan (and aftershock of the March 
11, 2011 Tohoku Offshore Earthquake, Japan) 

Quick Report 5: GEER Association Report No. 
GEER-025e (June 6, 2011) Preliminary Observations of the 
Fujinuma Dam Failure Following the March 11, 2011 
Tohoku Offshore Earthquake, Japan 

Quick Report 6: GEER Association Report No. 
GEER-025f (July 19, 2011) LIDAR and Field Investigation 
of the March 11, 2011 M9.0 Great Tohoku Offshore 
Earthquake, and April 7, 2011 M7.4 Aftershock    

Quick Report 6 Appendix:  LIDAR Animations 
(August 16, 2011) 

Matsumoto, N. (2011), “Amended 4th Quick Report 
on Dams,” Japanese Committee on Large Dams, April 4, 
2011. 

Towhata, I; Goto, H; Kazama, M; Kiyota, T; 
Nakamura, S; Wakamatsu, K; Wakai, A; Yasuda, S; and 
Yoshida, N (2011), “On Gigantic Tohoku Pacific 
Earthquake in Japan,” Earthquake News, Bulletin of the 
International Society for Soil Mechanics and Geotechnical 
Engineering, Volume 5, Issue 2, April, 2011. 
 
 
 
 
 
 
 
 

 

 
 
Figure 12.  Map showing the extent of the entire GEER 
reconnaissance effort between March 25, 2011 and 
November 6, 2011.  The epicenter of the main shock and 
significant M7.4 4/7/2011 aftershock are marked as tensor 
beach-balls.  The Fukushima Daiichi reactor and 12 km, 20 
km, and 50 mile exclusion zones are marked as circles. 
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Abstract:  The Mw=9.0 Tohoku Earthquake resulted in failures of the two dams impounding Fujinuma Lake, in 
Fukushima Prefecture. After the event, several mechanisms were postulated regarding the failure modes of the dams. The 
authors have performed numerical dynamic analyses whose principal aim was to determine the dams’ likely failure 
mechanism. Our numerical analyses of the Fujinuma Main Dam predicted several meters of lateral displacement of the 
downstream face due to seismic shaking, i.e., sliding, and a corresponding large drop in the crest elevation. This drop 
rendered the dam vulnerable to overtopping which ultimately breached the dam. Additional numerical stability analyses 
also found that the Fujinuma Saddle Dam had a static factor of safety below unity under rapid drawdown conditions, and 
was therefore vulnerable to a rapid release of the reservoir water when the main dam was breached. 

 
 
1.  INTRODUCTION 
 

On March 11, 2011, the Magnitude Mw=9.0 Tohoku 

Earthquake triggered an extremely destructive tsunami that 

killed thousands of people, caused wide spread liquefaction, 

and resulted in tens of billions of dollars in damage. 

Comparatively, there were relatively few seismically 

induced slope and dam failures.  

According to JCOLD (2011), dams generally behaved 

very well, suffering only minor to moderate damage during 

the Tohoku Earthquake. The single exception was the 

18½ m high Fujinuma earthdam (Figure 1), which was 

constructed between 1937 and 1949, near Sukagawa City in 

Fukushima Prefecture (N37.302˚, E140.195˚). The excellent 

performance of Japanese dams during one of the largest 

earthquakes in recent history, attests to the excellence of 

Japanese dam construction and long term maintenance. 

Prior to the Tohoku Earthquake, the Fujinuma dam 

retained a small reservoir known as Fujinuma Ike 

(maximum volume of approximately 1.5 million cubic 

meters), that was used for irrigation and leisure. According 

to EERI (2011), the main dam was reported to have begun 

breaching within 20 minutes of the earthquake and a photo, 

taken approximately 25 minutes after the earthquake,  

shows almost the entire length of the dam being overtopped. 

The uncontrolled discharge from the breach was channeled 

through a narrow valley, destroying a small village at the 

mouth of the valley, and killing 8 people (Towhata, 2011). 

 According to EERI (2011) the dam was overtopped 

due to a drop in crest elevation. The EERI report postulated 

three possible causes for the lowering of the crest: (a) an 

upstream slope failure, (b) a downstream slope failure 

resulting from sliding on thick organic paleo-soils, or (c) 

downstream sliding through poorly compacted fill. EERI 

also indicated that an erosion mechanism was possible, with 

flow through cracks along the crest or internal seepage.  

A small Saddle Dam at the site which retained the 

southeast end of Fujinuma Lake also failed as a result of the 

earthquake. This secondary dam was not breached and 

experienced a slope failure towards the reservoir (Figure 2). 

According to EERI (2011) the saddle dam’ failure could 

have been caused by strength loss during the earthquake, i.e., 

sliding, or by rapid drawdown from the rapid release of the 

reservoir water through the main dam breach. 

The authors have performed a study whose principal 

aim was to present a likely cause for the failure of the two 

dams that impounded Fujinuma Lake. 
 
 
2.  SITE OBSERVATIONS 
 
2.1  Introduction 

In April 2011 the authors visited Japan as members of 

the American Society of Civil Engineers (ASCE) 

Embankment, Dams and Slope Committee (EDS). During 

their reconnaissance mission (Wartman et al., 2011) the 

authors performed an investigation of the Fujinuma Lake 
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site, which included detailed observations and measurements 

of the failures of the main dam (which was breached) and of 

the saddle dam (which was not breached). The main purpose 

of their visit was to document the geotechnical conditions of 

the two failed dams and to determine their probable failure 

mechanisms.  

 

 

 

  

 
 

 
 
 
 
 
 
 
 

 
Figure 1  Photograph of the breached Fujinuma Main Dam (the 

arrows point to a layer of dark and organic residual soil) 
 
 
 

 

 

 

 

 

 

 

 

 

 
Figure 2  Photograph of the failed Fujinuma Saddle Dam 

 
 
 
 
 
 
 
 
 
 
 
 
  

 
 

Figure 3  Photograph of a near vertical section of the Fujinuma 
Main Dam breach (looking South). 

2.2  Fujinuma Main Dam 
Although a significant portion of the main dam had 

been washed away by overtopping, the EDS team was able 

to make key observations that revealed the nature of the dam 

construction and its likely mode of failure. For example, 

along the breached section, nearly vertical exposures up to 

5m in height of cohesive fill materials and compaction 

layering were exposed (Figure 3). Furthermore, evidence of 

a translational sliding mechanism was observed along the 

right abutment which included a slightly elevated bulge and 

a large displaced block from the downstream face of the dam. 

Lastly, the breach exposed foundation materials at several 

locations along the base of the dam. Of particular interest to 

our team was a dark residual soil layer which blanketed the 

base of the dam and was also exposed downstream along the 

left abutment (Figure 1); this residual soil layer (paleo-soil) 

was rich in organics and had been locally reworked into 

compacted fill along the foundations (or base) of the dam.  

Since no evidence of soil liquefaction was observed 

along the intact portions of the dam and abutments, our team 

concluded that the probable failure mechanism was a 

seismically induced landslide with a basal plane located 

through the highly organic residual soil layer. Please note 

that the GEER team proposed a similar mode of failure 

independently (Harder et al., 2011).  

Based on their field observations, the EDS team 

reached the conclusion, that sliding of the downstream face 

probably occurred during the Tohoku Earthquake. The 

seismic displacements must have been sufficient to lower the 

crest of the dam and allowed, initially, a slow release of 

water over the crest of the dam. Overtopping caused erosion 

of the top of the dam, which culminated in a full blown 

breach, and the overtopping which photographed 25 minutes 

after the Earthquake and reported in EERI (2011).  

 
2.3  Fujinuma Saddle Dam 

Although the failure of the Saddle Dam (Figure 2) is 

reminiscent of the 1971 Lower San Fernando Dam 

liquefaction failure, careful examination of the downstream 

face of the dam and of the abutments did not reveal evidence 

of sand boils, lateral spread, or liquefaction related effects.  

A LIDAR investigation by Kayen et al. (2011) found 

little deformation on the slope immediately adjacent to the 

dam. Hence, our team concluded that the failure was 

probably due to rapid drawdown, i.e., caused by the sudden 

release of the reservoir after the main dam failed. Please note 

that the GEER team (Harder et al., 2011) reached a similar 

conclusion independently. 
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3.  ENGINEERING ANALYSES 
 
3.1  Introduction 

To evaluate the likelihood of the postulated 

mechanisms, our team conducted independent engineering 

analyses of the two dam failures. Please note that we did not 

have the benefit of subsurface investigation or testing and 

thus the properties used in our study are solely based on the 

detailed observations we performed at the site, and on our 

experience.  

 

 

 

 

 

 

 

 

 
 

Figure 4  Mesh used in our dynamic analyses of the Fujinuma 
Main Dam and predicted mode deformation (displacements are 

exaggerated). Shear strains contours are also shown. 
 

3.2  Main dam 
To evaluate the likelihood of the postulated 

mechanism, we performed a relatively simple dynamic 

numerical analysis using the computer program FLAC 

version 7.0 (Itasca, 2011). Figure 4 depicts the mesh used in 

our analysis, as well as the predicted mode of deformation. 

The ground motions used in our analyses were obtained 

from several stations of the KNET network where bedrock 

was shallow, namely stations FSK015 (PGA=0.28g) 

TCG001 (PGA= 0.4g) and FSK025 (PGA=0.15g). Due to 

manuscript length limitations only the numerical results 

using the FSK015 motions are presented herein (the 

velocities from FSK015 depicted in Figure 5 were the input 

at the base of our FLAC model). To allow damping to vary 

with time during the earthquake, we adopted, for simplicity, 

hysteretic damping (Figure 6) using as backbone shear 

moduli based on the “upper range” curves by Seed & Idriss 

(1970). The numerical approximation shown in Figure 7, 

was considered reasonable for the on-site cohesive materials.  

For sliding and permanent displacement to occur a 

hypothesis of the shear strength of the materials was 

required in our model. Based on the height of the near 

vertical sections (measured angles ranged from 60o to 

vertical) we estimated that fills had a minimum static 

undrained shear strength of 20 kPa. This strength was 

adopted along the upstream face of the reservoir and 

doubled along the unsaturated downstream face to account 

for the increase due to soil suction. Within the saturated core 

of the dam the increase of strength with depth was based on 

an undrained cohesion to total stress ratio, Su/ = 0.25. 

Please note that no differentiation was made in terms of 

strength between the natural residual clay (paleo-soil) and 

the dam’s compacted fill. 

 

 

 

 

 

 

 

 

 

 

 
 
Figure 5  Velocity input at the base of the numerical model for 

the FSK015 recording (PGA=0.28g) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
Figure 6  Hysteretic damping 

 

Ishihara (1996) has shown that the dynamic strength 

of cohesive materials is larger than the static strength. At low 

confining stresses Ishihara’s tests on Nanamawari Izu clay 

showed an increase of up to 100% when subjected to a small 

number of loading cycles and almost no increase with large 

number of cycles. The range of adopted strength profiles 

used in our study are shown in Figure 8.  

Our numerical analyses generally predicted meters of 

lateral displacement in the downstream direction due to 

seismic shaking (Figure 4), with slippage occurs taking place 

along the base of the dam, i.e., were the dark residual soil 

and fill were present (Figure 1). More importantly the model 

Reservoir side Downstream side 

Time t = 100 seconds 
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showed a corresponding large drop in the crest elevation. 

The predicted drop in crest elevation would have rendered 

the dam very vulnerable to overtopping. This mode of 

failure is consistent with the conclusions of our teams’ 

observations, Harder et al. (2011), and is one of the 

postulated mechanisms in EERI (2011). Lastly, the proposed 

failure mode is also consistent with the photograph taken by 

M. Yoshizawa approximately 25 minutes after the 

earthquake (contained in the EERI (2011) report), which 

does not show evidence of a slide towards the reservoir. 

 

 

 

 

 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 

Figure 7  Backbone modulus reduction and damping ratios  
used for hysteric damping  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 8  Range of adopted static and dynamic shear strengths 

3.3  Saddle dam 
To evaluate the likelihood of the rapid drawdown 

failure mechanism postulated by our team, we conducted a 

simple analysis of the stability of the saddle dam by the 

strength reduction method. The mesh used and predicted 

mode of failure are shown in Figures 9 and 10. In our 

analysis we assumed that both dams were built at the same 

time with similar compacted fill materials, hence, we used 

the static shear strength shown in Figure 8. 

 

 

 

 

 

 

 

 
 

Figure 9  Mesh used for the rapid drawdown analyses of the 
Fujinuma Saddle Dam. 

 

 

 

 

 

 

 

Factor of safety = 0.97 

 
 
Figure 10  Mode of failure predicted by the Strength Reduction 

Method during rapid drawdown. Also shown are shear strain 
contours and displacement vectors) 

 
Our numerical stability analyses found a static Factor 

of Safety of 0.97, which indicates that the saddle dam was 

vulnerable to rapid drawdown mode of failure. In our 

opinion, the rapid release of the reservoir water through the 

main dam breach was the likely cause of failure.  

A rapid drawdown failure is one of the mechanisms 

postulated by EERI (2011). It is consistent with both our 

team’s original conclusions and those of the GEER team 

(Harder et al. 2011). Please note that the absence of 

permanent displacements and distress in the downstream 

face of the saddle dam strongly supports a rapid drawdown 

failure, versus a mode of failure related to strength loss 

caused by earthquake shaking. 
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Figure 11  Predicted deformations and shear strains contours of 

Fujinuma Main Dam using static undrained shear strengths 
(displacements are exaggerated five times; maximum 

displacement at t = 150 seconds is approximately 2 m).  
 

Our study of the saddle dam stability also suggests 

that the undrained strengths in Figure 8 which were used for 

the two dams are reasonable, as they explain both the Saddle 

Dam failure and the maximum near vertical heights of fill on 

the main dam.  

 
 
4.  CONCLUSIONS 
 

Several failure modes have been postulated about the 

mode of failure of the Fujinuma dams (e.g., EERI, 2011). 

Based on our observations at the site and exprience, 

simplified dynamic analyses were conducted to determine 

the dams’ likely failure mechanisms.  

Our numerical model of the Fujinuma Main Dam 

predicted large lateral displacements (meters) of the 

downstream face due to seismic shaking, i.e., sliding, and a 

corresponding major drop in the crest elevation (Figure 11). 

This drop rendered the dam vulnerable to overtopping and 

ultimately to failure.  

Our numerical stability analyses also found that the 

Fujinuma Saddle Dam had a static factor of safety below 

unity under rapid drawdown conditions, and was therefore 

vulnerable to a rapid release of the reservoir water when the 

main dam was breached.  
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Abstract:  The 2011 off the Pacific coast of Tohoku Earthquake caused severe damage in a wide sphere. Even in Tokyo 
metropolitan area, far from the epicentral area, liquefaction was observed. The basic and proper countermeasure for 
earthquake disaster is to make all the structure earthquake resistance. For this purpose, it is important to grasp the 
vulnerability from the inventory survey before the expected event. This paper explains the vulnerability index Kg value 
derived from the result of the microtremor measurement and compares the liquefaction caused by this earthquake with the 
results of the microtremor measurement conducted in 1990. For example, at Maihama area we had 4 measurement points 
as surrounding the Tokyo Disney Land built on a reclamation land in 1990 and calculated Kg value for each point from 
the result of the microtremor measurement. In this area, Kg value was 9.8 to 34.9 (micro strain/Gal) and it corresponds to 
the shear strain at the surface ground layer caused by the 2011 earthquake is estimated 700 to 2300 micro strain. From 
this result, two points of this measurement are possible to be suffered liquefaction damage. This agrees with the field 
investigation by other research group. Other examples around Kanto region will be explained and shows the validity of 
the Kg value.  

 
 
1.  INTRODUCTION 

 
The 2011 off the Pacific coast of Tohoku Earthquake 

(hereafter the 3.11 earthquake) caused severe damage in 
wide sphere focusing mainly around eastern Japan area. 
Even in Tokyo metropolitan area, more than 200 to 300 km 
far from the epicentral area, liquefaction was observed in 
many places.  

The ultimate and proper countermeasure for 
earthquake disaster is to make all the structure earthquake 
resistance. For this purpose, it is important to grasp the 
vulnerability from the inventory survey before the expected 
event. 

This paper explains the vulnerability index Kg value 
derived from the result of microtremor measurement and 
compares the liquefaction situation caused by the 3.11 
earthquake with the results of the microtremor measurement 
conducted in 1990. 

 
 

2.  VULNERABILITY INDEX KG VALUE FOR 
GROUND 
 

Vulnerability index K value is an index to estimate the 
strain of ground and the focused part of the structure at the 
time of estimated earthquake, derived from the predominant 
frequency F and its amplification factor A and the 
dimensions of the structure. The common estimating 

equation of the strain g is as follows. 
 

 aKor ×=εγ  (1) 
 
Here, K and a are K value and the acceleration value 

at the base ground, respectively. 
In case of ground, Kg value, K value for ground, is 

defined as follows; 
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Here, e is input efficiency and Vb and Vs are the 
velocity of the base ground and surface layer, respectively. 
Hence, 

 
 aKge ××= βγ  (3) 

 
Here, Kg = A2/F and β = e/(π2Vb). Vb can be assumed 

600m/s in Japan. If input efficiency e is assumed 0.6, 
numerical value of β is about 1.0 and then, 
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aKge ×=γ                  (4) 
 

It seems that the input efficiency can be fluctuated by 
the input earthquake motion. In case of the shot duration like 
pulse wave, large acceleration is required so the input 
efficiency will be small. However this earthquake has very 
long duration, so input efficiency e can be set 1.0 and then β 
becomes 1.7. Thus,  

 
aKge ××= 7.1γ             (5) 

 
The trial on the determination of liquefaction 

occurrence using Kg value will be described below. 
 
 
3.  RESULT OF MICROTREMOR MEASUREMENT 
AND LIQUEFACTION OCCURRENCE 
 

This paper uses the result of microtremor 
measurement conducted in 1990. The instrument for this 
measurement was PIC, Portable Intelligent Collector, a 
microtremor measuring tool with a three-component sensor 
and data logger units. The microtremor was repeatedly 
recorded 40.96 seconds (4,096 data in 100 Hz sampling) at 
every measurement site, and a 10.24 seconds length data 
was chose from a viewpoint of less artificial noise. Then the 
selected data was Fourier transformed. After that, the 
horizontal to vertical spectrum ratio was calculated for each 
component of every measurement and finally H/V spectrum 

ratio was derived as the averaged spectrum ratio (Nakamura, 
***). Predominant frequency F and its amplification factor 
A are read from the H/V spectral ratio. These procedures had 
been done in 1990. 

This paper calculates the Kg value this result and 
estimates the strain in the surface ground layer with the 
acceleration value observed nearby site. Then the proposed 
index and method are verified their validity with comparing 
the estimated strain with the actual liquefaction situation. 
 
3.1  Maihama area 

Maihama is a reclaimed area filled in 1970s, locating 
at eastern side of Tokyo metropolitan area. Tokyo Disney 
Land built on it. In 1990, microtremor measurement was 
conducted at four corners of a reclaimed land, MH01 to 
MH04 as Figure 1. Kg value is calculated from predominant 
frequency F and its amplification factor A in 1990. Kg value 
ranges 9.8 to 34.9 µ/Gal (=micro-strain/(cm/s/s)) for MH01 
to MH04 as shown in Figure 2. A nearby strong motion 
station, K-NET Urayasu, recorded 164 Gal (= cm/sec/sec) as 
maximum acceleration. Here this maximum acceleration 
value is 5HzPGA, 5Hz low passed peak ground acceleration. 
And because the amplification factor is assumed about 4 
times for the ground in this area, maximum acceleration at 
base ground can be estimated 41 Gal. In view of a 
considerable long duration time of the 3.11 earthquake, as 
described before, the input efficiency set 1.0 for the 
discussion below. 

If input efficiency is 1.0, the strain in the surface 
ground is estimated roughly 1050, 1100, 700 and 2300 µ for 
MH01 to MH04, respectively. If a strain more than 1000 µ 
causes liquefaction, it seems that liquefaction occurs at 
MH01 and MH02, does not occur at MH03 and severely 
occurs at MH04. Figure 1 also shows the result of the field 
survey of the liquefaction situation after Yasuda 2011. We 
can see that the Kg value distribution agrees with the 
liquefaction situation. 
 

 

MH101 

MH102 

MH103 

MH104 

Figure 1  Measurement Point and Liquefaction 
at Maihama 

Red indicates Liquefaction  

Figure 2  Distribution of Kg Value,  
Predominant Frequency F  

and Amplification Factor A at Maihama 
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3.2  Omori and Oi area 
Omori and Oi area locate in south west part of Tokyo 

Metropolitan area and main part of Oi had been filled up in 
before 1940s. Measurement points were set along EW line 
between a park west side of JR Omori station and Oi 
container wharf, and along NS line in the center of Oi pier 
(see Figure 3). Figure 4 shows the Kg value distribution 
based on the 1990 measurement. This figure shows that Kg 
value exceeds 15 around the wharf and a park in the center 
of the reclaimed land. After Tokimatsu 2011, liquefaction 
occurs around the pier and also the park in the center of 
reclaimed land temporary closed a baseball ground because 
of liquefaction and informed damage as crack at artificial 
shore. There is no more information of damage for this area. 

Kg values corresponding to this damage information 
are small value around 10 except more than 23 at the pier 
and more then 15 around the park. It shows that liquefaction 
must be caused more than 60 Gal of the acceleration at the 

base ground if the input efficiency is assumed 1.0. Thus it 
seems to be hard to occur liquefaction in case of less than 
100 Gal fro the ordinary event with common duration time. 
So Kg value distribution gives proper result for the 
possibility investigation of liquefaction. 
 
3.3  JR Keiyo-Line 

JR Keiyo-Line is running along coastal line of Tokyo 
bay. Microtremor measurement in 1990 was conducted 
every 100m for 22.5km between Nishi-Funabashi station 
and Soga station (see Figure 5). Figure 6 shows distribution 
of Kg value for the distance from Nishi-Funabashi station, 
the western end of the measured area. An area marked dark 
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Figure 4  Distribution of Kg Value at Omori and Oi 

Nishi-Funabashi

Minami-Funabashi

Shin-Narashino

Kaihin-Makuhari

Kemigawahama
Inagekaigan

Chibaminato

Soga

Nishi-Funabashi

Minami-Funabashi

Shin-Narashino

Kaihin-Makuhari

Kemigawahama
Inagekaigan

Chibaminato

Soga

Figure 5  Distribution of Measurement Points 
for JR Keiyo-Line 

Figure 3  Distribution of Measurement Point and Reported Damage 
at Omori and Oi (    : Reported Damage) 
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pink and light blue indicates a portion of liquefaction and not 
liquefaction, respectively, after Yasuda (2011). Also light 
pink indicates liquefaction after Chiba Prefectural 
Environmental Research Center (2011). After 7km, purple 
part indicates a possible area with liquefaction from 
comparing Google Earth photos before and after the 
earthquake.  

It seems that distribution of Kg value in Figure 6 
agrees with the result of reconnaissance survey. And at the 
area of liquefaction, Kg value is almost more than 10. 
Maximum acceleration around this area can be estimated 
about 50 Gal from because observed acceleration was 
around 200 Gal and amplification factor is 4. With 
considering long duration time, input efficiency can be 
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Figure 6  Distribution of Possible Damage and Kg Value for JR Keiyo-Line 

Figure 7  Distribution of Measurement Points, Possible Damage and Kg Value for JR Kashima-Line 
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assumed 1.0, the strain is estimated about 1000 µ when 
Kg>12. It is able to be thought that the liquefaction judgment 
is almost proper.  

 
3.4  JR Kashima-Line 

JR Kashima-Line is running through marsh land in 
northern greater Tokyo area. Microtremor measurement in 
1990 was conducted every 100m between JR Katori station 
and JR Kita-Kashima station (current Kashima Soccer 
Stadium station). Figure 6 shows distribution of Kg value for 
the distance from Katori station, the southern end of the 
measured area. An area marked pink and brown indicates a 
possible area with liquefaction and damage for embankment, 
respectively, from comparing Google Earth photos before 
and after the earthquake. Although this is not a result of 
reconnaissance survey, it seems that the damage relates to 
the change of Kg and threshold level is little more than 10 of 
Kg.  
 

 
4.  CONCLUSIONS 
 

This paper adopted the proposed index for 
liquefaction occurrence based on the result of microtremor 
measurement for the measurement conducted in 1990, and 
then compared between the result of determination of the 
liquefaction possibility and the actual liquefaction situation 
at the time of 3.11 Earthquake. As a result, it confirmed that 
liquefaction occurred at the site with Kg value more than 15. 
This high Kg value corresponds around 1000 µ of a shear 
strain for a surface ground caused by an input earthquake 
motion, if the input efficiency assumed 1.0 in light of the 
long duration time for this 3.11 event. And also the possible 
damaged area only from the change of the aerial 
photographs before and after the earthquake on Google 
Earth agrees with the result of the microtremor measurement 
along the railway in 1990.  

In this way it recognized that it is possible to evaluate 
accurately to possibility of the liquefaction and other 
earthquake damage occurrence for supposed earthquake 
motion from microtremor measurement beforehand. The 
validated technique here is a simple technique to measure 
microtremor and it realize an inventory survey. So it will be 
possible to take a proper countermeasure based on the 
ordinary investigation technique in detail for an area fell out 
by this proposed technique. And also it is possible to confirm 
an effect the countermeasure work with a change of 
microtremor characteristics before and after the work. 

We will be happy if the proposed technique can 
contribute a countermeasure for liquefaction. 
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Abstract:  The earthquake reconnaissance investigations were carried out at the areas located along the lower stream of 
Tonegawa River, where wide spread soil liquefaction and associated phenomena were observed. A series of Swedish 
weight sounding tests were carried out at Fukashiba of Kamisu City in Ibaraki Prefecture, and the estimated soil profiles 
were established along with a help of SPT data. It was found that extensive soil liquefaction was observed at the areas 
where either reclamation by draining and subsequent landfill reclamation were performed or there used to be gravel pits 
which had been filled up with soil deposits obtained from nearby sites. 

 
 
1.  INTRODUCTION 
 

The main shock and aftershocks of 2011 Great East 
Japan Earthquake of M = 9.0 that occurred at 14:46 on 
March 11, 2011, brought numerous catastrophic damages on 
life lines, infrastructures and residential houses, which were 
caused by soil liquefaction and were widely spread over 
various regions on Kanto plain. Since 1964 Niigata 
Earthquake, “soil liquefaction” has become once again one 
of the important issues for natural disaster mitigations and 
reductions. 

The areas where extensive soil liquefaction occurred 
were widely spread, including the reclaimed lands in 
Urayasu City and Chiba City located along Tokyo Bay, and 
also the areas located along the lower stream of Tonegawa 
River in Katori City of Chiba Prefecture and Itako, Kamisu 
and Kashima Cities of Ibaraki Prefecture. Tens of thousands 
of residential houses were subject to liquefaction-induced 
 

 

Figure 1  Location of Kamisu City 

settlement and tilt at those areas. 
The authors had some opportunities to conduct multiple 

series of field Swedish weight sounding tests at Sawara of 
Katori City, Hinode of Itako City, and Fukashiba of Kamisu 
City, as shown in Fig. 1, (Tsukamoto et al. 2012, Kawabe et 
al. 2012). The results of the earthquake reconnaissance 
investigations conducted at Fukashiba of Kamisu City are 
described in what follows. 

 
Figure 2  Old map of 1880’s locating the current 
Fukashima district of Kamisu City, (after TRLSO 2011), 
(Red lines indicate current waterside lines.) 
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Figure 3  Location of Fukashiba district of Kamisu City 
 

 
Figure 4  Locations of Swedish weight sounding tests at 
Fukashiba district of Kamisu City 
 

 
2.  OVERVIEW 
 

From a close look at the old map of 1880’s (Tonegawa 
River Lower Stream Office 2011) shown in Fig. 2, it is 
found that the current Wanigawa district, corresponding to 
the triangle region immersed in the old Wanigawa River, 
was developed over old swamp areas, and part of Fukashiba 
district was developed over possibly easily inundated paddy 
fields, with a help of reclamation by means of draining. It is 
also found that most of the old Gohno-ike pond was 
reclaimed and the current crescent-shaped pond remains. 

The strong seismic motion struck this region at 14 : 47 

on March 11, 2011. The acceleration records of this main 
shock were observed at nearby Kashima station of K-Net, 
which is 308 km away from the epicenter. The seismic 
shaking measuring over 50 Gal continued for about 90 
seconds, with the maximum acceleration of 658 Gal. The 
large aftershock of M = 7.7, then struck this region at 15 : 13. 
The epicenter was off the coast of Ibaraki Prefecture, which 
was 59 km away from Kashima station of K-Net, and the 
focal depth was 43 km. The seismic shaking measuring over 
50 Gal lasted again for about 100 seconds, with the 
maximum acceleration of 408 Gal. Extensive soil 
liquefaction was observed at various areas in this region, 
including Katori City of Chiba Prefecture, Itako, Kamisu 
and Kashima Cities of Ibaraki Prefecture. 

It was shown above that from a close look at the old 
map of 1880’s (TRLSO 2011), the current Wanigawa and 
Fukashiba districts were developed over old swamp areas 
and possibly easily inundated paddy fields, with a help of 
reclamation by means of draining. The triangle region 
immersed in the old Wanigawa River shown in Fig. 2 was 
reclaimed by draining during the period from 1928 to 1933, 
and became called “Wanigawa” district, (Kamisu City HP). 
It is also noteworthy here that there had existed quite a large 
amount of gravel pits in Fukashiba district. Since the 
groundwater level was high in this region, the underwater 
excavations for good gravels and pebbles to some depths 
had been supposedly implemented primarily during the 
period from 1960’s to 1980’s. Those gravel pits were then 
reclaimed by landfills originated from nearby regions such 
as Omigawa of Katori City. 
 
 
3.  SITE INVESTIGATION 
 

A series of Swedish weight sounding tests were carried 
out at Fukashiba district of Kamisu City. The shadow zones 
in Fig. 3 indicate the areas where the extensive soil 
liquefaction was observed. The circular zone that covers the 
current Gohno-ike pond corresponds well to the area where 
the “old Gohno-ike pond” was located. It is also seen that 
another shadow zone includes the area of reclamation on old 
swamp as well as paddy fields, However it also extends 
towards inland. Figure 4 shows the locations of Swedish 
weight sounding tests conducted in the present study, 
denoted as ① to ⑩, whereas the locations of SPT data 
available are indicated in alphabetic symbols. In the areas 
containing the locations “A” and “B” shown in Fig. 5, the 
thick layer of natural silt deposits can be identified, on which 
the reclaimed fills overlie. The locations of “E”, “F” and ⑧ 
shown in Fig. 6 might be corresponding to what had once 
been gravel pits and reclaimed with landfills, at which the 
extensive soil liquefaction was also observed. 

At one of the corner of Gohno-ike pond, the collapse of 
the retaining wall was observed, which had been caused by 
lateral spreading of liquefied subsurface soil deposits, as 
shown in Figs. 7 and 8. A series of Swedish weight sounding 
tests were carried out at this site along the cross section a – 
a’, as shown in Fig. 9. The soil profile was then estimated  
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Figure 7  Sand boils observed near the collapse of retaining 
wall at Gohno-ike Pond 
 
from the results of these field penetration tests, as shown in 
Fig. 10. It is found that there exist a couple of weak soil 
layer of reclaimed deposits down at depths of 3 to 4 metres 
and 7 to 9 metres, which might have been responsible for 
surface-exposed lateral spreading observed at this site. It is 
also to note here that the advantage of using Swedish weight 
sounding tests lies in the fact that the static penetration 
imposed by this testing method can detect weak thin soil 
layers more clearly than the other dynamic field testing. 

 
Figure 8  Collapse of retaining wall at Gohno-ike Pond 
 
 
4.  CONCLUSIONS 
 

The earthquake reconnaissance investigations were 
conducted at Fukashiba district of Kamisu City, where 
wide-spread extensive soil liquefaction was observed. 
Multiple series of Swedish weight sounding tests were 
carried out and the subsurface soil profiles were estimated. 
The soil layers responsible for surface exposed damages 
inflicted by soil liquefaction were identified. 

 
Figure 5  Results of Swedish weight sounding tests at Fukashiba district of Kamisu City 

 

 

Figure 6  Results of Swedish weight sounding tests at Fukashiba district of Kamisu City 
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Figure 9  Lateral spreading causing collapse of retaining 
wall 
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Figure 10  Estimated soil profile causing lateral spreading 
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Abstract:  Extensive damage such as soil liquefaction occurred in Chiba city during the 2011 Tohoku earthquake.  A 
number of seismic motions of a building and ground were recorded in Chiba city during not only the main shock but also 
aftershocks and earthquakes before the main shock.  The vibration characteristics of the building and surface soil have 
shown significant variations after the main shock.  It is considered that the effect of nonstructural members on the 
stiffness of the building was lost during the main shock and the effect of nonlinear behavior of surface soil during the 
main shock can be the main reasons for this. 

 
 
1.  INTRODUCTION 
 

The 2011 Tohoku earthquake (MW 9.0) that struck the 
east area of Japan on March 11 caused Tsunami and extensive 
damage such as landslides, building collapses and liquefaction 
resulting in about 20,000 fatalities.  In Chiba city that is 
located in the east of Tokyo and more than 300 km away 
from the epicenter, liquefaction damage occurred in the 
reclaimed ground along Tokyo Bay, and a number of strong 
motions at the grounds and the buildings, with peak ground 
accelerations (PGA) more than 3 m/s2, were recorded.  The 
records show the influence of the nonlinear behavior of the 
building and the soil. 

The objective of this study is to evaluate the nonlinear 
behavior of the building and the soil based on the strong 
motion records of the main shock, the aftershocks and the 
earthquakes before the main shock. 
 
 
2.  GEOLOGICAL SETTING 
 

Figure 1 shows the geomorphological land 
classification map of the northwestern part of Chiba city 
with the PGAs of the composition of two horizontal 
components of the acceleration records during the 
earthquake at strong motion stations.  This area consists of 
alluvial lowland, diluvial terrace and reclaimed ground.  
The strong motion with PGA of 3.45 m/s2 was recorded at 
Makuhari area in northwestern part of the city situated on the 
reclaimed ground.   

The strong motion records at site A and at the building 
in Chiba University in Fig. 1 are used in this study. 

3.  SEIMIC VIBRATION OF BUILDING 
 

The building where the strong motion records were 
obtained is an 8-story rigid-frame structure of steel 
reinforced concrete in Nishi-Chiba campus of Chiba 
University shown in Fig. 1.  The accelerometers are 
installed at the roof floor and the 1st floor of the building.  
They recorded the seismic vibrations of the building during 
not only the main shock but also the aftershocks and the 
earthquakes before the main shock. 

Figure 2 (a), (b) show the acceleration time histories of 
short-side direction at the roof and 1st floor of the building 
during the main shock.  The peak acceleration at the roof 
floor is more than 3 m/s2.  At the top floor of the building, 

 

Figure 1 Geomorphological land classification map and 

PGAs at strong motion stations (unit : cm/s2) 
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damage of drop of the ceiling boards occurred.   
Figure 3 shows the Fourier spectral ratio of 

short-side direction at the roof floor against the 
1st floor for the main shock, the aftershock and 
the earthquake before the main shock.  The 
predominant periods at which a spectral peak 
occurs for the earthquake on February 5, the 
main shock and the aftershock on March 11 are 
0.55 s, 0.7 s and 0.75 s, respectively.  The 
predominant period for the aftershock is 
elongated. 

The natural periods and damping ratios are 
estimated by fitting the theoretical transfer 
function of the model with 
single-degree-of-freedom to the Fourier spectral 
ratios between the roof floor and the 1st floor 
which are calculated from the segments with a 
length of 40 s of the acceleration time histories.  
Figure 2 (c), (d) show the temporal change of 
the estimated natural periods and damping ratios 
of the building during the main shock.  The 
natural period is elongated from 0.55 s to 0.75 s 
in the vicinity of the principal shock.   

Figure 4 shows the relation between the 
estimated natural period of the building and the 
peak velocity at the roof floor for all the seismic 
motion records of short-side and long-side 
directions of the building.  There is a 
clear trend in which the natural period 
increases with increasing peak velocity 
at both the directions.  Comparing the 
natural periods for the earthquakes 
before the main shock with those for 
the aftershocks with same peak 
velocity, the periods for the aftershocks 
remain elongated at a period of about 
0.65 s, suggesting that the stiffness of 
the building did not recover to the 
pre-quake level.   

Figure 5 shows the relation 
between the estimated damping ratio of 
the building and the peak velocity at 
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Figure 4 Relation between estimated natural period and peak velocity 
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the roof floor for all the seismic motion records of both 
the directions of the building.  There is a trend in which 
the damping ratio increases with increasing peak velocity. 

The stiffness of the building has shown about 30 % 
reduction based on the change of the natural period.  
Considering the vibration level of the building during the 
main shock, it seems that the nonstructural members of the 
building which affect the stiffness during weak motions 
before the main shock could have lost the effects when 
compared to the principal members. 

4.  STRONG GROUND MOTION AT LOWLAND 
 

Figure 6 shows the location of strong motion stations, 
the boring and shear wave velocity logs and the geological 
cross section of NS direction (Sekiguchi, 2008) at site A 
shown in Fig. 1, with the PGAs and PGVs of the main shock 
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records at each station.  The surface soil of lowland is 
extremely soft and consists of peat and silty clay with a 
thickness of 4 m and 12 m whose shear wave velocities are 
40 m/s and 60 m/s respectively.  PGV at lowland is 0.49 
m/s which is much larger than those at other stations. 

Figure 8 shows the velocity response spectra with a 
damping ratio of 5 % for the composition of two horizontal 
components of the main shock at three stations shown in Fig. 
6.  The component at a period of around 1-2 s at lowland 
with extremely soft soil was amplified compared with those 
at other stations.  On the other hand, the spectra at terrace 
have no prominent peak, indicating the less soil 
amplification because of the stiff surface soil.   

Figure 9 shows the Fourier spectral ratio of NS 
component at lowland against terrace for the main shock, the 
aftershock and the earthquake before the main shock.  The 
predominant periods at which a spectral peak occurs for the 
main shock is elongated compared with those for other 
earthquakes.  That for the aftershock on March 14 is also 
elongated from that for the earthquake on December 18, 
2009 before the main shock. 

Figure 7 (d) shows the temporal change of the 
predominant period of the Fourier spectral ratio at lowland 
against terrace during the main shock.  The predominant 
period is elongated from 1.2 s to 1.5 s in the vicinity of the 
principal shock.   

Figure 10 shows the relation between the predominant 
periods of the Fourier spectral ratio at lowland against 
terrace and the peak ground velocity at lowland for all the 
seismic ground motion records.  There is a trend in which 
the predominant period increases with increasing peak 
ground velocity for both NS and EW components.   

Figure 11 shows the temporal change of the 
predominant period of the Fourier spectral ratio at lowland 
against terrace for the earthquakes with a PGV of less than 2 
cm/s at lowland.  It seems that the predominant period 
recovers gradually with time toward the pre-quake level at a 
time of about 6,000 hours (about 9 moths) after the main 
shock, which corresponds to the previous observation by 
Arai (2006).   
 
 
5.  CONCLUSIONS 
 

The nonlinear behavior of the building and the soil 
were examined based on the strong motion records of the 
main shock, the aftershocks and the earthquakes before the 
main shock.  Based on the results and discussions, the 
following conclusions may be made: 

 
1. The estimated natural periods of the building based on 

the seismic motion records were elongated from about 
0.55 s to about 0.65 s after the main shock.  It seems 
that the stiffness of the building did not recover to the 
pre-quake level. 

2. The estimated natural periods of the building and the 
predominant periods of the Fourier spectral ratio at 
lowland against terrace increase with increasing peak 

velocity of the seismic records. 
3. The predominant period recovers gradually with time 

toward the pre-quake level at a time of about 6,000 hours 
(about 9 moths) after the main shock. 
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Abstract:  The grid-form ground improvement by the deep cement mixing method is one of the countermeasure 
methods against soil liquefaction. The improvements brought by this method were confirmed during the 1995 
Hyogoken-Nambu Earthquake. The number of building foundations adopting this method has increased in the last years. 
During the 2011 Tohoku Pacific Earthquake, which occurred on March 11, serious liquefaction damages were observed in 
the reclaimed lands of the Tokyo Bay area. Since then, liquefaction countermeasures have been recognized to be of 
importance for reclaimed lands. In this paper, the building foundation improved by the grid-form ground improvement 
method is introduced. The field investigation results of the ground around the building after the 2011 earthquake are 
presented. The effect of the liquefaction prevention of the grid-form ground improvement ground is discussed based on 
the dynamic nonlinear analysis for foundation soil layers with an actual acceleration record. Comparing the field 
investigation result with the simulation analysis, it is concluded that the grid-form ground improvement prevented the 
liquefaction of the original soil surrounded by the grid-form walls during the 2011 earthquake. 

 
 
1． INTRODUCTION 

 

The grid-form improvement, shown in Figure 1, for 

improving loose grounds using the deep cement mixing 

method is one of the countermeasure methods against soil 

liquefaction. This method prevents liquefaction of 

unimproved sand deposits encased within walls of grid by 

reducing shear deformation of these deposits during 

earthquakes. Photo 1 shows a soil cement mixing machine. 

Figure 2 shows a typical procedure for constructing cement 

mixing walls. The grid-form improved parts are the result of 

mixing the original soil with cement slurry in overlapping 

columns, each one with a diameter of 1 m. The normal 

compressive strength of the soil cement is typically from 1 to 

2 N/mm
2
. 

The performance of such improved grounds during the 

1995 Hyogo-ken Nambu Earthquake was already reported 

by Suzuki et al. (1996) and Tokimatsu et al. (1996). 

Although severe liquefaction damage was observed on its 

surrounding ground, the building’s foundation improved by 

this method experienced no liquefaction damage. The 

number of buildings in which this method was applied 

increased in the last years. When Tohoku Pacific Earthquake 

occurred on March 11, 2011, serious liquefaction damages 

were observed around the reclaimed lands of the Tokyo Bay 

area. Since then, liquefaction countermeasures have been 

recognized to be of importance for reclaimed lands. 

In this paper, a building foundation improved by the 

grid-form ground improvement method is introduced. The 

Figure 1 Grid-form improved ground  

Photo 1 Mixing machine (four axle type) 
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ground field investigation results around the building after 

the 2011 earthquake are also presented. The effect of the 

grid-form ground improvement on preventing liquefaction is 

discussed based on the dynamic nonlinear analysis of 

foundation soil layers and recorded data. 

 

 

2． OUTLINE OF BUILDING FOUNDATION AND 

SOIL PROFILE 

 

Figure 3 shows a section of the superstructure and 

foundation of the building. The superstructure of the 

building is a four-story parking facility, which was 

constructed in Urayasu-city, Chiba in 2006. In plan, the 

superstructure is rectangular with 213 m in length and 71 m 

in width. The mean dead load of the building on the ground 

surface is about 45 kN/m
2
.  

Landfill and a sand layer are distributed over the ground 

from the surface to a depth GL-14~16 m as shown in 

Figures 3 and 4, and a soft clay layer is distributed over the 

lower part. The bottom depth of the clay layer changes 

greatly in the site, where the bearing stratum with SPT-N 
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value over 50 appears at GL-39 m and at GL-72 m at the 

line 1 and line 20 of the building, respectively. SPT-N values 

of the landfill and sand layer from the surface to around 

GL-14 m are around 10. The water table is at GL-1.8 m. 

Figure 5 indicates the liquefaction potential of the site 

according to AIJ recommendations for foundations (2001). 

When the surface acceleration on the site is estimated at 200 

cm/s
2
, the safety factor against liquefaction (FL) becomes 

less than 1.0 in the depth from GL-1.8 m to GL-12 m. This 

result suggests that the liquefaction is likely to occur in this 

site during a large earthquake.  

Therefore, to prevent liquefaction of the landfill and 

sand layer on the site, the grid-form ground improvement 

method was selected to insure a good performance of the 

piled-raft foundation adopted for the building (Yamashita et 

al., 2011). To decrease settlement of the superstructure, 

pre-stressed high-strength concrete (PHC) piles with 

diameters from 500 mm to 1000 mm and lengths from 33 m 

to 60 m were used. The length of piles and soil improvement 

were selected based on data of 13 soil borings on the site. 

Figure 6 shows the typical 15.6 m×16.5 m grid-form ground 

improvement adopted for the building. The specifications of 

the grid-form ground improvement were decided based on AIJ 

recommendations for ground improvement (2006) and the 

simplified method proposed by Taya et al. (2008). The 

unconfined compressive strength of the improved soil 

assumed for design was 1.8 N/mm
2
. 

Ground improvement was performed by using the 

two-axle type mixing machine. After completion of the 

ground improvement, improved soil samples were recovered 

and tested. The unconfined compressive strength of these 

samples after cured for four weeks was in the range 3.3 - 

9.8N/mm
2
 (with an average value of 5.8 N/mm

2
).  

 

 

3． POST-EARTHQUAKE FIELD SURVEY  

 

Extensive soil liquefaction was observed in the 

reclaimed land of Urayasu-city after the 2011 Tohoku 

Pacific Earthquake (M=9.0), where sand boils were 

Figure 5  Liquefaction triggering analysis according to 

AIJ recommendations (boring No.6. αmax=200 cm/s
2
) 
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confirmed around the site as shown in Photo 2. Photo 3 

shows the building condition just after the earthquake (photo 

taken on March 13, 2011). While small settlement was 

confirmed in the ground side 3 to 4 m away from the 

building, no ground damage such as sand boils were 

observed during the field investigation around the building.  

 

 

4． FOUNDATION PERFORMANCE 

EXAMINATION BASED ON LONG-TERM 

MEASUREMENTS 

 

In order to confirm the performance of the piled raft 

foundation of the building, long-term measurements of the 

settlement has been carried out since March 2006 just before 

constructing the foundation slab. Figure 6 shows the location 

of instruments for measuring the performance of the 

foundation. The measured parameters are the settlement of 

the foundation ground below the raft, axial load of piles, 

earth pressure and water pressure beneath the raft 

foundation.  

The recorded settlement of the foundation ground since 

the beginning of construction is shown in Figure 7. Before 

the earthquake, the foundation was in an almost stable state 

where the settlement of the foundation ground was 16 mm. 

Two months after the earthquake, the subsidence reached 23 

mm. The earthquake induced an increase of settlement of 7 

mm. The earth pressure and the water pressure under the raft 

are shown in Figure 8 where no remarkable change was seen 

after the earthquake. This result suggests that the raft 

foundation of the building has been in contacted with the soil 

surrounded by the grid-form ground improvement. In other 

words, the superstructure of the building performed in 

harmony with the foundation ground. Based on the field 

survey and the settlement records before and after the 

earthquake, it is thought that liquefaction did not occur on 

the soil surrounded by the grid-form ground improvement 

during the earthquake event.  

 

 

5． CONFIRMATION OF LIQUEFACTION 

PREVENTION FOR GRID-FORM GROUND 

IMPROVEMENT 

 

In order to investigate the effect of the liquefaction 

prevention for the grid-form ground improvement, a 

simulation analysis was conducted using the time history of 

the recorded surface acceleration in Urayasu city during the 

2011 Tohoku Pacific Earthquake. Figure 9 shows the EW 

component of this record (K-Net Urayasu station, maximum 

acceleration of 157 cm/s
2
). 

Two-dimensional FEM analysis (Super-FLUSH) was 

conducted for a model of the grid-form improved soil parts 

(walls) and the original soil. Figure 10 shows the FEM 

model along the short side of the foundation ground（section 

A－A’）. The improved parts, laying in the longitudinal 

direction of the building, formed the confining wall elements. 

The shear modulus of the walls laying in the transverse 

direction of the building was considered relative to the grid 

interval of 16.5 m. These walls in both directions were 

connected at the corner of the grids. In this way, the 

confining effect of the grid-form ground improvement was 

represented in the analysis. 

The soil properties of the original soil layers were based 

on the PS logging result as shown in Table 1. The soil 

nonlinearities were determined by laboratory test results. 

The improved ground properties were linear. The initial 

shear modulus of the improved soil was considered based on 

another study. 

The evaluation of the liquefaction was determined by 

FL value. It is calculated by the equation (1). The shear 

stress of soil layers was evaluated from the response analysis 

and the liquefaction strength was estimated through the 

N-value based on the AIJ recommendations. The factor of 
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the shear stress, γn, which relates the equivalent shear stress, 

τeff , and the maximum shear stress, τmax , was determined 

from the response analysis, and was calculated by the 

equations (2) and (3). 

FL=R/(τeff/σ’ν) (1) 

τeff=γn・τmax (2) 

γn = 0.1(M-1) (3) 

where FL is the safety factor of liquefaction; R is the 

liquefaction strength; σ’ν is the effective overburden 

pressure; M is the magnitude of earthquake (=9.0) . 

Figure 11 compares the analysis results along the soil 

depth of the grid-form ground improvement, original soil 

surrounded with the grid and un-improved ground area. The 

improved and un-improved soils performed almost in the 

same way in terms of acceleration and horizontal 

displacement. On the other hand, the shear stress of the 

original soil surrounded by the grid-form walls was much 

smaller than that of the grid-form ground improvement as 

shown in Figure 11(c). This was explained by the rigidity of 

the improved ground.  

Figure 12 indicates the liquefaction safety factor of the 

original soil surrounded by the grid-form improved walls 

and un-improved soil. FL values of the un-improved soil 

were less than 1.0 at some depths, suggesting that 

liquefaction would occur during the earthquake. However, 

the FL values of the original soil surrounded by the 

grid-form improved walls were higher than 1.0 along the 

depth, suggesting that liquefaction would not happen in such 

conditions. These analysis results almost agreed with the 

situation investigated after the earthquake, and it may be 

confirmed that the grid-form ground improvement 

succeeded to prevent liquefaction during the 2011 Tohoku 

Pacific Earthquake. 

 

 

6． SUMMARY 

 

The outline of an actual building foundation was 

introduced where the grid-form ground improvement was 

adopted as a liquefaction countermeasure.  Post-event field 

investigation results around the site after the 2011 Tohoku 

Pacific Earthquake were also reported. The effect of the 

liquefaction prevention of the grid-form ground 

improvement was confirmed based on the dynamic 

Figure 10 Finite element model (section A-A’) 
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water table GL-1.8m

Layer Soil type
thickness

m

boundary
depth
GL-m

Density

kN/m3

Shear wave velocity
Vs

m/s

initial shear modulus

G0

MN/m2

poisson's
ratio Note

Nonlinearity

G/G0～γ , h～γ

1 Fill 5.90 5.90 18.0 140 35 0.489 8-1
2 Sand 4.80 10.70 18.5 140 36 0.489
3 Sand 3.30 14.00 18.5 140 36 0.489
4 Clay 2.75 16.75 17.0 140 33 0.493
5 Clay 12.15 28.90 15.5 140 30 0.493
6 Clay 2.90 31.80 17.0 210 75 0.493 8-4
7 Clay 8.95 40.75 16.0 170 46 0.493 8-5
8 Sand 4.50 42.25 18.5 230 98 0.493
9 Sand 6.55 51.80 19.0 250 119 0.493

10 Clay 2.90 54.70 18.0 230 95 0.493
11 Sand 6.15 60.85 19.0 270 139 0.493
12 Clay 6.25 67.10 18.0 270 131 0.493
13 Sand 20.0 420 353 0.473 linear (h=2%)

14 Improved soil 14.00 14.00 18.0 - 700 0.260 linear (h=2%)

improved
layer 8-2

8-3

8-9

Table 1 Material properties used for analysis 
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nonlinear analysis for foundation soil layers with recorded 

acceleration. The major findings are as follows. 

(1) The original soil surrounded by the grid-form ground 

improvement did not experience liquefaction during the 

earthquake based on the field investigation carried out 

around the building after the earthquake and on the 

long-term measurement of the foundation performance.  

(2) The nonlinear analysis by using the site acceleration 

record suggested that the liquefaction did not occur in 

the original soil surrounded by the grid-form improved 

walls during the earthquake. The analysis showed that 

the liquefaction would happen in the un-improved soil 

during the earthquake. These results agreed 

approximately with the field investigation. 

(3) It was confirmed that t grid-form ground improvement 

succeeded to prevent the liquefaction during the 

earthquake. 
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Abstract:  Two big aftershocks of 2010 Darfield earthquake that is a mainshock of so-called Canterbury quakes hit 
Canterbury region in New Zealand on February 22 and June 13 of 2011. They caused widespread repeated liquefaction 
and an enormous number of slope failure in suburb of Christchurch city as well as building collapses with loss of life in 
the central of Christchurch city. Features of geotechnical damages obtained during the 2010 and 2011 Canterbury 
earthquakes were discussed by comparing in this paper. 

 
 
1.  INTRODUCTION 
 

On 22 February 2011，a magnitude Mw 6.3 earthquake 
occurred with an epicenter located near Lyttelton about 
10km of Christchurch in Canterbury region on the South 
Island of New Zealand. Following this earthquake, another 
strong shaking occurred in Christchurch on 13 June 2011. In 
more details, two earthquakes occurred on the same day, 
with epicenter located 10km far from the centre of 
Christchurch. The occurrence time of these quakes were 
1:01pm and 2:20pm respectively. 

Since these earthquakes occurred in the midst of the 
aftershock activity which has continued since the 4 
September 2010 Darfield Earthquake occurrence, it was 
considered to be an aftershock of the initial earthquake. 
Moreover, including the mainshock, a sequence of recent 
earthquakes is called Canterbury Earthquakes. Earthquake 
motion characteristics of the mainshock in September 2010 
and two major aftershocks recorded at Christchurch Hospital 

located at western edge of centre of Christchurch were 
summarized in Table 2. The records of 13 June 2011 
aftershock are information of the event at 2:20pm. The 
magnitude of shaking during two major aftershocks was not 
so strong as in the mainshock. However, because of the short 
distance to the city and the shallower depth of the epicenter,  
the major tow aftershocks, especially the event on 22 
February, caused more significant damage to pipelines, 
traffic facilities, residential houses/properties and multi-story 
buildings in the central business district than the September 
2010 Darfield Earthquake in spite of its smaller earthquake 
magnitude.  
 
2.  GEOLOGICAL AND TECTONIC SETTING 
 

The Canterbury Plains, about 180 km long and of 
varying width, are New Zealand’s largest areas of flat land. 
They have been formed by the overlapping fans of 
glacier-fed rivers issuing from the Southern Alps, the 

 
Table 1  Earthquake motion characteristics of the mainshock in September and two major aftershocks recorded at 

Christchurch Hospital 
Earthquake 
Date 

Magnitude Focal depth 
 (km) 

Epicentral  
Distance (km) 

Horizontal PGA 
(m/sec2) 

Horizontal PGV 
 (m/s) 

4-Sep-10 
(Mainshock) 

Mw 7.1 11 36 1.943 0.508 

22-Feb-11 Mw 6.2 5 6 4.483 0.850 

13-Jun-11 Mw 6.0 6 13 2.187 0.527 
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mountain range of the South Island. The plains are often 
described as fertile, but the soils are variable. Most are 
derived from the greywacke of the mountains or from loess 
(fine sediment blown from riverbeds). In addition, clay and 
volcanic rock are present near Christchurch from the Port 
Hills slopes of Banks Peninsula. The city of Christchurch is 
located at the coast of the Canterbury Plains adjacent to an 
extinct volcanic complex forming Banks Peninsula. Most of 
the city was mainly swamp, behind beach dune sand, and 
estuaries and lagoons, which have now been drained (Brown 
et al., 1995). The simplified geographical and geological 
information are shown in Figures 1, 2 and 3.  

Canterbury has abundant water, in the rivers which 
carry mountain rainfall to the coast, and in aquifers. Beneath 
the plains, layers of porous gravels are interspersed with 
impermeable finer sediments. Near Ashburton, bedrock is at 
a depth of 1,600 meters (Wilson, 2009). Unlike most urban 
water supplies, Christchurch’s water comes from aquifers 
beneath the city. The aquifers are recharged by rainfall and 
by river seepage. They have been tapped to irrigate farmland 
and for town water supplies.  

The two main rivers, Avon and Heathcote, which 
originate from springs in western Christchurch, meander 
through the city and act as main drainage system. The 
Waimakariri River with its catchment in the Southern Alps, 
regularly flooded Christchurch prior to stopbank 
construction and river realignment, which began shortly 
after the city was established in 1850. Variable foundation 
conditions as a consequence of a high water table and lateral 
changes from river floodplain, swamp, and estuarine 
lagoonal environments, impose constraints on building 
design and construction (Brown et al., 1995).  

According to studies by Brown et al. (1995), the 
geology, tectonic setting, and active seismicity of the 
Christchurch area indicate that future large earthquakes will 
occur which will have major impact on the city. Based on 
historical records, the north Canterbury Earthquake of 1888, 
centered on Amuri, damaged many buildings and caused the 
top of the spire on Christchurch Cathedral to collapse. In 
addition, the 1901 earthquake centered near Cheviot caused 
minor damage in the city while the Arthur’s Pass earthquake 
of 1929 caused significant rockslides in the mountains. 
Moreover, as already reported, the 4 September 2010 
earthquake centered in the town of Darfield about 40km 
west of Christchurch, caused widespread liquefaction in the 
eastern suburbs of Christchurch and in Kaiapoi.  
 
3.  THE CANTERBUTY EARTHQUAKES 
 

As it has mentioned above, tow earthquakes given 
significant damage to the Canterbury region occurred on 22 
February and 13 June 2011 has been considered as 
aftershocks of the Darfield Earthquake (4 September 2010) 
in spite of the long interval between the events and the large 
distance between the epicenters. Epicenters of two major 
aftershocks are located on a different faults form the 
Greendale Fault which was the source of the 2010 
earthquake. However, it is considered that the earthquake  

 
Figure 1  Geographical information in Christchurch region. 

 
 

 
Figure 2  Simplified geology of Christchurch region. 
(Modified from Brown and Weeber, 1992). 

 
 

 
Figure 3  Simplified soil strata along a cross-section A-A' 
indicated in Figure 1. (Modified from Brown and Weeber, 
1992). 
 

Kaiapoi

Port Hills

Sumner

Central Christchurch

Bexley

Avon River

Banks Peninsula

Waimakariri River

Heathcote RIver

Epicenter

 

- 158 -



 

 

 
Fig. 4  Location of main shock, aftershocks above 
magnitude 3, and fault ruptures in Canterbury (as of 12 April 
2011) (Modified from original graphic by GNS Science, 
http://www.geonet.org.nz). 
 
 
was caused by a fault rupture within the zone of aftershocks 
that followed the earthquake on 4 September 2010 (NHRP, 
2011).  

NHRP (2011) described the aftershock activity as 
follows: "At first the aftershocks were clustered largely 
along the east-west fault line across the Canterbury Plains, 
but they soon spread well beyond the visible ends of the 
Greendale Fault. Over many months a cloud of aftershocks 
has developed, indicating a network of subsurface faults. 
One cloud of aftershocks extended both north-northeast and 
south-southwest from the eastern end of the Greendale Fault. 
At the south end of the zone was another line of aftershocks, 
roughly parallel to the Greendale Fault but many kilometers 
further southeast. It extended eastward into southern 
Christchurch and beneath the Port Hills area."  

Figure 4 shows locations of the main shock, aftershocks 
with magnitude above 3, and fault ruptures in Canterbury. It 
is clearly understood that large number of aftershocks 
occurred in the south-west part of the fault that includes the 
epicenter of the February 2011 earthquake. Moreover, an 
epicenter of the quake in June 2011 is located at northern 
edge of fault which is laid along north-west to south-east and 
is different one from the others. 

Figure 5 illustrates earthquake motion records of third 
time big quake occurred on 2010, 11 February 2011 and 13 
June 2011. All these were recorded at Christchurch Hospital 
which is locating at south-west edge of CBD. Because of the 
short distance to the epicenter and large magnitude, the 
acceleration records in February quake indicate higher 
frequency and shorter duration time as well as larger 
amplitude in comparison with the ones recorded in the 4 
September 2010. Though the 13 June 2011 aftershock had a 
short epicentral distance from CBD and shallower epicentral 
depth comparable to that of 22 February 2011 quake, the 
recorded earthquake motion indicates much smaller 
amplitude. The smaller shaking intensity in the 13 June 
quake resulted mild geotechnical damages to the suburb of 
Christchurch city compared to that of February event. 

 

 

 
Figure 5  Acceleration records recoded at Christchurch 
Hospital: (a) Main shock on September 4, 2010, (b) 
aftershock on February 22, 2011 and (c) Aftershock on June 
22, 2011 

 
 
3.  REPEATED LIQUEFACTION 
 

Due to the 22 February Earthquake, because of the 
short distance to the city and the shallower depth of the 
epicenter, this earthquake caused more significant damage in 
Christchurch city than the September 2010 Darfield 
Earthquake (mainshock) in spite of its smaller earthquake 
magnitude (energy). The earthquake caused widespread 

Mainshock (Mw7.1)
4 SEP 2010

Aftershock (Mw6.2)
22 FEB 2011

Aftershock (Mw6.0)
13 JUN 2011

‐600

‐400

‐200

0

200

400

600

N01W (Horizontal 1)

 

Christchurch Hospital, 22 Feb 2011

‐600

‐400

‐200

0

200

400

600

Vertical

S89W (Horizontal 2)

 

Time (sec)
0 10 20 30 40 50 60

‐600

‐400

‐200

0

200

400

600

A
cc
el
er
at
io
n 
(G
al
)

‐600

‐400

‐200

0

200

400

600

N01W (Horizontal 1)

 

Christchurch Hospital, 22 Feb 2011

‐600

‐400

‐200

0

200

400

600

Vertical

S89W (Horizontal 2)

 

Time (sec)
0 10 20 30 40 50 60

‐600

‐400

‐200

0

200

400

600

A
cc
el
er
at
io
n 
(G
al
)

‐600

‐400

‐200

0

200

400

600

N01W (Horizontal 1)

 

Christchurch Hospital, 13 Jun 2011

‐600

‐400

‐200

0

200

400

600

Vertical

S89W (Horizontal 2)

 

Time (sec)
0 10 20 30 40 50 60

‐600

‐400

‐200

0

200

400

600

A
cc
el
e
ra
ti
o
n
 (
G
al
)

(a)

(b)

(c)

- 159 -



 

 

damage to residential buildings, lifeline facilities and 
transportation infrastructure due to soil liquefaction and the 
associated ground deformations. Repeated liquefaction was 
observed in many places where liquefaction occurred in 
September 2010, such as in the eastern suburbs of 
Christchurch and in Kaiapoi town. Additionally, due to the 
aftershock occurred on 13 June 2011, some part of 
residential area where has was liquefied in previous event 
was repeatedly liquefied. 

The 22 February 2011 earthquake caused the most 
significant and widespread liquefaction in the eastern 
suburbs of Christchurch city as well as in Central Business 
District (CBD). The liquefaction-affected area in 
Christchurch during this earthquake was much wider than 
the one in the mainshock in September 2010. While major 
liquefied sites in the September 2010 earthquake were 
distributed along the Avon River (northeast of CBD), 
liquefaction was observed in the February 2011 earthquake 
across a wide areas in suburbs north to south of Christchurch 
city. The 13 June 2011 earthquake also caused widespread 
liquefaction especially in the residential area located along 
the Avon River.  

Comparing the results of liquefaction damage 
surveying conducted after each earthquake events, the area 
of liquefaction in Christchurch city was wide in the order of 
September 2010, February 2011 and June 2011. The worst 
damage due to liquefaction was observed in the February 
2011 earthquake. Similar ground damage extent due to the 
liquefaction was observed in September 2010 and June 2011 
earthquakes. 

Figures 6, 7 and 8 show the areas of observed 
liquefaction in urban area of Christchurch after the 4 
September 2010, 22 February 2011 and 13 June 2011 
earthquakes, respectively. These three maps were based on 
surface manifestation of liquefaction visible in aerial 
photographs and initial observations from ground surveying. 
Figure 7 and 8 are the outputs of survey to understand areas 
liquefaction caused by earthquakes conducted immediately 
after the earthquake occurrence by a reconnaissance team of 
the University of Canterbury. (Cubrinovski, 2010 and 
Cubrinovski and Taylor, 2011) 

Pictures indicated below are several examples of 
damages results of repeated liquefaction; they were taken at 
same place after each earthquake events. Because of short 
time interval between each gigantic earthquake events, the 
earthquake caused additional damages to many facilities 
which suffered liquefaction-induced damage and had not 
been repaired.  

Figure 10 shows photos of a stop bank (river 
embankment) of Avon River, after February 2011 and June 
2011 earthquake, respectively. This stop bank has suffered 
lateral deformation towards the river during February 2011 
earthquake, which was result of liquefaction in base ground 
underneath. Although this bank has been repaired after 
February quake, it suffered minor deformation in the body 
due to repeated liquefaction occurred at same location in 
June event. 

Figure 11 shows the progression in damage caused 

 
Figure 6  Areas of liquefaction (Shaded regions and red 
points) in Christchurch and Kaiapoi caused by the 4 
September 2010 (Mainshock). (Cubrinovski et al, 2010) 
 
 

 

Figure 8  Areas of liquefaction in Christchurch caused by 
the 22 February 2011 Earthquake. (Based on survey by 
University of Canterbury) (Cubrinovski and Taylor, 2011, 
http://www.nzsee.org.nz/) 
 
 

 

Figure 9  Areas of liquefaction in Christchurch caused by 
the 13 June 2011 Earthquake. 
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Figure 10  Lateral spreading in the restored river dike in 
River Road. 
 
 
 
by repeated liquefaction of water tank installed in the other 
stop bank of Avon River. It can be observed that the 
inclination of tank gotten greater after each quakes. The 
liquefaction-induced ground deformation towards the river 
pushed up the back of tank. Additionally, loss of effective 
stress due to liquefaction occurred in the bank body helped 
the lifting up of the tank. 

Extensive liquefaction was observed widely in 
residential areas along Avon River. The very shallow ground 
water table (1.0 m to 1.5 m) has been recognized in western 
suburb of Christchurch, particularly in areas close to the 
coastal line. Bexley is a newly constructed residential area 
developed by reclaiming the wetland near the mouth of 
Avon River. In Bexley, a large number of residential 
houses/properties suffered severe damage from liquefaction 
in September 2010 earthquake. After the February 2011 
earthquake as well as June 2011 earthquake, it was again one 
of the worst hit areas in terms of liquefaction-induced 
damage. Figure shows damaged residences after three big 
earthquakes, at Seabreeze Close in Bexley. Massive amount 
of sands were ejected and deposited around the houses. 
Differential ground settlement was caused by severe sand 
boils, resulting in tilting in many houses.  

 

 

 

Figure 11  Uplift of an underground water tank in Avonside 
Drive. 

 

Repeated liquefaction during the Canterbury 
Earthquakeswas observed at Kaiapoi that is located in the 
northe astern end of Canterbury Plains, about 20 km north of 
Christchurch (Figure 1). Kaiapoi is a residential area 
developed by reclaiming wet land near the mouth of 
Waimakariri River. Figure 13 shows pictures taken at a 
residential property which suffered repeated liquefaction. In 
spite of this property is located away from the epicenters, 
recorded earthquake motion in this area was weak, relatively  
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Figure 12  Damage to residential houses/properties due to 
repeated liquefaction in Seabreeze Close, Bexley. 
 
 
severe liquefaction was observed in three times at this 
position. 
 
5.  EFFECT ON SLOPE (CLIF) STABILITY 
 

During the 4 September earthquake, no damage in 
slopes was reported. Since epicenters are located at 
mountain area in the case of both February and June 2011 
aftershocks, numerous number of slope/cliff failure were 
observed. During the June 2011 quake, a lot of slopes/cliffs 

 

 

 

Figure 13  Repeated liquefaction in a residential property in 
Cassia Place, North Kaiapoi. 
 
 
which have been destabilized due to previous February 
event were fell down or received further damages. Figure 14 
indicates an example of further damage in destabilized slope 
during 13 June 2011 quake. 
 
3.  Concluding Remarks 
 

Although Christchurch and adjacent areas are still 
suffered from continuous seismic activity, the Canterbury 
Earthquake which is a series of huge earthquakes has shown  
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valuable evidences which are real response of natural ground 
subjected to repeated strong seismic motion in short time. 
There were alot of typical liquefaction phenomena like that 
are described in the textbook. At same time, there were 
several matters what to be investigated such as repeated 
liquefaction and liquefaction in natural deposits. Moreover, 
the Canterbury Earthquakes has presented one of new type 
of earthquake disaster that affects civil life adversely for the 
long time.    
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Abstract:  The Jogjakarta earthquake (Mw = 6.3) occurred on May 24, 2006 affected the the populated area of the 
southern Jogjakarta Province, especially Bantul District, which is located in quartenary volcanic deposits. Sand boiling 
was observed to occur during the earthquake, indicating that the area is prone to liquefaction hazard. In order to mitigate 
such hazard in the future, sub-surface geotechnical investigations were conducted to develop a microzonation of 
liquefaction potential for Bantul District. The liquefaction potential analysis based on the SPT and CPT data with PGA of 
0.25g indicate that the sandy soil layers at the depths less than 10 m is prone to liquefaction. The liquefaction 
susceptibility becomes higher to the west of the Opak Fault because the sandy soil layers become thicker to this direction. 
This finding is in a good agreement with the observed liquefaction phenomena during the 2006 earthquake. 

 
 
1.  INTRODUCTION 

 

Ground liquefaction can occur during a big earthquake, 

and results in damage of building and life-line infrastuctures.  

In Indonesia, liquefaction phenomena were observed to 

occur during the past big earthquakes in coastal regions, 

such as during the Mw 7.8 earthquake of 2000 in Bengkulu, 

the Mw 9.2 earthquake of 2004 in Banda Aceh, and the Mw 

8.7 earthquakeof 2005 in Nias Island.  

On May 27, 2006, a Mw 6.4 earthquake occurred in 

Bantul District, Jogjakarta Province. which caused damages 

to nearly 80% out of the 508 km2 total area, nearly 5.700 

people died, and total economic loss was up to 3.134 million 

US$ (Bappenas; Local Governments of D.I Yogyakarta, 

2006). The earthquake triggered damages of infrastructures 

not only due to ground shaking but also due to liquefaction 

in many parts of the region. Figure 1 shows the locations of 

liquefaction phenomena in Bantul District. Most damages 

were associated with ground cracking, settlement and lateral 

spreading (Figure 2). 

Geologically, the subsurface material in the heavily 

damaged areas (Imogiri, Bantul, Plered) is underlain by 

young volcanic depositsfrom Mt. Merapi up to 200 m in 

thickness. These deposits consist of undifferentiated tuff, ash, 

breccia, agglomerates and lava flows. Their weathering 

products, mainly from the lower slopes and the plain 

extending to the south, are largely alluvial deposits of 

volcanic debris reworked by small streams from initial 

deposits on upper slopes. Preliminary information from a 

few soil borings in Yogyakarta indicates the subsurface 

consists of 10-15 m of loose to medium-dense volcanic fine 

sand underlain by over 10-20 m of dense to very dense sand 

and silty sand. The groundwater was found approximately 

4-5 m below the surface. 

In order to mitigate such collateral hazard in the future, 

the knowlegde of liquefaction potential is required for 

Bantul District. This paper presents the result of field 

investigations of liquefaction potential of volcanic sand 

deposits in order to develop a microzonation of liquefaction 

susceptibility for Bantul District. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1 Location of liquefaction observed in Bantul District 

(indicated by red dotted circles) after the earthquake. 
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Figure 2 Ground cracking, settlement and lateral spreading 

toward stream channel in the road to Pundong sub-district, 

Bantul 

 

 

2.  MAIN CHARACTERISTICS OF THE 2006 

BANTUL EARTHQUAKE 

 

The Bantul earthquake, with a magnitude of 6.3 (Mw ) 

occurred on May 27, 2006, affecting an densely populated 

mix of urban and rural area on the southern slope of Mt. 

Merapi, an active volcano. The epicenter of the earthquake 

was located on-shore in 10 km to 38 km depth. Figure 3 

shows the seismicity of Java which is associated with the 

subduction of the Indo-Australian Plate and the Eurasian 

Plate. However, this shallow strike slip earthquake was 

considered not directly related to the subduction, but should 

be caused by the stress accumulation in the upper crust 

induced by the subduction process that compresses the 

Sunda plate in a N-S direction, and puts strain on local faults, 

especially those trending NE-SW. Largest destructions were 

concentrated in a strip area elongated parallel to the Opak 

river fault between Parangtritis at the coast up to Klaten, east 

of Yogyakarta. Therefore, it was thought that Opak fault was 

activated during the quake. However, a significant surface 

rupture was not visible. On the first point of view 

destructions were related to unsafe constructions, and 

topographic effects in the Gunung Kidul region. 

A more detailed view makes obviously that strong 

ground acceleration amplification on unconsolidated alluvial 

sediments enhanced the shaking of the soil for up to two 

minutes as local people reported. Therefore, strong site 

effects are likely to be responsible for the disastrous 

damages in the specific areas of Bantul. According to the 

interview of some local people in the heavily affected area in 

Imogiri and Pundong, Bantul, a distinct vertical motion 

followed by strong horizontal shaking during the main shock. 

The result of a study by Widigdo, conducted after the 

earthquake to map the peak ground acceleration in 

Jogjakarta region, indicated that Bantul district would have 

experienced a peak ground acceleration (pga) of 0.25 g to 

0.45 g (Figure 4). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3 Seismicity of Java, Indonesia for earthquakes with 

magnitude above 6.0 (USGS, 2006). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4  Peak ground acceleration map for Jogjakarta 

region based on the aftershock records (Widigdo, 2006). 

 

3. METHODOLOGY 

 

In 2007, a series of geotechnical investigations was 

conducted to evaluate and assess the liquefaction potential in 

Bantul Distict. Figure 5 shows the location of the field 

geotechnical investigations. The investigations comprised of 

geotechnical drilling up to 20 m deep at 6 locations, standard 

penetration tests (SPT) at every 1.5 m at each borehole, cone 

penetration tests (CPT) at 40 locations up to 30 m deep, 

mapping of the depth of groundwater table, and laboratory 

determination of grain size distribution and soil unit weight. 

Liquefaction potential analyses were then carried out 

using a CPT-based method, which requires the calculation of 

two variables: the seismic demand placed on a soil layer, 

expressed in terms of cyclic stress ratio (CSR), and the 

capacity of the soil to resist liquefaction, expressed in terms 

of cyclic resistance ratio (CRR). 
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Figure 5  Locations of the sub-surface geotechnical inves- 

tigation in Bantul District 
 

The cyclic stress ratio (CSR) is defined by Seed and 

Idriss (1971) as: 

 

    dvovo rgaCSR '65.0 max                 (1) 

where amax is the peak horizontal acceleration at the 

later interest, g is the acceleration of gravity, vo and ’vo are 

total and effective vertical overburden stresses, respectively, 

and rd is stress reduction factor. 

The simplified procedure proposed by Robertson and 

Wride (1998) were employed to analyze the liquefaction 

potential based on the CPT data. The 6.3 (Mw) magnitude 

measured for the Bantul earthquake, and the average peak 

horizontal ground acceleration (PHGA) of 0.25 g was used 

for all analyses. 

The liquefaction potential of a site is affected by the 

severity, thickness and depth of liquefied layers in a soil 

profile. In order to quantify the liquefaction severity of 

Bantul District, the liquefaction potential index developed by 

Iwasaki et al. (1982) was used. The liquefaction potential 

index (PL) is calculated by the following equation: 

 dzzFwPL 

20

0

                          (2)                                                     

which F=1-Fs for Fs <1.0 and F= 0 for Fs >1.0 and 

 

w(z) = 10 – 0.5z                            (3) 

 

where w(z) is the function for accounting for soil 

liquefaction with respect to depth and z is the depth (in 

meters). The maximum depth considered in this analysis is 

20 m. On the basis of PL values, the liquefaction severity of 

the site is classified as follow (Table 1). 

 

 

4. RESULTS OF INVESTIGATION 

 

4.1. Liquefaction potential 

Results of liquefaction potential of CPT data based on 

Robertson and Wride method (1998) are shown in Fig. 4. 

The results show that the sand deposits at depths up to 10 m  

are susceptible to liquefaction. The sand deposits located to 

the west of Opak Fault become sensitive to liquefaction, as 

the sand deposit become thicker (CPT-22). 

 

Table 1. Liquefaction index and associated susceptibility. 

 

Value of PL Liquefaction Susceptibility 

0 < PL < 5 low 

5 < PL < 15 high 

PL > 15 very high 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a) CPT-02 (Jetis) (b) CPT-22 (Bambanglipuro) 

 

 

 

 

 

 

 

 

 

 

 

 

 

(c) CPT-02 (Bantul) (d) CPT-27 (Pandak) 

 

Figure 4 Liquefaction potential based on CPT data 

 

4.2. Microzonation of Liquefaction susceptibility 

Based on the values of liquefaction potential index (PL) 

and the classification of liquefaction susceptibility shown in 

Table 1, a generalized liquefaction susceptibility map for 

Bantul District was established (Figure 5). As seen in this 

figure, the study area was divided into three zones from low 

to very high liquefaction susceptibility. The very high 

susceptibility areas concentrate in the middle part of the 

district. It is clear that there is a good agreement between the 

predicted zones and the sites observed after the 2006 

earthquake. The liquefaction susceptibility becomes higher 

to the west of the Opak Fault, such as in Pundong, 

Bambanglipuro and Pandak sub-districts. 
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Figure 5 Liquefaction susceptibility map of Bantul District. 

 

Based on the current results, the zones of liquefaction 

potential, based on the calculated PGA of 0.3 g, included not 

only most of the liquefied sites but also non-liquefied sites, 

suggesting a lower PGA on the soft soil layer in the district, 

due to local site effects including strong non-linear soil 

behavior. Factors like soil stratification and the variation of 

soil stiffness are believed to produce the non-linearity of soil 

response to the earthquake wave. The discrepancy between 

the observed and the predicted liquefaction phenomena also 

demonstrates the importance of seismic hazard 

microzonation to determine the ground acceleration at each 

site, taking into account the specific site effects. 

 

 

3.  CONCLUSIONS 

 

Based on the sub-surface geotechnical investigation and 

liquefaction potential analysis, the following conclusions can 

be drawn: 

 

a. Liquefaction in Batul region appears to have occurred 

primarily within the Quarternary deposit at shallow depth (< 

10 m).  

b. Based on the liquefaction analysis, the highly susceptible 

zone of liquefaction is concentrated in the west part of Opak 

Fault, showing a good agreement with the field observation. 
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Abstract:  It is most generally admitted that seismic ground motion is the convolution of source, path and site effects. 
The question addressed here is whether a fourth term, called "Site-City Interaction" (SCI), should be added for densely 
urbanized areas, corresponding to feedback effects from the shaken buildings in the soil. After a short overview of 
various, consistent observations, several specific experimental and numerical results are briefly summarized, that clearly 
evidence the wave radiation from isolated buildings and the possibility of interactions between close buildings as well. 
The seismic response of a simple "city model" represented by a group of buildings is then addressed through a series of 
numerical simulations, which allow to determine under which conditions such SCI effects may be significant. These 
findings are consistent with a very simple "rule of thumb" approach based on the comparison between kinematic 
energies in soils and buildings, pointing to the significance of SCI effects for dense cities where building and soil periods 
coincide. The last section thus discusses the practical consequences of such SCI effects, and some possible directions to 
get unambiguous experimental evidence in real cities. 

 
 
1. INTRODUCTION 
 

Structural and geotechnical engineers have been aware 
for a long time of soil-structure interaction (SSI) phenomena, 
which modify the seismic response of massive or tall 
buildings erected on soft soils. Seismologists on their side 
have learnt for a long time not to install seismological 
stations close to trees. During the last decades, it has also 
become clear for both communities how large can be the 
effects of surface heterogeneities ("site effects, SE") on 
seismic ground motion. On this basis, one can legitimately 
wonder whether a large building on a soft soil can 
contaminate the ground motion in its immediate vicinity, or 
even, going one step further, about the overall effect of such 
contamination in a densely urbanized area. The aim of this 
paper is to briefly present an series of results that 
substantiate the plausibility of this kind of "global" 
interaction between all the buildings of a city and its subsoil, 
which we call hereafter "site-city interaction" (SCI). 

Despite the abundant literature on SSI and SE, their 
overlapping domains have received surprisingly little 
attention. This could mean that the issues addressed here 
may be irrelevant. However, if SCI effects turn out to be 
significant, one immediate consequence is that erecting or 
destroying a building, or a group of buildings, could modify 
seismic hazard for the neighborhood, which in turn could 
lead to significant conceptual changes, especially 
concerning microzonation studies, land-use planning, and 
insurance policies. Another goal of the present paper is to 

try to convince the readers from the seismological and 
engineering communities, that the questions raised above 
are scientifically sound and that these phenomena may be 
important from both scientific and engineering viewpoints, 
at least under some specific conditions. 

We first present a brief review of the few observations 
available that indicate the reality of SCI effects. Second, we 
summarize several consistent results concerning the effects 
due to a single building. We then present the results of 
various numerical simulations addressing the response of a 
group of buildings, representing a city (in a simplified way), 
which allow to determine under which conditions such SCI 
effects may be significant. Finally, a simple comparison 
between kinematic energies in soils and buildings, does 
confirm that SCI effects should not be overlooked 
 
 
2. EXPERMENTAL EVIDENCE 
 

2.1 In situ observations 
Several observations indicated the reality of the 

emission in the soil of outward propagating seismic waves 
from buildings forced into vibrations by various external 
sources. Jennings (1970) reported the recording of harmonic, 
stationary signals at distant seismic stations linked with the 
operation of roof actuators at the Millikan library building 
on the Caltech campus. Kanamori et al. (1991) demonstra- 
ted the link between unusual seismic recordings in the Los 
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Angeles area, and the reentry into the atmosphere of the 
Columbia space shuttle on its way back to Edwards Air 
Force base in California, through an atmospheric shock 
wave that forced into motion several high-rise buildings in 
downtown Los Angeles, the period of which coincided with 
the natural period of the Los Angeles basin. More recent 
observations occurred during the terrorist attacks against the 
World Trade Center; the two plane impacts were recorded in 
several seismological stations in New-York state, at 
distances of several tens of kilometers (Kim et al., 2001). 

Other interesting observations were obtained in the 
Ullevi stadium in Gothenburg (Sweden), which underwent 
unexpected forced vibrations, as reported in Erlingsson and 
Bodare (1996) and Erlingsson (1999). The stands of this 
stadium, which are built on a soft clay layer, experienced 
strong steady vibrations during a rock concert held in the 
stadium, in relation with the quasi stationary jumping of the 
audience according to the beat (with a frequency around 2 
Hz). A thorough numerical study showed that the large 
amplitude of these induced vibrations was due to the 
concomitance of several factors: the softness of the clay, its 
geometry with lateral thickness variations which made the 
wave trapping more efficient, and the coincidence between 
the frequency of the beat and the frequency of the soil. 
Erlingsson and Bodare (1996) and Erlingsson (1999) 
estimated the jumping load to be approximately 3 kPa, and 
computed a resulting displacement at the base of the tribune 
base, about 100 m away, of around 2 mm. This value 
corresponds to an acceleration of about 0.3 m/s². Bard et al. 
(2005) used these values to extrapolate what may happen 
during an earthquake. They estimated the base shear stress 
generated at the foundation level of a standard 7-story 
building (i.e., with a 2 Hz fundamental frequency) by a 
moderate earthquake with a 0.2 g pga could reach about 10 
kPa (i.e., 3 times the Ullevi stadium load). Such estimates 
are obviously very rough, they however suggest that 
soil-structure interaction phenomena could, under 
favourable but not unrealistic circumstances, generate 
diffracted waves causing accelerations around 1 m/s²  (3 * 
0.3 m/s²), i.e., half of the input acceleration, within a 
distance of about 100 m around the building. Perturbations 
in the building neighborhood generated by the vibration of 
the building are not negligible. 

Additional, indirect evidence come from strong motion 
records obtained in instrumented buildings. Many papers 
(Bard, 1988; Afra et al., 1990; Farsi and Bard, 2003; 
Paolucci, 1993; Meli et al., 1998; Cardenas et al., 1999) 
report the existence of a noticeable rocking motion in 
buildings founded on soft soils, which may represent from 
10% up to 100% of the pure flexural motion. Significant 
rocking moments are thus acting on the soil at the 
foundation level, and it is well known that transient forces 
applied at the surface of a layered soil generate outward 
propagating surface waves.  

In summary, despite the absence of clear, direct 
observations of modifications of "free-field" ground motion 
due to nearby structures during earthquakes, consistent 
observations bring evidence that SSI effects can be large, 

and generate outward propagating waves in the ground.  

2.2 Centrifuge tests 
Centrifuge modeling is a powerful experimental mean 

in soil dynamics, which combines reduced scale and 
representativity of full-scale phenomena, under well 
controlled conditions. A series of ad-hoc tests was thus 
performed in the IFSTTAR centrifuge in Nantes, in order to 
check whether the motion of one building could be affected 
by the presence of another building. In that aim, Chazelas et 
al. (2003) designed an experiment with one "active" 
building, forced into vibration by an impulse shock (with a 
"ball cannon"), and a second, passive, identical building 
located at some distance. The motion was recorded at the 
top of each building, and the dependence of each building 
response upon the separating distance was investigated. 

The design of the model buildings was intended to 
reproduce a seven story building with a foundation of 15 m 
x 15 m, following studies by Gueguen (2000) and Gueguen 
et al. (2002) in Mexico City. The chosen reduction scale was 
1/N = 1/100. Parameters for which it was mandatory to 
respect scale factors were the stress state under the 
foundation (i.e., the ratio of the total mass to the foundation 
surface, scaling factor equal to 1), the momentum computed 
at the bottom of the foundation (scaling factor equal to 1/N²) 
and the first modal frequency (scaling factor equal to N). In 
order to simplify the analysis, the design (Figure 1) intended 
to reproduce a Single Degree of freedom (SDOF) system. 
The soil model, 1.20x0.80x0.36 m3 in size, was made of 
Fontainebleau fine dry sand with a homogeneous specific 
gravity of 16,3 kN/m3 obtained through a raining process. 
Additional details may be found in Chazelas et al. (2003). 

 
 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 1. Building model (top) for centrifuge testing (bottom) 
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The "active" building (the shocked one B1) was first 

embedded in the sand, in the middle of the soil model. The 
"passive" building B2 was then simply laid on the sand, 
successively at different distances and in different positions, 
along the radial and transverse directions. 

Figure 2 displays the motions recorded at building top 
for four different configurations. In the absence of any 
interaction, the response of the active building should 
remain the same. Clearly, this is not the case, as it exhibits 
beating, which gets more and more pronounced as the 
second building is closer. Both buildings talk to each other 
through the soil, and the beating comes from the similar 
values of their resonance frequencies. These observations 
are consistent with the full scale experimental observations 
of Kitada (1999), reporting variations in the resonance 
frequencies of a building depending on the existence or not 

of neighboring buildings. 

 
 
Figure 2: Response of the active shocked building (model on top 

left) without (rtop right) and with the presence of a similar 
buildings at different distances (22.5 m on right, 7.5 m on top 

and 2.5 m on bottom). 
 
 

3. MODELING SIMPLE INTERACTION 
 
Both the "unexpected" and "on purpose" experimental 

observations have thus shown the possible contamination of 

ground motion by surface buildings and the fact that 
buildings may influence each other through the soil. 
Modeling these effects may be approached along two 
directions, exactly in the same way seismologists 
approached the crustal scattering: 
 "single" interaction might be modeled by considering each 

building as if it was alone, and simply adding the 
contributions from each building while neglecting feedback 
effects, 

 "multiple" interaction, which includes feedback effects, i.e. 
dialog between buildings through the soil. 

The first approach is valid if there is only a weak 
interaction, the second one should be applied in case of 
strong interaction. This section will briefly recall some 
already published results about the first approach. 

3.1 The Volvi experiment 
This approach consists in computing the wave field 

emitted from a building when shaken by an incoming signal. 
Such computations may be separated into two main steps: a) 
estimating the forces deriving from soil-structure at the 
foundation level and b) computing the waves radiated back 
in the ground with a numerical scheme solving the 
elastodynamics equation. The developed algorithm uses 
impedance functions to achieve step a), and the discrete 
wave number technique (Bouchon, 1981) for step b), in the 
modified version proposed by Hisada (1994, 1995).  

This approach was validated through an experimental 
study performed at the Volvi test site (Greece), as reported 
in Guéguen et al., 2000. This test site hosted the 
construction at the valley center of a reduced scale (1/3), 
5-story RC structure (Manos et al., 1995). A series of 
pull-out tests (POT) was performed on this structure, 
consisting in shaking it by the sudden release of a pre- 
stressed steel cable, anchored to the building top and to the 
ground. The ground motion resulting from the free 
oscillations of the structure was recorded by a series of 
sensors at increasing distances from the structure. These 
records were then compared with the computations derived 
from the two-step model described in Guéguen et al. (2000, 
2002). 

The main results of this comparison are summarized in 
Figure 3 displaying the vertical and radial components of 
motion for a pull-out excitation in the longitudinal ("L") 
direction, and the transverse motion for a pull-out excitation 
in the transverse ("T") direction. 

The records clearly exhibit a monochromatic signal 
similar to the free response of a damped oscillator. The 
corresponding frequency and damping do not depend on the 
distance, and are thus directly linked to the free-oscillation 
characteristics of the building (4.76 Hz in the T direction, 
and 4.94 Hz in the L direction). As expected, the amplitude 
is decaying with increasing distance from the building base, 
keeping however non- negligible values: at a distance twice 
the size of the building base, it still amounts to about 25% of 
the base motion, while at a distance five times larger, this 
ratio amounts to about 5%, corresponding to an overall 
decay shaping as 1/√R. The fairly good resemblance 
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between computations and observations provides a 
validation of the simple model: this model was therefore 
used for an investigation of the effects of SSI in cities with a 
large number of buildings. 

 
 
 
 
 
 
 

 
Figure 3. Results of pull-out tests on the 1/3 scale model 

building in Volvi (after Guéguen et al., 2000).   
Top: schematic representation of the POT with axis orientation. 

Bottom: Comparison of the computed ground motion (grey 
lines) with the actual recordings (thick black lines) obtained at 
increasing distances from the building along the L axis (from 0 
to 28 m).The two left columns display the vertical and radial 

motion for a POT along the L direction, the right column 
displays the transverse motion for a POT along the T direction 

 

3.2 Application to Mexico City 
This simple model has thus been applied to evaluate the 

effects of SSI on the "free-field" motion within a city, 
composed of many buildings. In this simplified approach, 
the total wavefield radiated back into the soil from the 
buildings is simply considered to be the superposition of the 
effects of each individual building: they are supposed not to 
interact with each other. 

We will briefly recall here only the results obtained for 
the "Colonia Roma" area of Mexico City. Additional details 
may be found in Guéguen (2000) and Guéguen et al.(2002). 
As well known, Mexico City is characterized by the 
presence by a very soft clay layer (Vs ≈ 60 m/s) underlain 
by much stiffer sediments (Vs ≈ 600 m/s). In the Colonia 
Roma area, its thickness is around 30-40 m, leading to large 
amplification with a fundamental frequency around 0.5 Hz. 
Within the modeled area having a size of about 500 by 500 
m², only buildings having 7 storeys and more were 
considered (180 in total) (Figure 4). 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. Location of buildings having 7 story and more in the 
Colonia Roma in Mexico City; the ground motion is computed 

at site "Co56", where an accelerometer is located 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5: Example effects of single interaction for Mexico City: 
the ground motion due to the waves radiated from each of the 

180 buildings (Wy) is compared with the free-field motion (Yg) 
at site Co56. The input rock motion Sy is displayed on top left. 
The comparison is performed in the time domain (left) and in 
the frequency domain (right), with a comparison of the site to 

reference rock spectral ratios (with: Yg+ Wy, and without – Yg) 
buildings) with the actual observed amplification at Co56 

 
The time domain results displayed in Figure 5 for a site 

located approximately in the center of the area, clearly show 
that the ground motion induced by the presence of buildings 
is comparable with the free-field motion in terms of 
amplitude and duration, while its frequency content is 
essentially peaked at the site’s fundamental frequency  (0.5 
Hz). In the frequency domain (Figure 5, right), this 
approach shows that the effects of SSI help in filling the gap 
between theoretical 1D transfer functions and actual 
observed amplifications (site/reference spectral ratios). 

An additional parametric study keeping the same 
geographical location for the 180 buildings, but changing 
their size and height (i.e., their resonance frequency), very 
clearly showed that the maximum effects occur when the 
frequencies of buildings coincide with soil frequency: 
would all the 180 buildings be identical and have a 
resonance frequency of 0.5 Hz, then this approach predicts 
that the energy associated with the radiated wavefield (in 
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terms of Arias intensity) would reach 20 times the free-field 
energy ! In that case however the validity of the "single 
interaction" approach is questionable, and one must 
consider multiple interaction models since the centrifuge 
tests showed that each building in the city may be 
influenced by its neighbours. 

Similar results were obtained for the simulations 
performed on the city of Grenoble and Nice (Guégen, 2000; 
Bonnefoy-Claudet, 2001), although with significantly lower 
amplitude (energy perturbations around 10 % of the 
free-field energy). 

 
 

4. MULTIPLE INTERACTION 
 
Accounting for multiple interaction requires more 

advanced numerical models (such as finite elements or 
boundary integral methods), and more computational time, 
especially when one wants to consider fully 3D cities. 
Various results are now available for 2D models (Wirgin 
and Bard, 1996; Tsogka and Wirgin, 2003; Kham et al., 
2006; Semblat et al., 2004, 2008; Gherghu and Ionescu, 
2009), and for 3D models (Clouteau and Aubry, 2001; 
Mezher, 2004; Lombaert et al., 2004; Padron et al, 2010). 
This section is limited to the presentation of a few typical 
results in the 2D case, with occasional reference to recent 
results in the 3D case, that all show the same trends and 
changes with respect to the free-field case and the single 
interaction approach. 

 

4.1 2D case 
Kham et al. (2006) and Semblat et al. (2008) 

considered several model cities consisting of a large number 
of buildings laid over a 2D valley, and computed their 
response to vertically incident plane S waves with the 
boundary elements method. Both buildings and soils are 
supposed to be invariant and infinite along the third axis. We 
first focus here on a simple "canonical" model with a very 
simple geological structure, and investigate the sensitivity of 
the response to some parameters (soil/building frequency 
ratio, building density), and then consider a more realistic 
configuration (derived from the city of Nice).  

4.1.1 2D site-city canonical model 
The geological structure (upper left Figure 6) consists 

in a 2.4 km wide alluvial valley with a trapezoidal shape 
lying over a semi-infinite bedrock. The sediment thickness 
H is constant over the main part of the valley (2 km), and 
vanishes over a 200 m distance on each edge with a constant 
slope. The mechanical properties of both sediments and 
bedrock (upper right of Figure 6) correspond to a large 
impedance contrast (8.6), and standard damping (2% in the 
sediments and 0.5 % in the bedrock). Since the sediment 
thickness is always taken very small compared to the width 
(ratios smaller than 0.04), the "free-field" valley response is 
essentially one dimensional (vertical reverberations) with 
however some 2D perturbations due to late arrivals. 

Two city configurations are then considered above the 
valley. The first one (top left), or "periodic city", consists in 
N identical buildings regularly distributed in the central part 
of the valley, over a total width of 500 m. Varying N is 
equivalent to modifying the "urban density". The second 
one (middle part), less regular, consists in a set of irregularly 
spaced, different buildings, still located in the central part of 
the valley. The exact geometrical configuration of this 
non-periodic city is displayed in the middle of Figure 6. 
However, for sake of simplicity only two different types of 
buildings are considered (B1S and B2S), characterized by 
their respective natural frequencies (1 Hz and 2 Hz) and size 
(Table 1). 

 
Table 1. Mechanical properties of the buildings considered in 

the city models 
Building 

type 
Height Base width Density QS / S fB

B1S 40 m 15 m 250 kg/m3 10 / 5% 1 Hz
B2S 30 m 10 m 250 kg/m3 10 / 5% 2 Hz
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6. Valley and city models considered for the 2D site-city 
interaction analysis. Top left : cross section for the canonical 
model; Yop right cross-section for the Nice case; Middle: 

building layout for the non-periodic canonical model; Bottom : 
building layout for the Nice case. 

 
In the numerical model, buildings are approximated by 

homogeneous, continuous elastic elements, characterized by 
equivalent, homogeneous mechanical properties. These 
properties are given in Table 1 for the two canonical types 
B1S and B2S. The boundary conditions considered for the 
soil-building interface are straightforward: continuity of 
displacement and stress vector. The computations were 
performed for various configurations in order to estimate the 
sensitivity of the site-city interaction phenomena to several 
important parameters : 
 The "urban density"  = N.B/L, where N is the number of 

buildings, L the width of the urbanized area, and B the 
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building width. For the periodic city case, we considered four 
different values for N (10, 16, 25, 33), corresponding to 
urban density values of 0.2, 0.32, 0.5 and 0.66, respectively. 
For the "non-periodic" city with B1S and B2S buildings,  = 
0.32. 

 The thickness H controls the 1D resonance frequency of the 
valley f0

S through the formula f0
S VS/4H (where VS is the 

shear wave velocity). We considered five different thickness 
values (H = 12.5, 25, 33, 50, 75 m), corresponding to 
fundamental frequencies of (4, 2, 1.5 1.0 and 0.67 Hz), 
respectively. Therefore, for the periodic city case involving 
B2S buildings, the corresponding site to building frequency 
ratio f0

S / fB is equal to 2, 1, 0.67, 0.5 and 0.33. 

4.1.2 Typical results 
Figure 7 displays the modifications in the ground 

motion response within the city for various valley thickness 
values, for the periodic city case with maximum density (33 
buildings). Transfer functions are computed for each surface 
site at mid-distance from the buildings: as there are 
variations from site to site, only the average response within 
the city (thick solid line) is shown here, together with the 
average plus-minus one standard deviation (thin solid lines) 
to quantify the variability. Their comparison with the 
free-field average transfer functions (dotted line) shows 
clearly that the largest modifications occur for H=25 m, i.e., 
when the valley frequency coincides with building frequen- 
cy (2 Hz); one may also notice that whatever the valley 
thickness the maximum differences occur around this 
frequency, in particular for H=75 m (the building frequency 
then coincides with the first higher resonance frequency of 
the site).  

 

 
Figure 7. Surface transfer functions (average value plus and mi- 
nus one standard deviation) inside the homogeneous and perio- 

dic city (with B2S) for N = 33 and different thickness values 
(from top to bottom, H= 1.5, 25, 33, 50 and 75 m, respectively). 

Solutions are compared to the free-field (dotted line).  
 

Most interesting is the fact that the overall effect of 
buildings is to slightly reduce the amplification level at this 
frequency. In addition, the rather small dispersion of the 
solutions indicates the response remains quite similar within 
the whole city. The building set thus induces a group effect: 
the added mass acts as a "cap" that slightly decreases the 
frequency of the whole system and reduces its motion. 
These results, shown here only for one type of incident 
waves, were shown in Kham (2004) to be very general: site- 
city effect occurs only when site and building frequencies 
coincide, while it is negligible when they do not. 

In order to summarize the main features of the site-city 
interaction, we have considered the signal "energy" E 
(integral over time of the squared ground velocity). It was 
then averaged for surface points within the city (at 
mid-distance between neighboring buildings), and 
normalized by the corresponding free-field value EFF. This 
was done for all the periodic city configurations (various 
thicknesses and urban densities) impinged by a 2 Hz Ricker 
wavelet, and the non-periodic city as well (various 
thicknesses only). Figure 8 summarizes the results by 
displaying the variations of surface energy with valley 
thickness for different urban densities, both inside (top) and 
outside (bottom) the city.  

Fig. 8. Variations of the average normalized signal energy insi- 
de (top) and outside (bottom) the periodic city with B2S buil- 
dings with the valley thickness and urban density, for an inci- 

dent Ricker wavelet with central frequency fR = 2Hz. The com- 
parison also includes the case of a non periodic ("non-T") city. 

 
These results call for several comments: 

 Within a periodic city, effects of site city interaction are 
beneficial: the average ground motion is reduced (this proves 
to be valid also for the building roof motion) 

 This reduction is increasing with increasing urban density 
and is maximum when building and soil frequencies 
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coincide (here, H = 25 and 75 m). In optimal conditions 
(largest density, H=25 m), the reduction reaches 50%. 

 The "density" effect can however be significant even when 
frequencies do not coincide (for example, E/EFF = 67% both 
for N = 10 at H = 25m and N = 33 at H = 50m).  

 These reduction effects drop significantly when the building 
regularity is broken: the reduction for non-periodic cities 
does not exceed 15%. This may be explained both by the low 
effective density of 2 Hz buildings (NB2S = 7) and the 
weakness of the group effect due to irregular layout. 

In contrast, outside the city, the signal energy is slightly 
increased. This increase is due to the signal lengthening 
related with the city diffracted waves, and thus follows the 
same dependence on density and thickness already observed 
within the city – except for the fact that a non-periodic city 
leads to larger effects. It never exceeds, however, 10%.  
This increase may no longer be systematically observed in 
case of longer incident signals. 

4.1.3 From canonical to real cities: an example from Nice  
We now consider a more realistic geological structure 

corresponding to an east-west cross-section within the city 
of Nice (Figure 6). The free-field response (i.e., without 
buildings) exhibits a fundamental resonance around 1 Hz in 
the deepest part of the center-west (H = 60m), with large 
amplification due partly to 2D effects (Semblat et al., 2000, 
2004). The shallower western and eastern edges exhibit an 
efficient surface wave diffraction power for frequencies 
exceeding the corresponding fundamental resonance around 
2 Hz. Figure 9 compares the normalized signal energy 
distribution along the basin for the four city models: the 
periodic cities with either B1S (f0

B=1Hz) or B2S (f0
B=2Hz) 

buildings over a total lateral extent of 500 m, the non- 
periodic city over the same extent and the realistic city 
spanning the whole valley. Two Ricker frequencies fR = 1Hz 
and 2Hz are considered. The main features are the 
following: 
 almost all cases give rise to a reduction of ground motion 

energy inside the city, due either to group (frequency 
coincidence) or inertial (urban density) effects. For example, 
the energy reduction for the periodic B1S city impinged by a 
2 Hz Ricker wavelet is probably due to the inertial effect. 

 The only exceptions correspond to the B2S periodic city and 
the easternmost part of the "realistic" city, both under an 
incident 1 Hz Ricker wavelet. This may be interpreted as due 
to the shift towards lower frequency induced by the presence 
of buildings, which therefore increases the ground motion 
response since input energy is larger at lower frequency. 

 Some energy increase often appears at the city borders. 
These peaks may reach 50%: smaller structures built on the 
immediate outskirts of dense downtown areas may be 
exposed to increased ground motion. 

Other computations (not shown here) for the "realistic" 
city case show that, despite a general trend to energy 
reduction, there may exist locally some significant increase 
(together with significant decrease at some other location): 
the occurrence and location of local maxima depend on 
many factors, like the city configuration, the dynamic 

properties of the buildings and the site, and the frequency 
range of the input signal. 

 
 
 

 
Figure 9. Variations of signal energy (normalized by the free- 
field energy) for the Nice cross-section, for different city con- 
figurations and under two Ricker wavelets: fR = 1Hz (dotted 

line) and 2Hz (solid line). Four city configurations are conside- 
red: periodic cities with B1S and B2S (top) buildings, the non- 

periodic city and a realistic city spanning the whole valley 
(bottom). 

4.1.4 Partial conclusions 
These 2D results allow inferring that, contrary to what 

was obtained with "single interaction" models, a dense 
urbanization should have generally a global beneficial effect 
on the seismic risk. This apparent inconsistency between 
multiple and single interaction models may be explained by 
the fact there is a very strong interaction, and that single 
interaction models are not valid, at least in case of a large 
urban density. The ground motion reduction has two major 
origins: the group effect due to dynamic resonance of the 
buildings connected to one another through the soil, and the 
inertial effect due to the accumulated mass of the buildings. 
Nonetheless, the effects are much less pronounced in the 
(usual) case of heterogeneous, non-periodic building distri- 
butions, which in addition often give rise to local increase in 
ground motion energy, especially at the borders of 
homogeneous building blocks. 
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4.2 Indications on recent 3D results 
The next step is to consider 3D multiple interaction. 

This certainly requires more sophisticated and powerful 
numerical models, and larger computation time. It has, 
however, several interests linked to the physics of the 
phenomenon: 

As already mentioned, the origin of site-city interaction 
is the radiation of waves from the building foundations and 
their trapping as surface waves in the surface layers. In 2D 
models, such surface waves do not have any geometrical 
expansion, while in 3D they decrease basically as R-1/2: this 
may decrease the importance of the site-city interaction 
observed in 2D models. 

This phenomenon also induces a strong directivity in 
the radiated wave field, depending on the building motion. 
This directivity is not accounted for in 2D models 

Several numerical approaches have been combined to 
analyze 3D site-city multiple interaction: homogeneization 
theory, boundary integral equations, sub-structuration, finite 
element techniques. They are able to cope with realistic 
models involving fully 3D geometries, deep or shallow 
foundations, and complex city layouts, but they generally 
considered only horizontally stratified sites (Clouteau and 
Aubry, 2001; Ishizawa et al., 2003; Mezher, 2004; Lombaert 
et al., 2004). 

The main results obtained up to now may be 
summarized as follows :  
 For the considered cases (Mexico City, Nice), 3D site-city 

interaction does modify the motion at ground surface: it 
affects the location of resonance peaks and their amplitude as 
well (with either decrease or increase, depending on the 
frequency and on the location).  

 It also leads to a duration lengthening and a significant 
decrease of the spatial coherency of ground motion, except at 
the system resonance frequencies where "group effects" 
result in a coherent motion. 

 The comparison with results derived from simple interaction 
models, indicates that the latter generally overestimate the 
final additional amplification due to site-city effect, espe- 
cially around the fundamental frequency of the system.  

 The 3D numerical results show that the effects are not 
systematic: for Mexico City, the average effect is an 
amplitude decrease, while it is the opposite for the city of 
Nice. However, whatever the average trend, the added 
variability induces some local maxima exceeding by at least 
50% the amplitude due to site effects alone.  

All these results, though obviously still sparse and 
partial, do confirm the possible importance of such effects, 
which should not be overlooked. It is not possible however 
to perform full 3D computations for any site-city 
configuration: the following section is thus aimed at 
proposing a simple criterion to detect whether a city may be 
prone to such effects or not. 

 
5. A KINEMATIC ENERGY INDEX FOR SCI 

 
The above results may (and actually did) sound bizarre 

for many seismologists or structural engineers, especially as 
one generally imagines that the energy required to force a 
building into vibration is small compared with the total 
energy carried by seismic waves. We thus addressed this 
energy issue through a very simple approach aiming at 
estimating the respective soil and building energies for a 
collection of N buildings built on a soft soil layer. The basic 
idea is that a signification interaction may occur when the 
two energies are comparable.  

The mathematical details behind this approach can be 
found in Bard et al. (2005). A few "reasonable" assumptions 
allow to derive the following rough estimates for the soil 
and building energies (Es and Eb, respectively), leading to a 
rather simple, approximate expression for the ratio : 

 
Eb/Es  2s

2/b
2. i [i/S.hi

3/h3]  2 i[i/S. hi/h. fs
2/fi

2]  
 
where fs is the soil fundamental frequency s/4h, s the 

shear wave velocity within the soil layer, h its thickness, and 
s its unit mass, while i and hi are the surface and height of 
each building i, b their equivalent unit mass, and b the 
equivalent shear wave velocity in building. This latter 
quantity is related to the building fundamental frequency 
through the relation fb = b/4hi; ambient vibration 
measurements lead to estimate b to 400 m/s for shear wall 
buildings, and 120 m/s for frame buildings.

For a set of identical buildings, this formula simplifies 
into : 

Eb/Es  2 Sb / S . hb/h . fs
2/ fb

2   
The ratio, which we call "SCI index", is thus controlled 

by a few simple parameters: 
 the contrast between S wave velocity in the soil and in the 

building, s / b : the larger this contrast the larger the energy 
ratio. One must keep in mind, however, that when the soil 
velocity is too high, the impedance contrast with the 
underlying bedrock is too small to allow diffracted waves to 
be trapped, and therefore our simple formulae are not valid: 
SSI has small importance. 

 the urbanization density , or proportion of the surface 
actually occupied by buildings  = i i / S = Sb / S, 

 the ratio between building height and soil thickness hi / h : 
high-rise buildings increase the ratio and favor the 
interaction, 

 the ratio between soil and building fundamental frequencies 
fs / fb : cities with low soil frequencies and comparatively 
higher building frequencies will have only a small amount of 
energy going from soil into buildings, and therefore will 
undergo only weak interaction. 

 
Another approach based on the physics of soil-structure 

interaction tackled with the cone model (Boutin and 
Roussillon, 2003), lead to another representative "index" : 

o   /2 . Sb/S . b/s. b /s  
Although different from the previous one, one can 

recognize similar parameters (urban density, density and 
velocity contrasts between building and soil).  

 
The relevancy of the "SCI index" parameter has been 
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checked through a sensitivity study for the Mexico City case 
(Guéguen et al., 2002): Figure 10 displays the correlation 
between this SCI index and the actual energy ratio of the 
radiated wavefield to the free-field one, considered as more 
quantitative and reliable estimates of these site-city 
interaction effects. Although these checks have been 
performed with a single interaction model, the fact that 2D 
and 3D multiple interaction models confirm the reality of 
the interaction phenomena (though with different, generally 
reduced amplification effects) leaves us rather confident that 
this simple index is a useful tool for a first screening on the 
possible existence of such effects. 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 10. Correlation between the proposed SCI index and the 
normalized energy of the ground motion radiated for the case of 
Colonia Roma Norte in Mexico City. The building layout dis- 

played in Figure 4 was kept, but each location was assigned dif- 
ferent buildings to allow a sensitivity study: each point corres- 
ponds to one particular set of buildings (Guéguen et al., 2002) 

 
To provide a realistic range of values for this building / 

soil energy ratio, Table 2 lists the SCI index values 
corresponding to different "realistic" configurations for 3 
different cities. In Mexico City, the s/b value is around 2/3 
(the soil is very soft but the buildings are frame buildings, 
and are rather flexible), the urbanization density reaches 
high values, and includes numerous buildings exceeding 10 
story. The subsoil in Grenoble exhibits significant contrasts 
at two different scales: a very thick, but rather stiff deposit 
leads to a low fundamental frequency (0.25 Hz), but thin 
soft materials at the surface induce additional effects at 
higher frequencies (around 2-3 Hz, see Lebrun et al., 2001 
and Cornou et al., 2003). Urbanization density is smaller in 
Grenoble compared to that in Mexico, especially as far as 
high-rise buildings are concerned. Finally, the city of Nice 
offers an intermediate situation, with a high density of 5 to 8 
story buildings (in downtown Nice), and with a soil 
fundamental frequency ranging between 1 and 5 Hz, 
depending on the local thickness of the soil deposits 
(Semblat et al., 2000). 

The largest energy ratio values listed in Table 2 
correspond to the Mexico City case. If there exists some 
places of downtown Mexico City occupied exclusively by 
10 to 15 story building (leading to an "occupied" surface 
ratio of 0.5, case M5), the soil and building energies would 
be comparable, allowing very efficient coupling between the 

soil and the structures. It is not clear to us whether such a 
situation exists at present in Mexico City. There do exist, 
however, areas built exclusively with 5 to 10 story buildings, 
and with an "occupied" surface ratio around 0.4 to 0.5. For 
these areas (case M3), the energy ratio value is around 6%, 
and it is therefore scientifically legitimate to anticipate 
significant interaction effects at the "site-city" scale. 

 
Table 2. SCI Index for various site-city configurations 
 

Case Site
h 

(m)
s  

(m/s)
S b/S 

b 

(m/s) 
hb 

(m) 
fs /fb Eb / Es

M1

Mexi-
co

40 80 0.2 120 5 0.08 3.510-4

M2   0.4  10 0.17 0.006
M3   0.5  20 0.33 0.06
M4   0.5  30 0.50 0.19
M5   0.5  50 0.83 0.87

G1
Greno

ble

700 700 0.20 400 20 0.05 2.910-5

G2     40 0.10 2.310-4

G3 25 250 0.20  20 0.50 0.08

N1

Nice

40 200 0.20 400 5 0.06 2.10-4

N2   0.40  10 0.125 0.003
N3   0.50  20 0.25 0.031
N4   0.50  30 0.375 0.10
N5 20  0.50  20 0.50 0.25
N6 10  0.20  5 0.25 0.0125
N7 10  0.40  10 0.50 0.20

 
On the opposite, for very thick soils, low constructions, 

and/or sparse urbanization (cases M1, M2, G1, G2, N1, N2), 
the ratio is negligible, and the interaction phenomenon may 
be completely discarded. There exist a few intermediate 
cases, where the phenomenon may be significant despite the 
absence of high-rise buildings. This would be the case of a 
site where the soil is thin enough to have frequencies 
comparable to building frequencies, as it may be the case in 
some areas of downtown Nice, or even some areas in Gre- 
noble where thin softer materials overlay the thick, stiffer 
post-glacial deposits. From Table 2 (cases N6 and N7), we 
may even expect significant to large coupling even with 2 to 
3 story buildings or houses built on thin soils. For instance, 
one may think of some parts of the "damage belt" area of 
Kobe, very densely occupied by 2-3 story wooden houses 
with heavy tile roofs (leading to fundamental frequencies 
around 2-3 Hz), and lying on thin soils with similar 
frequencies. 

 
 

6. CONCLUDING COMMENTS  
 
This compilation of observations, specific experiments, 

and numerical simulations, allows to ground several 
statements about the effects of building motion on ground 
motion. At first, concerning their origin and existence 
conditions, these results indicate that: 
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 the idea itself proves not to be so weird: the Volvi experiment 
did show that the ground motion is significantly 
contaminated close to a building, the centrifuge tests reveal 
that buildings do talk to each other through the soil, all 
numerical models support the existence of strong interaction 
in case of favorable conditions, i.e. for dense urban areas 
where site and building frequencies coincide. 

 The physical origin is multifold. The basis remains the 
radiation of waves emitted from the foundations of the 
vibrating buildings, and their trapping inside the soft layers as 
surface waves. In addition, similar buildings close to one 
another interact with each other through the soil, which gives 
rise to "group" effects. Finally, in case of large urban density 
and/or large size buildings, the inertial effect associated with 
the added mass produces some (slight) frequency shifts.  

 As the first two processes in the previous paragraph are 
particularly efficient when soil and building frequencies 
coincide, the "optimal conditions" for a significant SCI are 
the simultaneous presence of a thin soft layer and a dense 
urbanization with homogeneous buildings having similar 
frequencies. The proposed "SCI index" provides a simple 
way to detect areas where such effects may be significant.  

 
Next, concerning the effects of SCI, although there is 

still a need for additional 3D computations, a few results 
seem robust enough to be listed: 
 In case of strong (i.e., multiple) interaction, the effects seem 

globally beneficial: the average ground motion "energy" 
within cities is decreased, especially for homogeneous 
building sets. In that latter case, the building motion is also 
significantly reduced. More heterogeneous urbanized areas 
will give rise to quantitatively smaller SCI effects, which 
may however span a broader frequency range. Additional 
amplifications, however, can not be completely ruled out. 

 That "good news" of a globally beneficial effect should 
nevertheless be balanced: SCI effects significantly increase 
the ground motion variability and decrease its spatial 
coherency. Some significant "over-amplifications" (at least 
up to 50%) may occur locally, at locations which however 
are almost impossible to predict since they depend a lot on 
the incident wave field (frequency and phase characteristics). 

 One result about the spatial distribution of SCI effects proves 
to be consistent over all the computations: the areas located at 
the border of dense, homogeneous urban centers are subject 
to amplified ground motion due to outward propagating 
waves. 

 
These results seem also consistent enough to issue 

some warnings about the potential consequences of SCI 
effects: 
 From the seismological viewpoint, attention is drawn on the 

need to be cautious when interpreting seismological records 
obtained within cities: in addition to the classical source, path 
and site terms, a fourth "urban" term may significantly 
contaminate the records and induce misinterpretations for the 
three other terms (especially the "site effect" term). This issue 
is particularly important when dense arrays are deployed 
within cities for investigations on the seismic wavefield. 

 A symmetric lesson can be drawn for the interpretation of 
damage observations: SCI may offer a partial explanation to 
the somewhat erratic pattern of damage distribution in cities, 
which may not be due only to variability in vulnerability or 
site conditions. There are indeed numerous examples of 
highly variable damage in homogeneous building lots. 

 From the seismic risk viewpoint, the main lesson is that 
seismic hazard in urban areas may undergo anthropic 
modifications. This might lead to many unpredictable 
developments, for instance in urban planning (trying to 
design an "optimal land-use" to reduce the ground motion), 
time dependent hazard estimates (hazard may vary 
depending on newly built and/or deleted structures), 
insurance and legal issues.  

 
However, before entering these developments, the next 

necessary step is to obtain an unquestionable experimental 
proof of the occurrence of these effects in real cities under 
real earthquakes. This uneasy but challenging task clearly 
calls for innovative instrumental strategies and signal 
processing techniques, together with an identification of 
suitable target areas.  
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Abstract:  The September 3, 2010 Darfield, New Zealand Mw7.1 earthquake caused about 29 km surface rupture of the 
Greendale fault. There were no loss of life and only two serious injuries. In general, residential houses suffered very little 
structural damage, except for that caused by chimneys falling and in areas of liquefaction. But the aftershock of the 
February 21, 2011 Christchurch earthquake (MW=6.3) caused severe damage in the Christchurch area due to the epicenter 
distance is more close to the downtown area than the mainshock. Severe liquefaction reported in the Christchurch area 
resulted in subsidence and lateral spreading of the ground. The nonlinear soil response should be occurred during the 
strong shaking of these events. In this study, the nonlinear site effects during the 2010 Darfield, New Zealand earthquake 
sequence are identified from the comparison of the H/V spectral ratio of the strong and weak motion records. 

 
 
1.  INTRODUCTION 

 

Nonlinear site effects, such as an increase in damping 

and reduction in shear wave velocity as input strength 

increases, are commonly recognized in the dynamic loading 

of soils from geotechnical models. During the findings of 

recent years indicate that nonlinear site effects are more 

common than previously recognized in strong-motion 

seismology (Beresnev and Wen 1996). Direct seismological 

evidences of nonlinear site effects were reported by using 

the spectral ratio techniques of soil-to-rock or 

surface-to-borehole station pair (Wen et al. 1994, 1995; 

Beresnev et al. 1995a, 1995b). 

A magnitude Mw=7.1 Darfield, New Zealand 

earthquake occurred on September 3, 2010. It caused the 

surface rupture along the Greendale fault is about 29 km 

length. It is a previously unknown fault under the 

Canterbury Plain (Quigley et al. 2010). During the 2010 

Darfield earthquake sequence, Geonet national strong 

motion network and the Canterbury regional strong-motion 

network of New Zealand (GeoNet, Figure 1) obtained a 

large number of acceleration records from the mainshock 

(Cousivs and McVerry 2010) and aftershocks. Therefore, a 

lot of high quality data had been recorded that triggered by 

this earthquake sequence. The Darfield earthquake has not 

caused human life loss, due to less population distribution in 

the epicenter area, and is approximately 40 km west of the 

Christchurch central business district (CBD). It caused the 

largest peak ground acceleration (PGA) of 0.2 ~ 0.3 g in the 

Christchurch city area. But the aftershock of February 21, 

2011 Christchurch earthquake (MW=6.3) caused severe 

damage in the Christchurch area due to the epicenter 

distance is more close to the downtown area (< 10 km). A 

larger PGA of 1.88 g was recorded in the Christchurch area 

which is greater than that of the mainshock (Figure 2). 

Severe liquefaction reported in the Christchurch area 

resulted in subsidence and lateral spreading of the ground. 

From the field surveys, the yellow and brown color areas in 

Figure 3 (Tonkin and Taylor Ltd 2010; Orense et al. 2011; 

Berryman 2011) show the soil liquefaction and more severe 

areas, respectively. It implies that the nonlinear soil response 

should occur pervasively in those areas. The normal spectral 

ratio method of a two-station pair can not apply to this large 

alluvium area. In this study, the horizontal-to-vertical (H/V) 

method was used to study the nonlinear site response during 

the 2010 Darfield, New Zealand earthquake sequence. 

 

 

2.  METHOD USED TO IDENTIFY NONLINEAR 

SITE RESPONSE 

 

Nonlinear site effects, such as an increase in damping 

and reduction in shear wave velocity as input strength 

increases, are commonly recognized in the dynamic loading 

of soils from geotechnical models. During the findings of 

recent years indicate that nonlinear site effects are more 

common than previously recognized in strong-motion 

seismology. Direct seismological evidences of nonlinear site 

effects were reported by using spectral ratio techniques (Wen 

1994). Nakamura (1989) proposed a hypothesis that 
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microtremor site effects can be determined by simply 

evaluating spectral ratio of horizontal versus vertical 

components of motion observed at the same site. Lermo and 

Chávez-García (1993) shows that this method can use to 

earthquake record for studying the site effect. Wen et al. 

(2006a) using the horizontal-to-vertical spectral ratio method 

to identify nonlinear site response. The results show the 

applicability of H/V technique for nonlinear site response 

identification. In this study, we calculated the H/V ratios of 

the 2010 Darfield and 2011 Christchurch earthquakes record 

at each station and compared the variation of the 

predominant frequency with time using the moving window 

spectral ratio method to identify the site response at each 

station during the Darfield, New Zealand earthquake 

sequence. The results are compared with the weak motion 

responses for the same station. Some stations that can find 

previous weak motion records are compared the H/V ratios 

for the strong and weak motion records. 

 

 

3.  RESULTS OF THE NONLINEAR SITE 

RESPONSE ANALYSI 

 

3.1 H/V Ratios in the Liquefaction Area 

Many places had observed soil liquefaction after the 

2010 Darfield earthquake sequence (Tonkin and Taylor Ltd 

2010; Orense et al. 2011; Berryman 2011). It can be seen in 

Figure 3 that station REHS located in the liquefaction area 

during the 2011 Christchurch earthquake, but it was not 

during the Darfield event. Figure 4a shows the 

time-frequency H/V spectra of the station REHS. The ratio 

did not show dominant frequency shift effect in the strong 

motion portion of the 2010 Darfield earthquake. Only shows 

a little de-amplification in the middle frequency band 

(Figure 4b). The response on 2011 Christchurch earthquake 

shows a different response in Figure 5. Figure 5a shows the 

time-frequency H/V spectra of REHS station during the 

2011 Christchurch earthquake. The dominant frequency shift 

to lower frequency is clearly shown in the result of the red 

window. For the latter portion of weak motion part, the 

dominant frequency shift back to higher frequency. But it 

could not back to the frequency as that from previous weak 

motions due to the soil liquefaction effect (Figure 5b). 

For understanding the dominant frequency variation 

with respective to time for the station REHS, we collected 

all the data recorded by the station REHS from 2000. Except 

the PGA great and equal 60 gals events, all the H/V ratios of 

the weak motion events with PGA < 60 gals are averaged. 

The variation of the dominant frequency with time is shown 

in Figure 6. Time periods are separated into five periods: 

before Darfield earthquake (black symbol), during Darfield 

earthquake (green symbol), before Christchurch earthquake 

(blue symbol), during Christchurch earthquake (red symbol), 

and after Christchurch earthquake (purple symbol). Circles 

mean the average results for events with PGA < 60 gals 

within the time period shown in the x-axis. It is clearly show 

that the dominant frequency keep around the same from 

beginning to the period of before the Christchurch 

earthquake. During the Christchurch earthquake, it shifted to 

lower frequency and did not move back to the original 

frequency until March 2011. After April 2011, it shows 

around the same as that before the 2010 Darfield mainshock. 

This phenomenon also shown as the shear wave velocity 

reduction found in the case of the 1995 Kobe earthquake 

(Aguirre and Irikura 1997). 

 

3.2 Quantitative Analysis of Nonlinearity 

In previous study, the strong and weak motion’s H/V 

spectral ratios are compared to show the nonlinearity 

qualitatively. Some stations are not easy to clarify it had 

nonlinear response or not. So, Wen et al. (2006b) identify the 

nonlinearity, quantitatively, by the deviation between the 

H/V spectral ratios of strong and weak motions. Which was 

compared the deviation with the standard deviation of the 

weak motion and calculated as follow: 
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where s(f) is the H/V ratio of the strong motion event, w(f) 
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to use the quantitative index of nonlinear site response DNL 

(Degree of Non-Linear site response) defined as follow:
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where Rstrong and Rweak are H/V spectral ratio of the strong 

and weak motions, and sum it from 0.5 to 20 Hz frequency 

band. 

Due to only a few stations have weak motion records 

before the 2010 Darfield earthquake (we can found from the 

web recently), we selected the weak motion events before 

the 2011 Christchurch earthquake to quantitatively analyze 

the H/V ratios of strong and weak motion for other stations. 

The DNL values are calculated from the strong motion 

window (e.g. Red window in Figures 4 and 5) of the 2010 

Darfield and 2011 Christchurch earthquakes. Compared with 

the liquefaction areas of the Christchurch earthquake in 

Figure 3b, we can found that the liquefaction areas located in 

the high DNL value and high PGA value (Figure 2) areas. 

 

 

4.  CONCLUSIONS AND DISCUSSIONS 

 

Liquefaction hazard occurred in the Christchurch area 

during the 2010 Darfield, New Zealand earthquake sequence. 

In this study, the horizontal-to-vertical spectral ratio method 

is used to identify the nonlinear site effects during the 

earthquake sequence. The preliminary results show that the 

nonlinear site effects existed in most alluvium area. The 

DNL between the H/V ratios of strong motion and weak 

motion are calculated in the frequency band of 0.5~20 Hz 

(Figure 7). The liquefaction areas are within the high DNL 

and high PGA areas. Figure 8 compares the DNL values and 

the PGAs for stations near Christchurch area. The DNL 

value seems has positive relationship with PGA value except 
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some data points. 

Due to the strong motion stations of the GeoNet do not 

have Vs30 information, the DNL value can not compare 

with the Vs30 now. Figure 8 also tries to compare the DNL 

with the site classification of the strong motion station. Most 

data shown in Figure 8 are site class D, it cannot show the 

relationship between DNL and site condition. If it can have 

more detail information, for example the Vs30, then we can 

compare the DNL value with Vs30. This information will be 

useful for engineering application. 
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(a) 

 
(b) 

Figure 1  (a) Strong motion station distribution in New 

Zealand; (b) Strong motion stations near the 

Christchurch area. Red triangles show the stations 

recorded more than five events before the Darfield 

earthquake. 
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(a) 

 

 

 
(b) 

Figure 2  PGA contours for (a) 2010 Darfield earthquake, and (b) 2011 Christchurch earthquake. 

 

 

(a) 

 

(b) 
Figure 3  Liquefaction distribution in the Christchurch area during the (a) 2010 Darfield earthquake and (b) 2011 

Christchurch earthquake. Brown color areas are the severe damage areas. 
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(a) (b) 

Figure 4  The time-frequency H/V spectra of the station REHS during the 2010 Darfield earthquake. (a) Time-frequency H/V 

spectra; (b) H/V ratios of different windows as shown in Figure 3a. Black lines are the weak motion results before the 2010 

Darfield earthquake. 

 

(a) (b) 
Figure 5  The time-frequency H/V spectra of the station REHS during the 2011 Christchurch earthquake. (a) Time-frequency 

H/V spectra; (b) H/V ratios of different windows as shown in Figure 4a. Black lines are the weak motion results before the 

2010 Darfield earthquake. 
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Figure 6  Variation of the dominant frequency with time for 

station REHS by using the data from 2000 to May 

2011. It clear shows that the dominant frequency shift 

to lower frequency during the 2011 Christchurch 

earthquake and back to around the same frequency 

range after April 2011. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
(a) 

 
(b) 

Figure 7  DNL distribution of the (a) 2010 Darfield 

earthquake, and (b) 2011 Christchurch earthquake. 

 

 

 
Figure 8  Comparison of the DNL with the PGA value. 

 

- 186 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering / 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 
 
 
 
 

ESTIMATION OF BEDROCK STRUCTURE FROM MICROTREMOR MEASUREMENTS 
IN KOCHI PLAIN, JAPAN 

 
 

Hiroshi Arai1), Shinsuke Nakata2), and Yoshiro Kai3) 
 
 

1) Senior Researcher, Building Dept., National Institute for Land and Infrastructure Management, MLIT, Japan 
2) Prof., Head, Research Organization for Regional Alliance, Center for Regional Alliances, Kochi University of Technology, Japan 

3) Prof., School of Systems Engineering, Kochi University of Technology, Japan 
arai-h92ta@nilim.go.jp, nakata.shinsuke@kochi-tech.ac.jp, kai.yoshiro@kochi-tech.ac.jp 

 
 

Abstract:  Microtremor measurement using one three-component sensor was conducted at 125 sites in the Kochi plain, 
Japan, where is highly at risk of damage due to the forthcoming Nankai earthquake. For these sites, the horizontal-to- 
vertical (H/V) spectral ratios of microtremors were then determined. Based on the relationship between the H/V peak 
periods of microtremors and the depths to seismic bedrock with VS over 1 km/s from available borehole data, the two- 
dimensional bedrock structures across the plain are roughly estimated. This confirms that microtremor H/V spectrum 
could be an effective tool for estimating multi-dimensional bedrock structure of sedimentary deposit. 

 
 
1.  INTRODUCTION 2.  MICROTREMOR MEASUREMENTS 
  

Kochi, the core city in the southern part of Shikoku 
Island, Japan, is highly at risk of damage due to the 
forthcoming Nankai earthquake. The city of Kochi is 
situated on a plain formed by several rivers (called Kochi 
plain), and its geological setting could be a deep sedimentary 
deposit. From catastrophic earthquakes in the last several 
decades, it has been widely recognized that the site effect 
evaluation is one of the key components for preventing or 
mitigating earthquake disasters. 

Figure 1 shows a map of the Kochi plain, indicating 
125 sites where microtremor measurement with one three- 
component sensor was conducted (solid circles and 
triangles). These stations are fallen on six observation lines, 
one with the west-east (W-E) direction and remaining five 
with the north-south (N-S) directions, which are crossing the 
plain as shown in the figure. The distance between two 
adjacent stations ranged from 50 to 200 m, depending on the 
variation of microtremor H/V spectrum with distance. 

To evaluate site effects quantitatively, one-, two-, or 
three-dimensional S-wave velocity (VS) structure of 
sedimentary deposit should properly be determined down to 
seismic bedrock. In the Kochi area, however, deep VS 
structure of the sediment has not been investigated at all. 

Sites X1-X5 and Y1-Y5 shown in Figure 1 are typical 
stations along the W-E and the N-S observation lines, 
respectively. Sites X2-X5 and Y2-Y4 are located within the 
plain while Sites X1, Y1, and Y5 are on the hill areas 
surrounding the plain. 

The measurement system used consists of amplifiers, 
low-pass filters, 24-bit A/D converters, and a three- 
component velocity sensor unit with a natural period of 5 s, 
which are built in a portable case; and a note-type computer 
as shown in Photo 1. At each site, microtremor motions were 
measured for 5-10 minutes, and digitized with equi-interval 
of 0.005 s. Eight to 16 sets of data with 4096 points each 
were selected from the digitized motions excluding traffic- 
induced vibrations, and used for the following analyses. 

It is too expensive and time-consuming to estimate 
multi-dimensional deep VS profiles using conventional 
geophysical or geotechnical methods because of a large 
number of boreholes needed. For this purpose, the 
microtremor horizontal-to-vertical (H/V) spectrum method 
originally proposed by Nakamura (1989) has been 
developing for one-, two-, or three-dimensional VS profiling 
in an economical manner. Recent studies have indicated that 
the H/V spectrum of microtremor at a site reveals that of 
Rayleigh or surface waves (e.g., Tokimatsu and Miyadera 
1992, Tokimatsu 1997, Arai and Tokimatsu 2004) and that 
the three-dimensional VS structure can be estimated from 
microtremor H/V data (e.g., Arai and Tokimatsu 2008). 

 
 
3.  H/V SPECTRA OF MICROTREMORS 
 

The H/V spectral ratio of microtremors at a period T, 
(H/V)m(T), is defined as  

Thus, the objective of this study is to explore the 
applicability of multi-dimensional VS profiling (mainly 
bedrock structure estimation) using microtremors based on 
the field investigation conducted in the Kochi plain. 
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Figure 1  Map Showing Observation Lines and Sites for Microtremor Measurements in Kochi Plain 
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where PUD(T) is the Fourier power spectrum of vertical 
motion, and PNS(T) and PEW(T) are those of two orthogonal 
horizontal motions. The power spectra are determined by 
using the direct segment method (Capon 1969) without any 
smoothing window. The microtremor H/V spectra are then 
determined for all the observation stations. 

The microtremor H/V spectra at Sites X1-X5 and 
Y1-Y5 are shown as solid lines in Figures 2 and 3, 
respectively. At Sites X1, Y1, and Y5 located on the hills, the 
observed H/V spectra have no significant peaks. This 
suggests that the bedrock could outcrop at these sites. At 
Sites X2-X5 and Y2-Y4 located within the plain, on the 
other hand, the observed H/V spectra have significant peaks. 
Along the W-E observation line X1-X5, the H/V peak period 
increases eastward, i.e., from 0.4-0.7 s at Sites X2-X3 to 
1-1.3 s at Sites X4-X5. The H/V peak periods at Sites Y2-Y4 
vary from 0.4 to 0.7 s along the N-S observation line Y1-Y5. 
These variations of H/V peak periods suggest that the VS 
profile varies drastically along the lines passing through 
Sites X1-X5 and Y1-Y5. Similar reports can be found in the 
previous studies by Mori et al. (2001). 

Photo 1  Microtremor Measurement System Used 
 
 
4.  BEDROCK STRUCTURE ESTIMATION USING 
MICROTREMOR H/V SPECTRA 
 
4.1  Relationship between H/V Peak Period and 
Bedrock Depth in Kochi Plain 

On the target area, PS-logging data down to the Tertiary 
granite (seismic bedrock in the area) with VS over 1 km/s are 
available at Sites B1-B9 shown as solid triangles in Figure 1 
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Figure 2  H/V Spectra of Microtremors at Sites X1-X5 along West-East Observation Line in Kochi Plain 
 
 
 
 
 
 
 
 
 
 
 

Figure 3  H/V Spectra of Microtremors at Sites Y1-Y5 along North-South Observation Line in Kochi Plain 
 

(Editorial Committee for Ground Diagram of Kochi 1992), 
where microtremor three-component motions were observed 
and their H/V spectra were determined. The depths to the 
seismic bedrock from the borehole data, DB (in m), are 
shown in Figure 4 against the microtremor H/V peak periods, 
TP (in s), for the sites. There is a good correlation between 
the two, which is defined as  

50 75= ∼B PD T PT                           (2) 

 

Figure 4  Relationship between H/V Peak Periods of 

served at the site is 
show

ain could approximately be 
estim

ochi Plain 
Figures 6 and 7 show two-dimensional (2-D) seismic 

W-E and the N-S 
obse

er 1 km/s varies from place to 
plac

Microtremors and Depths to Seismic Bedrock with VS over 
1 km/s from Boreholes in Kochi Plain 

Figure 5(a) shows subsurface VS profile at Site B4, and 
the H/V spectrum of microtremors ob

n in Figure 5(b) by solid line. Chained and broken lines 
in Figure 5(b) indicate H/V spectra of fundamental Rayleigh 
modes (Haskell 1953) at the site, which are computed from 
the velocity structures down to seismic and engineering 
bedrocks with VS over 1 km/s and 400 m/s, respectively. 
From Figures 5(a) and 5(b), it is suggested that the 
microtremor H/V peak in the target area could mainly be 
controlled by seismic bedrock structure rather than 
engineering bedrock structure. 

Thus, the depth to the seismic bedrock with VS greater 
than 1 km/s in the Kochi pl

ated using Eq. (2). 
 
4.2  Bedrock Structure of K

bedrock structures thus determined for the 
rvation lines X1-X5 and Y1-Y5, respectively. Solid 

circles and squares shown in the figures indicate the seismic 
and engineering bedrock depths, respectively, which are 
based on additional borehole data except those at Sites 
B1-B9 employed for Figures 4 and 5. In Figures 6 and 7, the 
seismic bedrock structures estimated from microtremors are 
roughly in good agreement with the borehole data added, 
indicating that the estimated bedrock structures in the plain 
could reliably be reasonable. 

With Figures 6 and 7, it is suggested that the depth to 
seismic bedrock having VS ov

e within the Kochi plain. Bedrock almost outcrops near 
the edge zone of the plain (e.g., Sites X1, Y1, and Y5), but 
dips moderately toward the western area in the plain (Sites 
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Figure 5  (a) VS Profile, and (b) Observed and Theoretical H/V Spectra at Site B4 in Kochi Plain 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6  Two-Dimensional Seismic Bedrock Structure Estimated from Microtremors along West-East Observation Line 
(Sites X1-X5) in Kochi Plain 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7  Two-Dimensional Seismic Bedrock Structure Estimated from Microtremors along North-South Observation 
Line (Sites Y1-Y5) in Kochi Plain 
 

X2-X3, Y2-Y4) and their depths estimated are 20-60 m. 
These figures also suggest that a 1 km-wide hidden valley 
with a maximum depth of 100 m runs from the north to the 
south in the central part of the plain. Probably, the valley 

formed by stream erosion during ice ages, when the sea level 
was much lower than that of today, has been buried by 
stream deposition in the recent epoch. 
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5.  CONCLUSIONS 
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the horizontal-to-vertical (H/V) spectral ratios of 
microtremors for the sites were then determined. Based on 
the relationship between the H/V peak periods of 
microtremors and the depths to seismic bedrock with VS 
over 1 km/s from available borehole data, the two- 
dimensional bedrock structures across the plain are roughly 
estimated. This confirms that microtremor H/V spectrum 
could be an effective tool for estimating multi-dimensional 
bedrock structure of sedimentary deposit. 
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Abstract:  During the 2011 of Off the Pacific Coast of Tohoku Earthquake (Mw 9.0), Japan, large ground responses for 
a period of 4 to 5 seconds were observed in Oyama at the frontier between Tochigi and Ibaraki Prefectures. Geophysical 
information in these areas is not enough to evaluate earthquake ground motions. To understand S-wave velocity structures, 
therefore, we performed array microtremors observations for radii of 30 m to 1.5 km and a single-staion of microtremors 
observation in Oyama, Tochigi Prefecture where the seismic station of TCG012 by K-NET is located. To estimate the 
S-wave velocity structure in this site, we applied the SPAC method to array microtremors data for vertical components. 
The estimated S-wave velocity structure reached to the seismic bed rock at the depth of about 1.6 km. The estimated 
S-wave velocity structure could explain the dominant period of H/V spectral ratio of microtremors. 

 
 
1.  INTRODUCTION 

 

During the 2011 of Off the Pacific Coast of Tohoku 

Earthquake (Mw 9.0), Japan, large ground responses for a 

period of 4 to 5 seconds were observed in Oyama at the 

frontier between Tochigi and Ibaraki Prefectures. 

Geophysical information in these areas is not enough to 

evaluate earthquake ground motions. Also, previous studies 

by Dhakal and Yamanaka (2011a, b) suggested that the 1-D 

velocity profile beneath the seismic station of TCG012 

(Oyama) by K-NET needs some modifications to explain 

the observed long-period S-waveforms at the site. To 

understand deep S-wave velocity structures, therefore, we 

performed array microtremors observations and a 

single-staion of microtremors observation in Oyama, 

Tochigi Prefecture. 

 

2.  MICROTREMORS OBSERVATIONS 

 

2.1  Observations 

We performed array microtremors observations in 

Oyama, Tochigi Prefecture where the seismic station of 

TCG012 by K-NET is located. To understand a S-wave 

velocity structure in this site, we adopted double circular 

arrays of 3 different radii of 30 m to 1.5 km. Also, we 

performed a single-station of microtremors observation at 

the central station of arrays where the seismic station of 

TCG012 is exactly installed. We used the over-damped 

moving-coil type accelerometers with a flat frequency range 

from 0.1 to 80 Hz for these observations. The details of 

observations are shown in Table 1. The location of array 

microtremors observations and the array configurations are 

shown Figure 1a and 1b, respectively. 

In Figure 2, velocities of vertical components for arrays 

of 200 and 400 m integrated by raw acceleration data and 

processed by the band pass filter of frequency range between 

0.2 and 2 Hz. The coherent wave packets for a period of 

about 3 seconds are clearly recorded at all the stations. In 

Figure 3, Fourier spectra for the velocities (Figure 2) without 

filtering process are shown. The amplitudes of these Fourier 

spectra are quite similar in the frequency range between 0.2 

and 5 Hz. The discrepancy of amplitudes for higher 

frequencies than 5 Hz indicates that the local site conditions 

for each station are different within the array of 400 m. 

 

Table 1. Details of array microtremors observations. 
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Figure 1a. Location of array microtremors observations. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1b. Array configurations. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2. Velocities of vertical components for the arrays of 

of radii of 200 and 400m processed by the band pass filter of 

frequency range between 0.2 and 2 Hz. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3. Fourier spectra for the velocities shown in Figure 2 

without filtering process. 

 

2.2  SPAC coefficients and phase velocities of Rayleigh 

waves 

We applied the SPAC method (Okada, 2003) to array 

microtremors data for vertical components, to obtain the 

phase velocity of Rayleigh waves. SPAC coefficients against 

frequencies for different radii are shown in Figure 4. For 

example, SPAC coefficients for the array of radius of 30 m 

have nearly 1 up to 1 Hz, due to large phase velocity for 

lower frequency than 1 Hz. On the other hand, SPAC 

coefficients for the array of radius of 200 m have nearly 1 up 

to 0.4 Hz. These SPAC coefficients have shapes of the 

zero-order Bessel function of the first kind. In Figure 5, 

SPAC coefficients against radii for different frequencies are 

shown. The SPAC coefficients observed could fit the 

zero-order Bessel function of the first kind for different 

frequencies as shown in Figure 5. The both SPAC 

coefficients against frequencies and radii observed in this 

study could explain the zero-order Bessel function of the 

first kind in the frequency range between 0.4 and 4 Hz. 

Finally, we obtained the phase velocities of Rayleigh waves 

in the frequency range between 0.4 and 4 Hz as shown in 

Figure 6. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4. SPAC coefficients against frequencies for different 

radii (1500, 750, 400, 200, 80 and 30m). 
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Figure 5. SPAC coefficients against radii for different 

frequencies (0.4, 0.7, 1.0 and 1.4Hz). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 6. Phase velocities of Rayleigh waves observed at 

TCG012. Also, phase velocities inverted in this study and 

calculated using the model proposed by Yamanaka and 

Yamada (2006) are shown. 

 

3.  ESTIMATED S-WAVE VELOCITY STRUCTURE 

AT TCG012 (OYAMA) 

 

    To invert the observed phase velocities of Rayleigh 

waves to the S-wave velocity structure, we applied the 

Genetic Algorithm after Yamanaka and Ishida (1996). As the 

estimated S-wave velocity structure, we adopted the model 

with the minimum misfit of the residual between the 

observed phase velocities and those calculated. The fitting of 

phase velocities of the fundamental model Rayleigh waves 

calculated using the estimated S-wave velocity structure to 

those observed is shown in Figure 6. The calculated phase 

velocities match well those observed in the frequency range 

between 0.4 and 4 Hz. We obtained the S-wave velocity 

structure to seismic bed rock (Vs 3.5 km/sec) as shown in 

Figure 7. We compared the estimated S-wave velocity 

structure to the model reported by Yamanaka and Yamada 

(2006) which proposed the 3-D velocity model in the Kanto 

Basin. The most different part of both S-wave velocity 

models is a shear wave velocity of the layer at a depth of 

about 200 to 700 m. In Figure 6, the phase velocities of 

Rayleigh waves calculated using Yamanaka and Yamada’s 
model are shown. The observed phase velocities are slower 

than those calculated using Yamanaka and Yamada’s model 

in the lower frequency than 1 Hz. It is due to no geophysical 

information of velocity structures in this site for the 3-D 

basin structure proposed by Yamanaka and Yamada (2006). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 7. Estimated S-wave velocity structure and the model 

proposed by Yamanaka and Yamada (2006). 

 

4.  COMPARISON OF THE CALCULATED H/V 

SPECTRAL RATIO TO THE OBSERVED H/V 

SPECTRAL RATIO 

 

     To verify the S-wave velocity structures estimated in 

this study (Figure 7), we compared the ellipticity (H/V) of 

fundamental mode Rayleigh waves calculated using the 

estimated velocity structure to the H/V spectral ratio 

observed in Figure 8. The H/V spectral ratio calculated using 

the estimated S-wave velocity structure is in a good 

agreement with the observation for the dominant period of 5 

seconds. The H/V spectral ratio calculated using Yamanaka 

and Yamada’s model is also shown in Figure 8. The H/V 

spectral ratio for Yamanaka and Yamada’s model dominated 

at a period of 2 to 4 seconds. The H/V spectral ratios 

calculated using both models could not explain the 

observations for lower periods than 1 second.  
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Figure 8. Comparison of the H/V spectral ratio observed to 

those calculated using the estimated S-wave velocity 

structure in this study and the model proposed by Yamanaka 

and Yamada (2006). 

 

5.  CONCLUSIONS 

 

    We performed array microtremors observations and a 

single-station of microtremors in Oyama, Tochigi Prefecture 

where the seismic station of TCG012 by K-NET is located. 

We applied the SPAC method to array microtremors data 

and obtained the phase velocities of Rayleigh waves in the 

frequency range between 0.4 and 4Hz. By the inversion 

method of the Genetic Algorithm for the observed phase 

velocities, we estimated the S-wave velocity structure to the 

seismic bed rock. The ellipticity of the fundamental mode 

Rayleigh waves calculated using the estimated S-wave 

velocity structure could explain the H/V spectral ratio 

observed for the dominant period of 5 seconds. 
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Abstract: We are beginning to carry out very dense seismic array observation in Furukawa, Miyagi, Japan, where is
severely damaged area by earthquake ground motions the 2011 off the Pacific coast of Tohoku earthquake. In this area,
it is observed that an anomaly of damage distribution of structures. To understand the anomaly of damage, we are
setting sensors with interval less than 500m and building up network-connected observation system. We will present
the system and some observed data and discussion. Some data of ground motions by after shocks are observed and we
can recognize non-uniform motions in small area.

1. INTRODUCTION

The 2011 off the Pacific coast of Tohoku earthquake
(hereafter, we call this “Tohoku Earthquake”) have bought
destructive damage to huge area of Japan. the northern part
of of Japan. Sever damage were found in huge area around
Kanto and Tohoku region, where are mid and northern area
of Japan, respectively. Tsunami has attacked to the Pacific
coast of Tohoku region and the damage caused by lique-
faction were found at very large area around Kanto and
southern Tohoku region.

On the other hand, damage caused by earthquake
ground motions was fewer than damage by Tsunami
and liquefaction, though very large accelerations were
recorded at many sites. They seem to pay few attention
to damage by ground motions. However, sever damage
by motions was recognized at some limited areas, such as
Furukawa, Tome, and so on.

After the earthquake, we have carried out the detailed
survey of damage in Furukawa, where is located in north-
ern part of Miyagi prefecture. Although the downtown of
Furukawa is not so large, that is, only about 2 km x 2 km,
the damage distribution was not uniform. Severe damage
of wooden structures was found mainly in the southern
part of the downtown and few damage in northern part. Of
course, we have to consider the differences of structural

ages, but the anomaly of damage distribution had enough
persuasive to suggest anomaly of earthquake ground mo-
tions.

To understand the anomaly of damage distribution, we
began observation of earthquake ground motions using
very dense sensors in Furukawa. In the area of 2 km x
2 km of downtown, we have installed 19 sensors by this
time. We introduce the observation system and some pre-
liminary results obtained from the records.

2. ABOUT FURUKAWA

Furukawa is located in the northern part of Miyagi pre-
fecture, Japan, where is about 35-km north of Sendai.
The peak ground acceleration (PGA) and seismic intensity
were 586 Gal and 6+ in the scale of JMA (Japan Meteoro-
logical Agency) at Furukawa station (MYG006) of K-NET
system organized by NIED (National Research Institute
for Earth Science and Disaster Prevention). Fig.1 shows
the location of Furukawa and seismic intensities around
Furukawa station of K-NET. The largest intensity, 7 and
PGA, 2933 Gal were recorded at Tsukidate (MYG004),
where is located at only 18 km north of Furukawa. Al-
though there were very few damage around Tsukidate sta-
tion, severe damage of wooden structures was found in the
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Figure 1 Location of Furukawa and seismic intensities in the scale of JMA at K-NET stations around Furukawa during
Tohoku Earthquake.
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Figure 2 Location of severely damaged structures and liq-
uefaction in the downtown of Furukawa. This map shows
also two seismic observation stations, K-NET MYG006
and JMA Furukawa.

downtown of Furukawa.
After the Tohoku Earthquake, we have surveyed the

damage of Furukawa. Fig.2 shows the location of severely
damaged structures and liquefaction in the downtown of
Furukawa. From this map, it seems to be observed that
damage clusters around southern part of the downtown.

To discuss characteristics of ground motions at Tsuki-
date and Furukawa, the seismic records are compared.
Fig.3 shows seismic records during the Tohoku Earth-
quake at Tsukidate (MYG004) and Furukawa, where data
at two stations were available in Furukawa, that is, K-

NET station (MYG006) and JMA station. The location
of these two stations are shown in Fig.2. The compo-
nents with high frequency predominate for the records at
Tsukidate, though components around 1 second for Fu-
rukawa. Fig.3 shows also response spectra during 1995
Hyogo-ken Nanbu (Kobe) earthquake. It is observed that
the spectra of Furukawa show similar shapes to ones of
Kobe earthquake, which has caused destructive damage of
structures. Furthermore, the spectral shapes of JMA Fu-
rukawa is more similar to Kobe than ones of MYG006. It
is noted that JMA Furukawa is closer to the severely dam-
aged area than MYG006. This suggests that the power of
ground motions around 1 second plays an important role
for the damage of structures and that spatial variations of
ground motions are critical properties for the damage.

3. INSTALLATION OF SENSORS

Under the background as described in the previous sec-
tion, we have decided to carry out the seismic observation
at Furukawa. We installed many sensors into the down-
town as a dense array to discuss the spatial variation and
to know the cause of the anomaly of damage distribu-
tions, because the existing seismic observation stations,
MYG006 and JMA Furukawa, are not enough for our pur-
pose.

To reduce the cost of the sensors, we adopted ITK sys-
tem, which is not so expensive and provide enough ac-
curacy to observe the earthquake ground motions. The
system requires AC power supply and connection to the
Internet for data streaming and maintenance. Thus, we
consider the follows:
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Figure 3 Relative velocity response spectra of earthquake
ground motions during the Tohoku Earthquake at Tsuki-
date (K-NET MYG004) and Furukawa (K-NET MYG006
and JMA Furukawa).

Figure 4 Typical setting of ITK sensor at a site.

• The sensors should be set in the downtown and cover
anomaly of damage distribution: from severe damage
to less or no damage.

• The observed data should be open for anyone to ac-
cess.

• The sensors may be set at private and public spaces
with AC power supply and Internet connections.

• The system can be used as an educational material,
in which people consider earthquake disaster mitiga-
tion.

The original system of ITK uses the NTP (network
time protocol) to synchronize the data. NTP can pro-
vide enough accuracy of time for a closed network sys-
tem, however, it cannot provide enough in a case where the
packets of NTP pass through gateway or router. To insure
the time accuracy of data, we modified the ITK system to
adjusted to the clock signal from GPS (global positioning
system). An example of setting of the sensor is shown in
Fig.4.

We asked for cooperation of citizens through the city of-
fice. It was difficult for them to understand the objective of
the observation and for us to gain their trust. Once we get
the support from some people, they introduced some other
people who are interested in the this project and helped us

MYG006

JMA Furukawa

Figure 5 Location of sensors.

Figure 6 View of intensity by a past earthquake.

extend the observation network. As a result, we have in-
stalled 19 sensors during September to December of 2011.
Most of sensors are located inside of 2 km x 2 km area of
downtown as shown in Fig.5. The interval of sensors are
less than about 500 m and they construct very dense array
network.

This kind of dense array is really unique as an applica-
tion of the seismic sensor network. The observation sites
depends on the conditions of AC power supply and net-
work connection, however, we tried to find sites which
have equi-intervals. Some of the sensors are set very
closely such as Site F06 and F07. They are located in-
side of one resident premise, but one is set on the original
ground, the other is set on the improved soil. A a structure
has been collapsed by the earthquake at Site F07 and they
reconstructed a new structure after improving the ground.

The sensors are fixed on a concrete slab using gypsum as
shown in Fig.5. Whole the sensors are oriented to north,
however, the accuracy of the bearings is not so good be-
cause we used a compass to get the bearings. After in-
stalling the sensors, we corrected the bearings using the
observed data under an assumption that the seismic waves
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Figure 7 Equi-valued lines for normalized and averaged
seismic intensities. Value 50 is equal to averaged inten-
sity and 10 corresponds to value of one standard deviation.
Darker area shows relatively smaller intensity.

have very few spatial variations for the component with
long period.

The observed data is sent to the sever computer succes-
sionally through the Internet. The data are stored as one-
minute files and the data are presented as time histories on
a web browser in pseudo-real-time. This is very useful to
provide the data to any people and to monitor the condition
of remote sensors. However, people who are interested in
the observation, do not want to see time histories. The
time histories can provide no attraction to them, because
the time histories are time histories. They wanted to know
the intensity of ground motion immediately after the earth-
quake occurs. Thus, we have attached the system to show
the real-time intensity on the web and intensities by past
earthquakes.

4. OBSERVED DATA

We can observe many aftershocks after setting the sen-
sors. However, some of the sensors are in trouble always.
So, it is very difficult to obtain the data simultaneously
at whole the sites. Ground motions larger than intensity 0
were observed more than 30 per month in average. Ground
motions of intensity 2 and 3 are about once per week and
once per month, respectively.

Fig.6 shows an example of intensities, where the intensi-
ties are shown to one places of decimals to represent their
differences among the sites. The JMA seismic intensity
can be obtained by a value rounded to unit. The anomaly
of the intensities depends on earthquakes, though maxi-
mum differences of them are 0.2 to 0.6. This means that
we may find one-level difference of JMA seismic intensi-
ties for the very small area with only 2 km x 2 km.

The anomaly of the ground motions shows a specific
characters for many observed data: some sites show rel-
atively large intensity, and other sites not so large. We
normalize and average data with respect to the intensities

Figure 8 Estimated distribution of intensities provided by
Osaki city government. The colors show the values of es-
timated intensities: orange stands for 6- and red and pink
for 6+.

of more than 0.5 and draw an contour lines as shown in
Fig.7. The contour lines show the relative differences of
intensities. It is observed from this figure that intensities
around northern area is smaller than around southern area.
This properties may have some relationship to the damage
distributions.

Before the Tohoku Earthquake, Osaki city government
provided the maps which show estimated intensities by
some scenario earthquakes. One of the maps as shown in
Fig.8 agrees very well with the distribution of the intensi-
ties obtained through our observed data. The estimated in-
tensities may be obtained from information about surface
geologies. This means that the intensities are affected by
very shallow structure of ground in this area and may sug-
gest that this area consists of very shallow sediments and
the large ratio of acoustic impedance between sediments
and basement.

5. CONCLUSIONS

We have installed 19 sensors into the downtown of Fu-
rukawa, Miyagi prefecture, Japan to discuss the cause of
anomaly of damage distributions. More than 100 data have
been recorded including more than three motions with in-
tensity 3 of JMA scale for only three months. Anomaly
of seismic intensities are found through the observed data,
and it seems to agree with the damage distributions. Fur-
thermore, the distribution of the intensities obtained from
the observations shows good correspondence to the esti-
mated distribution of intensities obtained from information
about surface geologies.

As future study, we will try to determine the ground
structure using the observed data and discuss the cause of
the anomaly of damage distributions.
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Abstract: Building codes in the U.S. require at least two horizontal ground motion components for three-dimensional 
(3D) response history analysis (RHA) of structures. For sites within 5 km of an active fault, these records should be 
rotated to fault-normal/fault-parallel (FN/FP) directions, and two RHA analyses should be performed separately (when 
FN and then FP are aligned with transverse direction of the structural axes). It is assumed that this approach will lead to 
two sets of responses that envelope the range of possible responses over all non-redundant rotation angles. This 
assumption is examined here using 3D computer models of a single-story structure having symmetric (that is, 
torsionally-stiff) and asymmetric (that is, torsionally flexible) layouts subjected to an ensemble of bi-directional near-fault 
strong ground motions with and without apparent velocity pulses. In this parametric study, the elastic vibration period of 
the structures is varied from 0.2 to 5 seconds, and yield strength reduction factors R is varied from a value that leads to 
linear-elastic design to 3 and 5. The influence that the rotation angle of the ground motion has on several engineering 
demand parameters (EDPs) is examined in linear-elastic and nonlinear-inelastic domains to form a benchmark for 
evaluating the use of the FN/FP directions as well as the maximum-direction (MD) ground motion, a new definition of 
horizontal ground motions for use in the seismic design of structures according to the 2009 NEHRP Provisions and 
Commentary.  

 
 
1.  INTRODUCTION 
 

In United States, both the California Building Code 
(ICBO, 2010) and International Building Code (ICBO, 
2009) refer to ASCE/SEI-7 Chapter 16 (ASCE, 2010) when 
RHA is required for design verification of building 
structures.  According to the ASCE/SEI-7 provisions, at 
least two horizontal ground motion components should be 
considered for three-dimensional (3D) response history 
analysis (RHA) of structures.  

As input for RHAs, strong motion networks provide 
users with ground accelerations recorded in three orthogonal 
directions–two horizontal and one vertical. The sensors 
recording horizontal accelerations are often oriented in 
North-South and East-West directions, although for some 
stations, sensors are oriented perpendicularly not coinciding 
with the cardinal system. These records with station-specific 
orientations are referred to as the “as-recorded” ground 
motions. 

Although the as-recorded pair of ground motion may 
be applied to the structural axes, there is no reason why the 
pair should not be applied to any other axes rotated about the 
structural vertical axis. Which angle, then, should one select 
for RHA remains a question for practitioners. 

This notion of rotating ground motion pairs has been 
studied previously in various contexts. According to earlier 
work of Penzien and Watabe (1975), the principal axis of a 

pair of ground motions is the angle or axis at which the two 
horizontal ground motion acceleration components are 
uncorrelated. Using this idea of principal axis, the effects of 
rotation angle, defined as the angle between the principal 
axes of the pair and the structural axes, on structural 
response was investigated (Franklin and Volker 1982; 
Fernandez-Davilla et al. 2000; MacRae and Matteis 2000; 
Tezcan and Alhan 2001; Khoshnoudian and Poursha 2004; 
Rigato and Medina 2007). A formula for estimating the 
angle that yields to peak responses over all possible 
non-redundant angles, called θcritical, was derived by Wilson 
(1995). Other researchers have improved upon the 
closed-form solution of Wilson (1995) by accounting for the 
statistical correlation of horizontal components of ground 
motion in an explicit way (Lopez and Tores, 1997; Lopez et 
al., 2000). The Wilson (1995) formula is, however, based on 
concepts from response spectrum analysis–an approximate 
procedure to estimate structural responses. Focusing on 
linear-elastic structures, Athanatopoulou (2004) investigated 
the effect of the rotation angle on structural response using 
RHAs, and provided formulas for determining the response 
at any rotation angle, given the response histories for two 
orthogonal orientations. Athanatopoulou (2004) also 
concluded that the critical angle corresponding to peak 
response over all angles varies not only with the ground 
motion pair under consideration, but with the response 
quantity, as well. However, no explanation was provided for 

- 201 -



 2 

the latter observation. 
According to the Section 1615A.1.25 of the California 

Building Code (ICBO, 2010), at sites within 3 miles (5 km) 
of the active fault that dominates the hazard, each pair of 
ground motion components shall be rotated to the 
fault-normal and fault-parallel (FN/FP) directions  (also 
called as strike-normal and strike-parallel directions) for 3D 
RHAs. It is assumed that this approach will lead to two sets 
of responses that envelope the range of possible responses 
over all non-redundant angles of rotation. This assumption is 
examined here in a parametric study utilizing 3D computer 
models of single-story structures having either symmetric 
(torsionally-stiff) or asymmetric (torsionally flexible) layouts 
subjected to bi-directional near-fault strong ground motions 
with and without apparent velocity pulses. 

The single-story structures selected represents 
symmetric- and asymmetric-plan buildings with elastic 
vibration period ranging from 0.2 to 5 seconds. The 
influence that the rotation angle (on horizontal plane) of the 
ground motion has on several engineering demand 
parameters (EDPs) is examined to form a benchmark for 
evaluating the use of the FN/FP directions. Also investigated 
are the rotation angle of an apparent velocity-pulse and its 
correlation with the FN/FP direction, as well as with the 
rotation angle of ground motion corresponding to peak 
structural response quantities.  

For comparison purposes, responses due to ground 
motions oriented in the so-called maximum direction (MD) 
(that is, the direction of rotated ground motion pair resulting 
in peak linear-elastic response quantity of a single lumped 
mass oscillator) are also included. The maximum-direction 
(MD) ground motion is a new definition of horizontal 
ground motions for use in the seismic design of structures 
according to the 2009 NEHRP Provisions and Commentary 
(BSSC 2009). It is argued that the proposed new ground 
motion definition introduces overconservative bias to design 
ground motions; the bias is toward overestimation of ground 
motion by amounts ranging from 10 to 30% depending on 
period (Stewart et al 2011).  

 
2.  SELECTED NEAR-FAULT GROUND MOTIONS 
 

The thirty near-fault strong motion records selected 
for this investigation were recorded from nine shallow 
crustal earthquakes compatible with the following scenario: 
• Moment magnitude: Mw=6.7±0.2 
• Closest distance: Rclosest<15 km 
• Record highest usable period≥6 sec 

Details of these ground motions including style of 
faulting information are given in Reyes and Kalkan (2012). 
These ground motions were rotated to the fault-normal (FN) 
and fault-parallel (FP) orientations using the following 
transformation equations: 

       (1) 
       (2) 

where β1=αstrike−α1, β2=αstrike−α2, αstrike is the strike of the 
fault, α1 and α2 are the azimuths of the instrument axes as 

shown in Figure 1a. Shown in Figure 2 are the 
5-percent-damped geometric-mean (termed “median” here 
after) response spectra for the FN and FP components of the 
unscaled ground motions. As expected, the ordinates of 
median spectra of FN components are larger than those of 
FP components, because the FN components of near-fault 
ground motions are generally stronger. The geometric-mean 
spectrum of thirty FN records is taken as the design 
spectrum for purposes of this investigation. 
 

 
Figure 1  (a) Reference axes for the fault and the instrument 

with relevant angles noted. (b) Reference axes for the 
building. 

 
The ground motions were additionally rotated θx° 

away from the FP axis as shown in Figure 1b. The angle θx 
varies from 5° to 360° every 5°. These rotations were 
conducted using equations (1) and (2) with the following 
modifications: (a) α1 and α2 were changed by θx and θy, 
respectively; (b) β1 and β2 were redefined as β1=αstrike−α1−θx 
and β2=αstrike−α2−θy. The x and y axes as well as the angles 
θx and θy are shown in Figure 1b. 

 

 
Figure 2  Geometric-mean of thirty response spectra of the 

selected near-fault ground-motions. Damping ratio 
5-percent. 

 
Figure 3 shows the response of a 

two-degree-of-freedom system with equal stiffness and 
damping ratio in the x and y directions subjected to the 
FN-FP components of a ground motion (i.e. θx=0). The 
maximum deformation of this system occurs at an angle θm 
away from the FP axis. This new orientation for the response 
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quantity of interest will be called in this research 
maximum-direction (MD). In the literature, the two 
perpendicular axes rotated θm from the FP axis are 
commonly called major (MA) and minor (MI) axes or 
simply principal axes. 

 

 
Figure 3  Trace of deformation orbit of a 

two-degree-of-freedom system with direction-independent 
stiffness and damping subjected to the FN-FP components 

of a ground motion; the maximum deformation occurs at θm.  
 
In the proximity of an active fault system, ground 

motions are significantly affected by the faulting mechanism, 
direction of rupture propagation relative to the site (e.g., 
forward directivity), as well as the possible static 
deformation of the ground surface associated with fling-step 
effects (Kalkan and Kunnath 2006). These near-source 
effects cause most of the seismic energy from the rupture to 
arrive in a single coherent long-period pulse of motion 
(Kalkan and Kunnath 2007, 2008). Ground motions having 
such a distinct pulse-like character arise in general at the 
beginning of the seismogram, and their effects tend to 
increase the pseudo-acceleration in the long-period portion 
of the spectrum (Golesorkhi and Gouchon 2002). Baker 
(2007) developed a numerical procedure to identify and 
characterize velocity pulses for ground motion records. We 
use this procedure to identify velocity pulses in rotated 
motions whose rotation angle is varied from 5° to 360° at an 
interval of 5°. Results of these analyses are presented in 
Reyes and Kalkan (2012).  
 
3.  STRUCTURAL SYSTEMS SELECTED 
 

The structures considered are 30 single-story buildings 
with three-degrees of freedom, vibration periods Tn equal to 
0.2, 1, 2, 3, and 5 sec., and yield strength reduction factors R 
equal to 3, 5, and a value that lead to linear-elastic design. 
The lateral resisting system of the buildings consists of 
buckling-restrained braced frames with 
non-moment-resisting beam-column connections. The plan 
shapes and bracing layouts are shown in Figure 4. The 
buildings are identified by the letters A and B depending on 
the plan shape; plan A is rectangular with two axes of 

symmetry, while plan B is asymmetric about both x and y 
axes. The design spectrum was taken as the geometric-mean 
of the 5-percent damped pseudo-acceleration response 
spectra of the FN-components of the records. The 
earthquake design forces were determined by bi-directional 
linear response spectrum analysis (RSA) of the building with 
the design spectrum reduced by a response modification 
factor R. 

 

 
Figure 4  Schematic plan views of the selected structural 

systems with degrees of freedom noted; buckling-restrained 
braced frames are highlighted. 

 
The constitutive model used for the buckling 

restrained braces (BRBs) is the simplified trilinear model 
shown in Figure 5. This model was obtained based on 
experimental results (Merrit et al. 2003). k and qy are equal 
for all BRBs of a building. 

Plots of mode shapes and effective modal masses 
presented in Reyes and Kalkan (2012) permit the following 
observations: (1) Lateral displacements dominate motion of 
the A-plan buildings in modes 1 and 2 whereas torsion 
dominates motion in the third mode, indicating weak 
coupling between lateral and torsional components of 
motion. Additionally, the period of the dominantly-torsional 
mode is much shorter than the periods of the 
dominantly-lateral modes, a property representative of 
buildings with lateral resisting systems located along the 
perimeter of the plan; (2) Coupled lateral-torsional motions 
occur in the first and third modes of the B-plan buildings, 
whereas lateral displacements dominate motion in the 
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second mode. According to the ASCE/SEI-7, plan B 
presents an extreme torsional irregularity; (3) The 
higher-mode contributions to response are expected to be 
significant for the B-type buildings because the effective 
mass of the first lateral modes is less than 40% of the total 
mass. 

 
Figure 5  Constitutive model used for the 

buckling-restrained braces (BRBs). 
 

4.  EVALUATION METHODOLOGY 
 

The following steps were implemented for evaluating 
the significance of the ground motion incidence angle on 
nonlinear behavior of buildings in near fault sites:  
1. For each of the thirty records selected for this 

investigation, calculate rotated ground motion 
components by varying θx from 0° to 360° every 5° (Fig. 
2b). The motions for θx=0° and 90° correspond to the 
FP and FN components of the record, respectively. In 
addition, calculate rotated ground motion components 
for θx=θm and θx=θm+90°. For estimating θm, use 
periods equal to 0.2, 1, 2, 3, and 5 sec. 

2. Calculate the 5-percent damped response spectrum A(T) 
for the FN-component of the 30 records at 300 
logarithmically spaced periods T over the period range 
from 0.001 to 6 sec. 

3. Implement an iterative procedure for designing the 30 
systems described previously using the geometric-mean 
spectrum of 30 FN components of Step 2 as the design 
spectrum. At the end of this step, values for k and qy are 
obtained for each BRB. Recall that the systems have 
vibration periods Tn equal to 0.2, 1, 2, 3, and 5 sec., and 

yield strength reduction factors R equal to 3, 5, and a 
value that lead to linear-elastic design. 

4. Conduct nonlinear RHAs of the 30 buildings subjected 
to bi-directional rotated components of ground motion 
obtained in Step 1. For each RHA, obtain floor 
displacements, floor accelerations, BRB plastic 
deformations, and BRB forces. This Step involves more 
than 34,000 nonlinear RHAs. 

 
5.  RESULTS 
 

Nonlinear RHA was implemented for the systems of 
this investigation subjected to two horizontal components of 
ground motion following the procedure of Section 4. Figure 
6 shows displacement ux at the center of mass (red line) as a 
function of the incidence angle θx for symmetric-plan 
buildings with Tn=2, 3 and 5 sec. subjected to ground 
motions with velocity-pulse period close to Tn. The filled 
gray area shows values of θx in which velocity pulses are 
identified for each record. Angles θx=0o and 90o correspond 
to the fault-parallel (FP) and fault-normal (FN) axes, 
respectively. Displacements ux at corner c2 (Figure 4) as a 
function of the incidence angle θx for asymmetric-plan 
buildings are shown in Figure 7. More comprehensive 
results including other response quantites (that is EDPs) are 
presented in Reyes and Kalkan (2012). 

Figures 6 and 7 permit the following observations: (1) 
Velocity-pulses may appear in directions different than the 
FN-direction; (2) The maximum displacement ux over all 
non-redundant orientations seems to be polarized in the 
direction in which apparent velocity-pulse with period close 
to Tn is observed; while this polarization is almost perfect for 
linear-elastic systems; it vanishes for nonlinear-inelastic 
system leading maximum displacement ux also occur in the 
direction in which apparent velocity-pulse with period close 
to Tn is not observed (white areas); this is attributed to period 
elongation due to inelastic action; (3) Displacements in the 
x-direction may be underestimated by more than 50% if a 
building is subjected to only the FN/FP components of a 
pulse-like ground motion; (4) There is no optimum 
orientation for a given structure; the incidence angle that 
leads to maximum displacement ux varies not only with the 
ground motion pair selected but also with the R value used in 
the design process of the building. 
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Figure 6  Displacement ux (red) at the center of mass as a function of the incidence angle θx for symmetric-plan 
buildings with Tn=2, 3 and 5 sec. and with R=3, 5 and a value that lead to linear-elastic design. Each building is 

subjected to ground motions with velocity-pulse period close to Tn. The filled gray area shows values of θx in which 
velocity pulses are identified for each rotated ground motion pair. Angles θx=0o and 90o correspond to the fault-parallel 

and fault-normal axes, respectively. 
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Figure 7  Displacement ux (red) at corner c2 identified in Figure 4 as a function of the incidence angle θx for 

asymmetric-plan buildings with Tn=2.0, 3.0 and 5.0 sec. and with R=3, 5 and a value that lead to linear-elastic design Each 
building is subjected to ground motions with velocity-pulse period close to Tn. The filled gray area shows values of θx in 

which velocity pulses are identified for each rotated ground motion pair. Angles θx=0o and 90o correspond to the 
fault-parallel and fault-normal axes, respectively. 
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Figure 8  Median displacements ux at the center of mass as a function of the incidence angle θx for symmetric-plan 
buildings with Tn=0.2, 1, 2, 3, and 5 sec and with R=3, 5 and a value that lead to linear-elastic design subjected to 30 
bi-directional motions. The red lines represent the median displacement ux ± one standard deviation. The blue circles 

represent the median MD-displacement umx ± one standard deviation for the systems subjected to bi-directional ground 
motions in the principal axes (MD stands for maximum direction). 
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Figure 9  Median displacements ux at corner c2 identified in Figure 4 as a function of the incidence angle θx for 

asymmetric-plan buildings with Tn=0.2, 1, 2, 3, and 5 sec and with R=3, 5 and a value that lead to linear-elastic design 
subjected to bi-directional motions . The red lines represent the median displacement ux ± one standard deviation. The blue 

circles represent the median MD-displacement umx ± one standard deviation for the systems subjected to bi-directional 
ground motions in the principal axes (MD stands for maximum direction). 
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For a selected earthquake scenario, it is commonly 
assumed that EDPs are lognormally distributed (Cornell et al 
2002); for this reason, it is more appropriate to represent the 
“mean” structural response by the median; a conclusion that 
is widely accepted. Because the geometric mean and median 
of a random variable having a lognormal distribution are the 
same, we decided to employ the term “median” instead of 
geometric mean, as is commonly done. Figure 8 shows 
median displacements ux at the center of mass as a function 
of the incidence angle θx for symmetric-plan buildings with 
Tn=0.2, 1, 2, 3, and 5 sec, and with R=3, 5 and a value that 
lead to linear-elastic design subjected to thirty bi-directional 
ground motions. The red lines represent the median 
displacement ux ± one standard deviation σ computed based 
on peak response values due to each ground motion pair at 
each non-redundant incidence angle. In these figures, the 
blue circles represent the median MD-displacement umx ± σ  
(that is, 

€ 

umx exp(±σ) ) for the systems subjected to ground 
motions only in the principal axes. Recall that MD stands for 
maximum direction (that is, the specific directions of rotated 
ground motion pair resulting in peak linear-elastic response 
quantity of a single lumped mass oscillator as shown in Fig. 
4). Note that for a given ground motion pair, principal axes 
(maximum direction) changes with period. In Figure 8, 
although the median MD-displacement umx ± σ values 
correspond to a single value for each system, it is visualized 
as a full circle to facilitate direct comparisons with median 
displacements ux, which is a function of the incidence angle. 

Median displacements at corner c2 (Fig. 5) for 
asymmetric-plan buildings are shown in Figure 9. Median 
values for other EDPs are presented in Reyes and Kalkan 
(2012). 

For linear-elastic symmetric- and asymmetric-plan 
buildings with short periods, Figures 8 and 9 demonstrate 
very important information. The maximum 
median-displacement in the x-direction is almost 
independent of the incidence angle of the ground motion 
(Watson-Lamprey and Boore 2007). However, for R values 
of 3 and 5, the effect of the incidence angle is remarkable. It 
is clear that the R value used in the design process affects the 
difference between the median MD-displacement and the 
maximum median-displacement over all non-redundant 
orientations. For linear-elastic systems, maximum 
median-displacements are smaller than median 
MD-displacements (Huang et al. 2008), but for 
nonlinear-inelastic systems, maximum 
median-displacements may be equal or larger than 
MD-displacements. For asymmetric-plan buildings (Fig. 10), 
maximum median-displacements + σ may be larger than 
MD-displacements + σ even for linear-elastic systems. 
These results clearly demonstrate that use of MD direction 
ground motions does NOT necessarily provide 
overconservative (or unrealistic) EDPs for systems 
responding in nonlinear-inelastic range in particular for 
asymmetric structures.    

From Figures 8 and 9, it is evident that conducting 
nonlinear RHA for ground motions oriented in the FN/FP 
directions does not always lead to the peak value of 

median-displacement over all non-redundant rotation angles. 
However, displacements are not underestimated 
substantially (less than 20%) if the buildings are subjected to 
only the FN/FP components of a large set of ground motions. 
Similar observations are valid for other EDPs investigated 
(Reyes and Kalkan 2012). These observations and findings 
are also in agreement with those reported in Kalkan and 
Kwong (2012), where the influence that the angle of 
incidence angle of the ground motion pair has on several 
EDPs has been examined based on a linear-elastic computer 
model of a six-story instrumented building. 
 
6.  CONCLUSIONS 
 

The current state-of-practice in U.S. is to rotate the 
as-recorded pair of ground motions to the fault-normal and 
fault-parallel (FN/FP) directions before they are used as 
input for three-dimensional nonlinear response history 
analyses (RHAs) of structures. It is assumed that this 
approach will lead to two sets of responses that envelope the 
range of possible responses over all non-redundant rotation 
angles of rotation. Thus, it is considered to be a conservative 
approach appropriate for design verification of new 
structures and performance evaluation of existing structures. 
Based on a suite of symmetric and asymmetric single-story 
buildings having three-degree of freedom, the influence that 
the angle of incidence of the ground motion has on several 
engineering demand parameters (EDPs) has been examined 
here comprehensively. This investigation has led to the 
following conclusions: 
1. Velocity-pulses may appear in directions different than 

the FN/FP directions. 
2. For linear-elastic systems, the maximum displacement 

occurs in the direction in which apparent velocity-pulse 
with period close to the fundamental period of the 
structure is observed. This strong polarization vanishes 
for nonlinear-inelastic systems due to period elongation, 
which leads the maximum displacement occurs NOT in 
the direction in which apparent velocity-pulse with 
period close to the fundamental period of the structure. 

3. Displacements may be underestimated by more than 
50% if a building is subjected to only the FN/FP 
components of a single pulse-like ground motion. 

4. If a building is subjected to a single near-fault ground 
motion, the incidence angle that leads to maximum 
displacement varies with the R value used in the design 
process of the building. 

5. There is no optimum orientation for a given structure; 
the incidence angle that leads to maximum 
displacement varies with the ground motion pair 
selected.  

6. For symmetric- and asymmetric-plan buildings with 
short periods that remain within the linear-elastic range, 
the maximum median-displacement is independent of 
the incidence angle of the ground motion. However, for 
R values of 3 and 5, the effect of the incidence angle is 
remarkable; maximum median-displacement occurs in 
the directions of FN/FP components.  
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7. Conducting nonlinear RHA for ground motions 
oriented in the principal axes (that is, maximum 
direction) does NOT always lead to the maximum 
engineering demand parameters (EDPs) overall 
orientations for systems responding in 
nonlinear-inelastic range in particular for asymmetric 
structures. 

8. Conducting nonlinear RHA for ground motions 
oriented in the FN/FP axes does NOT always lead to 
the peak value of median-displacement overall 
orientations. However, displacements are not 
underestimated substantially (less than 20%) if the 
buildings are subjected to only the FN/FP components 
of a large set of ground motions. If only few ground 
motions are used, underestimations may be larger than 
50%. 

 
Although these observations and findings are primarily 

applicable to buildings and ground motions with 
characteristics similar to those utilized in this study, they are 
in close agreement with those reported in Kalkan and 
Kwong (2012), where the influence of rotation angle on 
several EDPs has been examined using a computer model of 
six-story instrumented building. 
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Abstract:  It is well known that the surface soil condition influences the seismic intensity of the ground and hence 
impact structural damage to the buildings during earthquakes.  Wave propagation becomes complex when the ground 
has irregularities, such as slopes and canyons.  This wave propagation in an irregular ground has been studied by a 
number of researchers.  Most of them, however, made an assumption that the ground is two-dimensional or has a 
far-field with a horizontally flat ground surface.  The objective of this study is to investigate the effect of 
three-dimensional irregularities on the propagation of surface waves.  The analysis target is a two-dimensional slope 
ground with a small canyon, that penetrates perpendicularly into the upper part of the ground, subject to incident waves.  
It was found from the study that the wave field becomes very complex when there exists a small canyon, causing a big 
difference between the results in 2.5 and three dimensions.  The microtremor wave field is also affected by the existence 
of a small canyon and the frequency dependency of H/V spectra and dispersion curves in the area close to the canyon 
show significant fluctuation because of this. 

 
 
1.  INTRODUCTION 
 

It is essential to know the condition of the ground when 
considering earthquake disaster mitigation. It is well known 
that the surface soil condition and micro topography, or 
landform, influence the seismic intensity of the ground and 
hence impact structural damage to the buildings and civil 
infrastructure during earthquakes. However, obtaining 
information on the ground condition, such as soil profiles, 
over a wide area is not an easy task from a practical 
perspective. One of the most popular approaches to estimate 
the ground condition is to conduct microtremor (ambient 
vibration) measurements on the ground surface, from which 
natural frequencies of the ground are obtained (e.g., 
Nakamura, 1989; Arai et al., 2000, 2004). It is also possible 
to obtain soil profiles from microtremor array measurement 
results by applying inversion techniques based on the 
surface wave propagation theory (e.g., Cho et al., 2006). All 
the approaches proposed so far, however, are based on a 
parallel layer assumption. 

A difficulty arises when the ground has an irregularity, 
which is often the case in an actual situation. For example, 
the eastern part of Tokyo metropolitan area, Japan, consists 
of three major categories of landform, i.e. terrace, lowland 
and reclaimed ground (Nakai et al., 2007). It is also noted 
that one of the characteristic features of its landform is the 
existence of a widely distributed narrow river valleys 
(lowland) that penetrate deep into terrace, which makes the 
landform of this area very complex. In addition, fairly steep 
slopes are formed along most of the boundaries between 

terrace and lowland, meaning that irregular ground is quite 
popular in this area. 

A number of researches regarding wave propagation in 
an irregular ground have been reported so far. Most of them, 
however, deal with body waves and only a few have looked 
at surface waves. In addition, a completely flat ground 
surface assumption for the far field is made in almost all 
three-dimensional studies (e.g., Bielak et al., 2003). 

In this paper, the effect of a three-dimensional ground 
irregularity on the surface wave propagation is studied. More 
specifically, a two-dimensional slope ground with a small 
canyon subject to an obliquely incident surface wave is 
considered, as schematically illustrated in Figure 1.  The 
analysis method used in the study is a combination of 

 

Figure 1  A Slope Ground with a Tiny Canyon 
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three-dimensional and two-and-a-half- (2.5-) dimensional 
finite element methods (Nakagawa et al., 2010) in 
conjunction with a substructure technique. This study is a 
direct extension to the previous work (Nakai et al., 2009). 
 
 
2.  PROBLEM UNDER STUDY 
 

As mentioned earlier, the main objective of this study is 
to examine the characteristics of surface wave propagation 
in an irregular ground in three dimension in order to evaluate 
its influence on the soil exploration based on microtremor 
measurements. As an attempt to address this, a simplistic 
irregular ground that consists of a two-dimensional slope 
ground with a slit-like narrow canyon that penetrates 
perpendicularly into the terrace (upland part of the landform), 
as shown in Figure 1, has been considered. The problem 
under study is the microtremor wave field of this landform, 
which is assumed to be a synthesis of surface waves 
propagating in a variety of directions (Arai et al., 2000; 
Nakagawa et al., 2010). The problem considered in this 
study is defined by the following statements. 
 The ground has a two-dimensional landform, i.e. a slope 

ground. 
 The ground, however, is in three-dimension in that it has 

a small canyon that penetrates perpedicularly into the 
terrace (the upland part of the slope ground). 

 The soil is two layered throughout the landform. 
 The ground is subject to a number of incident surface 

waves of various modes coming from a variety of 
directions. 

 
 
3.  METHOD OF ANALYSIS 
 

The method of analysis is basically a three-dimensional 
finite element method in conjunction with a substructure 
technique. It features, however, a couple of points so that it 
can handle the problem under study. These points include a 
far field ground with topographic irregularities and surface 
wave propagation in such a ground. 
 
3.1  Substructure Method 

There exist a variety of substructure approaches that 
deal with wave propagation in an elastic medium. The 
method used in this study follows the following procedures 
(Nakai et al., 1985): 
(1) Subdivide the entire ground under study into two parts; 

a near field that involves three-dimensional irregularities, 
and a far field which is basically a two-dimensional 
slope ground. 

(2) Compute an impedance matrix [Kc
*] of the far field 

from which the near field is excavated. 
(3) Compute a displacement vector {uc} and traction vector 

{pc} of an equivalent far field that does not have an 
excavation and is subject to an incident surface wave. 

(4) Compute a driving force vector {fc*} at the boundary by 
the following expression: 

 
fc
*{ } = Kc

*!" #$ uc{ }+ pc{ }  (1) 

 
(5) Compute a response of the near field by attaching the 

impedance matrix at its boundary and by applying the 
driving force to its boundary.  
 

3.2  Response of a Far Field: 2.5-Dimensional Analysis 
The substructure analysis described above requires a 

three-dimensional analysis of a two-dimensional slope 
ground subject to an incident surface wave.  This type of 
analysis is called a 2.5-dimensional analysis (Nagano et al., 
1985). Since irregularity (slope) is involved in this analysis 
itself, another substructuring is considered, i.e. the 
2.5-dimensional thin layered elements and 2.5-dimensional 
finite elements are combined to obtain the response due to 
an obliquely incident surface wave to the slope. Figure 2 
illustrates the method of analysis. 

 
3.3  Response of a Near Field: Three-Dimensional 
Analysis 

The substructure analysis of the target, i.e. a slope 
ground with a tiny canyon, requires the impedance matrix 
[Kc

*] and the driving force vector {fc*} as described earlier. 
In this study, the impedance matrix [Kc

*] at the boundary of 
the analysis model is computed as dashpots attached to the 
boundary. The displacement vector {uc} of the equivalent far 
field, found in Eq. (1), can be computed from the 
2.5-dimensional analysis described in the previous section 
by the following expression: 

 
uc{ } = u2.5{ }exp !iky

sy( ), ky
s = ks sin!  (2) 

 
in which, {u2.5} is a displacement vector obtained from the 
2.5-dimensional analysis. Eq. (2) states that the displacement 
wave field in the y-direction is expressed in an analytic form 
once the displacements on the x-z plane are obtained. ks is 
the wave number of an incident surface wave of the s-th 
mode, and ! is the angle of incidence. Figure 3 illustrates the 
three-dimensional analysis. 
 

 
Figure 2  2.5-Dimensional Analysis 
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4.  SURFACE WAVE PROPAGATION IN A 
THREE-DIMENSIONAL IRREGULAR GROUND 
 

In order to verify the analysis method, a slope ground 
with uniform soil subject to an incident Rayleigh wave of 
the fundamental mode has been analyzed. According to the 
results, the three-dimensional analysis can give a solution 
that matches the 2.5-dimensional one (Nakai et al., 2011) 
except for a minor fluctuation due to an imperfect [Kc], i.e. 
dashpots. 
 
4.1  Analysis Model 

In this study, a slope ground with two-layered ground is 
investigated, in which there exists a small canyon that 
penetrates perpendicularly into the slope, as shown in Figure 
4 (a) and 4 (b). Considered in the study are the two 
configurations of the canyon: the width of 20 meters and 60 
meters. The length (depth) of the canyon is 20 meters. The 
ground is two-layered. The shear wave velocity of the 
surface layer is half of that of the underlying layer as shown 
in Figure 4. The thickness of the surface layer is 12 meters, 
meaning that there exists no surface layer in the innermost 

area of the canyon because the height of the slope is also 12 
meters. The rest of the analysis conditions, including the soil 
properties, are the same as those found in Figure 4 (a). 
 
4.2  Analysis Model 

Figure 5 shows the displacement wave field for the 
frequency of 8 Hz. Results for the incidence angles of 0º 
(coming from left, perpendicular to the slope) and 45º are 
given. From the figure, it can be pointed out that: 
 Due to the existence of a canyon, the displacement field 

is very complex. 
 Amplitude of displacement is large in the area located 

upstream with respect to the canyon and is small in the 
back. 

 The affected area is fairy large when compared to the size 
of the canyon. 

 Variation of the displacement amplitude is large on the 
upland part of the ground but the influence on the 
displacement field is observed in a wide-ranging area of 
the lowland as well. 

 Amplitude of displacement at the ground surface inside 
the canyon is fairly small. 

If we take a closer look at the results as well as other results 
not shown in this paper, it is possible to add that: 
 In the case of incident waves coming from the upland 

part of the slope ground, the displacement amplitude in 
the upland part becomes large but that in the lowland part 
is fairly small. This is due to the reflection of the 
incoming wave at the slope. 

 On the contrary, the incoming wave from the lowland 
part gets transmitted to the upland part to some extent. 

 The displacement amplitude in the x-direction, ux, is very 
large along the cliff at the end of the canyon, but its 
intensity varies with the location along the cliff. 

 There exists an area close to the upstream side of the 
valley where ux is large when the wave comes from the 
lowland part of the ground. 

 The displacement amplitude in the y-direction, uy, is large 

 
Figure 3  Three-Dimensional Analysis 

   

 (a) Slope Ground with a Canyon of 20 Meter Width (b) Slope Ground with a Canyon of 60 Meter Width 

Figure 4  Finite Element Models 
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along the cliff at the side of the canyon, and its intensity 
varies with the location. 

 The vertical displacement amplitude tends to become 
large along the cliff at the end and the side of the canyon. 

Although these characteristics vary depending on the 
frequency, hence the wavelength, the influence appears over 
large areas even in the low frequency range. 
 
4.3  H/V spectra and phase velocity dispersion curves 

Based on the widely accepted hypothesis that 

microtremors are a synthesis of various surface waves 
travelling from a variety of directions, the microtremor wave 
field has been simulated by aggregating different kinds of 
surface waves (i.e. Rayleigh and Love waves), higher modes 
in addition to the fundamental mode, and a number of 
incident (azimuth) angles for each frequency.  The incident 
angles considered in the study are 135º, 45º, 0º, 45º, 135º 
and 180º, where the incident angle of 0º corresponds to the 
case in which the wave is coming from left perpendicularly 
to the slope. 

 

(a) Incident Angle of 0º 

 

(b) Incident Angle of 45º 

Figure 5  Wave Field of a Two-Layered Slope Ground with a Canyon due to an Incident Rayleigh Wave of 8 Hz 
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The  

 

Figure 6  Comparison of H/V Spectra (Slope Ground with a Canyon of 20 Meter Width) 

 

Figure 7  Comparison of Phase Velocity Dispersion Curves (Slope Ground with a Canyon of 20 Meter Width) 
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The horizontal to vertical spectral ratios, or H/V spectra, 
at selected locations have been computed by summing up 
the displacements due to various waves. Summation was 
done in terms of the power of displacement amplitude as 
shown in the following expression: 

 

H /V = ux l

2

l=1

W

! + uy l
2

l=1

W

! uz l
2

l=1

W

!  (3)  

 
in which W is the number of incident surface waves. In the 
above expression, ui (i=x, y, z) is computed as a weighted 
summation of different kinds of surface waves and modes. 
The weighting factor was set to the medium response for 
different modes and the constant value of 0.7 was assumed 
as the ratio between Raleigh and Love wave components 
(Arai et al., 2004). The phase velocity dispersion curves 
have been computed from the vertical component of the 
microtremor wave field based on the centerless circular 
array (CCA) method (Cho et al., 2006) by assuming an array 
of hypothetical censors that correspond to neighboring nodes 
located at the ground surface of the finite element model. 
Figure 6 shows H/V spectra, while Figure 7 shows the phase 
velocity dispersion curves at various locations near the 
canyon in this slope ground as shown in Figure 4. From 
these figures as well as those not shown in this paper, it is 
possible to say the followings. 
 The difference between 1-D and 3-D results is fairly large 

for both H/V spectra and dispersion curves, meaning that 
the influence of a three-dimensional irregularity on the 
microtremor wave field is very large. 

 The difference is large especially in the frequency range 
near the natural frequency of the surface soil (4.17Hz). 

 This may suggest that the parallel layer assumption may 
result in some errors when conducting an inversion 
analysis based on it. 

 Both H/V spectra and dispersion curves in the lowland 
part of the ground (C-1 to C-3) are less influenced by the 
existence of the irregularity when compared to the upland 
part and the valley. And its influence diminishes fairly 
quickly as the distance from the slope becomes large. 

 When looking at the upland part of the ground, it is noted 
that H/V spectra at the locations next to the inner most 
part of the valley (A-1 to A-3) have two peaks, at around 
2 Hz and 6.5 Hz, which is very different from 
one-dimensional results. 

 The phase velocity dispersion curves at these locations 
fluctuate very much with respect to the frequency. 

 At the locations along the slope (B-1 to B-3), H/V spectra 
have single peaks which are slightly higher than the 
one-dimensional estimation. 

One of the reasons for the fluctuation of H/V spectra 
and dispersion curves is the interference of the incident wave, 
waves reflected from the slope and waves scattered by the 
small valley. This fluctuation may also be resulted from 
insufficient number of incident waves and insufficient 
capability of dashpots as impedance functions of the far field 
ground. This subject will be addressed in the future work. 

5.  CONCLUSIONS 
 

In order to examine the effect of irregularity of a 
ground on the microtremor wave field by taking a slope 
ground with a tiny canyon as a target and conducting a 
three-dimensional finite element analysis in conjunction 
with a 2.5-dimensional thin layered element analysis. It was 
found from the study that: 
 It is possible to conduct a three-dimensional analysis of a 

ground with basically a two-dimensional topography. 
 The wave field becomes very complex when there exists 

a small canyon that penetrates into the upland through the 
slope, causing a big difference between the results in 2.5 
and three dimensions. 

 The microtremor wave field is also affected by the 
existence of a small canyon and the frequency 
dependency of H/V spectra and dispersion curves in the 
area close to the canyon show significant fluctuation 
because of this. 
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Abstract: This paper is introduced by the disaster risk management framework that is advocated by the author for
multi-hazard, multi-disciplinary approach.  The three generic risk factors of hazard, exposure and vulnerability are
distinguished.  The paper concentrates only on the physical vulnerability risk factor as associated with the building
structures.  From the past eight years, studies of the Metro Manila and Philippine building stocks are enumerated,
reviewed or summarized that the author has become familiar with, including several which were reported during the 1st

Asia Conference on Earthquake Engineering (ACEE) that was held in Manila in 2004.  The scope of an ongoing (2012)
major study among the Philippine Atmospheric, Geophysical and Astronomical Services Administration (PAGASA),
Philippine Institute of Volcanology and Seismology (PHIVOLCS), and University of the Philippines Diliman –Institute of
Civil Engineering (UPD-ICE) is outlined. Sample vulnerability curves are previewed. The paper concludes with a
short list of anticipated future studies to advance the management of vulnerabilities, in parallel with advanced studies to
assess the multiple hazards and with advanced inventories to quantify the various exposures.

1.  INTRODUCTION

Disaster risk may be considered to be a product of three
overlapping factors: hazard, exposure and vulnerability (e.g.
see Pacheco 2007, Pacheco 2009, or Pacheco 2010).
Hazard may be quantified in many ways.  For example it
may be calculated as 10% chance of an Intensity IX ground
shaking at the site within the next 25 years. Or it may be
15% chance of flood inundation between 0 m and 0.3 m
depth within the next 2 years.  Or, xx% chance of gust
wind speed within the range from yy m/s to zz m/s during
the next 12 months.

Physical exposure may be stated as the number of
buildings of each type, within the site during the time
interval specified.

Vulnerability of the structural type may be quantified as
the expected percentage of damage should the specified
hazard act.

In the above example for earthquake, should there be
1,000 structures of a certain type, and should this structural
type be 35% vulnerable to the specified intensity, then it may
be estimated that the equivalent of 0.10*1,000*0.35 or 35
such structures are at risk against an Intensity IX earthquake
in the next 25 years.  The risk against other intensities may
be calculated separately and added to the first; likewise the
risk against other hazards, even non-earthquake, may be
calculated and added provided the same time interval is
considered.  In a formulation like the foregoing, exposure
and risk are conveniently stated in the same unit of measure
(e.g. number of structures), while hazard and vulnerability
are stated as percentages.

The concept of dividing disaster risk into risk factors is
convenient not only for purposes of assessment as in the
foregoing.  The author also advocates that specific actors
(stakeholders) be encouraged to manage specific risk factors
(hazards, exposures, vulnerabilities) that are most familiar to
them.  Engineers may be most familiar with the physical
vulnerability risk factors; earth scientists, with the natural
hazards; and local governments, with the exposures.

Indeed, the engineer’s interest in quantifying the
physical vulnerability goes beyond the need to multiply with
the hazard and the exposure; the engineer is interested in
reducing the vulnerability risk factor to begin with.

2. VULNERABILITY TO EARTHQUAKE

2.1  Types of Vulnerability
Depending on the exposure that is being considered,

many types of vulnerability may be identified.  If lives be
the exposure at risk, then vulnerability may be quantified as
mortality ratio.  Many studies are focused on correlations
between physical vulnerability of buildings and the mortality
ratio among occupants; however, this paper focuses only on
the physical vulnerability of buildings.

In other situations, economic value may be the
exposure; in such cases the vulnerability may be quantified
as percentage loss from full economic value, which is
usually calculated in monetary units.

2.2 Lessons from Past Earthquakes
The Magnitude 7.8 Luzon Earthquake of 16 July 1990
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was the most recent earthquake to cause extensive damage
to major urban areas in the Philippines. Many other
historical earthquakes were noted to have caused varying
degrees of damage to buildings (as well as other man-made
structures) in various seismic zones in the Philippines,
including the most recent Magnitude 6.9 Negros Oriental
Earthquake of 6 February 2012.  For the most
comprehensive summary of earthquake reports from the
recent 400 years or so, for example, one may refer to
Bautista and Bautista (2004).

Immediately it may be pointed out, however, that
disaster reports usually lacked independent information
about the corresponding hazard that actually materialized:
retrospective studies (e.g. Bautista and Bautista 2004)
usually had to devise backward calculations that estimated
the ground shaking intensities from the reported damage
levels. In the future, two lessons must be learned from past
earthquake disasters: (1) the need for information on the
intensity of hazard that materialized (independent of the
observed damage); and (2) the need for documentation of
undamaged structures (aside from the observed damage).

A whole range of negative lessons and positive lessons
have to be learned from every disastrous event, if the disaster
risk management of the future is to become better informed.

2.3 Heuristic, Empirical and Computational Methods
Many attempts toward estimating the vulnerability of

existing building types in the Philippines, particularly in
Metro Manila, in the context of earthquake risk management
according to the framework above, may be found in JICA et
al (2004), Kubo et al (2004), Midorikawa et al (2004), Miura
et al (2005), Miura et al (2008), Molas (2004), Oreta (2004),
Pacheco (2004), Peckley et al (2004), and Tanaka et al
(2004), among others.

Most of these studies referred to heuristic or
expert-judgment estimates of building capacities (or,
corresponding vulnerabilities). Midorikawa et al (2004),
for instance, utilized vulnerability functions that were based
on Delphi surveys of expert structural engineers in the
Philippines.

Kubo et al (2004), Pacheco (2004), and Tanaka et al
(2004) also illustrated how field measurements (without an
earthquake event) or field tests (with simulated earthquake
loading) could assist in heuristic or expert-judgment
estimates of vulnerabilities.

The JICA study (JICA, PHIVOLCS and MMDA 2004),
more popularly known as MMEIRS (Metro Manila
Earthquake Impact Reduction Study), also used some
vulnerability curves that were calculated empirically from
damage reports from the 1990 Luzon Earthquake.

Pacheco (2004) and Peckley et al (2004) illustrated the
use of non-linear static analysis by pushover in generating
computational estimates of capacity (or corresponding
vulnerability).

Most of the above studies were associated either with
the MMEIRS (also, Solidum et al 2004) or with
contemporary studies under the program of EqTAP -
Earthquake & Tsunami Disaster Reduction Research for

Asia-Pacific Regions (e.g. Kameda 2004).
Tatsuki et al (2004) and Thuy Vu et al (2004) were also

occasioned by the EqTAP project to study risk frameworks
and risk exposures, respectively, for Metro Manila.

Villaraza (2004) illustrated some peculiar challenges in
dealing with industrial structures.

A month after the 11 March 2011 Magnitude 9.0 East
Japan Great Earthquake, in a Philippine national newspaper
Pacheco (2011a) gave a popular version of explanation of
the three seismic risk factors of hazard, exposure and
vulnerability.  He emphasized three reasons why buildings
have finite (not zero) vulnerability: (a) many buildings
(especially small residences) were not engineered to start
with; (b) many buildings were constructed according to
older and less stringent design code or were not constructed
faithfully to the seismic design; and (c) the building code
intended to prevent fatalities but did not preclude extensive
damage in major earthquakes.

2.4 The QuiveR Project for Iloilo City
In 2011, renewed efforts were made to revisit the

studies from (mostly) 2004, and with further computational
methods, to come up with better estimates of vulnerability
curves for key building types in the Philippines, particularly
those encountered in the pilot study area of Iloilo City in
central Philippines (see, e.g., Pacheco et al 2011b, and
Pacheco et al 2011c).

For some indigenous building types, empirical
vulnerability curves were also derived in much the same
manner as those used in part of the JICA study (2004) based
on past earthquake damage reports (although from areas
outside Iloilo City).

To connect empirical results (using MMI intensity
scale) and computational results (using acceleration scale), a
very approximate conversion formula was adopted in the
QuiveR study.  In the future, accelerometer records will
prove to be very useful for verification studies.

Presently, vulnerability to earthquake is expressed as
percentage of expected damage at every level of modified
mercalli intensity (MMI) scale. This suits the format of
physical vulnerability specification as described at the
beginning of this paper.

3. VULNERABILITY TO WIND OR FLOOD

3.1  The RAP Project for Greater Metro Manila
In early 2012, a new study was initiated together by the

Philippine Atmospheric, Geophysical and Astronomical
Services Administration (PAGASA), Philippine Institute of
Volcanology and Seismology (PHIVOLCS), and University
of the Philippines Diliman –Institute of Civil Engineering.
The former two national government agencies of the
Department of Science and Technology (DOST) engaged
the civil engineering institute of the University of the
Philippines Diliman to develop vulnerability curves of key
building types in the Greater Metro Manila Area, Philippines,
for the analysis of impacts by severe wind, flood and
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earthquake.
PAGASA and PHIVOLCS are implementing a

collaborative project with Geoscience Australia (GA) and
Philippine CSCAND (Collective Strengthening of
Community Awareness for Natural Disasters) agencies, with
financial support from AusAID, called “Enhancing Risk
Analysis Capacities for Flood, Tropical Cyclone Severe
Wind and Earthquake for Greater Metro Manila Area or the
Risk Analysis Project”. (the Program) the objective of which
is to analyze the risk from severe wind due to tropical
cyclone, flood and earthquake in GMMA (the Program
Area) through the development of fundamental datasets and
information on hazard, exposure and vulnerability towards
strengthening the resilience of communities to the impacts of
natural disasters.

PAGASA and PHIVOLCS through this Program intend
to engage and institutionalize partnership with relevant
academic, research and training institutions for capacity
building and IEC activities for LGUs and communities, as
well as synthesize earthquake, flood, and severe wind risk
information for GMMA, produce maps and educational
materials, and present these in a web-based information
system.

PHIVOLCS earlier developed a software called Rapid
Earthquake Damage Assessment System (REDAS) that
aimed to produce seismic hazard maps minutes after the
occurrence of a potentially damaging earthquake, as a tool
for rapid damage assessment.  PHIVOLCS had also
implemented a collaborative project with GA that was called
QuiveR, intended to enhance the risk assessment capability
of the REDAS software by incorporating vulnerability
functions for buildings.  The University of the Philippines
Diliman – Institute of Civil Engineering (UPD-ICE) had
partnered with PHIVOLCS in developing seismic
vulnerability curves for key types of buildings in a pilot area
in Iloilo City, as stated earlier in this paper.

Presently, PHIVOLCS continues to improve its datasets
and information on the seismic hazards, PAGASA develops
the corresponding tools for the severe wind and flood
hazards, and PHIVOLCS expands REDAS to host the
common database of exposure elements in the RAP program
area.  UPD-ICE is engaged to develop the vulnerability
curves of key building types corresponding to the multiple
hazards (Pacheco et al 2012).

3.2  Vulnerability Parameters
The MMI intensity of ground shaking is the earthquake

vulnerability parameter to be used in RAP, just as in the
earlier project of QuiveR.

For flood vulnerability, the inundation depth (flood
level with respect to street elevation) is the parameter; other
parameters such as velocity of flow and water detention time
are not to be considered yet. An early study with similar
risk management framework was that of Sagala (2006).

In the case of severe wind vulnerability, the peak gust
wind speed is the parameter to be used.

The present study contemplates only the physical
vulnerability of buildings together with their finishes and

fixtures.  Potential damage to building contents that are
movable would be the subject of future studies.

As mentioned in the early part of this paper that
introduced the multi-hazard risk management framework,
should a uniform time interval be considered for the three
hazard types, in principle it will become possible to compare,
contrast, and combine the physical risks due to earthquake,
severe wind and flood. Hence it is important to formulate
each risk analysis in a format that is aligned with the other
risks.

3.3  Scope of Present Work by Engineers
Following is the scope of ongoing work of UPD-ICE:
1) Identify key building types in the program area and

propose a building typological system (including
wind-sensitive special structures: billboards, and
transmission and communication towers), potentially
applicable in the entire Philippines, for severe wind due to
tropical cyclone, flood and earthquake, respectively;

2) Develop basic vulnerability curves for the key
building types with respect to severe wind due to tropical
cyclone, flood and earthquake, respectively;

3) Together with PAGASA project team, PHIVOLCS
project team, CSCAND agencies, LGUs, and GA conduct
building type evaluation survey in the Program area to
provide engineering advice to the PHIVOLCS project team,
as may be required in the development of building exposure
database and corresponding methodologies;

4) Together with PAGASA project team, PHIVOLCS
project team, CSCAND agencies, GA and LGUs, participate
in the vulnerability development workshops where
Philippine engineers and other key stakeholders participate
to build consensus on the identified key building types for
which vulnerability models will be developed and
methodologies to develop vulnerability curves for severe
wind due to tropical cyclone, flood inundation, and
earthquake ground shaking, respectively;

5) Perform systematic review of damage reports due to
historical severe wind, flood, and earthquake, respectively, to
identify extents of damage to key building types for given
intensity levels as identified by PAGASA and/or
PHIVOLCS; and

6) Together with PAGASA project team, PHIVOLCS
project team, CSCAND agencies, GA and LGUs, compile,
select, enhance and/or develop methodologies, and assist as
may be needed in case of actual damage assessment

4.  CONCLUSION

Sample vulnerability curves are available from a series
of studies. New vulnerability curves will be refined to have
the vulnerability parameter (e.g. ground shaking intensity,
flood inundation depth, or peak gust wind speed) to the same
degree of precision as the corresponding new hazard
modeling can reasonably specify.  The degree of precision
of the estimated damage will be expected to match the
degree of precision that the exposure database can capture.
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Therefore it will be very crucial to coordinate the
hazard, exposure and vulnerability studies.

Future studies can refine each risk factor estimate,
ideally in equal or equivalent progressions, in order that the
intended generic framework of risk management through
risk factors can retain its computational sense.

In addition to the “basic” hazard (e.g. ground shaking in
earthquake; inundation depth in flood), “associated” hazards
may need to be included in the future (e.g. soil liquefaction
in earthquake; water detention time in flood).
Computationally, conditional probabilities will then have to
be considered, or the correlated risks.

As for correlating physical risks to mortality risks
and/or economic risks, there are many studies in different
countries that can provide hints of methodology; however
the Philippine socio-economic realities will be expected to
influence the local results very significantly.  Local or
national data gathering will be extremely important;
examples from countries with very similar socio-economic
setting will be good references to start with.

Lastly, but not the least important, professional
engineers must appreciate the tools of multi-hazard risk
management as in this paper, not only for a population of
buildings but also for their individual buildings, although
indirectly.
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Abstract:  In order to develop a methodology of automatic building damage detection from high-resolution SAR 
(Synthetic Aperture Radar) images, the characteristics of the TerraSAR-X images observed before and after the 2010 
Haiti earthquake are examined.  In and around the collapsed buildings, the backscattering coefficients are remarkably 
changed after the earthquake because the debris increase or decrease the reflection of the microwave.  Based on the 
characteristics, the preliminary analysis for building damage detection is performed using the difference of the 
backscattering coefficients and the correlation coefficients between the pre- and post-event images.  The result shows 
that about 70% of the collapsed buildings are correctly detected. 

 
 
1.  INTRODUCTION 
 

In a destructive earthquake, buildings and 
infrastructures would be severely damaged over a wide area.  
For planning early stage relief and recovery efforts, it is 
essential to identify building damage distribution 
immediately after the earthquake.  Remotely sensed images 
have been employed to assess the building damage in recent 
large earthquakes because the images can quickly capture 
the real world from space at a time. 

In the Haiti earthquake (MW7.0) on 12 Jan. 2010, more 
than 300,000 were killed and as many were injured 
(Government of the Republic of Haiti, 2010).  About 
105,000 homes were totally destroyed and over 208,000 
were damaged.  The economic loss was approximately 8 
billion US dollars.  After the earthquake, remote 
sensing-based damage assessments were performed based 
on high-resolution satellite images and aerial photographs 
(e.g., Ghosh et al., 2011).  However, since the building 
damage was visually identified by crowdsourcing, many 
human resources were required to obtain the building 
damage map.  To quickly obtain the damage map with less 
labor, it is necessary to develop a methodology for 
automatically detecting the damage areas by an image 
analysis technique. 

Since SAR (Synthetic Aperture Radar) images can 
observe the earth surface at day or night under any weather 
conditions, SAR images would be powerful for the quick 
damage identification.  Matsuoka and Yamazaki (2004) 
proposed a SAR intensity image-based damage detection 
method and have applied the method to the images observed 
in various earthquakes.  The method was examined based 
on middle resolution SAR image (about 10m) with long 
wavelength band (C-band and L-band), such as ERS/SAR 

images and ALOS/PALSAR images.  Recently higher 
resolution SAR images (about 1m) with shorter wavelength 
band (X-band), such as TerraSAR-X images, have been 
available.  It is important to evaluate the applicability of 
such high-resolution SAR images for more detailed 
automatic damage mapping.  In this study, the 
characteristics of the high-resolution SAR images in a 
severely damaged area observed before and after the 2010 
Haiti earthquake are examined.  Preliminary analysis for 
the damage detection is performed and the accuracy of the 
damage detection is discussed. 
 
2.  CHARACTERISTICS OF HIGH-RESOLUTION 

SAR IMAGES 
 

Figure 1 shows the epicenter and fault of the 2010 Haiti 
earthquake.  Port-au-Prince, the capital of the Republic of 

Fig. 1  TerraSAR-X images in the 2010 Haiti earthquake 
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Haiti, was catastrophically damaged in the earthquake.  As 
shown by dotted squares in Fig. 1, two pairs of TerraSAR-X 
(TSX) images were acquired in Port-au-Prince before and 
after the earthquake by the descending and ascending orbits.  
The characteristics of the TSX images are shown in Table 1.  
Pre-event images were observed on Sep. 2008 and Oct. 2009 
and post-event images were observed on 2 days and 8 days 
after the earthquake, respectively.  The images were 
observed by the Strip Map mode and the HH-polarization.  
The pixel size of the images is 1.25m.  Before analyzing 
the images, the Lee filter (Lee, 1986) with the 7x7 pixel 

window is applied to suppress the speckle noise of the 
images. 

The characteristics of the TSX images are examined by 
comparing with optical images.  Figure 2 shows the pre- 
and post-event TSX intensity images in a built-up area of 
Port-au-Prince observed by the descending orbit (pair A) 
with an area extending about 250m and 300m in NS and EW 
directions.  Brighter and darker pixels represent stronger 
and weaker backscattering coefficients of the microwaves, 
respectively.  Generally strong backscattering is observed 
in building edges by multiple reflections of the microwave 
between the building and ground while weak backscattering 
is observed in a flat area. 

Figure 3 shows the pre- and post-event optical images 
in the same area.  Building footprints delineated from the 
optical images are also illustrated in the figures.  The 
damage level for each building is provided from the building 
damage data interpreted from aerial photos and satellite 
images by UNOSAT (UNISTAR/UNOSAT, 2010).  The 
damage levels of G5, G4, G3 and G1 indicate collapse, 
heavy damage, moderate damage and non damage, 

Microwave
Azimuth

Pre-event TSX image (2009/10/13) Descending 

Building
Damage
□：G5
□：G4
□：G3
□：G1

Microwave
Azimuth

Post-event TSX image (2010/1/20) Descending 
Fig. 2  Pre- and Post-event TSX images (Pair A) 

 

Pre-event optical image (2009/8/26) 

 

Post-event optical image (2010/1/25) 
Fig. 3  Pre- and Post-event optical images 

Table 1  Characteristics of TSX images 

Timing Pair Date Orbit
Incidence

angle (deg.)
Pixel size

(m)

Pre B 2008/9/17 Ascending 39.3 1.25

Pre A 2009/10/13 Descending 39.1 1.25

Post B 2010/1/14 Ascending 39.3 1.25

Post A 2010/1/20 Descending 39.1 1.25  
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respectively.  The building polygons are also illustrated 
in Fig. 2.  Totally 240 buildings are included in the 
target area and 104 buildings are classified as G5. 

As shown by arrows in Fig. 2, the microwave is 
transmitted from the east in the pair A images.  Since the 
microwave azimuth is almost perpendicular to the 
direction of the city blocks in the target area, strong 
backscattering is observed in the east side of the buildings.  
By comparing the pre- and post-event TSX images, 
change areas are visually extracted as shown by dotted 

Table 2  Classification of change areas 

Area Change Pair A Pair B
Decrease 26 15
Increase 5 4

Total 31 19
Decrease 6 7
Increase 2 1

Total 8 8

In and around G5 buildings

In and around G1-G4 buildings

Microwave
Azimuth

Pre-event TSX image (2008/9/17) Ascending 

Microwave
Azimuth

Building
Damage
□：G5
□：G4
□：G3
□：G1

Post-event TSX image (2010/1/14) Ascending 
Fig. 6  Pre- and Post-event TSX images (Pair B) 

 

(a) Pre-event (Pair B) (b) Post-event (Pair B)

Fig. 7  Close-up of TSX images (Pair B)  
in same area of Fig. 5 

(a) Pre-event (Pair A) (b) Post-event (Pair A)

(c) Pre-event (d) Post-event

Fig. 4  Close-up of TSX (Pair A) and optical images  
in a collapsed building (decreased) 

 

(a) Pre-event (Pair A) (b) Post-event (Pair A)

(c) Pre-event (d) Post-event

Fig. 5  Close-up of TSX (Pair A) and optical images  
in a collapsed building (increased) 
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circles in Fig. 2.  Blue and orange circles represent the 
areas where the backscattering coefficient is significantly 
decreased and increased after the earthquake, respectively. 

A close-up of the decreased area is shown in Fig. 4.  
As shown in the pre- and post-event optical images, the 
building was completely collapsed and the debris is 
distributed in the area.  In the pre-event TSX image, the 
strong backscattering is observed at the east side of the 
building edge.  On the other hand, the backscattering is 
significantly decreased in the post-event TSX image at the 
building edge because the microwave is dispersed by the 
debris of the collapsed building. 

A close-up of the increased area is shown in Fig. 5.  
As shown in the optical images, the G5 buildings are 
concentrated and the debris is distributed in the area.  Since 
the buildings have flat roofs and the neighboring buildings 
are densely located in the east of the buildings before the 
earthquake, the strong backscattering is not observed in the 
pre-event TSX images.  On the other hand, the 
backscattering is increased in the post-event TSX image.  
This is probably because that the direction of a part of the 
debris corresponds to the perpendicular of the microwave 
azimuth and the debris strongly reflect the microwave.  As 
shown in Fig. 4 and Fig. 5, the decrease and increase of the 
backscattering coefficients between the pre- and post-event 
images could be a key parameter for the building damage 
detection. 

In the target area, totally 39 areas are visually extracted 
as the change areas as shown by dotted circles in Fig. 2.  
We classify the change areas to two categories; in and 
around G5 buildings or G1-G4 buildings.  Since the 
difference between the G1, G3 and G4 buildings is not clear 
even in high-resolution satellite optical images, we group G1 
to G4 buildings together.  Table 2 shows the result of the 
classification.  About 80% (31 areas) of the change areas 
are observed in and around the G5 buildings, indicating that 
most of the change areas represent the collapse of the 
buildings.  Among the change areas in and around the G5 
buildings, the backscattering is decreased in 26 areas while 
the backscattering is increased in 5 areas.  About 20% (8 
areas) are observed in and around G1-G4 buildings.  
Significant change is not observed in such areas in between 
the pre- and post-event optical images.  Change of small 
features on the building roofs not related to the damage may 
affect the change of the backscattering coefficients between 
the TSX images. 

Figure 6 shows the pre- and post-event TSX observed 
by the ascending orbit (pair B).  In this pair images, the 
microwave is transmitted from the west.  Since the 
microwave azimuth does not correspond to the 
perpendicular of the city block direction, the backscattering 
coefficient is rather weaker than in the pair A images.  
Figure 7 shows the close-up of the pre- and post-event pair B 
images in the same area of Fig. 4.   In the building, the 
strong backscattering is not observed in the pre-event image 
because the microwave azimuth is not perpendicular to the 
building direction.  On the other hand, the strong 
backscattering is observed in the post-event image because a 

part of the debris of the collapsed building strongly reflects 
the microwave.  Therefore, the backscattering coefficient is 
increased after the earthquake in the collapsed building, 
which is the opposite phenomenon of the pair A images.   

Figure 8 shows another example of a G5 building in the 
pair A and B images and the optical images.  In the pair A 
images, the strong backscattering is observed in and around 
the G5 building in the pre-event image and the 
backscattering is remarkably decreased in the post-event 
image.  On the other hand, in the pair B images, the strong 
backscattering is not observed in the building in the 
pre-event TSX image and significant change between the 
pre- and post-event images is not observed.  This would be 
because that neighboring buildings are densely situated in 
the west and south of the building that correspond to the 
microwave azimuth and the microwave is scarcely reflected 
in most part of the building under such situation. 

Totally 27 areas are visually extracted as the change 
areas of the pair B images as shown by dotted circles in Fig. 
6.  As shown in Table 2, about 70% (19 areas) of the 
change areas are related to the G5 buildings.  The number 
of change areas at the G5 buildings in the pair B images is 
smaller than that in the pair A images, indicating that the 

(a) Pre-event (Pair A) (b) Post-event (Pair A)

(c) Pre-event (Pair B) (d) Post-event (pair B)

(e) Pre-event (f) Post-event 

Fig. 8  Close-up of pair A and pair B TSX images and 
optical images in a collapsed building 
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change of the G5 buildings is less significant than that in the 
pair A images. 

These results indicate that the characteristics of the TSX 
images in damaged areas depend on the relation between the 
observation orbit and the direction of the city block.  In the 
target area, the reflection of the microwave in the pair A 
images is more clearly observed and more significantly 
changed after the earthquake than that of the pair B images.  
This would be mainly because that the microwave azimuth 
is almost perpendicular to the direction of the city blocks in 
the pair A images. 
 
3.  DAMAGE DETECTION 
 

The building damage detection is examined by using 
the pair A images.  Since Matsuoka and Yamazaki (2004) 
used the difference of the backscattering coefficients, d, and 
correlation coefficient between pre- and post-event images, r, 
for the damage detection from SAR intensity images, we 
apply these indices for the damage detection.  These 
indices are calculated from the equations shown below: 
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where i is a pixel number, and iIa  and iIb are the 

digital numbers of post- and pre-event images, respectively.  
ˆ

iIa  and ˆ
iIb  are the corresponding averaged digital 

numbers over the surroundings of the pixel i within a 
window.  N is the total number of pixels within a window.  
In this study, the window size of 7x7 pixels (N=49) that 
almost correspond to the average size of buildings in the 
target area (about 10m) is applied.  Since the backscattering 
coefficients are decreased and increased in the collapsed 
buildings as shown in Fig. 4 and Fig. 5, absolute value for 
the difference of the backscattering coefficients, |d|, is also 
calculated. 

Figure 9 shows the distribution of the indices in the 
target area.  Black and white line polygons represent G5 
and G1-G4 buildings, respectively.  The close-ups of the 
indices in the area of Fig. 4 are shown in Fig. 10.  In and 
around the G5 buildings, the |d| and r values show higher 
and lower, respectively, indicating that the characteristics of 
the backscattering are significantly changed after the 
earthquake. 

In order to examine the relation between the indices and 
the building damage, the average of the indices within the 
building polygon is calculated.  Figure 11 shows the 
relation of the |d| and r values in the building polygons 
classified according to the damage level.  Solid circle and 
the error bars represent the average and its standard 

deviations of the indices.  The G1, G3 and G4 buildings 
show lower |d| and higher r values.  The difference of the 
indices between the G1-G4 buildings is small.  On the 
other hand, the G5 buildings show remarkably higher |d| and 
lower r values than G1-G4 buildings.  These indicate that it 
is difficult to identify the G4 damage or lower from the TSX 
images but it is possible to classify the G5 damaged 
buildings from less damaged (G1-G4) buildings. 

d
+5

-5

|d|
+5

0

r
1.0

-1.0

(a) Difference

(b) Absolute Difference

(c) Correlation  

Fig. 9  Distribution of indices 
(Black: G5, White: G1-G4) 
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By using the indices of |d| and r values, the distribution 
of the collapsed buildings is estimated.  Figure 12 shows 
the average values and its standard deviation of the indices 
for each damage level.  A linear discriminant analysis is 
applied to the indices.  The dotted line in Fig. 12 indicates 
the dscriminant line to classify the collapsed building and 
the less damaged building.  Based on the dotted line, the 
discriminant score, z, is calculated for each pixel of the 
images from the following equation: 

 
0.222 | |z d r= −              (3) 

 
Figure 13(a) shows the distribution of the z values in 

the target area.  Red and blue pixels represent higher and 
lower z, respectively.  The result shows that the high z 
pixels are distributed in and around the G5 buildings.  In 
order to extract the collapsed buildings, the pixels whose z 
value is positive are classified as the collapsed areas.  
Figure 13(b) shows the distribution of the estimated 
collapsed areas.  Red pixels represent the estimated 
collapsed areas.  The result shows that many extracted 
pixels are distributed in and around the G5 buildings. 

In order to evaluate the accuracy of the damage 
detection, the buildings whose average of the z value within 
the polygon is positive and negative are extracted.  If the 
average of the z value is positive in the G5 buildings, the 
damage is correctly classified.  And if the average is 
negative in the G1-G4 buildings, the damage is also 
correctly classified.  Figure 14 shows the comparison of the 
distribution of the G5 buildings between the damage data 
and the damage detection.  The result shows that many G5 
buildings are correctly detected by the proposed method.  
However, some small G5 buildings are hidden by the 
neighboring buildings.  In some G5 buildings, a part of the 
roof is collapsed while most part of the roof seems to be 

intact in the image.  It is difficult to extract such G5 
buildings by the proposed method. 

Table 3 shows the result of the accuracy assessment.  
The user’s and producer’s accuracies are also calculated.  
The gray cells indicate the number of the correctly classified 
buildings.  The producer’s and user’s accuracy of the G5 
buildings is about 65% and 70%, respectively.  The 
accuracies of the G1-G4 buildings are more than 70%.  The 
overall accuracy is approximately 70%. 

Matsuoka and Yamazaki (2004) exhibited that the 
coincidence ratio, which corresponds to the overall accuracy, 
was about 78% in the damage detection using the 
middle-resolution (30m-resolution) SAR images observed in 
the 1995 Kobe earthquake.  They discussed the accuracy 
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Fig. 10  Close-up of indices 
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using 30m-mesh based damage data not building by 
building data.  Gamba et al. (2007) also examined the 
damage detection technique using 30m-resolution SAR 
images observed in the 2003 Bam, Iran earthquake.  They 
discussed the detection accuracy using the parcel-based 
damage data.  The producer’s accuracies of their detection 
were from 65 to 75%.  Although we cannot directly 
compare our result to their results because the scale of the 
damage data was different from each other, our result of the 
detection accuracy is almost comparable with the previous 
studies. 

In this study, the damage detection is preliminary 
examined in the limited small area of Port-au-Prince as 
shown in Fig. 2 and Fig. 3.  Since the characteristics of the 
TSX images would be different when the relation between 
the direction of city blocks and the microwave azimuth is 
different from that in the target area, the validity of the 
method should be discussed in more detail by applying the 
method to wider area images.  
 
4.  CONCLUDING REMARKS 
 

In this study, the characteristics of the pre- and 
post-event TSX images in the damaged area by the 2010 
Haiti earthquake are examined.  The two pairs of the 
images with descending and ascending orbital observation  
are used.  In and around the collapsed buildings, the 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Z
+1.0

-1.0

(a)  Distribution of z value

(b)  Estimation of collapsed areas (Red)  

Fig. 13  Result of damage detection 

(Black: G5, White/Light blue: G1-G4) 

Table 3  Accuracy assessment 

G5 G4 G3 G1 Total

Z≧0 67 15 11 3 96 69.8

Z＜0 37 38 31 38 144 74.3

Total 104 53 42 41 240

64.4 71.7 73.8 92.7

User's
Accuracy(%)

Number of Building

Discriminant
score

Producer's
Accuracy(%)

Overall Accuracy =72.5%
 

Damage data Damage detection from TSX images  
Fig. 14  Comparison of damage data and damage detection from TSX images (Black: G5, White: G1-G4) 
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backscattering coefficients are remarkably changed after the 
earthquake because the debris produced from the collapsed 
buildings increase or decrease the reflection of the 
microwave.  These characteristics differ in different orbital 
pair images, indicating that the characteristics depend on the 
relation between the microwave azimuth and the direction of 
city blocks.  In this case, the reflection of the microwave in 
the descending orbital images is more clearly observed and 
more significantly changed after the earthquake than that in 
the ascending orbital images because the microwave 
azimuth is almost perpendicular to the direction of the city 
blocks in the descending orbital images. 

By using the descending pair images, the difference of 
the backscattering coefficient and the correlation coefficient 
between the pre- and post-event images are calculated.  In 
the collapsed buildings, the difference and the correlation 
show higher and lower, respectively, than less damaged 
buildings.  Based on the characteristics of the indices, the 
preliminary discriminant analysis is applied to extract the 
collapsed buildings.  The accuracy of the damage detection 
is evaluated.  The result shows that almost 70% of the 
collapsed buildings are correctly extracted in the analysis. 
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Abstract:  To quantitatively evaluate the extent of spatial deformation of the earth’s surface due to an earthquake, 
well-georectified remotely sensed data with high pixel resolution taken before and after the event are useful. The ASTER 
and PRISM optical sensors onboard the Terra and ALOS satellites, respectively, are capable of along-track stereoscopic 
shooting to generate a digital elevation model (DEM), which is then used to create an orthorectified image in a single 
flight observation. The present study applies subpixel-based image registration using pre- and post-earthquake 
orthorectified images to measure the displacement distribution in the fault rupture region of the 2010 Baja California (El 
Mayor-Cucapah), Mexico earthquake. 

 
 
1.  INTRODUCTION 
 

High-resolution remote sensing can be used to assess 
damage at building level (Gusella et al. 2005) or to evaluate 
ground damage, such as that associated with landslides, in 
regions where field investigation may be difficult. This 
method is thus promising for determining appropriate 
emergency responses following disasters. One powerful tool 
for visualizing ground deformation associated with 
earthquakes is interferometric analysis of synthetic aperture 
radar (SAR) data (Massonnet et al. 1993). Recently, very 
high-resolution satellite optical images have also been used 
to quantify the level of ground displacement (Dominguez et 
al. 2003). The ASTER and PRISM optical sensors onboard 
the Terra and ALOS satellites, respectively, are capable of 
along-track stereoscopic shooting to generate a digital 
elevation model (DEM), which is then used to create an 
orthorectified image in a single observational run. 

On April 4, 2010, a moment magnitude 7.2 
earthquake struck northern Baja California (BC), Mexico. 
The epicenter was located at 32.259°N, 115.287°W at a 
depth of about 10 km. This shallow earthquake, which 
occurred along a strike-slip segment of the boundary 
between the North American and Pacific plates, caused a 
surface rupture along the Borrego fault. In the present study, 
ground displacement due to the earthquake is evaluated by 
sub-pixel correlation analysis using Terra/ASTER and 
ALOS/PRISM images taken before and after the event. 
 
 
2.  SURFACE DISPLACEMENT MAPPING USING 
ASTER AND PRISM IMAGES 
 

For pre- and post-event data, we used orthorectified 
Terra/ASTER images with a ground resolution of 15 m, 
acquired on April 15, 2005 and April 13, 2010, respectively. 
Fig. 1(a) shows the post-event, false color image. Both 
images were processed by the GEO Grid system (Sekiguchi 
et al. 2008), taking into account the surface elevation 
determined using the along-track stereoscopic capability of 
ASTER. This is based on the use of two telescopes in the 
near-infrared band, one for nadir viewing and the other for 
backward viewing. About one month after the event (May 2, 
2010), the Borrego Valley region was imaged by the PRISM 
sensor onboard the ALOS satellite (see Fig. 2(a)). This 
sensor is also capable of generating a digital elevation model 
in a single observational run, and using the GEO Grid 
system, an orthorectified image of the region with a ground 
resolution of 2.5 m was produced. An image acquired on 
September 14, 2009 was used as the pre-event reference. 

Ground displacements can be determined from offsets 
calculated by local cross-correlation of the pre- and 
post-event orthorectified images (Avouac et al. 2006; 
Leprince et al. 2007). We applied such an image matching 
technique to the ASTER and PRISM image pairs. First, 
10-pixel step tie points are obtained using optimal pixel pair 
selection, by searching sub-pixel by sub-pixel at the position 
that yields the highest cross-correlation within a local 
window between the slave (post-event) and master 
(pre-event) images. The size of the local window for the 
cross-correlation calculation is 31 × 31 pixels, and regions 
for which the cross-correlation coefficient is ≥0.7 are stored 
in the tie-point list. Slave image co-registration is then 
carried out by fitting a second-order polynomial to points in 
the list with a correlation coefficient larger than 0.95. Finally, 
disparities can be calculated from the residuals for the 
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original and co-registered pixels along the x (east-west) and 
y (south-north) directions in the slave image. 

Figs. 1(b) and (c) represent, respectively, displacements 
due to the earthquake along the east-west and the 
south-north directions. Although there is some evidence for a 
south-north component of ground deformation, the east-west 
displacement image exhibits a regular stripe pattern which 
might be caused by satellite oscillation during the orbital 
flight. The results of the analysis based on the pair of PRISM 
images are shown in Fig. 2. Although some sensor-induced 
linear artifacts are evident, co-seismic displacement 
associated with a right-lateral strike slip along both the 
east-west and south-north directions can be clearly seen. 
This is due to the higher spatial resolution of the PRISM 
sensor in addition to the greater operating stability of the 
ALOS platform. 
 
 
3.  SURFACE DISPLACEMENT MEASUREMENT 

OF EARTHQUAKE FAULT 
 
In order to carry out wide-area mapping of the surface 
deformation, we analyzed neighboring PRISM post-event 
images captured on June 6, May 31, and April 15, 2010, and 
pre-event images captured on April 29, 2009, Oct. 10, 2008, 
and May 28, 2009. Figs. 3 and 4 show the displacements 
along the east-west and the south-north directions, 
respectively. The decorrelated areas representing crop fields 
near the epicenter and the Colorado River Delta located in 
the south-east region blind the fault trace in these regions. 
Horizontal slip vector profiles were measured along the six 
line segments shown in Figs. 3 and 4, running across the 
fault trace. The resulting east-west and south-north 
components are shown in Fig. 5. Despite the presence of 
high-frequency noise due to matching errors, a discontinuity 
is visible for both directional components. Fig. 6 shows the 
mean and the standard deviation (error bars) of the 

Figure 1 Displacements measured by sub-pixel 
correlation of pre- and post-earthquake ASTER images. 
(a) False color ASTER image taken after the earthquake. 
(b) East-west component distribution. Displacements are 
positive toward the east. (c) South-north component 
distribution. Displacements are positive toward the 
south. (d) Legend for sub-pixel offset and corresponding 
horizontal displacement based on the spatial resolution 
of the ASTER image. Image correlation was carried out 
using a sliding 31×31 pixel correlation window and a 
10-pixel step. Spatial resolution of the correlated images 
is approximately 450 m. Decorrelated areas where the 
cross-correlation coefficient is lower than 0.7 are 
discarded and appear in white in (b) and (c). Interpreted 
displacement boundary is indicated by a dotted line. 

Figure 2 Displacements measured by sub-pixel 
correlation of pre- and post-earthquake PRISM images: 
(a) PRISM panchromatic image taken after the 
earthquake, (b) East-west component distribution. 
Displacements are positive toward the east, (c) 
South-north component distribution. Displacements are 
positive toward the south, (d) Legend for sub-pixel offset 
and corresponding horizontal displacement based on the 
spatial resolution of the PRISM image. Image 
correlation was carried out using a sliding 31×31 pixel 
correlation window and a 10-pixel step. Spatial 
resolution of the correlated images is approximately 75 
m. Decorrelated areas where the cross-correlation 
coefficient is lower than 0.7 are discarded and appear in 
white in (b) and (c). Interpreted displacement boundary 
is indicated by a dotted line. 
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displacements determined for the six profiles. A very clear 
discontinuity is observed due to the fault rupture, with 
maximum displacements of approximately 2.0 and 1.5 m in 
the east-west and south-north directions, respectively. These 
displacements determined using PRISM image correlation 
are comparable to the results obtained by detailed field 
surveys (GEER 2010; UNAVCO 2010; EERI 2010). 

 
 
4.  CONCLUSION 
 
This paper reported the use of a sub-pixel correlation 
technique to measure ground deformation associated with 
fault rupture due to the 2010 Baja (El Mayor-Cucapah), 
Mexico earthquake. Pre- and post-event orthorectified 
images obtained by the Terra/ASTER and ALOS/PRISM 
sensors and processed by the GEO Grid system were used 
for this examination. The results indicated that the maximum 
displacement due to the right-lateral strike slip was 
approximately 2.0 and 1.5 m in the east-west and the 
south-north directions, respectively. In future work, we will 
further investigate the validity of these results by comparison 
to data obtained from field surveys and using other types of 
sensors. 
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Figure 4 South-north component of PRISM image correlation. Displacements are positive toward the south. Profiles  

measured along lines AA’ to FF’ are shown in Figs. 5(b) and 6(b). 

 

Figure 5 (a) Profiles of east-west component of ground displacement determined by PRISM image correlation along 
lines AA’ to FF’ in Fig. 3. (b) Profiles of south-north component of ground displacement determined by PRISM image 

correlation along lines AA’ to FF’ in Fig. 4. 
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Figure 6 (a) Mean and standard deviation of results for profiles AA’ to FF’ for the east-west component of ground 
displacement determined using PRISM image correlation. (b) Mean and standard deviation of results for profiles AA’ to 

FF’ for the south-north component of ground displacement determined using PRISM image correlation. 
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Abstract:  Heavy casualties and severe property losses occurred by the tsunami in the Tohoku Off-Pacific-Coast 
Earthquake on March 11, 2011. Satellite visible images are easy to grasp damages caused by disasters, but they cannot be 
obtained in nighttime. Hence a blank time of information may occur if a disaster happens in nighttime. On the other hand, 
satellite thermal infrared images can be taken in nighttime while it has an inferior spatial resolution. Thermal infrared 
images are also expected to grasp flooded areas by tsunami using the temperature distribution. This study extracts the 
flooded areas by ASTER thermal infrared images by calculating the difference in temperature before and after the 
earthquake. Applications of the extraction methods are demonstrated for Soma and Ishinomaki cities, where significant 
tsunami damages are observed. The results are compared with ASTER false color images and the inundated area map 
created by Geospatial Information Authority of Japan to evaluate the extraction accuracy. These comparisons show a 
reasonable agreement in flooded areas with daytime and nighttime images. The extraction results are also compared with 
NDVI images and high correlation between them is observed.  

 
 
1.  INTRODUCTION 

 

Heavy casualties and severe property losses occurred 

by the Tohoku, Japan Earthquake on March 11, 2011 (The 

Headquarters for Earthquake Research Promotion 2011). In 

particular, the tsunami damage was significant causing 

transportation and information networks’ suspension, by 

which it became difficult to grasp the overview of damage 

distributions. Early damage detection is very important to 

engage in the rapid response to disasters. Recently, a remote 

sensing is widely used especially at the sites where the 

access from the ground is limited and the damage distributes 

over a wide range (Kouchi and Yamazaki 2007, Rathje and 

Adams 2008). However, it generally takes time for visual 

interpretation of satellite images to recognize the damage 

distribution. In addition, many of satellite images such as 

visible and near infrared images cannot be used during 

nighttime, and thus "blank time" may occur. On the other 

hand, thermal infrared images can be used during daytime 

and nighttime without depending on sunlight (Hanada and 

Yamazaki, 2011). Yamazaki et al. (2009) extracted the edges 

of buildings, roads, and greens clearly by aerial thermal 

infrared images in urban regions. Although a spatial 

resolution of satellite thermal infrared images is inferior to 

aerial thermal infrared images, it can grasp large scale 

disasters like massive inundation by tsunami.  

This study uses ASTER thermal infrared bands 

images taken before and after the Tohoku earthquake. The 

flooded areas are extracted by taking the difference in 

temperature between those images. Applications sites are 

selected in Soma and Ishinomaki cities, where significant 

tsunami damages are observed. The accuracy of the 

extraction method is evaluated by the comparison with 

ASTER false color images and the inundated area map 

created by Geospatial Information Authority of Japan alias 

GSI (2011a). Comparing the thermal infrared images and 

NDVI images, the effectiveness of thermal infrared images 

in detecting inundated areas is discussed. A further 

improvement of flooded area extraction is expected in a 

future, which may lead to a rapid response by quickly 

recognizing tsunami effects distribution. 

 

 

2.  METHODOLOGY 

 

2.1  Analysis Data 

During the Tohoku earthquake on March 11, 2011, 

many regions experienced tsunami damages along the 

Pacific coastline. As a study area, Soma City in Fukushima 

Prefecture and Ishinomaki City in Miyagi Prefecture were 

selected, where serious damages were observed by the 

tsunami (Figures 1 and 2). Thermal infrared images were 

selected before and after the earthquake to detect flooded 

areas. To eliminate the seasonal variations in temperature as 

much as possible, pre- and post-event images taken in the 

same season in different years were used. Table 1 shows  

property of Figures 1, 2 and ASTER visible images for 

comparison at the same period. Table 2 lists maximum and 

minimum air temperature of each date. Figures 1a and 1b are 

the pre- and post-event ASTER thermal infrared images, 
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which are mosaicked around Soma City in nighttime. The 

upper image of Figure 1a was taken on February 21, 2010 

and the lower image was taken on January 15, 2008. The 

upper and lower images of Figure 1b were taken on March 

12, 2011. Each image was taken at approximately 21:30 in 

Japan Standard Time (JST). Figures 2a and 2b show pre- and 

post-event ASTER thermal infrared images of Ishinomaki 

City in daytime. The both images were taken on April 7, 

2009 and April 6, 2011 at approximately 10:30 (JST), 

respectively. These images are level B1 products, using a 

temperature value converted by digital number. 

 

2.2  Estimation of the flooded areas by thermal infrared 

images 

ASTER thermal infrared sensor has 5 bands ranging 

from band 10 to band 14. Each band can observe various 

wavelengths. The band 10 images were used in the analyses 

because there was no significant difference between these 

bands for the study purpose. The minimum size of 

recognition is in the order of 100 m because a spatial 

resolution of the thermal infrared band is 90 m. 

The difference of the pre- and post-event thermal 

infrared images was calculated to grasp the temperature 

change visually. In the nighttime images, the areas where the 

temperature increased after the earthquake were considered 

as flooded. On the other hand, in the daytime images, the 

area where the temperature decreased was considered as 

flooded. The accuracy of these assumptions is discussed in 

the following section by comparing with ASTER false color 

images in daytime, taken in the similar condition. 

 

2.3  Comparison between thermal infrared images and  

NDVI images 

     The thermal infrared images are compared with 

ASTER NDVI images for tsunami damaged areas taken in 

the similar season. First, the difference of NDVI between the 

pre- and post-event images was calculated. Then, the upper 

and lower NDVI values were inverted if the thermal infrared 

images for comparison were taken in nighttime since water 

had higher temperature compared with other land-covers. 

The difference of the pre- and post-event thermal infrared 

images was also calculated. Then, the inverted difference of 

NDVI images was adjusted to produce the same maximum 

and minimum values with those of the thermal infrared 

images by histogram matching. Finally, calculate the 

difference of thermal infrared and NDVI images after 

adjusting resolution of thermal infrared image to NDVI 

image. Through these processes, the comparison between 

the thermal infrared and NDVI images could be visually 

carried out. 

 

 

3.  RESULTS 

 

3.1 Detection of flooded area in Soma City at nighttime  

 Flooded areas were detected using the nighttime 

thermal infrared images. In the nighttime images, the 

flooded areas show an increase in temperature because water 

 

Min  Max 

(1) 

a b 

Figure 1  ASTER thermal infrared images, clipped for 
Soma City. a: Pre-event, b: Post-event. 

Table 1  Property of the images used in this study 

 
ASTER TIR image (resolution: 90m) 

 
Pre-event Post-event 

Soma 
(Nighttime) 

Upper: Feb. 21, 2010 
March 12, 2011 

Lower: Jan. 15, 2008 

Ishinomaki 
(Daytime) 

April 7,2009 April 6, 2011 

   

 
ASTER False Color and NDVI image 

(resolution: 15m) 

 
Pre-event Post-event 

Soma 
(Daytime) 

April 7, 2009 March 19, 2011 

Ishinomaki 
(Daytime) 

April 7, 2009 April 6, 2011 

 Table 2  Max and min air temperature of each date 

Date 
(Sort by Month) 

Air Temperature (
o
C) 

Max Min 

January  15,  2008   5.3 -1.5 

February  21,  2010   6.4 -1.6 

 March   12,  2011   8.8 -1.1 

 March   19,  2011   14.2 -0.8 

  April    6,  2011   18.6 2.7 

  April    7,  2009   19.6 6.2 

 

 

Min  Max 

Temperature 

a b 

Figure 2  ASTER thermal infrared images, clipped for 
Ishinomaki City. a: Pre-event, b: Post-event. 

(3) 

(2) 

Max:  6.2oC 
Min: -21.5oC 

Max:  6.3oC 
Min: -14.2oC 

Max: 26.8oC 
Min:  -6.6oC 

Max: 24.2oC 
Min:  3.9oC 
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has large heat capacity.  

Figures 3a-c show the images in Soma City whose 

location is shown in Figure 1b (1). Figure 3a shows the 

difference in temperature before and after the earthquake 

displayed -1.8 to 6.0 
o
C. It shows that coastal areas 

experienced the increase in temperature after the earthquake. 

Some inland areas also show an increase of temperature, 

which was caused by clouds existing in the pre-event image.  

Figure 3b shows the estimated flooded area obtained 

from Figure 3a with the temperature difference greater than 

5
o
C. The threshold value of 5

 o
C was selected based on 

visual comparison with the post-event false color image in 

Figure 3c. These areas are approximately overlapping with 

regions where lots of paddy field exist, and thus seawater 

was sustained after the tsunami inundations. The center of 

the image shows a lagoon whose shapes were significantly 

change by tsunami. These changes can be observed in 

Figure 3b. The change of paddy field shapes by the intrusion 

of sea water were also observed in Figure 3b. These tsunami 

damages were confirmed well by comparing with the 

post-event false color image in Figure 3c. These results 

indicate that the use of ASTER thermal infrared images is 

effective, especially at nighttime. However, the specific care 

is required to apply them for different conditions since 

thermal infrared images are affected by seasons and weather. 

 

3.2  Detection of flooded area in Ishinomaki City at 

daytime  

Flooded areas were detected using the daytime 

thermal infrared images. In the daytime images, the flooded 

areas show a decrease in temperature because water has 

large heat capacity. This difference is generally larger than 

that from nighttime images. 
Figures 4a-c show the area in Ishinomaki City whose 

locations are shown in Figure 2b (2). Many paddy fields 

exist in this site. Tsunami ran up along Sada River and 

caused extensive damage to these areas. Figure 4a shows the 

differences between the pre- and post-event ASTER thermal 

infrared images, displayed -6.0 to 10.0
o
C. Paddy fields were 

inundated by tsunami and show lower temperature even in 

the image taken one month after the earthquake. This is 

because that flooded seawater was sustained by the paddy 

fields and land subsidence due to crustal movements (GSI, 

2011b). Figure 4b shows the estimated flooded areas where 

the temperature difference is less than -1 
o
C in Figure 4a. 

The results show a good agreement with visually observed 

flooded areas in the post-event false color image in Figure 

4c. 

Figure 4d-f shows estuary of Kitakami River in 

Ishinomaki City whose location is shown in Figure 2b (3). 

Tsunami ran up along the river and caused extensive 

damages at this site. The land near the estuary was washed 

away by tsunami and filled with seawater. Figure 4d shows 

the differences between the pre- and post-event ASTER 

thermal infrared images from -6.0 to 10.0
o
C. Many paddy 

fields show lower temperature in the post-event image. 

Figure 4e shows the estimated flooded areas, which is in a 

good agreement with visually observed flooded areas in the 

 

Figure  4 a, d: Difference of pre- and post-event thermal 
infrared images for the enlarged place of Figure 2b (2) and 
(3), b: Estimated flooded area extracted only minimum to 
-1

o
C in Figure 3a and 3b, c: Post-event ASTER false color 

image. 

a d 

b 

 

e 

c f 

 Temperature (oC) 

 

-6.0      10.0 

 Temperature (oC) 

 

-6.0      10.0 

 

Figure 3  a: Difference of pre- and post-event thermal 
infrared images for the enlarged place of Figure 1b (1), b: 
Estimated flooded area extracted only 5

o
C to maximum in 

Figure 3a, c: Post-event ASTER false color image. 

a b c 

Cloud 

 Temperature (oC) 

 

-1.8        6.0 

Lagoon 

Paddy field 
in urban area 
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post-event false color image in Figure 4f. 

These analyses indicate that ASTER thermal infrared 

images are very effective to detect flooded areas also at 

daytime although it requires a specific care to apply to the 

different sites since thermal infrared images are affected by 

season and weather conditions. 

 

3.3  Comparison with Inundated Area Map by GSI 

Figures 5a and 5b shows expected flooded areas from 

the thermal infrared images compared with an inundated 

area map created by GSI for Soma and Ishinomaki cities. 

The inundated areas by GSI are displayed in purple color 

whereas the other parts are displayed in gray scale. The areas 

displayed in red color show the estimated flooded areas by 

this study in Soma City shown in Figure 3b. The areas 

displayed in cyan show the estimated flooded areas by this 

study in Ishinomaki City shown in Figures 4b and 4e. In 

each image, the estimated flooded areas are located inside of 

the inundated areas by GSI, showing a good agreement 

between those. The difference between our estimation and 

GSI map is reasonably explained by the fact that the flooded 

areas decreased over the time. 

 

3.4  Comparison of thermal infrared images with NDVI 

images 

Figure 6a shows the difference of the pre- and 

post-event thermal infrared image at nighttime. Figure 6b 

shows the difference of the pre- and post-event NDVI image 

at daytime that has inverted upper and lower values and 

adjusted to -12.0 and 18.0 using the histogram. Figure 6c 

shows the difference between Figure 6a and 6b. Figure 6a-c 

are displayed for the same interval, -5.0 to 5.0. Figure 6d is 

the ASTER false color image in Soma City, the same to 

Figure 3c. It is observed that the most areas have small 

differences in Figure 6c, indicating a high correlation 

between thermal infrared and NDVI images in nighttime. 

Figure 7a is the difference of the pre- and post-event 

thermal infrared images in Ishinomaki area at daytime. 

Figure 7b is the difference of the pre- and post-event NDVI 

images. Figure 7c is the difference between Figure 7a and 7b 

after adjusting upper and lower values in Figure 7b to -13.0 

and 16.0, respectively. Figure 7a-c are displayed for the 

same interval, -10.0 to 10.0. Figure 7d is the ASTER false 

color image at the same place. Similar to the previous site in 

Soma City, Figure 7c shows small values for the most of 

lower elevation areas, which are urban and flooded areas. It 

is sufficient to grasp the tsunami disaster in urban areas 

although plains located far from the coastal line and 

vegetation in higher elevation areas are slightly different. 

Therefore, ASTER thermal infrared images have relatively 

high correlation with NDVI images in daytime also. 

On the basis of these analyses, ASTER thermal 

infrared images were demonstrated to have high correlation 

with NDVI images for both at daytime and at nighttime in 

the season investigated in this study. Since a spatial 

resolution of thermal infrared images is inferior to that of 

visible and near-infrared images, the NDVI may be more 

suitable to observe the detail of flooded areas. However, 

 

■Inundated Area by GSI ■Increased Temperature ■Decreased Temperature 

Figure 5  Superposition of large temperature difference 
areas on the inundated area map created by GSI. a: Soma 
City (Nighttime), b: Ishinomaki City (Daytime). 

b a 

Cloud 

 

Figure 7  Ishinomaki City. a: Difference of pre- and 
post-event TIR image, b: Difference of pre- and post-event 
ASTER NDVI image, c: Difference of Figure 7a and 7b, d: 
Post-event ASTER false color image. 

 Temperature (oC) 

-10.0  10.0 

 NDVI 
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Temp - NDVI 

-10.0  10.0 
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d 

 

c 

 

Figure 6  Soma City. a: Difference of pre- and post-event 
TIR image, b: Inverted and adjusted difference of pre- and 
post-event ASTER NDVI image, c: Difference of Figure 6b 
and 6c, d: Post-event ASTER false color image. 
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ASTER thermal infrared images can be obtained both at 

nighttime and daytime, and hence they may be especially 

useful to grasp a large scale disaster occurred at nighttime, 

like massive inundation by tsunami. Further exploration is 

required for the application of thermal infrared and NDVI 

images since both images are affected by the difference of 

land-covers, seasons and weather conditions. 

 

 

4.  CONCLUSION 

 

This study uses ASTER thermal infrared images to 

detect flooded areas caused by the Tohoku earthquake 

/tsunami occurred on March 11, 2011. By taking the 

difference of temperatures between the pre- and post-event 

images, the flooded areas were extracted as those where 

temperature increased at nighttime, or decreased at daytime. 

The estimated flooded areas were relatively in good 

agreement with the post-event ASTER false color images. 

The estimated flooded areas were further compared with the 

inundated area map by GSI. The comparison shows that 

most of the estimated flooded areas are within the inundated 

areas, which is reasonably expected since the flooded areas 

decrease over the time. 

The thermal infrared images and NDVI images were 

compared to discuss those similarities. The differences of  

temperature and NVDI values between the pre- and 

post-event times were calculated, respectively and their 

values were adjusted to have the same upper and lower 

values by histogram matching. As the result, high correlation 

between the changes in thermal infrared and NDVI images 

was confirmed. Since a spatial resolution of thermal infrared 

images is inferior to that of NDVI images, thermal infrared 

images may be useful for a large scale disaster like massive 

inundation by tsunami, especially at nighttime. 

A further discuss is required about the threshold 

values to develop an easy and quantitative extraction method. 

Since thermal infrared images are affected by the differences 

of season and weather conditions, the application method 

needs to be verified under various situations. In addition, it is 

difficult to prepare a pair of pre- and post-event images with 

the same condition because thermal infrared images are 

affected by clouds significantly. On the basis of these 

restrictions, the further study will be considered to use GIS 

data as pre-event optical daytime images. It is important to 

build an early detection method for future tsunami disasters 

considering the temperature properties of inundated areas. 
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Abstract:  Influenced area of the Tohoku-oki Earthquake was observed by several Earth observation satellites. And 
observed data was utilized to damaged area estimation, satellite based map production, etc.. Especially, satellite data was 
utilized to analysis for estimation of tsunami affected area and inundation area. We analyzed time series of ALOS data to 
estimate tsunami affected area and inundation area. From this analysis, area of inundation area and decreasing trend of 
inundation area were estimated. And, from comparative analysis of ALOS/PALSAR and EO-1/Hyperion, relationship of 
back scatter coefficient and spectral information was clarified. Moreover, satellite image based map was produced using 
ALOS and THEOS data which acquired before-and-after the Tohoku-oki Earthquake. We distributed this map as free of 
charge through specified WEB pages. And, some volunteers who participated to our activity through SNS cooperated in 
distribution of this map to local government to support their activities. 

 
 
1.  INTRODUCTION 

 

At the Tohoku-oki earthquake, influenced area of 

earthquake was observed by the several remote sensing 

instruments. Especially, satellite remote sensing technology 

was highly used for damage information investigation of 

broad area. Japan Aerospace Exploration Agency (JAXA) 

observed not only east Japan coast but also midland of east 

Japan by Advanced Land Observing Satellite (ALOS, 

“Daichi”). Also, international framework of space based 

observation of natural disasters observed Tohoku area by 

satellite(s) of each member countries. And observed data 

was provided to Japanese government and JAXA. Observed 

data was processed to inform situation of Tohoku area and to 

investigate damages due to earthquake and Tsunami. On the 

other hand, RESTEC received Thailand Earth Observation 

Satellite (THEOS) data directly from GISTDA, Thailand, 

who operates THEOS satellite. And satellite based map was 

produced using ALOS and THEOS imagery collaborated 

with NTT Data Co., Ltd.. Satellite based map was provided 

through specified Web pages as free of charge. And also 

hard print of satellite based map was provided by voluntary 

based activities. 

 

 

2.  SPACE BASED ACTIVITIES OF JAPAN 

 

2.1  Emergency Observation by ALOS 

JAXA operated ALOS satellite for the damage 

detection of the Tohoku-oki earthquake. A first observation 

of the Tohoku-oki earthquake was done by the AVNIR-2  

 
(a) 

 
(b)                     (c) 

Figure 1 Observation results of ALOS from 11 March 2011 

to 14 March 2011: (a) Pre-disaster, (b) 12 March 2011, and 

(c) 14 March 2011 
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(a) 

 
(b) 

 
(c) 

Figure 2 Foot print of ALOS from 12 March 2011 to 21 

April 2011 of the Tohoku area
1)
: (a) PRISM, (b) AVNIR-2, 

and (c) PALSAR 

 

 

sensor on 12 March 2011, a day after the main shock. 

ALOS/AVNIR-2 observed the midland of Tohoku district 

(Figure 1). However, we knew the observation opportunity 

of ALOS was next day in minimum, therefore a first product 

for the Tohoku-oki earthquake was produced using archived 

data of ALOS/AVNIR-2 and it provided to related 

organizations at midnight of 11 March 2011 through the 

specified Web page of JAXA. Observation by ALOS  

 

(a) 

©JAXA  

(b) 

Figure 3 Result of detection of inundated area: (a) Result of 

Miyagi prefecture, and (b) Enlarged view of Natori city 
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Figure 4 Trend of inundated area by Tsunami 
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was continued until 20 April 2011. And ALOS acquired 

totally 643 scenes by PRISM, AVNIR-2, and PALSAR 

sensor. Figure 2 shows foot print of each sensor of ALOS. 

From figure, AVNIR-2 and PALSAR observed the entire the 

Tohoku area. However, PRISM has gap between each orbit 

path. 

 

2.2  Analysis of detection of inundation area by 

Tsunami 

By the observation data of ALOS, we analyzed 

inundated area due to the Tsunami. Figure 3 shows 

inundated area detected by the image interpretation of 

AVNIR-2 imagery. From figure, decreasing trend of 

inundated area can be confirmed. Figure 4 shows time series 

of inundated area of each prefecture calculated from the 

Figure 3. From this figure, inundated area of Miyagi 

prefecture is largest. And inundated area is the order of 

Fukushima prefecture and Iwate prefecture. This 

characteristic might coincide to topographical characteristic. 

Moreover, at Miyagi prefecture, inundated area decreased 

drastically in first 22 days, and also decreased drastically 

after 29 days. At the other prefecture, decreasing trend is 

gentle in first 29 days, and decreased drastically after 29 

days like Miyagi prefecture. We validated this result by very 

high resolution satellite. From validation, approx. 90% 

confidence was confirmed at farm land and residential land 

space. However, at the built-up area confidence value is 

approx. 40% due to the low resolution of AVNIR-2 sensor. 

We also tried to detect inundated area from PALSAR but it 

was difficult to detect inundated area by both image 

interpretation and threshold analysis. Then, we analyzed 

threshold value of PALSAR data for inundated area 

detection using EO-1/Hyperion data. EO-1/Hyperion has 

high spectral resolution capacity that can be classified 

land-use/land-cover particularly. Based on the threshold 

value obtained from comparison of EO-1/Hyperion and 

ALOS/PALSAR, inundated area was estimated shown in 

Figure 5. Inundated area from EO-1/Hyperion is colored in 

red. And inundated area from ALOS/PALSAR based on the 

analytical result of EO-1/Hyperion is colored in orange. 

From comparison of EO-1/Hyperion and ALOS/PALSAR, 

inundated area might be detected precisely in 

ALOS/PALSAR data. And cross validation of PALSAR and 

AVNIR-2 is necessary but decreasing of inundated area on 

the result of PALSAR analysis was confirmed. 

 

2.3  Satellite image based map creation and distribution 

Satellite image based map using ALOS and THEOS 

imagery was created by collaborated activity of RESTEC 

and NTT data Co., Ltd.. We produced 105 maps as before 

earthquake using ALOS imagery, and 105 maps as after 

earthquake using ALOS and THEOS imagery. Figure 6 

shows the index map of produced satellite image based map 

and sample of satellite image based map was shown in 

Figure 7. We were produced satellite image based map of 

costal area of Iwate, Miyagi, and Fukushima prefecture. The 

scale of map is 1:25,000 at A1 print and file is stored as 

geographic PDF format. And we were adopted measure  

 

(a) 

  

(b)                   (c) 

Figure 5 Result of inundated area detection of 

ALOS/PALSAR based on the threshold obtained by the 

analysis of EO-1/Hyperion. 

 

 

function and draw function of PDF file to measure the 

distance and/or area of damages. We distributed our maps 

through the specified web page of both RESTEC and NTT 

data Co., Ltd.. And we required volunteers by the SNS in 

order to distribute hard print of our maps. Based on the our 

request, Teizukayamagakuin University was collaborated 

with us, and print machine and papers were provided from 

Hewlett-Packard Japan, Ltd.. Then, hard print maps were 

distributed to the countermeasures headquarters of 

Fukushima prefecture and so on. All of this activity was 

done by voluntary works of each organization. 
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(a) 

 

(b) 

Figure 6 Index map of satellite image based map: (a) Iwate 

prefecture, and (b) Miyagi and Fukushima prefecture 

 

 

3.  CONCLUSIONS 

 

Space-borne sensor observed damaged area of the 

Tohoku-oki earthquake effectively because damaged area of 

Tohoku-oki earthquake was distributed in north-south 

direction, almost same direction of satellite orbit. Japanese 

earth observation satellite, ALOS, observed approx. 430 

scenes by three sensors. And more than 1,500 products were 

provided to related organization of disaster response. We 

analyzed inundated area by image interpretation of AVNIR-2 

imagery, and decreasing trend of inundation area was 

confirmed. And almost same characteristic of decreasing of 

inundated area was confirmed from combined analysis of 

EO-1/Hyperion and ALOS/PALSAR. It was shown that 

 

 

(a) 

 

 

(b) 

Figure 7 Sample of satellite image based map: (a) before 

earthquake, and (b) after earthquake 

 

 

applicability of hyper-spectral sensor for disaster monitoring, 

and also supporting of SAR analysis. In satellite based map 

production and provide, all activities were done by volunteer. 

It provided to countermeasures headquarters of Fukushima 

prefecture and so on. 
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Abstract:  The 2011 off the Pacific coast of Tohoku earthquake caused extremely large tsunami. The authors conducted 
the field survey in Asahi, Chiba Prefecture after the occurrence of the earthquake. To reveal the extent of 
tsunami-inundated areas in Asahi, satellite images captured after the event were employed. Then, the polygons to show 
the tsunami-inundated areas were developed in the geographic information system (GIS). The authors compared the 
affected areas with the existing tsunami hazard map in Asahi. The relationship between the topographical characteristics 
and the inundated areas was also considered using the digital elevation model. In addition, the results of the numerical 
simulation of tsunami propagation were compared with the inundated areas interpreted using satellite images. 

 
 
1.  INTRODUCTION 
 

The 2011 off the Pacific coast of Tohoku earthquake, 
which occurred on March 11, 2011, triggered extremely 
large tsunami waves. The maximum run-up reached the 
height of 40.4 m in Tohoku district (The 2011 Tohoku 
Earthquake Tsunami Joint Survey Group, 2011). The 
Japanese National Police Agency (2011) confirmed more 
than 15,000 deaths and 3,400 people missing. According to 
Cabinet Office, Government of Japan (2011), the 92.4 % of 
fatalities in Iwate, Miyagi, and Fukushima Prefectures died 
by drowning.  

The tsunami caused by this earthquake also hit Chiba 
Prefecture. The eastern part of Chiba Prefecture, which is 
located more than 300 km away from the epicenter, was 
severely affected and 13 people were killed by tsunami. All 
of the 13 fatalities were found in Asahi City and 2 people are 
still missing. In Asahi City, the number of homes destroyed 
by tsunami was 231 and that of homes partially damaged 
was 443 (Asahi City, Chiba Prefecture, 2011). In addition to 
the damage by tsunami, 100 households were totally 
collapsed because of liquefaction in Asahi City. The people 
in Asahi City were suffered from both tsunami and 
liquefaction although they were away from the severest 
affected areas. 

The authors visited Asahi City, Chiba Prefecture to 
reveal the tsunami-inundated areas. The field surveys were 
performed three times. The first survey was carried out on 
March 18, a week after the earthquake occurrence. The 
authors also visited the site on April 12, and a map to show 
the tsunami-inundated areas developed by disaster 
volunteers was acquired during the survey.  

In this study, the tsunami-inundated areas in Asahi City, 
Chiba Prefecture, are estimated. To achieve this objective, 
the map developed by disaster volunteers and satellite 
images were employed in this study. To draw solid 
tsunami-inundated areas, the authors performed interviews 
in Asahi City on June 28, 2011. We also performed 
numerical simulations of tsunami propagation (Imamura, 
1996), and the results obtained by simulations were 
compared with the estimated tsunami-inundated areas.  
 
 
2.  DEVELOPMENT OF GIS FOR 
TSUNAMI-INUNDATED AREAS IN ASAHI CITY, 
CHIBA PREFECTURE 
 

The authors have visited Asahi City three times for field 
survey and interviews to confirm the tsunami-inundated 
areas. A map developed by disaster volunteers to show the 
extent of tsunami-inundation was provided by city 
government during the second field survey, which was held 
on April 12, 2011. The tsunami-inundated areas were 
identified by volunteers and revealed on a city map by 
highlighters. The authors took photos of these maps, and the 
polygons to show the tsunami-inundated areas were 
developed and projected onto a GIS system. Figure 1 shows 
the tsunami-inundated areas identified by disaster volunteers. 
The map mainly covers Iioka, the eastern part of Asahi City. 
Iioka is the most severely affected area by tsunami in Asahi 
City.  

Remotely sensed imageries are effective to grasp the 
extent of tsunami-inundated areas (Inoue et al., 2007; 
Kouchi and Yamazaki, 2007; Koshimura et al., 2009). As for 
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this event, many resources were provided by Google Crisis 
Response (Google Crisis Response, 2011). The satellite 
imageries, which were captured on March 12, 2011, by 
DigitalGlobe, are available, and they cover the eastern part 
of Asahi City. The quality of image was good enough to 
estimate the extent the tsunami-inundated areas by visual 
inspection. Figure 2 shows the tsunami-inundated areas 
estimated based on visual inspection of satellite images.  

Geospatial Information Authority of Japan (GSI) 
developed the tsunami-inundation maps by interpreting 
aerial images taken on March 12, 2011 (GSI, 2011a). Figure 
3 compares the tsunami-inundated areas shown in Figs. 1 
and 2 with those developed by GSI. As a whole, the three 
tsunami-inundation maps overlap each other. The three areas 
marked with circles were revealed as the areas where the 
estimations do not coincide. The authors visited the sites 

again on June 28, 2011 and interviewed inhabitants to 
confirm the tsunami-inundated areas. Finally, the 
tsunami-inundated areas were estimated as shown in Fig. 4. 
It should be noted that only the map developed by GSI was 
available for the western part of Asahi City. Based on the 
discussion in Fig. 3, the tsunami-inundation map developed 
by GSI give some accurate estimation. Therefore, the 
tsunami-inundated areas in the western Asahi City were 
mainly estimated using the map developed by GSI. 

The tsunami hazard maps have already been developed 
for Asahi City, Chiba Prefecture. They were published in 
2008, and the tsunami-inundated areas were estimated 
assuming the 1677 Empo Boso-oki and 1703 Genroku 
Kanto earthquakes (Asahi City, 2008). Figure 5 compares 

Estimated from the map developed by GSI

Tsunami-inundated areas

Figure 4  Tsunami-inundated areas in Asahi City, Chiba 
Prefecture, after the 2011 off the Pacific coast of Tohoku 

earthquake 

Tsunami-inundated areas after the 2011 EQ.

Tsunami hazard map (Inundation depth)

3 m ~

2 m ~ 3 m

1 m ~ 2 m

0.5 m ~ 1 m

~ 0.5 m

Figure 5  Comparison between the tsunami hazard map 
and the tsunami-inundation map after the 2011 off the 

Pacific coast of Tohoku earthquake 

Tsunami-inundated areas
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1.5 – 2
1 – 1.5
0.5 – 1
0.1 – 0.5
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Figure 6  Distribution of the elevations in Asahi City, 
Chiba Prefecture and the tsunami-inundated areas 

Tsunami-inundated area identified by disaster volunteers

Figure 1  Tsunami-inundated areas in Asahi City, Chiba 
Prefecture, identified by disaster volunteers 

Tsunami-inundated area estimated from satellite images

Figure 2  Tsunami-inundated areas in Asahi City, Chiba 
Prefecture, estimated from satellite images 

Tsunami-inundated area in Fig. 1
Tsunami-inundated area in Fig. 2
Tsunami-inundated area developed by GSI

Figure 3  Comparison between tsunami-inundated areas 
shown in Figs. 1 and 2 and those developed by GSI 
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the tsunami hazard map with the tsunami-inundated areas 
after the 2011 Tohoku earthquake. According to the figure, 
the eastern part of Asahi City, such as Iioka, was affected 
more severely than they had expected because of this event. 
The seawalls with the height of approximately 4 m were 
installed in Iioka, however, the tsunami waves climbed over 
the walls and hit the residential areas.  

The run-up heights of tsunami in Asahi City, Chiba 
Prefecture were estimated using digital elevation model. In 
this study, the digital elevation model developed by GSI was 
employed. The elevations are revealed in 10 x 10 m grid 
cells. Figure 6 shows the distribution of the elevations in 
Asahi City and the tsunami-inundated areas developed by 
this study. Then, the run-up heights of tsunami were 
extracted based on Fig. 6. The elevations were detected with 
the interval of 100 m along the edge of the 
tsunami-inundated areas (Fig. 7). According to the figure, 
the run-up heights of tsunami in Asahi City are estimated to 
be 5.0 m on the whole. The maximum run-up height is 
locally estimated to be more than 7.0 m.  

Employing the pre-event satellite images installed in 
Google Earth, the land use classifications in the coastal area 
were interpreted. The satellite images were projected to the 
map coordinate system, and the locations of tide prevention 
forests and the seawalls were manually identified (Fig. 8). It 
is observed that the tsunami-inundated areas spread along 
the rivers. The seawalls did not work well because the 
heights of tsunami waves exceeded those of seawalls. On the 
other hand, the tsunami-inundated areas did not spread so 

much behind the tide prevention forests. The heights of the 
trees looked high enough to keep down the tsunami waves in 
Asahi City. 
 
 
3.  NUMERICAL SIMULATION OF TSUNAMI 
PROPAGATION 
 

Numerical simulation of tsunami wave propagation was 

West side East side

Figure 7  Elevations along the edge of the 
tsunami-inundated area 

Irrigation 
canal

Mena River

Tsunami-inundated areas

Tide prevention forest

Seawall

Yasashi
River

Iioka

Figure 8  Land use classificatrions in the coastal area in 
Asahi City, Chiba Prefecture and the tsunami-inundated 

areas 

 

 Depth 

(km) 

Length 

(km) 

Width 

(km) 

Strike 

(deg) 

Dip 

(deg) 

Rake 

(deg)

Slip 

(m)

1 5.1 186 129 203 16 101 24.7

2 17.0 194 88 203 15 83 6.1 
 

Figure 9  Seismic fault model developed by GSI 

 
Figure 10  Vertical displacement of sea bottom 
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also performed to estimate the tsunami-inundate areas in 
Asahi City, Chiba Prefecture. The seismic fault model 
developed by GSI (GSI, 2011b) was employed to assume 
the vertical displacement of sea bottom (Fig. 9). Figure 10 
shows the vertical displacement estimated based on Okada’s 
method (Okada, 1985). Assuming incompressibility of water 
layer, the estimated vertical displacement of sea bottom is 
regarded as the tsunami initial profile. 

We use the TUNAMI-code (Imamura, 1996) for 
modeling propagation and coastal inundation of tsunamis. In 
this model, a set of non-linear shallow water equations with 
bottom friction terms are discretized by the leap-frog finite 
difference scheme. This model is widely used to simulate 
tsunami propagation and inundation on dry land (Koshimura 
et al., 2006). Based on the shallow water theory, the 
continuity equation can be expressed as 
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where D is the summation of η and the still water depth, h. n 
is the Manning’s roughness coefficient.  

In the numerical simulation, the target region was 
divided into four sub-regions with different grid lengths, 
which are 1350, 450, 150, and 50 m. The sub-region with 
coarse grids is set in the deep sea and that with fine grids is 
installed in the near shore zone (Shuto, 1991). The still water 
depth, h, is assigned in each grid cell using the bathymetry 
data developed by Japan Coast Guard. The elevations of the 
land developed by GSI are also considered to estimate the 
inundated areas.  

The variations of Manning’s roughness were assumed 

as shown in Table 1. The Manning’s roughness coefficients 
were assigned with respect to the land use classifications 
(Kotani et al., 1998). We consider the tsunami propagation 
for three hours after the earthquake occurrence. Time step in 
the numerical simulation is selected to be 0.15 s.  

The result of numerical simulation was compared with 
the record of tide gauge. In Chiba Prefecture, a tide station is 
operated by Japan Meteorological Agency (JMA) at Choshi 
fishing port. Figure 11 compares the heights of tsunami 
waves estimated by numerical simulation and those recorded 
at the tide station. According to the figure, the estimated 
maximum height of wave shows a good agreement with the 
recorded one. The arrival time of the first tsunami wave 
almost coincides with the tidal record. It is required to 
reexamine the seismic fault model to obtain better 
estimations.  

Figure 12 compares the tsunami-inundation depth 
obtained by numerical simulation with the 
tsunami-inundated areas constructed by this study. The 
distribution of tsunami-inundated areas has a similar 
tendency comparing with the result by numerical simulation. 
The tsunami-inundated areas almost cover the areas with the 
estimated inundation depth of more than 1 m. The 
tsunami-inundated areas were mainly constructed based on 
the satellite and aerial images which were captured a few 
days after the earthquake occurrence. Hence, the areas 
covered with shallow water are difficult to be interpreted. 
This may result in the gap between the result of numerical 
simulation and the tsunami-inundated areas constructed by 

Table 1  Definition of Manning’s roughness coefficient 

Land use 
Manning’s roughness 

coefficient (m-1/3s) 

Residential district 0.040 

Agricultural land 0.020 

Forest land 0.030 

Body of water 0.025 

Others 0.025 

 

Figure 11  Comparison between the heights of tsunami 
waves estimated by numerical simulation and those 

recorded at Choshi, Chiba Prefecture 

Tsunami-inundated areas

5 – 8 m

3 – 5 m

2 – 3 m

1 – 2 m
0.5 – 1 m

0 – 0.5 m

Estimated inundation depth

Figure 12  Comparison between the inundation depth 
estimated by numerical simulation and the 

tsunami-inundated areas developed by this study. 
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this study.  
 
 

4.  CONCLUSIONS 
 
In this study, the tsunami-inundated areas in Asahi City, 

Chiba Prefecture, after the 2011 off the Pacific coast of 
Tohoku earthquake were estimated. First, the map drawn by 
disaster volunteers and satellite imageries were employed to 
detect the tsunami-inundated areas. Then, the topographical 
features in the inundated areas were investigated. The 
numerical simulation of tsunami propagation was also 
performed to estimate the tsunami-inundated areas in Asahi 
City, and its results were compared with the estimated 
tsunami-inundated areas. 

Considering the different sources to detect the 
tsunami-inundation areas and performing interviews to 
inhabitants, the GIS dataset for tsunami-inundated areas was 
constructed. The run-up heights of tsunami waves in Asahi 
City were approximately 5 m considering the digital 
elevation model. Although the seawalls did not work well, 
the tide prevention forests might be effective in keeping 
down the tsunami waves. 

According to the comparison between the result of 
numerical simulation and the constructed tsunami-inundated 
areas, the estimations by numerical simulation overestimate 
the extent of tsunami inundation. The constructed 
tsunami-inundated areas almost cover the areas with the 
estimated inundation depth of more than 1 m. Since the 
tsunami-inundated areas were mainly constructed based on 
the satellite images which were captured a few days after the 
earthquake occurrence, the areas completely inundated with 
deep water were to be detected. This may result in the gap 
between the result of numerical simulation and the detected 
tsunami-inundated areas. 
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Abstract:  An array observation system of strong ground motions, which was named Small-Titan and deployed in 
Sendai City, succeeded in obtaining strong ground motions during the 2011 Great East Japan Earthquake. The system 
consists of 20 observation sites with different site conditions and has obtained many records over 500 for various kinds of 
earthquakes since its installation in 1998. This paper describes the background leading to the observation of 
strong-motion records for the 2011Great East Japan Earthquake and to outline some characteristics of the records.   

 
 
1.  INTRODUCTION 
 
     An array observation system of strong ground motions, 
which was named Small-Titan and deployed in Sendai City 
in Japan, has obtained many records over 500 for various 
kinds of earthquakes since its installation in 1998 
(Kamiyama et al. 1999, Shoji and Kamiyama 2000). 
Small-Titan was installed by the Tohoku Institute of 
Technology to advance the study of earthquake engineering 
and the name is due to the acronym of “Strong Motion Array 
of Local Lots by the Tohoku Institute of Technology Area 
Network.” The observation system consists of 1 observation 
center as well as 20 observation stations, where seismograph 
is placed at the surface of free ground, based on the ” simple 
extended array” system model (Iwan 1991). It was designed, 
as a small scale, similarly to the planning concept of K-NET 
(Kinoshita 1998). 
    Small-Titan also succeeded in obtaining strong-motion 
records at 17 observation sites among its total number of 20 
sites during the 2011 Great East Japan Earthquake on March 
11, 2011. The earthquake occurred at a Pacific-ocean region 
of about 150 km far from Sendai City with a magnitude of 
9.0 and triggered various kinds of damages such as tsunami 
disaster to Sendai that is the largest-populated city in the 
Tohoku district of Japan. These records show enormous 
acceleration amplitudes with a long duration of some 10 
minutes, reflecting the largest source of earthquake in the 
Japanese history. At the same time, they provide a rare 
example of how to obtain records because they were 
observed under the severe condition of tsunami invasion. 
The objective of this paper is to describe the background 
leading to the observation of the strong-motion records 
under such a severe condition and to outline some 
characteristics of the records. 

2.  OUTLINE OF SMALL-TITAN 
 
2.1  System Layout 

Small-Titan consists of 20 observation stations and one 
observation control center that are both situated in Sendai 
City (Kamiyama et al. 1999, Shoji and Kamiyama 2000). 
Figure 1 shows a system layout of Small-Titan and Figure 2 
demonstrates the deployment of the observation stations in 
the city. The average station-to-station distance is about 4 
km and each station was installed at various kinds of soils to 
effectively detect local site conditions. The observation 
center constantly monitors the seismographs at the 
observation stations and acquires automatically 
strong-motion data by a telemetry system that uses the fast 

Figure 1  Small-Titan System Layout 
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public digital phone circuit network, ISDN-NTT INS64. The 
Sendai City zone was selected as a model field for 
Small-Titan mainly for the following reason: The Sendai 
region exists near Japan’s most eminent sea area repeatedly 
triggering large inter-plate earthquakes. In addition, an active 
fault named the Nagamchi-Rifu Fault runs across the center 
of Sendai City from the southwest to the northeast. These 
facts suggest a high seismicity in this region.  
     Each observation station of Small-Titan is equipped 
with the digital seismograph RTS-2. RTS-2 was specially 
designed and produced by a seismograph maker, aimed at 
the specific use for Small-Titan. The principal specification 
of RTS-2 and its main device parts are as follows: 

     Acceleration detector：（Amplitude band:±2000 gal, 
        frequency band: 0.02～32Hz flat , 3 components） 

A/D transform capacity：（24 bits） 
Compact flash memory card:（10MB） 
DSP (Digital Signal Processor) 
MPU (Micro Processor Unit) 
GPS (Global Positioning System) 

     ISDN communication port (6400 KBPS) 
RS-232C communication port（38400BPS） 
Back up battery :（capacity for power stoppage:  
  3  hours） 
Buffer output unit 
 

2.2  Observation Sites 
     The total observation stations are summarized in Table 
1 and Figure 2 shows the deployment of these observation 
stations. An outlook of each observation station is shown in 
Photograph 1. As shown in Photograph 1, the cabin of each 
station is the same as the one used by K-NET (Kinoshita 
1998) and the equipments of seismograph inside the cabin 
are installed almost similarly to K-NET.   

 The observation stations were deployed taking various 
points such as geological conditions into account. The 
Sendai region shows a clear contrast in geology across the 
Nagamachi-Rifu Fault as shown in the altitude in Figure 2. 
That is, the area has diluvia plateau in the west and alluvial 
lowland in the east across the fault. The observation stations 
here were deployed so as to make it possible to evaluate the 
local site effects resulting from such a clear difference in 
geology. 
     In developing an observation system characterized as 
the so called “simple extended array” (Iwan 1979), the most 
important strategy is to select a site as an appropriate 
reference site so that the amplification factors at each site 
can be effectively estimated. In the case of Small-Titan, the 
S01, SHOK station was selected to meet the reference site 
condition on account that it lies on the outcrop consisting of 
the andesitic deposit, called the Takadate layer.  
 
3.  THE 2011 GREAT EAST JAPAN EARTHQUAKE  
 
     On March 11, 2011, a huge earthquake struck the 

Figure 2  Observation Station Deployment of Small-Titan 

Table 1  List of Observation Stations of Small-Titan  

 

Photograph 1  Cabin of observation station of Small-Titan
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northeastern part of the Honshu island of Japan. The 
earthquake was officially named “the 2011 off the Pacific 
coast of Tohoku Earthquake” by the Japan Metrological 
Agency, JMA, indicating the region name of its source. The 
earthquake also has been tagged various names such as “the 
2011 Great East Japan Earthquake”, “3.11 Great Disastrous 
Earthquake” and so on. In this paper, we call the earthquake 
“the 2011 Great East Japan Earthquake” with emphasis on 
the damaged area. The moment magnitude of the quake was 
registered to be 9.0: the largest magnitude of earthquake 
recorded in and around Japan. The source fault ruptured in 
an extremely extensive area of some 500 km long and 
150km wide with a great slip of some 30 m, triggering 
strong ground motions and tsunami in the Tohoku district. 
The fatal victims of death and missing reached around 
20,000 and various kinds of structures were badly damaged 
in a vast area of east Japan. This jolt was especially 
characterized to cause unpredictable height of tsunami to the 
coast region of east Japan. At the same time, the earthquake 
caused enormous ground motions in a wide area and brought 
about many valuable strong-motion records, mobilizing a 
great number of seismographs installed in the Japanese 
islands. Figure 3 shows a distribution map of seismic 
motions expressed in terms of the Japanese seismic intensity. 
The seismic intensities in Figure 3 were estimated using 
strong-motion records obtained by K-NET and KiK-net of 
NIED: National Research Institute for Earth Science and 
Disaster Prevention (NIED 2011). The maximum seismic 
intensity registered in Figure 3 is 7 at a place in Miyagi 
Prefecture, the largest one of the JMA intensity scales of 10. 
In Figure 3, the area of Sendai City is plotted together with 
other places like the Fukushima nuclear Power Plant. Figure 
3 indicates that Sendai is the largest and most populated city 
near the epicenter with enormous seismic motions. This 
means that Small-Titan concentrated on Sendai City 
provides us with important information of strong motions.   
 
4. PROCEEDINGS OF OBTAINING MOTION 
RECORDS BY SMALL-TITAN FOR THE 2011 
GREAT EAST JAPAN EARTHQUAKE 
 
4.1  Damage to Tohoku Institute of Technology 
     The 2011 Great East Japan Earthquake extensively 
brought about damage to the Tohoku area. The Tohoku 
Institute of Technology, which is the operating institute of 
Small-Titan, also suffered damage from the earthquake. 
Especially the quake triggered power and communication 
outages throughout a wide area of Sendai City. Because of 
such circumstances, Small-Titan had trouble in obtaining 
strong-motion records.  
     Small-Titan was designed to save strong-motion data 
by two ways: one is a way so as to store data, which are 
transmitted from each station using the public digital 
communication network ISDN, in the server at the 
observation control center and the other is to store data, as an 
on-site system, in the compact flash memory equipped in the 
seismograph RTS-2 at each observation station. That is, the 
latter is a function of the backup system for the former way 

that is a usual system to deal with strong-motion records. 
However, the 2011 Great East Japan Earthquake made it 
unable to use the usual way because it brought about the 
outages of power and communication systems as well as 
damage to the offices of researchers of Small-Titan.  
Small-Titan could not depend on the usual way, so the 
researchers of Small-Titan strongly hoped that the backup 
system of storage of data could function normally without 
any trouble. The confirmation of whether or not the backup 
system could function, however, was hampered because the 
researchers of Small-Titan could not move around due to the 
jams of roads and lack of gasoline immediately after the 
earthquake.  
 
4.2  Collection of Compact Flash Memory 
     The collection work of the compact flash memory 
(CFM), which stores strong-motion data as the backup 
system of RTS-2 at each observation station, started around 
March 22, 2011 and completed on April 2. The 2011 Great 
East Japan Earthquake gave damage to the Sendai City area 
due to tsunami as well as due to ground motions. Figure 4 
shows the area invaded by tsunami in Sendai City, together 
with the observation stations of Small-Titan. As shown in 
Figure 4, the site S04, Arahama station: ARAH was clearly 
invaded by tsunami, so the function of CFM at the station 
was thought to be hopeless while the other observation 
stations fortunately avoided being invaded by tsunami. The 
ARAH station, however, miraculously stored strong-motion 
data due to the 2011 Great East Japan Earthquake and some 
aftershocks. On the contrary, the following 3 observation 

Figure 3  Distribution Map of Seismic Intensity in East 
Japan Due to the 2011 Great East Japan Earthquake 
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stations failed to store data probably because of the battery 
trouble, even though they escaped tsunami. The failed 

observation stations are the S06-SENH, S17-TAKA and 
S19-TAGN stations. The backup system of saving data in 
CFM is originally devised so as to start functioning 
automatically after the outage of electricity power supply. 
The battery, which was designed to supply power instead of 
the public electricity circuit for the outage of power, could 
not function at the 3 stations on account of somewhat trouble. 
On the other hand, the S01-ARHA case is a rare example 
showing that observed strong-motion data were perfectly 
saved under the severe conditions of tsunami invasion. The 
proceedings of data collection at the station are described in 
detail in the following.  
     Photograph 2 shows a distant view around the ARAH 
station. The cabin housing the ARAH station is located 
within the court of the Arahama primary school. The area 
around the Arahama primary school was badly damaged by 
tsunami invasion. As shown in Photograph 2, tsunami swept 
away almost everything except for large-scale building, 
leaving some 250 people dead and missing.  Photograph 3 
shows a near view of the Arahama primary school including 
its 4-story main building. The building played an important 
role of shelter when tsunami stroke, saving many people’s 
lives. The cabin of the ARAH observation station exists at a 
backyard site of the 4-story main building. Photograph 4 
shows an outlook of the cabin when we visited there for the 
first time after the tsunami strike. Photograph 4 shows some 

Figure 4  Tsunami Invasion Area in Sendai and 
Observation Stations of Small-Titan 

Photograph 2  Distant View of the Arahama Area 

Photograph 3  Near View of Arahama Primary School 

Photograph 4  Cabin of the ARAH Observation Station 
After Tsunami Invasion 

Photograph 5  Outlook of the Main Building Damaged by 
Tsunami 
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mud left on the roof, clearly indicating the height of tsunami 
exceeded the roof. Photograph 5 is a part of the main 
building. It shows complete damage to the first floor 
whereas the second floor had no damage. This means that 
the height of tsunami around here reached 4~5 m. Despite 
such a height of tsunami and striking of much debris, the 
cabin housing the ARAH observation station remained at its 
original position without any movement and deformation, as 
shown in Photograph 4. This fact should be emphasized 
from a point of view of planning the cabin housing 
strong-motion observation station: the cabin for 
strong-motion observation must withstand under any severe 
environmental conditions. The cabin used here is the same 
model as the cabin of K-NET. This might prove implicitly 
that the K-NET cabin is appropriate for the purpose of 
strong-motion observation. 
     On the other hand, it was quite difficult to enter the 
cabin of the ARAH observation station because of much 
debris around its door. After much hard-labor efforts, the 
door was forced to open and its inner circumstances were 
examined. Photograph 6 shows an outlook of the power 
circuit board equipped within the cabin. It is clear from the 
photograph that the inner volume of the cabin was 
completely immersed by water of tsunami, leaving some 
garbage peculiar to tsunami water. Photograph 7 also shows 

an outlook of the acceleration detector of RTS-2 fixed firmly 
to the observation concrete basement within the cabin. The 
acceleration detector is completely covered by mud carried 
by the flow of tsunami. Photograph 8, on the other hand, 
shows an outlook of the Micro Processor Unit: MPU of 
RTS-2 that is firmly set up to the wall of the cabin. In the 
photograph, the surface cover of the unit is opened for the 
purpose of picturing. This photograph also indicates the 
internal parts of the MPU unit were similarly immersed in 
water. Photograph 9 is an enlarged picture of the unit, 
putting focus on the baseboard for CFM. Photograph 9 
shows mud left even within the MPU unit. Such a condition 
of MPU and CFM was thought hopeless to save data, but 
CFT was withdrawn from MPU with expectation of miracle. 
     The CFM at the ARAHAMA station was examined at 
laboratory and various kinds of trials such as wiping, drying, 
shaking and so on were made, culminating in the success of 
reading strong-motion data. It was finally confirmed that the 
CFM at the ARAHAMA observation station perfectly saved 

Photograph 6  Inside Look of the Cabin at the ARAH 
Observation Station 

Photograph 7  Acceleration Detector Covered by Mud 
Inside the Cabin at the Arahama Observation Station  

Photograph 8  Look of MPU ( The surface cover of MPU is 
opened for picturing and even the inside of MPU was 

invaded by tsunami) 

Photograph 9  An Enlarged Look of MPU (Some mud is 
left on the surface of the power unit. CFM is attached to the 

board unit second from right) 
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the strong motions due to the 2011 Great East Japan 
Earthquake as well as the motion data due to 17 aftershocks 
after the main-shock. The starting time, when the final 
motions of 17 aftershocks were recorded, was 54 seconds: 
52 minutes: 15 hours on March 11. This time stamp, 
needless to say, indicates implicitly when the tsunami 
arrived at the Arahama area. It is quite rare that observation 
system of strong motions recorded the time for tsunami 
arrival. Anyway, people living in the Arahama area had 
about 1 hour before the tsunami arrival after the occurrence 
of earthquake: 18 seconds: 46 minutes: 14 hours. This 
elapsed time is enough to escape to some shelter places with 
a high altitude, so it is really pity that some 250 people lost 
their lives in Arahama. 
 
5.  THE OBSERVED STRONG-MOTION RECORDS 
 
5.1  Outline of Records at Each Observation Site 
     As described in the above, Small-Titan succeeded in 
obtaining strong-motion records at 17 observation stations 
among the total number of 20 stations. Table 2 shows a list 
of strong-motion records obtained during the 2011 Great 
East Japan Earthquake. In Table 2, maxima of acceleration 
of three components’ records are listed together with  
maxima of velocity, seismic intensity value and its scale. 
Table 2 indicates that there was a site showing the maximum 
scale of seismic intensity 7 even in the Sendai City area. 
Figures 5 to 7 show, respectively, the three-component 
records: NS, EW and UD components observed at each 
station. We can see from these figures that strong ground 
motions differ from station to station depending on their 
local soil conditions. Figure 8 shows a map of seismic 
intensity numerically obtained from the strong-motion 

records. This figure indicates that seismic intensity, which is 
considered to be the most reliable parameter controlling 
earthquake damage, also varies from site to site depending 
on local site conditions.  
 
5.2  Three Components’ Records and Response Spectra          
     Figures 9 and 10 show three components records and 
their velocity response spectra at two representative stations: 
S01-SHOK and S11-CCHG. The two stations, respectively, 
are the observation sites showing the minimum and 
maximum of seismic intensity among all the sites. Figure 9 
shows the raw records of acceleration observed at the two 
stations without cutting the duration time of recording. The 
Small Titan system is devised to record strong motions as 
long time as acceleration amplitude exceeds some value: 2 
gals here. This means that strong motions here lasted for a 
duration time of 10 minutes, exceeding 2 gals. The observed 
strong-motion records might be the first example to show 
such a long duration of motions. At the same time, Figure 9 
indicates that acceleration amplitudes differ remarkably 
depending on each local site condition. Such a difference of 
amplitudes is plotted, as spectral feature, in Figure 10. 
Figure 10 clearly shows that not only recording amplitudes 
but also period contents are quite different depending on 
local site conditions. The S01-SHOK station exists on hard 
rock constituting a reference site for the other stations while 
the S11-CCHG station is situated at a site of alluvial lowland 
with deep soft soil layers.     
 
5.3  Permanent Displacements and Orbits of Motions        
     In recent years, numerical integration of acceleration 
records with aid of the base line correction has been tried 
successfully to obtain velocity and displacement 

Table 2  List of Records Obtained by Small-Titan During the 2011Great East Japan Earthquake 

 

- 256 -



records( Joyner 2006). Whether or not to succeed in 
performing correctly numerical integration depends on the 
observation conditions of the original acceleration records. 

The Small-Titan system here consists of a precise 
seismometer enough to correctly record acceleration, 
installed on the firm concrete basement constructed carefully 
not to rotate even during enormous strong motions.  This 
condition of Small-Titan is expected to correctly obtain 
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Figure 7  Strong-Motion Records for UD Component 

A
cc

el
er

at
io

n 
(c

m
/s

ec
/s

ec
)

200sec150100500

Time(S)

S01_SHOK   max= 110 gal

S02_YAGI   max= 329 gal

S03_HSHR   max= 337 gal

S04_ARAH   max= 264 gal

S06_HNAG   max= 336 gal

S07_TAIH   max= 230 gal

S08_KURI   max= 259 gal

S09_TITK   max= 264 gal

S10_TITF   max= 230 gal

S11_CCHG   max= 434 gal

S12_SIKO   max= 204 gal

S13_RENB   max= 247 gal

S14_SAKR   max= 244 gal

S15_MOGA   max= 197 gal

S16_NANK   max= 241 gal

S19_IWAK   max= 280 gal

S20_NAKI   max= 1279 gal

2011Great East Japan Earthq  UD

0 gal

900

Figure 8  Map of Seismic Intensity by Small-Titan 

- 257 -



numerical velocity and displacement records. Figure 11 
shows an example of acceleration, velocity and 
displacement records numerically obtained by such a base 
line correction method at the S05-HNAG station. It is clear 
in Figure 11 that the displacement records have permanent 
ones in each component, especially remarkable permanent 
displacement in the E-W component. Figure 12 shows the 
orbits of acceleration, velocity, and displacement records on 
the horizontal plane. We can see from Figure 12 that the 

displacement motions here have permanent component 
strongly inclined almost in the east direction.  This inclined 
permanent displacement agrees well with the permanent 
displacement observed by the GPS system, GEONET( GSI 
2011). 
 
5.4  Comparisons with Strong-Motion Records 
Observed in the Past        
     It is an interesting theme to compare the strong 
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motions obtained by Small-Titan during the 2011 Great East 
Japan Earthquake with strong motions observed in the past 
earthquakes providing damage. Figures 13 and 14 show 
comparisons of motion records and Fourier spectra between 
the 2011 Great East Japan Earthquake and past earthquakes. 
In these figures, the record obtained at the S11-CCHG 
station of Small-Titan is compared, as one example, with 
representative records obtained by the past earthquakes with 
damage. The records obtained by Small-Titan during this 
time’s earthquake are not so great in record and spectral 
amplitudes compared with representative motion records in 
the past, though being great in the duration of records. As 

described in the above, the highest scale of seismic intensity 
7 was observed in Sendai City by Small-Titan. Such a high 
scale of seismic intensity was observed twice in the past 
damage earthquakes: the 1995 Kobe Earthquake and 2004 
Niigataken-Chuetsu Earthquake. Figures 15 and 16 show 
comparisons of acceleration motion records and their 
response spectra for the three earthquakes giving the highest 
scale of seismic intensity7. Figure 16 indicates that the 
spectral amplitudes at the S11-CCHG station of Small-Titan 
are much smaller compared with the other earthquakes in the 
period-band between 1 and 2 seconds, which is pointed out 
as an effective period-band closely related with earthquake 
damage. The characteristics of motions shown in these 
comparisons might give some explanation that the 2011 
Great East Japan Earthquake brought about less motion 
damage to structures. 
 
6  CONCLUDING REMARKS 
 
     Small-Titan succeeded in obtaining strong-motion 
records at 17 observation sites during the 2011 Great East 
Japan Earthquake. Especially the observation is a rare case 
because it was performed under severe conditions such as 
tsunami invasion and outages of power and communication 
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Figure 13  Comparisons of Strong-Motion Records 
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systems. This paper describes in detail the background of the 
observation process. This experience is a good lesson for the 
future deployment of observation system for strong ground 
motions. Small-Titan has a systematic observation scheme 
of strong ground motions, installed similarly to the concept 
and environment of K-NET. This enhances the value of the 
records because of their quality reliability. The 
strong-motion records by Small-Titan due to the 2011 Great 
East Japan Earthquake are the achievements belonging to 
the operating facility. At the same time, they are also 
scientific assets common to the human being in the world. 
The digital records are now available through the web site: 
http://smweb.tohtech.ac.jp/smalltitan/. 
     The strong-motion records obtained by Small-Titan 
during the 2011 Great East Japan Earthquake showed quite 
differences in records amplitudes and spectra depending on 
each observation site condition. The differences dependent 
on site conditions are almost similar to the ones observed by 
earthquakes in the past. That is, the sites on alluvial lowland 
with soft soil layers showed generally higher amplitudes in 
comparison with the sites on diluvia deposits.  
     The strong motions observed by Small-Titan did not 
exceed the motion levels observed by the past earthquakes 
with damage. Especially, the spectral amplitudes obtained by 
Small-Titan in the period-band of 1~2 seconds, which are 
effective in deciding damage, are much smaller than the past 
earthquakes giving damage. This might be a reason 
explaining why structural damage in the Sendai area was 
less compared with the past damage earthquakes.  
 
 
 
 
 
 
 
 

 
     On the other hand, the 2011 Great East Japan 
Earthquake brought about great crustal movements to the 
Japanese island reflecting its huge magnitude. Such a large 
movement of crust was clearly observed by Small Titan as a 
permanent displacement in the displacement records 
numerically obtained from acceleration. The movements of 
crust include vertical sinking of ground, giving serious 
problem of land use. The permanent displacement should be 
a future problem to be solved, related with earthquake 
disaster. 

  
References: 
Kamiyama, M. Shoji, Y., Matsukawa, T., Asada A. and Nakai N. 

(1999), “An on-line array observation system of earthquake 
motions: the deployment and records”, Structural Eng. and 
Eathq. Eng. (JSCE), Vol.664,NO.54, 283-298 (in Japanese with 
English abstract). 

Shoji, Y. and Kamiyama, M. (2000), “A High-Density Array 
Observation System Small-Titan: An Introduction and it’s 
Strong-Motion Records”, Proceedings of the 12th World 
Conference on Earthquake Engineering, Paper 1469, 2000. 

Iwan, W. D. (1979), “The development of strong-motion 
earthquake instrument arrays”, Earthquake Engineering and 
Structural Dynamics, Vol.17, 413-426. 

Kinoshita, S. (1998) “Kyoshin Net (K-NET)”, Seismological 
Research Letters, Vol.69, 309-332. 

NIED (2011), National Research Institute for Earth Science and 
Disaster Prevention, Home Page, http://www.k-net.bosai.go.jp/. 

GSI (2011), Geospatial Information Authority of Japan Home-Page, 
http://www.gsi.go.jp. 

Boore, D. M. (2001), “Effect of baseline correction on displacement 
and response spectra for several recordings of the 1999 Chi-Chi, 
Taiwan, earthquake, Bull. Seism. Soc. Am. 91, 1199-1211. 

 
 

120sec10080604020

Time(s)

1995 HyogokenNanbu Earthq Fukiai NS

2004 NiigatakenChuestu Earthq Kawaguchi EW

2011Great East Japan Earthq 

-1000gal

0

1000gal

Small-Titan CCHG NS

Figure 15  Comparisons of Strong-Motion Records 
Observed in the Past (Each record showed the highest 

seismic intensity scale 7) 

2

3

4

5

6

10

2

3

4

5

6

100

2

3

4

5

S
pe

c
tr

al
 A

m
pl

it
u
re

(c
m

/
s)

5 6 7 8 9

0.1
2 3 4 5 6 7 8 9

1
2 3 4 5 6 7 8 9

Period)s)

 2011Great East Japan Earthq  Small-Titan CCHG NS
 1995 HyogokenNanbu Earthq Fukiai NS
 2004 NiigatakenChuestu Earthq Kawaguchi EW

 Velocity Response Spectra
 (h=0.05)

Figure 16  Comparisons of Response Spectra Observed in 
the Past (Each spectrum showed the highest seismic 

intensity scale 7) 

- 260 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

LONG-PERIOD GROUND MOTION SIMULATION  
 OF THE 2011 OFF THE PACIFIC COAST OF TOHOKU EARTHQUAKE

 

 
 

Hidenori Kawabe1), Katsuhiro Kamae2), and Hirotoshi Uebayashi3) 
 
 

1) Assistant Professor, Research Reactor Institute, Kyoto University, Japan 
2) Professor, Research Reactor Institute, Kyoto University, Japan 

3) Associate Professor, Research Reactor Institute, Kyoto University, Japan 
kawabe@rri.kyoto-u.ac.jp, kamae@rri.kyoto-u.ac.jp, uebayash@rri.kyoto-u.ac.jp 

 
 

Abstract:  The 2011 off the Pacific coast of Tohoku earthquake of 11 March 2011 occurred in the subduction zone plate 
boundary between the Pacific and North American plates along the Japan Trench. This earthquake caused the Great East 
Japan Earthquake Disaster. In this study, we try to estimate the source model and simulate the strong ground motions of 
this earthquake. First of all, we try to estimate the source model by a forward-modeling approach based on the 
characterized source model using the empirical Green's function method. Based on the results, we proposed a source 
model composed of five strong motion generation areas on the subduction zone plate boundary. Next, we performed a 
long-period ground motion simulation using the 3D finite-difference method. Our simulation target area was the region 
from Miyagi Prefecture to the Kanto basin. The effective period of this simulation is from 3 to 10 sec. The resulting S 
wave amplitude and arrival time of synthetic waveforms are in good agreement with the observed ones. However, the 
later phase amplitudes of synthetic waveforms are smaller than the observed ones. 

 
 
1.  INTRODUCTION 
 

On 11 March 2011, Japan was struck by a massive Mw 
9.0 subduction zone earthquake whose epicenter was off 
Miyagi Prefecture in the Tohoku region (the 2011 off the 
Pacific coast of Tohoku earthquake).The seismic ground 
motions of this earthquake caused severe damage and 
casualties over a wide area from Tohoku into the Kanto 
region. Eastern Japan was also struck by a tsunami, 
wreaking catastrophic damage to coastal areas. 

The long-period ground motions associated with this 
earthquake had less effect on high rise buildings than one 
would expect from the scale of the event. Nevertheless, 
skyscrapers suffered some ceiling collapses and damage to 
internal furnishings, elevators and other equipment. It is 
important to estimate the amplification characteristics, 
attenuation characteristics and other propagation parameters 
of the long-period ground motions associated with this 
earthquake to investigate measures that can be taken against 
such ground motions in future huge earthquakes. 

The first of our objectives is to estimate the source 
model of the 2011 off the Pacific coast of Tohoku 
earthquake using a forward-modeling procedure. Another of 
our objectives is to investigate how well the observed 
long-period ground motions during the earthquake are 
reproduced using our source model and the 3D subsurface 
structure model proposed by the Headquarters for 
Earthquake Research Promotion (HERP). 
 
 

2.  OBSERVED GROUND MOTIONS 
 

The 2011 off the Pacific coast of Tohoku earthquake 
was recorded by well over 1000 strong motion instruments 
of the National Research Institute for Earth Science and 
Disaster Prevention (NIED) and other organizations. Figure 
1 shows the ground acceleration records observed by 
KiK-net strong motion seismograph networks belonging to 
NIED. These acceleration waveforms indicate two 
characteristic wave packets in the region north of Miyagi 
Prefecture. In addition to these two wave packets, different 
characteristic wave packets are observed in the waveforms 
observed in Fukushima Prefecture. In Ibaraki Prefecture, a 
single characteristic wave packet is observed. These 
waveforms suggest that the source process of this earthquake 
was extremely complicated. 
 
 
3.  SOURCE MODELING 

 
In this section, we estimate the source model by a 

forward-modeling approach, based on the characterized 
source model using the empirical Green's function method 
(Irikura, 1986). Using the bandpass-filtered (0.1–10 Hz) 
subsurface records of KiK-net near the coast, strong motion 
generation areas (SMGAs) were designated. Considering the 
shape of the subducting Pacific Plate, the fault plane for this 
earthquake was assumed to pass through the hypocenter 
determined by the Japan Meteorological Agency (JMA) with 
a strike of 195° and dip of 13°. The records from the three 
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events listed in Table 1 were used as the empirical Green’s 
functions. The records at the high S-wave velocity layer (see 
Figure 2) were used to minimize the influence of 
amplification of ground motions in the surface layers on the 
observation records while estimating the source model. Here, 
the SMGA locations, rupture start times and other 
parameters were estimated on the basis of the arrival times 
of the wave packets to each station, based on the wave 
propagation shown by the dashed line in Figure 1. 

Figures 2 and 3 and Table 2 show the SMGA locations 
and source parameters. This source model is composed of 
five SMGAs located on the sea off Miyagi, south Iwate, 
Fukushima and Ibaraki Prefectures. Figure 4 shows 
examples of comparison between synthetic waveforms 
calculated by the empirical Green's function method with the 
observed waveforms. From this figure, it can be seen that the 
observed waveforms are well reproduced at each 
observation station. 

Figure 5 shows a comparison between observed 
waveforms by K-NET of NIED, another observation 

stations 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
stations that were not used for source modeling, and the 
synthetic waveforms calculated by the empirical Green's 
function method. Although the synthetic displacement 
amplitudes at observation stations in the Kanto basin are 
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   (a) Locations of epicenter and observation stations         (b) Acceleration waveforms 
Figure 1  Map of the Epicenter (a Red Star) of the 2011 Off the Pacific Coast of Tohoku Earthquake, KiK-net Strong-Motion 

Stations and Observed Waveforms at the Bottom of Boreholes (Band Pass Filter: 0.1–10 Hz). Dashed lines represent 
propagation of 5 wave packets. 

Table 1  Source Parameters for Small Events 
Event 1 Event 2 Event 3

Origin Time (JST)
* 2005/12/17 3:32 2010/6/13 12:32 2005/10/19 20:44

Latitude (deg.)* 38.449 37.396 36.382

Longitude (deg.)
* 142.181 141.796 141.043

Depth (km)
* 39.9 40.3 48.3

Mj* 6.1 6.2 6.3

Mo (Nm)
**

1.12×10
18

7.94×10
17

3.18×10
18

Strike/Dip/Rake** (deg.)
20/72/19
196/19/86

247/47/72
92/46/108

25/68/88
209/22/94

*
JMA,

**
F-net

IWTH14

IWTH21
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Figure 2  Locations of Epicenters, Strong Motion Generation 
Areas and Seismic Stations. 
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smaller than the observed ones, the synthetic velocity and 
acceleration waveforms generally reproduce the observed 
ones. 
 
 
4.  GROUND MOTION SIMULATION 

 
4.1  Simulation method 

Ground-motion simulations were performed using the 
3D finite-difference procedure presented by Pitarka (1999). 
This approach employs a staggered-grid formulation and is 
applicable to arbitrarily complex 3D elastic media. The 
algorithm is accurate to fourth order in space and second 
order in time and allows for the implementation of a finite 
source with a complex rupture history. We set an absorbing 
region outside the finite computational region and applied 
the non-reflecting boundary condition of Cerjan et al. (1985) 
and the A1 absorbing boundary condition of Clayton and 
Engquist (1977) to the absorbing region. Anelastic 
attenuation is accounted for in the simulations by using the 
technique described by Graves (1996). This approach uses a 
spatially variable Q operator having a linear dependence on 
frequency. 

The surface exposure of the region modeled in the 3D 
finite-difference simulations is shown in Figure 6. The 
finite-difference model covers an area of 412 km (east–west 
direction)  471 km (north–south direction), and extends to a 
depth of 100 km. The grid spacings were 0.3 km 
horizontally and 0.1 to 0.6 km vertically, and the time step 

was 0.0075 sec. The absorption region was 20 grids. 
The 2009 version of the Long-Period Ground Motion 

Hazard Map published by HERP was used in the subsurface 
structure model to estimate long-period ground motions 
during the 2005 Miyagi Earthquake. We used the subsurface 
structure model presented on the HERP website (HERP 
model). Table 3 shows the physical parameters of the HERP 
model, and Figure 7 shows the depth to the top of the 
basement. The physical parameters for Layer 1 in Table 3 
were replaced with the parameters for Layer 2 to carry out 
the finite-difference calculation. The HERP model only 
covered for the region west of 143°E in the analytical model, 
so a horizontally layered structure was assumed for the 
region east of this line by extending the subsurface structure 
along 143°E horizontally to the east. 

We used the source model described in Section 3, but 
the depth of the source model was modified so that the 
source location would be at the plate boundary in the HERP 
model. The values for strike and dip angle in Table 2 were 
used, and the rake angle was assumed to be 90°. The slip 
velocity time function was calculated using the 
approximation proposed by Nakamura and Miyatake (2000). 

The effective period of the simulation was greater than 
3 sec because of the values of the finite-difference grid 
spacing and the physical parameters of the subsurface 
structure model. Since the effective period of our source 
model was 0.1 to 10 sec, the effective period of the synthetic 
waveforms was 3 to 10 sec. 

 

Table 2  Source Parameters for SMGAs 
SMGA1 SMGA2 SMGA3 SMGA4 SMGA5

Strike (°) 195 195 195 195 195

Dip (°) 13 13 13 13 13

Area (km2) 40×40 50×50 21×21 28×28 30×30

Mo (N・m) 5.02×1020 1.12×1021 6.43×1019 1.02×1020 2.58×1020

Stress Drop (MPa) 20.4 23.3 15.7 10.5 23.1

Rise Time (s) 3.6 4.5 1.9 2.5 2.7

Ruptur start time (s) 0.0 39.0 57.0 87.0 102.0

2005/12/17
3:32 M6.1

2005/12/17
3:32 M6.1

2010/06/13
12:33 M6.2

2010/06/13
12:33 M6.2

2005/10/19
20:44 M6.3

Empirical Green's
function event  

Asp 1: 40km×40km

Asp 2: 50km×50km

Asp 3: 21km×21km

Asp 4: 28km×28km

Asp 5: 30km×30km

Rupture starting point
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Hypocenter
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km
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Figure 3  Locations of Epicenters, Strong Motion Generation Areas and Seismic Stations. 

- 263 -



 

 

203

-203

0

24

-24

0

8

-8

0

Obs-NS  Max : 130.28gal Obs-EW  Max : 202.76gal Obs-UD  Max : 84.51gal

Syn-NS  Max : 82.11gal Syn-EW  Max : 122.43gal Syn-UD  Max : 82.19gal

Obs-NS  Max : 17.01cm/s Obs-EW  Max : 23.86cm/s Obs-UD  Max : 9.23cm/s

Syn-NS  Max : 7.98cm/s Syn-EW  Max : 11.53cm/s Syn-UD  Max : 8.27cm/s

Obs-NS  Max : 4.77cm Obs-EW  Max : 7.87cm Obs-UD  Max : 5.96cm

Syn-NS  Max : 2.08cm Syn-EW  Max : 4.62cm Syn-UD  Max : 4.13cm

A
cc

. (
ga

l)
V
el

. (
cm

/s
)

D
is

. (
cm

)

MYGH12

0020 100 (s)  

506

-506

0

27

-27

0

14

-14

0

Obs-NS  Max : 498.53gal Obs-EW  Max : 501.52gal Obs-UD  Max : 222.11gal

Syn-NS  Max : 367.58gal Syn-EW  Max : 506.45gal Syn-UD  Max : 186.28gal

Obs-NS  Max : 23.16cm/s Obs-EW  Max : 26.71cm/s Obs-UD  Max : 10.13cm/s

Syn-NS  Max : 18.23cm/s Syn-EW  Max : 22.65cm/s Syn-UD  Max : 8.38cm/s

Obs-NS  Max : 8.51cm Obs-EW  Max : 13.83cm Obs-UD  Max : 4.38cm

Syn-NS  Max : 7.64cm Syn-EW  Max : 6.89cm Syn-UD  Max : 1.96cm

A
cc

. (
ga

l)
V
el

. (
cm

/s
)

D
is

. (
cm

)

IBR016

0020 100 (s)

79

-79

0

14

-14

0

6

-6

0

Obs-NS  Max : 61.04gal Obs-EW  Max : 78.74gal Obs-UD  Max : 42.76gal

Syn-NS  Max : 66.62gal Syn-EW  Max : 78.44gal Syn-UD  Max : 72.61gal

Obs-NS  Max : 14.13cm/s Obs-EW  Max : 7.47cm/s Obs-UD  Max : 7.33cm/s

Syn-NS  Max : 7.27cm/s Syn-EW  Max : 5.65cm/s Syn-UD  Max : 6.96cm/s

Obs-NS  Max : 6.45cm Obs-EW  Max : 2.78cm Obs-UD  Max : 2.92cm

Syn-NS  Max : 2.57cm Syn-EW  Max : 2.53cm Syn-UD  Max : 1.58cm

A
cc

. (
ga

l)
V
el

. 
(c

m
/s

)
D

is
. (

cm
)

FKSH17

0020 100 (s)  

220

-220

0

22

-22

0

12

-12

0

Obs-NS  Max : 167.83gal Obs-EW  Max : 164.04gal Obs-UD  Max : 50.66gal

Syn-NS  Max : 191.31gal Syn-EW  Max : 220.25gal Syn-UD  Max : 62.66gal

Obs-NS  Max : 22.38cm/s Obs-EW  Max : 22.26cm/s Obs-UD  Max : 8.55cm/s

Syn-NS  Max : 18.48cm/s Syn-EW  Max : 21.51cm/s Syn-UD  Max : 8.01cm/s

Obs-NS  Max : 12.36cm Obs-EW  Max : 10.59cm Obs-UD  Max : 4.76cm

Syn-NS  Max : 8.31cm Syn-EW  Max : 8.03cm Syn-UD  Max : 3.48cm

A
cc

. (
ga

l)
V
el

. (
cm

/s
)

D
is

. (
cm

)

SIT010

0020 100 (s)

126

-126

0

16

-16

0

8

-8

0

Obs-NS  Max : 92.47gal Obs-EW  Max : 89.61gal Obs-UD  Max : 85.08gal

Syn-NS  Max : 125.94gal Syn-EW  Max : 71.86gal Syn-UD  Max : 79.47gal

Obs-NS  Max : 16.22cm/s Obs-EW  Max : 10.03cm/s Obs-UD  Max : 5.93cm/s

Syn-NS  Max : 7.23cm/s Syn-EW  Max : 10.70cm/s Syn-UD  Max : 5.93cm/s

Obs-NS  Max : 7.61cm Obs-EW  Max : 6.10cm Obs-UD  Max : 2.83cm

Syn-NS  Max : 2.39cm Syn-EW  Max : 4.03cm Syn-UD  Max : 2.39cm

A
cc

. (
ga

l)
V
el

. (
cm

/s
)

D
is

. (
cm

)

IBRH14

0020 100 (s)  

224

-224

0

20

-20

0

13

-13

0

Obs-NS  Max : 118.20gal Obs-EW  Max : 158.53gal Obs-UD  Max : 53.64gal

Syn-NS  Max : 190.73gal Syn-EW  Max : 224.49gal Syn-UD  Max : 58.03gal

Obs-NS  Max : 17.59cm/s Obs-EW  Max : 19.54cm/s Obs-UD  Max : 5.07cm/s

Syn-NS  Max : 16.77cm/s Syn-EW  Max : 13.07cm/s Syn-UD  Max : 4.74cm/s

Obs-NS  Max : 10.36cm Obs-EW  Max : 13.42cm Obs-UD  Max : 3.16cm

Syn-NS  Max : 6.22cm Syn-EW  Max : 5.05cm Syn-UD  Max : 2.17cm

A
cc

. (
ga

l)
V
el

. (
cm

/s
)

D
is

. (
cm

)

TKY025

0020 100 (s)

 

 

 

 

4.2  Simulation Results 
Figure 8 compares the observed waveforms with the 

synthetic waveforms. Overall, the propagations of seismic 
ground motion (such as the arrival time and duration) from 
the north into the Kanto basin were reproduced. A more 
detailed look at these results indicates that the amplitude of 
the principal motions and shape of the wave packet are 
reproduced from station MYGH12 in Miyagi Prefecture to 
IBR012 in Ibaraki Prefecture, but the amplitude of the later 

phase of the synthetic waveforms is somewhat lower than 
that of the observed ones. The synthetic waveforms of the 
NS component of the principal motions are overestimated 
for all of the observation stations in the Kanto basin south of 
the SIT010 station in Saitama Prefecture. However, the 
velocity amplitudes of the EW and UD components 
correspond well to the observed values. In addition, not only 
the amplitudes but also the phases of the UD components of 
the observed waveforms are well reproduced by the 

Figure 4  Comparison of Observed (Black Lines) and 
Calculated (Red Lines) Waveforms for Observation 

Stations Using Forward Source Modeling 
(Band Pass Filter: 0.1–10 Hz). 

Figure 5  Comparison of Observed (Black Lines) and 
Calculated (Red Lines) Waveforms for Observation 
Stations That Was not Used for Source Modeling 

(Band Pass Filter: 0.1–10 Hz). 
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synthetic waveforms. However, the later phase amplitudes of 
the synthetic waveform are lower than the amplitudes 
observed at the stations in Kanto basin. One possible reason 
for this is that the source model was composed of only five 
SMGAs, the radiation of ground motions from the other 
source region was not assumed. It is also possible that the 
attenuation parameters in the sedimentary basins might be 
incorrect. These factors will be investigated in a future study. 

Figure 9 shows the maximum ground velocities 
observed by K-NET and KiK-net (surface) stations, and 

Figure 10 shows the estimated maximum velocities. It can 
be seen that there are large horizontal velocities from the 
Sendai basin to the coastal region of south Fukushima 
Prefecture and the Kanto basin, whereas the vertical 
velocities are relatively small in the Kanto basin. These 
trends are reproduced in the synthetic waveforms shown in 
Figure 10. But, except for the eastern part of Tokyo Bay, the 
amplitudes of the synthetic waveforms are somewhat 
underestimated. One possible reason for this underestimate 
is that only subsurface structures with S-wave velocities 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

       

 
Figure 6  Locations of Finite-Difference Simulation 

Area, SMGAs and Observation Stations. 
Figure 7  Depth to the Top of Basement for HERP Model.

Table 3  Physical Parameters for Subsurface Structure Model (HERP Model) 

Qs

1 1.7 0.35 1.8 70
2 1.8 0.5 1.95 100
3 2.0 0.6 2.0 120
4 2.1 0.7 2.05 140
5 2.2 0.8 2.07 160
6 2.3 0.9 2.1 180
7 2.4 1.0 2.15 200 Accretionary Wedge
7' 2.6 1.1 2.2 220
8 2.7 1.3 2.2 260
9 3.0 1.5 2.25 300
10 3.2 1.7 2.3 340
11 3.5 2.0 2.35 400
12 4.2 2.4 2.45 400
13 5.0 2.9 2.6 400
14 5.5 3.2 2.65 400 Basement （Upper Crust 1）
15 5.8 3.42 2.7 400 Upper Crust 2
16 6.4 3.82 2.8 400 Lower Crust
17 7.5 4.46 3.2 500 Mantle
18 5.4 2.78 2.6 200 Oceanic Crust 2
19 6.5 3.48 2.8 300 Oceanic Crust 3
20 8.1 4.6 3.4 500 Oceanic Mantle

RemarksLayer Num.
Vs

(km/s)
Vp

(km/s)
ρ

(g/cm3)
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above 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

above 500 m/s were considered in the finite-difference 
calculation, while the amplification at the surface structures 
were neglected. 

Figures 11 and 12 respectively show the observed and 
synthetic pseudo-velocity response spectra for periods of 4, 
7 and 10 sec. The spectra in Figure 11 indicate large 
amplitudes for periods of 7 and 10 sec in the Kanto and 
Sendai basins, and this is fairly well reproduced in the 
calculated results shown in Figure 12. However, careful 
examination of the spectra for a period of 10 sec shows that 
the calculations overestimate the observed ones in the 
vicinity of Tokyo Bay. This result suggests that the velocity 
and attenuation in the subsurface structure model needs to be 
reconsidered. In addition, Figure 11 shows that for a period 
of 4 sec, large amplitudes were observed at many stations in 
regions other than the Kanto and Sendai basins, whereas this 
behavior was not replicated by the simulation. This is also 
most likely due to the fact that our simulation model did not 
account for the amplification of the surface structure. 
 
 
5.  CONCLUSIONS 

 
In this study, the source model of the 2011 off the 

Pacific coast of Tohoku earthquake was estimated, and 
seismic ground motions with periods of 3 to 10 sec were 
simulated using our source model and the subsurface 
structure model provided by HERP, and then the results 
were compared to the observed ground motions during the 
2011 off the Pacific coast of Tohoku earthquake. 

The main findings were as follows: 
(1) We proposed a source model composed of five SMGAs 

located in the sea off Miyagi, south Iwate, Fukushima 
and Ibaraki Prefectures. 

(2) The propagation of seismic ground motion (such as the 
arrival time and duration) from the north into the Kanto 
basin were reproduced, but the later phase amplitude of 
the synthetic waveforms was somewhat lower than that 
of the observed ones. 

(3) The amplitude of the principal motions and shapes of 
wave packet are reproduced from station MYGH12 in 
Miyagi Prefecture to IBR012 in Ibaraki Prefecture, but 
the later phase amplitudes of the synthetic waveforms 
were somewhat lower than that of the observed 
waveforms. 

(4) At observation stations in the Kanto basin south of 
SIT010 in Saitama Prefecture, the amplitudes of the NS 
components of the predicted waveforms were 
overestimated, but the amplitudes of the EW and UD 
components were consistent with the observed values. In 
addition, not only the amplitudes but also the phases of 
the UD components of the observed waves are well 
reproduced by the synthetic waveforms. 

(5) In the horizontal component, large ground velocities 
were observed from stations in the Sendai basin and 
south Fukushima Prefecture along the coast into the 
Kanto basin. However, in the vertical component, the 
maximum velocities were relatively high in the Sendai 
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Figure 8  Comparison of Observed (Black Lines) and 
Calculated (Red Lines) Waveforms for Finite-Difference 

Simulation (Band Pass Filter: 0.1–0.33 Hz). 
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Basin, whereas they were relatively low in the Kanto 
basin. The calculated results generally reproduced this 
trend. 

(6) The observed pseudo-velocity response spectra showed 
large amplitudes in the Kanto and Sendai basins for 
periods of 7 and 10 sec, and the synthesized spectra 
generally reproduced this trend. However, the spectra for 
a period of 10 sec shows that the synthesized spectra 
overestimate in the vicinity of Tokyo Bay. 

(7) The synthesized 4 sec response spectra underestimated in 
locations other than the Kanto and Sendai basins. Just as 
for the velocity spectra, this is possibly due to the fact 
that the subsurface structure model did not account for 
the wave amplification in the surface structure. 

In this study, the subsurface structure model and our 
source model consisting of five SMGAs were employed to 
simulate ground motions. In future work, this simulation will 
be further refined by considering five SMGAs and the other 
regions of the source area, and reconsidering the subsurface 
structure model. It is hoped that this will provide a more 
accurate representation of the amplitude of the later phase, 
the phase of the principal motions, and other earthquake 
parameters. 
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Figure 12  Pseudo-Velocity Response Spectra for Long-Period Ground Motion Simulation 
(EW component, Damping Ratio: 5%). 

Figure 11  Pseudo-Velocity Response Spectra Observed at the K-NET and KiK-net Stations  
(EW component, Damping Ratio: 5%). 

Period: 4s Period: 7s Period: 10s 

Period: 4s Period: 7s Period: 10s 

- 268 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 
 
 
 
 

ESTIMATION OF SITE AMPLIFICATION AT THE K-NET TSUKIDATE STATION  
WITH SEISMIC INTENSITY 7 DURING THE 2011 OFF THE PACIFIC COAST  

OF TOHOKU EARTHQUAKE 
 
 

Hiroaki Yamanaka1) , Seiji Tsuno2), Kosuke Chimoto3), Yadab. P. Dhakal4),  
Nobuyuki Yamada5), Sun’ichi Fukumoto6), and Kiminobu Eto7)  

 
 

1) Professor, Dept. Environmental Science and Technology, Tokyo Institute of Technology, Japan 
2) Researcher, Dept. Environmental Science and Technology, Tokyo Institute of Technology, Japan 

(Present: Researcher at Railway Technical Research Institute)  
3) Graduate student, Dept. Environmental Science and Technology, Tokyo Institute of Technology, Japan  

4) Researcher, Dept. Environmental Science and Technology, Tokyo Institute of Technology, Japan 
5) Assoc. Professor, Fukuoka University of Education, Japan 

6) Director, Earthquake Engineering Consulting Division, Tokyo Soil Research, Japan 
7) Research engineer, Earthquake Engineering Consulting Division, Tokyo Soil Research, Japan 

yamanaka@depe.titech.ac.jp, tsuno.s.aa@m.titech.ac.jp, chimoto.k.aa@m.titech.ac.jp, dhakal.y.aa@m.titech.ac.jp, 
nyamada@fukuoka-edu.ac.jp, fukumoto.shunichi@tokyosoil.co.jp, eto@tokyosoil.co.jp 

 
 

Abstract:  Strong shaking was experienced in the wide area of the northern part of Japan during the 2011 off the Pacific 
coast of Tohoku Earthquake of 11 March, 2011. Seismic intensities at some of the sites reached the maximum value of 7 
in the intensity scale of Japan Meteorological Agency (JMA). According to the JMA, more than 30 % of wooden houses 
may be heavily damaged in an area with a seismic intensity of 7. However, it turned out that the damage of wooden 
houses was significantly small in the vicinity of K-NET Tsukidate station (MYG004) in Miyagi prefecture, which is one 
of the sites with a seismic intensity of 7 during the main shock. In this study we investigated site amplifications of 
S-waves in shallow soils near the site. We first conducted aftershock observations in the vicinity of the site by installing 
temporary 8 stations in a few days. We also conducted microtremor array explorations to deduce shallow S-wave velocity 
profiles at the aftershock observation stations. From the observed data we estimated the local site amplifications of 
S-waves in the shallow low-velocity layers. It is found that the predominant period of the amplification near MYG004 is 
about 0.2 seconds. However, the site amplification is not the same at a site with a distance of 20m from the strong motion 
site due to differences of surface topographical and geological conditions. Furthermore, the amplifications are also 
different in the area of 1km from MYG004 with changing predominant periods from 0.1 to 0.5 seconds. S-wave velocity 
profiles revealed in the microtremor explorations indicate that the shallow low velocity layers with a thickness of less 
than 10 meters are responsible to the variation of the amplification in the area. The predominant periods in the calculated 
1D amplifications are similar to those observed from the aftershock observations. However, the observed amplification 
factor at the site near MYG004 is two times larger than the calculated one, suggesting an inappropriateness of 1D 
amplifications at the site. 

 
 
1.  INTRODUCTION 
 

Strong and elongated shaking was experienced in the 
wide area of Tohoku region, the northern part of Japan, 
during the 2011 off the Pacific coast of Tohoku Earthquake 
of 11 March, 2011 with a magnitude of 9.0. Seismic 
intensities at some of the sites in the region reached the 
maximum value of 7 in the intensity scale of Japan 
Meteorological Agency (JMA). The peak ground 
accelerations observed at such sites are also large over 1G.  
In particular, the PGA of 2.8G was observed at Tsukidate 
station of the K-NET in northern part of Miyagi prefecture 
(MYG004) during the main shock. According to the JMA, 
more than 30 % of wooden houses may be heavily damaged 
in an area with a seismic intensity of 7. However, it turned 

out that the damage of wooden houses was significantly 
small in the vicinity of the MYG004 station (e.g., 
Midorikawa and Miura, 2011).  Iizuka et al. (2011) pointed 
out that the lack of spectral amplitudes at periods from 1 to 2 
seconds is one of the major reasons for the slight damage at 
the site. Motosaka and Tsamba (2011) discussed time-variant 
characteristics of the ground motion at MYG004, and 
indicated that an uplift of a base foundation of the strong 
motion instrument can be one of the reasons for the large 
PGA.  

In this study we investigated the site amplification of 
S-waves in shallow soils near MYG004 from aftershock 
observation of the March-11 Tohoku Earthquake by 
installing several seismometers. We also conducted 
microtremor explorations at the aftershock observation sites.  
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2.  Strong ground motion at MYG004 
 

The MYG004 is located in the northern part of the 
Miyagi prefecture as shown in Figure 1. The accelerations of 
the ground motion observed at MYG004 are displayed in 
Figure 2. The PGA is significantly high as more than 2.7G. 
The response spectra for the ground motions observed at the 
site during the main shock and some of aftershocks with 
different magnitudes are shown in Figure 3. As suggested by 
Midorikawa and Miura (2011), the dominant periods of the 
spectra are longer with increasing PGAs of the motions 
probably indicating the effects of the non linear site 
amplification effects of the shallow soils. The fundamental 
natural periods of the linear amplification of the soils can be 
identified at a period of 0.1 to 0.2 second from the weak 
motion spectra. However, it is not quite clear in the weak 
motion spectra in the north-south direction. It is noted that 
large PGA was often observed at this station during past 
large earthquakes (Sakai et al., 2010). 
 
 

 
Figure 1. Locations of aftershock observation sites, K-NET 
stations and boreholes. Circles and triangles in the left figure 
show locations for earthquake observation sites and 
boreholes, respectively. Circles in the right figure indicate 
epicenters of aftershocks used in this study. 
 

 
Figure 2. Ground accelerations (top) and velocities (bottom) 
at MYG004 during main shock of the 2011 off the Pacific 
coast of Tohoku Earthquake. The velocities are filtered in a 
period range from 0.1 to 20 seconds. 
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Figure 3. Response spectra for ground motions at MYG004 
during main shock and aftershocks of the 2011 off the 
Pacific coast of Tohoku Earthquake in east-west (left) and 
north-south (right) directions. 
 
 
3  Aftershock observation 
 
31  Outline of observation 

The aftershock observation was conducted in three days 
in April, 2011. The 8 stations are prepared for the aftershock 
observation around the strong motion station of MYG004 as 
shown in Figure 1. Since the MYG004 station is located on 
a small cliff with a relative elevation of about 5 meters, we 
prepared two stations near the MYG004 with a distance of 
about 20 meters. The station 4 is a site on the cut, while the 
station 5 is located on the cliff. The stations 3 and 6 were 
located almost in the foot and top of a hill where the sites 4 
to 5 are also located. The sites 1 and 2 are located in flat area 
of Quaternary layers. The sites 7 and 8 are situated with 
relative low elevations. It is noted that we can see outcrop of 
firm layers with the oldest geological age of Pleistocene 
among all the sites around the site 8. Therefore this site is 
used as a reference site in the study. 

We installed an accelerometer of three-component and 
a data logger at each site. Ground acceleration was 
continuously recorded in the data logger in entire of the 
observational period.   
 

10-3

10-2

10-1

100

10-2 10-1 100 101

Aftershocks

PG
V

 (c
m

/s
)

PGA (cm/s2)
0

20

40

60

80

1 2 3 4 5 6

Aftershocks

D
ep

th
 (k

m
)

Magnitude  
Figure 4. Characteristics of aftershocks and their ground 
motion records. Right shows depths and magnitudes of the 
aftershocks discussed in this study, and left shows 
relationship of peak ground accelerations and peak ground 
velocities of these aftershocks. 
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3.2 Characteristics of observed motion 

Figure 4 shows the PGVs and PGAs of the records 
derived at the aftershock observation sites during the 
aftershocks with depths and magnitudes shown in the figure. 
All the records have PGAs less than 10 gal, indicating liner 
behaviors of soils. Many of the aftershocks occurred at 
depths of 20 to 70 km along the Pacific sea plate where the 
main shock took place. Shallow events can be also obtained 
in the observation. These correspond to aftershocks of 
shallow crustal event in Iwaki city on 11, April 2011. 

An example of the observed ground motions at the 
aftershock stations is displayed in Figure 5. The acceleration 
in the left figure filtered in a period range from 0.1 to 5 sec, 
while the right figure shows the accelerations after a 
band-pass filtering at periods from 1 to 5 sec. The 
amplitudes at the sites 5 are significantly larger than those 
for site 4 in spite of the small distances of the stations. The 
amplitude at the site 6 is also large. The waveforms at site 7 
and 8 are similar to those of the site 4. These features can not 
be found in the long period accelerations.  

Figure 6 shows the spectral ratio at each site to that of 
the site 8. The horizontal spectra were calculated from 
root-mean-square for two horizontal spectra for 20 sec data 
of initial S-wave part. Then the ratios for different events 
were averaged. The ratio for the site 5 has a largest peak at a 
period of 0.2 second, while the ratio is flat without any 
dominant periods for the site 4. This can be interpreted as the 
site effects due to the shallow soils at the site 5. Relatively 
long dominant periods can be seen in the ratio at the sites 1 
and 2 that are located in Quaternary area. The spectrum for 
the site 6 has the longest peak period of 0.6 second 
suggesting the effects of topography of the hill.  

 

  
Figure 5. Ground accelerations obtained at aftershock 
observation sites during an aftershock (2011, Apr. 19 23:10) 
with a magnitude of 5.0 and a depth of 54km. Two left 
figures are the accelerations in north-south and east-west 
directions, and two right figures are those filtered in a period 
range from 1 to 5 seconds. 
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Fig.6. Ratios of horizontal and vertical spectra of S-wave 
parts of aftershock records observed at aftershock 
observation sites to those at site 8. 

 

 
4.  Microtremor explorations 
 
4.1 Outline of observation 
We conducted microtremor array observations at each 
aftershock observation site except for the site 6 in order to 
understand the above-mentioned features of the observed 
ground motions.  

Seven vertical accelerometers were temporarily 
installed at each aftershock site to measure vertical 
microtremors. The sensors were placed in two triangles and 
at their common center to allow us to apply SPAC method 
(Okada et al., 1990) to retrieve phase velocity. Two or three 
arrays were deployed using array radius from 1 to 12 meters.  

Figure 7 shows Rayleigh wave phase velocities form 
the microtremor array data. We can classify the observed 
phase velocity into three types. One is low phase velocities 
in an entire period range for the sites from 1 to 3, while high 
phase velocities are observed at the sites of 4, 7 and 8. The 
site 5 has phase velocities that are middle values between the 
two types of the phase velocities.   

 
4.2  S-wave velocity profile 

The phase velocity at each site was inverted to an 
S-wave velocity profile. We applied a hybrid heuristic 
approach (Yamanaka et al., 2007) for the phase velocity 
inversion. The differences between observed and theoretical 
Rayleigh wave phase velocities were minimized to 
determine S-wave velocities and thicknesses of a layered 
model. In forward calculation in the inversion, we assumed 
effects of fundamental mode of Rayleigh wave.  

Figure 8 shows the S-wave velocity profiles. The 
S-wave velocity models at the sites 1 and 2 are characterized 
with the existence of soft soils having thicknesses of about 
30 meters. The soft soils reduce their thicknesses at the sites 
7 and 8 in the southern part of the area. The significant 
differences can be seen in the S-wave velocity profiles at the 
sites 4 and 5, although these sites are located only within 20 
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meters from each other. It is noted that the depth in the figure 
is measured from the surface at each site. Considering the 
relative height of several meters at the cliff near the site 4, 
the elevations of the top of the firm bottom layers at the sites 
4 and 5 can be almost the same. Therefore, this difference of 
the models at the two sites is due to the cut ground at the site 
4. The S-wave velocity profile obtained from logging at the 
MYG004 is also shown in the figure. We also can see the 
large differences between the model from the log and that 
for the site 5. The observed phase velocity at each site is 
compared with the theoretical one for the fundamental 
Rayleigh wave in the inverted model in Figure 9. All the 
observed phase velocities are well explained with the 
theoretical ones.  
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Fig.7. Rayleigh wave phase velocity at each aftershock 
observation site from microtremor exploration. 

0

10

20

30

40
0 200 400 600

1
2
3

D
ep

th
 (m

)

Vs (m/s)

0

5

10

15

20
0 200 400 600

4
5
MYG004

D
ep

th
 (m

)

Vs (m/s)

0

5

10

15

20
0 200 400 600

7
8

D
ep

th
 (m

)

Vs (m/s)  
Fig.8. S-wave velocity profiles from inversions of phase 
velocities in Fig. 7 with an S-wave profile from borehole at 
MYG004 shown by a broken line in the middle figure. 
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Fig.9. Comparisons of observed Rayleigh wave phase 
velocities with theoretical ones for inverted models shown in 
Fig.8. A dotted line in middle figure shows the theoretical 
phase velocity for the model from borehole at MYG004. 
 
 
5.  Amplification factors 
 
We calculated 1D amplifications of S-wave using the 
S-wave velocity profiles revealed in the above microtremor 
explorations. Constant Q-value is assumed to be one fifth of 
the S-wave velocity in meter/sec in the calculations. Figure 
10 shows the comparisons of the amplification factors. The 
amplifications at the sites 1 and 2 have dominant peaks at 
periods of 0.4 second with additional peaks of higher mode 
at periods of 0.2 second. The sites 3 and 5 have also a 
dominant peak at 0.2 second. Predominant peaks at the other 
sites are much short because of the thin soft layers.   
  The calculated amplifications were compared with the 
observed data from the aftershocks. First we estimated input 
motion at the engineering bedrock with a Vs of 500m/s from 
the observed records at the site 8 using a deconvolution 
technique with the calculated amplification. Then the input 
motion for each event was used to estimate observed site 
amplification at each site. Figure 11 compared the theoretical 
amplifications with the observed ones. The observed 
amplifications at the sites 4 and 7 agree well with theoretical 
ones. We can also see similarity of the observed and 
theoretical amplifications at the sites from 1 to 3 at periods 
of more than 0.2 seconds. However, the significant 
differences can be identified in the amplifications at the site 
5. This clearly indicates the difficulty of the 1D assumption 
for interpreting the actual amplification at the site 5. The 
effects of the cliff near this site can be one of the main 
reasons with the difficulties.  
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Fig.10. Amplification factors of vertical S-waves for 
inverted profiles at aftershock observation sites. 
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Fig.11. Comparison of observed amplification factors with 
calculated ones for S-wave velocity models derived from 
microtremor explorations shown by solid and dotted lines, 
respectively.  
 
 
6.  Discussions 
 
It is found in the above that the S-wave velocity profiles at 
site 5 and MYG004 are not the same in spite of a short 
distance of 20 meters. The theoretical amplifications for the 
two sites are compared in Figure 14. The predominant peak 
periods for the two amplifications are significantly different. 
The peak period for the amplification at MYG004 is 
extremely shorter than the peaks periods that can be 
identified in the earthquake spectra for the records in Figure 
3.  
   We compared the ground motion records simultaneously 
obtained at the two sites. Only one event data are available at 
MYG004 during our observational period. The accelerations 
and its spectra at the site 5 and MYG004 are compared in 
Figure 13. The ratios of the horizontal and vertical spectra at 
the two sites are shown in the figure, too. As expected from 
the differences of the amplification factors at the two sites, 
the horizontal spectra ratio is larger than one at 0.2 second. 
However, MYG004 shows the larger amplification at 

periods shorter than 1 second. This comparison clearly 
indicates that S-wave structure between MYG004 and the 
site 5 includes a strong lateral variation with in 20 meters. In 
order to evaluate such a variation of the S-wave velocity in a 
short distance, we must apply a geophysical exploration in 
small scale, such as shallow surface wave surveys, in the 
future work. 
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Fig.12. Comparison between calculated 1D amplification 
factors for the models from microtremor exploration at site 5 
and borehole at MYG004. 
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Fig.13. Comparisons of ground motion records at MYG004 
with those at site 5 in aftershock observation. Top traces are 
accelerations in east-west direction at the two sites. Bottom 
left shows Fourier spectra of horizontal components of 
S-wave parts, while bottom right displays their spectral ratio. 
 
 
6.  CONCLUSIONS 
 

In this study we investigated the site amplifications in 
the vicinity of MYG004 with a the seismic intensity of 7 
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during the 2011 off the Pacific coast of Tohoku Earthquake from the 
aftershock observation and microtremor explorations. From the 
observed data we estimated the local site amplifications of 
S-waves in the shallow low-velocity layers. It was found that 
the predominant period of the amplification near MYG004 
is about 0.2 seconds. However, the site amplification is not 
the same at a site with a distance of 20m from the strong 
motion site due to differences of surface topographical and 
geological conditions. Furthermore, the amplifications are 
also different in the area of 1km from MYG004 with 
changing predominant periods from 0.1 to 0.5 seconds. 
S-wave velocity profiles revealed in the microtremor 
explorations indicate that the shallow low velocity layers 
with a thickness of less than 10 meters are responsible to the 
variation of the amplifications in the area. The predominant 
periods in the calculated 1D amplifications are similar to 
those observed from the aftershock observations. However, 
the observed amplification factor at the site near MYG004 is 
significantly larger than the calculated one, suggesting an 
inappropriateness of 1D amplifications at the site. 
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Abstract:  During the 2011 Mw9.1 Tohoku earthquake, abundant strong motion datasets have been derived. These 
datasets indicated that the observed PGAs and PGVs are generally less than the predictions by the existing attenuation 
models using fault distance (e.g., Boore, 2011; Si et al., 2011). On the other hand, it is also indicated that, by using 
equivalent hypocentral distance (EHD), the observations and the predictions by Si and Midorikawa (1999) are generally 
consistent.  In this study, considering that the EHD generally depends on the fault model used in the calculation, the 
variation of EHDs and its impact on attenuation characteristics of PGA and PGV are discussed based on the results for 
three different fault models proposed for the 2011 Tohoku earthquake. 

 
 
1.  INTRODUCTION 
 

The Mw9.1 Tohoku earthquake, occurred on 2011 
March 11, caused over 15,000 people dead and over 3300 
people missing.  The earthquake, ruptured all the segments 
from off-Iwate to off-Ibaraki along the Japanese trench, for a 
total distance of about 480 km (e.g., Yokota et al., 2011), 
with a moment magnitude of 9.0 - 9.1, is one of the largest 
mega-thrust earthquakes in the world. 

During the earthquake, abundant strong motion datasets 
have been derived. These datasets indicated that the 
observed PGAs and PGVs are generally less than the 
predictions by the existing attenuation models using fault 
distance (e.g., Boore, 2011; Si et al., 2011). On the other 
hand, it is also indicated that, by using equivalent 
hypocentral distance (EHD), the observations and the 
predictions by Si and Midorikawa (1999) are generally 
consistent (e.g., Kanda et al., 2011; Nishimura et al., 2011; 
and Ohno, 2011). Since arguments on the appropriateness of 
EHD as a distance measurement still remain, it is needed to 
confirm the calculated EHDs and their variation. 

In this study, considering that the EHD generally 
depends on the fault model used in the calculation, the 
variation of EHDs and its impact on attenuation 
characteristics of PGA and PGV are discussed based on 3 
typical slip models proposed for the Tohoku earthquake.  
 
2.  DATA 
 
2.1 Strong Motion Data 

During the 2011 Mw9.1 Tohoku earthquake, 1223 

strong motion datasets have been recorded by K-NET and 
KiK-net operated by National Research Institute for Earth 
Science and Disaster Prevention (NIED).  The peak ground 
acceleration (PGA) is derived after filtering the seismic 
waves and the peak velocity (PGV) is derived by integrating 
the filtered acceleration waveform to velocity waveform. 
The larger value of two horizontal components is used in the 
analysis.  The site effects for the stations are provided by 
the K-NET and KiK-net. The PGVs are corrected to rock 
site with a VS30 of 600m/s based on the method proposed 
by Midorikawa et al. (1994).  Finally, the PGAs are ranged 
from 0.15 cm/s2 to 2169 cm/s2, and the PGVs are ranged 
from 0.05 cm/s to 95.5 cm/s.  For each observation station, 
the source-to-site distance, defined as the equivalent 
hypocentral distance (EHD), is calculated by the rupture slip 
models.  By using the slip model proposed by Yokota et al. 
(2011), the calculated EHDs are ranged from 110 km to 
1300 km. 
 
2.2 Source models 

Three slip models are used in the calculation of the 
source-to-site distance of EHD. The first two models are the 
models proposed by Yokota et al. (2011) based on the joint 
inversion of teleseismic, strong motion, geodetic and 
Tsunami datasets, and Shao et al. (2011) based on the 
inversion of teleseismic datasets, relatively. The two models 
are characterized by the location of most ruptured area, 
around (Yokota et al., 1999) or easterly (Shao et al. (2011)) 
of the hypocenter.  The models are shown in Figure 1.  
The third model is a uniformly distributed slip model, in 
which the slips are normalized to unit slips. 
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3.  RESULTS 
 

Fig. 3 – Fig. 5 show distance dependency of the 
observations of PGAs and PGVs, based on the EHD 
calculated from the slip model by Yokota et al. (2011), Shao 
et al. (2011), and the uniformly distributed slip model.  In 
the figures, the predictions based on the attenuation model 
proposed by Si and Midorikawa (1999), both on soil and 
stiff ground for PGA and PGV are also plotted.  The 
attenuation models are shown in Eq. (1) and Eq. (2). 

 
logPGA=0.50Mw+0.0036D+d–logX-0.003X+0.60 (1) 

 
logPGV=0.58Mw+0.0031D+d–logX-0.002X–1.25 (2) 

 
where X, Mw show EHD and moment magnitude, 
respectively. D is the depth to center of a fault plane. d 
shows the coefficient for earthquake types: PGA: 0.0 for 
crustal, 0.09 and 0.28 for inter- and intra-plate events; PGV: 
0.0 for crustal, 0.06 and 0.16 for inter- and intra-plate events, 
respectively. 

From the figures, the following observations can be 
made: (1) the observations and predictions by Si and 
Midorikawa (1999) are generally consistent for PGAs and 
PGVs by using EHD calculated the inverted slip models 
proposed by Shao et al. (2011) and Yokota et al. (2011), but 
the fitting is better by using the model by Yokota et 
al.(2011); (2) for the case using the uniformly distributed slip 
model, for PGAs, the consistency between the observations 
and the predictions seems better than the results by using the 
inverted slip models; for PGVs, however, observations are 
generally weaker than the predictions.  In the case, the 
deviation for both PGA and PGV are relatively smaller. 

Fig. 6 show the correlation between the EHDs 
calculated based on the slip model proposed by Yokota et al. 
(2011) and the uniformly distributed slip model (refer to as 
EHDY, and EHDU respectively).  From this figure, it is 
found that, there are large differences between the EHDs for 
EHDUs less than about 200 km. 

In order to locate the stations where the EHDs are 
largely different, we calculated the ratio of EHDU over 
EHDY (refer to as EHD_RT) for each station.  Fig. 7 shows 
the distribution of the ratios, EHD_RTs.  The figure shows 
that, most of the stations with different EHD_RTs are located 
in western Japan, especially in Kanto area.  For the stations 
with an EHD_RT in the range of from 0.55 to 0.70, we 
found the correspondent EHDUs are ranged from 130 km to 
230 km, and EHDYs of 190 km - 330 km.  Since the 
distance from the stations to the closest asperities estimated 
by the empirical Green’s function method (e.g., Kurahashi 
and Irikura, 2011) or rupture process inversion (e.g., Yokota 
et al., 2011) are about 100 km – 200 km, thinking of the 
definition of EHD, the EHDU seems too close, while EHDYs 
show relatively appropriate ones. 

Fig. 8 shows the distribution of the residual between the 
observations and predictions by Si and Midorikawa (1999) 
using EHDY.  The residual is defined in Eq. (3). 

 

Residual = log10 Observed/Predicted  (3) 
 
In the figure, the color of the circles shows the value of 

the residuals.  From the results, it is can be indicated that, 
(1) the residuals at stations located in back arc and the 
mountain area are generally smaller than zero; (2) most of 
the stations larger than 0.5 located in large basin area, 
especially in or around Kanto area. The results seem 
generally consistent with the consensus on the characteristics 
of strong motion distribution in Japan. 

 
 

4.  CONCLUSIONS 
 

In this study, we discussed the characteristics of PGA 
and PGV observed during the 2011 Tohoku earthquake, 
based on the EHD calculated by 3 slip models.  The results 
indicated that, (1) there are difference between the results 
based on different slip models, and the fitting is generally 
better by using the model by Yokota et al. (2011); (2) for part 
of the stations around Kanto area there are large differences 
between EHDs calculated from the uniformly distributed 
slip model and the inverted ones, leading to the differences 
in the attenuation characteristics for PGAs and PGVs. 
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Figure 1 Slip model derived from the joint inversion of 
teleseismic, strong motion, geodetic and Tsunami datasets 
by Yokota et al. (2011) (after Yokota et al., 2011).  

Figure 2 Slip model derived from the inversion of 
teleseismic datasets by Shao et al. (2011) (after Shao et 
al., 2011).. 

Figure 3   Distance dependency for peak ground motion  
using EHD based on the slip model by Yokota et al. (2011). 

(Blue lines are calculated by Si and Midorikawa, 1999)  

Sichuan basin 

Figure 4   Distance dependency for peak ground motion 
using EHD based on the slip model by Shao et al. (2011). 
(Blue lines are calculated by Si and Midorikawa, 1999)  
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Figure 5   Distance dependency for peak ground motion 
using EHD based on the uniformly distributed slip model. 

(Blue lines are calculated by Si and Midorikawa, 1999) 

F 

Figure 6   EHDs calculated based on the slip model 
proposed by Yokota et al. (2011) and the uniformly 

distributed slip model. 

EHD (km, Uniformly distributed model)

E
H

D
 (

k
m

, 
Y

o
k
o

ta
 e

t 
a

l,
 2

0
1

1
)  KiK-net

 K-NET

102 103

102

103

P
.G

.A
. 
 (

 c
m

/s
2
)

 Si and Midorikawa (1999) Mw  = 9.1

     

 K-NET

 KiK-net

10
1

10
2

10
3

10
1

10
2

10
3

  
 

 

       

     

 

 

  
 

       

     

 

 

P
.G

.V
. 
 (

 c
m

/s
 )

 Si and Midorikawa (1999) Mw  = 9.1

Equivalent Hypo. Distance ( km )

 K-NET

 KiK-net

10
1

10
2

10
3

10
0

10
1

10
2

Figure 7   Circles show the observation stations.  Color 
shows the value of the residual between the observation and 

the prediction by Si and Midorikawa (1999) using EHD 
calculated based on the slip model proposed by Yokota et al. 

(2011).  Solid rectangle shows the source model, star 
shows the epicenter of the main shock estimated by JMA.  

Black triangles show the location of volcanoes. 

Figure 7   Circles show the observation stations.  
Color shows the value of the ratio of the EHDs calculated 
based on the slip model proposed by Yokota et al. (2011) 
over those based on the uniformly distributed slip model.  
Solid rectangle shows the source model, star shows the 

epicenter of the main shock estimated by JMA.  
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Abstract:  The 2011 off the Pacific coast of Tohoku Earthquake emerged various phenomena. This paper describes the 
distribution and the propagation of the real-time seismic intensity and the situation of issuing various earthquake alarms. 
Real-time Intensity, RI, is a physical value defined from the power per unit mass of the earthquake motion, so it is 
characterized to be possible to grasp a physical value in realtime, unlike JMA intensity calculated as artificial value with 
60 second-length earthquake motion after the event. Although Earthquake Early Warnings (EEW) by JMA was issued for 
public at 14:46:49 on March 11, 2011 (JST), the area issued the alarm was restricted and a lot of damaged areas of 
intensity 5+ were not included. Earthquake alarm system for JR Shinkansen-line also failed to issue the P-wave alarm, 
and a conventional alarm system as a backup system just worked by exceeding the trigger level of 120 Gal, issuing the 
alarm later than initial status (40 Gal of trigger level) at 1985. In contrast, a simulation result of FREQL using the 
waveform of K-NET Kitakami station shows that FREQL detected the event at 14:46:40 and issued the P-wave alarm at 
14:46:46. An actual working FREQL at a base of the Oshika Peninsula issued the P-wave alarm at 14:46:54 and estimated 
exact earthquake parameters without magnitude as same as that obtained by simulation. 

 
 
1.  INTRODUCTION 
 

The 2011 off the Pacific coast of Tohoku Earthquake 
(hereafter the 3.11 earthquake) emerged various phenomena. 
This paper describes the distribution and the propagation of 
the real-time seismic intensity and the situation of issuing 
various earthquake alarms. And what is necessary for 
earthquake disaster prevention using the experiences from 
the 3.11 earthquake is discussed and propose for national 
organization like JMA, Japan Meteorological Agency. 
 
 
2. REAL-TIME INTENSITY RI 
 

From a viewpoint of the vulnerability of various 
structures, a damage index DI was proposed, that is an 
earthquake motion index relating to the earthquake early 
warning (Nakamura, 1998). Then, in consideration of the 
close relationship between DI value and the instrumental 
seismic intensity of JMA, Ijma, DI is redefined as real-time 
intensity RI (Nakamura, 2003). DI and RI are defined from 
the power per unit mass of the earthquake motion, so it is 
characterized to be possible to grasp a physical value 
momentarily, unlike Ijma calculated as artificial value with 
60 second-length earthquake motion after the event. DI and 
RI are defined as follows. 
 

 DI = log(|a·v|) (1) 
 RI = DI + 6.4 (2) 
 

Here a is an acceleration vector (m/sec/sec) and v is 
a velocity vector (m/sec). An operator “·” of Equation (1) 
indicates an inner product. And the frequency range is 
limited to 0.5 to 5 Hz.  Because RI can be calculated 
sequentially in realtime and can detect P wave, it is possible 
to utilize not only for the early warning for big earthquake 
but also assist proper countermeasures after an event by 
offering the power of seismic strong motion accurately. 

The relationship between RI and MMI, Modified 
Mercalli Intensity, is shown as follows. 
 
 MMI = (11/7)*RI + 0.5 (3) 
 
 
3.  EARTHQUAKE MOTION VIEWED FROM RI 
 

Figure 1 shows the change of RI more than zero of 
K-NET stations at Aomori, Miyagi, Fukushima, Ibaraki and 
Chiba prefectures corresponding to the difference of the 
epicentral distance between the epicentral distance of each 
station and the shortest epicentral distance (127km), 
separated to the north and south part for the rupture point of 
the 3.11 earthquake. This figure shows the situation properly 
of the earthquake motion propagation from some sources 
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with time difference. In southern side, RI grew gradually and 
reached its maximum value more than intensity 5 taking a 
lot time, while RI in case of northern side reached its 
maximum value relatively early. 

Taking advantage of the features of RI to be able to 
shows the intensity of the earthquake motion in real-time, it 
is possible to draw a propagation of the earthquake motion 
with distribution of RI of each station instantly. The motion 
picture is opened on our website (http://www.sdr.co.jp). The 
motion picture shows the situation that the earthquake 
motion reached wide area between far off Sendai and 
Sanriku area and spread at once, and then RI grew gradually. 
Because an area with large intensity spread increasingly 
toward to south side, the intensity slowly grew larger and 
reached its maximum value quite later than the epicentral 
area. 
 
 
4.  OPERATING CONDITION OF VARIOUS 
WARNING SYSTEM 
 

Figure 2 shows the variation of real-time intensity 
around the nation using strong motion records of K-NET 
and other organization with alarm situation. Horizontal axis 
is a difference of the epicentral distance adding + or – 
corresponding north and south to the epicenter and vertical 
axis is elapsed time from 14:46:26 on March 11, 2011, the 
start time of the waveform recording of K-NET Oshika 
station, the fastest detection station. Colored circles indicate 

the value of RI, peak and the time of maximum value as 
legend. Also circled number corresponds to the sequence 
number of the early earthquake information by JMA for the 
information based on the estimated intensity more than 3 or 
4. From variation on time, an onset time of each intensity 
grade and maximum intensity delays roughly according to 
the difference of the epicentral distance in northern Tohoku 
area. On the other hand, although P wave arrived in advance 
in Kanto region, a time reaching each intensity grade 
increasingly slow and a time reaching maximum intensity is 
quite late.  

While the earthquake early information by JMA was 
issued for public at 14:46:49 (23 seconds from start) on 
Figure 2, the issued area was restricted all part of Miyagi and 
Iwate prefecture, and restricted part of Fukushima, Akita and 
Yamagata prefecture. And it was not issued for the other 
damaged area with maximum intensity more than 5, so it 
must be said that the alarm is issued unreasonable. 
Meanwhile, because hypocentral distance is more than 120 
km even in close area to epicentral region, a duration time of 
the initial motion estimated more than 15 seconds. So people 
in the area had enough time margins before suffering large 
earthquake motion after noticing the earthquake occurrence. 
However it seems to be possible for the earthquake early 
information by JMA to be valuable for earthquake disaster 
prevention, there is no report to help something specifically. 

Earthquake alarm system for JR Shinkansen-line, the 
bullet train, also failed to issue the P-wave alarm, and a 
conventional alarm system just worked by exceeding the 

(a) Distribution of Maximum Realtime Intensity RI         (2) Change of RI on Time Domain at Various Sites

Figure 1  Distribution of Maximum Realtime Intensity and Change of Realtime 
Intensity on Time Domain at Various Sites 

Time in second from 2011/03/11, 14:46:26JST 
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trigger level, 120 Gal (=cm/s/s) in 14:47:03. This time is 
later at least five seconds than initial system in 1985 with 
trigger level of 40 Gal. And if the system installed same 
system which issued P wave alarm successively at the time 
of the 2004 Niigataken-Chuetsu earthquake, the additional 
leading time is estimated 15 seconds or more. The current 
earthquake early alarm system that failed to issue the alarm 
in this time is similar system to that of JMA. 

Figure 2 also shows the result of simulation of 
FREQL installed close to epicenter. Here, FREQL is an 
onsite earthquake alarm system practical used for private 
railway companies and other factories. A simulation result of 
FREQL using the waveform K-NET Kitakami station shows 
that FREQL detected the event at 14:46:40 and issued the 
P-wave alarm at 14:46:46.  

An actual working FREQL at a base of peninsula 
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issued the P-wave alarm at 14:46:54 and estimated exact 
earthquake parameters, location and depth, without 
magnitude. The simulation results for this case agree with 
the actual situation. It shows the validity of the FREQL 
simulation. 

Tsunami warning was issued about three minutes after 
earthquake detection. It was enough early but that was 
underestimated and modified information was not accurately 
transferred for local people. Because organizations without 
JMA is restricted to issue these kinds of warnings as tsunami 
warning by low, local government could not start 
independently activity for evacuation although feeling large 
and long abnormal earthquake motion. 
 
 
5.  DISCUSSION 

 
The 3.11 earthquake is abnormal earthquake with 

extremely long duration even for Japanese people used to 
feel earthquake motion commonly. Most of Japanese people 
including a people on vehicles noticed the earthquake 
motion by themselves before enlarged motion without any 
warnings. This situation can be understood easily by Figure 
2. Relatively large motion started some tens seconds before 
the large motion. Since many people felt this abnormal 
earthquake motion as natural tsunami alert, there was only a 
few people started activity for evacuation immediately. 
Especially staffs of local government did not start any 
activities immediately and waited tsunami warning from 
JMA, although a few minutes. This inactive approach seems 
to enlarge tsunami damage of this earthquake. People in 
Tohoku area, commonly hit by tsunami, have a legend to 
escape before anything else in case of large earthquake. In 
spite of this legend, there are many losses in this time. It is 
necessary to review in detail of the matter of this situation, 
but there are no signs to start review by third party. At least 
considering objectively, it must be thought that there were 
some problem on tsunami warning and countermeasures. It 
is possible to estimate that the people could not escape 
independently judging the dangerousness by choice, because 
of tsunami warning only issued by JMA and excessive sense 
of safety for huge coastal levee. Moreover frequent excess 
tsunami warning for foreshocks might cause crying wolf 
effect. Although the activity for evacuation must reflect local 
characteristics, the activity is triggered by the warning from 
JMA, central bureaucracy. This situation seems to be 
abnormal. After the Kobe earthquake disaster, sixteen years 
ago, why JMA amended a law to restrict issuing tsunami 
warning by judgment of local government? It may cause 
dependency for central bureaucracy and luck of decision on 
activity for disaster prevention, if local government could 
not judge by themselves. So although the author demands a 
correction at every opportunity, the situation continues today 
without granted the request. Not only tsunami warning but 
also EEW, early earthquake warning, is also under same 
situation. Even EEW by JMA could not be issued before a 
large motion in case of M7-class earthquake in damage area 
(within 30 to 50 km), public information continues saying 

useful. Although the 3.11 earthquake was a rare chance that 
EEW by JMA can be useful, the system failed to issue the 
proper warning. As a result, EEW by JMA is protected by 
low but can not protect local people. The author thinks that 
JMA with nation wide observation network must focus to 
inform immediately exact earthquake parameters of main 
shock and aftershocks by parallel way and it must be 
possible for various organizations to issue earthquake 
warnings. This will enable to determine the severe damaged 
area quickly and help the rescue activity. As said before, 
earthquake warning must be realized by local organizations 
in their domain and the warning issued by central 
bureaucracy is meaningless. What is required for JMA is not 
warning, and they must provide the exact earthquake 
information for quick response. It is expected to realize 
rational correspondence just after the earthquake. 
 
 
6.  CONCLUSION 
 

This paper shows that real-time intensity RI can 
comprehensibly express the distribution of the seismic 
intensity and the propagation of the earthquake motion of the 
2011 off the Pacific coast of Tohoku Earthquake. Earthquake 
early warning by JMA can gain only comparable or a little 
long time margin comparing with on-site FREQL or 
ordinary alarm seismometer, so the merit cannot be 
recognized. It has been also cleared that Earthquake early 
warning by JMA is not applicable for the near-field 
earthquakes. Earthquake early warning by JMA is not a kind 
of a system operated under a low because it is feared adverse 
result from excessive expectation. It seems to be necessary 
to amend Meteorological Service Act as abolish the 
unnecessary restrict on earthquake early warning or tsunami 
warning, base on a view that such a kind of restrict causes 
the serious damage of the 3.11 earthquake. Finely-tuned 
responses are required for a disaster like epicentral 
earthquake or tsunami because of the strong reflection of the 
local conditions. It is desirable to change the centralized way 
of JMA and handle in close coordination and cooperation 
with local authorities specified familiar with local 
circumstances. A system to directly link the necessary 
information to the area must be established and the author 
expects JMA to support the system. 
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Abstract:  The earthquake motion of the 2011 off the Pacific coast of Tohoku Earthquake grew gradually larger and 
continued unusually long with high amplitude more than JMA intensity 4 in wide area. The single-station detection 
system FREQL succeeded to issue the P-wave alarm and estimated the earthquake parameters, although it took 15 
seconds between detecting the earthquake to issuing the alarm. Proposed technique estimates the origin time and location 
using the least squares method from the P-wave detection time of at least 5 sites. In case of the 2011 off the Pacific coast 
of Tohoku Earthquake, the first P-wave detection was MYG011 Oshika station and then the location estimated after 3.67 
seconds. After the magnitude grew up, P-wave alarm can be issued around 6 seconds after P-wave detection. Because 
P-wave alarm with single-station observation could be issued 14 seconds after P-wave detection, multi-station 
observation method can be expected to shorten the alarm time for 8 seconds. 

 
 
1.  INTRODUCTION 
 

The earthquake motion of the 2011 off the Pacific 
coast of Tohoku Earthquake (hereafter the 3.11 earthquake) 
grew gradually larger and continued unusually long with 
high amplitude more than JMA intensity 4 (corresponding to 
MMI 7) in wide area. Although final seismic intensity 
reached 6+ (corresponding to MMI 10-11), there was 
relative little damage caused by the earthquake motion. In 
such situation, some early warning system had worked to 
issue alarm before large motion, but many of them could not 
perform up to expectation. Especially a 
single-station-detection early warning system developed by 
JMA, Japan Meteorological Agency, could not recognize the 
3.11 earthquake danger and not issue the warning. And also 
the alarm for Shinkansen, bullet train, was delay, and the 
alarm system is based on the JMA system replace after the 
2004 Niigata-ken Chuetsu earthquake. Fortunately, no high 
speed train run into a damaged area, but the train had a risky 
condition. At the time of the 2004 Niigata-ken Chuetsu 
earthquake, Compact UrEDAS, the other early warning 
system for JMA system, that worked as expected and keep 
safety for the passengers and crews, totally 154 persons, had 
been replaced for Shinkansen train. A single-detection early 
warning system FREQL is a successor of UrEDAS and 
Compact UrEDAS. One FREQL station nearby base of 
Oshika Peninsula succeeded to detect the 3.11 earthquake, 
issue P wave alarm and determine the earthquake parameters 
reasonably without magnitude. But it needed 15 seconds to 
issue P wave alarm. 

So this paper compares the early P wave alarm 
between ordinal FREQL single estimation and the other 
multi-detection method using FREQL technique, and then 
considers a possibility of earlier earthquake warning. 
 
 
2. ESTIMATION OF EARTHQUAKE PARAMETERS 
USING MULTI STATION INFORMATION 
 
 
2.1  Estimation of origin time and location of a source 

Origin time and location of a source (Latitude, 
Longitude and depth) are estimated from a time of P wave 
detection of more than five stations using least squares 
method, assuming a P wave propagation velocity 6 km/sec. 
Consideration below uses strong motion records of K-NET 
and KiK-net and assumes that the station has an instrument 
corresponds to FREQL and send a time of P wave detection 
in real time, and monitors a detection, an alarm, growth of 
magnitude and so on. That is, initial estimation is done with 
P wave detection information from first five stations, and the 
estimation is updated as often as receiving the information 
from the other station and the result is compared with the 
result before. If the scatter of the results are in predefined 
range (5 km in this paper), the result is fixed. If a density of 
strong motion observatories is less than 20 km, it will be 
expected that the location is fixed within 4 seconds after first 
P wave detection. In case of 2004 Niigata-ken Chuetsu 
earthquake and 2010 Taiwan Kaohsiung earthquake, the 
source locations are determined in 1.04 second and 1.69 
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seconds after P wave detection, respectively. In contrast, the 
JMA method with multi observation required 5.4 seconds in 
average and 5.4 seconds for issuing the first information for 
the 3.11 earthquake. 
 
2.2  Estimation of magnitude 

Magnitude is estimated by a formula below 
(Takayama et al, 1981), based on the amplitude of P wave 
and its frequency by Gutenberg-Richter. 
 

M=1.59(logVp＋logR)+1.53   (1) 
 
Here, Vp is P wave amplitude of vertical motion in mkine (= 
0.001 cm/sec) and R is epicentral distance in km. Although 
equation (1) supposes that the value of Vp is observed on a 
hard ground, K-NET station is not always installed on a hard 
ground. So the earthquake motion amplification factor A for 
each station is estimated as Table 1 based on the estimate 
formula for seismic intensity (Saita et al, 2005), and 
equation (1) is modified as follows. 
 

M=1.59(logVp+logR)+1.53-1.59logA   (2) 
 
Although epicentral distance is calculated based on a rupture 
start point estimated in first few seconds, epicentral distance 
will be changed by the progress of fault rupture. And also 
main shock will arrive after the initial motion. So equation 
(2) can be adopted for a time window R/4Cr after P-wave 
detection, a rupture time for 1/4 of the epicentral distance 
from the start point of the rupture. In this time, the scatter of 
the estimated magnitude is less than +/- 0.2 during the 
applying time. 

After fixing the epicenter, magnitude is estimated 
from equation (2) and then the P wave alarm is issued based 
on the M-∆ relation if a station seems to be danger. Because 
this method can grasp the location of the earthquake 
relatively accurately, it is possible to determine an area 
needed alarm with tremendous precision.  Finally averaged 
magnitude will be the magnitude of whole system. In this 
paper concerns the change history of the estimated 
magnitude for the 3.11 earthquake and the 2008 Iwate and 

Miyagi earthquake. 
 
3.  RESULT AND DISCUSSION 
 

In case of the 2008 Iwate and Miyagi earthquake, 
information from five stations is observed 3.46 seconds after 
first detection at IWTH25 Ichinoseki-Nishi station, and the 
location of the epicenter is determined latitude 39.008˚N, 
longitude 140.875˚E and depth of -4.6 km. Then after 0.55 
seconds, information from MYGH02 Naruko station was 
added and the location of the epicenter moved to latitude 
39.027˚N, longitude 140.867˚E and depth of -2.1 km. 
Because the difference was within 5 km, the estimation was 
fixed. The depth was minus value but less than 5 km so the 
depth fixed as 0 km. Also, the epicenter by JMA was latitude 
39.028˚N, longitude 140.880˚E and depth of 8 km. 

In case of the 2011 off the Pacific coast of Tohoku 
Earthquake, information from five stations is observed 2.54 
seconds after first detection at MYG001 Oshika station, and 
the location of the epicenter is determined latitude 36.376˚N, 
longitude 146.094˚E and depth of 381.6 km. Then after 1.13 
seconds, information from MYG010 Ishinomaki station was 
added and the location of the epicenter moved to latitude 
38.023˚N, longitude 143.331˚E and depth of 10.8 km. The 
difference of estimation was quite large. After 0.89 seconds, 
information from MYG030 Towa station was additionally 
arrived and the location of the epicenter moved to latitude 
38.003˚N, longitude 143.356˚E and depth of 81.1 km. 
Because the difference of the location is within 5 km but the 
depth was quite differ for each other but the reliability of the 
depth at this station was low, the fixed estimation became 
the second one with 4.56 seconds. Also, the epicenter by 
JMA was latitude of 38.103˚N, longitude 142.860˚E and 
depth of 24 km. 

Figures 1 and 2 show the progress of the magnitude 
based on equation (2) with the information of first six 
stations for each earthquake. Information of FKSH03 
Takasato station was added as an example of little far station 
as a reference for both figures.  
 

Table 1  The amplification characteristics at station of K-NET and KiK-net  

 
 Site

Sum of
data

Averaege of RI
amplification

Dispersion of
2logA

Constant term
of Fig.(2)

MYG011 Oshika 9 1.504 0.885 0.33
MYG008 Kitakami 11 0.749 0.602 0.93
MYG002 Utatsu 14 1.203 0.570 0.57
MYGH03 Karakuwa(kik) 13 0.375 0.589 1.23
MYGH12 Shizugawa(kik) 13 0.350 0.629 1.25
MYG010 Ishinomaki 12 1.683 0.864 0.19
IWTH25 Ichinoseki-W(kik) 10 0.854 0.740 0.85
IWTH26 Ichinoseki-E(kik) 11 1.203 0.858 0.57
IWT010 Ichinoseki 9 0.805 0.888 0.89
AKT023 Tsubakidai 8 0.500 0.706 1.13
IWTH24 Kanegasaki(kik) 10 1.133 0.771 0.63
MYGH02 Naruko(kik) 6 0.136 0.712 1.42
FKSH03 Takasato(kik) 12 1.128 0.319 0.63
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In case of the 2008 earthquake, applicable time is only 
1-2 seconds for the first six stations and the magnitude grew 
drastically and reached and was fixed 7.2 around one second 
after detection. In case of FKSH03 Takasato station about 
170 km away, the magnitude grew relatively slow and 
stopped within about three seconds. Then it was fixed about 
7. 

In case of the 3.11 earthquake, applicable time was 
about 13-15 seconds during the growth of the magnitude and 
the magnitude was fixed. In case of FKSH03 Takasato 
station about 300 km away, the magnitude grew yet slower 
and stopped after the applicable time. The magnitude was 
reached or estimated to reach further more than 8 finally for 
each station. Magnitude 7.7 seems to be the alarm level for 

each station based on the M-∆ relation and the alarm could 
be issued mainly about six seconds and 15 seconds at least 
after detection. Thus it shows that it is possible to issue the 
alarm six seconds at the earliest after detection. For example 
Karakuwa station detected P wave at 14:46:40 and issued 
14:46:46. Because in case of the single-station detection 
system seen in Figure 3, the alarm seemed to be issued at 
14:46:54, this multi-detection method can be expected to 
gain time 8 seconds. Figure 3 shows the alarm time of the 
multi-detection method on the time-line of real time intensity 
RI (Nakamura, 2003) with RI = 1.5 as P wave alarm level. 
 
 
 

Figure 2  The growth of magnitude of the 20112011 off the Pacific coast of Tohoku Earthquake 
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4.  CONCLUSIONS 
 

This paper compares between the early P wave alarm 
using multi-detection method with FREQL P wave detection 
and that of single-station detection. As a result, a tendency is 
seemed that the slower magnitude grew, the farther the 
station locates. Although P wave alarm is relative earlier for 
the distant earthquake, it is confirmed that some station can 
issue earlier alarm with the multi-detection method and more 
exact magnitude and location of the epicenter can be 
determined promptly. Because the exact earthquake 
parameters are fundamentals for proper countermeasure 
soon after the event, we would like to construct a system to 
grasp the source information in a certain level of accuracy 
for disaster prevention under isolation of the information. 
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Abstract:  Real-time estimation of seismic rupture zones is greatly expected in earthquake early warning systems for 
strong motion and tsunami prediction of very large earthquakes. In this study, we proposed a new method to rapidly 
image seismic rupture zones from distribution of estimation errors of seismic intensities. Estimation errors are calculated 
by assuming that rupture zones are composed of point sources, making use of real-time information of observed seismic 
intensities and a pre-defined empirical attenuation relation. A group of point sources with lower estimation errors by the 
method may correspond to possible rupture zones. We also carried out online simulations of the proposed method for 
some large events such as the 2011 Tohoku Pacific earthquake and the 2008 Iwate-Miyagi Nairiku earthquake. These 
results showed that the method is able to rapidly estimate rupture zones of a large subduction-zone earthquake as well as 
an inland earthquake and is very effective and practical for earthquake and tsunami early warnings. 

 
 
1.  INTRODUCTION 

 

It is obvious that real-time information of rupture zones 

for very large earthquakes has great potential for rapid 

estimation of strong motion distribution and tsunami 

propagation as well as quick classification of earthquake 

scales. In the case of the 2011 Tohoku Pacific earthquake 

(Mw 9.0), the first information of seismic source inversion 

analyses was provided to public by some researchers more 

than hours after the earthquake occurrence (e.g. Yagi 2011). 

Since those conventional analyses have been developed for 

research purposes supposing offline process in general, it is 

difficult to carry out them in real-time using online data.  

On the other hands, a few methods to roughly estimate 

rupture zones have been recently proposed to enhance the 

potential of earthquake early warning (EEW) systems for 

disaster mitigation. Yamada et al. (2007) proposed an 

empirical discriminant of near-filed stations using vertical 

acceleration and horizontal velocity data. Kurahashi et al. 

(2009) suggested that saturation of vertical acceleration can 

be used for judging near-filed stations. Horiuchi and 

Horiuchi. (2011) demonstrated a method which uses 

residuals of correct hypocentral distance and estimated 

hypocentral distance obtained by an attenuation relation 

assuming a point source. Though above methods are easy to 

apply to online process, their main targets are limited to 

inland earthquakes because seismic observation network 

surrounding an earthquake source is necessary for those 

methods to image rupture zones accurately. 

So as to image rupture zones for both inland 

earthquakes and subduction-zone earthquakes, which are 

located outside of a seismic observation network, a new 

method to rapidly image rupture zones from distribution of 

estimation errors of seismic intensities is proposed in this 

study. After describing the methodology, we apply this 

method to the 2011 Tohoku Pacific earthquake and the 2008 

Iwate-Miyagi Nairiku earthquake (Mj 7.2) and showed 

effectiveness of this method. 

 

2.  METHODOLOGY 

 

2.1  General Concept 

For a small earthquake, whose source size can be 

assumed as a point, spatial distribution of strong motion 

indices, such as PGA, PGV, and seismic intensity on 

bedrock, is basically attenuated concentrically around a 

hypocenter. In this case, it is possible to determine a 

hypocenter and magnitude from information of spatial 

distribution of strong motion indices by a grid search method 

using a proper attenuation relation. If we plot average 

estimation error corresponding to each grid point at which an 

assumed source is located, it is clear a grid point with the 

minimum estimation error corresponds to the most likely 

candidate for the hypocenter, while a grid point with large 

error seems to be an unlikely hypocenter. 

For larger earthquakes, we extend the above idea to the 

- 287 -



a finite source with certain size, assuming that 1) a finite 

source is composed of a number of point sources and 2) 

effects of superposing of strong motions from different point 

sources can be negligible. The latter assumption may be 

supported because strong motions are mainly composed of 

high-frequency waves with lower phase coherence. Grid 

points with smaller estimation errors than a threshold are 

likely to be corresponding to rupture zones. The threshold 

for determining rupture zones must be pre-defined before 

online analysis in this case. 

 

2.2  Attenuation Relation 

In this study, seismic intensity calculated in real-time is 

used as a strong motion index. The attenuation relation of 

seismic intensity, proposed by Yamamoto et al. (2007) 

shown as Eq. (1), is adopted. 

 

MI = I/2 + log10(r) + 0.012 ts + 2.73 + c (1) 

 

where, MI, I, r, ts are seismic intensity magnitude, seismic 

intensity, hypocentral distance, S-wave travel time 

respectively. c represents a value used for site effect 

correction. In the analysis ts is replaced by r/3.5 for 

simplification of the relation. c is calculated by 2 log10(c0), 

where c0 represents a site amplification factor. 

 

2.3  Estimation Error of Seismic Intensity 

As described in 2.1, a value of estimation error plays a 

significant role in this method. In order to define a threshold 

of estimation error, 10145 Hi-net records of 119 earthquakes 

(magnitude less than 6.5) whose source sizes can be 

considered as a point source are selected to calculate average 

estimation errors corresponds to number of stations used for 

the estimation.  

 

Figure 1 shows average estimation errors of seismic 

intensity by using Eq. (1). In the figure, square marks 

represent errors without considering site effect correction, 

while diamond marks represent those considering site effect 

correction. It is obvious estimation error decreases when 

number of stations used for the estimation increase. For 

instance, averaged estimation error is less than 0.7 in the 

case of 15 stations. 

 

2.4  Observation Network and Sub-Network 

When a target earthquake is very large, a region of the 

grid search described in 2.1 should be enlarged. On the other 

hands, it is known that amplification sensitivity of an 

attenuation relation changes according to hypocentral 

distance, i.e. the relation shows high sensitivity in short 

distance, while it shows lower sensitivity in longer distance. 

Therefore, a grid search analysis by applying an attenuation 

relation to the data in a large region sometimes causes 

instability of the result. In order to avoid this instability, 

strong motion data with shorter hypocentral distances are 

selected for a grid search in this method. To select short 

distance data effectively, totally n sub-networks consisted of 

m stations are automatically defined from the whole 

observation network with n stations before grid searching. 

 

2.5  Procedure of the Method 

Procedure of the method is described bellow; 

1. Obtain hypocenter information from an EEW system. 

2. Obtain seismic intensity data from a seismic observation 

network with n stations. 

3. Calculate MIave (averaged MI) by using n seismic intensity 

data. 

4. Determine a grid search region considering hypocenter 

location and MIave. 

5. Define n sub-networks consisted of m stations. 

6. Select certain grid point pi. 

7. Select l sub-networks (sub1, sub2, …, subl) which are close 

to pi. 

8. Grid search the optimal MI (MI1, MI2, …, MIl) at pi to 

minimize average estimation error of intensity distribution of 

each sub-network (sub1, sub2, …, subl) respectively and 

obtain the minimum estimation error (e1, e2, …, el) at pi. ej is 

described as Eq. (2). 

 

ei = (1/m Σk=1,m (Ik
obs
 - Ik

est
)
2
)
1/2
  (2) 

 

where Ik
obs
, Ik

est
 represent seismic intensity observed at kth 

station of sub-network j, and estimated seismic intensity at 

kth station of sub-network j. 

9. Calculate averaged estimation error (e) at pi as described 

in Eq. (3). 

 

e = 1/l Σj=1,l  (ej)    (3) 

 

10. Repeat 6.-9. steps for every grid point. 

11. Plot averaged estimation errors at all grid points.  

12. Extract grid points, which have lower estimation errors 

than the pre-defined threshold. 
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Figure 1  Average Estimation Error of Seismic 

Intensity by using Eq. (1) 
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The extracted grid points are the most likely sources 

corresponding to rupture zones of the earthquake.  

 

3. SIMULATION OF THE 2011 TOHOKU PACIFIC 

EARTHQUAKE 

 

In order to confirm applicability of the proposed method 

to a very large earthquake, online simulations of the 2011 

Tohoku Pacific earthquake are carried out by using the 

K-NET data. 

 

3.1  Dataset and Parameters 

252 acceleration records from K-NET stations are used 

for the simulation. Before online simulation, real-time 

seismic intensities are calculated for every sample of 

time-history data according to Kunugi et al. (2008). Seismic 

intensity at each station is corrected by a site amplification 

factor from the database developed by Kubo et al. (2003). 

Seismic intensities greater than 1.0 at calculation timing are 

used in this simulation. 

As hypocenter data, information published by JMA is 

used. Number of stations, which compose sub-network, is 

set to 15, and number of sub-networks to average estimation 

errors is set to 15. The threshold of estimation error is 0.7 

with reference to Figure 1. Spatial grid interval is 0.1 degree 

and depth of the grid points is fixed (24km) in this 

simulation. 

Online simulations are carried out at every 5 seconds 

from the origin time of the earthquake (0 second) to 200 

seconds. 

 

3.2  Simulation Result 

Estimated rupture zones at calculation timing are 

illustrated in Figure 2 (a) – (d). (a), (b), (c) and (d) 

correspond to 75, 105, 145 and 185 seconds after the origin 

time respectively. It is found from the figure that the rupture 

starts at the northern part and propagates to southward. 

Propagation of the rupture takes more than 150 seconds and 

the rupture zone extends to more than 250 km long at 185 

seconds. Those results are almost supported by results of 

waveform inversions such as Yagi (2011). From the point of 

view of disaster mitigation, it is remarkable that one can 

know size and location of seismic ruptures of a very large 

earthquake within 200 seconds after the origin time. 

  

4. SIMULATION OF THE 2008 IWATE-MIYAGI 

NAIRIKU EARTHQUAKE 

 

So as to check the applicability of the method to an 

inland smaller earthquake, an offline simulation of the 2008 

Iwate-Miyagi Nairiku earthquake is carried out using the 

K-NET and Kik-net data here. 

 

4.1  Dataset and Parameters 

252 records from K-NET and Kik-net stations are used 

for the simulation. Pre-process and parameters used in this 

simulation are basically same as the previous one. The 

maximum seismic intensity observed at each station is used 

for this offline simulation. 

Depth of the grid points is also fixed (10km) in this 

simulation. 

 

4.2  Simulation Result 

Estimated rupture zone by this method is shown in 

Figure 3. Though spatial resolution of this simulation is 0.1 

degree, the most likely rupture zone is located in the 

southern part of epicenter. This result almost agrees with 

results of waveform inversions (e.g. Suzuki et al. 2010), 

which indicates this method is applicable to inland smaller 

earthquakes as well as subduction-zone large earthquakes. 

(a) 75 seconds after the origin time (b) 105 seconds after the origin time (c) 145 seconds after the origin time (d) 185 seconds after the origin time

rupture 

zone

rupture 

zone

rupture 

zone

rupture 

zone

(a) 75 seconds after the origin time (b) 105 seconds after the origin time (c) 145 seconds after the origin time (d) 185 seconds after the origin time

rupture 

zone

rupture 

zone

rupture 

zone

rupture 

zone

Figure 2  Rupture Zones of the 2011 Tohoku Pacific Earthquake Estimated by the Proposed Method 

It can be seen that the rupture propagates from north to south, and the rupture zone extends to   

about 250 km long at 185 seconds. 
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Figure 3  Rupture Zones of the 208 Iwate-Miyagi Nairiku 

Earthquake Estimated by the Proposed Method 

See the rupture zone is estimated in the south of the epicenter. 

 

5.  DISCUSSION AND CONCLUSIONS 

 

In order to estimate seismic rupture zones of very large 

earthquakes, we proposed a new method to rapidly image 

seismic rupture zones from distribution of estimation errors 

of seismic intensities. Averaged estimation error at each grid 

point is calculated for seismic intensity distribution of 

sub-networks by using the attenuation relation of seismic 

intensity. Grid points with lower averaged estimation errors 

by the analysis correspond to possible rupture zones.  

We also carried out the simulations of the proposed 

method for the 2011 Tohoku Pacific earthquake and the 

2008 Iwate-Miyagi Nairiku earthquake. The estimated 

rupture zones by the method almost agree with strong 

motion generation areas studied by waveform inversions, 

and this indicates the method may be very effective for the 

next generation EEW system. 
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Abstract:  This paper describes the site specific spectral amplification of ground motion based on observed strong 
motion database in hilly zone Aobayama site with comparing as engineering bedrock site Sumitomo in Sendai. Spectral 
amplification of ground motion at the site is confirmed past disastrous earthquakes occurred around Sendai including 
shallow inland earthquakes from northern and southern; mainly subduction zone earthquakes from eastern – Pacific Coast 
earthquakes, namely the 2011 Off pacific Coast Tohoku Earthquake.    

 
 
1.  INTRODUCTION 

 

Consideration of site specific ground motion is very 

important in seismic design of building structure. During the 

2011 Tohoku Earthquake, 8- and 9- story buildings at 

Aobayama campus of Tohoku University were severely 

damaged. These buildings were retrofitted but damaged by 

the ground motion amplification of 1 sec period content that 

caused resonance to buildings, which is one of the major 

reasons of damage (Motosaka, 2012). The ground motion 

during Tohoku earthquake comprises two major phases. 

Each phase corresponding to each asperity of fault plane 

shows different amplification characteristics compared to 

Sumitomo site near Sendai station, which is recognized as 

engineering bedrock motion. The authors indicated the 

amplification was also recognized during the 1978 

Miyagi-ken Oki earthquake. 

Estimation of ground motion amplification 

characteristics at the site is very important in the recovery 

and reconstruction of the campus where adoption of 

base-isolated buildings have been considered. Therefore, the 

indispensable needs arise to estimate dominant period of 

ground motions in determination of natural period of 

base-isolated buildings and also other general buildings to be 

newly constructed or to be retrofitted on the hill campus.  

This paper describes the site specific ground motion 

amplification characteristics at Aobayama hill based on 

many earthquake data including the 2011 Tohoku 

earthquake and the 1978 Miyagi-ken Oki earthquake. 

Azimuth dependent ground motion characteristics are 

investigated for the earthquakes of which epicenters are 

shown in Figure 1. The seismic source locations of 2011 

Tohoku earthquake is also plotted (Asano and Iwata, 2011). 

 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.  Description of Geological Structure and Observation 

Records 

 

2.1 Geological Structure of Aobayama hill  

Figure 2 shows surface topography of Sendai area.  

Figure 3 shows geological sections, (a) EW section and (b) 

NW-SW section through Aobayama hill (Okutsu, 1973). 

Sumitomo Building near Sendai station is on diluvium 

terrace and Aobayama campus is on hill zone. It is noted that 

the level difference between Aobayama THU building site 

and Sumitomo building site is about 120m. Under the 

Figure1 Epicenters of earthquakes 
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diluvium terrace and the hill, thick tertiary layers deposit. 

    Figure 4 shows bedrock depth of Sendai area (Miyagi 

Prefecture, 2005). The bedrock depth at Sendai station is 

about 800m and the depth increases gradually toward west. 

Figure 5 shows map of 1st dominant periods for S-wave 

vertical incidence (Motosaka et al, 2006). At the Sumitomo 

building site near Sendai station, the 1
st
 dominant period 

calculated from velocity structure is about 2.5 sec and at 

THU building site of Aobayama hill, 3.0 sec.   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2  OBSERVED STRONG MOTION RECORDS 

Obtained Strong motion records since 1978 in Sendai 

area were used to investigate site amplification 

characteristics in at chosen site where structural damages 

occurred during past disastrous earthquakes. The 1978 

Miyagi-ken Oki earthquake (M7.2) caused destructive 

damage to buildings in Sendai and at Aobayama area of hill 

the fundamental natural period was confirmed 0.8 sec from 

analytical and obtained records (Shiga et al., 1979). The 

1998 Miyagi Nanbu earthquake (M5.2), shallow inland 

earthquake occurred near the hill within epicentral distance 7 

km and PGA value is 435 cm/s/s in EW direction. Near 

source ground motion characteristics with 0.3 sec period 

caused structural damages to low story buildings in the hill 

were confirmed (Motosaka, 1998). 

The 2011 Off Pacific Coast Tohoku Earthquake (M9.0), 

the largest earthquake in Tohoku area caused huge damage. 

Ground motion characteristics are significant with its long 

duration and strong site effects due to non-linear behavior of 

soil. Disaster Control Research Center (DCRC), Tohoku 

University, has strong motion network in Sendai city and 

valuable records were obtained during the earthquake (Ohno 

and Motosaka, 2011). Ground motion amplification 

characteristics are different in amplitude and spectral content 

at the sites within Sendai basin. Among those, spectral 

amplification of ground motion in Aobayama hill is 

significant comparing Sumitomo site although the ground 

motion amplitude level is almost same. Spectral content was 

also large more than two times compared to safety limit of 

design spectra of Japanese building code.      

     Observed strong motion records at sites used to 

investigate spectral amplification characteristics at the site 

focusing on azimuth dependency of ground motion 

propagation through basin structure from seismic source 

areas. Earthquakes occurred around Sendai within epicentral 

distance up to 250 km and magnitude from 4.7 to 9.0, totally 

図-4 深部地盤構造モデルの 1次卓越周期 図-4 深部地盤構造モデルの 1次卓越周期 

Figure 5 1
st
 dominant periods for S-wave vertical incidence 

Figure 4  Bedrock depth map of Sendai Area 

Figure 2  Surface geology of Sendai Area 

(a) EW section 

Figure 3 Geological section of Sendai area (Okutsu,1973) 

Terrace  Hill Plain 

 Sumitomo 

 Aobayama 

 Aobayama 

 Sumitomo 

(b) NE-SW section 
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47 earthquakes including shallow inland earthquakes from 

northern and southern part, mainly from eastern part – 

Pacific Coast Tohoku earthquakes were investigated (Figure 

6). The peak ground acceleration values of strong motion 

records are shown with hypocentral distances in Figure 7. 

Table 1 shows some significant earthquake information 

among the used data.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3. INVESTIGATION OF SPECTRAL 

AMPLIFICATION 

 

3.1  2011 Tohoku earthquake and Miyagi-Ken Oki 

Earthquakes 

    Observed strong motion records at the sites during 

1978 Miyagi-ken Oki earthquake (M7.2) and 2011 Off 

Pacific Coast Tohoku Earthquake (M9.0) showed in Figure 8 

and peak ground accelerations are  258 cm/s/s and 333 

cm/s/s for Aobayama; 251 cm/s/s and 318 cm/s/s for 

Sumitomo, respectively. The 2011 Tohoku earthquake 

waveform comprises two main phases and further spectral 

investigation is done at each phase separately.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

   Although the peak ground accelerations at two sites are 

almost same level, the ground motion characteristics are 

different at some specific spectral range. The features are as 

follows. 

1) The two phases show quite different spectral 

amplification. 

2) As for the 1
st
 phase of the 2011 Tohoku earthquake, the 

spectral amplification at around 1 sec is recognized 

only in EW component. NS component is not 

amplified at around 1 sec. The dominant period is 

recognized at 2.5 sec in EW component. But the 

amplification in hill is not significant  

3) As for the 2
nd

 phase, NS component is strongly 

amplified at around 1 sec period content which is 

strongly related to the structural damage of 

THUbuilding. The spectral amplification by 2 times at 

Table 1  Observed Strong Motion Records 

Figure 8  Observed acceleration waveform (a) Aobayama 

 and (b) Sumitomo 

THU SU2B

1978/2/20 6.7 38.45 142.12 50 170 105

1978/6/12 7.4 38.09 142.10 40 258 251

1998/9/15 5.2 38.29 140.76 13 435 x

2003/7/26 6.2 38.40 141.17 12 33 x

2005/8/16 7.2 38.15 142.28 42 87 131

2008/6/14 7.2 39.03 140.88 8 88 98

2008/7/24 6.8 39.73 141.63 108 77 50

2011/3/11 9.0 38.10 142.86 24 333 318

2011/4/11 7.0 36.95 140.67 6 72 55

2011/7/25 6.3 37.71 141.63 46 57 46

PGA (cm/s/s)
Date Magnitude Lat Lon Depth

Figure 7  Peak ground acceleration vs hypocentral distance  

Figure 6  Epicenter map of investigated earthquakes  
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4 sec is also recognized in NS component. The spectral 

dominance at 3 sec is recognized in EW component 

but amplification is small.    

4) The spectral values of 1978 Miyagi-ken Oki 

earthquake at around 1sec period content are larger in 

the NS direction and the spectral amplification in the 

hill is about two times, which is similar to the 2
nd

 phase 

of the 2011 Tohoku earthquake. The longer period 

contents are about half compared to the 2
nd

 phase of 

the 2011 earthquake 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

    

 

 

 Other earthquakes occurred in the  Miyagi-ken Oki area 

are also investigated. The spectral characteristics at 

Aobayama hill (THU building) and Sumitomo site are 

compared for the 2005 Miyagi-ken Oki earthquake (M7.2) 

(Figure 11). The results are as follows. 

1) Spectral amplifications are commonly larger in 1 

sec period dominantly in NS direction. 

2) Spectral range about 3 sec is appeared. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2  Earthquakes from north 

    The 2008 Iwate-Miyagi Nairiku earthquake (M7.2) is 

investigated as from northern part area earthquakes. Spectral 

amplification during the earthquake shows around 1 sec in 

horizontal directions and 3-4 sec period range is appeared 

significantly (Figure 12). In the longer period range, 

dominant period is longer in EW component than NS 

component.  

The 2008/7/24 intra-plate earthquake, Iwate-ken Engan 

Hokubu earthquake (M6.8) from northern area is also 

investigated as shown in Figure 13. The spectral 

amplification in range 1 sec period is recognized. But period 

contents at around 3s are relatively small. 

The 2003 Miyagi-ken Hokubu earthquake (M6.2) is 

one example of shallow inland earthquake in Miyagi-ken 

area. Spectral characteristics to epicentral distance 33 km at 

the hill are about 3-4 sec period content are dominant.   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 9  Velocity response spectra for 2011 Tohoku 

earthquake 

Figure 11  Velocity response spectra for 2005 Miyagi-ken 

Oki earthqauke 

Figure 12  Velocity response spectra for 2008 

Iwate-Miyagi Nairiku earthquake 

Figure 10  Velocity response spectra for 1978 Miyagi-ken 

Oki earthquake 
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3.3  Earthquakes from south 

    After the 2011 Tohoku Earthquake there are many 

aftershocks were observed in Fukushima and Ibaraki ken 

area and some obtained strong motion records were 

investigated. The results show that most spectral 

amplification from southern area occurred in range from 

short peroid contents to about 1 sec period, mostly dominant 

in EW direction. Figure 14 shows the spectra for the 

2011.04.11 Fukushima inland earthquake. The spectral range 

from 0.3 to 1.5 sec is largely amplified, but from 3 sec to 4 

sec period show no amplification. 

 

 

 

 

 

 

 

 

 

  

     

 

 

 

 

     

 

 

 

 

 

 

 

 

 

 

 

 

 

 

    The Fukushima-ken Oki earthquakes show spectral 

amplification range 0.3 – 0.8 sec period, an example 

earthquake case is shown in  Figure 15.  

    The 1998 Miyagi Nanbu earthquake (M5.2), occurred 

to the north west of the hill, epicentral distance is 7 km and 

largest value of ground acceleration is observed. The ground 

motion with the 0.3 sec period dominance at Aobayama hill 

shows strong directionality in EW component. The ground 

motion characteristics are consistent with 2 story RC 

buildings’ damage of the Aobayama campus during the 1998 

earthquake. 

 

 

4.  INVESTIGATION OF AZIMUTH DEPENDENT 

SPECTRAL AMPLIFICATION IN AOBAYAMA HILL 

 

4.1   Spectral amplification characteristics of ground 

motion    

    Azimuth dependency of spectral amplification 

characteristics are investigated for all directions. It is found 

that the periods of 1sec and 3 sec are significantly amplified 

in the azimuth range from 45 degree to 135 degree, 

corresponding to Miyagi-ken Oki earthquakes. Then 

amplified period range is shifted to shorter range of 0.4 sec 

period in azimuth larger than 135 degree, Fukushima-ken 

Oki earthquakes.  

  

4.2  Azimuth dependency of spectral amplification of 

ground motion for Miyagi-ken Oki earthquakes   

    Figure 16 shows spectral amplification values at 1 sec 

period in horizontal two directions for the earthquakes 

occurred in the azimuth range from 45 to 135 degree.     

Similarly Figure 17 shows spectral amplification values at 3 

sec period.  In these figures earthquakes with large pseudo 

velocity spectral amplitude than 50cm/s are shown as red 

circles in NS direction and blue diamond in EW direction. 

Finding form these figures are as follows. 

1) In NS direction for 1 sec perid, spectral amplification 

becomes lager and toward 90 degree, namely toward 

east with exception of the 1
st
 phase of the 2011 Tohoku 

earthquake, and the spectral amplification becomes 2 to 

3 times.  

2) In EW direction for 1 sec period, contrary to NS 

direction, the spectral amplifications seem to be 

decrease with exception of the 1
st
 phase. The largest 

spectral amplification becomes 2.5 times. 

3) In NS direction for 3 sec period, the largest 

amplification value shows more than 2 in case of 

1978/6/12 Miyagi-ken Oki earthquake. It is noted that 

the spectral amplification is not so lager for the 2011 

Tohoku earthquake due to 4 sec amplification.  

4) In EW direction for 3sec period, spectral amplification 

is not so large compared to NS direction.  

 

 

 

 
Figure 15  Velocity response spectra for 2011.07 

Fukushima-ken Oki earthquake 

Figure 13  Velocity response spectra for 2008.07 Iwate  

earthquake 

Figure 14  Velocity response spectra for 2011.04 

Fukushima inland earthquake 
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5.  CONCLUSIONS 

 

Site specific spectral amplification characteristics in 

Aobayama hill are discussed depending on earthquake 

source location based on observed strong motion records at 

the chosen site comparing with reference site, Sumitomo 

building site near Sendai station. The site specific spectral 

amplification at 1 period range is more than two times and 

also the amplification at 3-4 sec period range is also 

recognized. It is found from the azimuth dependency of 

spectral amplification that the amplified direction is 

depending on the source location. These findings are very 

informative for the seismic zoning of the Sendai area and for 

seismic design of new buildings which will be constructed in 

the hill in future and also for the seismic retrofit of the 

damaged buildings during the 2011 Tohoku earthquake. 
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Abstract:  We applied a method proposed by Si et al. (2010) to estimate the empirical site effects at 38 stations in the 
Iwate and Miyagi regions of northeast Japan. The method is based on summing up ratios of observed to predicted ground 
motions, where the predicted ground motion is obtained by using a reference ground motion attenuation model (GMPE). 
We used the model of Si and Midorikawa (1999) for estimating the peak ground velocities (PGVs), while the model of 
Kanno et al. (2006) to estimate spectral accelerations at period ranges of 0.05 to 5 s. The results showed large 
amplification in PGVs, mostly observed at stations located in basins and coastal areas, while de-amplification was found 
in most stations located in mountainous areas where hard rocks are expected. The acceleration spectra at most stations 
exhibited large amplification at periods of 0.1 s or shorter and it is reduced for longer periods. We also found the relation 
between the empirical amplification factors of PGVs and AVS30 in these regions. The new relation was compared to 
previous studies by Midorikawa et al. (1994) and Fujimoto and Midorikawa (2006). We confirmed that the method is 
efficient to calculate the site effect, where no AVS30 information is available.  

 
 
1.  INTRODUCTION 
 

Local site conditions have an enormous effect on the 
ground motion prediction. Some studies adopted the average 
shear-wave velocity of top 30 m (AVS30) as a correlated 
factor to the site amplification (Borcherdt et al., 1991; 
Midorikawa et al., 1994; Kanno et al. 2006; NGA project, 
2008). Anderson et al. (1996) studied the effect of surficial 
geology on the ground motions. They examined numerical 
results for both simple and very irregular 1D velocity models. 
They found that the character of the seismogram and the 
peak spectral frequencies, are strongly influenced not only 
by the thickness but also by the intervening layers. Lee and 
Trifunac (2010) emphasized that AVS30 should not be the 
only site parameter used to scale strong motion amplitudes. 
In addition, this method is not applicable if the sub-structural 
information is not available at the target site. Zhao et al. 
(2006) classified the site effects for seismic stations in Japan 
based on the spectral ratio of H/V of earthquake records. The 
basic assumption of this method is that the local geology 
only influences the horizontal components of seismic waves, 
but not the vertical one. Then site response is obtained by 
dividing the spectral amplitudes of the horizontal component 
to the vertical component at the same site. Riepl et al. (1998) 
found that the method is sensitive to possible phase 
interactions and phase conversions due to local 
heterogeneities which could amplify the vertical component 
of the ground motion by almost the same order of magnitude 
as the horizontal components. Recently, Si et al. (2010) 

proposed a simple method to investigate the site effects by 
means of summing up ratios of observed and predicted 
ground motion. Their method showed good results when 
tested for data from four regions in Japan (e.g., Si et al., 
2011). They implemented correction for peak ground 
velocities (PGVs) estimated using ground motion 
attenuation model of Si and Midorikawa (1999). It is also 
convenient for its usage, especially when the sub-structural 
information is not available at the observation point.  

In this study, we adopted the method of Si et al. (2010) 
to find the empirical site effects of PGVs at 38 stations in the 
Iwate and Miyagi regions of northeast Japan. We examined 
the relation of PGV amplification factors and AVS30 and 
compared to previous studies by Midorikawa et al. (1994) 
and Fujimoto and Midorikawa (2006). We extended this 
method to find the amplification factor of spectral 
acceleration at periods of 0.05 – 5 s for the same stations. 
The amplification correction factors of the PGVs and 
spectral accelerations were used to correct for the observed 
strong motion data of the 2008 Iwate-Miyagi Nairiku 
earthquake (Mw 6.9). We also corrected the same database 
using other correction factors based a correlation relations by 
previous studies. Finally, we did a comparison between the 
corrected databases to validate the adopted method.  

 
 
2. METHOD  
 

Si et al. (2010) estimated the site effect by averaging of 
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the observed and the predicted strong ground motion. Their 
relation is expressed as: 

 
   
                                              (1) 
 
where, R(ω) is the empirical amplification factor, index i 
represents earthquake record, n is the total number of records 
used for site effect estimation for each station, O(ω) is the 
maximum absolute horizontal amplitude of the observed 
record in case of PGVs, while it represents the root mean 
square in case of acceleration spectra. O’(ω) is the predicted 
ground motion using a reference ground motion attenuation 
model (GMPE) defined on the engineering bedrock, G(ω) is 
the site effect on the ground surface, G’(ω) is the site effect 
on the engineering bedrock, and εi is a random number, 
which decreases with an increase in the number of 
observations.  

We used the model of Si and Midorikawa (1999) to 
estimate the ground motions on the engineering bedrock, 
where the engineering bedrock is defined for the shear-wave 
velocity of 600 m/s. The relation is expressed as:   
  
log PGV= 0.58 Mw+0.0038D – log(X+0.0028･100.5 Mw)       
        -0.002X–1.29                           (2) 
 
where X, Mw, and D are fault distance, moment magnitude, 
and focal depth, respectively.  

We also used the model of Kanno et al. (2006) to 
estimate the 5% damped acceleration response spectra at 
periods of 0.05 – 5 s (Eq. 3). The engineering bedrock is 
defined for average shear wave velocity (AVS30) of 300 m/s. 
The relation is expressed as:  

  
log pre = a1Mw + b1X –log(X + d1 . 10e1Mw)  
        + c1  (D ≤ 30 km)                       (3) 
 
where pre is 5% damped acceleration response spectra 
(cm/s2), Mw is the moment magnitude, X is the fault distance 
(km), e1 = 0.5 for all the periods. a1, b1, d1, and c1 are 
regression coefficients defined by Kanno et al. (2006).  
 
 
3. STRONG MOTION DATA   

 
The selection criteria which we adopt in this study were 

as follows:  
1- Moment magnitude Mw is between 4.0 and 6.0, we 

just chose small earthquakes in order to avoid any 
nonlinear effect, which could possibly occur at the 
observation stations.  

2- Hypocentral distance is less than 50 km to 
minimize the path effect.  

3- We only chose the crustal events with focal depth 
less than 30 km.  

4- Maximum PGA exceeds 10 cm/s2 for events with 
good signal-to-noise ratios.  

5- Number of records for each station is greater than 

or equal to 5. Increasing the number of events also 
minimizes the path effect as examined by Si et al. 
(2011).         

 
We chose 87 earthquakes between 1997 and 2011 in the 
Tohoku area. We used three-component strong motion 
records from 38 stations of K-NET and KiK-net operated by 
the National Institute for Earth Science and Disaster 
Prevention (NIED). Most of the selected stations are located 
in the Iwate and Miyagi prefectures. The study area has been 
strongly affected by many large earthquakes, such as the 
2008 Iwate-Miyagi Nairiku (Mw 6.9) and the recent 2011 
Tohoku earthquake (Mw 9.1). The earthquake data and 
selected stations are presented in Figure 1. A high-pass filter 
of 0.1 Hz was applied to eliminate the long-period ground 
motions from whole recorded data.  
 

 
Figure 1 Map showing the Topography of the Area, and 
Earthquakes (Red Circles). Light Blue Triangles indicate 
Stations Recording Less Than 5 Earthquakes. Dark Blue 
Triangles indicate Stations Recording ≥ 5 Earthquakes, 

which were used in This Study.  

 

 
4. RESULTS AND DISCUSSION 

 
Figure 2 shows the spatial distribution of the PGV 

amplification factors. An amplification factor of 1.5 to 2 was 
observed at some stations located at the basins and coastal 
areas. Small amplification and de-amplification were 
dominated at most stations on hard rocks, located in the 
mountainous areas. However, stations such as AKTH04, 
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IWTH25, and MYG014 in mountainous areas, exhibit 
relatively large amplification, which could be due to local 
geology at the observation stations. For instance, the station 
AKTH04 has a sharp contrast in velocity at 32 m depth, 
where P-wave velocity decreases from 3000 to 880 m/s, 
while S-wave velocity decreases from 980 to 430 m/s. Such 
a large velocity contrast could cause large amplification at 
the assigned station. We found the correlation between the 
amplification factors of PGVs and the AVS30s (Eq. 4 and 
Figure 3). We compared this relation to the relation by 
Midorikawa et al. (1994) for the Kanto region (Eq. 5). Also, 
we compared our results with the relation by Fujimoto and 
Midorikawa (2006) for the whole Japan (Eq. 6). As 
compared to other studies, our amplification values were 
relatively smaller. The equations obtained from the above 
studies are as follows.                            
  
log(R) = 1.67 – 0.64log(AVS30)                    (4)  
 
log(R) = 1.83 – 0.66log(AVS30)                    (5) 
 
log(R) = 2.367 – 0.852log(AVS30)                  (6)  

 
Figure 4 shows the spatial distribution of spectral 

acceleration amplification factors at periods 0.1, 0.5, 1, 2, 
and 5 s. Large amplification was dominated at stations, such 
as IWTH25, MYG002, and MYG011 at periods less than or 
equal to 0.1s, and it decreased with increasing periods. Large 
amplification at periods 1s and longer were dominated at 
some stations located at the basin areas, such as IWT011, 
MYG006, and MYG010. Small amplification observed at 
stations, such as MYGH06, AKT023, and IWT010 for 
periods of 0.1-5 s might be related to hard rock sites. We 
compared our results to that by Tsuda et al. (2006), who 
studied the site effect for the same area using the aftershock 
data of the 2005 Miyagi-oki earthquake. They applied a 
spectral inversion technique of the dataset to separate the 
source, path, and site effects. Same tendency were shown by 
both studies, but the amplification factors were slightly 
different. At the station MYG005, large amplification was 
found at long-periods of 2-5 s. The site is located on a 
caldera surrounded by mountains with a deep basin of 0.9 
km. Our results were in good agreement with long-period 
amplification observed by Motoki et al. (2010), who 
conducted a microtremor measurement around MYG005. 
They concluded that the site amplification is affected not 
only by 1-D velocity structure but also by the effect of 
irregular velocity structure of 4 km in the surrounding area.   

For comparison, we also calculated the theoretical 
transfer functions by SHAKE91 for stations with AVS30 
close to 300 m/s. Four stations were selected such as 
AKTH19, IWTH20, MYGH05, and IWTH26, which have 
AVS30 of 287, 288, 305, and 371 m/s, respectively. Our 
results were almost similar to those obtained from the 
theoretical transfer functions for short periods of less than 1s. 
However, our results for long periods (more than 1s) could 
not be compared with those of the theoretical transfer 
functions, because we used shallow layers up to 30 m to 

calculate transfer functions (Figure 5).  
We corrected the PGVs and the acceleration spectra at 

periods of 0.1, 0.5, 1, 2, and 5 s, for the 2008 Iwate-Miyagi 
Nairiku earthquake (Mw 6.9), with the correction factors 
obtained from this study. We also used other relations such 
as Midorikawa et al. (1994) to correct for PGVs. On the 
other hand, the relation of Kanno et al. (2006) was used to 
correct for spectral acceleration. The corrected data fit better 
with GMPEs. To check the validity of our analysis, we 
carried out error analyses by estimating the residual and the 
standard deviation before and after corrections. We found 
that both residual and standard deviation were reduced after 
correction, as shown in Figures 6 and 7.  

 

Figure 2 Map showing the Spatial Distribution of the 
Amplification Factors of PGVs. Amplification at Stations 
Located in Basins and Coastal Areas is Relatively Larger 

than that at Mountainous Areas.   

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3 Comparison of the Amplification Factors of PGVs 
with those of Midorikawa et al. (1994) and Fujimoto and  
Midorikawa (2006). Our Relation has Same Trend with 

Midorikawa et al. (1994), but Smaller Values.  
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Figure 4(a) Map showing the Amplification Factors of 
Spectral Accelerations at a Period of 0.1 s. A Large 

Amplification is dominated at Most Stations, which could be 
related to the Shallow Soft Layers of Surface Geology. 

 

 
Figure 4(b) Map showing the Amplification Factors of 

Spectral Accelerations at a Period of 0.5 s. The 
Amplification is less than comparing with the Previous 

Figure. The Amplification Factors are still large in the Basin 
and the Coastal Areas. 

 

Figure 4(c) Map showing the Amplification Factors of 
Spectral Accelerations at a Period of 1 s. A Large 

Amplification is still dominated at Stations located at Basins 
and Coastal Areas.   

Figure 4(d) Map showing the Amplification Factors of 
Spectral Accelerations at a Period of 2 s. Stations are located 

at Deep Soft Soil Structure have a Large Amplification 
Factor such as MYG006. The Station IWT011 located at 

Alluvial Fan has a Large Amplification Factor. The Station 
MYG005 located at Caldera filled with Volcanic Ash has a 

Large Amplification Factor.  
 

 
Figure 4(e) Map showing the Amplification Factors of 

Spectral Accelerations at a Period of 5 s. A Large 
Amplification is still observed at Stations located at Deep 

Basins such as IWTH24, MYG005, and MYG006.  
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Figure 5 Comparison between the Amplification Factors of 
this Study and the Theoretical Transfer Functions calculated 
by SHAKE91. Close Trend is shown at Short Period Range 

less than 1s.  

 

 

Figure 6 (Upper Panel) Distribution of PGVs with the 
Attenuation Relation of Si and Midorikawa (1999), the Data 
after correcting for the Factors by Midorikawa el al. (1994) 
and by our Study. (Lower panel) Distribution of Residuals 

with Distance for the Same Data is shown in the Upper 
Panel. The Standard Deviations are 0.29, 0.26, and 0.21, 

respectively. 
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Figure 7(a) (Upper Panel) Distribution of Acceleration 
Spectra at a Period of 0.1 s, the Data after correcting for the 
Factors by Kanno et al. (2006) and by our Study. (Lower 

Panel) Distribution of Residuals with Distance for the Same 
Data is shown in the Upper Panel. The Standard Deviations 

are 0.26, 0.23, and 0.16, respectively. 

 

 

Figure 7(b) (Upper Panel) Distribution of Acceleration 
Spectra at a Period of 0.5 s, the Data after correcting for the 
Factors by Kanno et al. (2006) and by our Study. (Lower 

Panel) Distribution of Residuals with Distance for the Same 
Data is shown in the Upper Panel. The Standard Deviations 

are 0.33, 0.40, and 0.20, respectively. 
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Figure 7(c) (Upper Panel) Distribution of Acceleration 
Spectra at a Period of 1 s, the Data after correcting for the 
Factors by Kanno et al. (2006) and by our Study. (Lower 

Panel) Distribution of Residuals with Distance for the Same 
Data is shown in the Upper Panel. The Standard Deviations 

are 0.43, 0.50, and 0.26, respectively. 
 

 

 

Figure 7(d) (Upper Panel) Distribution of Acceleration 
Spectra at a Period of 2 s, the Data after correcting for the 
Factors by Kanno et al. (2006) and by our Study. (Lower 

Panel) Distribution of Residuals with Distance for the Same 
Data is shown in the Upper Panel. The Standard Deviations 

are 0.36, 0.40, and 0.23, respectively.   
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Figure 7(e) (Upper Panel) Distribution of Acceleration 
Spectra at a Period of 5 s, the Data after correcting for the 
factors by Kanno et al. (2006) and by our study. (Lower 

Panel) Distribution of Residuals with Distance for the Same 
Data is shown in the Upper Panel. The Standard Deviations 

are 0.28, 0.33, and 0.19, respectively.     

 
 
5. CONCLUSIONS 
 

We calculated the empirical amplification factors of 
PGVs and spectral accelerations for the Iwate and Miyagi 
regions of northeast Japan by adopting the method of Si et al. 
(2010). The results were in good agreement with previous 
studies conducted in the study area. The proposed method is 
useful to estimate the site amplification factors for seismic 
stations, where imperfect sub-structural information is 
available. We found the correlation of the amplification 
factors and AVS30. The obtained relation revealed the 
amplification characteristics of the Iwate and Miyagi regions, 
which is smaller as compared to those for other regions like 
Kanto or the whole Japan. We applied the correction factors 
obtained in this study for the strong motion records of the 
2008 Iwate-Miyagi Nairiku earthquake (Mw 6.9). The 
corrected ground motions fit better with the prediction by 
GMPEs.  
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Abstract:  On September 21, 1999, the Chi-Chi earthquake (ML 7.3) occurred in the central Taiwan. There are many 
studies have indicated that nonlinear site response occurred when strong ground motion wave shook surface soft soil 
layers in the central Taiwan. We can identify the nonlinear site response by comparing the strong ground motion record to 
the reference weak motion record. The method we used is the horizontal to vertical (H/V) spectral ratio of a single surface 
station. Yeh (1999) used this method to study the nonlinear site response during the Chi-Chi earthquake. The main 
objective of this study is to quantify the degree of nonlinear site response (DNL). Noguchi and Sasatani (2008) use the 
summation of differences between the H/V spectral ratio for strong motion and that for weak motion to calculate the DNL 
value. The same method and others are tried to calculate the DNL value in this study. The DNL value will compare with 
the site classification and Vs30 to show the influence of site condition to the nonlinearity. 

 
 
1.  INTRODUCTION 

 

According to a lot of studies, we have been known that 

nonlinear site response may occur in near-surface deposits 

when a big earthquake accompany with large strains. From 

the results of dynamic soil test, the damping factor h rises 

and the shear wave velocity drops as the strain level rises. In 

the past, we usually investigate the nonlinear site responses 

by using spectral ratio between surface and borehole or rock 

station pairs. Wen et al. (1995) and Aguirre and Irikura 

(1997) used the vertical seismic array data to identify 

nonlinear site response at Taiwan and Japan, respectively. 

They both used the spectral ratio of surface to borehole shear 

wave portions (surface/borehole) and compared the 

difference between strong motion and weak motion. The 

nonlinear site response was clearly shown at LSST array and 

Port Island array. In these spectral ratio analysis all shown 

the dominant frequency shifted to lower frequency and the 

amplification reduced at high frequency range, indicated the 

nonlinear site response occurred. But the borehole or rock 

station is difficult to obtain. Wen et al. (2006) provided the 

spectral ratio of horizontal shear wave to vertical shear wave 

(H/V) at ground surface can be used as an indicator of 

nonlinear site response. The data used is the same as Wen et 

al. (1995) and Aguirre and Irikura (1997). And the result of 

the H/V method is similar to surface/borehole method. Yeh 

(1999) used the H/V method to investigate the nonlinear site 

response during the 1999 Chi-Chi, Taiwan earthquake. The 

nonlinear site response is manifested clearly at some stations 

like TCU038, TCU110 and TCU084 etc. The result indicates 

that the nonlinear site response can be detectable at certain 

soil conditions above a threshold acceleration level. This 

study wants to quantify the degree of nonlinear site response 

caused by the 1999 Chi-Chi, Taiwan Earthquake. 

 

 

2.  DATA AND METHODS 

 

2.1  TSMIP network 

The data we use is recorded by the Taiwan Strong 

Motion Instrumentation Program (TSMIP). We choose the 

TCU and CHY station series which is established at central 

Taiwan (Figure 1) and the weak motions which are recorded 

from 1993 to 1998 (TCU: 1993~1998, CHY: 1996~1998) 

with Peak Ground Acceleration (PGA) less than 30 gal to 

calculate the mean spectral ratio value as reference. 

 

2.2  The H/V method 

The first step is painting the waveforms of earthquakes 

which are recorded by strong motion station. A 10-sec 

S-wave portion was selected to calculate the Fourier 

amplitude spectrum. The root-mean-square spectrum from 

the EW component and NS component are calculated as the 

horizontal spectrum. Each ratio was smoothed by using the 

3-point average method for weightings of 0.25, 0.5, and 0.25. 

Finally, the spectral ratio is derived horizontal spectrum by 

vertical spectrum.  

Figure 2 is an example which is the result of CHY026 
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station. The red line is the spectral ratio of strong motions 

and black lines is the mean of weak motions’ spectral ratio. 

The dashed lines show the one standard deviation region. 

The dominant frequency shift to lower frequency and the 

amplification reduce at high frequency range indicate the 

nonlinear site response occurred at this site. 

 

2.3  DNL value 

Noguchi and Sasatani (2008) hypothesized the degree 

of nonlinearity of site response (DNL) depend on a 

summation of differences between H/V for strong motion 

and their reference. The DNL can be quantified by Eq. (1):  

 

fDNL
R

R
ref

strong















 log

 (1) 

 

Rstrong means spectral ratio for strong motion and Rref means 

the reference. The DNL value shows positive correlation 

with observed horizontal PGA when the soil condition is 

soft. 

 

3.  DNL OF THE 1999 CHI-CHI, TAIWAN 

EARTHQUAKE 

 

The H/V spectral ratios of all stations have been 

calculated. Then, we calculate the DNL values for these H/V 

spectral ratios by the Eq. (1). And try different frequency 

range, respectively, 0.5~10 Hz, 0.5~15 Hz, 0.5~20 Hz and ±
2.5 Hz of the dominant frequency. The results are shown in 

Figure 3 compare with observed PGA and Vs30. Vs30 is the 

average shear-wave velocity of the upper 30 meters of a soil 

profile. It is an important parameter to evaluate soil 

condition. Higher Vs30 value always indicates stiffer soil 

conditions. The site classification of Vs30 (Table 1) is 

consult the Wald and Allen (2007). 

In the Figure 3 (c) shows good result that DNL for the 

frequency range from 0.5 Hz to 20 Hz. The D classes show 

the positive correlation between observed PGA and DNL 

even though they are scattered. It means the nonlinear site 

response occurs relatively easy on soft soil conditions under 

the high strain. But three stations which are TCU065, 

CHY101 and CHY036 are not accepted to the relation. We 

will discuss the phenomenon at next section. 

 

 

4.  DISCUSSION AND CONCLUSIONS 

 

In the Figure 3 (c) shows the positive correlation 

between observed PGA and DNL except the TCU065, 

CHY101 and CHY036. The H/V spectral ratio of TCU065 

(Figure 4) shows not-so-strong nonlinear site response 

although the observed PGA is high. Yeh (1999) consider that 

the TCU065 is not affected by the liquefaction caused by the 

1999 Chi-Chi, Taiwan earthquake. Figures 5 and 6 show the 

H/V spectral ratio of CHY036 and CHY101, respectively. 

Although these two stations are except to the positive 

correlation. The DNL values are relatively high which is 7.0 

and 9.5, respectively. It can be seen the amplification is 

reduce from about 6 to 20Hz. The frequency range is shorter 

than other stations. For example, the CHY026 station 

(Figure 2). 

In order to investigate the relation between the 

nonlinear site response caused by the Chi-Chi earthquake 

and the strain of ground motion or soil condition. First, we 

use the H/V method and get the spectral ratio of horizontal 

to vertical component. We quantify the degree of nonlinear 

site response (DNL) by the summation of difference 

between the ratio for strong motion and weak motion. We 

find the positive correlation between the DNL and the 

observed PGA when the site classification is D. It means the 

degree of nonlinear site response is higher when the strain 

increases at soft soil condition.  
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Figure 1  The TCU and CHY station series which is 

establish at central Taiwan. The green star and red line is the 

epicenter and fault of the 1999 Chi-Chi, Taiwan earthquake. 

Figure 2  The H/V spectral ratio of CHY026 

(a) 

(b) 

(c) 

(d) 

Figure 3  The DNL of different frequency range: (a) 

0.5~10 Hz, (b) 0.5~15 Hz, (c) 0.5~20 Hz, and (d) ±2.5 Hz 

of the dominant frequency. 
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Site classification Vs30(m/s) 

B 760＜Vs 

C3 620＜Vs＜760 

C2 490＜Vs＜620 

C1 360＜Vs＜490 

D3 300＜Vs＜360 

D2 240＜Vs＜300 

D1 180＜Vs＜240 

E Vs＜180 

 

Figure 4  The H/V spectral ratio of TCU065 

Figure 5  The H/V spectral ratio of CHY036 

Figure 6  The H/V spectral ratio of CHY101 

Table 1  The site classification of Vs30 from NEHRP 
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Abstract:  The empirical equation for estimating the site amplification factor of ground motion by the average 
shear-wave velocity of ground (AVS) is examined. In the existing equations, the linear relationships of the amplification 
factor versus the AVS were assumed. The analysis showed that the relationships are curvilinear at short periods. A new 
estimate equation was proposed considering the curvilinearity. The new equation can represent site characteristics that the 
softer soil has the longer predominant period, and can make better estimations for short periods than the existing method. 

 
 
1.  INTRODUCTION 
 

Existing equations for estimating site amplification 
factor which uses AVS30 as a parameter (e.g. Borcherdt et al. 
1979, Midorikawa et al. 1994, Boore et al. 1994, Kanno et al. 
2006), have a problem about the expression of frequency 
characteristics. For example, amplification factors for 
response spectrum estimated by these equations only 
increase and decrease monotonically depending on AVS30 
and those shapes are near to the resemblance and hardly 
change. On the other hand, many previous studies pointed 
out that there is the tendency that the softer soil have longer 
predominant period, and it is expected that the predominant 
period of site amplification factors get longer with a decline 
of AVS30. Therefore, it can be said that these estimate 
equations cannot fully express the frequency characteristics 
of amplification factors. 

This study proposes the revised method for estimating 
frequency characteristics of site amplification factor by 
formulating AVS30 more precisely. 
 
 
2.  PROBLEM OF EXISTING METHODS 
 

In previous studies, amplification factors (AF) were 
usually formulated like following equation (1). Coefficient b 
is constant which was defined for each ground motion 
intensity index. 

 
( )brefVsAVS30AF /=  (1) 

 
Vsref is S-wave velocity at a reference site. Therefore, 

we can express an AF by a straight line and its slope is a 

coefficient b (Fig.1). In Fig.1, As is an amplitude of ground 
motion at target site and Aref is an amplitude at reference site. 
Fig.2(a) is a view showing a frame format of AF for 
response spectrum. When there are two sites, site1(AVS1) 
and site2(AVS2), targeted for the evaluation of response 
spectrum, AF for each period against the basis site are 
estimated on straight lines. In this case, in any site1 and site2, 
the relations of AF among these periods Ta, Tb, Tc will not 
change like Fig.2(a). So, AF for response spectrum 
estimated by the equation (1) will linearly increase and 
decrease on double logarithmic axis depending on relative 
relations of S-wave velocity between the basis site and the 
target site. As a result, the frequency characteristics will 
hardly change. However, it is the general tendency of 
amplification factors that the predominant period is the 
longer at the softer ground and the shorter on the harder 
ground. It is clear that because of the constant slope b, 
equation (1) cannot express this tendency enough. 

 

S-wave vel.

Amplification factor

refVsAVS30

1

refs AAAF =

b

 
Figure 1  Relationship of AF and S-wave velocity in 
existing equations on logarithm axis. 

 
Fig.2(b) shows AF of site1 and site2 against the basis 
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site, under the condition that the slope b is variable 
parameter depending on AVS30. Because slope b changes 
with AVS30, the change of AF becomes curvilinear. Then, 
the increase of AF with reducing AVS30 becomes 
nonmonotonic, and the relations among AF of each period 
Ta, Tb, Tc change. 

In this study, we introduce such variable slope 
(coefficient b) into equation (1) and express the frequency 
characteristics of amplification factor more precisely. 
Thereby, we aim to improve the precision of estimation of 
amplification factors. 
 
 
3.  DATA 
 

We collected strong motion records from February, 
1997 to August, 2008 of the National Research Institute for 
Earth Science and Disaster Prevention (K-NET and 
KiK-net), the Port and Airport Research Institute and the 
Yokohama high-density strong-motion network based on the 
standard showing on Table 1. 

Next, in order to reduce the influence of non-linear site 
amplification, we excluded the records which have large 
effective shear strain γ'eff by following equation (2) in 
reference to Tokimatsu et al.(1989). Furthermore, the records 
which exceed surface waves were excluded. 

 
41034.0 −×≥⋅=′ AVS30PGVeffγ  (2) 

Using these strong motion records, we compute 
absolute acceleration response spectrum by GMRotD50 
which is independent of the sensor orientations (Boore et al. 
2006). And we got PGA and PGV by combining two 
horizontal components in the time domain. 

Based on the P-S velocity logging of each observation 
station, we calculated AVS30 weighted by travel time of 
S-wave by following Matsuoka et al.(2006). 
 

Table 1  Criteria of collecting strong motion records 
Mw Fault distance 

6.9 ≤ Mw ≤ 300km 
6.5 ≤ Mw < 6.9 ≤ 250km 
6.0 ≤ Mw < 6.5 ≤ 200km 
5.4 ≤ Mw < 6.0 ≤ 150km 
5.0 ≤ Mw < 5.4 ≤ 100km 

 
 

4.  CALCULATION OF COEFFICIENT b 
 
4.1  Methodology 

As in the previous study (Fujimoto and Midorikawa, 
2006), we make many pairs of two observation stations, the 
distance between the pair is within 30km, and calculate AFi 
by following equation (3) to each pair using observed strong 
motion records. Suffix i is index identifying an earthquake 
and a pair. 

1
TTT

refVsAVS1AVS2

Ta Tb Tc Ta Tb TcTa Tb Tc

AF at site2
Amplification factor

AF at site1 AF at reference site

S-wave vel.  
Figure 2(a)  AF for response spectrum : Coefficient b = constant 

refVs

T

AVS1

TT

AVS2

Ta Tb Tc Ta Tb TcTa Tb Tc

1

Amplification factor
AF at site2 AF at site1 AF at reference site

S-wave vel.  
Figure 2(b)  AF for response spectrum : Coefficient b = variable 
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)/()/( ,,,, irisirisi XXAAAF ⋅=  (3) 

 
Then, assuming that AFi is expressed in following 

equation (4), we calculated coefficient bi of each ground 
motion intensity index by following equation (4'). 

 
ib

irisi AVS30AVS30AF )/( ,,=  (4) 

 

iris

i
i AVS30AVS30

AFb
,, loglog

log
−

=  (4') 

 
In these equations (3)(4)(4'), AF is observed amplitude 

of each ground motion intensity index, X is hypocentral 
distance or distance from assumed fault by previous studies.  
And suffix s means the site where AVS30 is relatively small, 
suffix r means the site where AVS30 is relatively large. 

As showing equation (4'), coefficient bi is expressed 
and calculated as a slope of a straight line connecting two 
points of observation station pairs, like the solid line of left 
side of Fig.3. Then, we express these calculated coefficient 
bi in line segments connecting section [AVS30s,i, AVS30r,i] 

like right side of Fig.3. We make these line segments 
disintegration like black dots of the right side of Fig.3 and 
define the curve connecting the mean value of each black 
dot as coefficient b(x). If coefficient b has no dependency on 
AVS30, b(x) should be constant with x, and in the opposite 
case, curvilinear change will be seen in b(x). 

And now, the larger logAVS30r,i-logAVS30s,i (the 
smaller AVS30s,i/AVS30r,i), coefficient bi become the more 
stable. Reversely, the smaller logAVS30r,i-logAVS30s,i, 
coefficient bi becomes the more unstable. On the other hand, 
the equation (4') is the expression that evaluate a mean of 
coefficient bi in the section [AVS30s,i, AVS30r,i] of AVS30, so 
the narrower section must be able to accurately evaluate the 
change of coefficient b. We took both the stability and the 
accuracy into account, we made the condition that 
AVS30s,i/AVS30r,i is less than 1/1.5 on making observation 
station pairs (condition [1]). However, only with the 
condition [1], an enormous quantity of observation station 
pair would be made in the high density seismometer area 
such as Yokohama city, and it might lead to biased result. 
Therefore, if one station has plural matching stations 
satisfying the condition [1], we choose the station which can 
make a pair having the largest AVS30s,i/AVS30r,i among those 

b(x) = mean value of disintegrated bi (black dots)

AVS30s,i AVS30r,i

bi

AVS30r,iAVS30s,i

1

AF

Amplification factor

ib

Coefficient b

S-wave vel. S-wave vel.

 
Figure 3  Methodology of calculation of coefficient b(x) 

 

 
Figure 4  Distribution of coefficient b(x) 
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stations (condition [2]). Numbers of observation station pairs 
and earthquakes are listed in Table 2. 
 

Table 2  Number of station pairs and earthquakes 
Mw Number of pairs Number of EQs

5.0～5.4 2,271 120 
5.5～5.9 2,614 81 
6.0～6.4 905 34 
6.5～6.9 783 17 
7.0～7.4 298 5 
7.5～7.9 39 2 

Total 6,910 259 
 
4.2  Calculation of coefficient b(x) 

The distribution of coefficient b(x) values against 
AVS30 in each period of response spectrum is shown in 
Fig.4. Coefficient b(x) values are not uniformly distributed. 
There are two distinguishing characteristics, one is the 
belt-shaped domain indicating approximately -1.0 
(characteristic [A]) and the other is the domain indicating 
positive value in less than around 300m/s in shorter periods 
than the belt-shaped domain (characteristic [B]). The 
characteristic [A] shows that the amplification of ground 
motion in this belt-shaped domain is greater than in other 
domain. It suggests that the predominant period of the 
ground shifts to longer with decreasing AVS30 and that the 
period becomes a little over a second in AVS30 less than 
around 200m/s. In addition, the characteristic [B] is able to 
be interpreted as a result that the amplitude of ground motion 
is reduced by viscous damping of ground at short periods in 
the soft soil with low S wave velocity. 

Each coefficient b(x) for PGA, PGV and response 
spectra are shown in Fig.5. In addition, we calculated 
coefficient b(x) only in the range of AVS30 with the number 
of the observation station pairs are greater than 100, because 
the tendency that coefficient b(x) becomes unstable was seen 
in the range of AVS30 with number of the pairs less than 100. 
In Fig.5, it is shown that coefficient b(x) for the response 
spectra for the period less than about 0.5 seconds particularly 
have a big change width, and that these coefficients become 
positive value in the range of AVS30 less than about 
200-300m/s due to characteristic [B]. Coefficient b(x) for 
response spectrum for the period more than about 2 seconds 
and b(x) for PGV have a relatively narrow change width. 

 
 

5.  EVALUATION OF SITE AMPLIFICATION FACTOR 
 
5.1  Formulation of coefficient b(x) 

We approximate coefficient b(x) by following quartic 
equation (5). 

 

( ) ( )∑
=

⋅=
4

0
log

k

k
k xaxb  (5) 

 
Examples of approximated equations are shown in 

Fig.5. Coefficient bAVE approximated by constant value in the 
same way as previous studies are also shown in Fig.5. 
Coefficient b(x) intersects coefficient bAVE within the range 
200 to 500m/s of AVS30 in many cases, and the difference of 
both two coefficients will become large when AVS30 is 
outside of that range. In particular for the period less than 

Formulated b(x)
b(x)
bAVE

Figure 5  Coefficient b(x), formulated b(x) and bAVE 
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about 0.5 seconds, the change width of coefficient b(x) is 
significantly large and the difference from coefficient bAVE is 
remarkable. On the other hand, for the period more than 2 
seconds, the change width of coefficient b(x) is small and the 
difference from coefficient bAVE is generally small. 

 
5.2  Formulation of coefficient b(x) 

According to equation (5), AF is expressed by equation 
(6) and (7) based on variable coefficient b(x). 

 

( ) ( ) 14

0
log

1
1 +

=
∑ ⋅

+
= k

k
k xa

k
xg  (6) 

 
( ) ( ){ }rs xgxgAF −=10  (7) 

 
For example, site amplification factors against three 

basis sites, xr=1000m/s, 600m/s and 400m/s, are shown in 
Fig.6. In each figure, following four cases of amplification 
factor are plotted, AVS30s/AVS30r=1/4, 2/4, 3/4 and 4/4. 
Fig.6(a) is the example which assumed the basis site's 
AVS30=xr=1000m/s. As AVS30 ratio becomes small, site 
amplification factors becomes larger, and the predominant 
period gradually shifts to longer. Then, in a comparison of 
Fig.6(a)-(c), even if it is the same AVS ratio, the frequency 
characteristics of amplification factor change depending on 

AVS30s, and the predominant period gets longer as the soft 
soil where AVS30s is low. This is consistent with a general 
tendency of predominant period to get longer on the softer 
soil. In Fig.6(b)(c), short-period amplification factor is 
decreasing with the decreasing in AVS ratio in the range of 
AVS30s<200m/s. For a comparison, the site amplification 
factor calculated by the constant coefficient bAVE is shown in 
Fig.7(a), and the factor calculated by previous studies' 
coefficient b are shown in Fig.7(b)(c). By these results, the 
change of frequency characteristics such as Fig.6 is not seen, 
and the amplitude is monotonically increasing with a 
decreasing in AVS ratio. Furthermore, the ground 
amplification factor by constant coefficient bAVE of this study 
(Fig.7(a)) and ones by previous studies' coefficients 
(Fig.7(b)(c)) have similar predominant period and similar 
shape, there are not big differences among them even though 
they are derived from completely different datasets. 

For verification of accuracy of AF calculated by 
equation (7) based on variable coefficient b(x), AF by 
variable coefficient b(x) and AF by ratio of strong motion 
records at observation station pair were compared, and the 
standard deviation of residual error is shown in Fig.8. 
Similarly, the standard deviation of the residual error 
between AF by constant coefficient bAVE and AF by strong 
motion records is also shown in Fig.8. Additionally, the 
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residual error is calculated by common logarithm of ratio of 
two AF. For the period shorter than 1 second, the standard 
deviation of residual error by variable coefficient b(x) is 
smaller than the one by constant coefficient bAVE, and this 
shows that this study's coefficient b(x) is able to improve the 
accuracy of estimation. In particular for the period less than 
about 0.5 seconds, the difference of both is greater and an 
effect of the improvement is remarkable. A large difference 
between variable coefficient b(x) and constant coefficient 
bAVE at short period is thought to be cause of the 
improvement. In addition, a decline of the standard deviation 
of the residual error is also seen slightly about PGA and 
PGV. 
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Figure 8  Standard deviations of residual error. 

 
 

6.  CONCLUSION 
 
For the purpose of improvement of the simple and easy 

method for estimation of site amplification factor, we 
analyzed the relation between AVS30 and AF calculated by 
strong motion records observed at nearby station pairs, and 
got the following conclusion. 

1. We confirmed that the curvilinear relationships of site 
amplification factors versus AVS30 are notably seen at short 
periods, the relationships was assumed a constant value in 
previous studies, and we proposed new estimate equation 
considering the curvilinear relationships. 

2. We showed that new estimate equation can more 
precisely express the frequency characteristics of having the 
longer predominant period at the softer site. 

3. At short periods, the error on the new estimate 
equation is smaller in comparison with the existing estimate 
equations and the considerable improvement is seen for the 
periods less than 0.5 seconds in particular. 
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Abstract:  TAIGER (TAiwan Integrated GEodynamics Research) is a project which integrates modern geologic and 
geophysical techniques to test the predictions of existing models for mountain building in Taiwan. During February 28th, 
2008 there were land explosions for low-fold wide angle and CMP profile reflections across the southern island along 
Chianan Plain execute by Institute of Geophysics, National Central University and Institute of the Earth Sciences, 
Academia Sinica. There were ten seismometers installed by our research group along the reflection profile between S1 
and S2 active explosions. We analyze the PGV attenuation, variation of the waveforms frequency content and particle 
motion of the observations while the distance increase. The waveforms had about 1sec period ground rolling after the 
body wave phase. They also show typical counterclockwise ellipse particle motions during the surface wave part. We 
apply the 2D Finite-Difference Method to simulating the wave propagation of the active explosion to understand the 
behaviors of an explosive ground motion.  

 
 
1.  INTRODUCTION 
 

TAIGER (TAiwan Integrated GEodynamics Research) 
is a project which integrates modern geologic and 
geophysical techniques to test the predictions of existing 
models for mountain building in Taiwan. One study of the 
proposal was land explosions for low-fold wide angle and 
CMP-style reflections across the Taiwan along North, 
Central and South three transects. During February 28th, 
2008 there were land explosions for low-fold wide angle and 
CMP profile reflections across the southern island along 
Chianan Plain execute by Institute of Geophysics, National 
Central University and Institute of the Earth Sciences, 
Academia Sinica. To take advantage of these active 
explosions by the experiments, there were ten seismometers 
installed by our research group along the reflection profile 
between S1 and S2 active explosions. Our purpose is 
different with TAIGER. We analyze the PGV attenuation of 
the explosions and compare it with the attenuation equation 
obtained from seven blasting experiments (Wen & Yeh, 
1990). The variations of the particle motion of the 
observations while the distance increase indicates the surface 
wave generate by the distance. We created a very detail 
velocity model each grid interval is five meters and apply the 
2D Finite-Difference Method to simulating the wave 
propagation of the active explosion. This is a way to 
estimate the PGV because some observations were saturated 
due to too close the shot location.  

 
 
 

2. 	 METHOD	
 
2.1 The Observation and Active Explosion by TAIGER 

In February 2008, a large scale active source reflection 
experiment was performed by Institute of Geophysics, 
National Central University and Institute of the Earth 
Sciences, Academia Sinica. The reflection profile was across 
the southern part of Taiwan (see Figure 1, Wang, 2008). In 
our research the explosions S1 and S2 were used. One 
thousand kilogram emulsion explosives install for S1 and 
seven hundred and fifty kilogram for S2. The locations were 
close to the ChiaYi city of course the exact positions were 
sparsely populated. Between the two shot holes, we set up 
ten seismometers straight and same interval as possible as 
we can (see Figure 2). Near the source s01 and s10, recorder 
SAMTAC-801B with sensor VSE-311C were setup for 
manage the larger amplitude. Other receivers we installed 
the Guralp CMG-6TD seismometers. Every sensor buried 
on the ground to reduce the noise. Unfortunately the receiver 
s05 recorded an unusual signal that maybe cause by too soft 
soil layer. The observed waveforms without s05 are display 
in Figure 3. Even there are four records full scale near the S1 
at vertical component. We still obtained nice records that 
exhibit the surface wave generating by the distance increase. 
The waveforms after the butterworth filter 0.4~2.0 Hz 
shown in the Figure 4. These precious records and 
interesting phenomenon let us come into notice about it and 
apply numerical modeling to understand an explosion 
behavior. In this research we only discuss S1 explosion. 

 
 

- 315 -



 

 

2.2  Chianan Plain Velocity Model 
The Chianan plain located in the southern part of the 

western coastal plain of Taiwan. It’s a low, flat and the 
largest plain in Taiwan. The plain was filled by alluvium 
deposits, which resulted in flat-lying Quaternary layers. The 
detail structure of the plain was study by seismic reflection 
survey (Pan 1967, 1968) and the shallow velocity structure 
was estimated from surface to a depth of 3 km by the 
microtremor array measurement (Lin et al. 2009). In this 
study, we combined the shallow layers velocity and 
reference the main interface’s depth to create the shallow 
layer 2D velocity model carefully. We also consider 
suspension PS-logging database established by CWB and 
NCREE free-field strong-motion station drilling project 
(Kuo et al. 2011) to constrain the surface velocity (Geologic 
Surveyed Database of CWB Strong Motion Stations, 
http://geo.ncree.org.tw/). Then we embedded the shallow 2D 
model into the Taiwan area subsurface model by Wu et al. 
(2009) derived from seismic tomography. Figure 5 display 
the 2D velocity model used in this study.  

Density model is also need for the Finite Difference 
simulation that is calculated from P wave velocities after 
Glaznev et al. (1996). The convert equation is given as Eq.(1) 
and Eq.(2) below : 

 
when Vp less than 5500 m/s: 

)5957ln(5182933 |.|vpdensity 
     

(1) 
when Vp large or equal 5500 m/s:

 
|)18.3ln(|10681656  vpdensity

    
(2)

 
 
The model has a width 25 km and depth 10 km. each 

grid size is five meters. 
 

2.3  Numerical Modeling 
We use a 2D Finite-Difference method (Bohlen, 2002) 

for wave propagation simulation. Our simulations are 
calculated by 4th order standard staggered grid. Damping and 
one way absorbing boundary (Cerjan et al., 1985) is applied 
at the left/right, front/back and the bottom to avoid the 
interference of reflection waves. The calculations are 
performed on the IBM x3550 supercomputer ”Vger” of the 
center for Computational Geophysics, National Central 
University. Vger has 108 computing nodes 432 CPUs, 
calculating performance approach to 3.5TFlops. Our model 
dimension is 25 × 10 km, grid size is 5 × 5 meters. Therefore, 
there are 5000 × 2000 = 10,000,000 girds in a model. 
Estimate Q values model are calculated from the S wave 
velocity model. Qp = 0.15×Vs and Qs = 0.1×Vs, where Vs is in 
meter/sec. We run the code in the supercomputer use ten 
nodes forty processors for each simulation. It makes the total 
real time of calculating only about four hours. Detail 
modeling parameters are list in Table 1. We set the source as 
an explosive point source in the depth of 80 meters. The total 
moment tensor estimated directly from the emulsion 
explosives equivalent, because we found the relationships 
among magnitudes and seismic moment of earthquakes 
were all unsuitable for such a small energy release even it is 
a one thousand kilogram emulsion explosion. The total 

moment tensor number used in this simulation is 2.1741e+9 
Newton Meters.  

 
3. RESULT 

 
3.1 The Ground Motions of Observation 

The waveform of surface waves part had about 1.3 Hz 
frequency that following the high frequency first arrival 
wave. This may be cause by the geological structure of 
Chianan plain, flat-lying and soft layers. For confirm this 
issue we apply H/V ratio method (Nakamura, 1989) to 
TSMIP CHY008 station. The data used for H/V ratios were 
after sorting by PGA and Magnitude. It’s between 8-60 gal 
and ML 4-6.5 to avoid obtaining a nonlinear soil behavior. 
The transfer function displays in Figure 6. As we can see the 
dominant frequency is about 1.3 Hz. It is almost same with 
the frequency of the ground rolling. Thus the geological 
structure always control how the surface wave generating. 
We select a window of each waveform that across the PGV 
about 5 sec to plot out the particle motion. Based on these 
particle motions we figured out the process of ground rolling 
generating by distance. The radial-vertical component shows 
in Figure 7. The particle motion of s01 station dominates by 
vertical component. The Rayleigh wave generated quickly 
only few kilometers display in s03、s06 station and shows a 
graceful counterclockwise ellipse particle motion. By the 
distance increase up to s09 station the waveform seems 
contain more noise cause the particle motions no longer such 
a graceful ellipse pattern. The transverse-vertical component 
shows in Figure 8. The transverse contain become more and 
more by the distance increase. It indicates the love wave 
generating by the distance.  
 
3.2 Observed and Simulated Waveforms 

Figure 9 shows the synthetic waveforms of our 2D 
Finite-Difference modeling. Figure 10 shows the same 
waveforms after butterworth filter 0.4~2.0 Hz. We believe 
our simulation obtained a good fit with the observation on 
the pattern of the waveform both horizontal and vertical 
component. The travel time of the first arrival also very close 
between observation and simulation. Although the duration 
of surface wave are too short compare to the observation. 
The simulation still can take on the characteristic of the 
surface wave generating. We compare the velocity 
attenuation between observation, simulation and attenuation 
equation (Wen & Yeh, 1990). The PGV averaged by root 
mean square. The comparison shows in Figure 11. It point 
out our simulation has a good velocity attenuation compare 
to the observation. Not only our simulation the attenuation 
equation obtained from seven very small scale blasting 
experiments was also suitable for estimate the peak velocity 
of such a large explosion. After bandpass filter, the 
comparison between observation and simulation show in 
Figure 12. The synthetic PGV become overestimated in the 
frequency band 0.4-2.0 Hz. The reason may be due to the 
modeling optimal environment can generating larger 
amplitude surface wave than real world that may include 
interference by noise. However to create a model 
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approximate the real geological structure is always our 
destination. 

 
 

4.	 	 CONCLUSION	
 

We analyzed the ground motion excited by thousand 
kilogram explosion in the Chianan plain. The observation 
shows a typical surface wave generation. We apply 2D 
Finite Difference modeling the explosive wave propagation. 
The result shows good fit between simulation and 
observation not only the waveform but also the peak ground 
velocity attenuation. We found estimate the energy of 
explosion should be very carefully. Many equations for 
transfer moment tensor and Magnitude are obtained from 
earthquakes. It is unsuitable for estimate the moment tensor 
of such a small energy explosion. We estimated the peak 
velocity using the attenuation equation obtained from very 
small scale blasting experiments. The comparison indicated 
the attenuation equation is still suitable for estimate the PGV 
excited by an explosion at least up to one thousand kilogram 
emulsion explosion.  
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Table 1  Modeling parameters 
Parameter value 

Horizontal grid size (m) 
Vertical grid size (m) 
Horizontal Dimension (km) 
Vertical Dimension (km) 
Number of grid points (H) 
Number of grid points (V) 
Number of time steps 
Simulation time (sec) 

 5 
 5 
 25 
 10 
5000 
2000 

160000 
80 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1 TAIGER refraction profiling and explosions 
location (Wang, 2008). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2 The distribution of the seismometers for this 
research (blue triangle). Red stars are the explosion locations. 
Taibao is the location of the microtremor array survey. 
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3a Radial component 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3b vertical component 
 
 
Figure 3 The waveforms of the observation in Radial and 
vertical component. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4a Radial component 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4b vertical component 
 
 
Figure 4 The waveforms of the observation in Radial and 
vertical component after bandpass filter. 
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Figure 5 P-wave and S-wave velocity model used in the 2D 
Finite Difference modeling. Red stars plot out the source 
position, white triangle are the receiver locations. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6 CHY008 transfer function obtained by the 
S-window H/V Ratio of the earthquakes. Shadow area 
shows one standard deviation. 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7 The radial-vertical component particle motions. 
Lest to right: s01,s03,s06,s09. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 8 The transverse -vertical component particle 

motions. Lest to right: s01,s03,s06,s09. 
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9a Radial component 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
9b vertical component 
 
 
Figure 9 The waveforms of the simulation in Radial and 
vertical component. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
10a Radial component 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
10b vertical component 
 
 
Figure 10 The waveforms of the simulation in Radial and 
vertical component after bandpass filter. 
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Figure 11 The peak velocity comparison of the observation, 
simulation and attenuation curve. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 12 The peak velocity after bandpass filter comparison 
between the observation and simulation. 
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Abstract:  We applied the seismic interferometry to more than half year microtremors data recorded at 16 temporal 
stations in the Kanto basin which is known as the huge sedimentary basin in Japan. We extracted the Green’s function by 
taking cross correlation between two stations and it shows surface wave components are most dominant from the 
dispersion. We also tried to obtain theoretical Green’s function calculated from the three-dimensional sedimentary 
layered model by finite-difference method. The result shows high possibility of extracting Green’s function by seismic 
interferometry using long-term microtremors data by comparing the vertical extracted Green’s functions with those 
calculated by the finite-difference method in the three-dimensional structure model at the periods of 2 - 6 seconds. The 
comparison shows a similarity of waveforms and group velocities. However, some waveforms show differences between 
the station pairs especially edge part of the basin and Sagami bay where high complexity of subsurface structure is 
predicted. And theoretical Green’s function affected by three-dimensional subsurface structure. These results need to 
modify three-dimensional structure model in the region.  

 
 
1.  INTRODUCTION 

 

The correlation of long time series of microtremor 

makes possible to reconstruct the Green’s function between 

the stations under certain conditions. This method is often 

called seismic interferometry. It was shown to be an efficient 

tool for seismic tomography (e.g. Shapiro et al., 2005; Sabra 

et al., 2005: Yao et al., 2006; Lin et al., 2007). These studies 

were based on the analysis of direct surface waves although 

a lot studies pointed out that there is a possibility to 

reconstruct complete Green’s function including body waves, 

reflected waves and scattered waves (e.g. Snieder, 2004; 

Wapenaar and Fokkema, 2006). This possibility motivated 

recent studies concentrating not only arrival time of 

reconstructed Green’s function but also its amplitude. Prieto 

and Beroza (2008) showed that relative amplitude of 

obtained Green’s functions from microtremor closely 

matched those obtained from nearby earthquakes. Prieto et 

al. (2009) tried to infer a one dimensional model of the 

depth-dependent Q-structure in southern California. Ma et al. 

(2008) showed significant similarity between reconstructed 

Green’s function from seismic ambient noise and simulated 

Green’s function using finite-element method in greater Los 

Angeles area. 

In the Kanto basin, one of the largest sediment basin on 

which Tokyo metropolitan area locate, seismic 

interferometry method was applied by Yamanaka et al. 

(2010) focusing on arrival time of Green’s function. In this 

study we try to demonstrate relative amplitude is also 

retrieved by seismic interferometry by simulating 

theoretical Green’s function in the area.  

 

 

2.  RECONSTRUCTIG GREEN’S FUCTION FROM 

MICROTREMOR 

 

Continuous microtremor observation was conducted in 

order to apply seismic interferometry method and the cross 

correlation analysis is applied to more than half a year long- 

term microtremor data collected at the 16 stations in the 

southern Kanto area (Figure1) using a 100Hz sampling 

 

Figure 1 Map of locations of observation sites (triangles) 

with the depth to the seismic bedrock. 
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frequency. The cross correlation functions were computed 

using 24 hour data for all the station pairs separated by a 

3.8-141 km distance after data resampling to 10 Hz. The 

final cross correlation functions at each station were 

averaged all the daily cross correlation functions. In order to 

remove the effect of noise and seismic event, we disregarded 

the amplitude completely by considering only one-bit 

signals (e.g. Shapillo and Campillo 2004). Although this 

one-bit normalization is so strong non-linearity process, 

several studies have presented evidence that even with 

one-bit normalization geometrical spreading and attenuation 

information are retrieved (Cupillard and Capdeville, 2010, 

Cupillard et al., 2011). The selected period band for 

computing the cross correlation functions are 2.0 - 6.0 

seconds. The horizontal components are then rotated to 

radial and transverse orientations as defined by the great 

circle path between the two stations. Figure 2 shows all the 

cross correlation functions with vertical-vertical components. 

The arrival times of each cross correlations are different 

because of the complexity of the subsurface structure in this 

area as shown in Figure 1.  

 

 

3.  SIMULATING GREEN’S FUNCTION  

 

We use a finite-difference method to calculate 

theoretical station-to-station Green’s function as the response 

to a vertical impulse force applied at the earth surface after 

Yamada and Yamanaka (2001). We referred to Yamanaka 

and Yamada (2006) for subsurface velocity structure model 

in the area which was constructed by using long period 

microtremors array measurement. Figure 1 shows the model 

of the depth to the seismic bedrock having S-wave velocity 

of 3km/s by Yamanaka and Yamada (2006).  

For our 16 stations we calculate theoretical Green’s 

functions by applying a vertical force at each stations pairs. 

Figure 3 shows theoretical Green’s functions along lines 

between lines FTK and MNZ due to a force with Ricker 

wavelet which has central period at 6.0 seconds at FTK 

station. Because of high complexity of the subsurface 

velocity structure model in the area (as shown in Figure 1), 

velocity is not constant and it is affected by the three- 

dimensional structure. For example, theoretical Green’s 

functions between stations pairs FTK and AOB, locate on 

the sediment area, has long duration time due to surface 

wave. Between AOB and SMK, later phases less appears 

because it locate on marginal part of the basin. Stations pairs 

between SMK and MNZ locate on Sagami bay which is 

pointed out the existence of large sediment, therefore a long 

later phases can be seen in the theoretical Green’s functions. 

As MNZ station locates on the seismic bedrock, reflected 

waves can also be seen in the figure. 

 

 

4.  COMPARION WITH RECONSTRUCTED AND 

SIMULATED GREEN’S FUNCTION 

 

Figure 4 shows observed and simulated impulse 

responses of EW, NS and UD components at OOK station 

applied a vertical force at KTO station. Green’s functions of 

vertical–vertical (UD-UD) component show a clear signal 

between 20 and 40 seconds in both observed and theoretical 

ones. Whereas less coherent signal is visible on the other 

components.  

Figure 5 shows the comparison of observed and 

theoretical Green’s functions between station FTK and other 

stations shown in Figure 1. From this comparison, arrival 

times of Green’s functions are almost same with observed 

 

 
Figure 3 Theoretical Green’s functions between FTK and MNZ station (left) shown 

in the Right figure. 
 

Figure 2 cross correlations 
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and theoretical ones and waveforms are also similar. 

However, some stations pairs have a difficulty to reconstruct 

theoretical Green’s functions because of less SN ratio. For 

example, observed Green’s functions of ITO-FTK 

TYM-FTK and OSH-FTK are different from those of 

theoretical ones. Locations of those stations pairs are 

estimated to have high complexity of subsurface structure 

models as shown in Figure1. Therefor those Green’s 

functions are affected by such complexity much. Those 

obtained Green’s functions may have new information to 

estimate subsurface structure model. 

As Green’s functions in the sedimentary basin and bay 

area has significant later phase as shown in Figure 3, this 

later phase can also be seen in waveforms in Figure 5 in both 

theoretical and observed one.  

From observed Green’s functions, Yamanaka et al. 

(2010) obtained dispersion curves by multiple filter analysis. 

Figure 6 shows the result of multiple filter analysis for 

vertical component of observed and theoretical Green’s 

function between KTO and OOK. Each waveform is filtered 

at the period of 6.0, 5.0, 4.0, 3.0 and 2.0 seconds. We can see 

 

Figure 4 Observed (blue) and simulated (Red) impulse 

responses of EW, NS and UD components at 

OOK station applied a vertical force at KTO 

station. Waveforms are filtered at the period of 

2.0 – 6.0 seconds. 
 

Figure 6 The result of multiple filter analysis for vertical 

component of Green’s function between KTO 

and OOK. Red shows theoretical and blue shows 

observed Green’s function. Each waveform is 

filtered at a period of 6.0, 5.0, 4.0, 3.0 and 2.0 

seconds. 

 

 Figure 7 Observed and theoretical group velocities. Left 

figure shows observed group velocity from 

Green’s function between KTO and OOK. 

Conter and broken line in the right figure 

shows theoretical group velocity from 

theoretical Green’s function by 

three-dimensional and one-dimensional 

calculation, respectively. 

 
Figure 5 Comparison of observed (blue) and theoretical 

(red) Green’s functions. 
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clear dispersion in both theoretical and observed waveforms 

from the result of analysis and we obtained group velocity 

dispersion curve from this arrival time (Figure 7). We can 

see clear dispersion in the observed group velocity shown in 

left of Figure 7. Right of Figure 7 shows theoretical group 

velocity obtained from theoretical Green’s function. 

Observed and theoretical group velocities are almost same 

between the periods of 2.0 – 4.5 seconds. However, there is 

a difference at the periods of 4.5 - 6.0 seconds.  

Yamanaka et al. (2010) discussed this observed group 

velocity with theoretical one which is calculated by 

assuming one-dimensional model between station pairs. 

Right of Figure 7 also shows the theoretical one assuming 

three-dimensional model calculated after Yamanaka et al. 

(2010) and we can see a difference those two group 

velocities. 

As cited before, many studies on seismic tomography 

with seismic interferometry method do not care about this 

heterogeneity, but we need to take care of this effect caused 

by heterogeneity.  

 

 

4.  CONCLUSION  

 In order to apply seismic interferometry method to 

long-term microtremor data, we conducted long-term 

continuous microtremor observation in the southern Kanto. 

More than half a year microtremor data was used for the 

cross correlation analysis at all the station pairs. Theoretical 

Green’s functions are obtained by seismic simulation. The 

comparison of observed and simulated Green’s functions 

showed similarity of arrival time and waveforms in many 

station pairs. However, several station pairs have different 

waveforms. We can also conclude that there is high 

possibility to use the information of relative amplitude of 

cross correlation by seismic interferomtetry. 
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Abstract:  Taiwan located in the collision boundary between Eurasian plate and Philippine Sea plate. The Philippine 
oceanic lithosphere subducted beneath the Eurasian continent lithosphere in the North-eastern Taiwan. Many earthquakes 
located in the benioff zone under the NE Taiwan Island. The intensity anomalies can be found when deep earthquakes 
occurred in this benioff zone. Japan also located in the collision boundary, just like Taiwan. Furumura and Kennett (2005) 
observed the same effect in Japan, and found that there are special phases in the seismograms which recorded in the 
station in the larger intensity area. This phase’s characteristic is that the low frequency arrival followed by high frequency 
signal. Furumura and Kennett (2005) used 2D finite difference to explore this phenomenon. By this method, they infer to 
the subduction zone structure in Japan, and deduce that the subducting Pacific plate acts an efficient waveguide for 
high-frequency signals and produce anomalously large intensity on the northern Japan during earthquakes. In this study, 
the intensity anomalies are found for two deep earthquakes in North-eastern Taiwan, but we only observe the guided 
wave clearly for one earthquake, so we want to realize what is the difference between these earthquakes. Finally we 
discover deep earthquakes under the NE Taiwan Island could cause the intensity anomalies, because the energy decrease 
for slab path is lower than non-slab path, but only earthquakes within slab could cause the guided waves. 

 

 

1.  INTRODUCTION 

 

Japan Island locates on the Pacific ring of fire, is caused 

by collision between Pacific and Eurasian lithosphere. 

Furumura and Kennett (2005) observed anomalously large 

intensity on the eastern seaboard of northern Japan form 

deep earthquakes. In this region they also observed that a 

low frequency onset of P and S waves, followed by large 

high frequency coda waves, and called it guided wave.  

Taiwan also located on the Pacific ring of fire，its cause is 

like Japan. There are two subduction systems in Taiwan, so 

this effect probably also appear in Taiwan. In this study we 

find the anomalously large intensity exactly appear in 

Taiwan from two deep earthquakes, but the guided waves 

are only observed in one earthquake clearly. In this study, we 

want to know why guided wave’s generation depends on 

earthquake location. 

 

 

2.  DATA 

 

2.1  Taiwan Strong Motion Instrumentation Program 

The data we use in this study are recorded by Taiwan 

Strong Motion Instrumentation Program (TSMIP).We only 

choose the events which occur in the northeast Taiwan. 

The data recorded by stations of TSMIP are not 

continuous records; the instruments will start to record when 

the amplitude is larger than 3.92 gal. Because of that, it is 

possible that the p wave isn’t recorded by instrument. In this 

paper, we focus on S wave and its coda wave. 

 

2.2  Shake map 

When earthquakes occur, the waveforms which 

recorded by station are influenced by three effect: source, 

path, and site effect. If seismic wave didn’t pass through any 

special structure, the shake intensity would decrease with the 

epicenter distance (Figure 1). In Figure 1, we can find the 

stations which are close to epicenter recorded the larger 

intensity, vice versa.  

For some deeper earthquakes, its shake map patterns 

are not like we talk above, we can find the region which has 

larger shocks intensity doesn’t near the epicenter, but for 

longer epicenter distance. 

 Figure 2 is a shake pattern for deeper events, the largest 

shake intensity don’t locate in the station with smallest 

epicenter, but move to the 24
0
N

 
Latitude and this region is 

just the location which Ryukyu slab start to subduct down to 

Eurasian lithosphere. This pattern is consistent with the 
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effect Furumura and Kennett (2005) observed in Japan. So, 

this pattern is probably caused by slab structure. 

In order to reveal the path effect, we process the data by 

the following steps. (Table 1) 

First, we have to exclude some stations which are 

pointed to have any problem in report (Wen et al, 2005, 

2006)， 

Second, we take the acceleration signal integral to 

velocity signal because the acceleration signal are easy to be 

affected by too small structures, but we want to discuss the 

larger structure effect of subducted slab.  

Third, we choose the record by rock station 

(Vs30>360m/s) to exclude the site effect roughly.  

Fourth, we rotate the E and N component to radial and 

tranverse component.  

Finally, we use highpass filter at 0.4 Hz to eliminate baseline 

offset.  

 

 

 

 

 

 

 

 

 

 

 

 

In this study, we find two deeper earthquakes which has 

abnormal shake pattern which like we talk above. Figure 3 

are the PGV distribution of these earthquakes 

(2002_0916_0003 and 2005_1015_1553) and the larger 

shack area just located on the region which the Phillipine sea 

plate start to subducted down to the Eurasian plate 

  

2.3 Waveform 

Furumura and Kennett (2005) found the waveform 

which is in the abnormal larger intensity area, has the same 

phenomena, a low frequency onset of P and S wave 

followed by large high frequency coda waves. They called it 

guided waves, and inferred that the high frequency coda 

waves are seismic scattering which caused by heterogeneity 

in plate structure, and the shape of heterogeneity is like 

layered structures which are easy to trap the high frequency 

signals. The high frequency signals travel through structures 

which its velocity smaller than low frequency signals “body 

waves”. That is why high frequency signals is slightly 

slower than body waves. 

    In earthquake 2002_0916_0003, we find some stations 

has this effect, Figure 4 is the waveform recorded by 

ILA053. There is apparent guided wave in this waveform, 

and ILA053 locate in the larger intensity anomalies area . 

In frequency domain， the low frequency waves 

frequency band is from 1 to 3 Hz, and larger than 3 Hz for 

high frequency coda waves, then we filter the signals with  

cutoff frequency 3 Hz; In this way the low frequency waves 

and high frequency waves are separated (Figure 5) , and we 

plot PGV distribution in Figure 6.  

In Figure 6, both PGV for high- and low-pass filter at 3 

Hz has the same phenomena, but slightly different, and we 

find the guided waves are easy to appear to the stations 

which located the high intensity area in the PGV distribution 

after 3 Hz highpass. It is probably because high frequency 

signals are easy to maintain in this path. (Figure 7) shows the 

stations which appear guided wave. We only observe the 

guided waves at station ILA053 and HWA045 which has 

larger PGV.  We cannot see the guided waves clearly in 

event 2005_1015_1553, though Intensity anomalies still 

appear in this event (Figure 8). 
 

 

3.  DISCUSSION AND CONCLUSIONS 

 

Utsu (1996) explained the reason of the anomalous 

intensity pattern using a model of the absorption structure of 

the earthquake zone in northern Japan with a low attenuation 

(high Q) dipping seismic layer and a high attenuation (low 

Q) upper mantle above the seismic layer, so we consider that 

the cause of the anomalous intensity pattern is the slab path 

has high Q, and non-slab path has low Q, so the energy for 

non-slab path attenuate more than slab-path, but this 

inference cannot explain the guided wave development.  

Furumura and Kennett (2005) use the finite difference 

modeling to explaining the guided wave. They inferred that 

the high frequency coda waves are seismic scattering which 

caused by heterogeneity in plate structure, and the low 

frequency signals are just the body wave. 

In this study, not all of deeper earthquakes can develop 

guided waves, though all of they have the anomalous 

intensity pattern. 

 

3.1 2002_0916_0003 Event 

This event we observe the guided wave at the station 

ILA053 and HWA045 which is at larger intensity area. We 

use the seismic velocity tomography which make by Wu et 

al (2009), and seismicity which relocated by Wu et al (2008) 

to explain why this event can develop guided waves.  

We plot the profile between station ILA053 and 

epicenter (Figure 9). There is consistency between seismicity 

and high seismic velocities, so it is probably that the 

subducted slab has higher velocity than surrounding rock. 

This inference is agreement on conclusion by others (Wu et 

al, 2009 and Rau and Wu, Francis T. , 1995). 

The large black cross is hypocenter. This events source 

is within the slab structure. That is why this event not only 

causes the intensity anomalies but also develop guided 

waves. 

But why could this event cause the guided wave in this 

small area? According to seismicity in this profile, we 

consider that the slab thickness is about 40 km, so the 

waveguide structure thickness is probably about 40 km, and 

this path from souce to ILA053 is the best seismic energy 

efficient preserver, so we only observe the guided wave at 

small region.  

 

Exclude the  station which has  any problem 

take acceration terms integral to get velocity 
terms 

choose rock staion 

rotate to Great circle path 

High pass filter 0.4 Hz  

Table 1 Data processing  
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3.2 2005_1015_1551 Event 

Because we find there are two high PGV regions for 

highpass filtering at 3Hz.  We plot two profiles between 

station in high PGV region and epicenter (Figure 10). 

Though seismicities still are consistent on high velocities, 

but the source is too deep, it located the region which lateral 

velocity variation is not apparent. Because the resolution of 

tomography is good down to the depth about 150 km, and 

even down to 200 km depth in the subduction zone (Wu et al 

2009), the velocity variation in the depth down to 200 km is 

believable, and there is a apparent gap between source 

location and other earthquakes. It is possible that the slab 

structure disappear in the depth of 200 km. We can believe 

this source doesn’t probably locate within the slab structure, 

so this earthquake cannot develop guided waves completely. 

In conclusion, the intensity anomalies could cause by 

deep earthquakes in Taiwan, because the energy decrease for 

slab path is lower than non-slab path, but only earthquakes 

within slab could cause the guided waves.   
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Figure 1. Example of normal intensity pattern for a shallow 

earthquake occurs in north-eastern Taiwan. 

Figure 2 Example of abnormal intensity pattern for a 

deep earthquake occurs in north-eastern Taiwan. 
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(a) 

(b) 

Figure 3 Example of abnormal intensity pattern for a deep earthquake 

occurs in north-eastern Taiwan for rock stations. 

(a)This earthquake occurs at 16 September in 2002;Its focal depth is 

173.9 km and ML is 6.8 

(b)This earthquake occurs at 15 October in 2005;Its focal depth is 201.01 

km and ML is 7.2  

 

(a) 

(b) 

(c) 

Figure4 ,(a)The guided wave waveform recorded at 

ILA053 in TSMIP for earthquake shown in figure 3(a) 

(b-i)The frequency domain for waveform from 19.5 to 

21.5 sec, and the dominant frequency for low frequency 

wave is from 1 to 3 Hz 

(c) The frequency domain for waveform from 21.5 to 

23 sec, and the dominant frequency for high frequency 

wave is larger than 3 Hz. 

R 

T 

Z 
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Figure 5 The component waveform shown in 

Figure4 (a) with high-pass filter velocity 

waveform with cutoff frequency 0.4 Hz (V), 

low-pass filter with cutoff frequency 3Hz(L), 

high-pass filtered waveform with cutoff frequency 

3Hz (H) 
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Figure 6 Filtering PGV distribution for earthquake 

2002_0916_0003 shown in figure3, Lowpass filtered PGV 

with cutoff frequency 3Hz(Lp 3Hz);Highpass filtered PGV 

with 3 Hz 

Hp 3Hz 

Hp 3Hz 

Lp 3Hz 

Lp 3Hz 
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Figure 7 The stations which recorded guided 

waves for 2002_0916_0003 in Taiwan, and the 

number means PGV value recorded by near 

station 
Figure 8 Filtering PGV distribution for earthquake 2005_1015_1551 

shown in figure3, Lowpass filtered PGV with cutoff frequency 

3Hz(Lp 3Hz);Highpass filtered PGV with 3 Hz 

Lp 3Hz 

Lp 3Hz 

Hp 3Hz 

Hp 3Hz 
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Figure 9 Velocity tomography profile which was made by 

Wu(2009) between epicenter and ILA053 for 

2002_0916_0003 ; The white cross in (b) and (c) contain 

seismicity which distance between earthquakes and this 

profile is smaller than 5 km from 2000 to 2005 years, and 

black cross is hypocenter. 

(a)profile line (b)Vp,(c)Vs 

 

(a) 

(b) (c) 

ILA053 
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Figure 10 Velocity tomography profile which was made by 

Wu(2009) between epicenter and ILA053 (a)profile,(b)Vp 

(c)Vs ; between epicenter and HWA028 (d)profile line (e)Vp 

(f)Vs for 2005_1015_1551,and the symbol meaning is the same 

as figure 9  

 

 

(a) 

(b) 

(c) 

(d) 

(e) 

(f) 

ILA053 HWA028 
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Abstract:  Metro Manila is frequently experiencing low to moderate earthquake shaking because of its surrounding 
active faults and trenches. It has been transected by an active valley fault system which has the capability to produce 
earthquakes with a magnitude 6.0 or more. As a mega city that is hosting high rise buildings in order to accommodate the 
increasing number of population, the need of seismic microzonation is necessary. This study maps out the seismic site 
conditions in Metro Manila from combinations of different parameters, such as predominant period of the ground, 
topographic slope and elevation, and geomorphologic conditions. We used the 3 arc second topographic map of Shutter 
Radar Topography Mission (SRTM) for the elevation and slope parameters. All of these data are correlated to the average 
shear-wave velocity of the upper 30 meters (AVs30). The seismic site condition map produced from this study is of vital 
importance to the earthquake microzonation in Metro Manila and be suitable to local administrators in their land use 
planning. 

 
 
1.  Introduction 

 

Mapping of shear-wave velocity structures (Vs) on a 

large scale area requires considerable investment in 

geological and geotechnical acquisition as well as 

interpretation. The cost of equipment and acquisition of data 

is the main controlling factor in doing such large scale or a 

detailed regional mapping. Moreover, acquiring a complete 

Vs profile from surface to hard bedrock is through the 

employment of borehole logging which is often difficult and 

expensive if the soft deposits are quite deep. However, due 

to the increase in the accumulation of data from boreholes 

with information regarding the average shear wave velocity 

of the upper 30 meters (AVs30), the mapping of site 

conditions using AVs30 is well known standard in the U.S. 

and Europe (e.g. Building Seismic Safety Council ,BSSC, 

2000; Eurocode 8,1998). 

As the mapping of AVs30 has been common for site 

characterization (e.g., BSSC, 2000) there is still an open 

debate in using AVs30 for site classification, especially its 

contribution pertaining to frequency dependence 

amplification, and response of velocity gradients and sharp 

contrasts for which the AVs30 may be similar (Wald, et al., 

2011). In spite of this, due to the widely acceptance and use 

of AVs30 in mapping practice, it has been applied to be used 

for modifying calculated ground motion or used as site 

amplification (e.g. Wills et al., 2000; Wald and Allen, 2007). 

Consequently, the AVs30 captures general site amplification 

for soil and soft-rock sites in the case of short period and 

remains a useful parameter for general site classification 

(Abrahamson, 2011).  

In this study, we examine the significance of other 

available data to characterize the AVs30 for seismic 

microzonation. We applied the topographic slope and 

elevation data, geomorphic conditions and predominant 

period of the ground to evaluate the seismic microzonation 

in Metro Manila. The topographic slope and elevation data 

are derived from the Shutter Radar Topography Mission 

(SRTM), which are available at uniform sampling for the 

globe. We use the 3 arcsec Digital Elevation Models 

(DEMs) to extract the elevation and slope data of Metro 

Manila. Moreover, we used the predominant period of the 

ground based on the 1 km x km grid in Metro Manila from 

the result of Abeki, et al., 1996 and Narag, et al., 2000. The 

predominant period of the ground has been obtained by the 

dense microtremor survey using the horizontal-to-vertical 

spectral ratio (HVSR) at the single station. The total number 

of surveyed sites for HVSR in Metro Manila was 473. 

 

2.  Geomorphic and Geologic setting 

 

Metro Manila is a part of the southeastern extension of 

a Central Valley where the Coastal Lowland, Central Plateau 

and Marikina Valley are situated (Fig 1). The rest is a 

mountainous area located in the eastern side of the 

metropolis. Based on the accounts of Gervasio (1968), at the 

early stage of development of the landforms in Metro 

Manila rapid sedimentation filled in the Central Valley that 

came from the mountain side. From this idea, we can have 

the perceptions that the higher elevation such as mountains 
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represents rock or firm soils and have steep slopes indicating 

less accumulation of soft deposits, whereas the flat lowland 

and valleys indicate quaternary deposits coming from the 

mountain. For this reason, we can apply the topographic data 

such as slope and elevation to characterize the site conditions 

in Metro Manila. 

The geological evolution of Metro Manila has produced 

three categories based on the surface geological conditions 

(e.g. Gervasio, 1968). The coastal lowland in the west has 

been a Quaternary alluvium deposits with a thickness of 

more than 20 m (Daligdig and Besana, 1993). The central 

plateau covers about 60% of the metropolis that has the 

characteristics of tuffaceous clastic rock and well-bedded 

tuff which came from volcanoes nearby the metropolis. The 

Marikina valley has the same geological classification of the 

coastal lowland which is the Quaternary alluvium deposits.     

 

3.  Microtremor Array Data 

 

As mentioned previously that in order to acquired 

competent Vs profile is by way of employing dense 

boreholes, however, it is rather practical to use an alternative 

method to borehole logging if we are to map out a large 

scale area such as Metro Manila. One of the available 

methods to exploration is the non-destructive approach like 

the microtremor array measurements. Array microtremor 

observations were carried out at 32 sites within Metro 

Manila on September 2009 and March 2010. These 32 sites 

were surveyed in four different geomorphic settings in the 

metropolis (Grutas and Yamanaka, 2011). The geomorphic 

conditions are: the Coastal Lowland, Central Plateau, 

Marikina Valley and Mountainous area. Consequently, based 

on the microtremor array survey we have inferred the Vs 

structure of the 32 sites and the efficiency of results were 

compared to the available PS logging in Metro Manila 

obtained by Yamanaka et al., 2002.  

 

 

Figure 1 Digital Elevation Model (DEM) of Metro Manila 

with the locations of the available AVs30 data. The sites are 

coded based on the geomorphic conditions. 

As a further analysis to the available data that we 

gathered, we examine the correlation of AVs30 into different 

available parameters. These independent parameters are 

topographic slope and elevation, predominant period of the 

ground and geomorphic conditions. We applied a multiple 

regression to examine the relationship between AVs30 and 

several predictor variables. The coefficient of determination 

( 2R ) is evaluated to identify which model combinations are 

well correlated. We applied standardization to the numeric 

independent data for them to be uniform in the regression 

equations. 

 

4.  Multiple regression 

 

Many available empirical relationship and correlations 

with regards to AVs30 and relative amplification have been 

studied previously (e.g. Matsuoka and Midorikawa, 1995; 

Wald and Mori, 2000). In fact nationwide mapping of site 

amplification zoning has already been done in Japan using 

GIS-based Japan Engineering Geomorphologic 

Classification Map (JEGM) (Matsuoka, et al., 2005). Studies 

on the relationship of AVs30 to slope and geomorphologic 

indicators (e.g. Matsuoka et al., 2005), elevation (e.g. Chiou 

and Youngs, 2006) have been confirmed to have good 

correlation which will also be employed in this study. 

However, the highlight of this paper is the added data of 

dense predominant period of the ground to the regression 

equation, which we will explain the importance of this 

controlling parameter to the microzonation. 

We performed multiple linear regression analysis with 

the AVs30 as the criterion variable and shall be defined by 

different independent parameters. The relation of the AVs30 

with respect to four available parameters is given by the 

equation: 

 

Cxdcxbxaxy m  4321   (1)

  

where a, b, c and md  represent regression coefficient, y is 

the AVs30 (m/s), 21, xx  and 3x are the numeric data 

represented by ; the elevation (Elev.) in meters, topographic 

slope (m/m), and predominant period of the ground ( oT ) in 

seconds, respectively. The 4x represents the 

geomorphologic conditions (Geo) and C  is the intercept 

constant. The coefficient md is determined from the four 

geomorphic conditions: the Coastal Lowland ( CLd ), the 

Marikina Valley ( MVd ), the Central Plateau ( CPd ), and 

Mountain ( MOd ). For example, if the area of interest is in 

the Coastal Lowland, the coefficient CLd  will be 

multiplied by 1.0 to activate the Coastal Lowland and the 

remaining three geomorphologic parameters will be zero.  

 

In order that the numeric data are uniform, we 

standardize the data given as: 

 

xii XXX /)('     (2) 

 

where iX is the original value, '
iX represent the  
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    Table 1 Regression coefficient obtained by multiple regression analysis.

 

standardized data, X is the mean value and x is the 

standard deviation. 

Different regression equations from the combination of 

parameters are presented in Table 1 where it can be seen that  

the coefficient of oT is rather high as compared to the slope 

and elevation parameters. This implies that the parameter 

oT has great influence as a controlling parameter in the 

regression equation considering only the independent 

numeric data. What we can point out from here is that 

whenever the predominant period of the ground becomes 

higher the lower the value of AVs30 will it produces. The 

predominant period of the ground is relatively related to the 

thickness of soft deposits.  

In comparing only the elevation and slope parameters, 

in most cases from the basis of different regression equations 

the elevation has more influence in defining the AVs30 

except the combination of No.5. 

The geomorphic conditions are categorized based on 

the indicator of the coefficient md . It can be evaluated that 

the mountain has the highest value for the AVs30 which 

verifies our statements that the mountain is considered to 

have hardest rock. Moreover, the coastal lowland and 

Marikina valley has the lowest value of AVs30 indicating 

that they are located in the relatively soft sediments as 

confirmed by their geology to be Quaternary alluvium 

deposits. We further evaluated the model fit in the regression 

by its 2R which will be the indicator of what combinations 

of parameters will provide a significant predictive AVs30. 

Table 2 shows that for the overall performance, the 

geomorphology and oT  have a significant impact to the 

regression equation if we compare to the two independent 

parameters namely elevation, slope. Consequently, even if a 

single numeric parameter is available but being paired by 

geomorphologic conditions or oT can have a better 

definition of AVs30. Moreover, having a geomorphologic 

map to characterize the variation of AVs30 and being paired 

with oT  can define and improve some clustering of AVs30 

in the map.  

 

 

Without the idea of the geomorphology of the region or 

in the absence of detailed geologically based maps, we can 

still produce a seismic site conditions based on AVs30 from 

the combination of the three numeric parameters. It is noted 

that the oT  parameter contributes more in defining the 

AVs30 as shown in Table 1, No.5. 

 

Table 2 Corresponding parameters (circles) used in the 

regression and the coefficient 2
R . 

 

 

In this study, the slope and elevation alone or the 

combination of both have less correlation to define the 

AVs30 because they are directly derived from the surface 

topography allowing to have a variation if we are to relate 

them with respect to subsurface Vs structures. However, 

correlation of a more data to define the AVs30 solely from 

the topographic slope is done by Wald and Allen, 2007 using 

the data from different countries. 

Although the Wald and Allen, 2007 is not solely limited 

to slope, because their topographic slope was derived from 

the correlation of topography and surficial geology. They 

noted however that they encounter some discrepancies in the 

topographically derived AVs30 due to the lack of Vs 
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measurements. Hence, our regression in Table 2, No.3, could 

somehow contribute to this problem by incorporating the 

oT  parameters which is nearly related to Vs structure. It 

brings out a higher value of 2R as compared to the 

combination of topographic slope and geomorphic 

conditions. 

Interestingly, the sole parameter of oT has a 2R of 

0.5886 which we can say that this data alone can have 

substantial relation to AVs30. The importance of oT  is that 

it can relate to the depth of soft soil deposits or an interface 

depth with large impedance contrast, and in most cases it is 

the interface of soft sedimentary deposits and the 

engineering bedrock.   

     

 

5.  Seismic Site Conditions 

 

In this study, we applied the combinations of all the 

parameters that are available in order to create a site 

condition map of Metro Manila which will be used in 

seismic microzonation. 

 

The regression equation of all available four parameters 

to define AVs30 is represented by 

                                                                        

 

where  

 

In order to utilize as much data as possible for our study 

we applied the equation 3 to DEMs, geomorphologic 

settings and predominant period maps of Metro Manila. The 

distribution of AVs30 in the metropolis is shown in Figure 2, 

where the lower portion of the Marikina valley that is near 

the Laguna de Bay has an AVs30 of 180 to 240 m/s which 

can be susceptible to seismic hazards like strong ground 

shaking and liquefaction. This part of Marikina valley is 

inside the flood plain, for which its width is narrowing 

facing the Laguna de Bay. Consequently, a part of the coastal 

lowland and Marikina valley exhibits the presence of AVs30 

corresponding to 240-300 m/s, which can be also susceptible 

to amplified earthquake ground motion. In general, both of 

them fall in the site classification D of the NEHRP (NEHRP, 

2003). In the central plateau, it is relatively a firm soil due to 

the characteristics of tuffaceous sediments which denote the 

NEHRP site classification of B and C. It can be 

distinguished that in the central plateau, the northern part has 

a site classification of B, in which it is categorized as the 

upper Diliman tuff of the central plateau. The lower part of 

the central plateau is named as the lower Alat Conglomerate 

(BMGS, 1982). Moreover, the mountainous area is 

considered as a rock site with NEHRP site classification of 

B.       

 If we relate the resulting AVs30 map to seismic ground 

shaking hazard mapping, the areas of the coastal lowland 

and Marikina valley will have a large amplification of 

ground motion due to soft sediments as compared to the 

central plateau and mountainous area. This was also 

explained in the previous result of microtremor array 

observation study in Metro Manila (Grutas and Yamanaka, 

2011). The mountain part has a basement complex in 

geology where we can provide a good site reference for site 

amplification studies.  

 

 

Figure 2 Distribution of AVs30 in Metro Manila based on 

topographic slope and elevation, predominant period of the 

ground and geomorphic conditions. The legend shows the 

AVs30 (m/s) and the NEHRP site classification. 

 

 

6.  Conclusions 

 

We presented a seismic site conditions in Metro Manila 

by taking into account the combination of four available 

parameters. These are the topographic slope and elevation 

(from the SRTM), predominant period of the ground (1km x 

1km grid), and the geomorphologic classifications in Metro 

Manila. The available AVs30 data that we used are from 

microtremor array exploration surveys that we conducted in 

the past and extended the analysis to seismic microzonation. 

Highlighted in this paper is the incorporation of 

predominant period of the ground to the mapping of site 

conditions that has the significant relation to subsurface 

structures. 

We pointed out in this study that the slope and elevation 

parameters have less correlation to define AVs30. However, 

we examine what causes the smaller correlation and found 

out that only in the central plateau to which the slope and 

elevation parameters have significantly reduced the 2R . 

The central plateau has a complex terrain due to its buildup 

of tuffaceous sediments and pyroclastic flow deposits which 
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likely to affect the Vs of the substructure. Moreover, the 

slope and elevation from the three remaining 

geomorphologic classifications had a significant correlation 

to AVs30. Therefore, we implied that the slope and elevation 

are still useful in deriving the first-order seismic site 

classification maps.    

The correlation that we made from the four parameters 

in mapping the site conditions in Metro Manila is justified to 

satisfy well with the geology of the area.  

We produced digital AVs30 site conditions map that can 

be used to evaluate the seismic hazard in Metro Manila and 

rapidly estimate the potential earthquake ground shaking. 

The next step that we will provide in the future is the site 

amplification map derived from this AVs30 map by 

providing the relationship of AVs30 to relative site 

amplification in Metro Manila. For this reason, we can 

evaluate the seismic hazard in Metro Manila by applying 

scenario earthquakes for different earthquake generators that 

affected the metropolis. 

This technique can be further extended to seismic 

hazard zonation on a national scale in the Philippines.  
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Abstract: The evaluation of the shallow soil parameters happens to have a huge importance for earthquake engineering 
purposes. We proposed a new method to estimate the 2D inhomogeneous Shear wave velocity profile of shallow soils 
using a waveform inversion of P-SV refraction data. The numerical part of this method is based on a 2.5D finite 
difference staggered grid materializing the propagation wave field, a vertical point source simulates a plank hammering 
which generates the P-SV waves. In data processing before the inversion, a waveform deconvolution was applied to the 
refracted data to get rid of the source influence. The algorithm used for the inversion is the Hybrid Heuristic Search 
method proposed by Yamanaka (2007).Numerical experiments were conducted using synthetic observed waves. The 
inverted results shows that we succeeded to reconstruct a 2D soil profile with irregular layer interface and a soil model 
with a blind layer, which is impossible to detect with the conventional seismic refraction method. This approach is 
inexpensive and allows obtaining more information about the soil structure using little number of receivers.   

 
1.  INTRODUCTION 

 

During earthquakes, structural irregularities in shallow 

soils may generate complex waves that will interfere to 

disturb the expected response of the buildings, detecting 

those irregularities and taking the necessary estimation of 

their effect to ground motion can have an important role to 

mitigate the earthquake damage upon manmade structures. 

The seismic refraction method remains one of the 

cheapest and simplest methods for shallow soils 

investigations. However, since this technique is based on the 

initial wave arrival, it gives very basic information about the 

soil and cannot provide lateral variations of the soil. 

  The aim of this research is to propose a method for 

obtaining an accurate and reliable 2D shear wave velocity 

soil profile able to underline lateral irregularities using the 

conventional seismic refraction method. 

A primary study was initiated by M.Takekoshi in 2006, 

where she proposed a full wave form inversion of SH waves 

using numerical experiments and succeeds to reconstruct a 

2D soil profile by inverting synthetic SH waves. In 2009 

H.Yamauchi applied this method for a real case study using 

deconvoluted crude SH waveforms to get rid of the ambient 

noise and the source effect. 

 

2.  WAVEFORM INVERSION 

 

2.1  Forward modeling 

In this method a 2.5D simulation was used to mimic a 

three dimensional geometrical spreading in a 2D plan with 

less computation time than 3D simulation. Using the 

following P-SV equation of motion and stress in a 

cylindrical coordinates: 

 

Equations of motion: 
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Equation of stress:  
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These equations are approximated by a Finite 

difference staggered grid using the 4
th
 order approximation 

for space and 2
nd

 order approximation for time. The FD grid 

materializes numerically the propagation wave field and 

allows computing the outputted waveforms. A vertical point 

source simulates a plank hammering which generates the 

P-SV waves to propagate among the numerical grid and 

synthetic waveforms are recorded at the free surface. 
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 In order to check the validity of our 2.5D simulation 

we conducted a numerical experiment which consists of 

computing the attenuation curves issued from each 2D, 2.5D 

and 3D wave fields propagations using a 50m*10m half 

space model, with a velocity Vs=400m/s, density ρ=1600 

and Qf=10. A big difference on calculation  time is noticed 

between the 3D simulation which take almost 2 days using 7 

CPU, and the 2.5D simulation with only 4minutes using a 

single CPU. 

The Figure 1 shows the normalized attenuation curves 

obtained from each 2D, 2.5D and 3D simulations, the 

comparison underline a good fitting between the 2.5D and 

3D attenuation curves. This result allows concluding that our 

2.5D geometrical spreading responds as a 3D geometrical 

spreading in a 2D plan. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2  Data processing 

In data processing before the inversion, a waveform 

deconvolution was applied to the P-SV refracted data to get 

rid of the source influence. The deconvolution is the process 

of filtering a signal to compensate for an undesired 

convolution and recreate the signal as it existed before the 

convolution took place. 

Let’s consider a given system with a green function 

G(t) where we input waveforms with a source function S(t), 

the waves travels among the system where they undergo a 

convolution caused by the soil proprieties and outputted as a 

receiver function R(t). The outputted waveforms for a station 

'j' can be written in time domain as follows: 

 

𝑅𝑗(𝑡) = 𝐺(𝑡) ∗ 𝑆(𝑡)    (6) 

 

Deconvolution is nearly impossible to understand in the 

time domain but quite straight forward in the frequency 

domain. After converting the signal to the frequency domain 

the convolution can be represented as a simple 

multiplication and it will be possible to manipulate the signal 

by dividing the power spectrum by a reference station as 

follows: 

 

Tj(𝜔) =
Rj(𝜔)

R1(𝜔)
=

𝐺𝑗(𝜔)∗𝑆(𝜔)

𝐺1(𝜔)∗𝑆(𝜔)
=

𝐺𝑗(𝜔)

𝐺1(𝜔)
 (7) 

 

Where Tj(ω) is the normalized wave field and j is 

station number. Here the source spectrum cancels its self, so 

that the normalized wave field will include only the green 

function of the soil. 

In order to check the validity of the deconvolution 

theorem, we conducted numerical experiments where we 

compute the waveforms of a simple two layered model 

using a source impulse of 40Hz, and another one with a 

source impulse of 100Hz, then compare the deconvoluted  

waveforms for each case. 

The Figure 2 shows the comparison of the final 

deconvoluted waveforms for each 40Hz and 100Hz 

simulation. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The comparaison shows a very good fitting of the 

deconvoluted waveforms despite the difference of the source 

frequencies, confirming the reliability of the deconvolution 

to get rid of the source function in our signal. 

 

2.3Inversion algorithms: 

In computing, what is called 'heuristic programming' 

solves a problem by a method of trial and error, in which the 

success of each attempt at solution is assessed and used to 

improve the subsequent attempts, until a solution acceptable 

within defined limits is reached. For our purpose, the most 

important feature about heuristic approaches is that it allows 

minimization of the misfit between the observed and the 

synthetic data, this will lead to a progressive reduction of the 

difference until it reaches the minimum fitting at the end of 

the inversion. 

 

Figure 1  Attenuation curves for 2D, 2.5D and 3D 

geometrical spreading. 

Figure 2Comparing deconvoluted wave forms of different 

source frequencies. 

: 100Hz : 40Hz 
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The inversion algorithm used in our research is the 

hybrid heuristic search method proposed by Yamanaka 

(2007), based on the genetic algorithms and simulated 

annealing. The misfit function to be minimized is the Eq.(8): 
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Where, D
o
j(ti), D

c
j(ti) are respectively the observed and 

the calculated waveforms at each M station along N number 

of data.   

In tomography inversion, subsurface structure is often 

modelized using many cells, it will be difficult to invert a 

tomographic image with so many unknown parameters. In 

order to reduce the number of parameters to be inverted, and 

obtain a lateral variation of the model we used the soil 

parametrization model proposed by Aoi et all (1993).This 

method allows dividing each layer into few blocks with 

velocities and depths to be inverted independently. Each 

block is materialized using a linear combination of a basis 

function Cx(x) and a coefficient Pk the interface depth d(x) 

can be written as follows: 

 

𝑑(𝑥) = ∑ 𝑃𝑘𝐶𝑥(𝑥)𝐿
𝐾  (9) 

 

Where L is the number of basis function. Each basis 

function is defined in Eq.(10), with Δ and Xk as parameters 

specified in advance. 

 

𝐶𝑥(𝑥) = {
1

2
+

1

2
cos (

𝜋

∆(𝑥−𝑥𝑘)
) 𝑥𝑘−1 ≤ 𝑥 ≤ 𝑥𝑘+1

0                                      𝑜𝑡ℎ𝑒𝑟𝑤𝑖𝑠𝑒.
 (10) 

 

2.4 Validation of the inversion algorithm: 

 

To confirm the reliability of our inversion algorithm, we 

conduct an inversion trial using a simple two layered model 

with a flat interface as shown in Figure 3a. This case study is 

meant to verify if our algorithm is able to invert a simple soil 

structure. The model used for this purpose is a 50m x 10m 

soil with a meshing of 0.1m. The physical parameters for 

each layer are displayed in the Table01. A smoothing factor 

is implemented at the layers interfaces by averaging the 

depth of each block with the adjacent ones, the smoothing 

factor allows to obtain a more realistic reconstruction of 

slopes but have some difficulties at sharp edged interfaces. 

 

 

 

Layers 
Vs 

(m/s) 
Rho(kg/m3) 

Interface 

depth(m) 

Search limits 

Vs(m/s) Depth 

1 250 1600 2 200-400 0.5-7.0 

2 650 2200 - 550-750 - 

 

A vertical point source is excited at 5m, and the signal 

is recorded by 8 stations deployed at the free surface.  

 

The inverted model in Figure 3b is very similar to the 

targeted one; the comparison of observed and calculated 

waveforms shows a very good fitting. Comparing the 

resulted parameters of the inverted model with the targeted 

one (velocities and interface depth), we can conclude that 

our inversion algorithm succeeded to reconstruct the aimed 

soil profile with a satisfactory level of accuracy. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.  NUMERICAL EXPERIMENTS 

 

3.1 Two layers model with an irregular interface: 

The P-SV inversion method works successfully in soils 

with horizontal series. However, complex near surface 

geology may not fit into the assumption of a series of 

horizontal layers. A refracted wave that undergoes a wave 

type conversion along the interface in non-horizontal layers 

is theoretically inevitable. Our next experiment aims to 

verify the capacity of the algorithm to reconstruct a two 

layered model with irregular interface. 

Using the model illustrated in Figure 4b, with a fixed 

surface layer velocity of 250m/s and basement 650m/s. We 

include a square shaped interface from 12.5m to 17.5m, and 

Figure 3Results of the two layer model with flat interface: 

(a) Target soil profile , (b) Inverted soil profile  

(c) Comparison of the observed and calculated waveforms.  

Table 1  Model parameters used for program validation 
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cover the whole free surface with receivers from 4m to 24m 

for more accurate results. For a more realistic approach, we 

corrupted the original signal with 30% of white noise. 

The number of generations is 300, and the search limits 

are fixed between 150m/s and 350m/s for velocities, and 1m 

to 5m for depth. For a better resolution of the layers interface, 

the smoothing factor previously described was disabled for 

this experiment. 

 The Figure 4a synthesize the comparison between the 

observed results in solid line and the computed waves in 

dashed lines, the calculated wave forms shows a reasonable 

fitting with some inaccuracies underlining a faster arrival 

than the observed waves. The inverted model in Figure 4c 

shows that the algorithm succeeded to speculate the irregular 

interface exactly between 12.5m and 17.5m, with a depth of 

2m and decreasing to 3.5m and 4m at the sides of the 

irregular interface. Inaccuracies to reconstruct depth on the 

first 5m and the last 5m, can be explained by the absence of 

receivers on those areas.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 5 summarize the variations of S wave block 

velocities of the surface layer along the generations of 

computation. The evolution shows the convergence of the 

velocities to 300 m/s while the targeted velocity was 250m/s, 

this misleading explains the faster arrival of the computed 

waves previously discussed in Figure 4a. This distortion of 

velocity can be the effect of the additional 30% white noise 

to our signal. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

This experiment had shown the ability of our algorithm 

to speculate the existence of irregularities between layers 

with the existence of 30% of noise corruption. 

 

3.1 Soil model with blind layer: 

In the preceding experiments, it has been explicitly 

assumed that the velocity of each layer is smaller than the 

layer immediately below it. For many geological conditions 

this is a good assumption, but when it is not, the result of a 

seismic refraction test can be misleading. The blind layer 

problem arises whenever a geologic layer has a lower 

seismic velocity than that of the overlying layer. According 

to Snell's law no critical refraction at the top of the low 

velocity layer is possible so that, in general, it cannot be 

directly detected in the course of a normal seismic refraction 

survey. We will try to overcome this complication using 

waveform inversion of refracted waves. 

Let's consider the three layered model represented in 

Figure 5a. Three layers are represented with the following 

physical parameters:  

 

 

 

Layers 
Vs 

(m/s) 
Rho(kg/m3) 

Interface 

depth(m) 

Search limits 

Vs(m/s) Depth 

1 350 1600 1-2 150-400 0.5-5.0 

2 200 2200 3-4 150-400 0.5-5.0 

3 650 2400 - 550-750 - 

Figure 5 Variation of S-wave velocity for surface layer blocks. 

Figure 4Results of the two layer model with irregular 

interface: 

 (a) Comparison of the observed and calculated waveforms. 

(b) Target soil profile , (c) Inverted soil profile  

  

Table 2.  Model parameters used for soil with a blind layer. 

(B) 

(C) 

(A) 
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We include a slope at the interface of the blind layer 

from 15m to 25m and check the ability of the algorithm to 

track down interface irregularities using only 8 receivers. 

The smoothing factor for layers interfaces is considered at 

this experiment. 

The comparison between the calculated waveforms and 

the observed ones in Figure 6 shows a very good fitting 

between the calculated and the observed waveforms.  

The inverted soil model in Figure 5b displays clearly 

the existence of the blind layer with 2m thickness along the 

profile, the inverted model succeeded also to detect the slope 

located between 15m and 25m underlined by a clear 

deformation of the blind layer within this interval. However 

the depth of the blind layer from 25m – 40m was distorted 

and decreased to 2m instead of the real value set to 1m, this 

misleading is essentially due to the smoothing factor which 

calculates the depth of each block in function to its 

neighbors. Thus, the existence of the slope affects the 

averaging depth distribution from 25m.   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.  CONCLUSIONS 

 

Through this research we succeeded to reconstruct 2D 

soil profile using waveform inversions of P-SV refracted 

data. 

Synthetic waveforms are computed from a numerically 

materialized soil model using a Finite Difference Staggered 

grid by approximating the 2.5D P-SV waves equations of 

motion and stress which gives same geometrical spreading 

as the 3D simulation. In order to get rid of the source 

signature in our signal, deconvolution is applied to the 

waveforms. 

Numerical experiments were conducted for some 

difficult cases to obtain using the conventional seismic 

refraction method. We succeeded to determine the 2D soil 

profile with irregular interfaces in a noisy environment, and 

a soil profile including blind layer using a limited number of 

stations and a single shot. This method is cheap, easy to use 

and using P-SV survey instead of the SH one allows an 

easier survey on field. 
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Figure 6Comparison of the observed and calculated 

waveforms.  

Figure 5Results of the two layer model with flat interface: 

(a) Target soil profile , (b) Inverted soil profile 

(A) 

(B) 
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Abstract:  Owing to its simplicity and convenience, Fourier transform has been widely used in dynamic analysis 
that analyses an input signal allowing the definition of both phase and amplitude. However, the time information is 
not available from the Fourier transform. The time-frequency characteristics can be obtained by the use of Wavelet 
transform, but it does not allow phase considerations because when the phase of a wavelet basis function is altered, 
the power of signal is affected causing problems in generation of the artificial ground motions with stochastic 
property. In this context, we propose to use analytic signal Hardy wavelet as a kernel function. The Hardy wavelet is 
a complex signal, which has no negative frequency component and has orthogonal property. The presented approach 
makes a tool that describes the time-frequency characteristics allowing the consideration of uncertainties due to 
phase alterations. This paper applies the discrete analytic wavelet transform to numerical simulations to generate 
artificial ground motions whose phase spectrum has uncertainty. It is also shown that Fourier transform of the 
discrete wavelet transform of the input and output are associated by the transmitting function expressed in Fourier 
domain and it is convenient for the purpose of evaluation of the response of structural systems.   

 

 

 

1.   INTRODUCTION 

The dynamic analysis of structures is essential for 

modern seismic design, such as performance-based 

design. With the rapid growth of computer performance, 

elaborate numerical computation has become possible 

for seismic design and the importance of the input 

motion is emphasized.   

  So far, Fourier transform has been widely used to 

evaluate the characteristics of an input motion. The 

Fourier amplitude spectrum gives the amplitudes at 

various frequencies and the phase spectrum gives the 

phases at corresponding frequencies. Fourier Phase is an 

important characteristic because it can represent the 

uncertainties of input motion because when the phase is 

altered the base function will be totally changed while 

conserving the total power of the signal at the same time. 

However, the temporal variation cannot be explained 

explicitly as the base function is e
iωt

, which extends from 

-∞ to +∞ and the exact time cannot be estimated.   

  When the behavior of a non-linear system is 

discussed, the time-frequency characteristics [1] of the 

input motion are very important. For the same frequency 

characteristics, the response of a structure could be 

different depending upon the difference in time. Once 

the non-linearity is achieved, the behavior of structure 

might be different after every cycle of loading and 

unloading. So, the response can be different depending 

on the time-frequency characteristics.   

  Recently, wavelet transform [2] has been adopted 

for time-frequency analysis. Orthogonal wavelet 

transforms, in particular, are widely used because they 

provide inverse transforms and therefore are suitable for 

wave synthesis.   

The wavelet transform considers time-frequency 

characteristics explicitly and it does not have the concept 

of `phase’, which plays important role in the conventional 

Fourier transform. The phase characteristic does not 

appear explicitly in the wavelet representation. As the 

phase of base function is altered, the total power of real 

part is changed as well and thus the uncertainties in input 

motion cannot be represented by the phase change in 

wavelet coefficients.   

Therefore, we present an analytic signal wavelet that 

enables the explicit definition of both `phase’ and 

`amplitude’ with the time-frequency representation. The 

analytic wavelet coefficients can be expressed into the 

phase and amplitude like the Fourier coefficients. An 

analytic Hardy wavelet signal as shown in Figs.1 and 2 is 

used for our purpose in this paper.  

This paper is organized as follows. The analytic 

signal is defined and the analytic wavelet transform is 

explained in section 2. The representation of phase 

uncertainty is explained in section 3, with the comparison 

among Fourier transform, wavelet transform and analytic 

wavelet transform. Section 4 shows the derivation of 

numerical relation between Fourier coefficients of 

wavelet coefficients of input signal and its response. This 

relation is verified by the numerical computation and the 

procedure of numerical computation is explained towards 

the end of section 4 with numerical simulation. Section 4 

also highlights the simplicity maintained in analytic 

wavelet  transform due to conservation of transmitting 

function and, section 5 concludes the paper. 
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1. ANALYTIC  WAVELET TRANSFORM 

 

In this paper, Analytic wavelet transform, with the 

Hardy wavelet signal as a base function, is used as a tool 

for localized time-frequency analysis that allows the 

consideration of uncertainties due to phase changes. 

 

2.1  Analytic signal 

An analytic signal [1] is a complex signal that has 

no negative frequency components. A real signal      is 

converted into an analytic signal       by integrating its 

Fourier transform in the positive frequency range as 

shown in the equation (1): 

 

        ∑               

 
 ⁄   

   

 (1) 

 

such that the total power of real signal is maintained in 

the analytic signal. Here,       denotes discrete 

Fourier transform of a real signal, where ∆ω = 2π/N∆t
 
 

denotes interval of angular frequency, and, k = 

0,1,2,......(N-1) being the frequency index, while ∆t 

denotes time interval, and, time t = n∆t, where n = 

0,1,2,......(N-1) being the time index, and N being the 

total number of discrete data.   

 

2.2  Analytic wavelet signal 

An analytic wavelet signal is a complex wavelet 

signal that has no negative frequency components. An 

example of such signal is a Hardy wavelet signal that is 

shown in Figure 1. Unlike a sinusoidal base function in 

Fourier transform that extends uniformly from -∞ to +∞, 

a wavelet function has its amplitude localized in certain 

duration and amplitudes are almost zero at rest of the 

time. The analytic signal wavelet has both real and 

imaginary parts as shown in Figure 1.  

The Figure 2 shows the Fourier amplitude of the 

analytic wavelet. It is observed that the amplitude of the 

analytic signal wavelet signal is bounded in the 

frequency domain. It equipped the analytic wavelet with 

the orthogonal property. It means that the inner product 

of wavelet functions with different scale or shift generate 

zero.  Orthogonality assures the unique decomposition of 

the original signal and perfect reconstruction of the 

signal by inverse transform. 

 The discrete analytic wavelet transform of the time 

series x(t) is given as: 

 

  ̃      ∑       

   

   

  (
     

 
) (2) 

 

where s denotes scale and  denotes time-shift. It 

decomposes a time series signal into wavelet coefficients 

at different scales (or frequencies) and at various time-

shifts as shown in Fig.3. And, the inverse wavelet 

transform is given as: 

 

        ∑∑ ̃     

  

  (
     

 
) (3) 

 

 

3.  UNCERTAINTY IN PHASE 

 

 The existence of numerous number of different 

ground motions is possible which have the same 

magnitude of total power but have different phases. Phase 

is defined as the relative position of signal and can be 

illustrated as an angle from 0 to 2π in radians. The 

structure is likely to give a different response to each of 

these ground motions with different phases. Hence, the 

alteration of phase angles can represent the uncertainty of 

ground motions. The representation of phase uncertainty 

is compared among Fourier transform, Real wavelet 

transform and Analytic wavelet transform in the 

following paragraphs.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

Figure 1 Time history of an analytic Hardy wavelet 

signal. 

 

3.1  Phase in Wavelet Transform 

When a real wavelet signal is used, the wavelet 

coefficient  ̃      of Equations (2) or (3) has no phase.  

In the analogy to the Fourier transform, it is possible to 

introduce the phase θ in the form such as: 

| ̃     |   
 

The definition of this phase is almost identical with 

the phase of the Fourier transform and therefore it is 

expected that we can make use of conventional methods 

based on Fourier transform without significant difficulty.  

However, phase defined in this manner does not 

satisfy the property required for the manipulation of time 

series signal when real wavelet function is utilized. For 

example, if the phase value θ is changed to π/2, the real 

part disappears.  It means that fluctuation of the phase 

can cause change in the total power of the signal. It is not 

suitable for our purpose. 
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The analytic signal wavelet is accompanied by the 

imaginary part as shown in Figure 1. 

It does not make a problem if we use complex analytic 

wavelet signal. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2 Fourier transform of the analytic Hardy 

wavelet signal. 

 

 

 

Figure 3 Discrete analytic Hardy wavelet coefficients 

representing time-frequency characteristics of 

a time series signal. 

 

3.2  Numerical Simulations 

When a phase uncertainty ξ is introduced in the 

Fourier coefficient of a signal, the total power of real 

part is unchanged although the configuration of signal 

may be totally changed, which can be understood 

mathematically as follows:  

 

       ∑ | ̂     |                  

     

   

 (4) 

 

where  ̂     denotes the amplitude of Fourier 

transform of      and      denotes the Fourier phase. 

In case of wavelet transform, we can assume almost 

identical equation as: 

 

       ∑ | ̃     | (
   

 
)    

     

   

 (5) 

 
      For numerical simulation, about 1 percent of 

Fourier coefficients which are large in magnitude are 

disturbed by the phase uncertainties ξ. The ξ value is 

randomly fluctuated from 0 to π.  

Figure 4 compares the time series of the original 

wave and the phase-disturbed wave.   

  We also make a wave whose wavelet phase is 

disturbed similarly. About 1 percent of analytic wavelet 

coefficients with relatively large magnitude were 

disturbed by the phase change uncertainties ξ varying 

from 0 to π. It is given as: 

 

         ∑ | ̃     | (
     

 
)    

     

   

 (6) 

 

      Figure 5 compares the time history of the original 

wave and the modified wave.   

   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4  Comparison of time series of the original and 

the reconstructed after the Fourier phase of 1 

percent of the Fourier coefficients are 

contaminated by noise. Reconstructed wave is 

accompanied by the ripple which did not exist 

before the perturbation. 

 

In both cases of Figures 4 and 5, it is verified that 

the total power (root mean square) of the wave is 

unchanged after their phase perturbation. It verifies that 

the phase defined with the analytic wavelet does not 

affect the power of the signal.   

Let us compare the difference of the time history of 

the original and modified waves in Figures 4 and 5. In 

case of Figure 4, the ripple appears after the main part of 
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the wave after the modification while such ripple is 

much smaller in Figure 5. Since wavelet function is 

relatively localized in time domain, influence of the 

phase disturbance does not extend uniformly in the time 

domain. It allows us to consider the uncertainty in phase 

property without losing the time characteristics of the 

original wave. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 5  Comparison of time series of the original and 

the reconstructed after the Fourier phase of 1 

percent of the Wavelet coefficients are 

contaminated by noise. Reconstructed time 

series signal after the phase contamination in 1 

percent of analytic Hardy wavelet coefficients; 

reconstructed signal is more affected locally 

compared to the original time series signal. 

  

 

4.  CONSERVATION OF TRANSMITTING 

FUNCTION 

 

Let us consider the response of linear system to a 

certain input motion. The output is given as the 

convolution of impulse response function of the linear 

system and the input motion. It is well known that 

Fourier transform of the output is given as the product of 

the Fourier transform of the impulse response function 

(transmitting function) and that of the input motion. It 

allows us to evaluate the response of the structural 

system easily and therefore very useful for practical 

purpose. 

Let us show that similar relationship can be 

presented with wavelet coefficients and that the response 

of a linear structural system can be calculated from 

wavelet coefficients of input motion, using the 

transmitting function.   

 

4.1  Calculation of Response using the transmitting 

function 

  The analytical relation between response of a linear 

single degree of freedom system, the transmitting 

function (the impulse response function) and the input 

signal is determined as follows. Let us consider,      

    : An input signal in time domain. 

    : Response of linear system in time domain for the 

input signal     .  

    : Impulse response or the transmitting function of 

the linear system in time domain.   

The analytic wavelet transform of      is given as 

the convolution of input and wavelet function and it 

can be represented as:     

 

  ̃       ∑       

   

   

  (
     

  
) (7) 

 

       Let us define the wavelet function corresponding to 

the j-th scale and n-th shift as:  

 

   
   

     (
     

  
) (8) 

 

Discrete Fourier transform in terms of  is given 

as:  

  ̂̃        ∑ | ̂    |

     

   

 ̂ 

   
     (9) 

 

Similarly, the analytic wavelet transform of response 

is given as: 

  ̂̃        ∑ | ̂    |

     

   

 ̂ 

   
     (10) 

 

Utilizing the conventional relationship among the 

Fourier transform of input, output and impulse response 

function:  

  ̂     ∑  ̂    

     

   

 ̂     (11) 

  

where ωk = 2πk/N∆t
 
with, k = 1,2,3,….N-1 , j = 1,2,3,…, 

m-1, and,  N = 2
m 

= No. of time series data, ∆t = time 

interval.   

 

From Equations (10) and (11), we get: 
 

  ̂̃        ∑  ̂    

     

   

 ̂     ̂ 
   

     (12) 

 

It leads to: 

  ̂̃        ∑  ̂    

     

   

 ̂̃        

 

(13) 
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In the computation, Fourier transform can be 

multiplied by some constant. Here we consider the 

Fourier transform of the impulse response function h(t) 

as:  

 

  ̂     
 

 
∑                 

   

   

 (14) 

     
 Putting this value in Equation (11), the relation is 

given as: 

 

  ̂̃           ∑  ̂    

     

   

 ̂̃        (15) 

       

4.2  Numerical Simulation 

This relation is verified by the numerical 

computation by using strong motion record data as an 

input signal. The computation process is described as 

follows.   

The impulse response (or transmitting function) and 

response of the considered linear single degree of 

freedom system to the input signal are calculated by 

time-domain Newmark-β method [3]. The strong motion 

record obtained at the Kobe observatory in Kobe during 

the 1995 Hyogoken Nanbu Earthquake is used as an 

input signal. Both the input signal and response are 

converted into analytic signals, following the definition 

of analytic signal in section 2. The wavelet coefficients 

of an input signal are obtained by taking the analytic 

wavelet transform using analytic Hardy wavelet signal as 

a base function. These coefficients belong to different 

scales and at different time shifts at each scale. Then, the 

Fourier coefficients of these wavelet coefficients of input 

signal at each scale are calculated and listed 

corresponding to their scales. The Fourier coefficients of 

impulse response are also calculated. Then, at each scale, 

the Fourier coefficients of the wavelet coefficients of 

input signal and the Fourier coefficients of impulse 

response are matched together corresponding to the 

equivalent frequencies. Then the Fourier coefficients of 

wavelet coefficients of response at different scales are 

calculated by the product of Fourier coefficients of 

wavelet coefficients of input signal and Fourier 

coefficients of impulse response following Equation 

(15). Then the inverse Fourier transform is applied to 

obtain the wavelet coefficients at different scales and 

different time-shift. The time history of response is 

calculated by applying the inverse wavelet transform 

using the same analytic Hardy wavelet signal as a base 

function.  

As a reference, response of the linear structural 

system is also obtained by dynamic analysis in time 

domain, using Newmark’s-β method. 

Time histories of the response evaluated from 

wavelet coefficients and the one obtained by time 

integration are compared in Figure 6. The two time 

histories show very good agreement with each other, 

which verifies the relation in obtained in equation (15).  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(a)  Obtained by analytic wavelet transform method.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b)  Obtained by time integration. 

 

Figure 6  Comparison of time histories of the response of 

linear system calculated by the presented 

scheme and time integration scheme. They 

show very good agreement. 

 

 

5.  CONCLUSIONS 

 

Temporal change in characteristics of ground 

motion is essential for the dynamic response of structure 

exposed to input ground motion.  Fourier transform, 

which has been widely used as a tool to represent ground 

motion, considers the temporal change by using the 

concept of “phase.”  It is known, however, that it is not 

easy to generate the ground motion adjusting “phase” 

because it always disturbs the time-frequency 

characteristics. For consideration of time-frequency 

characteristics, wavelet representation is more widely 

accepted. But it does not have “phase” as the one with 

Fourier transform, and we cannot utilize various 
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conventional methodologies based on phase 

characteristics of input ground motion. 

Considering such problems, this paper proposes a 

scheme to use discrete wavelet transform using analytic 

signal, or Hardy wavelet function. 

The presented discrete wavelet analysis can 

incorporate the advantages of both Fourier transform and 

wavelet transform by expressing the signal using the 

phase and amplitude in the similar manner as in the 

Fourier transform and representing the localized time-

frequency characteristics of a signal.  

Numerical simulation shows that with the help of 

this presented tool, ground motion signals with noise in 

phase can be produced easily.  It was shown that 

perturbation of phase does not disturb the temporal 

characteristics of ground motion as it is with 

conventional Fourier transform. 

Another numerical simulation shows that we can 

evaluate the dynamic response of a structural system 

using the transmitting function defined by Fourier 

transform.  It would allow us to use the methodology 

based on conventional Fourier transform. 
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Abstract:  As strong motion stations to be highly concentrated in many countries, researchers try hard to get more 
information from strong motion records during the huge earthquake. For instance, co-seismic deformation value in near 
fault region was one of the important targets. Iwan et al. (1985) mentioned there’s a magnetic hysteresis problem in digital 
records during strong shaking and assumed a three parts baseline drifting model. The model was a step function which 
was a non-sinusoidal low frequency signal and is difficult to eliminate from Fourier-based high-pass filter. Huang et al. 
(1998) developed an Empirical-Mode-Decomposition (EMD) method which was clever at non-stationary and 
non-sinusoidal signal decomposition. In this study, several numerical tests were made to verify the potential of EMD 
method in correcting the drifted baseline problems. The results showed the less frequency content the greater 
decomposition can make. So finally, the co-seismic deformation values could be found from Fourier-based low pass filter 
for different corner frequency combined with EMD method in several different earthquakes and the nearest GPS data was 
used for comparison.  

 
 
1.  INTRODUCTION 
 

Dense seismic monitoring systems had developed over 
dozens of years in many countries. Analog instruments were 
used for strong motion stations at the beginning, and the 
technology of instruments was progressive along with the 
times. The digital instruments were invented and widely 
used over twenty years now in the world. The digital data 
brought a lot of conveniences for researchers in seismic 
studies but still had some limits needs to break through. 
Such as baseline drifting problems during strong motions 
which were due to ground tilting (Graizer 2005) or 
instrument impact which called analog-to-digital converter 
(ADC) process (Boore 2003).  

Iwan et al. (1985) described the baseline drifting 
anomaly as a step function in acceleration data which will 
lead a seriously oblique in baseline when integral to velocity 
and displacement data (Figure 1) and this step function could 
be corrected from the slope of the lines for each part in 
velocity. Boore (2001) then followed this assumption and 
test the difference between the lengths of each step and 
realized the unsuitable divided time choosing could lead 
great divergence. 

On the other hand, as the assumption of Iwan et al. 
(1985) that drifting models were a non-sinusoidal step 
function which could be imaged as a low frequency signal 
and was difficult to eliminate from Fourier-based high-pass 

filter. Huang et al. (1998) developed an Empirical Mode 
Decomposition (EMD) method which was clever at 
non-stationary and non-sinusoidal signal decomposition. 
Ray et al. (2003) made a non-sinusoidal signal to test the 
utility of EMD process and found that the higher the 
decomposed mode, the lower the frequency content for each 
Intrinsic Mode Function (IMF). Flandrin et al. (2004) 
verified the EMD process could be interpreted as a filter 
bank of overlapping band-pass filters for the case of 
fractional Gaussian noise.  

Huang et al. (2001) first tried to apply the EMD method 
to deal with baseline correction problems from strong 
motion data during 1999 Chi-Chi Taiwan earthquake. The 
baseline drifting problems which was an oblique straight line 
in velocity data was been treated as a residual from EMD 
process. But the co-seismic deformation value which was 
from corrected displacement data after eliminated the 
residual part for velocity record showed some disagreement 
with GPS result in station TCU129. Wu and Huang (2008) 
improved the EMD process and made each IMF more stable 
and usability in non-sinusoidal signal analysis. As the 
improved EMD process had been mentioned, there might 
have some chances to solve the step-function-like baseline 
drifting problem. So in this study, the improved EMD 
process for acceleration data was used for verifying the 
ability of corrected baseline drifting problems with EMD 
method.  
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2.  METHODS AND DATA PROCESSING 
 
2.1  Empirical Mode Decomposition Method 

Huang et al. (1998) mentioned a signal analysis 
method called Hilbert-Huang Transform (HHT) and it was 
consisted of two parts: the EMD method and the 
instantaneous frequency in the Hilbert spectral analysis. The 
EMD method could decompose digital signal into several 
IMF. If there’s a complex signal X(t), the sifting process for 
EMD were as followed: 

 

                                       (1) 
 
Where m1 was the mean of upper and lower envelope 

lines which was conducted from local maximum and local 
minimum values for the whole data, h1 was the difference 
between the data X(t) and m1. The sifting process had two 
purposes: to eliminate riding waves; and to make the 
wave-profiles more symmetric. Toward this end, the sifting 
process has to be repeated more times. In the second sifting 
process, h1 is treated as the data: 

 

                                         (2) 
 
Repeated these calculations k times: 
 

                                         (3) 
 
The sifting process will end when most of the local 

maximums were positive and local minimums were negative, 
then h1k became an IMF c1: 

 
(4) 

 
In order to made it clear that how many times the 

sifting process should do for one IMF. Wu and Huang (2008) 
calculated the sifting numbers of each IMFs from two 
similar signals which only hade 10% difference between 
them. The results showed IMFs between two signals could 
be stabled and could save the calculation time when k fixed 
in 10 times. After that, k will be fixed in 10 in this study.  

After one IMF c1 had been decomposed, the residue 
will be the original data minus c1: 

 
(5) 

 
Since the residue r1 still contains information of longer 

period components, it is treated as the new data and the 
procedure can be repeated on all the subsequent: 

 
(6) 

 
Finally, n IMFs would be decomposed from these 

sifting processes. The following question was how many 
modes should decompose for a signal? Huang et al. (1998) 
first mention that when the residual rn became so small or a 
monotonic function and there’s no any IMF could 

decompose again. Flandrin (2004) tried to make it 
systematized, than decomposed the signal with white-noise, 
and mentioned even a complex-frequency-content signal, the 
mode numbers will less or equal to orders of two to the total 
data points. Wu and Huang (2008) then set the closest-little 
number about order of two to the total data points minus one 
as the total IMF number: 

 
          (7) 

 
(8) 

 
Which ptotal was total data points of the original data 

X(t), nIMF was the total IMF numbers of the sfting process, 
ROU(n) meant the round-down for n value, directly 
eliminated the decimal point. 

In this study, the improved EMD process from Wu and 
Huang (2008) was used to decompose the given waveform 
and real seismic data to correct baseline drifting problems. 

 
2.2 The Given Waveform 

The given waveform would contain two sections in 
this study. The first section was composed of a single or 
double frequency contents sinusoidal wave and a wave 
package which will attenuate with time. Two obvious offsets 
which were based on the assumption of baseline drifting 
model (Iwan et al. 1985) were added in these waveforms. 
(Figure 2) The equation of the single frequency content 
signal was as followed: 
 

                                               (9)                                                                                        
 

Where the unit of y was acceleration ground motion 
(gal), the obvious offsets were set on 5 and 20 seconds. 
(Figure 2 (a))  

And the double frequency content given signal was 
showed in Figure 2 (b). The equation was as followed: 
 

 
(10) 

 
After considering simple-frequency-content signal, the 

complex-frequency-content signal had also been constructed. 
The given signal of second section was made from real 
seismic data during 2008 Wenchuan, China earthquake. The 
acceleration data was high-pass filtered to eliminate the 
originally baseline drifting problem first and added the given 
offsets. The offsets were also set on 5 and 20 seconds. 
(Figure 3) 

 
 

3. DISCUSSIONS 
 

3.1 Results from Improved EMD Process for Given 
Waveforms 

Several IMF components which were decomposed 
from the single and double frequency content given 
waveform model by EMD process first and was shown in 
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Figure 4. For the results of single frequency content signal 
which’s offsets were occurred at 5 seconds (30 gal) and 20 
seconds (10 gal). There were obviously discontinuities 
occurred at drifting times for lower IMF components (IMF2 
and IMF3) and the final offset in the highest mode (IMF13) 
indicated the second offset (10 gal). (Figure 4 (a)) For the 
double frequency content signal, the obviously 
discontinuities also occurred at drifting times for lower IMF 
components (IMF3 and IMF4) but the final offset didn’t 
showed in highest mode.  

Due to the frequency content would become lower 
with increasing of IMF numbers (Ray et al. 2003), the 
step-like given offset which could be image as a low 
frequency signal should occurred at higher IMF modes. The 
higher modes had been summed up and three of the results 
which were most similar with the original given offset were 
showed in Figure 5. The given offset could clearly identify 
from summed-up 2 to 13 modes in shape and its value for 
the single frequency content signal (Figure 5 (a)). It could 
also be found from summed-up results for double frequency 
content signal but the modes (summed-up 3 to 13 modes) 
were different from previous one (Figure 5 (b)).  

Second, the phenomena of discontinuity related to 
times of drifting model in lower IMFs couldn’t find from the 
given waveform which was constructed from the signal of 
high-passed seismic data added well known drifting model. 
(Figure 6 (a)) And from the result of summed-up higher 
modes showed although there’s some ripples occurred, the 
trend of given step-like drifting model still could be found 
(summed-up 8 to 13 modes, Figure 6 (b)).  

Due to the lesser frequency content signal could have 
the greater decomposed result and given offset could find in 
summed-up higher modes. The given signal from real 
seismic data would change a little, the low pass filtered with 
difference corner frequency were used after added the given 
offset to reduce the frequency content. Figure 7 showed the 
lower frequency content original given signal did have the 
better decomposed result.  

And several tests were made base on the summed-up 
of higher modes in the next section.  
 
3.2 Results from Some Test for Summed-up Higher 
IMFs 

The induction method was use in this section. Several 
different tests between given offset and filtered signal were 
made for finding which parameter will influence the results 
of decompositions. The parameters included period of given 
offset, frequency for low pass filter and the amplitude of the 
given offset.  

Figures 8, 9 and 10 showed the characteristics 
differences between the summed-up results for each 
parameter. The brief summaries would be as followed: (1) If 
the suitable corner frequency of high pass filtered was 
implement first to reduce the frequency content, the trend of 
given offset model could be easier found from summed-up 
higher IMFs. (2) The suitable corner frequency would 
decrease with increasing period of the given offset. (3) The 
suitable corner frequency would also influence from 

amplitudes of given offset. (4) For the result of summed-up 
higher IMFs for given waveform made from real seismic 
data. Although the low pass filtered before EMD process 
could help to reduce frequency content, there were still some 
ripples occurred in the summed-up waveform. Maybe there 
were some limits due to the rectangle shape of step function 
for EMD process as the filter bank.  

 
3.3 New Baseline Correction Method Developed from 
EMD Process 

Due to the suitable corner frequency of low-pass filter 
was related to the period of the drifting models and the 
amplitude of drifting offsets. And the shape of real drifting 
offset was not so clear for real seismic data. There were 
many uncertainties for applying the improved EMD process 
to real seismic data and maybe the shape of drifting model 
was not so sharp rectangle-like offset. So the grid search 
method for finding suitable corner frequency to low-pass 
filtered for the real seismic data was assumed in this study.   

The assumed baseline correction process was as 
followed: (1) Low-pass filtered for acceleration data with the 
corner frequency (Figure 11 (a)) which should be changed 
several times during the repeat process. (2) Calculated the 
IMF for the filtered signal (Figure 11 (b)) and summed-up 
the higher modes from 2, 3, 4…. to the highest mode (Figure 
11 (c)). (3) Due to one of the summed-up results might be 
the drifting offset in acceleration and could be eliminate 
from difference between raw data and real ground motion. 
The unfiltered seismic data with remove-front-three-second 
mean (Figure 11 (d)) and minus each summed-up result 
were made and double integrate to velocity and 
displacement field (Figures 11 (e), (f), and (g)). (4) Using 
grid search method for changing the corner frequency of 
low-pass filtered and repeat the process (1) to (3) again and 
again to find the most suitable frequency and its corrected 
displacement. The determination of how to decide the 
correction was good or not was based on the mean of front, 
final parts of velocity should be zero and final part of 
displacement should be a flat straight line. The most suitable 
frequency for the example of Z component in station 51SFB 
during 2008 Wenchuan earthquake was 0.934 Hz, and the 
corrected waveforms were showed in Figure 12 (a). The 
co-seismic deformation value was similar with the corrected 
results from semi-auto baseline correction method (Huang et 
al. 2011) but the shaking process of displacement record had 
some difference.  

 
3.4 Corrected Displacement Records Compared with 
Nearest GPS Data 

Due to there were some difference of corrected 
displacement record between the result from this study and 
Huang et al. (2011), and the shaking process was not so clear 
for strong motion stations. The 1 Hz continues GPS records 
from Geonet which was constructed from Geospatial 
Information Authority (GSI), Japan were used for 
comparison. Several strong motion records from Tohoku, 
2011 earthquake were corrected in this study and compared 
the results with nearest GPS records. The distribution of 
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stations in East-Japan was showed in Figure 13. Figures 14 
to 16 showed the comparison results. Although they were 
not totally the same, the corrected waveform form this study 
could still have good agreement in the trend of shaking 
process and the co-seismic permanent displacement values.  

 
 

4. CONCLUSIONS 
 
The new baseline correction method developed from 

improved EMD method had been mentioned in this study. 
At the beginning, obviously discontinuities had been found 
at drifting times for lower IMF components and the given 
offset model could clearly identify from summed-up the 
higher IMFs from simple frequency content given signals.  

Due to the lesser frequency content signal could have 
the greater decomposed result. If the suitable corner 
frequency of high pass filtered was implement first to reduce 
the frequency content, the trend of given offset model could 
be easier found from summed-up higher IMFs. And the 
suitable corner frequency would influence from the shape of 
the drifting model.  

Based on these reasons, new baseline correction 
method was brought up. The co-seismic deformation value 
for station 51SFB was calculated and similar values from 
semi-auto baseline correction method (Huang et al. 2011) 
could be a comparison. Finally, the corrected waveforms 
were also compared with 1 Hz continuous GPS data.  They 
could have good agreement in the trend of shaking process 
and the co-seismic permanent displacement values. 
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Figure 1  Three parts baseline drifting model. Top: acc., 
Medium: vel., and Bottom: disp. (Iwan et al. 1985) 

Figure 2  The given waveforms with obviously offset, red 
lines showed given offsets. (a) Single frequency 

content, the offset was at 5 and 20 sec. (b) Double 
frequency content, the offset was at 5 and 20 sec. 

(a) 

(b) 
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Figure 3  The given waveform made from Z component of 
station 51SFB during 2008 Wenchuan, China 

earthquake with obviously offset at 35 and 55 sec., red 
lines showed given offsets. 

Figure 4  The IMF results of EMD process for given 
signal.(a) Single frequency content, (b) Double 

frequency content. 

(a) 

(b) 

(a) 

(b) 
Figure 5  Three of the results which were most similar with 

the original given offset after summed up the higher 
mode. (a) Single frequency content, summed up for 2, 

3, 4 to 13 modes. (b) Double frequency content, 
summed up for 3, 4, 5 to 13 modes. 

(a) 

(b) 
Figure 6  EMD results of given signal from real waveform 

of Station 51SFB. (a) The IMF results. (b) Three of the 
results which were most similar with the original given 
offset after summed up the higher mode 6, 7, 8 to 13 

modes. 
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(b) (a) 

(c) 
Figure 7  Three of the results of summed up the higher 

mode for the given signal of low passed filtered after 
added the given offset. Corner frequency of low pass 

filter: (a) 2.0 Hz, (b) 1.5 Hz, (c) 1.0 Hz. 

(a) (b) 

(c) (d) 
Figure 9  The summed-up results for low-pass filtered, 

corner frequency: 0.5 Hz; the period of design offset: 
10sec. (at 35 and 45 sec.); amplitude of offset: (a) 10 
gal., 2 gal., (b) 10 gal., 5 gal., (c) 30 gal., 2 gal., (d) 30 

gal., 10 gal. 

(a) (b) 

(c) (d) 
Figure 8  The summed-up results for low-pass filtered, 

corner frequency: 0.333 Hz; the period of design offset: 
10sec. (at 35 and 55 sec.); amplitude of offset: (a) 10 
gal., 2 gal., (b) 10 gal., 5 gal., (c) 30 gal., 2 gal., (d) 30 

gal., 10 gal. 

(c) 

(a) (b) 

(d) 
Figure 10  The summed-up results for low-pass filtered, 

corner frequency: 1 Hz; the period of design offset: 5 
sec. (at 35 and 40 sec.); amplitude of offset: (a) 10 gal., 
2 gal., (b) 10 gal., 5 gal., (c) 30 gal., 2 gal., (d) 30 gal., 

10 gal. 
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(a) 

(b) 

(c) 

(d) 

Figure 11  The example of baseline correction method which 
was mentioned in this study. (a) Acceleration data with 

low-pass filtered (corner frequency: 0.5 Hz for example) for 
station 51SFB. (b) 14 IMFs from EMD process. (c) 

Summed-up results from 2,3,4…..to 14 modes. (d) Original 
acceleration data with remove-front-three-second-mean first. 

(e) The acceleration result of original minus summed-up 
IMFs, mode 2, 3, 4 to 14. (f) Velocity and (g) displacement. 

(e) 

(f) 

(g) 

(a) 

(b) 
Figure 12  The corrected waveform for station 51SBF during 

2008 Wenchuan earthquake from (a) Baseline correction 
method developed from EMD process in this study. (b) 
Semi-Auto three- parts baseline correction method (Red 
arrow means the co-seismic deformation value for this 

component, Huang et al. 2011). 

Figure 13  The distributions of stations, red triangles showed 
strong motion stations, diamonds showed the GPS 

stations. Blue circles showed the stations which were 
corrected in this study as following figures. 

A 

B 

C 
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(a) 

(b) 
Figure 14  (a) The corrected results from this study in corner 

frequency of 1.81 Hz for station IWT009- E component 
(at location A of Figure 13), Top: Acc., Middle: Vel., 

Bottom: disp. (b) Displacement record from nearest GPS 
station 0911, distance from strong motion stations: 773 m.  

(a) 

(b) 

Figure 15  (a) The corrected results from this study in corner 
frequency of 0.985 Hz for station IWT019- E component 
(at location B of Figure 13). (b) Displacement record from 

nearest GPS station 0164, distance from strong motion 
stations: 50 m.  

Figure 16  (a) The corrected results from this study in corner 
frequency of 0.472 Hz for station NIG012- E component 

(at location C of Figure 13). (b) Displacement record from 
nearest GPS station 0236, distance from strong motion 

stations: 88 m.  

(a) 

(b) 

- 360 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 

March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

ELASTIC AND POST-ELASTIC RESPONSE OF STRUCTURES TO HYBRID BROADBAND 
SYNTHETIC GROUND MOTIONS 

 
Carmine Galasso

1)
, Farzin Zareian

2)
, Iunio Iervolino

3)
, and Robert W. Graves

4)
 

 

 

1) Postdoctoral Fellow, Dept. of Civil and Environmental Engineering, University of California, Irvine, Irvine, CA, 92697, USA. 

2) Assistant Professor, Dept. of Civil and Environmental Engineering, University of California, Irvine, Irvine, CA, 92697, USA. 

3) Associate Professor, Dip. di Ingegneria Strutturale, Università degli Studi di Napoli Federico II, Naples, Italy. 

4) Research Geophysicist, U.S. Geological Survey, Pasadena, CA, 91106, USA. 

cgalasso@uci.edu, zareian@uci.edu, iunio.iervolino@unina.it, rwgraves@usgs.gov 

 

 

Abstract: In this paper, a statistical comparison between seismic demands of single degree of freedom (SDOF) systems 
subjected to past events using simulations and actual recordings is provided. A number of SDOF systems are selected 
considering: (1) eighteen oscillation periods between 0.1s and 8s, (2) elastic case and four non-linearity levels, from 
mildly inelastic to severely inelastic structures, and (3) two hysteretic behaviors, namely non-degrading and 
non-evolutionary, and both degrading and evolutionary. Demand spectra in terms of peak and cyclic response and theirs 
statistics are derived for four historical earthquakes: 1979 Mw = 6.5 Imperial Valley, 1989 Mw = 6.8 Loma Prieta, 1992 Mw 
= 7.2 Landers, and 1994 Mw = 6.7 Northridge.  
Results of this study show that both elastic and inelastic demands to simulated and recorded motions are generally similar. 
However, for some structural systems, the inelastic response to simulated accelerograms may produce demands that are 
different from that obtained using corresponding recorded motions. In the case of peak response, these discrepancies are 
due to differences in the spectral shape while the differences in terms of cyclic response can be explained by some 
integral parameters of ground motion (i.e., duration-related). Moreover, the intra-event standard deviation values of 
structural response calculated from the simulation are generally lower than those given by recorded ground motions. The 
amount of such differences strongly depends on the SDOF period and nonlinearity level, and to a lesser extent depends on 
the hysteretic model used. Assessment of the results using formal statistical hypothesis tests indicates that in most cases 
the differences are not statistically significant. 

 
 
1.  INTRODUCTION 

 

The use of nonlinear dynamic analysis (NLDA) for 

assessment of existing structures, and design of new ones 

requires availability of reliable accelerograms. Usually, 

accelerograms are selected and scaled from a database of 

existing records to represent target seismic characteristics 

(e.g., hazard, magnitude, source-to-site distance, and local 

soil conditions). Numerous methods for such selection and 

scaling have been proposed. A summary of available ground 

motions (GMs) selection and scaling methods can be found 

in Haselton ed. (2009).  

The inherent scarcity or total absence of suitable real 

(e.g., recorded during past earthquakes) GMs for some 

specific scenarios (e.g., recording of large magnitude 

strike-slip events with close site-source distances) makes 

utilization of alternative options unavoidable. This is the 

case, for example, for seismically active regions (such as 

California) where the spectral acceleration of interest is often 

relatively large and the hazard-controlling earthquake 

scenarios are often large magnitude events on nearby faults. 

Physics-based simulated (or synthetic) GMs capturing 

complex source features (such as spatially variable slip 

distributions, rise time, and rupture velocities), path effects 

(geometric spreading and crustal damping) and site effects 

(wave propagation through basins and shallow site response) 

provide a valuable supplement to recorded GMs, fulfilling a 

variety of engineering needs (Somerville, 1993). The general 

concern among engineers is that simulated records may not 

be equivalent to real records in estimating the seismic 

demand, and hence, the induced damages on structures 

(Naeim and Graves, 2005).  

To validate synthetic GMs, some previous and 

concurrent studies have employed direct (i.e., by visual 

inspection) comparison of observed and simulated 

waveforms (especially in the case of low frequencies 

waveforms), or comparison in terms of median levels of 

observed and simulated intensity measures (including elastic 

spectral ordinates) for hybrid broadband simulation 

procedures (Olsen et al. 2003; Graves and Pitarka; 2010). 

Recently, Star et al. (2011) have compared elastic 

acceleration spectral ordinates (at several periods) from 

simulated motions for a Mw = 7.8 rupture scenario on the 

San Andreas Fault (two permutations with different 

hypocenter locations), and a Mw = 7.15 Puente Hills blind 

thrust scenario, to median and dispersion predictions from 

empirical Next Generation Attenuation (NGA) ground 

motion prediction equations (GMPEs). The identified 

discrepancies between results can indicate problems with the 

simulations, GMPEs, or perhaps both. 
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Figure 1  Maps of the considered earthquakes. The star is the epicenter and the grey triangles are recording stations of the 

NGA database for which the simulations are available. The red triangles are recording stations considered in this study. San 

Francisco (b) and Los Angeles (d) are also indicated on the map (black squares). 

 

In this study we take a step back and try to understand 

if simulated GMs are comparable to real records in terms of 

their linear and nonlinear response in the single degree of 

freedom (SDOF) systems domain. Such investigation is a 

proxy for assessing the damage potential of simulated 

motions for many structural types. To this aim, Bazzurro et 

al. (2004a) addressed the issue of engineering validation in 

terms of elastic and inelastic SDOF structural response to 

seven suites of synthetic records that emulate real GMs 

recorded at 20 stations located within 20km from the 

Northridge fault rupture. The results show that six out of 

seven simulation methods appear to be biased, especially in 

the short period range, both in the linear elastic and in the 

nonlinear post-elastic regimes. 

As post-elastic dynamic response of structures is of 

fundamental importance in performance-based earthquake 

engineering, the study presented in this paper focuses on the 

issue of engineering validation of GM simulation in terms of 

peak and cyclic demand of inelastic SDOF systems with 

different elastic and hysteretic characteristics. More 

specifically, two kinds of SDOF systems are considered by 

comparing their nonlinear response to simulated and 

recorded motions: (1) non-degrading and non-evolutionary, 

and (2) degrading and evolutionary. Demand spectra in 

terms of inelastic displacement and equivalent number of 

cycles are derived for different periods, strength factors and 

considering simulations for four historical Californian 

earthquakes. For each earthquake, we consider a real GM 

dataset, whose response statistics are used as a benchmark, 

and a synthetic GM dataset, including the same stations of 

the real dataset. 

The aim here is to address, on a statistical basis, 

whether simulated GMs are systematically biased in terms 

of their median nonlinear response characteristics in 

comparison with real records. We also look into dispersion 

(i.e., intra-event variability) of response to recorded and 

simulated GMs. Hypothesis tests on selected samples are 

also carried out to assess the statistical significance of the 

results found in terms of both peak and cyclic response. In 

the end, the correlation between the SDOF seismic demands 

from simulated and recorded motions and duration and the 

presence of pulse-like records is investigated. 

 

 

2.  DESCRIPTION OF SYNTHETIC AND REAL 

GROUND MOTION DATASETS 

 

Graves and Pitarka (2010) developed a hybrid 

broadband (0-10 Hz) GM simulation methodology which 

combines a physics-based deterministic approach at low 
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frequencies (f ≤ 1 Hz, i.e. T ≥ 1s) with a semistochastic 

approach at high frequency (f > 1 Hz, i.e., T < 1s). The low 

and high frequency waveforms are computed separately and 

then combined to produce a single time history. At 

frequencies below 1 Hz, the methodology contains a 

theoretically rigorous representation of fault rupture and 

wave propagation effects and attempts to reproduce recorded 

GM waveforms and amplitudes. At frequencies above 1 Hz, 

a stochastic representation of source radiation combined 

with a simplified theoretical representation of wave 

propagation and scattering effects are used to simulate 

waveforms. The use of different simulations approaches for 

the different frequency bands results from the seismological 

observation that source radiation and wave propagation 

effects tend to become stochastic at frequencies of about 1 

Hz and higher, primarily reflecting the relative lack of 

knowledge about the details of these phenomena at higher 

frequencies. For both short and long periods, the effect of 

relatively shallow site condition, as represented by shear 

wave velocity in the upper 30 m (Vs30) are accounted for 

using the empirical site amplification model of Campbell 

and Bozorgnia (2008). 

Four historical earthquakes recordings are modeled 

using the developed technique (Graves and Pitarka, 2010) 

and are used in the present study: 1979 Mw = 6.5 Imperial 

Valley, 1989 Mw = 6.8 Loma Prieta, 1992 Mw = 7.2 Landers, 

and 1994 Mw = 6.7 Northridge. In the simulation process, the 

required input parameters, related to the specific earthquake, 

are seismic moment, overall fault dimensions and geometry, 

hypocenter location and a generalized model of the final slip 

distribution; see also Graves and Aagaard (2011). For each 

earthquake event, the developed model covers a wide area 

surrounding the fault including several strong motion 

recording sites as in the NGA database: 33 for  Imperial 

Valley, 71 for Loma Prieta, 23 for Landers and 133 for 

Northridge. These sites are shown with triangles in Figure 1.  

A limited number of these sites are used in this study; 

only those with the real recordings’ usable bandwidth larger 

than 0.1s-8s. This limitation yields a total of 126 sites for the 

entire study. These sites are marked with red triangles in 

Figure 1. Such large bandwidth for recorded motions 

provides justifiable means to cover a good range of 

nonlinear SDOF systems where period elongation can force 

the effective period of the system to be much larger than its 

initial period. In some cases, especially for degrading and 

evolutionary SDOF systems, as the damage severity 

progresses, the period elongation can force the SDOF period 

outside the suggested usable bounds, therefore, the usable 

lower frequency will tend to be somewhat higher (more 

restrictive). Moreover, the correlation between inelastic 

spectral ordinates at the fundamental period and at higher 

periods may be important. Hence, the results presented in 

this paper for very long period-structures (e.g., 6-8s), in the 

severely nonlinear range, should be considered with caution 

(see Bazzurro et al., 2004b for a discussion on this topic). 

However, the fact that, for some conditions, usable data are 

very sparse (or non-existent) and may affect the statistical 

significance of the findings of the study, it is also one of the 

principal situations under which simulations might be 

utilized. 

 

 

3.  DESCRIPTION OF THE SDOF SYSTEMS AND 

DEMAND MEASURES 

 

The pool of GMs described in previous section, 

recorded and simulated, are used to perform NLDA on a 

total of 144 SDOF systems, representing combinations of 

variation in three parameters: 

 SDOF fundamental period (T): periods between 0.1s 

and 8s are considered in this study. The period range is 

sampled with a 0.1s step from 0.1s to 0.5s, with a step 

of 0.25s between 0.5s and 1s, with a step of 0.5s 

between 1s and 5s, and with a step of 1s between 5s 

and 8s. 

 Strength reduction factors (R): this parameter is the 

ratio of the GM record elastic demand and the yield 

strength of the SDOF system, Fy. R is varied in order to 

describe elastic/inelastic structural behavior; from 

elastic (R = 1), for completeness and checking 

purposes, to mildly inelastic (R = 2) and severely 

inelastic structures (R = 8). Note that the peak 

deformation experienced by an elastic structure is a 

GM and SDOF period specific quantity. We obtain Fy 

for a given R value for each record in the dataset 

(constant-R approach) to account for the large 

variability of the GM features (e.g., in terms of spectral 

ordinates), to follow. Then, each record is effectively 

applied to SDOF systems with slightly different 

strength characteristics. In contrast, in the 

constant-strength approach – not used in this study – a 

constant, ''average'' value of Fy (for example based on a 

given matched target spectrum) is used, for each period 

and R value, to assess the effect of different sets of 

accelerograms on the same structure. 

 Hysteretic behavior: two hysteretic behaviors are 

considered in this study, i.e., non-degrading and 

non-evolutionary, and degrading and evolutionary. A 

non-degrading elastic-plastic with positive 3% 

strain-hardening (EPH) model represents the 

non-degrading and non-evolutionary SDOF system 

The degrading and evolutionary SDOF system (ESD) 

comprises a -10% strain-hardening (10% softening) 

and a residual strength of 0.1 Fy. The simple 

peak-oriented model is considered to account for the 

cyclic stiffness degradation while strength cyclic 

deterioration is not considered (Ibarra et al., 2005). All 

ESD systems have ductility before reaching the 

residual strength, evaluated as the ratio between 

ultimate displacement (u) and yielding displacement 

(y) in the backbone curve, i.e., a ductility limit, equal 

to 10. A mass-proportional viscous damping coefficient 

corresponding to a 5% critical damping ratio is used 

and kept constant throughout the time history analyses. 
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Figure 2  Ratios of the medians (a) and standard deviations (b) of the elastic displacement spectra for simulated GMs to the 

corresponding quantity computed for the recorded GMs. 

 

Two representations of SDOF response, engineering 

demand parameters (EDP), are considered in this 

investigation: inelastic displacement (inelastic), and 

equivalent number of cycles (Ne). These two parameters are 

considered to investigate both the peak displacement 

demand, and the cyclic seismic response; in particular, Ne is 

a parameter that well-captures the effects of GM potential 

with respect to structural response in terms of dissipated 

hysteretic energy. 

Given the adopted constant-R approach, inelastic is 

computed, for each GM, from the dynamic response of the 

considered SDOF systems (characterized by given values of 

T and R) having specific levels of yielding strength relative 

to the strength required to maintain the system elastic (peak 

elastic base shear) as shown in Equation (1), where m is the 

mass of the system and Sa is the spectral acceleration 

corresponding to the considered GM at the same period (i.e., 

considering system with same mass and initial stiffness).  
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Ne is given by the cumulative hysteretic energy (EH), 

evaluated as the sum of the areas of the hysteretic cycles (not 

considering the contribution of viscous damping) 

normalized with respect to the largest cycle, evaluated as the 

area underneath the monotonic backbone curve from the 

yielding displacement to the peak inelastic displacement, 

(Aplastic), see Equation (2). 

 

 H
e

plastic

E
N

A
    (2) 

 

Values of Ne close to 1 show the presence of a large 

plastic cycle in the non-linear response, while high values of 

Ne are indicative of the presence of many plastic cycles; Ne 

generally decreases with the period in the short period range 

and increases with R (Manfredi, 2001).  

In addition, Ne varies largely depending on the GMs 

features, from values close to 1 for impulsive earthquakes to 

value of about 40 for long-duration earthquakes. 

 

 

4.  RESULTS AND DISCUSSIONS 

 

All GMs (recorded and simulated) selected for each 

earthquake event are used as input for NLDA applied to all 

the SDOF systems considered, yielding a total of 36,000 

NLDAs performed. Only horizontal component of GMs (i.e., 

north-south, NS, and east-west, EW) are used, while the 

vertical component is neglected. The spectral responses for 

the two horizontal components at each station are computed 

and then combined into an “average” spectral response by 

using the geometric mean. For each earthquake and each 

EDP (inelastic and Ne), the median value (i.e., the exponential 

of the mean of the natural log of the EDP across all the 

available stations) for the synthetic records divided by the 

median value for the real dataset is computed and plotted 

across the considered period range (for different R values). A 

ratio above unity, if statistically significant, means 

overestimation of response by simulations, and the opposite 

if smaller than one. For instance, a ratio of the medians of 

inelastic obtained using synthetics and recorded motions 

larger than one indicates that the synthetic records tend to 

produce, on average, systematically more damaging 

nonlinear spectral displacements than real records. 

Conversely, deviations below unity indicate that the 

simulated records tend to be, on average, more benign in 

producing nonlinear responses than those in nature.  

In order to provide a measure of inherent intra-event 

variability in the simulations compared to that of real GMs, 

the ratio of the standard deviation (of the natural log of the 

data) for simulated and recorded GMs (for all sites and 

distances in a given earthquake) is plotted as a function of 

the period and R. A line above unity means relatively more 

record-to-record variability produced by simulated GMs 

whereas the opposite is true for a line below one.  

A direct comparison of response statistics is acceptable 

as the simulated datasets are developed to match exactly the 

same earthquakes and site conditions (i.e. at the same 

stations) of the real recordings.  
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Figure 3  Ratios of the medians [(a), (b)] and standard deviations [(c), (d)] of the inelastic spectra (in terms of inelastic and 

Ne) for simulated GMs to the corresponding quantity computed for the recorded GMs for the Imperial Valley earthquake 

(EPH model). 

 
Figure 4  Ratios of the medians [(a), (b)] and standard deviations [(c), (d)] of the inelastic spectra (in terms of inelastic and 

Ne) for simulated GMs to the corresponding quantity computed for the recorded GMs for the Loma Prieta earthquake 

(EPH model). 
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Figure 5  Ratios of the medians [(a), (b)] and standard deviations [(c), (d)] of the inelastic spectra (in terms of inelastic and 

Ne) for simulated GMs to the corresponding quantity computed for the recorded GMs for the Landers earthquake 

(EPH model). 

 
Figure 6  Ratios of the medians [(a), (b)] and standard deviations [(c), (d)] of the inelastic spectra (in terms of inelastic and 

Ne) for simulated GMs to the corresponding quantity computed for the recorded GMs for the Northridge earthquake 

(EPH model). 
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Figure 7  Percentages of hypothesis test rejections ( = 0.05) for the EPH systems; (a) inelastic results and (b) Ne results. 

 

4.1  Comparison between statistical measures of elastic 

response spectra 

Elastic response spectra provide succinct features of 

peak response of linear elastic SDOF systems to strong GMs 

and are very often used as seismic intensity measure for a 

broad range of purposes. For each of the four events 

considered in this study, the median value of the elastic 

displacement spectral ordinates for the simulated records 

divided by the median value for the recorded dataset is 

computed and plotted across the considered period range in 

Figure 2a. In this figure, “IV” represents the Imperial Valley 

event with a green line and inverted triangles markers, “LP” 

represents Loma Prieta event with a red line and circle 

markers, “LAN” represents Landers event with cyan line 

and square marker, and “NOR” represents Northridge event 

with magenta line and horizontal triangle markers. In general, 

the elastic spectra of the simulated waveforms agree 

reasonably well with the observations.  

In particular, in the case of the Imperial Valley and the 

Northridge earthquakes, the model bias (i.e., the departure of 

the considered ratio from unity) is near zero (< +20%) for all 

components across the entire bandwidth indicating that 

simulations are accurately reproducing the main 

characteristics of the observed GMs, with a slight 

overestimation. The comparison for the Landers event 

exhibits a larger model bias (about 40%) across the 

frequency range (1.5s-5s). Hypothesis tests (to follow) do 

not confirm these differences to be statistically significant. In 

the case of the Loma Prieta event, some differences are 

evident around the period of 2s; nevertheless, again, 

hypothesis tests (to follow) confirm these differences are not 

statistically significant.  

From inspecting the graphs in Figure 2a, it is clear that 

not only the median spectral amplitudes but also shapes of 

the response for simulated GMs can be different than the 

median response spectrum from the real recordings. In fact, 

any trend across period in the median ratios shown in Figure 

2a that departs from a horizontal line suggests that the elastic 

spectra generated by the synthetic model have, on average, a 

different shape than those produce by nature. The difference 

in spectral shape is large especially for Loma Prieta and 

Landers events, for a wide range of periods. 

Except for the Imperial Valley event, the standard 

deviations of the spectra of the real records are generally 

larger compared to the simulated GMs, particularly at the 

shorter periods (Figure 2b). This trend of relatively low 

intra-event variability in the simulations has been noted 

previously by Star et al (2011). Seyhan et al (2012) have 

recently proposed a revision to the simulation approach that 

incorporates greater stochastic variability in the high 

frequency portion to address this issue, although this 

revision has not yet been applied to the simulations 

considered in the current analysis. In the case of the Imperial 

Valley event, the standard deviation of response of simulated 

records are larger than those of recorded ones across the 

entire period range (the considered ratio is almost constant 

and above the unity). This can be likely attributed to the 

presence in the simulated dataset of GMs featuring strong 

coherent velocity pulses and then large elastic response, as 

discussed in the following. 

The differences in the elastic response between the 

simulated and real records have an influence on the 

nonlinear response statistics at all strengths levels. 

 

4.2  Comparison between statistical measures of 

inelastic response spectra 

Figure 3a shows the ratio of the median spectrum in 

terms of inelastic from the simulated GMs to the median 

spectrum (again in terms of inelastic) from the recorded GMs 

for Imperial Valley and EPH model; Figure 3b shows the 

same ratio in terms of Ne. Figure 3c shows the ratio of the 

standard deviations of the data in terms of inelastic from the 

simulated GMs to the standard deviation of the data (again 

in terms of inelastic) from the recorded GMs; Figure 3d 

shows the same ratio in terms of Ne. Figures 4-6 are 

developed in the same fashion as Figure 3, for the Loma 

Prieta, Landers and Northridge events respectively (results 

for the ESD model are not shown to save space; similar 

observations can be drawn for this case). 

Looking at post-elastic response, bias in estimation of 

seismic response of SDOF systems depends on the 

considered earthquake event, period, and strength level. 

Results are very similar for both EPH and ESD systems, 

although, in the case of ESD systems the differences are 

slightly larger and more R dependent. Systematic deviations 

seem to be concentrated in the zone of semi-stochastic 

simulation (at very short periods), around 1s, for some cases, 

and at the very long periods (especially at high nonlinearity 
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levels). The fact that bias in terms of peak response is close 

to zero in the moderate-long periods part of the inelastic 

spectra is essentially the result of the equal displacement rule 

(Veletsos and Newmark, 1960), quite well observed for both 

recorded and simulated GMs. The observed differences at 

given periods are likely due to systematic differences in the 

average shape around those periods of the linear response 

spectra generated by synthetic and by real GMs. When the 

response of an SDOF systems becomes severely nonlinear, 

its effective vibration period lengthens significantly, 

especially at short periods, and, therefore, it becomes 

dependent on the frequency content of the record in a fairly 

large bandwidth and not only in the neighborhood of the 

initial elastic natural period of vibration. 

As in the elastic case, simulated records tend to produce 

nonlinear demands that are often less variable (i.e., lower 

intra-event variability is observed) compared to those caused 

by real records, although some exceptions exist. From a 

practical standpoint, if an engineer seeks to design a new 

structure or assess the safety of an existing one against 

collapse, the use of simulated records that tend to generate 

less variable response would underestimate the likelihood of 

extreme response values and, therefore, the probability of 

collapse. The relative variability of nonlinear demands to 

simulated and recorded GMs is model-dependent and varies 

with the structural period, the level of nonlinearity, and the 

considered earthquake event.  

 

4.3  Statistical significance of the difference between 

SDOF demands to simulated and recorded historical 

motions 

As in Iervolino et al. (2010), parametric hypothesis tests 

are performed to quantitatively assess the statistical 

significance of the results found in terms of median response 

(for each oscillation period in the considered range, each R 

value and each nonlinear model) to recorded and simulated 

GMs; i.e., to asses if the ratios analyzed in the previous 

section differ systematically from one. Hypothesis tests are 

performed for both peak and cyclic EDPs, assuming a 

lognormal distribution for both the response parameters of 

interest, inelastic and Ne. This distribution assumptions are 

checked with the Shapiro-Wilk (Shapiro and Wilk, 1965) 

test and could not be rejected at the 95% significance level. 

A similar parametric hypothesis test has been performed in 

terms of comparison between variances for the two datasets 

(recorded and simulated) corresponding to each earthquake. 

The results, not reported here for the sake of brevity, confirm 

that the differences discussed in the previous sections in 

terms of record-to-record variability may be statistically 

significant, as expected by the visual inspection of Figures 

3-6. 

The null hypothesis is that the median EDPs for 

simulated GMs is equal to those from recorded GM. To this 

aim, a two tails Aspin-Welch (Welch, 1938) test is preferred 

to the standard Student t-test as the former does not require 

the assumption of equal, yet still unknown, variances of 

populations originating the samples (an unreasonable 

assumption given the results found in the previous section, 

i.e., the natures of the compared record classes). The 

statistical test employed is reported in Equation (3), in which 

zx and zy are the sample means, sx and sy are the sample 

standard deviations and m and n are the sample sizes (in this 

case always equal for each earthquake).  
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The test statistic, under the null hypothesis, has a 

Student t-distribution with the number of degrees of freedom 

given by Satterthwaite’s approximation (Satterthwaite, 

1941). 

Hypothesis tests confirm that the only period range 

where the ratios in terms of inelastic significantly (assuming a 

95% significance level) differ from one is approximately 

between 1s and 2.5s for Loma Prieta earthquake. In terms of 

Ne, the period ranges where the considered ratios 

significantly differ from one are approximately: between 

0.1s and 1.5s for Loma Prieta and EPH model; between 0.3s 

and 2.5s for Northridge and EPH model and 0.1 and 3s for 

Northridge and ESD model. In the other cases, the rejections 

are sparse and randomly distributed in the whole periods 

range. 

In order to summarize the hypothesis tests results and 

draw conclusions, percentage of hypothesis tests rejections 

(assuming a 95% significance level) are shown in Figures 7 

for each pair (T, R), for EPH system and for inelastic and Ne,, 

respectively. In computing these percentages, all the 

earthquakes are considered together. Based on these figures, 

tests have shown a statistical significance of the bias of 

simulated records in terms of inelastic displacement only at 

very short periods and between 1s and 2.5s, for all the 

considered nonlinearity levels. The differences in this latter 

periods range are likely due to the large differences in both 

absolute and relative amplitudes (i.e., the shape) of elastic 

response for Loma Prieta and Landers events. In terms of 

equivalent number of cycles, the differences found have 

statistical significance in the short periods range (< 2s), 

especially in the case of ESD systems (not shown here), with 

some other sparse rejection for very long periods. In general, 

these results confirm the considerations based on the visual 

inspection of Figures 3-6. In some cases, the limited sample 

size and the relatively large variability prevent us from 

stating that the median inelastic spectra (in terms of both 

inelastic and Ne) generated by simulated GMs are 

systematically different than those produced by recorded 

GMs at the two customary significance levels (i.e., 5% and 

10%).  

 

4.4  Effect of ID 

Empirical observations and analytical studies show how 

cyclic structural damage is related to energy released during 

ground shaking, and then, to the duration of GM. 
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Figure 8  Ne versus ID ratio for R = 8 and different T values (ESD systems). 

 

Table 1  Average values of ID for the considered datasets 

 Simulated Recorded 

Imperial Valley 6.8 7.8 

Loma Prieta 7.1 8.6 

Landers 12.9 16.2 

Northridge 11.2 9.7 

 

Table 2  Number of FN GMs identified as pulse-like using the classification procedure proposed by Baker (2007) 

 Simulated Recorded Both 

Imperial Valley 12 14 12 

Northridge 5 6 3 

 

Each accelerograms has been processed to evaluate its 

characteristics in terms of the so-called Cosenza and 

Manfredi index (ID) (Manfredi, 2001). This dimensionless 

index ID has proven to be a good proxy for cyclic structural 

response (Iervolino et al., 2006); it is defined in Equation (4) 

where a(t) is the acceleration time-history, tE is the total 

duration of the seismic event, and PGA and PGV are the 

peak ground acceleration and velocity respectively. 
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In Figure 8, the Ne values for recorded and simulated 

datasets are plotted as a function of ID for four selected 

periods (0.5s, 1s, 3s, and 7s) and for R = 8; all the 

earthquakes are considered together in the panels of Figure 8. 

For the sake of brevity and based on the findings of the 

previous sections, only results for ESD systems are 

presented (result for EPH systems are substantially 

equivalent). The estimated linear regressions (dotted red and 

black lines for recorded and simulated GMs respectively) are 

also reported in Figure 8.  

Figure 8 reveals that both the level and trend of the 

observed values (i.e. Ne to recorded GMs) as a function of ID 

are matched well by the simulation. Moreover, it is possible 

to note a fairly good correlation between the two parameters, 

confirming that differences in cyclic response are predictable 

looking at the integral (duration-related) intensity measures, 

characterizing each record (e.g., Iervolino et al, 2006). 

Table 1 reports average values of ID for each dataset. 

These values summarize to explain the differences found in 

terms of general underestimation (Imperial Valley, Loma 

Prieta and Landers) and overestimation (Northridge) by 

simulation, in terms of Ne. 
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4.5  Presence of pulse-like records.  

In the case of an earthquake, ground motion recorded at 

near-source sites may be subjected to rupture directivity 

effects which result in a low frequency full cycle velocity 

pulse at the beginning of the signal. The occurrence of this 

effect depends on the rupture process, on the geometrical 

configuration of the fault and the site and other factors, 

Somerville et al., 1997. 

Elastic demand amplitude of pulse-like signals is 

generally larger than that of ordinary recordings, particularly 

concerning the fault-normal (FN) direction; also the spectral 

shape is non-standard with an increment of spectral 

ordinates in the range around the pulse period (Chioccarelli 

and Iervolino, 2010). 

NGA records, were classified as pulse-like and 

non-pulse-like by Baker (2007) via a wavelets-based 

algorithm, which assigns a score, a real number between 0 

and 1, to each record and determines the pulse period (Tp). 

The larger the score the more likely the record is to show a 

pulse. Only the FN ground motions having a pulse score 

equal to or larger than 0.85 were, arbitrarily, counted as 

pulse-type records. In particular, according to Baker's study, 

Imperial Valley and Northridge events present several GMs 

classified as pulse-like, i.e., 15 and 11 respectively, while 

Loma Prieta and Landers feature only 4 and 3 pulse-like 

GMs.  

In this section, the algorithm proposed by Baker is 

applied to the recorded and simulated datasets for Imperial 

Valley and Northridge events in order to investigate possible 

differences in terms of pulse-like GMs and then possible 

sources of the differences found in the previous sections in 

terms of structural response. For each earthquake and each 

dataset, horizontal components have been rotated into 

fault-parallel (122° azimuth for Northridge, 143° azimuth for 

Imperial Valey) and fault-normal (212° azimuth for 

Northridge, 233° azimuth for Imperial Valley) orientations.  

Table 2 reports, for each earthquake, the number of 

identified pulse-like records in the recorded dataset (this 

number is slightly different from that reported in Baker 

because here only a subset of NGA stations has been 

considered for each event), in the simulated dataset and the 

number of records classified as pulse-like in both datasets. 

Table 2 shows that simulations for Imperial Valley reproduce 

well the number of pulse-like GMs in the recorded dataset 

(12/14) while for Northridge only 3/6 GMs are classified as 

pulse-like in both datasets (two additional GMs are 

identified as pulse-like in the simulated dataset and not in the 

NGA). Analysis shows that some significant differences 

exist in the values of Tp even for the GMs classified as 

pulse-like in both datasets: in the case of Imperial Valley, Tp 

values for the recoded dataset are, on average, 25% larger 

than Tp values in the simulated dataset; for Northridge Tp 

values for the simulated dataset are, on average, 31% larger 

than Tp values in the recorded dataset (but this percentage is 

computed on only 3 GMs). These discrepancies can likely 

explain the differences found in comparing structural 

response and its variability to simulated and recorded GMs 

at least for these two events. In particular, in the case of 

Imperial Valley, the simulations likely tend to produce 

stronger directivity effects on ground motion amplitudes 

than they should (because of too strong coherence in the 

rupture descriptions) with large variance. Generally, it is 

difficult to quantify/calibrate this since directivity effects 

seem to be underestimated by current empirical models due 

to the scarcity of recordings. The pulse-period classification 

of Baker (2007) gets at part of this issue, but it does not 

really address the amplification due to directivity. 

It is evident that strong directivity effects in the 

simulations require more study. This is needed for validation, 

and the simulations may also help refine directivity 

prediction models. 

 

 

5.  CONCLUSIONS 

 

In this study, simulated and recorded GMs were 

compared in terms of elastic and post-elastic seismic peak 

and cyclic response. This was pursued by considering SDOF 

systems with two different force-displacement backbones 

and hysteretic rules at different nonlinearity levels and for 

several fundamental periods. The inelastic displacement 

ratio and the equivalent number of cycles response of 144 

systems were analyzed with respect to recorded and 

simulated GMs for four historical earthquakes: 1979 Mw = 

6.5 Imperial Valley, 1989 Mw = 6.8 Loma Prieta, 1992 Mw = 

7.2 Landers, and 1994 Mw = 6.7 Northridge.  

Results of this study show, in the context of the SDOF 

systems used, that simulation matches well the median peak 

seismic demands produced by recorded GMs and that 

observed differences are generally not statistically significant 

across the entire frequency bandwidth. However, for certain 

structural systems, simulated accelerograms may produce 

median inelastic demand different from a similar estimate 

using corresponding recorded motions. In particular, the 

simulation appears to be biased especially in the transition 

area between semistochastic and deterministic simulation for 

the Loma Prieta event (around 1s). The observed differences 

are due to systematic differences in the average shape 

around those periods of the linear response spectra generated 

by synthetic and by real GMs.  

Also in terms of cyclic response some differences are 

observed, again mostly in the short periods range where the 

simulation is semistochastic. The discrepancies found in 

terms of median demands and their variability depend on the 

considered earthquake, the structural period, the 

non-linearity level and the hysteretic model used, although 

without any clearly systematic trends. However, it worth 

nothing that, as well known, the cyclic response differences 

could be predicted by some integral parameters of GM. 

Some differences exist in the number of pulse-like GMs 

in the simulated dataset (with respect to the recorded one for 

the same earthquake) and in the values of pulse periods for 

these records, confirming that strong directivity effects in the 

simulations require more study. 

The results of this study are directly relevant to the 

engineering community establishing validated reference sets 

- 370 -



 

 

of synthetically generated broadband GM, and they may 

also provide feedback for seismologists who generate 

simulated GMs for engineering applications. 
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Abstract:  We performed 3-D finite difference simulations of long-period ground motions (2-10 s) in the Kanto basin 
using the 2009 J-SHIS model and Yamada and Yamanaka (2011) (YY) model for two moderate earthquakes (Mw 5.8 and 
5.9) which occurred at intermediate depths (~70 km) beneath the Kanto basin. We compared the observed and synthetic 
waveforms, their Fourier spectra, and the spatial distribution of the PGVs for the two models. Based on the 
goodness-of-fit (gof) values derived from the PGVs and Fourier spectra using the algorithm of Olsen and Mayhew (2010), 
we have drawn the following conclusions. More than 95% of the sites belong to the fair fit and above for both the models 
for the 2005 event, and 85% for the 2011. The J-SHIS and YY models give one class high gof values at about 20%, and 
15%, respectively, of about 600 sites used in this study, suggesting that one model performs better than the other at those 
sites. On the other hand, both the models need to be revised further because majority of sites (~50%) belong to the fair fit 
and lower classes for both the models. 

 
 
1.  INTRODUCTION 

 

Many urban areas with a large population and 

long-period structures such as high-rise buildings and large 

oil-storage tanks, which are susceptible to long-period 

ground motions, are located today on the deep sedimentary 

basins. The 3-D velocity structure of the sedimentary basins 

greatly controls the amplitude and duration of long-period 

ground motions during large earthquakes. Many institutes 

are involved in constructing and updating the 3-D velocity 

structure model of the deep sedimentary basins for the 

seismic disaster mitigation planning in Japan (e.g., Koketsu 

et al., 2008). As a result, several 3-D velocity models have 

been proposed for the Kanto basin, which is the largest basin 

in Japan. Although the objective of constructing such models 

is to accurately predict the long-period ground motions, the 

models are different because they have been constructed 

using different data sets. 

The 2009 J-SHIS model for the deep sedimentary 

layers of the Kanto basin was reconstructed using diverse 

suite of data: the geological data, seismic reflection and 

refraction surveys, gravity surveys, H/V inversions, deep 

borehole profiles, and layer boundaries estimated by 

microtremor exploration method (e.g., Tanaka et. al., 2005. 

Fujiwara et al., 2006). On the other hand, Yamada and 

Yamanaka (2011) introduced a new model (hereafter YY 

model) for the deep sedimentary layers of the Kanto basin 

based on the Rayleigh wave phase velocities at periods from 

0.5 to 5 s deduced from the microtremor array observations 

at more than 250 sites in the area. The YY model is an 

updated version of their previous model (Yamanaka and 

Yamada, 2006) with the addition of results from about 50 

new microtremor survey sites. There exist also other velocity 

models of the Kanto basin based on refraction data (Koketsu 

and Higashi, 1992) and geological data (Suzuki, 1996). The 

major differences of these models are in the configuration of 

layer boundaries and the sediment-basement interface 

geometry. In particular, the depth to the seismic basement in 

YY model is shallower than that in the other models 

(Yamada and Yamanaka, 2001; see Fig. 1). Figure 1 depicts 

depths to the top of second, third and fourth layers in the 

J-SHIS and YY models.  

In this paper, we select the 2009 J-SHIS model and the 

YY model to test their performance for the long-period 

ground motion simulation. We simulate waveforms in the 

period range of 2 to 10 s (0.1 ~ 0.5 Hz) for two moderate 

magnitude intermediate depth earthquakes (Mw ~5.9, depth 

~70km), which occurred beneath the Kanto basin, using a 

3-D finite difference method. Finally we discuss the 

performance of the two models by quantitative comparison 

of the synthetics against the observed ones at about 600 and 

450 sites for the 2005 and 2011 events, respectively, 

recorded by the K-NET, KiK-net, and SK-net. 

 

 

2.  VELOCITY MODEL PARAMETERS  

 

The J-SHIS model consists of four layers having 
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S-wave velocities of 0.5, 0.9, 1.5, and 2.7 km/s above the 

seismic basement having an S-wave velocity of 3.2 km/s 

(Table 2). The YY model consists of three sedimentary 

layers above the seismic basement having an S-wave 

velocity of 3.0 km/s. The top layer has a variation of S-wave 

velocities ranging from 0.3 to 0.8 km/s. The second and third 

layers have S-wave velocities of 1.0 and 1.5 km/s, 

respectively (Table 1). We consider the layer having an 

S-wave velocity of 3 to 3.2 km/s as seismic basement.  The 

„variable‟ for the depth parameter in Tables 1 and 2 indicates 

that the thickness of a layer is not uniform in the model 

region. The depth to the top of fourth, third, and second 

layers in the J-SHIS and YY models are displayed in Fig. 1. 

For the layers deeper than the seismic basement, we use a 

simplified 1-D velocity model after Ashiya et al. (1987) and 

Ishida (1992) as shown in Table 3. 

 

Table 1. Material Parameters in the YY Model 

 

No. Vp 

(km/s) 

Vs 

(km/s) 

Density 

(g/cm3) 

Depth 

(km) 

Qp, 

Qs 

1 1.7-2.2 0.3-0.8 1.78-2.01 0.00 100 

2 2.40 1.00 2.10 variable 100 

3 3.20 1.50 2.25 variable 150 

4 5.60 3.00 2.50 variable 300 

 

Table 2. Material Parameters in the J-SHIS Model 

 

No. Vp 

(km/s) 

Vs 

(km/s) 

Density 

(g/cm3) 

Depth 

(km) 

Qp, 

Qs 

1 1.80 0.50 1.90 0.00 60 

2 2.40 0.90 2.05 variable 100 

3 3.20 1.50 2.25 variable 150 

4 5.00 2.70 2.50 variable 200 

5 5.55 3.20 2.65 variable 300 

 

Table 3. Material Parameters for the Crustal and Mantle 

Layers 

 

No. Vp 

(km/s) 

Vs 

(km/s) 

Density 

(g/cm3) 

Depth 

(km) 

Qp, 

Qs 

1 6.00 3.30 2.70 5.00 500 

2 6.80 3.74 2.90 14.00 600 

3 7.60 4.18 3.20 27.00 1000 

4 8.10 4.50 3.40 60.00 1000 

5 8.30 4.57 3.50 70.00 1000 

 

3.  EARTHQUAKE SOURCE PARAMETERS 

 

We selected two earthquakes having magnitude Mw 

5.8~5.9 and focal depth of 68 ~80 km beneath the Kanto 

basin. The epicenters of the events are shown in Fig. 1. The 

earthquake source parameters used in this study are 

summarized in Table 4. We used the hypocenter location 

determined by Japan Meteorological Agency and the focal 

mechanism and seismic moment parameters determined by 

F-net. We assumed a point source model for each earthquake. 

We estimated rise times of 1.85 and 0.85 s for the 2005 and 

2011 events, respectively, by taking the average of S-wave 

velocity pulse widths recorded at several rock sites nearby to 

the basin boundary. We used a triangle shaped moment rate 

function for the waveform simulation. 

Figure 1. Maps displaying the depth to the top of layers in 

the J-SHIS (upper panel) and YY (lower panel) models. The 

S-wave velocity for a layer is shown at the top of each map. 

A dashed line in the lower panel maps denotes the basin 

edge at the surface adopted in the YY model. The stars 

denote the epicenters of the events used in this study. 

 

Table 4. Earthquake Source Parameters  

 

Event 

No. 

Date and 

Time 

Strike 

/Dip/Rake 

(°) 

Depth 

(km) 

Rise 

Time 

(s) 

Mo  

(1023) 

(dyne.cm) 

1 2005/07/23 

16:35 

165/28/69 68.0 1.85 91.1 

2 2011/04/16 

11:19 

162/24/37 80.0 0.85 50.2 

 

 

4.  WAVEFORM SIMULATION METHOD 
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We applied the staggered-grid finite difference method 

(Graves, 1996), with fourth-order accuracy in space and 

second-order accuracy in time, for the 3-D simulation. This 

scheme is used to solve the stress-velocity equations of 

elastic wave propagation in a heterogeneous medium. 

Because the selected events are rather deep (~ 70 km), we 

apply a combination of the discontinuous (Aoi and Fujiwara, 

1999) and non-uniform spacing of grids (Pitarka, 1999) to 

optimize computing time and memory. We divide the model 

region into three grid zones, namely the upper, middle, and 

lower grid zones, with different grid spacing. The upper and 

middle grid zones consist of grids with a uniform spacing of 

0.1 and 0.3 km, respectively, in all three directions of the 

model region. The lower grid zone consists of grids with a 

spacing of 0.3 km in the horizontal direction and 0.6 km in 

the vertical direction. The upper grid zone with a fine 

spacing of grids extends to a depth of 5 km; this zone 

encompasses the deep sedimentary layers of the J-SHIS and 

YY models. The middle grid zone includes the earthquake 

source. We implement the moment tensor source 

formulation that uses stress components (Pitarka, 1999). The 

third grid zone, with wider spacing in the vertical direction, 

encompasses the model region beneath the earthquake 

source. The absorbing boundary condition of Clayton and 

Engquist (1977) and non-reflecting boundary condition of 

Cerjan et al. (1985) are implemented to eliminate artificially 

reflected waves from the side and bottom boundaries of the 

model region. 

We consider a horizontal free-surface for the waveform 

simulation. We remove the upper portion of the surrounding 

mountains above an elevation of 500 m, and shift the layers 

down to form the flat surface. By doing this we preserve the 

effect of shallow subsurface structure on the basin. This 

applies to the J-SHIS model. The layers start at 0 m level in 

the YY model. On the other hand, the velocity layers, which 

lie beneath the water surface areas, are shifted up to 

construct the horizontal free-surface. 

According to Levander (1988), at least 5 grid points per 

wavelength are required for fourth order accuracy in the 

finite difference method. This condition gives us simulation 

results applicable to the maximum frequency of about 0.5 

Hz for our grid formulation. We apply a bandpass filter at 

frequencies 0.1 to 0.5 Hz to the observed and synthetic 

ground motions for the waveform comparison. We use a 

time increment of 0.008 s, which satisfies the stability 

condition of the finite difference method for the entire grid 

used in our grid formulation (e.g., Aoi and Fujiwara, 1999). 

 

 

5.  RESULTS 

 

In this study, observed records at more than 400 stations 

are available in the Kanto basin for the waveform 

comparison for both the 2005 and 2011 events. First, we 

compare the peak ground velocities (PGVs) between the 

observed and synthetic seismograms at all sites at different 

frequencies using bandpass filter. Next we plot waveforms 

and Fourier spectra at only selected sites because the 

available space does not allow us to present the entire 

waveform plots in this paper. We describe the goodness of fit 

between the observed and synthetic seismograms in the next 

section. 

Figure 2 displays the observed and synthetic PGVs 

obtained by applying a bandpass filter to the seismograms at 

frequencies, 0.1 to 0.5 Hz, for the 2005 event using the 

J-SHIS and YY models. In general both the models 

reproduce the general distribution pattern of the observed 

PGVs. However, it appears that in the central and 

north-north-east areas, the J-SHIS model describes the 

distribution of the observed PGVs better than that from the 

YY model. On the other hand, it is opposite to the western 

basin edge and north-west areas. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2. Spatial distribution of PGVs for the 2005 event 

(No. 1 in Table 4) at frequencies 0.1 to 0.5 Hz. A star denotes 

the epicenter of the event. The upper, middle, and lower 

panels display the PGVs for the observed seismograms, and 

synthetics using the J-SHIS, and YY models, respectively. 

The thick lines in each map denote the basin edge at the 

surface adopted in the YY model. 

 

The PGVs shown in Fig. 2 are mainly contributed by 

the high frequency side of the bandwidth, 0.1-0.5 Hz, of the 

bandpass filter. Thus it masks the distribution pattern of 

PGVs at lower frequencies. Therefore, it is interesting to see 

the spatial distribution of the PGVs at lower frequencies. In 

Fig. 3, we show the spatial distribution of PGVs obtained by 

applying a bandpass filter at frequencies, 0.1 to 0.2 Hz. In 

the figure, we can see that both the models perform similarly 

in reproducing the observed PGVs in most areas. However, 

- 375 -



the observed distribution of PGVs in the east-east-north of 

the epicenter is better explained by the YY model than the 

J-SHIS model. This feature is not clear in Fig. 2. 

Figure 4 displays the observed and synthetic PGVs 

obtained by applying a bandpass filter to the seismograms at 

frequencies, 0.1 to 0.5 Hz, for the 2011 event using the 

J-SHIS and YY models. In general for this event also, both 

the models reproduce the general distribution pattern of the 

observed PGVs. However, it can be seen that both the 

models tend to overestimate the observed PGVs in the 

central area of the model region. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3. Spatial distribution of PGVs for the 2005 event 

(No. 1 in Table 4) at frequencies 0.1 to 0.2 Hz. A star denotes 

the epicenter of the event. The upper, middle, and lower 

panels display the PGVs for the observed seismograms, and 

synthetics using the J-SHIS, and YY models, respectively. 

The thick lines in each map denote the basin edge at the 

surface adopted in the YY model. 

 

We show the spatial distribution of the observed and 

synthetic PGVs obtained by applying a bandpass filter to the 

seismograms at frequencies, 0.1 to 0.2 Hz, for the 2011 

event in Fig. 5. Different from Fig. 4, it can be seen that both 

the models tend to underestimate the observed PGVs in the 

west of the central Tokyo bay area. This is much clear on the 

EW-components. This feature was not clear in the 2005 

event; both the models reproduced the observed distribution 

of the PGVs. This may indicate a different response of the 

sedimentary layers depending on the azimuth and incident 

angle of the incoming wave. 

We show a comparison of the observed and synthetic 

waveforms in Figs. 7 and 9 for the 2005 and 2011 events, 

respectively, at sites shown in Fig. 6. The waveforms are 

bandpass filtered at frequencies 0.1 to 0.5 Hz. It can be seen 

that the waveforms have predominant S-wave amplitudes on 

the EW-components for the events. Therefore, we show the 

Fourier spectra at the sites only for the EW-components in 

Figs. 8 and 10 for the 2005 and 2011 events, respectively.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4. Spatial distribution of PGVs for the 2011 event 

(No. 2 in Table 4) at frequencies 0.1 to 0.5 Hz. A star denotes 

the epicenter of the event. The upper, middle, and lower 

panels display the PGVs for the observed seismograms, and 

synthetics using the J-SHIS, and YY models, respectively. 

The thick lines in each map denote the basin edge at the 

surface adopted in the YY model. 

 

In general, both the models perform similarly in terms 

of reproducing the observed waveforms and Fourier spectra. 

However, at some sites such as at the TKYH11 site in Fig. 8, 

the J-SHIS model reproduces the observed spectrum better 

at frequencies around 0.2 to 0.3 Hz than that from the YY 

model. However, they perform similarly at other frequencies 

at the same site. Similar feature can be seen at the TKY005 

site: at frequencies 0.1 to 0.2 Hz, the YY model reproduces 

the observed spectrum better, while at frequencies 0.3 to 0.4 

Hz, the J-SHIS model excels. The observed peak PGV at the 

TKY005 site is closer to that from the YY model than that 

from the J-SHIS model. At these sites, the PGVs are 

generally higher from the J-SHIS model than those from the 

YY model.  

At most sites, the later phases (basin-generated surface 

waves) are well reproduced by both the models. However, 
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the arrival time of some dominant phases are different; such 

as at the TKY.1090 site, the large amplitude surface waves 

arrives faster in the J-SHIS model, while these phases are 

not clear at the site in the case of YY model. The large 

difference on the amplitudes of the S-waveforms at the 

CHB012 for the 2005 event is due to the effect of radiation 

pattern of S-waves (Figs., 7, 8). This effect can‟t be seen on 

the synthetic S-waveforms at the site for the 2011 event 

(Figs. 9, 10). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 5. Spatial distribution of PGVs for the 2011 event 

(No. 2 in Table 4) at frequencies 0.1 to 0.2 Hz. A star denotes 

the epicenter of the event. The upper, middle, and lower 

panels display the PGVs for the observed seismograms, and 

synthetics using the J-SHIS, and YY models, respectively. 

The thick lines in each map denote the basin edge at the 

surface adopted in the YY model. 

 

 

6.  GOODNESS OF FIT 

 

In this paper, we obtain the goodness-of-fit (gof) factor 

between the observed and synthetic waveforms using the 

complementary error function of a normalized residual (z) as 

shown below (Olsen and Mayhew, 2010). 

 

                                                   

 

 

where  

 

where obs and syn denote the values of the observed and 

synthetic parameters to be compared. The parameters used 

in this study are the PGVs obtained for seismograms 

bandpass filtered at 0.1-0.2 Hz, 0.1-0.3 Hz, and 0.1-0.5 Hz, 

respectively, and Fourier spectral amplitudes averaged in a 

narrow band of 0.1 Hz with central frequencies of 0.2, 0.3, 

and 0.4 Hz, respectively. 

We calculated the gof values for each component of the 

seismograms for the PGVs and Fourier spectra defined 

above. Next we take average of the gof values for the three 

components at each site. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 6. Map showing the location of the sites for the 

waveform comparison. The circles denote the sites; the site 

codes are indicated near the circles. The stars denote the 

epicenters; the beach balls connected to the epicenters 

denote the focal mechanisms of the events. 

 

Olsen and Mayhew proposed the following 

classification of the gof values: 80-100 excellent fit, 65-80 

very good fit, 45-65 fair fit, and 35-45 poor fit. They 

considered the threshold of 35 below which the fits are 

considered to be too bad. We also adopt the same 

classification scheme of the gof values in this study. Since 

we expressed the gof values within 0 and 1, we multiply the 

gof values obtained in this study by 100 to find the 

appropriate classes of goodness of fit according to Olsen and 

Mayhew. These gof values provide higher resolution 

representation of small misfits compared with those from the 

method of Anderson (2004). Therefore, this is suitable for 

comparing the performance of the two models in this study.  

Figure 11 displays the gof values as a function of 

epicentral distance for the Mw 5.9, 2005 event. The gof 

values for the J-SHIS and YY models are almost similarly 

distributed against the epicentral distances and azimuths.  

The gof values lie within 0.2 and 0.85. Similar results are 

found also for the 2011 event as shown in Fig. 12. 

The distribution of the gof values in different classes are 

depicted in Fig. 13 for the two events. It can be seen that the 
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J-SHIS model gives rise to higher percent of gof values that 

belong to the very good class compared with those from the 

YY model. Nevertheless, it is quite interesting to note that 

about 95% of the sites belong to the fair fit and above for 

both the subsurface velocity models for the 2005 event and 

about 85% sites for the 2011 event. 

 

Figure 7. Observed (black) and Synthetic (blue-J-SHIS, 

red-YY) velocity waveforms for the Mw 5.9 2005 event at 

sites depicted in Fig. 6. Left, middle, and right panels show 

the waveforms for the NS, EW, and UD components, 

respectively. Site codes are shown on the left of the NS 

component observed waveforms. The waveforms are 

bandpass filtered at 0.1–0.5 Hz; they are normalized by the 

maximum observed amplitude at each site. Numbers 

attached to each waveform show the maximum amplitudes 

in cm/s. A number below the site code in the left represents 

the goodness-of-fit (gof) value for the corresponding site 

(see next section for gof value). 

Figure 8. Observed (black) and Synthetic (blue- J-SHIS, red- 

YY) Fourier spectra for the EW-components of the velocity 

waveforms shown in Fig. 7 for the Mw 5.9 2005 event (see 

Fig. 6 for the site locations). 

Figure 9. Observed (black) and Synthetic (blue-J-SHIS, 

red-YY) velocity waveforms for the Mw 5.8 2011 event at 

sites depicted in Fig. 6. Left, middle, and right panels show 

the waveforms for the NS, EW, and UD components, 

respectively. Site codes are shown on the left of the NS 

component waveforms. The waveforms are bandpass 

filtered at 0.1–0.5 Hz; they are normalized by the maximum 

observed amplitude at each site. Numbers attached to each 
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waveform show the maximum amplitudes in cm/s. A 

number below the site code in the left represents the 

goodness-of-fit (gof) value for the corresponding site (see 

next section for gof value). 

 

Figure 10. Observed (black) and synthetic (blue: J-SHIS, 

red: YY) Fourier spectra for the EW components of the 

velocity waveforms shown in Fig. 9 for the Mw 5.8 2011 

event (see Fig. 6 for site locations). 

 

 

Figure 11. Goodness-of-fit (gof) values plotted against the 

epicentral distance for the 2005 event. The left and right 

panels display the gof values for the J-SHIS and YY models, 

respectively. The color bar shows the azimuth of the sites 

used in the comparison. 

 

 

 

 

 

 

 

Figure 12. Goodness-of-fit (gof) values plotted against the 

epicentral distance for the Mw 5.8, 2011 event. See Fig. 11 

for figure captions. The color bar shows the azimuth of the 

sites used in the comparison. 

 

Figure 13. Bar charts showing distribution of the gof values 

in different goodness-of-fit classes: upper (2005 event) and 

lower (2011) event. 

 

 

Figure 14. Bar chart showing distribution of the gof values in 

different goodness-of-fit classes for the 2005 event, after 

excluding sites outside of the basin. 

 

We show the spatial distribution of the sites in each of 

the goodness-of-fit classes for the 2005 event in Figs. 15 and 

16. The spatial distribution of the classes suggests that the 

J-SHIS model performs better in some areas especially in 

the north-west, centre, and east of the basin. However, the 

higher percent of the sites in the very good class for the 

J-SHIS model depicted in Fig. 13 is partly related to the 

higher gof values at sites located outside of the basin. At 

those sites, the gof values are lower for the YY model; the 

YY model does not consider the weathered layers above the 

seismic basement at sites outside the basin. The results after 

excluding sites outside the basin are shown in Fig. 14.  
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The spatial distribution of the sites at different classes 

for the 2011 event is depicted in Figs. 17 and 18. A similar 

distribution to the 2005 event can be seen for this event also. 

The J-SHIS model performs better in the central area of the 

basin. We note that the smaller percent of the sites in the 

higher classes of gof values for the 2011 event in comparison 

to that for the 2005 event is partly related to the less number 

of available sites for the 2011 event. The sites for the 2005 

event covered the model area more densely and uniformly 

(see Figs. 2 and 4). 

 

Figure 15. Spatial distribution of goodness-of-fit (gof) values 

for the Mw 5.9, 2005 event.  The upper and lower panels 

display the distribution for the excellent, very good, and fair 

fit class, for the J-SHIS and YY models, respectively. See 

Fig. 16 for the poor fit and bad classes. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 16. Spatial distribution of the goodness-of-fit (gof) 

values for the Mw 5.9, 2005 event.  The upper and lower 

panels display the distribution for the poor fit and bad 

classes, for the J-SHIS and YY models, respectively. See Fig. 

15 for the fit at the higher classes. 

 

Figure 17. Spatial distribution of goodness-of-fit (gof) values 

for the Mw 5.8, 2011 event.  The upper and lower panels 

display the distribution for the excellent, very good, and fair 

fit class, for the J-SHIS and YY models, respectively. See 

Fig. 18 for the poor fit and bad classes. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 18. Spatial distribution of the goodness-of-fit (gof) 

values for the Mw 5.8, 2011 event.  The upper and lower 

panels display the distribution for the poor fit and bad 

classes, for the J-SHIS and YY models, respectively. See Fig. 

17 for the fit at the higher classes. 

 

 

7.  DISCUSSION AND CONCLUSIONS 

 

We have performed 3-D finite difference simulations of 

long-period ground motions (2-10 s) in the Kanto basin 

using the J-SHIS and Yamada and Yamanaka (2011) models 

for two moderate earthquakes which occurred at 

intermediate depths beneath the Kanto area. We have 

compared the observed and synthetic seismograms, their 

Fourier spectra, and the spatial distribution of the PGVs for 

the two models. Based on the goodness-of-fit values 
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obtained for the PGVs and Fourier spectra at different 

frequencies, we have found the followings. 

Both the models reproduced the general distribution 

pattern of the observed PGVs. About 95% of the sites belong 

to the fair fit and above for both the subsurface velocity 

models for the 2005 event and about 85% sites for the 2011 

event. 

We find that less than 2% of the sites used in this study 

have difference of two classes in the goodness-of-fit class for 

both the models. For the 2005 event, for which more sites 

were used in the analysis, the J-SHIS model gives gof values, 

which belong to one higher class, than those from the YY 

model at about 20% of the sites. On the other hand, the YY 

model gives gof values, which belong to one higher class, 

than those from the J-SHIS model, at about 15% of the sites. 

These results suggest that neither of the two models is 

drastically different from one another, but they can be 

integrated. 

The YY model has been reconstructed using only the 

microtremor exploration data. The above results suggest that 

the microtremor survey method is one of the powerful tools 

for the estimation of subsurface velocity structure in a deep 

sedimentary basin. 

We note that there are rooms for improving further the 

velocity models because about 50% of the sites belong to the 

fair fit and lower classes. Since our results are based on the 

goodness-of-fit values obtained from spectral amplitudes 

and PGVs, at which engineers are perhaps more interested, a 

further analysis based on the cross correlation, which is 

independent of the amplitudes, can provide further 

comparison on the performance of the two models. 
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Abstract:  A modifying method of earthquake ground motion was proposed for fitting multi-dimensional nuclear power 
plants' designed response spectrum and related peak values of ground acceleration (PGA), ground velocity (PGV) and 
ground displacement (PGD) according to the specificity of nuclear power plants' structures. First, this method simulated 
the multi-dimensional earthquake ground motion by using the second cardinal B- spline wavelet. Then the practical 
seismic records were decomposed into several wavelet components based on the fast algorithms of discrete wavelet 
transform. On the one hand, the wavelet components which affect the PGA, PGV and PGD of each direction can be 
searched out; on the other hand, the convergence quality of wavelet syntheses method can be improved by the 
preliminarily modifying of wavelet coefficients. At last, the target multi-dimensional response spectrum, and the values of 
PGA, PGV and PGD can be fitted simultaneously through cyclic modification. Four groups of practical 
three-dimensional seismic records which represent different seismic design groups were chose to verify the feasibility of 
this modifying method. The results of numerical examples demonstrated this algorithm can not only retain the temporal 
time-frequency features of actual earthquake ground motion, but also satisfy the accuracy requirements in nuclear power 
plants' aseismatic design.  

 
 
1. INTRODUCTION 

 

Structure’s aseismatic performance is one of the major 

problems in nuclear power plants’ design. The code for 

seismic design of nuclear power plants in China have 

provided multi-dimensional standard response spectrum of 

bedrock and hard-soil fields in the form of pseudo-velocity 

response spectrum of certain frequencies. In this code, more 

than three groups of multi-dimensional accelerations are 

required to be included in time-history analysis method, and 

two ways are indicated to generate artificial ground motions, 

namely trigonometric series superposing method and real 

earthquake ground motions’ modifying method. 

Hu Y-x, Yang Q-s, Zhao F-x et al. have developed the 

trigonometric series superposing method to generate 
single-dimensional ground motion which was suitable for 

their research (Hu Y 2006, Yang Q 2002, Zhao F 2006, and 

He R 2006). Zhao F also developed it to match the values of 

peak ground velocity (PGV) and peak ground displacement 

(PGD), but generated accelerations cannot simulate 

non-stationary characteristics of frequency (Zhao F 2006). 

Moreover, this kind of method is difficult to simulate 

multi-dimensional earthquake ground motions limited by its 

theory. 

In the research of modifying method, Hancock and 

Bommer (2006) achieved to modify strong earthquake 

records to match target response spectra by synthesizing 

wavelet in time domain. Ground motion’s non-stationary 

characteristics of frequency and intensity can be retained in 

this method. Mukherjee (2002) and Xie Y et al. (2002) have 

also achieved preferable results by applying discrete wavelet 

analysis method. But this kind of methods has not been 

improved to match the PGV and PGD simultaneously, and is 

restricted to simulate single-dimensional earthquake ground 

motions. 

As the natural vibration periods of nuclear power 

plant’s internal, external pipelines and safety devices are 

longer or mid-longer, the values of PGV and PGD of 

earthquake ground motions are more important than PGA. 

In order to estimate fully the aseismatic performance of 

nuclear power plants, the wavelet synthesis method has been 

improved to modify real records to match design response 

spectra and the values of PGA, PGV and PGD 

simultaneously in this paper. This method is based on the 

simulation of multi-dimensional earthquake ground motions 

by cardinal B-spline wavelet, can fulfill the requirements in 

the code for seismic design of nuclear power plants. 

 

2. GROUND MOTIONS’ SIMULATION METHOD BY 

WAVELET 

 

Considering the symmetric, supported compactly and 
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linear phase characteristics of second cardinal B-spline 

wavelet are suitable for non-stationary signals with finite 

energy, it has been used to simulate multi-dimensional 

strong earthquake records in this paper. 

Firstly, the second cardinal B-spline function  2N t  

is applied as scaling function to construct B-spline wavelet 

function  2 t , and then wavelet space 
jW  of scale j   

can be linear stretched by   /2

22 2 ;j j t k k Z   . 

According to MRA principle, the relationships between 

scale space 
jV  and wavelet space 

1jW 
 can be depicted 

as below: 

1j j n j n jV V W W               (1) 

where n  is the decomposition lever. 

Signal  ja t  which belongs to scale j  can be 

decomposed as below: 
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              (2) 

Where  mg t  represents the high frequency 

component of lever m , where  na t  represents the low 

frequency component of lever n . 

The computational formula of  mg t  and  na t  

are defined as follows: 
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where nc  and md  are wavelet coefficient sets of lever n  

and m  respectively, and where k  represents the moving 

scale in time axis. 

By the above formulations, multi-dimensional strong 

earthquake ground motions  ja t  can be delivered in time 

and frequency domain at the same time. 

Then By bringing in fast algorithm set  ,k ka b  and 

two-scale sequence  ,k kp q (Xu C 2004, Chui C K 1992), 

the above transform’s decomposition and reconstruction 

programs can be delivered easily. 

 

3. EXISTING WAVELET SYNTHESIS METHOD 

 

Wavelets synthesis method is putted forward by 

Lilhanand and Tseng (1988) firstly. Later, Hancock and 

Bommer et al. (2006) make it to be an efficient method 

through a series of improvements. The wavelet functions 

used in this method are harmonic stationary signals actually. 

Like the other Synthesizing methods, it modifies real 

earthquake records to be compatible with design response 

spectra through cyclic modifications in time domain based 

on Duhamel integral principle. 

Because there is no terrace existing in pseudo 

acceleration response spectra transformed by pseudo 

velocity response spectra of the code, the methods through 

modifying average values (Mukherjee S et al. 2002, Xie Y et 

al. 2002) are no longer applicable. Wavelets synthesis 

method is universal as it modifies the values of spectra in 

each frequency one by one. But one of the deficiencies of 

the method is it cannot match PGV, PGD at the same time, 

and the convergence is poorly when the sampling frequency 

of earthquake ground motion is low. So on many occasions, 

the application is limited. 

 

4.  MODIFYING STEPS 

 

According to the construction area, real earthquake 

records including two horizontal and vertical accelerations 

  1,2,3la t l   should be chosen similar to the 

characteristics of possible earthquake magnitude, epicentral 

distance in structure’s design service life. The selected 

multi-dimensional records serve as initial accelerations after 

PGA standardization in this method. The modifying steps 

are as below: 

1. Transform the design horizontal and vertical pseudo 

velocity response spectra  ,VS w   to pseudo acceleration 

spectra  , arg ,A t etS w   treated as target values. Where w  

is the frequency at which needed to be fitted, and   is 

damping ratio. In this process, w  should be distributed in 

logarithmic axis uniformly, and the number should be not 

less than 76. 

2. Use second cardinal B-spline wavelet to simulate 

initial accelerations  la t . Then the modifying coefficient 

 , 1,2,A m m n    can be confirmed by the following 

formula (5) according to the average values of different 

period scopes in response spectra  ,AS w  : 

   
2, 2,

1, 1,

, , arg , ,
m m

m m

T T

A m A t et A

T T T T

S T S T  
 

  
 

                                             (5) 

Where 2T w , 
1,mT  and 

2,mT  are the start and 

end periods corresponding to m th wavelet. 

After the wavelet coefficients multiplied by the 

modifying coefficient, accelerations can be reconstructed by 

formula (2). The generated time histories have roughly 

matched the target response spectra and values of PGA. This 

process can make sure the convergence of the follow-up 

processes. 

3. Synthesize sine and cosine wavelets to the accelerations 

 la t  generated by the above steps to match the target 

response spectra and values of PGA. The accelerations 

calculated by this step are written as  la t . 
4. Apply second cardinal B-spline wavelet to decompose 

 la t  again. The velocity and displacement time histories 

of  la t  and of the related wavelet components can be 

calculated by the way of combining Simpson Integration 

method and least squares technique. 

5. The wavelet components   1 2~mg t m m m  

which have most affection to PGV of  la t can be 

identified by comparing the values of PGV and 

corresponding occurred time of  la t  with wavelet 

components. Then the modifying coefficient 
,V m  of these 

wavelets can be figured out by the following formula (6) 
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according to the target values of PGV (written as 

, argPG t etV ), actual values (written as  0V t ) of  la t , 

and velocity values  0mV t  of  mg t  at time 0t : 
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Then simulation records  la t  can be generated by 

applying reconstruction algorithm to wavelet coefficients 

after modified by this step. 

6. The wavelet components   3 4~mg t m m m  

which have most affection to PGD of  la t  can be 

identified by comparing the values of PGD and 

corresponding occurred time of  la t  with wavelet 

components. Then the modifying coefficient 
,D m  of these 

wavelets can be figured out by the following formula (7) 

according to the target values of PGD (as 
, argPG t etD ), 

actual values (as  0D t ) of  la t , and displacement 

values  0mD t  of  mg t  at the time 0t : 
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7. If the accelerations  la t  after modified by the above 

steps cannot match the target values of PGV and PGD at the 

same time as steps (5) ~ (6) have changed the corresponding 

occurred time, it recommends to run steps (5) ~ (6) by 

iterations until the values have achieved the target accuracy 

expected in the code simultaneously. 

8. Considering the steps (5) ~ (7) have certain changes to 

accelerations  la t  modified by step (3), the accuracies of 

response spectra and PGA should be verified again. If the 

values of PGA do not satisfy the accuracy requirement, 

small adjustments like steps (6) ~ (7) are needed to the 

wavelet components which mostly affect PGA. If the 

response spectra do not satisfy the accuracy requirement, 

wavelets synthesis method should be used again. Run steps 

(3) ~ (8) by iteration until the accuracies to the target 

response spectra, and to the values of PGA, PGV and PGD 

all satisfy the requirement. 

Considering the integration and cycle operations 

repeatedly used in this process, authors have used mixture 

programming method with C language and Matlab to realize 

the program’s establishment and the debugging works have 

been finished later. This programming method greatly 

improved the calculation efficiency. While the other strong 

earthquake records are used as initial accelerations, multiple 

sets of multi-dimensional earthquake ground motions can be 

generated by the above method. The time-frequency 

characteristics of the generated artificial earthquake ground 

motions would be different if different initial time histories 

employed. 

 

5.  NUMERICAL EXAMPLES 

 

In order to check aseismatic safety of a nuclear power 

plant in China for rarely earthquake intensity 7, four groups 

of 3-D strong earthquake records shall be selected as 

examples according to intensity, design seismic group and 

site class (shown in table 1, the first two groups represent 

near field earthquake, the last two groups represent mid-far 

and far field earthquake). The selected records are exampled 

to match design pseudo acceleration response spectra for 5% 

damping on firm ground. The matching period range is set to 

be [0.05s, 4s] according to the work by Li Z et al. (2006). 

Horizontal and vertical values of PGA, PGV, PGD are 

shown in table 1 referred to “code for seismic design of 

buildings (China)” and “ATC-3 code (USA)”. 

Response spectra will be matched at 100 frequencies 

according to the first reference, and the fitting accuracies of 

response spectra and of peak values should not be higher 

than 5%. Firstly, strong earthquake records are modified by 

steps (2) ~ (3) recommended in this paper to match the target 

response spectra and PGA. The response spectra’s relative 

errors of the west east components and of vertical 

accelerations are shown in Figure 1 including EL-Centro 

(sampling frequency: 50HZ), TKY024 (sampling frequency: 

100HZ), CHY006 (sampling frequency: 250HZ). For the 

comparison, the fitting results directly by applying wavelets 

synthesis but not processed by step 2 are shown in Figure 1 

also. 

On Figure 1, one can notice that the higher the 

sampling frequency, the better the convergence. CHY006 

records can converge as the sampling frequency of it is high, 

but EL-Centro, TKY024 cannot just because their low 

sampling frequency. After processed by step (2) in this paper, 

the convergences of analog records like EL-Centro and 

TKY024 have been improved greatly because the response 

spectra have been closer to the target values. 

When the wavelet components which affect mostly the 

values of PGV, PGD are identified by steps (4) ~ (6), the 

acceleration time histories can be modified through cyclic 

adjustment. The relate peak values, max values of relative 

error maxw , cyclic times n  after modified by the upper 

steps are shown in table 2. From table 2, one can notice that 

near and far field earthquake records all satisfy the precision 

demands; especially the precision of PGA is highest, 

followed by PGV, PGD is of the lowest. 

Additionally, the sampling frequency is higher, the 

precisions of integration velocity and displacement are better. 

Not only the precisions of digital records like CHY006 and 

ChDu-PX (sampling frequency: 200HZ) are higher than 

analog records, but also the convergence speeds are faster. 

The acceleration, velocity and displacement time histories of 

CHY006 and of ChDu-PX after modified by this paper’s 

method are shown in Figure 2. The corresponding pseudo 

acceleration response spectra and target values are shown in 

Figure 3. On Figure 2 and Figure 3, one can notice that this 

method not only retain the temporal time-frequency features 

of the 3-D earthquake ground motions, but also satisfy the 

accuracy requirements of nuclear power plants’ aseismatic 

design. 

 

 

 

- 385 -



 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Table 1  Values of PGA, PGV and PGD of 3-D earthquake ground motions 

Table 2  Values of PGA, PGV and PGD after modified by this paper, and 

corresponding max values of relative error, iteration times 
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Figure 1  Accuracy after modified directly by step 3 and by step 2 ~ 3 respectively. 
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6.  CONCLUSIONS 

 

Second cardinal B-spline wavelet has been introduced 

in this paper to simulate multi-dimensional earthquake 

ground motions. On the basis of improving the convergence 

of synthesizing wavelet method, a new modifying method of 

strong earthquake records for matching multi-dimensional 

design pseudo acceleration response spectra and relate peak 

values has been proposed. 

Four groups of real 3-D strong earthquake records have 

been selected to verify this new method’s feasibility. The 

numerical results demonstrate the method has satisfactory 
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Figure 2  The acceleration, velocity and displacement time histories after modified by this paper’s 

method (solid line) and after PGA standard (dotted line) 
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performance to near and far field earthquake ground motions, 

and also retains the temporal time-frequency features of 

these records. While the other real records are used as initial 

accelerations, multiple sets of multi-dimensional ground 

motion accelerations can be generated by the same method 

as the above. This artificial ground motion’s generating 

method can be applied for nuclear power plants’ seismic 

design on the whole. But it should be realized that the 

extensive application of this method also relies on the further 

improvements in multi-dimensional correlation theories of 

earthquake ground motion. 
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Abstract: The seismic hazard potential for Damascus city is mainly controlled by the Serghaya Fault which is a branch of the Dead Sea 
Fault System (DSFS). The Kostrov-like slip-velocity function was used as an input to the Discrete Wave Number Method to simulate the 
near-fault ground motions of the Earthquake of November 25, 1759 for broadband frequencies (0.1 – 5 Hz). The broadband ground 
motion simulations are compared in terms of MMI intensity calculated from the PGA and PGV values of the synthetic waveforms with 
observed intensity values. The simulated MMI intensities are a one grade overestimated in the epicenter-area while, they are well 
estimated in Damascus city. The simulated near fault ground motions at SRG site look to be much higher than the design requirements 
defined by the Syrian building code 2004. That reflects the importance of increasing the design requirements in the case of near-fault 
ground motion as it is introduced in the UBC 97 code. The high frequency ground motions (1.0 – 5.0 Hz) are significantly exaggerated by 
the effect of the uppermost shallow layers overlain the engineering bedrock.  
 
 
1.  INTRODUCTION 
 
Many recent earthquakes took a heavy toll of lives and 
caused great property damages in the cities near the focal 
region (e.g. Northridge earthquake 1994 and 1995 
Hyogo-ken Nanbu earthquake). It is very important for the 
earthquake resistant design of structures to understand the 
basic characteristics of near-field ground motions. 
Investigating the earthquake loads by considering the 
near-field ground motions is an important issue for 
earthquake damage mitigation. Damascus city located about 
30 km south east of Serghaya fault, might suffer a great 
damage in the case of big earthquake. Serghaya fault, as a 
branch of Dead Sea Fault System (DSFS), is considered as 
the main source of seismic risk potential for the city, and 
through the last 2000 years, many destructive earthquakes 
occurred in the region and caused much causality in 
Damascus city and its vicinity; Historical seismicity suggests 
that DSFS is capable of generating large earthquakes which 
mean a significant seismic hazard in this region. One of the 
most destructive historical events occurred in November 25, 
1759. This earthquake has been well documented and the 
macroseismic data suggest a magnitude of about 7.4 and up 
to 100 km of surface rupture probably along the 
Yammouneh fault in the Bekaa valley and caused heavy 
damage with great loss of life in numerous villages and 
towns, including Damascus, Beirut and Baalbek.  

In Damascus city, the shock caused great panic, several 
causalities, and considerable, but reparable, damage. 
Destruction was heavier in the upper reaches of the Barada 
River at Serghaya and Hasbaya while, Baalebek was totally 
destroyed with great loss of life (Ambraseys & Barazangi 
1989). Figure 01 shows the Intensity distribution of the main 
shock of November 25, 1759 while, Table 01 shows the 
largest historical earthquakes in western Syria and Lebanon 
(32.5º – 35.5º N). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 01, Intensity distribution of the main shock of 
November 25, 1759; intensities in the MSK scale 

(Ambraseys & Barazangi 1989)  
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Table 01, large historical earthquakes in western Syria and 

Lebanon (32.5º – 35.5º N) 
Year  M Affected areas (in order of decreasing 

intensity) 
198 BC ? Lebanese Coast, Southern Syria 
115 AD ? Northwest Syria 
303 AD ~7.0 Lebanese coast, Southern Syria 
551 AD 7.0-7.5 Lebanese coast 
749 AD 7.0-7.5 Southern Bekaa Valley, Southern Syria 
859 AD 7.0-7.5 Northwest Syria 
991 AD 7.0-7.5 Bekaa Valley, Anti Lebanon 
1063 AD ~7.0 Northern Lebanese coast, Syrian Coast 
1157 AD 7.0-7.5 Northwest Syria, Ghab Valley 
1170 AD >7.5 Northern Lebanon, Syrian Coast 
1202 AD >7.5 Mt. Lebanon, Bekaa Valley, Hula 

Basin, Lebanese-Syrian Coast  
1705 AD ~7.0 Anti-Lebanon, Zabadani and Bekaa V., 

Damascus, Northern Lebanese Coast   
1759 AD ~7.4 Bekaa V., Anti-Lebanon, Golan 

Heights, Mt. Lebanon, Damascus  
1837 AD 7.0-7.5 Western Lebanon, Southern Bekaa V., 

Hula Basin 
Data from Poirier & Taher (1980), Ambraseys & Barazangi (1989), 
Ambraseys & White (1997), Ambraseys & Jackson (1998) and 
Sbeinati et al. (2003)  
 
2. TECTONIC SETTINGS  
 
The Dead Sea Fault System (DSFS) forms the plate 
boundary that links the Arabian plate convergence in 
southern Turkey with the active seafloor spreading in the 
Red Sea. This system evolved since mid-Cenozoic time as a 
result of the breakup of the Arabian plate from the African 
plate. The present-day relative motion between Arabian plate 
and African plate is estimated to be 4-8 mm yr-1, based on 
plate models (e.g. Joffe & Garfunkel 1987; Jestin et al. 
1994) and recent GPS observations (e.g. McClusky et al. 
2000, 2003). This is consistent with geological estimates of 
Quaternary slip rates for the southern DSFS (e.g. Garfunkel 
et al. 1981; Klinger et al. 2000a). Branching from southern 
part of DSFS in the Golan Heights, Serghaya fault can be 
traced approximately 125 km through the Anti Lebanon 
Mountains to the eastern edge of the Bekaa Valley (located 
approximately along the Syrian-Lebanese border). Shear 
indicators demonstrate predominately left-lateral slip. Rakes 
of 10 – 20 are observed on sub-vertical fault planes, 
implying a ratio of strike-slip to dip-slip between 4:1 and 
5:1; the strike of Serghaya fault is taken to be N20ºE, and the 
dip is about 70º. The recent studies of Serghaya fault 
revealed that Serghaya fault is an active fault, and the total 
fault length and 2.0-2.5m displacements, combined with 
historical seismicity, suggest that the fault may be capable of 
generating large (M ~ 7) earthquakes (e.g. Gomez et. al. 
2003). These studies provide an evidence for a 
surface-rupturing event within the 18th century along 
Serghaya fault. This event involved 2-2.5 m of mainly 

left-lateral dislocation and may correspond to one of two 
historically documented earthquakes during the 18th century 
(in 1705 and 1759) (e.g. Gomez et. al. 2001, 2003).  
In this study, we simulate the broad band near-fault ground 
motions of the earthquake of November 25, 1759 (The 
earthquake is assumed to be generated by Serghaya fault) for 
different two sites; Namely, QSN site in Damascus city and 
SRG site along the fault. 
 
 
3.  WAVE SIMULATION 
 
3.1  Green’s function 
The response of horizontally layered crustal structures, due 
to a double-couple point source or Green’s function, has 
been calculated by the discrete wave number method 
(Bouchon et al. 1977; Bouchon 1979, 1981) for a particular 
focal mechanism and source time function. To simulate the 
near field ground motion, it is essential to model how the 
rupture initiates, spreads, and stops on the fault and how 
dynamic slip motions are developed under shearing stress. 
The Kostrov-like slip-velocity source time functions 
considering the stress conditions on and around the fault 
were used widely to simulate the near field ground motion. 
In this study, we follow the dynamic source model 
introduced by Nakamura & Miyatake (2000) as a 
slip-velocity source time functions.  
 
3.2  Source Modeling  
We simulate the earthquake of 1759 with moment 
magnitude of ~ 7.4. The total fault rupture length (L) is 
assumed to be about 100 km along Serghaya fault and the 
total width (W) is about 20 km. We assumed two asperities 
in the entire fault rupture; the combined area of asperities 
(Sa) is specified to be about 22% of fault’s area (Somerville 
et al. 1999; Irikura and Miyake 2001). The other source 
parameters were estimated by following the empirical 
relationships proposed by Irikura (2004), and they are 
summarized in Table 02. The fault plane and the asperities 
were subdivided into several sub-faults and each sub-fault is 
treated as a point source. The ground motions at an 
observation site produced by the rupture of individual 
sub-faults are summed with time lags to account for rupture 
propagation on the fault plane. The seismogram from each 
point source is obtained numerically by the Discrete Wave 
Number Method of Bouchon (1979, 1981). The point 
sources within asperities and background region have the 
following focal mechanism: Strike N20ºE, dip 70º and rake 
15º. Figure 02a shows Damascus city with the assumed fault 
line. And Figure 02b, shows the proposed fault model with 
the asperities; stars show the rupture starting points. We used 
the smoothed ramp function as a source time function for the 
background region while for asperities we used Kostrov 
slip-velocity function as a source time function. The 
approximation formula by Nakamura and Miyatake (2000) 
is used for this slip-velocity time function.  
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Table 02, Assumed Source Parameters of the 1759 
Earthquake 

 Area 
km2 

Mo 
(N.m) 

fmax 
(Hz) 

r 
(s) 

Vr 
(Km/s) 

 
(bar) 

Asperity 1 196 6E+19 6.0 1.6 2.4 90 
Asperity 2 196 6E+19 6.0 1.6 2.4 90 

background 1920 4E+19 6.0 1.8 2.4 40 
r =rise time; Vr = rupture velocity;  = stress drop 

 

Figure 02a, Location of QSN site (in Damascus city) and 
SRG site (along the fault) with the Assumed fault line; 

Figure 02b, The proposed fault model with the asperities; 
stars show the rupture starting points. 

 
 

4.  VELOCITY STRUCTURE 
 
4.1  Deep crustal structure 
A 1-D velocity model of the crust and uppermost mantle 
under Syria was estimated from local earthquake data 
recorded by the Syrian National Seismological Network 
during 1995-2004 (Ibrahim et al. 2007). Table 03 shows the 
crustal velocity model beneath Syria.   
 
4.2  Shallow velocity structure   
The shallow S-wave velocity structure in Damascus city was 
estimated by using microtremor exploration (Zaineh et al. 
2011). The results demonstrate that the uppermost shallow 

layers overlain the engineering bedrock (~ 800 m/s) are not 
uniform in Damascus city; it was revealed that a shallow soft 
layer (~200 m/s) appears in the eastern part of the city as 
well as the central part along Barada River. This layer 
controls the distribution of high-frequency amplification in 
the city (Zaineh et al. 2011). In this study, we consider two 
layers with S-wave velocity of ~800 m/s and ~1600 m/s as a 
uniform shallow velocity structure overlain the seismic 
bedrock (Vs ~3 km/s). Table 04 shows the uniform shallow 
velocity structure beneath Damascus city  
 

Table 03, crustal velocity structure of Syria (Ibrahim et al. 
2007) 

VP(km/s) VS(km/s) H(km) (t/m3) QP QS 
5.68 2.99 4.00 2.50 500 200 
5.87 3.48 6.00 2.60 500 200 
6.18 3.48 8.00 2.70 500 200 
6.74 3.95 20.00 2.80 500 200 
8.00 3.64 ---- 3.10 500 200 

VP&VS=P-wave and S-wave velocities; H=layer thickness; 
r=mass density; QP&QS=quality factor of P-wave and 
S-wave respectively 
 

Table 04, the uniform shallow velocity structure of 
Damascus city 

VP(km/s) VS(km/s) H(m) (t/m3) QP QS 
1.50 0.80 200 2.00 150 80 
3.00 1.60 ---- 2.20 300 150 

VP, VS, H, r, QP, and QS same as in Table 03 
 

In our simulation we use a flat-layered velocity 
structure obtained by overlapping the crustal velocity model 
of Syria (Table 03) with the uniform shallow velocity 
structure of Damascus city (Table 04).  
 
 
5.  SIMULATION RESULTS 
 
We simulate the ground motions of the earthquake of 
November 25th, 1759 at two sites; Namely, MRJ site in 
Damascus city which experience a reparable damage, and 
SRG site along the fault line where towns are totally 
destroyed. MRJ site is located about 30 km to the south-east 
of the epicenter, while SRG site is located about 13 km of 
the epicenter but just over the fault plane as it is shown in 
Figure 02. Figures 03a and 03b present the velocity and 
acceleration time histories simulated at SRG and MRJ sites 
for the proposed source model. Very large values of peak 
ground velocity (PGV) and peak ground acceleration (PGA) 
were obtained at SRG site (213 cm/s and 2061 gal). These 
values attenuated rapidly at MRJ site (46 cm/s and 398 gal). 
Figure 04 shows the velocity and acceleration response 
spectra for SRG and MRJ sites for a 5% of damping; the 
thick gray line represents the acceleration design response 
spectrum defined by the Syrian building code (2004) for the 
stiff sites (soil type B). The simulated ground motions look 
much higher than the design requirements defined by the 
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Syrian building code for the case of very near fault ground 
motions (SRG site). 
 

 
Figure 03a, the simulated velocity waveforms at SRG and 

MRJ sites; Figure 03b, the simulated acceleration 
waveforms. All the data have been band-passed filtered 

between 0.1 and 5 Hz. 

 

 
Figure 04, Comparisons of the velocity and acceleration 
response spectra for SRG and MRJ sites; the gray dashed 

line represents the acceleration design response spectrum for 
the stiff sites (Syrian building code 2004) 

 
 
6.  DISCUSSION AND CONCLUSIONS 
 
We simulate the near-fault ground motions of the November 
1759 Earthquake for broadband frequencies (0.1 – 5 Hz). In 
our simulation, we used the Kostrov-like slip-velocity 

function as an input to the discrete wave number method.  
To perform a validation of the proposed source model and 
the results of the simulated waveforms, we calculated MMI 
intensity using the PGA and PGV values of the synthetic 
waveforms and compared the obtained values of MMI 
intensity with the observed MSK intensities of the 
November 1759 earthquake (Ambraseys & Barazangi, 
1989). To calculate the MMI intensity from simulated PGA 
and PGV, we follow the empirical equations (1) introduced 
by Wald et al. (1999). The calculated Intensities and the 
observed one are shown in Table 05. It looks that the 
intensity values are overestimated at SRG site and well 
estimated at MRJ site.  
 
 퐼 = 3.66 log(푃퐺퐴) − 1.66 

퐼 = 3.47 log(푃퐺푉) + 2.35 (1) 

 
Table 05, calculated and observed Intensities  

station PGAH IPGA PGVH IPGV IOBS 
SRG 1574 10.0 163 10.0 >VIII 
MRJ 326 7.5 37 7.8 VII-VIII 

IPGA =MMI intensity calculated from PGA and same as IPGV 
 
For the earthquake resistant design of structures, the 
earthquake loads should consider the characteristics of the 
near-fault ground motions. The Uniform Building Code of 
1997 (UBC 97) reflects significant changes to the design 
criteria that increase earthquake forces for the design of 
structures. Syrian building code 2004 has introduced two 
static methods to calculate the lateral seismic forces in the 
building. The near-fault factors were taken into account in 
the second method of the Syrian code; while these factors 
are not mentioned in the first static method (this method still 
widely used in Syria). Figure 04b compares the acceleration 
response spectra of simulated ground motion with the 
acceleration design response spectrum defined by the Syrian 
building code. Simulated ground motions at SRG site are too 
big comparing with the design requirements; that reflects the 
importance of increasing the design earthquake loads in the 
case of near-fault ground motions as it is introduced by the 
second static method of the Syrian code.  
 
To estimate the effect of the uppermost shallow layers 
overlain the engineering bedrock at eastern part of 
Damascus city as well as the central part along Barada 
River; we calculate the 1-D amplification associated with 
these layers by following one-dimensional shear wave 
propagation theory for vertically incident S-wave (Figure 
5b). Here we consider the engineering bedrock (~800 m/s) 
as a half-space with two additional soft layers (~200m/s and 
~400m/s) as it is shown in Figure 05a. We take out the 
free-surface effect from the previously simulated ground 
motion at MRJ site (Figure 03) and we consider it as an 
input motion for computing the ground surface motion. 
Figure 6 compares the acceleration response spectra of the 
previously simulated ground motion (excluding the shallow 
soft layers) with the calculated surface ground motion 
(including the soft layers). It is clear that the high frequency 
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ground motions are significantly exaggerated by the effect of 
the shallow soft layers. It is important to note that the 
dominant periods of most residential buildings in Damascus 
are within the high frequency range (1.0 – 5.0 Hz). That 
illustrates the importance of estimating the effect of shallow 
soft layers on high frequency ground motions. The thick 
gray line in Figure 6 represents the acceleration design 
response spectrum defined by the Syrian building code 
(2004) for the soft sites (soil type D). The calculated surface 
ground motion is higher than the design requirements for the 
period range less than 0.5 sec.  

 

     
Figure 5a, 1-D soil profile at a soft site in Damascus city; 

Figure 5b, the site transfer function at the soft site. 
 

 
Figure 6, acceleration response spectra of the simulated 
ground motion at stiff site with the calculated surface ground 
motion for soft site.  
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Abstract:  This paper presents simulations of spatially-varying non-stationary earthquake motions at 
subsurface sites below the ground. The motions are compatible to the sites in both spatial-variation and 
earthquake energy. The stochastic Fourier spectrum characterizing the energy accounts for source spectrum, 
attenuation, geometrical spreading and source-to-site amplification. Earthquake magnitude, geometrical 
properties of the source and the sites, and mechanical properties of the source and path rocks and the 
subsurface soil are the input data. The spatial-variation is represented by existing lagged coherency 
functional forms and their site-compatible parameters and uniform and random phases. In the case study, 
where a large earthquake and three subsurface sites are considered, the averaged spectrum of a few 
acceleration samples match well with the target spectrum. The simulated accelerations are used to excite a 
deep-foundation multi-support bridge. The bridge responses considering soil-structure interactions are 
investigated. As subsurface earthquake motions are hardly recorded and the spatial-variability of earthquake 
motions has pronounced effects on the responses of structures, the numerically simulated motions are 
necessary for the analyses of deep-foundation and underground structures and soil-structure interactions. 

 
 
1.  INTRODUCTION 
 
    Long-span bridges and underground structures such as 
tunnels and pipelines are increasingly demanded nowadays. 
Most of bridges are supported by deep foundations 
extending to a stiffer subsurface layer. Moreover, 
soil-structure interaction analysis is necessary for more 
accurate earthquake-resistant design of both structure and 
soil. Earthquake ground motions are obviously inadequate to 
seismic analysis of deep-foundation supported bridges, 
underground structures and soil-structure interactions. The 
motions at subsurface layers are consequently needed but 
hardly obtained by using recording equipment. Numerical 
simulations of subsurface motions are therefore necessary 
and presented in this paper. The simulation procedure 
involves in characterising earthquake energy and its loss and 
amplification, the spatial-variation in amplitude and phase 
and the non-stationarity of the motions. 
    The spatial-variability of ground motions have 
pronounced effects on the response of extended structures such 
as multi-span bridges (Chakraborty and Basu 2008), short 
structures (Price and Eberhard 1998), and complex 
structures (Burdette et al. 2008). On the subsurface layers, the 
amplitude and phase of seismic motions at one site are also 
different from those at other sites. The differences are mainly 
caused by travelling of seismic waves from the source to 
subsurface sites through the Earth’s crust. 

    The stochastic seismological spectrum (Boore 2003) is 
adopted to characterise earthquake energy. It can account for 
the earthquake magnitude, source spectrum and depth, 
path-dependent loss of energy and geometrical spreading, 
and source-to-site amplification. The frequency-dependent 
source-to-site amplification is computed from the seismic 
impedance ratio by using the quarter-wavelength approximation 
method (Boore and Joyner 1997). 

The spectral representation based algorithm to simulate 
one-dimensional multi-variate (1D-mV) nonstationary stochastic 
processes (Deodatis 1996) is used in this research as it is a 
non FFT-based algorithm, thus the length of time history is 
not constrained by the power-of-two. Additionally, the order 
in which the stationary power spectrum is first windowed by 
multiplying with the modulating function then transformed 
into the time-domain ensures that the long period level of the 
motion is not distorted (Safak and Boore 1988). 
    Various lagged coherency functions (Harichandran and 
Vanmarcke 1986 and 1991, Luco and Wong 1986, Hao and 
Oliveira 1989 among others) have been employed to 
represent the spatial-variation in amplitude of ground 
motions. However, the function parameters estimated for 
specific zones by fitting to recorded data or by 
wave-propagation analysis, have been adopted in simulating 
earthquake ground motions everywhere. Moreover, 
coherency parameters for subsurface motions have not been 
reported. In this paper, the spatial-variation of earthquake 
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motions at subsurface sites is charaterised by Harichandran 
and Vanmarcke (1986) lagged coherency model with a set of 
site-compatible parameters. 

Wave passage effect, the delay in the arrival of the 
waveforms, has been included in coherency phase for 
simulating spatially-varying ground motions (Price and 
Eberhard 1998, Chakraborty and Basu 2008, Konakli and 
Der Kiureghian 2011 among others). Arrival time 
perturbations, which is caused by the upward travelling of 
the waves through horizontal variations of the geologic 
structure underneath the site and by deviations of the 
propagation pattern of the waves from that of plane wave 
propagation (Zerva 2009), has rarely been accounted. Both 
wave passage effect and arrival time perturbations are 
considered in this paper.  
    The case study considers a two-span bridge locating at 
100 km away from an active seismic fault having a source 
depth of 18 km. An earthquake with a moment magnitude 
7.5 may occur at the fault. The bridge supports are founded 
on deep bored piles; the spatially-varying earthquake 
motions at three subsurface sites of the foundation bases are 
necessarily simulated. Two finite element-based models of 
the bridge, the rigid-base support model that assumes rigid 
soil from the foundation beds, and the flexible-base 
mid-support model accounting for actual stiffness and 
damping of the soil base, are analysed. The effects of 
differential support motions due to their spatial-variation on 
the two models and the effects of soil-structure interactions 
on the later model are investigated. 
 
 
2.  SUBSURFACE FOURIER SPECTRUM 
 
    Fourier amplitude spectrum of earthquake motions at 
subsurface sites can be represented by using the stochastic 
seismic spectrum (Boore 2003): 
 

( ) ( ) ( ) ( ) ( ) ( ) ( )ωωωωωω IDARPRGMECH ssubs ⋅⋅⋅⋅⋅⋅= ,, (1)
 
in which, the source parameters are the scaling factor C and 
the source spectrum Es(ω, M). The path effects consist of 
geometrical spreading function ( )RG  and path-dependent 
loss of energy ( )RP ,ω . The amplification factor A(ω) is 
related to the source and path. D(ω) is the diminution factor 
accounting for path-independent attenuation of 
high-frequency. I(ω) = 1, ω, and ω2 for displacement, 
velocity, and acceleration spectrum, respectively. The 
spectrum parameters are related to the moment magnitude M 
mapped from the seismic moment M0 (dyne-cm) by: 
 

( ) 7.10log32 0 −= MM  (2)
     
    The scaling factor C is expressed 
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where Re = 0.55 is the radiation pattern, Ve is the partition of 
total shear wave energy into horizontal components, Fs = 1.0 
for subsurface where amplification is constrained, and Z0 = 1 
km (Boore 2003). Vs0 and ρ0 are the shear wave velocity and 
rock density in the vicinity of the source, respectively. 
    The two-corner frequency model is adopted to 
represent the source acceleration spectrum 
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where the lower corner frequency fa = ωa/2π is related to the 
source duration Tsource = 1/(2fa). ωb is the higher corner 
frequency at which the spectrum attains half of the high 
frequency amplitude level, and ε is the weighting parameter.  
    The geometrical spreading function is characterised by 
an empirical formulas well supported by data of distance 
range from 10 to 1000 km (Atkinson and Boore 1998) 
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where R0 is the epi-central distance and he the source depth. 
    The path-dependent attenuation factor is 
 

( ) ( ) ⎥
⎦

⎤
⎢
⎣

⎡
−=

sVfQ
fRRP πω exp,  (6)

 
where Vs is the propagation velocity averaged over the path. 
The frequency-dependent attenuation function Q(f) = 680f0.36 
used by Atkinson and Boore (1998) is adopted. 
    The diminution factor D(ω) accounts for the 
path-independent attenuation of high-frequency waveforms 
and can be represented by the Kappa-filter (Boore 2003): 
 

( ) ( ) ( )2expexp 00 ωκπκω −=−= fD  (7)
 
where κ0 = (0.02, 0.04). Atkinson and Silva (2000) used κ0 = 
0.03 for California rock. 
    The amplification factor is approximated by the 
source-to-site impedance ratio (Boore and Joyner 1997): 

( ) ( ) ( )sss VVA ρρω 00=  (8)
 
where Vs0 and ρ0 are defined in Eq. (3), Vs and ρs are the 
corresponding quantities at the subsurface layer. A numerical 
scheme to implement the quarter-wavelength approximation 
method (Boore and Joyner 1997, Boore 2003) is presented as 
follows.  
    Firstly, the subsurface soil and deep rock is layered. As the 
deeper rock is stiffer, for computational efficiency, the layer 
thickness should vary with depth and be divided into five 
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groups: Δz0 = 0.001 km for two upper layers, Δz1 for depth 
from 0.002 km to 0.2 km, Δz2 for 0.2 km to 0.5 km, Δz3 for 
0.5 km to 1.0 km, and Δz4 for 1.0 km to the source depth he. 
This research uses Δz1 = 0.002 km, Δz2 = 0.005 km, Δz3 = 
0.01 km and Δz4 = 0.02 km. 
    Secondly, the depth-dependent shear velocity and 
density are evaluated. This research adopts the shear velocity 
functional profiles for generic rock obtained by Boore and 
Joyner (1997) after patching the velocities at depths less than 
0.03 km (from boreholes) and greater than 4 km (from P 
waves) as shown in Table 1. 
 

Table 1. Velocity for Generic Rock Site. 
 

Depth (km) Shear Velocity (km/sec)

z ≤ 0.001 0.245 

0.001 < z ≤ 0.03 2.206z0.272 

0.03 < z ≤ 0.19 3.542z0.407 

0.19 < z ≤ 4.00 2.505z0.199 

4.00 < z ≤ 8.00 2.927z0.086 
     
    The depth-dependent density is generalized as 
 

( ) ( )[ ]
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    Thirdly, the average shear velocity, frequency and 
discretized density corresponding to a depth zn (i.e. the nth 
layer) are computed, respectively 
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where n is number of depth layers counted from the 
subsurface layer to the considering rock layer, and  
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The average of site seismic impedance is then computed by 
 

( ) ( ) ( )fVffZ ssρ=  (13)
 
 
3.  SIMULATION OF SPATIALLY-VARYING 

NON-STATIONARY MOTIONS 
 
    Earthquake motions at n subsurface sites,  f1(t), f2(t), …, fn(t), 
can be considered to be components of the one-dimensional 
multi-variate (1D-mV) non-stationary zero-mean stochastic 
vector processes having the cross-spectra density (CSD) matrix 
given by: 
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The diagonal and off-diagonal elements of S0(ω,t) are obtained 
 

( ) ( ) ( ),,,
20 ωωω jjjj StAtS =  j = 1, 2, …, n (15)

( ) ( ) ( ) ( ) ( ) ( )ωγωωωωω jkkjkjjk SStAtAtS ,,,0 = , 

j, k = 1, 2, …, n; j ≠ k 

(16)

 
in which, Aj(ω,t) is the time- and frequency-modulating function 
of fj(t), γjk(ω) is the complex coherency function between fj(t) and 
fk(t). Sj(ω) is the power spectral density at site j and can be 
obtained from the Fourier spectrum in Eq. (1), by 
  

( ) ( )2ωω subsj HS =  (17)

 
    The 1D-3V algorithm (Deodatis 1996) is introduced to 
simulate the motions. The CSD matrix S0(ω,t) is decomposed at 
every time instant t under consideration as 
 

( ) ( ) ( )ttt ,,, *T0 ωωω HHS =  (18)
 
where the superscripts T and * denote the matrix transpose and 
complex conjugate, respectively. Using Cholesky’s method, 

( )t,ωH  can be evaluated as a lower triangular matrix: 

( )
( )
( ) ( )

( ) ( ) ( )⎥
⎥
⎥
⎥
⎥

⎦

⎤

⎢
⎢
⎢
⎢
⎢

⎣

⎡

=

tHtHtH

tHtH
tH

t

nnnn ,,,

0,,
00,

,

21

2221

11

ωωω

ωω
ω

ω …
…

H  (19)

 
The non-stationary vector processes of subsurface motions 
fj(t), j = 1, 2, …, n, can be simulated by 
 

( ) ( ) ( )ttHtf
j

m
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l
ljmj ΦΔ= ∑ ∑

=

−

=
cos,2

1

1

0
ωω  

( ) ( ) mlljml ttt φωθω +−=Φ ,  

j = 1, 2, …, n 

(20)

 
where the dicretisation in the frequency domain is 
 

ωω Δ= ll  (a),  and  Nuωω =Δ  (b) (21)
 
ωu is the upper cut-off frequency beyond which the elements 
of the CSD matrix may be assumed to be zero at any time 
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instant t. In Eq. (20), φml is the N sequences of independent 
random phase angles distributed uniformly over the interval 
[0, 2π], θjm is the phase angle of the off-diagonal elements of 
the lower-triangular matrix, Eq. (19), computed as 
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with Im[⋅] and Re[⋅] denoting the imaginary and the real part 
of a complex number, respectively. 
    To provide temporal non-stationary, the piece-wise 
continuous function (Amin and Ang 1968) is used; its 
functional form is 
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    The total duration of the parametric modulating 
function at a site is contributed by both source and path, 
 

T0 = Tsource + Tpath (24)

in which, the source duration Tsource is expressed as 

wsource faT =  (25)
 
where fw = fa for the two-corner frequency source model in 
Eq. (4) and a = 1/2 in most cases (Atkinson and Boore 
1998). 
    The path duration Tpath is distance-dependent to account 
for the spreading out of the source energy due to scattering 
and wave-propagation effects, and can be expressed as 
(Atkinson and Boore 1998): 
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where R is the hypocentral distance defined in Eq. (5b). 
 
 
4.  COHERENCY AND SPATIAL-VARIABILITY 
 
    The complex coherency function γjk(ω) in Eq. (16) is 
expressed 
 

[ ]),(exp),(),()( ωξθωξγωξγωγ jkjkjkjk i==    (27)

 
in which, the real term |γ(ξjk,ω)|, 0 ≤ |γ(ξjk,ω)| ≤ 1 called the 
lagged coherency characterises the variation in space. The 
complex term called coherency phase implies the variation 
in time. ξjk is the separation distance between sites j and k.  

    The functional form of Harichandran and Vanmarcke 
(1986) lagged coherency, one of the most cited empirical 
coherency models in the literature (Zerva 2009), is used in 
this paper. 
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The original values of the model parameters are A = 0.736, α 
= 0.147, β = 2.78, f0 = 1.09 Hz, and k = 5210 m. The 
shorter/longer separation distance-dependence was 
incorporated in Eqs. (28). Parameters for subsurface sites at 
various separation distances have recently been estimated by 
Dinh et al. (2011). 
    Incorporating wave passage effect and arrival-time 
perturbations in the coherency phase angle, Eq. (27), gives 
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The shear velocity Vs is used in Eq. (29) as shear waves are 
predominant in an earthquake. Δtr,jk is the random time-delay 
caused by arrival-time perturbations represented by 
Boissières and Vanmarcke (1995) model, where Δtr,jk is a 
normally distributed random variable with zero mean and 
standard deviation 
 

][1041.5107.2 52 mjkξσ −− ×+×=  (30)

 
 
5.  MULTI-SUPPORT EXCITATION SOLUTION 
 
    Consider a MDOF structure having ns supports 
subjected to excitation time histories ug = 〈ug1 ug2 … ugns〉, in 
which ugi is different from those at the other supports. The 
motion equations including support motions are 
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where ut
 is the total responses of structure with respect to a 

fixed reference frame,  
 

ut = us + u (32)
 
M, C, and K are the mass, damping and stiffness matrices of 
the structure with the supports being fixed, hereafter call 
rigid-base supports. Mgg, Cgg, and Kgg are the mass, damping 
and stiffness matrices corresponding to the ground motion 
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degrees of freedom (i.e. support motions). Mg, Cg, and Kg 
accounts for the coupling of the inertia, dissipation, and 
stiffness between structural degrees of freedom and ground 
motion degrees of freedom.  
    As the structure responses are of interest, after 
rearranging, the motion equations of the structure are 
(Clough and Penzien 2003) 

gggggg
ttt uKuCuMKuuCuM −−−=++  (33)

    The pseudo-static response us in Eq. (32) can be 
obtained from Eq. (33) by neglecting all dynamics effects 

ggg
s EuuKKu -1 =−=  where gKKE -1−=  (34)

E is defined as the influence coefficient matrix, whose kth 
column represents the displacements at the unconstrained 
DOF when the kth support DOF is displaced by a unit 
amount, while all other support DOFs remain fixed. 
    Substituting ut in Eq. (32) and us in Eq. (34) into Eq. 
(33), noting that the stiffness term in the right-hand side is 
zero due to the definition of E, yields 

gggg uCCEuMMEKuuCuM ⎥⎦
⎤

⎢⎣
⎡ +−⎥⎦

⎤
⎢⎣
⎡ +−=++ (35)  

    The zero stiffness term in Eq. (35) will also eliminate 
any effective input associated with a stiffness-proportional 
component of the viscous damping in its right-hand side. It 
was demonstrated that by numerical experiment, the entire 
velocity-dependent part of the effective input in Eq. (35) is 
negligible in comparison to the contribution due to inertia if 
the viscous damping ratio has any reasonable value (Clough 
and Penzien 2003). That assumption has been widely 
adopted by authors investigating various structures subjected 
to multi-support excitation, for example, the transmission 
line  (Ghobarah et al. 1996), multi-span bridge (Konakli 
and Der Kiureghian 2011), and train-bridge interactive 
system (Du et al. 2011). Thus, Eq. (35) can be reduced to 

gg uMMEKuuCuM ⎥⎦
⎤

⎢⎣
⎡ +−=++  (36)  

    To facilitate modal analysis, the assumption of lumped 
mass matrix is widely adopted (Ghobarah et al. 1996, 
Konakli and Der Kiureghian 2011, Du et al. 2011 among 
others). Thus, the coupling of the inertia between structural 
and ground motion degrees of freedom disappears. The 
motion equations of structure reduce to the simplest form 
 

guMEKuuCuM −=++  (37)  
     
    In this research, the consistent mass matrix is available, 
which has been proven to give more accurate vibration 
frequencies and responses compared to the lumped mass 
model. Moreover, the effects of soil on structure are also 
accounted by adding stiffness and modifying the boundary 
conditions of the rigid-base structure. The stiffness matrix of 
a soil-supported structure is no longer modal-decoupled. 

Thus, the effects of inertia coupling in the effective input 
should be considered and Eq. (36) is used in this paper. 
 
 
6.  CASE STUDY 
     
    A two-span simply-supported bridge crossing over a 
river as shown in Figure 1 is considered. The two abutments 
and the mid-support are supported by bored piles. The piles 
reach a hard soil layer at the depth –50 m. The bridge data 
are span length L = 88 m, inertia moment and area of the 
cross section Ic = 5.33 m4 and Ac = 4.0 m2, elastic modulus E 
= 2.0×1011 N/m2, Possion ratio ν = 0.29, mass density ρ = 
7860 kg/m3, and modal damping ratio ζ1 = ζ2 = 0.02. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1. Two-span bridge: (a) Geometry; (b) Rigid-base 
support (RBS) model; (c) Flexible-base mid-support 

(FBMS) model. 
 
Table 2. Properties of source rock and foundation base soil 

 
Property [unit] Source rock Soil at -50 m
Elastic modulus [MN/m2] 70533.12 100 
Poison ratio 0.23 0.25 
Density [kg-mass/m3] 2800 2100 
Damping ratio 0.02 0.05 
Shear velocity [km/sec] 3200 0.14 

 
    An active seismic fault with source depth he = 18 km, 
where an earthquake with moment magnitude M = 7.5 may 
occur, locates at an epi-central distance R0 = 100 km away 
from the bridge. Properties of the rock at the fault are listed 
in Table 2. 
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6.1  Modelling 
    As the two abutments rest on large numbers of piles in 
order to avoid differential settlement with the approach slabs, 
the two end-supports of the bridge can be assumed to rest on 
rigid bases. The mid-support rests on a smaller number of 
plies, which can be modelled as a rigid-base support (RBS, 
Figure 2b) or a flexible-base support (FBMS, Figure 2c). 
    In the flexible-base support, actual soil stiffness and 
damping coefficients are frequency-dependent. For 
simplification, a constant vertical stiffness (Wolf and Deeks 
2004) and a constant vertical damping coefficient (Krammer 
1996) of the soil base can be assumed, respectively, as 
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where the equivalent radius and shear wave velocity are, 
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s

s
s
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ρ
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L and B are the dimensions of the rectangular base, and Gs is 
the shear modulus of the soil. 
    The analytical frequency function is (Karnovsky and 
Lebed 2004) 
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The numerically-solved frequencies of the rigid-base model 
agree well with the analytical values, as shown in Table 3. 

 
Table 3. Comparison of natural frequencies 

 
Analytical 

solution, Eq. (41) 
fn by numerical 
solution [Hz] 

Mode 
n 

λn fn [Hz] RBS 
model 

FBMS, 
2×2 base

1 3.142 1.1818 1.1815 1.1815
2 3.927 1.8461 1.8458 1.2737
3 6.283 4.7257 4.7272 3.1280
4 7.069 5.9820 5.9837 4.7272
5 9.425 10.6339 10.6470 7.5513
6   12.5015 10.6470
7   18.9783 14.5880
8   21.4473 18.9783
9   29.8109 24.1225
10   32.9265 29.8109

     

    In Table 3, the numerically-solved frequencies of the 
flexible-base mid-support support model (Figure 2c) with L 
= B = 2 m shows that the inclusion of soil flexibility at the 
mid-support reduces significantly the natural frequencies (i.e. 
raises the periods) of all vibration modes except the first, 
which is dominant and asymmetric. 
 
6.2 Simulations of earthquake excitations at bridge 

foundation bases 
    The Fourier spectrum of the earthquake acceleration 
excitations at three subsurface sites 1 (0, -50), 2 (88, -50) and 
3 (176, -50) of the bridge foundation bases, are simulated by 
using Eq. (1) and shown in Figure 2a. The time-histories of 
the spatially-varying non-stationary accelerations at those 
sites are also simulated by using Eq. (20) and the 
site-compatible parametric Harichandran-Vanmarcke (1986) 
lagged coherency model. The model parameters estimated at 
the separation distance 88 m are A = 0.4567, α = 0.00798, 
β = 6.848, f0 = 2.608 Hz, and k = 1.799×105 m (Dinh et al. 
2011). 
    Figures 2(b-d) show the averaged Fourier amplitude 
spectra of accelerations over 100 realisations at the three 
sites, which match well with the target spectrum in Figure 2a. 
A realisation of the simulated acceleration at each site is 
given in Figures 3a, b, and c, respectively. The slight 
differences in amplitude among the averaged Fourier 
amplitude spectra in Figures 2(b-d) and among the 
acceleration time histories in Figures 3(a-c) are due to the 
spatial variability and the inclusion of the arrival time 
perturbations. The time lags due to wave-passage effects 
among the time histories in Figures 3(a-c) can be observed. 

 
6.3  Validation of numerical seismic analyses 
    The numerical seismic analysis of structures subjected 
to uniform acceleration (UA) excitations was validated by 
comparing to an analytical solution (Dinh 2004). To verify 
the numerical seismic analysis of structures subjected to 
spatially-varying acceleration (SVA) excitations, the UA 
excitations at all supports are assumed and the responses are 
compared to the UA solution (Figure 4). The inclusion of 
soil flexibility is verified by using so hard soil that the 
mid-support base becomes rigid (Figures 4 and 5). 

 
6.4 Effects of spatially-varying acceleration (SVA) 

excitation and soil flexibility on structure responses 
    Figure 6 shows that the maximum vertical 
displacement of the left mid-span of the RBS model by SVA 
excitations is considerably larger than the response by UA 
excitation. There is phase difference in the second half the 
time history. 
    The vibration periods of FBMS model are considerably 
larger that of RBS model as observed in Figures 7 and 8. 
That can be explained by the frequencies in Table 3. 
Contrary to the response of the RBS model, the 
displacement amplitude of the FBMS model is initially 
small and much amplified in the second half of the duration.  
When the soil damping is not accounted in the FBMS model, 
the amplitude peaks are larger than that of the RBS model. 
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Figure 2. Fourier amplitude spectra of accelerations at bridge foundation bases: (a) target simulated by Eq. (1); ensembles over 

100 realisations at: (b) site 1, (c) site 2, and (d) site 3 using Harichandran-Vanmarcke 1986 coherency model with 
site-compatible parameters, wave-passage effect (WP) and arrival-time perturbations (ATP) included. 

 

(b)(a) 

(c) (d)

(a) 
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Figure 3. Samples of acceleration excitations at foundation bases simulated using parametric Harichandran-Vanmarcke 1986 
coherency model, wave-passage effect (WP) and arrival-time perturbations (ATP) included: (a) site 1; (b) site 2; and (c) site 3. 

 

 
Figure 4. Vertical displacement at the left mid-span (A) of FBMS model (hard soil) UA excitation (continuous line), RBS 

model UA excitation (dotted line), and RBS model UA excitation with SVA solution (x). 
 

 
Figure 5. Vertical displacement at left mid-span of FBMS model hard soil (continuous) and RBS model (x), SVA excitations. 

 

(c) 

(b) 
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Figure 6. Vertical displacement at the left mid-span of RBS model, SVA excitations (continuous heavy line) and UA 

excitation (red dashed x). 
 

 
Figure 7. Vertical displacement at the left mid-span of of FBMS model with undamped soil and base 2 x 2 m (continuous 

heavy line) and RBS model (red dashed x), SVA excitations 
 

 
Figure 8. Vertical displacement at left mid-span of FBMS model with undamped soil and base 2 x 2 m (continuous heavy 

line) and RBS model (red dashed x), SVA excitations 
 
 

3.  CONCLUSIONS 
 
    Simulations of spatially-varying non-stationary 
earthquake motions at subsurface sites have been presented. 
The motions are compatible to the sites in both 
spatial-variation and earthquake energy. The stochastic 
Fourier spectrum characterizing the energy accounts for 
source spectrum, attenuation, geometrical spreading and 
source-to-site amplification. The spatial-variation is 

represented by existing lagged coherency functional forms 
and their site-compatible parameters and uniform and 
random phases. A clear application of the simulation 
procedure has been shown in the case study of a two-span 
bridge locating at 100 km away from an active seismic fault 
having source depth of 18 km. An earthquake with moment 
magnitude 7.5 may occur at the fault. As the bridge supports 
are founded on deep bored piles; the spatially-varying 
earthquake motions at the three subsurface sites of the 
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foundation bases are necessary and have been simulated and 
verified. The spatial-variation of the simulated subsurface 
excitations has exhibited considerable effects on the 
responses of both rigid-base and flexible-base mid-support 
models of the bridges. 
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Abstract:  Grounds and fault fracture zones are well known as anisotropic media, and it is desirable to consider 
anisotropy in numerical simulation of seismic wave propagation. Boundary element method (BEM) is well known as an 
effective numerical approach for wave propagation analysis in infinite or semi-infinite domain. However a classical 
time-domain BEM has some disadvantages such that its formulation is complicated. To overcome these disadvantages, a 
convolution quadrature boundary element method (CQ-BEM) is formulated for general anisotropic elastic media and 
numerical examples are presented. This method requires Laplace-domain fundamental solutions. The CQ-BEM can 
produce stable solutions, even for small time steps, which are not adequate in the conventional time-domain BEM.  

 
 
1.  INTRODUCTION 

 

Seismic motions produced by the fracture of an 

earthquake fault propagate in ground as elastic waves and 

frequently cause tremendous destruction of buildings and 

infrastructures. Therefore, the understanding of elastic waves 

can help not only predict ground motions by earthquake but 

also reduce seismic damages. Grounds and fault fracture 

zones are well known as anisotropic media, since there are 

many voids and cracks, and oriented cracks produce 

anisotropic elasticity (Nishizawa 2005, Nishizawa and 

Kanagawa 2005). However, in numerical analysis, they are 

often treated as isotropic media. This is because the analysis 

of isotropic media is easier than that of anisotropic media. 

Anisotropic media generate one polarized longitudinal wave 

(qP-wave) and two polarized transverse waves (qS1-, 

qS2-wave), and show complicated wave phenomenon, 

sometimes unusual propagation due to dispersive properties 

caused by variable wave velocities in different directions. In 

the case of isotropic media, two transverse wave velocities 

are degenerated into one shear velocity, and relatively simple 

wave behaviors are seen according to no dispersive 

characteristic. Therefore, it is desirable to consider 

anisotropy in analysis of grounds and fault fracture zones.  

Boundary element method (BEM) is well known as an 

effective numerical approach for wave propagation analysis. 

BEM requires only boundary discretization and can deal 

with infinite or semi-infinite domain. Time-domain BEM 

has applicability to nonlinear problems. Therefore 

time-domain analysis is important in some engineering 

fields. In conventional time-domain BE analysis, there are 

few analyses considering anisotropy (Tan et al. 2005). This 

is because the conventional time-domain BEM has some 

disadvantages such as complicated mathematical 

formulation and numerical instability for small time 

increments. In recent years, the convolution quadrature 

boundary element method (CQ-BEM) has been researched 

by Schanz and Antes (1997), and Zhang (2000). The CQM 

improves the numerical stability of the time-domain BEM. 

While the conventional time-domain BEM uses 

time-domain fundamental solutions, the CQ-BEM requires 

Laplace-domain fundamental solutions. Therefore, the 

CQ-BEM can produce stable solutions, even for small time 

steps which are not adequate in the conventional 

time-domain BEM. In addition, the formulation becomes 

easier than the conventional one. 

In this paper, the formulation of the convolution 

quadrature boundary element method for general anisotropy 

will be presented, and the validity of this method will be 

discussed by showing numerical examples. In addition, we 

will implement parallel computing method based on 

OpenMP, and discuss its effect.  

 

 

2.  WAVE PROPAGATION THEORY FOR 

GENERAL  ANISOTORPY 

 

Anisotropic media have some features which are 

different from isotropic one. There are some different types 

of anisotropy, for example, orthogonal anisotropy and 

transverse isotropy. To understand the property of 

anisotropic media, let us consider to solve Christoffel’s 

equation, given by Eq. (1). 
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Figure 1  Slowness curve (Ohshima Granite, 𝒙𝟏-𝒙𝟐 plane) 

(Γ𝑖𝑘 − 𝜌𝑐2𝛿𝑖𝑘)𝑑𝑘 = 0 (1) 

 

In Eq. (1), 𝜌 and 𝑐 are the density and the wave velocity 

respectively. 𝑑𝑘 shows the porlarization vector, and 𝛿𝑖𝑘 is 

Kronecker’s delta. Γ𝑖𝑘 is Christoffel’s equation and given as 

Γ𝑖𝑘 = 𝐶𝑖𝑗𝑘𝑙𝑙𝑗𝑙𝑙. 𝐶𝑖𝑗𝑘𝑙  and 𝑙𝑗 are the elastic tensor and the 

wave propagation vector.  

Solving Eq. (1) as an eigenvalue problem, we can obtain 

𝜌𝑐2  and 𝑑𝑘  as three eigenvalues and eigenvectors, 

respectively. Anisotropic media have three waves which 

wave velocities are obtained as the eigenvalues. These three 

waves are called a quasi P-wave and two quasi S-waves. The 

wave with fastest velocity is called a quasi P-wave and the 

other two waves are called quasi S-waves.  

    The slowness curve 𝑠𝑘
(𝑚)

, given by Eq. (2), is helpful 

to understand the property of wave propagation for 

anisotropic media.  

 

𝑠𝑘
(𝑚)

=
1

𝜌𝑐(𝑚) 𝑙𝑘 ,    𝑚 = 1,2,3 (2) 

 

Using Eq. (2), we can draw slowness curves in figures. 

Figures 1 to 3 show the slowness curves in different 

coordinate planes regarding Ohshima granite. Ohshima 

granite is known as an orthotropic body and its elastic tensor 

is given by Table 1 (Sano et al. 1991).  

 

 

3.  TIME-DOMAIN BOUNDARY ELEMENT 

METHOD USING CQM 

 

3.1  Convolution Quadrature Method 

 

Convolution quadrature method (CQM) was proposed 

by Lubich (1988a,1988b) and this method gives a    

numerical approximation of convolution integrals. It is 

known that the CQM improves instability in a time stepping 

procedure. The formula of CQM is written as follows:  

 

𝑓 ∗ 𝑔(𝑛∆𝑡) = ∑ 𝜔𝑛−𝑘
𝑛
𝑘=0 (∆𝑡)𝑔(𝑛∆𝑡),  

𝑛 = 0, 1, 2, ⋯ , 𝑁 (3) 

 

where ∆𝑡 is the time increment and 𝜔𝑛  are quadrature 

weights. Quadrature weights are determined with the help of 

Laplace transform and a linear multistep method and given 

by the following equation:  

 

𝜔𝑛 ≃
𝑅−𝑛

𝐿
∑ 𝑓 (

𝛾(𝑧𝑙)

∆𝑡
)𝐿−1

𝑙=0 e−𝑖
2𝜋𝑛𝑙

𝐿  (4) 

 

where 𝑓  is Laplace transform of 𝑓  and 𝑅  is a CQM 

parameter. γ(𝑧𝑙)  is the quotient of the generating 

polynomials written by the following equation. 

 

Figure 2  Slowness curve (Ohshima Granite, 𝒙𝟏-𝒙𝟑 plane) 

Figure 3  Slowness curve (Ohshima Granite, 𝒙𝟐-𝒙𝟑 plane) 

Table 1  Elastic tensor (Ohshima Granite) 

𝑪𝑰𝑱 GPa 

35.0 5.0 8.0 0 0 0 

 50.0 10.0 0 0 0 

  55.0 0 0 0 

   25.0 0 0 

 Sym.   20.0 0 

     15.0 
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γ(𝑧) = ∑
1

𝑖
(1 − 𝑧)𝑖𝑘

𝑖=1  (5) 

 

Eq. (5) is the backward differentiation formulas of order 𝑘, 

and now we use Eq. (5) with 𝑘 = 2.  

 

 

3.2  Formulation of Time-Domain Boundary Element 

Method using CQM 

 

We consider a wave scattering problem in an infinite 

domain. Initial conditions are given as follows:  

 

𝑢𝑖(𝐱, 𝑡 = 0) = �̇�𝑖(𝐱, 𝑡 = 0) = 0 (6) 

 

where 𝑢𝑖  is the displacement in the infinite region. In 

addition, boundary conditions are given as follows:  

 

𝑢𝑖(𝐱 ∈ 𝑆1, 𝑡) = �̅�𝑖 , 𝑡𝑖(𝐱 ∈ 𝑆2, 𝑡) = 𝑡�̅� (7) 

 

where 𝑡𝑗  is the traction, and �̅�𝑖  and 𝑡�̅�  are known 

boundary values. 𝑆 is the boundary defined as 𝑆 = 𝑆1 +
𝑆2.  

Time-domain boundary integral equations are derived 

by the elastodynamic reciprocal theorem (Kobayashi et al., 

2000) and written as follows:  

 

𝐶𝑢𝑖(𝐱, 𝑡) = 𝑢𝑖
in(𝐱, 𝑡)  

+ ∫ 𝑈𝑖𝑗(𝐱, 𝐲, 𝑡) ∗
𝑆

𝑡𝑗(𝐲, 𝑡)𝑑𝑆(𝐲)  

+ ∫ 𝑇𝑖𝑗(𝐱, 𝐲, 𝑡) ∗
𝑆

𝑢𝑗(𝐲, 𝑡)𝑑𝑆(𝐲),    𝐱 ∈ 𝐷 (8) 

 

where 𝑢𝑖
in is the displacement of the incident wave. 𝑈𝑖𝑗  

and 𝑇𝑖𝑗 are the fundamental solution and its double layer 

kernel respectively, and 𝐶 is the free term.  

    Taking the limit process of 𝐱 ∈ 𝐷 → 𝐱 ∈ 𝑆 , and 

discretizing boundary integral equations (8) with the CQM 

for time and with the collocation method for space, we can 

obtain the following discretized boundary integral equations:  

 
1

2
𝑢𝑖(𝐱, 𝑛∆𝑡) = 𝑢𝑖

in(𝐱, 𝑛∆𝑡)  

+ ∑ ∑ [𝐴𝑖𝑗
𝑛−𝑘(𝐱, 𝐲𝛼)𝑡𝑗

𝛼(𝑘∆𝑡)𝑛
𝑘=1

𝑀
𝛼=1   

−𝐵𝑖𝑗
𝑛−𝑘(𝐱, 𝐲𝛼)𝑢𝑗

𝛼(𝑘∆𝑡)] (9) 

 

where 𝑀  is the number of elements and y𝛼  is the 

collocation point in 𝛼–th element. 𝐴𝑖𝑗
𝑛−𝑘  and 𝐵𝑖𝑗

𝑛−𝑘  are 

influence functions. In Eq. (9), transposing unknown values 

to LHS, and known values to RHS, we can obtain the 

following equation.  

 
1

2
𝑢𝑖(𝐱, 𝑛∆𝑡) + ∑ [𝐵𝑖𝑗

0 (𝐱, 𝐲𝛼)𝑢𝑗
𝛼(𝑛∆𝑡)𝑀

𝛼=1   

−𝐴𝑖𝑗
0 (𝐱, 𝐲𝛼)𝑡𝑗

𝛼(𝑛∆𝑡)]=  

𝑢𝑖
in(𝐱, 𝑛∆𝑡) + ∑ ∑ [𝐴𝑖𝑗

𝑛−𝑘(𝐱, 𝐲𝛼)𝑡𝑗
𝛼(𝑘∆𝑡)𝑛−1

𝑘=1
𝑀
𝛼=1   

−𝐵𝑖𝑗
𝑛−𝑘(𝐱, 𝐲𝛼)𝑢𝑗

𝛼(𝑘∆𝑡)] (10) 

 

Considering the boundary conditions, we can solve Eq. (10) 

each time step.  

Influence functions based on CQM are written as 

follows:  

 

𝐴𝑖𝑗
𝑚(𝐱, 𝐲𝛼) =

𝑅−𝑚

𝐿
∑ [∫ �̂�𝑖𝑗(𝐱, 𝐲, 𝑠𝑙)𝜙𝑡(𝐲)

𝑆
𝑑𝑆(𝐲)] 𝑒−i

2𝜋𝑚𝑙

𝐿𝐿−1
𝑙=0  (11) 

 

𝐵𝑖𝑗
𝑚(𝐱, 𝐲𝛼) =

𝑅−𝑚

𝐿
∑ [∫ �̂�𝑖𝑗(𝐱, 𝐲, 𝑠𝑙)𝜙𝑢(𝐲)

𝑆
𝑑𝑆(𝐲)] 𝑒−i

2𝜋𝑚𝑙

𝐿𝐿−1
𝑙=0  (12) 

 

where �̂�𝑖𝑗  and �̂�𝑖𝑗  are the fundamental solution and its 

double layer kernel in Laplace-domain, respectively, and 𝑠𝑙 

is the discretized Laplace parameter. 𝜙𝑢 and 𝜙𝑡 are shape 

function corresponding to displacement and traction. In Eq. 

(11) and (12), we can find that boundary integrals are similar 

to that in conventional frequency-domain BEM. Therefore, 

it can be said that the formulation of CQ-BEM is similar to 

that of the frequency-domain BEM.  

    For anisotropic media, fundamental solutions in 

Laplace-domain �̂�𝑖𝑗  were derived by Wang and Achenbach 

(1994) as follows:  

 

�̂�𝑖𝑗(𝐱, 𝐲, 𝑠) = �̂�𝑖𝑗
𝑆 (𝐱, 𝐲)+�̂�𝑖𝑗

𝐷(𝐱, 𝐲, 𝑠) (13) 

 

�̂�𝑖𝑗
𝑆 (𝐱, 𝐲) =

1

8𝜋2𝑟
∫ Γ𝑖𝑗

−1(𝐧)𝑑𝑆(𝐧)
|𝐧|=1

 (14) 

 

 

Figure 4  Analytical model in 3D infinite region Figure 5  Displacement at point A, B and C 
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�̂�𝑖𝑗
𝐷(𝐱, 𝐲, 𝑠) =  

−
1

8𝜋2 ∫ ∑
𝑠𝐸𝑖𝑚𝐸𝑗𝑚

𝜌𝑐𝑚
2 e−𝑠|𝐧∙𝐱|𝑑𝑆(𝐧)3

𝑚=1|𝐧|=1
 (15) 

 

where �̂�𝑖𝑗
𝑆  and �̂�𝑖𝑗

𝐷 are the static part and the dynamic part 

of the fundamental solution and we can find that the static 

and dynamic parts correspond to singular and regular parts,  

respectively. In Eq. (14) and (15), 𝐸𝑖𝑚 is the eigenvector 

and 𝐧  is a unit vector of wave propagation satisfied 

𝐧 ∙ 𝐱 > 0.  

 

 

3.  NUMERICAL IMPLEMENTATION 

 

In this section, numerical examples are presented. We 

consider a 3D wave scattering problem in an infinite domain. 

The analytical model is a spherical cavity which radius is 𝑎, 

as shown in Figure 4.  

    The validity of our formulation is checked by using 

isotropic parameters. The sphere is divided into 512 

elements. The time step 𝑁(= 𝐿)  is 32, and the time 

increment is given as 𝑐𝐿∆𝑡/𝑎 = 0.08, and 𝑐𝐿  is wave 

velocity of longitudinal wave. Poisson’s ratio 𝜐 is 0.25 The 

incident wave is a plane longitudinal wave given as follows:  

 

𝑢𝑖
in(𝐱, 𝑡) = 𝛿𝑖1

𝜎0

𝜌𝑐𝐿
2 [ℎ𝐿𝐻(ℎ𝐿)],   

ℎ𝐿 = 𝑐𝐿𝑡 − 𝑥1 − 𝑎 (16) 

 

where 𝜎0  is the stress amplitude, and 𝐻(∙)  shows 

Heaviside function.  

    Figure 5 shows the time variation of the displacements 

at A, B and C in Figure 4. In Figure 5, circles show the 

displacements computed by the CQ-BEM, and solid lines 

show the displacements obtaioned by Pao and Mow (1994). 

In Figure 5, we can find that circles almost agree with solid 

lines. Therefore, it can be said that the validity of presented 

formulation is confirmed. The computational time in this 

analysis is about 10 hours by using OpenMP with 24 

threads.  

 

 

4.  CONCLUSIONS 

 

    In this paper, we develop the convolution quadrature 

boundary element method (CQ-BEM) in elastic wave 

propagation problem for general anisotropy, and confirm the 

accuracy of CQ-BEM compared with the method proposed 

by Pao and Mow.  

    The formulation of CQ-BEM is similar to that of 

frequency-domain BEM, even though the CQ-BEM is 

time-domain analysis. Therefore the program coding is 

relatively easy compared with a classical time-domain BEM. 

In addition, stable time-domain solutions can be obtained by 

using CQM. However, much computational time and 

memory are required.  

    In near future, we try to simulate a wave scattering in 

anisotropic media by using anisotropic parameters, and 

reduce computational time and memory by using fast 

multipole method (FMM) and MPI.  
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Abstract:  In this paper, free and forced time harmonic surface waves are studied in a homogeneous orthotropic elastic 
medium.  For free surface waves, the explicit secular equation to calculate the wave speed are obtained considering the 
governing equations and appropriate boundary conditions.  For forced surface waves generated by a subsurface normal 
line load, the far-field surface wave motion is obtained by using the elastodynamic reciprocity theorem, which provides 
an integral relation between two elastodynamic states of same body.  The numerical results are shown for shale. 

 
 
1.  INTRODUCTION 
 

It is well-known that the Rayleigh surface wave 
contains 67% of the total input energy and undergoes very 
gradual amplitude attenuation during a seismic event (Graff, 
1975).  Rayleigh surface waves have been studied in great 
detail as they have several applications in fields such as 
seismology, geophysical prospecting, and non-destructive 
testing.  Previous studies about the Rayleigh surface waves 
in homogeneous elastic half-space from the pioneering work 
of Rayleigh (1885) has been discussed by Ting (2004). 

There has also been study concerning the forced surface 
wave motion generated by surface or subsurface 
time-harmonic loads.  Achenbach (2000) studied the 
surface waves generated by a subsurface point load of 
arbitrary direction in a homogeneous, isotropic elastic 
half-space.  Kulkarni and Achenbach (2008) considered a 
line load applied at the surface of an inhomogeneous 
transversely isotropic elastic half-space to obtain the far-field 
surface wave motion.  Recently, Achenbach and Balogun 
(2010) studied the anti-plane surface waves generated by a 
line load applied at the surface of an inhomogeneous 
isotropic elastic half-space.  Kayestha et al. (2010) studied 
the surface waves generated by a subsurface vertical point 
load in an inhomogeneous transversely isotropic elastic 
medium and Kayestha et al. (2011) investigated the surface 
waves generated by a subsurface horizontal point load in an 
inhomogeneous transversely isotropic elastic medium. 

The present paper concerns surface waves generated 
due to a subsurface time-harmonic line load in a 
homogeneous orthotropic elastic half-space.  The 
elastodynamic reciprocity theorem has been used to obtain 
the amplitude of the surface waves.  This theorem makes it 
possible to solve the line load generated surface wave field 

with an analytical approach, and provides explicit 
expressions for the components of displacement and stress.  
Numerical results are presented for horizontally layered and 
vertically fractured shale, which is can be considered as 
orthotropic elastic material.  The displacement profiles are 
compared with graphite-epoxy composite and isotropic 
material. 
 

 

 

 

 

 

 

 

 
Figure 1 Homogeneous orthotropic elastic half-space 

subjected to a subsurface time-harmonic line load. 
 
 
2.  SURFACE WAVES IN ORTHOTROPIC ELASTIC 
HALF-SPACE 
 

The homogeneous orthotropic elastic half-space with 
the Cartesian coordinate system is chosen such that the 1 -x  
and 3 -axesx  are coincident with the surface of the 
half-space and the 2 0x   defines the half-space (see 
Figure 1). For orthotropic materials, the stress-strain 
relationship can be written as (see Ting 1996), 
 

1x

P

O

2 0x z

2x
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  (1) 

where ij  are the components of stress tensor, 

 , , 2ij i j j iu u    are the components of strain tensor, an 

ijC  are the components of elastic constants, and iu  are the 

components of displacement.  The equations of motion in 

the absence of body forces can be written as 

  , ,ij j iu     (2) 

where   is the mass density, and the superimposed dot 

and comma indicate the differentiation with respect to time 

t  and ,ix  respectively. 

The displacement components are given by 

  
 

 

12

12

1 1 2

2 1 2

( , , ) ,

( , , ) ,

ik x vtikqx

ik x vtikqx

u x x t Ue e

u x x t Ve e








  (3) 

where U  and V  are the components of a constant vector, 
k v  is the wavenumber,   is the cyclic frequency, 
v  is the phase speed and q  is the attenuation parameter, 
which needs to be imaginary for the waves to propagate in 
the 1 -directionx  and decay in the 2 -direction.x   In 
what follows the time-harmonic factor i te   is omitted.  
Substituting the stress components from Eq. (1) and the 
displacement components from Eq. (3) in the equations of 
motion given by Eq. (2), results in two coupled ODE’s given 
by 

  
   
   

2 2
11 66 12 66

2 2
12 66 22 66

0,

0.

C q C v U q C C V

q C C U q C C v V





    

    
  (4) 

In order for non-trivial solution to exist, determinant of the 
coefficients must vanish, which yields the characteristic 
equation 

  4 2 0,q Mq N     (5) 

where 

 

  

2
212 12

11
22 22 66 22 66

2 2
11 66 22 66

2 1 1 1
,

.

C C
M v C

C C C C C

N v C v C C C



 

   
       

  

  

  (6) 

Let 1q  and 2q  be the two roots of Eq. (5) given by 

  2 2 2 2
1 2 1 2, .q q M q q N     (7) 

The displacement components can then be written as 

   1 2 2 2 1
1 1 2 1 1 2 2( , ) ,ikq x ikq x ikxu x x m V e m V e e     (8) 

   1 2 2 2 1
2 1 2 1 2( , ) ,ikq x ikq x ikxu x x V e V e e     (9) 

where 

  
 12 66

2 2
11 66

, 1, 2i
i

i

q C C
m i

C q C v


 
 

  (10) 

The relevant stress components can be expressed as 

  
 

  
1 2

2 2 1

12 1 2 66 1 1 1

2 2 2

( , ) 1

1 ,

ikq x

ikq x ikx

x x ikC m q V e

m q V e e

 



 

 
  (11) 

 
 

  
1 2

2 2 1

22 1 2 1 12 1 22 1

2 12 2 22 2

( , )

.

ikq x

ikq x ikx

x x ik m C q C V e

m C q C V e e

 



 

 
  (12) 

The traction free surface conditions can be written as 

     12 1 22 1,0 ,0 0.x x     (13) 

Substituting Eqs. (11) and (12) in Eq. (13) yields  

  

  

  

2 2
11 662

22 66

2 0 2
66

66

0

C v C v
v

C C

C v C v

C

 


 

 

 
 

  (14) 

where 0 2
11 12 22 .C C C C    This equation is the secular 

equation for Rayleigh surface waves in a homogeneous 

orthotropic medium and is identical to Eq. (2.16) of Destrade 

(2007).  For the special case when the half-space is 

isotropic, Eq. (14) reduces to the well-known secular 

equation for Rayleigh surface waves in an isotropic solid 

given by 

  
2 1/2 1/ 2

2 2 2

2 2 2
2 4 1 1 0,

T L T

v v v

c c c

     
         

     
  (15) 

where 2 ,Tc     2 2 ,Lc      in which   and 

  are the classical Lamé moduli.  Making use of Eqs. 

(11)-(13), the displacement components of surface waves 

traveling in an orthotropic half-space are 

 1 2 2 2 11 1
1 1 2 1 2

2 2

1
( , ) ,

1
ikq x ikq x ikxm q

u x x A m e m e e
m q

  
   

  (16) 
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 1 2 2 2 11 1
2 1 2

2 2

1
( , ) ,

1
ikq x ikq x ikxm q

u x x A e e e
m q

  
   

  (17) 

where A  is an unknown coefficient with dimensions of 
length which can be determined using elastodynamic 
reciprocity theorem.   
 
 
3.  SUBSURFACE LINE LOAD 
 

The elastodynamic reciprocity theorem is used to obtain 
the amplitude of the surface waves generated by the 
subsurface normal time-harmonic line load applied inside 
the half-space.  For two elastodynamic time-harmonic 
states A and B of the same body occupying the region V  
with boundary ,S  the reciprocity relation can be written as 
(Achenbach, 2003) 

     ,A B B A A B B A
i i i i i ij i ij jV S

f u f u dV u u n dS       (18) 

where ,A B
i if f  are body forces, ,A B

i iu u  are displacement 
components and ,A B

ij ij   are stress components in states 
A  and ,B  while jn  are the components of the outward 

normal.   

The time-harmonic line load is applied at 1 0,x   

2 0x z  which generates outgoing surface waves in both 
the positive and negative directions.  In addition, this line 
load generates a plane-strain state.  To apply Eq. (18), the 
region V  is defined by 1 2, 0 .a x b x       Thus, 
the elastodynamic state corresponding to the applied line 
load is taken as state A.  For this state A, the body force due 
to the normal line load P  is written as 

   2 1 2 1 2 0, ( ) ( ).Af x x P x x z     (19) 

The displacement components of the surface waves due to 
the line load are given by 

  1
1 1 2 2( , ) ( ) ,Rik xA Ru x x Au x e    (20) 

  1
2 1 2 2( , ) ( ) ,Rik xA Ru x x Av x e   (21) 

where  

 1 2 2 21 1
2 1 2

2 2

1
( ) ,

1
R Rik q x ik q xR m q

u x m e m e
m q

  
   

  (22) 

  1 2 2 21 1
2

2 2

1
( ) ,

1
R Rik q x ik q xR m q

v x e e
m q

  
   

  (23) 

 /R Rk v  in which Rv  is the wave speed of the 
Rayleigh surface waves.  

The expressions for stress components are 

  1
11 1 2 11 2( , ) ( ) ,Rik xA Rx x AT x e    (24) 

  1
12 1 2 12 2( , ) ( ) ,Rik xA Rx x AT x e     (25) 

where  

  11 2 11 2 12
2

( ) ( ) ,
R

R R
R

dv
T x ik C u x C

dx
    (26) 

  12 2 66 2
2

( ) ( ) .
R

R R
R

du
T x C ik v x

dx

 
  

 
  (27) 

For state B, the virtual wave solution, considering the 
surface waves propagating along the positive 

1 -directionx  gives the corresponding expressions for the 
displacement and stress components which can be written as  

  1
1 1 2 2( , ) ( ) ,Rik xB Ru x x Bu x e   (28) 

  1
2 1 2 2( , ) ( ) ,Rik xB Ru x x B v x e   (29) 

  1
11 1 2 11 2( , ) ( ) ,Rik xB Rx x BT x e    (30) 

  1
12 1 2 12 2( , ) ( ) ,Rik xB Rx x BT x e    (31) 

where B  is an unknown coefficient with dimensions of 
length.  Substituting the body force and the relevant 
components of displacement and stress from Eqs. (19)-(31) 
in the reciprocity relation Eq. (18) yields  

  0( ) 2 ,RP v z AI   (32) 

where 

  11 2 2 12 2 2 20
( ) ( ) ( ) ( ) .R R R RI T x u x T x v x dx


    (33) 

Hence the amplitude of the surface waves generated by the 

normal line load is 

  0( )
.

2

RP v z
A

I
   (34) 

Substituting the amplitude A  in Eqs. (20)-(21) and 
(24)-(25) results in the explicit expressions for the 
displacement and stress components. 
 
 
4.  NUMERICAL RESULTS 
 

Numerical results are presented for shale, which was 
proposed by Schoenberg and Helbig (1997) and the 
density-normalized elastic stiffness matrix is given as 

 

9 3.6 2.25 0 0 0

3.6 9.84 2.4 0 0 0

2.25 2.4 5.9375 0 0 0
,

0 0 0 2 0 0

0 0 0 0 1.6 0

0 0 0 0 0 2.182

ijC 

 
 
 
 

     
 
 
 
  

 (35) 

where the components of the elastic constants have 
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dimensions of squared speeds, expressed in  2
km s .   

Thus, in this orthotropic half-space the Rayleigh wave 
travels with the wave speed 1.411 km s ,v   which has 
been obtained after substituting the elastic constants given in 
Eq. (35) into the secular equation Eq. (14).  The 
displacement profiles of shale are then compared with 
graphite-epoxy composite and isotropic material, the 
material properties for which are shown in Table 1.  

The displacement components of the surface waves due 

to the normal line load are normalized as  1 1 66u u C P  

and  2 2 66 .u u C P   A non-dimensional frequency 

 0 Tz c   has been introduced, where 2
66 .Tc C    

In addition, the non-dimensional horizontal distance 1 0x z  

and the non-dimensional vertical depth 2 0x z  are used.   
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Figure (2) shows the variation of the real part of the 
non-dimensional displacement components 1u  and 2u  
along the depth direction for different non-dimensional 
frequencies   at the non-dimensional horizontal distance 

1 0 0.1.x z    The nature of the Rayleigh surface wave can 
be seen very clearly in the displacement profiles, which 
decay rapidly with the increasing depth.  The displacement 
components at low frequency decays slower than that at 
higher frequency. 
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Table 1 Material constants 

Material 11C  12C  22C   4
66 10C   

Graphite-epoxy[a] 3.504 1.732 29.822 0.55 

Isotropic 
Material[b] 

3.0 1.0 3.0 1.0 

[a] Arcisz and Sih (1984), [b] Rajpakse and Wang (1993), 

66/ .ij ijC C C   

Figure (3) shows the comparison of displacement 
profile for shale, graphite-epoxy and isotropic material for a 
non-dimensional frequency 1   at the non-dimensional 
horizontal distance 1 0 0.1.x z    The displacement profile 
for isotropic material has larger amplitude compared to the 
shale and graphite-epoxy composite, which shows the clear 
influence of the anisotropy.  Since the graphite-epoxy 
composite material is much stiffer in the vertical direction 
(see Table 1), displacement amplitude is much less than 
shale and isotropic material.  The influence of anisotropy 
can be seen very clearly in the displacement profiles. 
 
 
5.  SUMMARY AND CONCLUSIONS 
 

Analytical solutions are presented for displacement and 
stress components of a homogeneous orthotropic elastic 
half-space subjected to a subsurface normal time-harmonic 

 1Re u

2 0x z

Figure 2 Profile of the normalized displacement components
(a) 1 2 0(0.1, ; ),u x z   and (b) 2 2 0(0.1, ; )u x z   along 

2 -axisx  for different frequencies. 

Figure 3 Profile of the normalized displacement components 
(a) 1 2 0(0.1, ; 1),u x z    and (b) 2 2 0(0.1, ; 1)u x z    

along 2 -axisx  for different materials. 
(a)

(b)

2 0x z

 1Re u

1.0 
3.0 
5.0 

 2Re u

2 0x z

(a)

(b)

Graphite Epoxy
Isotropic Material

Shale

 2Re u

2 0x z

2(N/mm )
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line load.  Elastodynamic reciprocity theorem is used in 
conjunction with an appropriately selected auxiliary 
elastodynamic solution to obtain the amplitude of the surface 
wave motion.  Numerical results are illustrated for shale at 
different frequency of excitation.  The results of shale are 
compared with graphite-epoxy composite and isotropic 
material. 
 
 
Acknowledgements: 

The first author is pleased to acknowledge a Monbukagakusho 
(Ministry of Education, Culture, Sports, Science and Technology, 
Japan) scholarship for graduate students.  Financial support from 
the Center for Urban Earthquake Engineering (CUEE) through the 
GCOE Program “International Urban Earthquake Engineering 
Center for Mitigating Seismic Mega Risk,” is gratefully 
acknowledged.  

 
References: 
Achenbach, J. D. (2000), “Calculation of Surface Wave Motions 

due to a Subsurface Point Force: An Application of 
Elastodynamic Reciprocity”, Journal of the Acoustical Society 
of America, 107(4), 1892-1897. 

Achenbach, J. D. (2003), Reciprocity in Elastodynamics, 
Cambridge Monographs on Mechanics, Cambridge University 
Press. 

Achenbach, J. D. and Balogun, O. (2010), “Generation and 
Propagation of Anti-Plane Surface Waves on a Body with 
Depth-Dependent Properties”, IUTAM Symposium on Recent 
Advances of Acoustic Waves in Solids, IUTAM Bookseries 26, 
T.-T. Wu and C.-C. Ma (eds.), Springer, 33-43. 

Arcisz, M and Sih, G. C. (1984), “Effect of Orthotropy on Crack 
Propagation” Theoretical and Applied Fracture Mechanics 1, 
225-238. 

Destrade, M. (2007), “Seismic Rayleigh Waves on an Exponentially 
Graded, Orthotropic Half-Space”, Proceedings of the Royal 
Society A 463, 495-502. 

Graff, K.F., (1975), Wave Motion in Elastic Solids. Oxford 
University Press. 

Kayestha, P., Konno, T. and Wijeyewickrema, A. C. (2010), 
“Surface Waves due to Subsurface Point Load Excitation in an 
Inhomogeneous Transversely Isotropic Elastic Medium,” 
Proceedings of the 3rd Asia Conference on Earthquake 
Engineering (3ACEE), CD-ROM Paper No. ACEE-P-108. 

Kayestha, P., Konno, T. and Wijeyewickrema, A. C. (2011), 
“Surface Waves on an Exponentially Varying Transversely 
Isotropic Elastic Medium due to a Subsurface Point Load,” 
Proceedings of the 8th International Conference on Urban 
Earthquake Engineering (8CUEE), 219-225. 

Kulkarni, S. S. and Achenbach, J. D. (2008), “Application of the 
Reciprocity Theorem to Determine Line-Load-Generated 
Surface Waves on an Inhomogeneous Transversely Isotropic 
Half-Space”, Wave Motion, 45, 350-360. 

Rajapakse, R. K. N. D. and Wang, Y. (1993), “Green’s Functions for 
Transversely Isotropic Elastic Half Space”, ASCE Journal of 
Engineering Mechanics, Vol. 119(9), 1725-1744. 

Rayleigh, L. (1885), “On Waves Propagated Along the Plane 
Surface of an Elastic Solid”, Proceedings of the Royal Society of 
London A 17, 4-11. 

Schoenberg, M. and Helbig, K (1997), “Orthorhombic Media: 
Modeling Elastic Wave Behavior in a Vertically Fractured 
Earth”, Geophysics, 62, 1954-1974. 

Ting, T. C. T. (1996), Anisotropic Elasticity: Theory and 
Applications, New York, Oxford University Press. 

Ting, T.C.T. (2004), “Explicit Secular Equations for Surface Waves 
in an Anisotropic Elastic Half-Space from Rayleigh to Today”. 
Surface Waves in Anisotropic and Laminated Bodies and 

Defects Detection, R.V. Goldstein and G.A. Maugin (eds.), 
Kluwer Academic Publisher, 163, 95-116. 

 

- 413 -





JOINT CONFERENCE PROCEEDINGS 

9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 

March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 

 

 

2-D DYNAMIC RUPTURE SIMULATION OF SEISMIC FAULT USING CONVOLUTION 

QUADRATURE TIME-DOMAIN TRACTION BOUNDARY ELEMENT METHOD
 

 

 

Yang Shen
1)

,  Sohichi Hirose
2) 

 
 

 

1) Doctoral Student, Dept. of Mechanical and Environmental Informatics, Tokyo Institute of Technology, Japan 

2) Professor, Dept. of Mechanical and Environmental Informatics, Tokyo Institute of Technology, Japan 

shen.y.aa@m.titech.ac.jp, shirose@cv.titech.ac.jp 

 

 
Abstract:  Research on near-field earthquake has called much attention recently because of its tremendous damage 
to structures. The simulation of dynamic rupture propagation on fault plane is a crucial part in near-field earthquake 
analysis, in which a transient elastodynamic crack problem with hypersingularity has to be solved. To solve this 
problem, a time-domain traction boundary element method (BEM) based on the Convolution Quadrature Method 
(CQM) has been developed, which can overcome the instability of time-stepping solutions that the conventional 
time-domain BEM may bring. During the computation, the Boundary Integral Equations of time-domain traction 
CQM-BEM have been deduced, and the Laplace domain fundamental solutions with hypersingularity have been used. 
Then, a 2-D dynamic fault model was built to simulate the rupture propagation including slip occurrence and ceasing, 
applying “Friction Weakening Law”. Due to the nonlinearity of constitutive relation, numerical iteration procedure 
was used to solve nonlinear equations. The results of the simulation have shown a feasibility of this approach in 
elastodynamic crack problem. 

 

 

1.  INTRODUCTION 

 

In near-field, the source of earthquake cannot be 

approximate to a point source as the way we do in 

far-field. A proper fault model needs to be considered 

during the calculation of seismic wave and ground 

motion. Hence, the simulation of dynamic rupture 

propagation on fault surface is a crucial part in near-field 

earthquake analysis, for which a transient elastodynamic 

crack problem with hypersingularity has to be solved. 

Time-domain Boundary Element Method (BEM) is a 

powerful technique in some engineering analyses such as 

non-linear and transient analyses (Hirose and Saito 

2010). However, using a BEM to deal with complicated 

geographic simulation around seismic fault is still not 

commonly to be seen (Day and Dalguer 2005). The 

challenge for a time-domain BEM is to compute the 

convolution integrals involved stably. In this study, the 

Convolution Quadrature Method (CQM) (Lubich 1988) 

will be applied, with which the convolution integrals of 

the time-domain Boundary Integral Equations (BIEs) are 

numerically approximated by the quadrature formulas, 

whose weights are computed using the Laplace transform 

of the fundamental solution and a linear multistep 

method. In this way, the instability of time-stepping 

solutions in a conventional time-domain BEM can be 

overcome. 

The famous “friction weakening law” (Ida 1972, 

Andrews 1972) is introduced to describe the constitution 

relation of the fault model. With this given constitution 

relation between stress field and displacement 

discontinuity, an iteration procedure is developed to 

obtain the convergent solution of BIEs. Then the 

rupture’s spread on fault plane with respect to time can 

be simulated, after that, the seismic wave field around 

the fault can be calculated. 

In this study, the discretized form of BIEs is 

deduced, based on which a numerical program is 

completed, and also been proved with its correctness. 

Finally, this method is applied into simulation of rupture 

propagation on seismic fault. 

 

2.  TIME-DOMAIN TRACTION CQM-BEM 

 

2.1 Time-domain Boundary Integral Equations for 

Crack Problem 

For an infinite space bounded by the boundaries Σ+ 

and Σ- (crack) shown in Fig.1, following equations can 

be written: 

����, �� = 	 
�����, , �� ∗ ����, �� − �����, , �� ∗ ����, ���
��

�Σ�� 

+ 	 
�����, , �� ∗ ����, �� − �����, , �� ∗ ����, ���
��

�Σ��  �1� 

The time-domain fundamental solutions U and T in 

Eq.(1) have the following properties: 

�����, �, �� = �����, �, ��                                                                      �2� 

�����, �, �� = −�����, �, ��                                                                    �3� 
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Fig. 1  A Crack in an Infinite Space 

Letting the two crack surfaces collapse to the plane 

Σ (with the same normal as Σ+), Eq.(1) becomes: 

����, �� = 	 �����, , �� ∗ Δ�� �, ��
�

�Σ�� 

− 	 �����, , �� ∗ Δ�� �, ��
�

�Σ��                                        �4� 

where,  

Δ�� �, �� = 
����, �� − ����, ��� , 

Δ�� �, �� = 
����, �� − ����, ��� , 

and the normal vector on Σ is unified by that on Σ+, 

namely, t(y) on Σ- is replaced by -t(y) on Σ. Letting the 

field point x in Eq.(4) be the point x0 on the surface Σ 

(assumed to be smooth.), we have: 

1
2  �����!, �� + �����!, ��" = #. %. 	 �����!, , �� ∗ Δ�� �, ��

�
�Σ�� 

− 	 �����!, , �� ∗ Δ�� �, ��
�

�Σ��    �5� 

where p.v. means the principal value integral.  

Hooke’s law is applied to Eq.(4) and Eq.(5) to 

obtain the following time-domain traction BIEs: 

����, �� = 	 '����, , �� ∗ Δ�� �, ��
�

�Σ�� 

− 	 (����, , �� ∗ Δ�� �, ��
�

�Σ��                                        �6� 

when � → �! : 

����!, �� = +. #. 	 '����!, , �� ∗ Δ�� �, ��
�

�Σ�� 

−#. %. 	 (����!, , �� ∗ Δ�� �, ��
�

�Σ��                             �7� 

where, W and V are the time-domain fundamental 

solutions with high-order singularity; f.p. denotes the 

Hadamard finite part integral. 

As Δ�� �, �� = 0 for traction field’s continuity across 

the crack, Eq.(5) and Eq.(7) can be shorten as: 

1
2  �����!, �� + �����!, ��" 
= #. %. 	 �����!, , �� ∗ Δ�� �, ��

�
�Σ��                                              �8� 

����!, �� = +. #. 	 '����!, , �� ∗ Δ�� �, ��
�

�Σ��                           �9� 

Eq.(8) and Eq.(9) are the final forms of time-domain 

Boundary Integral Equations for 2D crack problem. 

Through solving them with boundary conditions, the 

displacement discontinuity or crack opening 

displacement (COD) 0�� �, �� can be obtained. Then, on 

substitution of 0�� �, �� into Eq.(4) and Eq.(6), the 

displacement and stress field of other nodes in the 

infinite domain can be calculated. 

 

2.2  Application of CQM in Traction BIEs 

The principle idea of this CQM is to approximate 

the convolution + ∗ 1��� by a discrete convolution using 

the Laplace transform of the time-dependent function 

+�� − 2�. In general, the convolution integral is defined as 

follows: 

+ ∗ 1��� = 	 +�� − 2�3
!

1�2��2 ,      � ≥ 0                                              �10� 
where ∗ denotes the convolution. The convolution 

integral defined by Eq.(10) is approximated by the CQM 

as follows: 

+ ∗ 1�5∆�� ≃ 8 9:�;�0��1�<0��
:

;=!
 ,     5 = 0,1, … , ?                        �11� 

where time t was divided into N equal steps ∆t. Moreover, 

ωj(∆t) denotes the quadrature weights, which are 

determined by the coefficients of the following power 

series with complex variable z, namely, 

@ AB�C�
0� D = 8 9:�∆��E:

F

:=!
                                                                        �12� 

where F is the Laplace transform of the time-dependent 

function f, which is defined by 

@�G� = 	 +���F
!

H�I3��                                                                               �13� 
In addition, δ�ζ� is the quotient of the generating 

polynomials of a linear multistep method. The power 

series defined in Eq.(12) can be calculated by Cauchy’s 

integral formula. Considering a polar coordinate 

transformation, Cauchy’s integral is approximated by a 

trapezoidal rule with L equal steps 2π/L as follows: 

9:�0�� = 1
2LM 	 @ AB�C�

Δ� D
|O|=ℛ

C�:�Q�C 

≃ ℛ�:
R 8 @ AB�CS�Δ� D

T�Q

S=!
H�UVW:ST                                                  �14� 

where ζX is given by ζX = ℛeUZ[X \⁄ . ℛ is the radius of a 

circle in the domain of analyticity of F (Lubich 1988). 

According to the CQM, Eq.(8) and Eq.(9) are 

arranged into the following equations for n-th time step: 

1
2  �����!, 5∆�� + �����!, 5∆��" 

= 8 8 ^��:�_
:

_=Q

`

a=Q
��!, a�∆���a, b∆��                                                    �15� 
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�� ��!, 5∆�� = 8 8 c��:�_
:

_=Q

`

a=Q
��!, a�∆���a, b∆��                            �16�  

where ∆t denotes the time increment and M is the 

number of boundary elements. Matrix A
m and B

m are 

influence functions, which are defined as follows: 

^d��, � = ℛ�d
R 8 	 �e��, , GS�H�UVWdST �fgh

T�Q

S=!
                                  �17� 

cd��, � = ℛ�d
R 8 	 'i ��, , GS�H�UVWdST �fgh

T�Q

S=!
                                �18� 

where, �e��, , GS� and 'i ��, , GS� are the Laplace domain 

fundamental solutions, their specific forms are not listed 

here in brief. 

 

3.  VERIFICATION OF TRACTION CQM-BEM 

 

To verify the correctness of the method and the 

program, a simple numerical case of crack problem is 

introduced here, and then the result of the recent 

CQM-BEM method will be compared with the former 

research’s, in which a traditional traction time-domain 

BEM was used. 

 

3.1  Problem Statement 

A finite crack of length 2a contained in an infinite 

elastic solid as shown in Fig.2 is being considered. 

 

Fig. 2  A Finite Crack in an Infinite Elastic Solid. 

Poisson’s ratio is taken as v=0.25 and plane strain 

condition is assumed. Transient plane longitudinal (L-) 

wave is supposed as external loading. For a normally 

incident plane L-wave, the incident displacement field is 

given by: 

��W: = �T jT� − kU" × m jT� − kU" ∙ B�U                                                 �19� 

where, UL is displacement amplitudes of the incident 

L-wave, H ∙"is the Heaviside step function. B�Uis the 

Kronecker delta. The corresponding incident stress field 

can be obtained by substituting Eq.(19) into Hooke’s law. 

 

3.2  Numerical Result Comparison 

Fig.3 shows the first 5 step’s COD on the 2a length 

crack in isotropic homogeneous solid under a normal 

incident L-wave whose propagating direction is 

orthogonal with the crack. The result marked by black 

line and dots was given by the previous work by the 

authors (Tan et al. 2005 and Zhang 2002), where a direct 

time-domain traction boundary element method was used. 

The whole crack was divided into 41 elements. 

Considering the local square-root behavior near the 

crack-tips, a special crack-tip element was adopted in 

their research. The result marked by blue line is from 

present research based on time-domain traction 

CQM-BEM. The same time interval of 0.05a/cT is used. 

The crack was divided into 40 elements of equal size. 

The result achieves good agreement with the former 

research. In the first several steps, the increment of COD 

on the center part of the crack shows strong linearity 

with respect to time. In this research, crack-tip elements 

were not been used. To make it simple, the tip elements’ 

COD were fixed artificially with zero value. From the 

comparison we can see that the lack of crack-tip 

elements doesn't show a notable difference. 

 

Fig. 3  Comparison of First 5 Steps’ COD. 

Once the CODs have been computed numerically, 

the Mode-I and the Mode-II dynamic stress intensity 

factors can be obtained by using the following relations: 

o pq���
pqq���r = s√2L

4�1 − %� limx→!
1

√B y∆�O�B, ��
∆�z�B, ��{                                               �20� 

where δ  is the distance from the midpoint of the 

“crack-tip element” to the crack-tip considered. Also, ζ 

and ξ  are the normal and tangential components 

respectively, in the local coordinates centered at the 

crack-tip. The dynamic stress intensity factors represent 

the strength of the inverse square-root singularity of the 

stress field at a crack-tip (Zhang 2002). 

 
Fig. 4 Comparison of Dynamic Stress Intensity Factors. 
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Fig.4 shows the comparison of dynamic stress 

intensity factors’ curve with former two researches 

(Zhang 2002 and Lei et al. 2003). pq��� pq!⁄  is the 

normalized value of pq���. The blue curve represents the 

current result. The agreement is good, apart from a small 

area near the peak of the curve. 

From the two comparisons, we can see that the new 

time-domain traction CQM-BEM is credible and 

effective enough to be applied into the further research. 

 

4.  2-D DYNAMIC RUPTURE SIMULATION OF 

SEISMIC FAULT 

 

Before applying traction CQM-BEM into seismic 

fault simulation, we need to introduce “Friction 

Weakening Law” shortly first. 

 

4.1  Friction Weakening Law 

 

Fig. 5  Friction Weakening Law. (Andrews 1985) 

The friction weakening law is shown in Fig. 5. 

Friction coefficient has the value sI at zero slip, also 

called the static friction coefficient, then decreases 

linearly to s} as slip increases to �!, and is constant at 

s} for larger values of slip (Andrews 1985), this law can 

be described with following equations: 

os�0�� = sI − �sI − s}��0� �!⁄ �      �0� ≤ �!�
s�0�� = s}                                             �0� > �!��                                 �21� 

 

4.2  Iteration Procedure 

The friction weakening law gives a constitution 

relation between stress field and displacement 

discontinuity. However, after substituting Eq.(21) into 

boundary equation Eq.(9), we still cannot solve it directly. 

An iteration procedure is needed to solve this problem. 

Here we explain this iteration procedure in detail. 

First of all, we need to announce our judgment for 

slip occurrence: if traction reaches the frictional strength, 

then slip occurs such as to prevent traction from 

exceeding the frictional strength. A practical way for 

coding, we have: 

�Q��, �� > −sI ∙ �:! ⇒ ∆�Q ≠ 0 ⇔ G�M# �jj��G                                 �22� 
where, �:! is the constant value of normal stress on the 

fault. 

In the beginning, we assume that on some part of the 

fault, the shear stress has already exceeded the static 

friction and a tiny slip has occurred. In this study, a 

certain length of initial rupture L0 as 1/10 or 1/20 of the 

whole fault’s length is always be set, which should be 

greater than a critical crack length. A triangle shape of 

the initial slip ∆�QW:W3WaS with peak value of 5% or 10% 

of d0 will be set, in order to get a faster convergent 

solution in the first time step, as shown in Fig.6.  

 

Fig.6  Fault Model with initial condition assumption. 

We can have these equations for the assumption in 

the first time step: 

s���, 5∆�� =  sI − �sI − s}��∆�Q���, 5∆�� �!⁄ �"                              �23� 
where, n denotes the number of time step, for the first 

step, n=1; the superscript q denotes the number of 

iteration trail step in each time step, for the initial slip,  

q =1. 

Since for this shear-type fault, the normal stress is 

always be assumed to be independent of time, which 

means we can treat it as a constant, then we can obtain 

the following equations: 

�Q��!, 5∆�� = −s���!, 5∆�� ∙ �U��!� = −s���!, 5∆�� ∙ �:!             �24� 
Considering the initial value of shear stress 2! on 

fault plane, we have the boundary equations: 

�Q��!, 5∆�� − 2! 

= +. #. 	 'QQ��!, , 5∆�� ∗ 0�Q �, 5∆��
��:∆3�

�Σ��                          �25� 

By substituting Eq.(24) into Eq(25), we have: 

+. #. 	 'QQ��!, , 5∆�� ∗ 0�Q �, 5∆��
��:∆3�

���� 
= −s���!, 5∆�� ∙ �:! − 2!                                                                        �26� 

Applying CQM, Eq.(26) can be written as: 

8 8 cQQ:�_��!, a�
:

_=Q

`

a=Q
∆�Q�a, b∆�� = −s���!, 5∆�� ∙ �:! − 2!       �27� 

If we arrange all the known terms on the right hand 

side, and leave the unknown term on the left, we can 

rewrite Eq.(27) as: 

8 cQQ! ��!, a�
`

a=Q
∆�Q��Q�a, 5∆�� 

= −s���!, 5∆�� ∙ �:! − 2! − 8 8 cQQ:�_��!, a�
:�Q

_=Q

`

a=Q
∆�Q�a, b∆��   �28� 

∆u1=0 ∆u1=0 

∆u1initial 
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where, 0�Q �a, b∆�� denotes the convergent slip after 

the iteration during each time step before the current one, 

and 0�Q��Q�a, 5∆�� denotes the solution of Eq.(28) in 

the n-th time step which will be brought back to Eq.(23) 

as the (q+1)-th trial step, until we find a convergent 

solution of 0�Q �a, 5∆��. 
When 0�Q �a, 5∆�� − �! > 0.0 , then a constant 

value of friction coefficient s} will be used instead of 

the trial one s���!, 5∆��.  

After obtaining convergent solution in one time step, 

concentration will be moved into a new section of fault, 

in order to simulate the spread of a rupture. Before that 

we need to use the following equations to calculate the 

traction on the whole length of the fault:  

�Q��, �5 + 1�∆�� 

= 2! +  +. #. 	 'QQ��, , �5 + 1�∆�� ∗ 0�Q �, 5∆��
��:∆3�

�Σ��      �29� 

However, we have to use previous step’s slip to fill 

in the place where should be new step’s value, as an 

approximation. Then we judge: on which elements, slip 

has occurred, according to Eq.(22). 

After the rupture length has been renewed through 

adding those new elements of slip occurrence, we can 

move further into the next time step by substituting the 

traction computed from Eq.(29) into Eq.(25), and then 

repeat to do the iteration procedure in the new time step. 

 

4.3  Numerical Result 

 

In the following numerical case, the total length of 

the fault is 2a; the hypocenter is the middle point; 

element length is ∆x; time interval is ∆t. 

 

4.3.1  Slip (Displacement Discontinuities) 

 

Slip’s development is the most significant physical 

quantity on shear-type fault. A sudden slip on fault is the 

main factor of a destructive earthquake. 

Fig.7 shows the slip contours on half of the fault 

with respect to time. The x-axis represents the time step 

increment; the y-axis represents the distance from the 

fault’s edge marked by “0” to the center of the fault; the 

z-axis represents the value of slip. This contours shows 

the development of slip on the fault from center point to 

the edge. The whole rupture propagation on the fault 

lasts 22 time steps, i.e. 0.44 a/cT. Once the rupture 

reaches the edges of fault, it is set to be automatically 

ceased, and the backward slip is not considered in this 

simulation.  

The time interval ∆t is an important parameter in 

time-domain BEM. A smaller interval can bring a better 

resolution, but is also restricted by the singularity of 

fundamental solution. Here a quite fine time interval 

0.02a/cT is used. 

 

 

Fig.7  Slip contours.  

Model parameters: 400elem, ∆t = 0.02a/cT , ∆x=0.005a 

4.3.2  Traction 

Traction is another physical quantity we concern. 

Fig.8 shows the jump of traction (shear stress) on fault 

surface from initial value 2!  to the dynamic value 

s} ∙ �: , locally from hypocenter to fault's edges. The 

meaning of axes is the same as that in Fig.7, and on 

distance axis, fault’s edge is marked by “0”. This traction 

jump reveals the process of stress release on fault surface 

when earthquake happens. 

 
Fig.8  Traction contours.  

Model parameters: 200elem, ∆t = 0.02a/cT , ∆x=0.01a 

4.3.3  Rupture Velocity 

Initial traction 2! is an important parameter in the 

computation model, and it will affect the value of rupture 

velocity (Andrews 1985). However, the selection of a 

proper initial traction value is difficult as it needs 

assumptions about the initial condition on the fault, 

though we still can find relation between initial traction 

level and rupture velocity through numerical parameter 

investigation. 

First of all, we shall define a new parameter,  

G = �sI ∙ �:! − 2!� �2! − s} ∙ �:!�⁄                                                        �30� 
where, sI and s} are the static and dynamic frictional 

coefficients respectively, shown in the Friction 

Weakening Law; �:! is the normal stress on the crack 

which is assumed to be constant; and 2! is the initial 

shear stress which satisfies: s} ∙ �:! < 2! < sI ∙ �:!. 

s is the ratio of traction increase required for initiate 

slip to the final stress drop. This parameter will be used 

in the following analysis as a relative stress level.  
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Fig.9 Rupture velocities of different relative stress level s 

In Fig.9, the rupture velocities of three different 

relative stress levels s at each time step have been 

marked. A normalized value based on S-wave speed cT is 

used. Hence, from this figure, we can see that in all the 

three cases, the rupture velocity increases with time, 

from a low velocity of 0.1cT to a high value close to cL 

(jT j� = √3⁄ ). The case with smaller value of s, namely a 

higher level of initial shear stress, has a faster rate of 

increment on rupture velocity, as well as a larger final 

value of rupture velocity and a shorter duration time for 

propagating on the fault plane. When s=0.5, the final 

value of rupture velocity is 1.7cT, which is very close to 

P-wave speed. Physical explained, a fault with high level 

of initial stress can easily propagate rupture on its surface, 

so earthquake will not happen until the stress level is 

high enough. 

 

4.3.4  Seismic Wave Field 

 

After we obtain the slip ∆� on fault surface in each 

time step, we can calculate seismic wave field in 

near-field around the fault according to Eq.4 and Eq.6. 

A 100 elements’ fault of length 2a is adopted; a field 

with range of 2� × 8�  (shadow area in Fig.10), 

containing 100 × 400 = 40000  nodes (after applying 

symmetric property, only 1/4 of the whole area, i.e. 

shadow part, needs to be  calculated), is selected as 

near-field displacement calculation area. The fault is 

located along x1-axis direction (red line in Fig.10 a) and 

the hypocenter is on the center point of this area. 

In the displacement field around the fault, seismic 

wave is hardly to be found due to a large deformation. 

However, on the nodes little far from the fault (the three 

nodes marked in Fig.10 a), the wave phenomenon can be 

clearly distinguished, as Fig.10 b, c show here. Based on 

the arriving time of wave peaks, S wave and P wave can 

be identified. Due to the large deformation in near-field, 

a residual displacement will be kept after the wave form 

passes through. 

 

 

 

Fig.10  Wave propagation on the 3 points relatively: 

 (a) Fault’s position and the simulation area. The shadow 

denotes the calculation area. (b) u1 on the three nodes, 

marked by 3 colors relatively. (c) u2 on the nodes. 

 

 

Fig.11 Wave field on the 100th time step, ∆t = 0.05a/cT , 

∆x=0.01a: (a) u1, and (b) u2; black line marks the fault. 

Fig.11 a and b show the displacement u1 and u2 in 

the same area as Fig.9 a at the 100th step. Apart from the 

high value of displacement near the fault, which is 

marked by a black line, a seismic wave front can be 

easily distinguished in distance away from the fault. We 

can also see that the wave front is almost parallel with 

fault, which means the propagation direction is vertical 

to the fault. Through comparison with wave field at other 

time steps (only one shows here in brief), the wave speed 

and the attenuation of amplitude can be calculated, and 

S-wave is dominant in this shear-type fault's wave field.  
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5.  CONCLUSIONS 

In this study, the Boundary Integral Equations of 

time-domain traction CQM-BEM have been deduced, the 

Laplace domain fundamental solutions with hyper- 

singularity have been obtained. Then the verification of 

this novel numerical method on crack problem has been 

completed, and finally been successfully applied in the 

simulation of rupture propagation on seismic fault. In the 

numerical results, the slip and traction development on 

fault plane has been obtained; the relation between initial 

stress level and rupture velocity has been uncovered; the 

wave field in the near-field has been simulated. 

However, there is still a long distance between the 

ideal computation model and the real earthquake. More 

factors including anisotropic, inhomogeneous, geology, 

geography, hydrology, and thermodynamics need to be 

considered for a more convinced model. 
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Abstract:  About 5.3 m crustal movement in the horizontal direction and 1.2 m in the vertical direction were observed 
by GPS ground station in the Tohoku earthquake, which occurred on March 11, 2011. In this study, a pre-event 
TerraSAR-X image of Tohoku area, taken on Oct. 21, 2010 and three post-event images taken on March 13, 24 and April 
4, 2011 were used to estimate the constant crustal movements by a subpixel level area-based matching method. Firstly, 
the unchanged buildings were extracted by segmentation using the high backscatter coefficient. Next, the slide distance of 
an unchanged building was calculated by the area-based matching, using the surrounding area from pre- and post-event 
images. To enhance the accuracy of measurement, the original images were resized to 0.25m/pixel, as 1/5 of the original 
pixel size. Finally, the crustal movement in a unit area was obtained by averaging the buildings’ movements in this area. 
The results were compared with the GPS observed data, and the crustal movement was found to be estimated in high 
accuracy by the proposed method. 

 
 
1.  INTRODUCTION 
 

The Mw 9.0 Tohoku Earthquake on March 11, 2011, 
which occurred off the Pacific coast of the northeastern 
(Tohoku) Japan, caused gigantic tsunamis and brought vast 
devastation, and thus many people were lost their lives. The 
epicenter was located at 38.322ºN, 142.369 ºE at a depth of 
about 32 km. The earthquake was resulted from a thrust 
faulting on or near the subduction zone plate boundary 
between the Pacific and North America plates. According to 
the GPS Earth Observation Network System (GEONET) of 
the Geospaitial Information Authority (GSI) of Japan, 
crustal movements more than 5 m at the maximum in the 
horizontal direction and 1 m at the maximum in the vertical 
direction were observed in a wide area (GSI, 2011). 
Although GSI has established about 1,200 GPS ground 
control stations over all of Japan, the distance between two 
neighboring stations is over 20 km. Hence it is still difficult 
to grasp detailed crustal movement distribution just from the 
GPS recording data. 

Interfereomtric analysis of synthetic aperture radar 
(SAR) is one of the powerful tools to map the ground 
deformation (Massonnet et al. 1993). Several researches 
have carried out the approach to detect the displacements 
due to earthquakes by differential SAR interferometry 
(DInSAR) (Stramondo et al. 2002; Chini et al. 2010). 
However, depending on vegetation and temporal 
decorrelation, InSAR may not be able to measure ubiquitous 
deformation at a large scale. Also, InSAR can only detect 
the deformation in the range direction of sensor. A 
pixel-offset method was proposed to detect the deformation 

from SAR and optical images (Michel et al. 1999; Tobita et 
al. 2006). By this method, two images were co-registered 
firstly. Then the local deformation was calculated by 
cross-correlation. However, in the 2011 Tohoku earthquake, 
the extent of crustal movements was much larger than the 
image covering area. If the registration is applied to a pair of 
pre- and post-event satellite images, the crustal movements 
would be diminished. Hence, the standard pixel-offset 
method is not suitable to detect the absolute crustal 
movements in this earthquake. 

In this study, four temporal TSX intensity images taken 
before and after the Tohoku earthquake are used to detect 
crustal movements from the shifts of unchanged buildings. 
Then the accuracy of the proposed method is demonstrated 
by comparing the detected displacements with those from 
GPS ground station records. 
 
 
2.  IMAGE DATA AND PROCESSING 
 

The study area was focused on the coastal zone of 
Tohoku, Japan, as shown in Figure 1(a), which was one of 
the most severely affected areas during the 2011 Tohoku 
earthquake. Four temporal TSX images taken before and 
after the earthquake are shown in Figure 1(b-e), which we 
used for detecting crustal movements. The pre-event image 
was taken on October 20, 2010 (UTC), while the post-event 
ones were taken on March 12 (two days after the 
earthquake) and 23, and April 3, 2011. There is a 37.31° 
incidence angle at the center of the images. All images were 
captured with HH polarization and in a descending path. 
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Images were acquired in the StripMap mode, so the azimuth 
resolution was about 3.3 m while the ground range 
resolution was about 1.2 m. The images were orthorectified 
multi-look corrected products (EEC),  where the image 
distortion caused by variable terrain height was compensated 
for by using a globally available DEM (SRTM). Therefore, 
they have been resampled and projected to a WGS84 
reference ellipsoid with a square pixel size of 1.25 m. 

Two preprocessing approaches were applied to the 
images before extracting the crustal movements. First, the 
four TSX images were transformed to a Sigma Naught (σ0) 
value, which represents the radar reflectivity per unit area in 
the ground range. A Lee filter (Lee 1980) was then applied 
to the original SAR images to reduce the speckle noise, 
which makes the radiometric and textural aspects less 
efficient although it improves the correlation coefficient 
between the two images. To minimize any loss of 
information included in the intensity images, the window 
size of the Lee filter was set as 3 × 3 pixels (approximately 
3.8 × 3.8 m). Registration is typically necessary during the 
preprocessing stage. However, the crustal movements of this 
earthquake occurred in all image areas, so the movement 
detected would be a relative movement if the pre- and 
post-event TSX images were registered. Thus, the pixel 
localization corrected by the GPS orbit determination was 
used directly in this study. According to the product 
specification document publicized by DLR, the achieved 
orbit accuracy error is considered to be below 20 cm 
(Eineder et al. 2010). 
 
 

3.  METHODOLOGY 
 

This study proposes a method for detecting crustal 
movements based on the measurement of the movements of 
unchanged buildings in SAR intensity images. In current 
methods, crustal movements are usually detected by 
registering ground surface. However, during the Tohoku 
earthquake, a gigantic tsunami hit many cities/towns along 
the coast and the ground surface was changed significantly 
by debris or flooded seawater. Thus, our study focused on 
the movements of unchanged buildings to ensure a stable 
correlation and highly accurate movement detection. First, 
segmentation was performed on both images to extract the 
location of building objects. Next, matching was introduced 
to detect unchanged buildings. The displacements of 
unchanged buildings were calculated using an area-based 
matching method. Finally, all the movements of unchanged 
buildings were obtained, and they were considered to be the 
crustal movements in the study area. 
 
3.1  Segmentation and extraction 
 

In most cases, buildings show a higher backscatter than 
other surface objects in SAR images because of their corner 
reflection. To detect the locations of buildings, we 
performed segmentation on the pre- and post-event TSX 
images. According to a visual inspection of the histograms 
of the SAR images, the threshold value of the backscattering 
coefficient between buildings and other objects was set e as 
–2.0 dB. Based on a typical building size, only objects larger 
than 100 pixels (about 150 m2) were extracted as engineered 
(solid) buildings. Thus, objects with an average 
backscattering coefficient greater than –2.0 dB and larger 
than 100 pixels were extracted and used in the next step. Part 
of the color composition of the pre- and post-event building 
images is shown in Figure 2(a). Obvious shifts can be seen 
in the shapes of the same buildings between images. 

The tsunami caused by the earthquake affected vast 
amounts of coastal areas, so many constructions such as 
wooden houses and seawalls were destroyed or carried away. 
Thus, the shifts of unchanged buildings had to be observed 
to measure the crustal movements. A building object 
extracted from the pre-event building image was selected as 
a target object. A rectangular area surrounding the target 
building and exceeding its size was then selected from the 
post-event building image as the search area. An example of 
the target and search areas is shown in Figure 2(b). If a 
building object existed in this area, then the target building 
was considered as unchanged. Based on the GPS ground 
control points data, the maximum crustal movement 
observed during this earthquake was about 5 m, so the 
search area was set as 5 pixels (6.25 m) larger than the target 
object in every direction. 
 
3.2  Calculation 
 

After detecting the locations of unchanged buildings, 
the shifts of building shapes due to the earthquake were 

Epicenter
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＊

＊

＊

Yamato

Rifu

Natori

Watari

＊GPS
Descending

Range

(a)    (b) 

(c)      (d)         (e) 
Figure 1  Study area on the Pacific coast of Tohoku, Japan 
(a) including four GPS ground stations; the pre-event TSX 

image taken on Oct. 21, 2010 (b); and the post-event images 
taken on March 13 (c), 24 (d), and April 4 (e), 2011. 
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calculated using an area-based method. The target area (T) 
was selected from the pre-event intensity image in the 
locations of unchanged building objects, which were 
extracted in the previous step. To improve the accuracy of 
area-based matching, the ground surface surrounding the 
building object within a distance of 3 pixels was also 
included in the target area. The search area (I) was selected 
in the post-event intensity image, which surrounded the 
target area and exceeded it in size. Examples of T and I are 
shown in Figure 3(a). The target and search areas were 
resampled to 0.25 m/pixel by cubic convolution to 1/5 of the 
original pixel size. The shift of building shapes could then be 
detected at a sub-pixel level.  

Area correlation is a method used for designating GCPs 
during image-to-image registration. In this study, the target 
area was overlaid with the search area and a similarity index 
was calculated. The similarity matrix contained the values of 
the statistical comparison between the target and search 
areas. The position in the similarity matrix where the 
similarity index reached a maximum value represented the 
necessary offset that the target had to move along the x- and 
y-axes to match the searching area. 

An example of a calculated similarity matrix is shown 
in Figure 3(b). The target and search areas were selected 
with the same center point, so the maximum value should be 
at the center of the matrix if no movement occurred. In this 
case, the building moved 11 pixels to the east and 5 pixels to 
the south, which indicated that the crustal movement in this 
area was 2.75 m to the east and 1.25 m to the south. 
 

4.  RESULTS 

 
The TSX images in the red frame of Figure 1(a) were 

divided into a square mesh containing 2000 × 2000 pixels 
(2.5 × 2.5 km2), to detect the ground movements. The 
movements of unchanged buildings were calculated in each 
sub-area and the average value was considered to be the 
crustal movement of that sub-area. A square including the 
GPS ground control station, known as Yamoto, is shown in 
Figure 4(a). We extracted 107 buildings from the pre-event 
image, whereas 85 buildings were detected as unchanged 
between the Oct. 21, 2010 and March 13, 2011 images. 
These buildings were mostly distributed outside the areas 
inundated by the tsunami. To ensure that the pre-event 
building matched with the same post-event building 
correctly, only the shift of a building with a similarity index 
higher than 0.8 was counted as a crustal movement. Using 
this method, the shifts of 67 buildings were detected in this 
square area and their movement vectors are shown in Figure 
4(a), with histograms of the movements in the east and north 
directions. The mean value of the displacement was 3.66 m, 
heading toward 107.40º clockwise from the north. 

The crustal movements over the whole area were 
detected in the same way. To ensure the reliability of the 
results, only a sub-area containing more than 5 building 
displacements was counted as a valid sub-area. Thus, several 
sub-areas in mountain region were not valid. The results of 
the other squares including GPS ground control stations Rifu, 
and Watari, are shown in Figure 4(b-c). The shifts of 99 
buildings were detected in the square of Rifu. The mean 
value of the displacement was 3.07 m, heading toward 
103.71º clockwise from the north. And there were the shifts 
of 63 buildings detected in the square of Watari. The mean 
value of the displacement was 2.82 m, heading toward 
99.57º clockwise from the north. Since there was few 
buildings surrounded Natori ground station, the detected 
shifts in this square were only 3, seen as an invalid mesh. 
The displacement vectors throughout the image are shown in 
Figure 5(a) and the distance maps is shown in Figure 6(a). A 
comparison of the movements detected surrounding GPS 
stations shows that the largest movement occurred around 
Yamoto station and it was smaller when moving southwards. 
The angular heading of the detected movements moved 
nearer to the east when heading southwards. The same trend 
was observed in the displacement vectors over all the studied 
area. This trend matched the observed GPS data. Based on 
the standard deviation of the movements in the east and 
north directions, we can see that most motion vectors 
pointed to the same direction in each sub-area. However, 
several arrows still pointed in different directions, which 
were errors. These errors occurred during the matching step. 
In this earthquake, the crustal movements were very large, 
with more than 5 m horizontal shifts in some areas. Thus, the 
search area was sufficiently large to include similar 
neighboring buildings, which led to mismatching. 

Crustal movements were also detected in the periods 
Oct. 21, 2010 to March 24, 2011, and Oct. 21, 2010 to April 

   
(a)     (b) 

Figure 2  Color composition of pre- and post-event 
building images (a); a target building object in the pre-event 

and the search area in the post-event building image (b) 
 

T (pre-event image)

3 pixels

I (post-event image)

5 pixels

(a)     (b) 
Figure 3  Target area T in the pre-event and the search area 
I surrounding the target area in the post-event SAR image 
(a); similarity matrix for the target and search areas (b). 
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4, 2011. Their displacement vectors are also shown in Figure 
5(b-c) and the distance maps are shown in Figure 6(b-c). We 
compared the results over three different periods and the 
movements detected were larger as time passed, which also 
agreed with the GPS data. Large movements can be seen in 
northern areas close the coast. An averaged displacement of 
about 0.32 m occurred between March 13 and 24, while an 
averaged movement of about 0.06 m occurred between 
March 24 and April 4. Based on these results, we have 
shown that our method is also useful for measuring gradual 
movements after a main shock. 
 
 
 
 

 
5.  VERIFICATION 

 
To verify the accuracy and usefulness of the proposed 

method, we compared the detected results with the crustal 
movement data from GPS stations. Surface deformation is a 
vector in three-dimensional space with three components, 
DE, DN, and DZ, in the east, north, and vertical directions, 
respectively. The relationship between an actual crustal 
movement and its shift in a SAR image is shown in Figure 7. 
SAR intensity images are geocoded with a spacing to the 
north and east directions, so the relationship between a 
crustal movement (D) and its shift (M) in a ground range 
SAR image can be described using Eq. (1). 
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where D is the actual movement in the east, north, and 
vertical directions; M is the shift in the SAR image; α is the 
heading angle clockwise from north; and θ is the SAR 
incident angle. 

The GPS recordings made at Yamoto, Rifu, Natori, 
and Watari stations from March 1 to April 25, 2011, were 
converted using Eq. (1) with a heading angle of 190.027° 
and a 37.313° incident angle, as shown in Figure 8. These 
three stations stopped immediately following the earthquake, 

 
(a) Yamoto 

  
(b) Rifu 

(c) Watari 
Figure 4  Results showing the displacement vectors 

detected between Oct. 21, 2010 and March 13, 2011 images, 
which overlap on the color composite of the TSX intensity 
images, with the mesh including Yamoto (a), Rifu (b) and 

Watari (c) GPS station, and histograms showing the 
displacements to the east and north directions. 

 

(a)      (b)              (c) 
Figure 5  Detected displacement vectors in each sub-area in 
the periods: Oct. 21, 2010 to March 13 (a), to March 24 (b) 
and to April 4, 2011 (c), overlapping on the color composite 

of the TSX intensity images. 
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Figure 6  Detected displacement maps in the periods: Oct. 
21, 2010 to March 13 (a), to March 24 (b) and to April 4, 

2011 (c), shown in rainbow color. 
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because they were affected by tsunamis. Natori station was 
the most seriously damaged and it did not restart until April 
18, 2011. The measurement of ground movements in 
satellite images provides an important and effective tool in 
such cases. Since there were only the shifts of 3 buildings 
detected surrounding Natori station, the shift of the nearest 
building was used to compare with GPS data. A comparison 
of the results detected around a GPS station with the 
converted GPS recording demonstrated a very high level of 
consistency. Based on 11 comparison points, the averaged 
differences between the detected result and the GPS 

measurement were about 0.38 m to the east and 0.02 m to 
the north. The maximum differences were less than 0.5 m to 
the east and 0.13 m to the north. 
 

 
6.  CONCLUSIONS 
 

In this study, we proposed a method for detecting 
crustal movements due to a major earthquake on the basis of 
a comparison between two temporal SAR intensity images. 
The method was tested using four temporal TerraSAR-X 
images, including Sendai city before and after the 2011 
Tohoku earthquake, and two temporal images of Tokyo. The 
four sub-areas surrounding GPS stations exhibited stable 
shifts of unchanged buildings, similar to the observed GPS 
data. Subpixel-based matching made it possible to detect 
movements with high accuracy, to within 0.5 m. However, 
the accuracy of our method depends on the location 
accuracy of the original images; hence, the accuracy may be 
lower when the method is applied to mountainous regions. 
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(a)     (b) 
Figure 7  Schematic views of the horizontal (a) and vertical 

displacements (b) in a SAR image. 
 

(a) Yamoto 

(b) Rifu 

(c) Natori 

(d) Watari 
Figure 8  Comparison of movements converted from GPS 

data at Yamoto (a), Rifu (b), Natori (c), and Watari (d) 
ground control stations and the results detected in 

surrounding 13 km2 sub-areas. 
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Abstract:  Radar remote sensing has advantages over the optical remote sensing since it is not affected by the cloud 
cover as well as its capability of operation during both day and night. With the advancement of high resolution radar 
remote sensing, fine details of subject under consideration can be achieved. On 12th Jan 2010, earthquake of moment 
magnitude 7 hit Haiti causing widespread casualty and destruction to the infrastructures. This earthquake was responsible 
for death of 217,000 people, injury to 300,000 people and homeless for 1.2 million people. It was the deadliest event in 
the history of Haiti.  Two sets of high resolution radar imageries from TerraSAR-X (each set of pre-event and post-event 
imagery) were used for the damage detection in city center of Port-au-Prince, the capital of Haiti. Radar characteristics 
like correlation coefficient and backscatter differences were calculated and threshold values of them were overlaid to 
optical images. Changes like building damage after the earthquake were clearly recognized. 

 
 
1.  INTRODUCTION 

 

Disasters have been defined as a serious disruption of a 

community or a society causing widespread human, material, 

economic and environmental losses which exceed the ability 

of the community or society to cope using its own level of 

the resources (ISDR 2010).  
As SAR images are cloud and time independent (both 

day and night operation) data source, they are very reliable 

source of data acquisition particularly in the times of the 

emergency. High resolution imagery as from TerraSAR-X 

has opened a new dimension in delivering the needs of the 

emergency and post-disaster situation monitoring. These 

characteristics are the primary reasons leading to the 

utilization of SAR in the disaster situations including 

earthquakes, wildfire and so on (Matsuoka and Yamazaki 

2004, 2010; Stramondo et al. 2006; Thao et al. 2010). In this 

paper, we analyze the damaged buildings of the 

Port-au-Prince city center in Haiti using high-resolution 

TerraSAR-X images.  

 

2.  THE HAITI EARTHQUAKE 

 

Haiti in general and Port-au-Prince in particular had 

very little experience of earthquakes in the past. Notable past 

earthquakes include that of earthquakes 1701, 1751, 1770 

and 1860 (Eberhand et al. 2010). After about 150 years of 

gap a large earthquake of moment magnitude 7.0 hit Haiti on 

January 12th, 2010. The epicenter was at Leogane (Lat 

18.44°N, Long 72.57°W) about 17 km from capital city 

Port-au-Prince. The depth of earthquake was 13 kilometer. 

Mostly cities like Leogane, Jacmel, Petit-Goave and 

Port-au-Prince were affected. The earthquake caused 

217,000 fatalities; over 300,000 injuries and more than a 

million of displaced people resulting in the deadliest event 

caused by natural disasters in the history of Haiti. Many 

important structures including presidential palace, legislative 

palace, national cathedral, and headquarter of United 

Nations, police stations, hospitals, schools,  sea port and 

university were severely damaged. 403,176 buildings were 

damaged (UNDP 2010). Economic loss is USD 7.9 billion, 

which is just over 120 percent of the country’s gross 

domestic product in 2009 (Government of Haiti 2010). The 

burden of the earthquake is such that even after the 2 years 

of the event half a million people are living in the tents 

(Reliefweb 2012) and only 5 % of the rubble (out of 19 

million cubic meters) could be removed from the street 

(Time 2010).  

  

2.1 The 2010 Haiti earthquake and SAR data 
SAR data employed in this research is from the 

TerraSAR-X satellite system (X- band, λ=31 mm and f = 9.6 

GHz). Pre-event SAR data was from September 17, 2008 

(about 15 months before the event) and post- event data was 

from January 14, 2010 (2 days after the event) as shown in 

Figure 1. Acquisition mode of these data is stripmap with 

polarization HH (single). Incidence angle is 39.32 degree. 

The path of satellite was ascending with right hand look. 

These images have pixel resolution of 1.25 meter. The 

employed data was standard product (2A) and it was 
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radiometrically corrected, sensor corrected, geometrically 

corrected and mapped to a cartographic projection by the 

data provider.  

Besides the SAR data, we also use the optical satellite 

images. The Pre-event image was from QuickBird, QB, (Feb  

4, 2009). Similarly, post-event images were from GeoEye 

(Jan 13, 2010), WorldView-2 (Jan 15, 2010) and images 

from Google Earth. 

 

2.2 Damage detection methodology 

 The study area was chosen in such a way that it 

encompasses the downtown of capital city, covering the 

most visible damage like presidential palace and an area 

both common in an optical and radar imageries. After 

selecting the study area accurate positioning of the two SAR 

images was done. These images were re-sampled changing 

the pixel size from 1.25 m to 0.6 m so that it can be 

compared to high resolution pan-sharpened optical images. 

Lee adaptive filter (Lee 1980) with a 21×21 pixel window 

was applied to each image for speckle removal in the SAR 

images.  

Radiometric calibration of each intensity image was 

done utilizing the equations (1), (2), and (3) (Breit et al. 

2010; Infoterra 2008). The backscattering coefficients 

obtained from the pre- and post-event SAR images have 

been used for change/damage detection (Yonezawa and 

Takeuchi 2001, Matsuoka and Yamazaki 2005, 2007). We 

also calculate backscatter characteristics like backscattering 

difference value (d) and correlation coefficient (r) within a 

21×21 pixel window of the pre- and post-event image using 

equations (1) and (2).  Figure 2 shows the calibrated 

images of the study area. 
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Here, Iai, Ibi represent the i-th pixel values of the post-event 

and pre-event images respectively and
iaI , 

ibI are the 

average values of 21×21 pixels surrounding the i-th pixel. 

 

Finally, threshold values of correlation coefficient (r) 

and backscattering difference (d) were selected by trial and 

error method to detect the damage distribution. The 

threshold values used are r ≤ 0.25 as low correlation and d ≤ 

-4 dB & d ≥ 4 dB as the high backscatter difference. The 

Normalized Density Vegetation Index (NDVI) was 

calculated from the pre-event QuickBird image. Low NDVI 

(≤ 0.1) was utilized for removing the vegetation in the study 

area. The accuracy of damage detection by SAR was 

evaluated by overlying the results in sample areas in low-, 

moderate- and high- density areas against the satellite optical 

images. For the low- and moderate- density areas, damages 

to buildings (Grades 3, 4 and 5) were transferred from the 

post-disaster need assessment (PDNA) survey atlas to the 

GIS environment. PDNA atlas was prepared by 

UNITAR/UNOSAT in collaboration with different agencies 

including the World Bank (UNITAR et al. 2010). Building 

polygons of the sampled areas were drawn over the satellite 

images. Threshold values from the NDVI, r and d were 

overlaid on the building footprint and ratio was taken to 

determine the percentage of area covered by the combined 

area of the backscatter characteristics. Figure 3 shows result 

of percentage of overlaid areas of threshold backscatter 

characteristics upon the building footprints of different 

damage grades based on EMS scale. Grade 3, Grade 4 and 

Grade 5 are damaged buildings while Grade 1 and Grade 2 

represent undamaged buildings. Based on the Figure 3, 

threshold value of 27% was taken for the damage detection. 

If the combined area of the overlapped backscatter 

characteristics is equal or less than 27% of building footprint 

then it will be undamaged otherwise damaged. For this 

purpose we divide buildings into 2 groups namely damaged 

buildings (Grades 3, 4, and 5) and undamaged buildings 

(Grade 1 and 2). Regarding the high density area, area based 

damage estimation was carried out. For this purpose, we 

calculate the areas of sampled block and combined area of 

the overlapped threshold values from NDVI, r and d. 

Before (Sep 17, 2008) After Jan 14, 2010 

Ascending 

 Radar 

Figure 1  SAR data with blue rectangle showing the 

area of interest Figure 2  Calibrated images of the study area 

After (Jan 14, 2010) Before (Sep 17, 2008) 
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Percentage of the probable damage areas was then 

calculated. Figure 4 shows the flowchart of methodology 

adopted in the study. 

 

 

3.  RESULTS AND DISCUSSION 

 

Figure 5 shows the classification of the study area 

based upon urban density. Example of each class is given in 

the inset.  

Figure 6 shows the result of urban classification and the 

corresponding color composite, correlation and 

backscattering map. Figure 6(a) shows the urban density and 

the sampled areas of each density class while Figure 6(b) is 

the composite of calibrated SAR images (red: post-event, 

cyan: pre-event). Red color marks the possible changes in 

aftermath of the earthquake; cyan areas represent decreased 

backscatter while grey areas are the unchanged areas over 

the time. Likewise, Figure 6(c) and Figure 6(d) are the 

correlation and backscattering difference images 

respectively. Correlation value ranges from -0.9 to 1 

while backscattering coefficient difference ranges from 

-28.1 to 28.2 dB.  

When we overlay the union of threshold NDVI(≤ 0.1)  

and backscatter characteristics  (r ≤ 0.25 and d ≤ -4 dB & d 

≥ 4 dB) in low density area as in presidential palace (Figure 

7), it was found that out of 16 damaged building footprints 

(Grade 3, Grade 4 and Grade 5), 12 building footprints  had 

the threshold areas of more than 27%. As discussed in 

methodology they represent the damaged buildings. 

Similarly, 7 out of 10 non-damaged could be correctly 

identified. It is to be noted that non-damaged buildings were 

also identified as damaged buildings. Radar backscatter is 

affected by the path of satellite, building layout and even 

Figure 3  Graph showing the percentage of overlaid areas 

of threshold NDVI and backscatter characteristics to the 

building footprints of different damage grades. Error bar is 

drawn for each mean value with 1 standard deviation. n is 

the number of buildings in each grade Figure 4  Flow chart of methodology adopted 

 in this study 

Figure 5  Classification of study area based upon urban density. Example of each class is given (a) 

low- (b) moderate-(c) high-density area  

 

Legend 
(a) Low (b) Moderate (c) High 

U rb a n _ d e n s it y _ f in a l_ lo w

U rb a n _ d e n s it y _ f in a l_ m o d e ra t e

U rb a n _ d e n s it y _ f in a l_ h i g h

D e s c r ip

L o w

M o d e r a t e

H ig h
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vegetation. When the orientation of tall building is towards 

the radar path, then the adjacent short buildings are affected 

by it. This may happen to the main building in the 

presidential complex and undamaged building was identified 

as damaged one. 

Similarly, if we overlay the union of threshold values of 

NDVI (≤ 0.1), low correlation (r ≤ 0.25) and high 

backscatter difference (d ≤ -4 dB & d ≥ 4 dB) in moderate 

density area as in Figure 8 we noticed that out of 6 damaged 

buildings 4 buildings could be correctly identified by our 

threshold value (overlay percentage of union of threshold 

values within the building footprints ≤ 27% as undamaged 

and more than the threshold as damaged). Out of 16 

undamaged buildings 10 could be correctly recognized. 

Table 1 shows the error matrix of the low- and 

moderate-density areas. Out of 78 damaged buildings, 50 

buildings could be correctly identified while out of the 86 

undamaged buildings 60 buildings were correctly identified. 

The producer’s accuracy for the damaged buildings was 

64.1% while user’s accuracy was 65.8%. Overall accuracy is 

67%.  

(a) (b) (c) (d) 

Figure 7  Example of low density area (sample area i in Figure 6(a)). (a) Color composite (Red: post-event, Cyan: 

pre-event) (b) Pre-event QuickBird image (c) Post-event GeoEye image with damaged buildings in red color 

polygons and subsequent overlay of low correlation, r ≤ 0.25 and low NDVI (≤ 0.1) (d) Overlay of high backscatter 

difference, d ≤ -4 dB & d ≥ 4 dB: yellow color shows the high negative d while orange color is the high d 

(a) (b) (c) (d) 

Figure 6  (a) Urban density of study area. Sampled areas in each density class are 

marked from (i) to (iv) (b) Color composite (Red: post-event, Cyan: pre-event)  

(c) Correlation map (d) Backscattering map  

 

 

 

D e s c r ip
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M o d e r a t e
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Legend 
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Regarding the high density areas as in the Figure 9, the total 

area covered by of low correlation (r ≤ 0.15) and high 

backscatter difference (d ≤ -4dB & d ≥ 4dB) in two sampled 

blocks is 31, 693.79 m
2
 while the blocks have area of 150, 

290.05 m
2
. So the possible damage area is about 21%. The 

reason of low detection ratios from SAR imagery might be 

explained by the density of the study area. It is to be 

mentioned that although we used PDNA’s result as the truth 

data, it was produced from the visual inspection of satellite 

and vertical aerial images. Therefore, survey data from the 

ground is necessary for the more detailed evaluation. 

  

 

Table 1  Error matrix for low- and moderate-density areas 

 Damage No 
damage 

Sum User’s 
accuracy (%) 

Damage  

(G5,G4) 

50 26 76 65.8 

No damage 
(G3,G2,G1) 

28 60 88 61.2 

Sum_PDNA 78 86 164   

Producer’s 

accuracy (%) 

64.1 69.8     

Overall 

accuracy (%) 

      67.1 

(a) (b) (c) 

Figure 8  Example of moderate density area (sample area iv in Figure 6(a)). (a) Color composite (Red: post-event, 

Cyan: pre-event), (b) Pre-event QuickBird image (c) Post-event GeoEye image with damaged buildings in red color 

polygons and subsequent overlay of low correlation, r ≤ 0.25 and low NDVI (≤ 0.1) (d) Overlay of high backscatter 

difference, d ≤ -4 dB & d ≥ 4 dB: yellow color shows the high negative d while orange color is the high d 

(d) 

Figure 9  Example of high density area (sample area vi in Figure 6(a)). (a) Color composite (Red: post-event, Cyan: 

pre-event), (b) Pre-event QuickBird image (c) Post-event GeoEye image and subsequent overlay of low correlation,  

r ≤ 0.15 and low NDVI (≤ 0.1) (d) Overlay of high backscatter difference, d ≤ -4 dB & d ≥ 4 dB: yellow color shows 

the high negative d while orange color is the high d 
 

(a) (b) (c) (d) 
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4.  CONCLUSIONS 

 

We use the high-resolution TerraSAR-X images for 

detecting the building damages for the 2010 Haiti 

Earthquake. Backscatter characteristics like correlation 

coefficient (r) and backscatter difference (d) were calculated 

from pre- and post-event intensity images. Building damage 

detection was evaluated for three different density areas 

using the threshold values of r and d. Damaged buildings 

were effectively detected with low correlation coefficient 

and high backscatter differences. The results from analysis 

show effectiveness of the high-resolution SAR images in 

detecting the building damage even in the densely populated 

areas such as Port-au-Prince. 
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Abstract:  Innovative miniature cone penetration and subsequent liquefaction tests are carried out in a modified triaxial 
apparatus on sand specimens containing fines.  A unique curve relating cone resistance qt and liquefaction strength RL is 
obtained for reconstituted specimens, despite the differences in relative density Dr and fines content Fc, quite contradic-
tory to the current liquefaction potential evaluation practice.  In order to examine cementation effects on the qt~RL, curve, 
a small amount of cement is added to fines in the sand specimens to simulate a long geological period in a short time, 
which tends to increase the liquefaction strength RL more than the penetration resistance qt, resulting in higher liquefac-
tion strength under the same cone resistance with increasing Fc.  Thus it is clarified that not the fines content itself but 
the aging effects such as cementation and prior stress/strain-hisories raise RL for the same qt, where Fc plays an important 
role only for the cementation.  In addition, intact specimens sampled from Pleistocene and Holocene deposits were 
tested in the same test apparatus to know the direct qt - RL relationship.  The RL-value of intact soils are found to be lo-
cated higher than that of the same soil, first disturbed and then compacted to the original density. 
 

 
1.  INTRODUCTION 
 

During the recent Tohoku Pacific Ocean earthquake 
(M9.0), liquefaction extensively took place in Kanto plain, 
more than 200 km far from the earthquake fault.  Almost 
all sand deposits along the Tokyo bay area reclaimed in 
1960’s or later liquefied.  In a good contrast, those older 
than that did not, though both had almost identical SPT blow 
counts.  The liquefied sand generally contained a lot of 
non-plastic fines, with fines content Fc more than 50% in 
many places.  In addition to this case, recent case studies 
reveal that aging effect seems to play an important role in 
seismic liquefaction of sand deposits.  Liquefaction mostly 
occurred in backfills and reclaimed ground of young ages.  
Also pointed out is that cases are increasing in which sands 
containing considerable amount of low-plasticity fines 
liquefied such as in Adapazari during 1999 Kocaeli 
earthquake, in Christchurch during 2010 Darfield earthquake 
in New Zealand and also in Tokyo Bay area during the 
recent M9.0 earthquake.   

In engineering practice, liquefaction potential is eva-
luated using penetration resistance in standard penetration 
tests (SPT) or cone penetration tests (CPT).  If sands con-
tain a measurable amount of fines, liquefaction strength is 
normally raised in accordance to fines content Fc in most 
liquefaction evaluation methods. This Fc-dependent modifi-
cation of liquefaction strength may be originated from li-

quefaction case studies (Tokimatsu and Yoshimi 1983, Seed 
and De Alba 1984), in which empirical boundary curves, 
developed in situ, discriminating data points according to 
liquefaction/non-liquefaction on a chart where seismically 
induced shear stress was plotted versus SPT N1-values in 
many places, were found being strongly dependent on fines 
content.  More directly, Suzuki et al. (1995) carried out 
CPT tests and soil sampling by in situ freezing technique in 
the same sand deposits.  The study showed that the higher 
the fines content the greater the liquefaction strength for the 
same qt-value.   

In contrast to their finding, however, quite a few labor-
atory tests using reconstituted specimens, having the same 
relative density Dr (e. g. Kokusho 2007) or the same void 
ratio (Papadopoulou and Tika 2008), have shown that RL 
clearly decreases with increasing fines content of low plas-
ticity fines from Fc=0% to 30%.  Thus, a lack of under-
standing seems to remain in the current practice for liquefac-
tion potential evaluation in the field in relation with labora-
tory test results for sands containing fines. 

The present authors have been carrying out a systematic 
experimental study in which miniature cone penetrations and 
subsequent cyclic loading tests were conducted on the same 
triaxial test specimens (Kokusho et al. 2005).  An innova-
tive simple mechanism introduced in a normal cyclic triaxial 
apparatus by Kokusho et al. (2003) was used enabling a 
miniature cone to penetrate into the sand specimen at a con-
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stant speed.  The results from the two sequential tests were 
compared to develop direct qt  - RL correlations for sands 
containing various amounts of fines.     

In the first part of the present paper the aging effect by 
cementation is investigated in a series of laboratory tests 
using reconstituted specimens containing fines.  For the 
aging effect, a small quantity of cement was added to re-
constituted specimens to simulate cementation or chemical 
bonding for a geological time span in a short time.  Pene-
tration resistance qt and liquefaction strength RL were meas-
ured in the same specimens to investigate the aging effect on 
the qt - RL correlations considering fines content as a key 
parameter.   

In the latter part of the paper, intact specimens sampled 
from Pleistocene and Holocene deposits were tested in the 
same test apparatus to know the direct qt - RL relationship of 
natural soils.  Then, the same soils, disturbed and then re-
constituted to the original density, were tested to compare 
the results with the intact soils from the viewpoint of aging 
effect. 
 
2. TEST APPARUTUS, SOIL MATERIAL & TEST 
PROCEDURES 
 

In the triaxial apparatus used in this research, the spe-
cimen size was 100 mm in diameter and 200 mm in height.  
In the liquefaction tests, the soil specimen was loaded cycli-
cally by a pneumatic actuator as a stress-controlled test.  In 
order to carry out a cone penetration test in the same speci-
men prior to the liquefaction tests, a pedestal below the soil 
specimen was modified as shown in Fig.1, so that a minia-
ture cone can penetrate into the specimen from the bottom.  
For that goal, the pedestal consists of two parts, a circular 
base to which the cone rod is fixed and a movable metal cap.  
Through the center of the cap, the cone rod penetrates in the 
upward direction into the overlying specimen.  The annulus 

between the two parts is sealed by O-rings, enabling the cap 
to slide up and down (Kokusho et al. 2003).  During the 
test, the pedestal cap is initially set up at the highest level by 
filling water in the reservoir, and the specimen is constructed 
on it.  By opening a valve at the start of the cone penetra-
tion, the water in the reservoir is squeezed by the cell pres-
sure, resulting in the settlement of a total body of the speci-
men at the top of the pedestal.  Due to the settlement, the 
cone penetrates into the specimen by 25 mm (from initial 
length 45 mm to final length 70 mm). 

The penetration speed is about 2mm per second, much 
slower than prototype CPT and is almost constant irrespec-
tive of the difference in relative density.  The miniature 
cone is 6 mm diameter and 60 degrees tip angle, about 1/6 
smaller in dimension than the prototype cone used in the 
field.  The strain gauges to measure the penetration resis-
tance are glued at the inner wall of the rod tube, 25 mm 
lower than the foot of the cone. 

Beach sand (Futtsu sand) consisting of sub-round par-
ticles of hard quality was used for reconstituted specimens.  
Fines mixed with the sand was silty and clayey soils with 
low plasticity index of Ip=6 sieved from decomposed granite 
in reclaimed ground of the Kobe city, Japan. For the test 
series for cementation, a prescribed quantity of Portland 
cement was completely mixed with the Masa fine soil to 
make it with different degree of chemical activity.  The 
cement content Cc, the weight ratio of cement to soil (in-
cluding fines), varied from 0 to 1.0%, and the fines content 
Fc including the cement changed from 0 to 30%.  This 
means that the ratio Cc/Fc, a parameter representing chemi-
cal activity of fines, varied from 0 to 30%.  Then the sand 
specimen with given Fc was prepared by the wet tamping 
method to make a given relative density Dr, which was 
changed in 3 steps, about Dr=30, 50 and 70%.  The speci-
men was then completely saturated with de-aired water, and 
consolidated under the isotropic effective stress of 98 kPa 

 

Back-pressure 
tube

Porous metal
Cone rod

Miniature cone

(Tip angle:60°)

Water release for 
cone penetration

Water supply for 
initial setup

Gauge signal
Unit (mm)

O-Ring

6.0

Strain gauge

6.0
25.0

112.0

Waterreservoir

            

Movable cap

Cone & rod fixed to the 
pedestal

Water supply 
to inside 
reservoir

Water release 
for cone 

penetration
 

 
    Figure 1.  Cross section (right) and Photograph (left) of the modified pedestal in the lower part of triaxial apparatus 
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with the back-pressure of 196 kPa.  If cement is added to 
fines, the consolidation time was controlled exactly 24 hours 
after wetting, while for tests without cement it was about 2 
hours. 

Then, the specimen was fully saturated by using 
de-aired water in a double negative pressure method so that 
the B-value larger than 0.95 was measured, and isotropically 
consolidated with the effective stress of 98 kPa with the 
back-pressure of 196 kPa.  In the test sequence, the pene-
tration test was first carried out under undrained condition 
after consolidating the specimen.  Then, after releasing 
pore pressure and reconsolidating it under the same confin-
ing pressure again, although the volume change by this pro-

cedure was almost negligible, the liquefaction test was car-
ried out on the same specimen. The sinusoidal cyclic axial 
load applied with the frequency of 0.1 Hz was measured 
with a load cell in the pressure chamber.  The cell pressure 
and the pore-water pressure were measured with electric 
piezometers and the axial deformation is measured with 
LVDT of 50 mm maximum capacity. It may well be sus-
pected that, in such a test sequence, the liquefaction strength 
is possibly influenced by the preceding cone test and subse-
quent reconsolidation. However, it was already confirmed in 
previous research (Kokusho et al. 2005) that the cyclic stress 
ratio for liquefaction was almost unaffected by the cone test 
and reconsolidation. 
 
3. RESULTS ON RECONSTITUTED SPECIMENS 
WITHOUT & WITH CEMENT 
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changed to investigate their effects on penetration resistance 
and undrained cyclic strength.  Figs. 2(a)-(e) show cone 
resistance qt  and associated excess pore-pressure u  plot-
ted versus the penetration length L in the tests for Dr≈50%, 
Fc=0, 5, 10, 20, 30% and Cc=0, 0.5, 1.0%.  It is clearly 
observed that qt for soils without cement (Cc =0) decreases 
with increasing fines up to Fc =20%.  For individual 
Fc–values, qt tends to increase more or less with Cc increas-
ing from 0 to 1%.  The increase is particularly large for Fc 
=20% and Cc=1%.  The excess pore pressure u  building 
up almost linearly with the penetration length L tends to 
decrease with increasing Cc.  In Figs. 3(a), (b), similar pe-
netration test results are shown for sands of Dr≈30% and 
70% with varying Fc but no cement.  It is observed again 
that the increase in Fc tends to decrease cone resistance qt.. 

Figs. 4 (a)-(e) show relationships between the stress ra-
tios R ( 2d c  : d =cyclic stress amplitude, c = effective 
isotropic confining stress) versus the number of loading 
cycles Nc for the double amplitude axial strain ɛDA=5% ob-
tained by undrained cyclic loading tests on sand specimens 
having Dr≈50%, Fc=0, 5, 10, 20, 30%, and Cc=0, 0.5, 1.0%.  
Obviously, the increase in fines content tends to reduce cyc-
lic stress ratio R in specimens without cement as already 
demonstrated by previous researches (e.g. Kokusho 2007).  
Also indicated in the figure is that the R-value increases with 
increasing cement content for all the fines content Fc and the 
increment is larger for Cc=1% and Fc =10 -30%. In Fig. 5(a), 
(b), the similar liquefaction strength results are shown for 
specimens with Dr≈30%, 70% with varying Fc but no ce-
ment.  Again, the increase in Fc obviously decrease the 
R-value for dense sand of Dr≈70% in particular. 

In Fig. 6, test results for different values of Dr, Fc and 

Cc are shown on the RL ~ qt diagram with different symbols.  
The liquefaction strength RL in the vertical axis is defined as 
the cyclic stress ratio R= 2d c  for ɛDA=5% and Nc=20.  
The penetration resistance qt in the horizontal axis is deter-
mined as the maximum value of the cone resistance during 
penetration from the qt ~ L curves shown in Figs. 2 and 3.  
The open symbols in Fig. 6 along the thick dashed line 
which correspond to the specimens without cement are lo-
cated along the thick dashed line in the chart despite wide 
differences in Dr (30~70%) and Fc (0~30%) as already 
pointed out in the previous research (Kokusho et al. 2005, 
2009), indicating that the liquefaction strength RL is uniquely 
correlated to qt irrespective of Fc.  This finding is contra-
dictory with the current liquefaction potential evaluation 
practice, where RL is raised according to Fc. 

The half-close and close symbols in Fig. 6 are from the 
accelerated tests on specimens containing cement.  Among 
them, upward triangles, for instance, represent the case 
Fc=5%, and they move up from the open (Cc =0) to the 
half-close (Cc =0.5%) further to the full-close symbols (Cc 
=1.0%) as Cc / Fc changes from 0 to 20% for the same value 
of Fc =5% as indicated by thin arrows in the diagram.  In 
the similar manner, other symbols move up with increasing 
Cc or Cc / Fc for the same fines content of Fc =10%, 20% and 
30%.  Samples with higher value of Cc / Fc may be consi-
dered as of longer geological age because higher chemical 
activity is exerted in the same soil in the accelerated test.  
This indicates that the cementation effect tends to push up 
the data points on the RL ~ qt diagram from the unique line of 
no cement and gives higher liquefaction strength under the 
same cone resistance.   
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Figure 6  Liquefaction strength RL versus penetration resistance qt diagram for different values of Dr, Fcand Cc.
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In Fig. 7, the same data points as in Fig. 6 are plotted 

again together with star symbols representing in situ soil 
data by Suzuki et al. (1995).  In their research, prototype 
cone tests in situ and laboratory undrained cyclic triaxial 
tests on intact samples recovered from the same soil deposits 
by in situ freezing technique were combined.  It demon-
strates a clear difference in the RL ~ qt relationships due to 
different fines contents of Fc <1.0%, Fc =1.0-10% and Fc 
>10%.  Also noted is that the two research results are in a 
good coincidence not only qualitatively but also quantita-
tively, particularly in the case without cement, despite a 
large difference in the cone size and CPT test procedures.  

Based on the data shown in Fig. 6, the ratio of increase 
in RL or qt with respect to those without cement is shown 
versus the Cc /Fc -value with the fines content Fc as a para-
meter in Fig. 8.  With increasing chemical activity Cc/Fc , 
the RL-value increases more than the qt-value for Fc 10%, 
but it is reverse for Fc  20%.  Also noted in Fig. 8 is that 
not only the Cc /Fc -value but also the fines content Fc in-
creasing up to Fc=20% tends to considerably increase RL and 
qt even under the same cement content of Cc =1.0% as dem-
onstrated by the encircled plots but the trend seems to 
change at Fc=30%.  Thus, there seems to be a kind of tran-
sition between Fc=20% and 30%, where the increasing trend 
in RL or qt with increasing Cc /Fc -value changes.  This may 
possibly have something to do with the change in soil fabric 
from grain-supporting to matrix-supporting structure.  

In Fig. 9, where the same data as in Fig. 6 are plotted 
again, it is recognized that the plot for Cc /Fc –value, 5% or 
10% shifts upward as Fc increases from the unique line of no 
cement as indicated by the thick arrows in the graph.  This 
indicates that, for the same Cc /Fc –value (simulating the 
same geological age), higher Fc-value results in higher li-
quefaction strength for the same cone resistance.  This 
trend is compatible with the liquefaction potential evaluation 
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practice currently employed.  Thus, the present research 
results by the accelerated test clearly indicate that not the 
fines content itself but the cementation effect is responsible 
for the higher liquefaction strength for larger Fc under the 
same cone resistance. 
 
 
4. TEST RESULTS ON IN SITU INTACT SPECI-
MENS 
 
In order to know the direct RL ~ qt relationship of natural 
soils and compare them with the accelerated test results on 
reconstituted soils using small amount of cement mentioned 
above, intact soils have been sampled from in situ soil depo-
sits.  They have been tested in the same way to measure 
mini-cone penetration resistance and undrained cyclic 
strength for the same specimens.  Pleistocene sands and 

Holocene sands have been recovered from two sites in Kan-
to area near Tokyo by block sampling using PVC tubes as 
shown in Fig.10.  The size of the PVC tube was 120 mm in 
inner-diameter and 200 mm in height, and a circular metal 
cutting edge was attached to the tube to penetrate it slowly 
into sampled soil. 

Pleistocene soil was taken from two sand deposits A 
and B inter-bedded in a river terrace near Narita-city in Chi-
ba Prefecture.  Their ages were estimated about 100 ×103 
and 150×103 years old, respectively (Mitani 2006). The 
overburden depth was about 5 m and 11 m for the two soils, 
A and B, respectively.  The relative density and fines con-
tent of A are Dr=101-107% and Fc=6.1-8.5%, and those of 
layer B are Dr =75-81% and Fc =12-19%, respectively.  
Samples recovered in PVC tubes were frozen in the labora-
tory and then trimmed into the specimen of 100 mm in di-
ameter and 200 mm in height, because it was difficult to 
handle them without freezing. 

Holocene soil with Dr =35-81% and Fc=13-25% was 
sampled from a river terrace sand layer in Tateyama-city in 
Chiba Prefecture by using the same PVC tubes.  Its age 
was estimated 2-4×103 years old (Shishikura 2005).  The 
overburden depth for the soil was about 5m.  For this soil, it 
was possible to trim the sample into the specimen size 
without freezing. 

A hole for the mini cone was drilled in advance at the 
center of the specimen bottom with a drill bit, 6 mm in di-
ameter and 43 mm in depth (2 mm shorter than the cone 
length).  It was then set on the pedestal of the modified 
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Figure 10  Photographs of block sampling using a PVC 
tube of inner diameter 12cm and height 20 cm (Left: 
Pleistocene sand, Right: Holocene sand)  

 

Figure 12  Stress ratios R for DA  5% versus number of 
loading cycles Nc for intact specimens from Pleistocene 
sands. 

Figure 11  Cone resistance (a) or excess pore- 
pressure (b) versus penetration length for intact and 
reconstituted Pleistocene/Holocene sands. 
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triaxial apparatus.  The specimen was fully saturated with 
de-aired water to secure the B-value larger than 95%, con-
solidated by isotropic pressure of p’0=98 kPa for all the in-
tact samples.  Then, the mini-cone penetration test was 
conducted in undrained condition.  After that, the specimen 
was reconsolidated by p’0=98 kPa and undrained cyclic test 
was carried out in the same manner as in the reconstituted 
specimens mentioned before.   
    Fig. 11 shows cone resistance qt  and associated excess 
pore-pressure u  plotted versus the penetration length for 
intact Pleistocene soils A and B with thick curves.  The 
corresponding data are also shown with dashed curves for 
reconstituted specimens, which were once disturbed and 
compacted in a mold by moist-tamping method to reproduce 
the same in situ density.  Despite some data dispersions, the 
cone resistance qt for intact soils is generally larger than that 
for reconstituted soils.  The mini-cone data for Holocene 
soils are superposed in Fig. 11 with thin curves.  The dif-
ference in qt between intact and reconstituted specimens is 
again obvious despite wide variation in Dr among the spe-
cimens.   
    In Fig. 12, the cyclic stress ratios R= 2d c   for axial 
strain DA  5% are plotted versus the number of load cycles 
obtained from cyclic loading tests conducted for the same 
intact or reconstituted specimens of Pleistocene and Holo-
cene soils after the mini-cone penetration tests.  For intact 
specimens, the R-values have been modified considering the 
effect of rubber membrane penetration (MP effect) because 
of their rugged side face.  Even for the reconstituted speci-
mens, the MP modification has been found necessary and 
implemented, in contrast to the reconstituted specimens of 
Futtsu beach sand mentioned before in which the MP effect 
was negligible.  For the Pleistocene soils shown in (a), 
R-values of intact specimens are evidently larger than those 
of reconstituted soils in spite of the data dispersions.  For 
the Holocene intact soils in (b), the data points on the R – Nc 

chart seem to be consistently plotted not only for intact but 
also for reconstituted specimens, despite the big difference in 
Dr as indicated in the chart.  The R-values of intact speci-
mens are again evidently larger than those reconstituted.  
From Fig 12, the liquefaction strength (cyclic resistance 
ratio) RL defined as R for DA  5% and Nc=20 was read off 
as indicated in the chart for the intact or reconstituted speci-
mens of each soil. 
    In Fig. 13, the liquefaction strength RL and the penetra-
tion resistance qt for Pleistocene and Holocene soils are di-
rectly compared on the RL ~ qt diagram using different sym-
bols.  The liquefaction strength RL in the vertical axis is 
defined as the stress ratio R for ɛDA=5% and Nc=20 as indi-
cated in Fig. 12.  The penetration resistance qt is deter-
mined as the maximum value of the cone resistance during 
penetration from the qt ~ L curves shown in Fig.11.  The 
qt–value in the horizontal axis of Fig. 13 is the average for 3 
to 4 penetration tests on the same soil.   

The cross symbols in Fig. 13 indicate the RL ~ qt plots 
obtained for Futtsu beach sand with varying Fc , which are 
exactly the same data points without cement in Fig. 6.  As 
already explained, they are located along the thick dashed 
line irrespective of differences in Dr and Fc.  Obviously, the 
plots of intact soils (solid symbols) are located higher than 
the thick dashed line.  The reconstituted specimens of the 
intact soils are not completely coincidental with the thick 
dashed line but slightly higher than that.  However, the 
plots for intact soils (the solid circle and triangle) are found 
still higher than those of the reconstituted soils if the lines 
parallel with the thick dashed line passing through them are 
compared.  The difference in the parallel lines between 
intact and reconstituted is larger for Pleistocene than for 
Holocene, seemingly reflecting the difference in ages.  
More test data on in situ soils are needed to know exactly the 
effect of ages on the plots considering Fc as a parameter. 
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Figure 13  Stress ratios RL versus cone resistance qt of intact Pleistocene and Holocene soils 

compared with reconstituted specimens. 
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5. CONCLUSIONS 
 

In the first part of the paper, a series of experimental 
study by miniature cone penetration tests and subsequent 
cyclic loading tests were carried out in the same triaxial test 
specimen to investigate the aging effect on liquefaction 
strength by cementation with fines content Fc as a key para-
meter.  Accelerated tests on the cementation effect using 
Futtsu beach sand without or with a small quantity of cement 
yielded the following major findings; 
・ For reconstituted sands without cement, the liquefaction 

strength RL is uniquely related to the cone penetration 
resistance qt, forming a single RL ~ qt line, irrespective 
of fines content Fc, quite contradictory to the current li-
quefaction potential evaluation practice where RL is 
modified according to Fc. 

・ This laboratory test result coincides with in situ RL ~ qt 
relation by Suzuki et al.(1995) quantitatively despite 
clear difference in the test procedures and cone size. 

・ Specimens with higher value of Cc/Fc (simulating long-
er geological age) results in higher liquefaction strength 
under the same cone resistance, indicating that the ce-
mentation effect tends to raise the RL ~ qt line from that 
for soils without cement (without aging effect). 

・ For the same Cc/Fc-value (simulating the same geolog-
ical age), higher fines content results in higher liquefac-
tion strength RL under the same cone resistance qt, 
which is consistent with the trend found in the field in-
vestigations. 
In order to examine that the above test results are ap-

plicable to natural deposits of long geological ages, intact 
specimens sampled from Pleistocene deposits (100-150×
103 old) and Holocene deposits (2-4×103 old) were tested in 
the same way to know the direct RL - qt relationship of natu-
ral soils and compared with reconstituted soils, yielding the 
following; 
・ Differences are clear in both penetration resistance qt 

and liquefaction strength RL between intact and recons-
tituted specimens of Pleistocene or Holocene deposits. 

・ Direct relationship between RL and qt is found com-
patible with that of the accelerated tests using cement, 
so that the RL - qt line of intact specimens is located 
higher than that of reconstituted specimen.  The dif-
ference between the lines seems to be larger with in-
creasing geological ages. 
Thus, the series of tests on reconstituted and intact nat-

ural sands revealed that the reason why higher fines content 
leads to higher liquefaction strength does not depend on 
fines content itself but cementation effect, which tends to be 
pronounced as fines increase.  This further indicates that 
the current practice on liquefaction resistance modification 
by fines content may lead to dangerous results if it is applied 
to very young deposits.  

More tests on in situ soils are needed to quantitatively 
propose an empirical formula for revising current liquefac-
tion potential evaluation methods considering the aging ef-
fect in conjunction with the effect of fines content. 
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Abstract:  The evaluation of liquefaction triggering at large overburden stresses requires special attention to the factors 
used to normalize the penetration resistance (CN) and adjust the cyclic resistance ratio (Kσ) for the effects of overburden 
stress. A database of laboratory test results that have influenced Kσ relationships used in US practice is re-examined for 
the effects of relative density, fines content, overconsolidation ratio (OCR), and other factors. Many of the Kσ data 
plotting lowest relative to the design relationships were found to be from samples which are not representative of 
liquefiable materials due to plastic clayey fines, high levels of compaction, and the bias introduced by not accounting for 
variable OCR values. The implications for US design practice are discussed. 

 
 
1.  INTRODUCTION 
 

The evaluation of liquefaction triggering for large dams 
requires special consideration for the effects of large 
overburden stresses and initial static shear stresses. 
Liquefaction triggering evaluations for dams often utilize 
SPT-based or CPT-based liquefaction triggering correlations 
(e.g. Idriss and Boulanger 2008) which relate the 
liquefaction resistance of the soil to its penetration resistance. 
These correlations are derived from analyses of liquefaction 
case histories involving largely level ground conditions and 
effective overburden stresses less than about 150 kPa. 
Extrapolation of these correlations to the larger overburden 
stresses and sloping ground conditions encountered within 
the shells or foundations of large dams is best guided by 
fundamental studies of how such conditions affect both the 
cyclic loading response of cohesionless soils and the 
penetration resistance in cohesionless soils. 

The effects of overburden and initial static shear 
stresses on cyclic loading resistance are commonly 
accounted for using an overburden correction factor Kσ and 
a static shear stress correction factor Kα, as introduced by 
Seed (1983). The cyclic resistance ratio (CRR) for a given 
earthquake moment magnitude (M), effective overburden 
stress ('v), and initial static shear stress ratio ( = s/'v, 
where s = initial shear stress) is expressed as, 

, , 7.5, 1, 0      M MCRR CRR MSF K K        (1) 

where CRRM=7.5,'=1,=0 is the value of CRR for M = 7.5, 'v 
= 1 atm (101 kPa), and  = 0 as obtained from case 

history-based correlations, and MSF = magnitude scaling 
factor. Relationships for Kσ and Kα factors have been 
proposed by a number of investigators (e.g., Seed and 
Harder 1990, Vaid and Sivathayalan 1996, Hynes and Olsen 
1998, Boulanger 2003a,b, Idriss and Boulanger 2008).  

The effect of overburden stress on penetration 
resistance is commonly accounted for by correcting the 
penetration resistance to the equivalent value that would 
have been obtained in the identical sand if the overburden 
stress had been 1 atm; i.e., all other characteristics, including 
the relative density (Dr), over-consolidation ratio (OCR), age, 
and cementation, are the same. The overburden corrected 
penetration resistance (N1)60 is computed as, 

   1 60 60
 NN C N  (2) 

where CN = overburden correction factor, and N60 = blow 
count for an energy ratio of 60%. Relationships for CN have 
also been suggested by a number of investigators (e.g., Liao 
and Whitman 1986, Kayen et al. 1992, Boulanger 2003b). 

This paper presents a re-examination of laboratory test 
data that has been used to define, or has influenced, Kσ 
relationships in US practice. The data were examined for the 
effects of relative density, fines content, plasticity, 
overconsolidation, and other characteristics which may have 
affected the apparent scatter and potentially biased previous 
interpretations. The data are compared with the Kσ 
relationships suggested by Seed and Harder (1990), Youd et 
al. (2001), and Idriss and Boulanger (2008). The inter-related 
roles of Kσ and CN are briefly discussed.  
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2.  EXPERIMENTAL DATA FOR K  
 
2.1  Definition and Example Values 

The factor Kσ was introduced by Seed (1983) to 
account for how the cyclic resistance ratio of sand varies 
with effective consolidation stress. The Kσ factor was 
defined as: 

', 0

' 1, 0

CRR
K

CRR
 


 



 

   (3) 

where the CRR'=1,α=0 and CRR',α=0 values are determined 
for samples that are identical in all respects other than 
consolidation stress (i.e., the same relative density Dr, same 
fabric, same age, same cementation, same OCR).  For 
example, Figure 1 illustrates the determination of Kσ for 
Fraser River Sand specimens at Dr = 59%.  An increase in 
consolidation stress causes the sand to be more contractive 
under cyclic loading, and hence the envelope of cyclic 
strength versus consolidation stress is curved. This curvature 
causes the cyclic resistance ratio (i.e., the secant slope of the 
envelope) to decrease as the confinement is increased. The 

greater the curvature of this envelope, the smaller the values 
of Kσ at high confining stresses.  

CRR values, and hence Kσ values, are dependent on 
both confining stress and Dr because these parameters both 
influence the state of the sand (i.e., position relative to 
critical state) and the degree of curvature in the cyclic 
strength envelope (Figure 1). The role of Dr is illustrated in 
Figure 2 using data from Thermalito Afterbay by CDWR 
(1989). The CDWR performed cyclic triaxial tests on 
“undisturbed” samples of the silty sand foundation obtained 
using Pitcher barrel samplers. The test results were grouped 
by average (N1)60 values for the strata from which the 
samples were obtained. The cyclic strength of the soils 
increased with increasing blow count and increasing 
confinement (Figure 2a), as expected. The curvature of the 
cyclic strength envelope also becomes greater with 
increasing blow count. This curvature leads to Kσ curves 
which generally became steeper as the density (blow count) 
of the soil increased (Figure 2b). 

It follows that the determination of K relationships 
from laboratory test data requires (1) accounting for the 
degree to which the data are inadvertently affected by factors 

 

Figure 1  The factor K, as introduced by Seed (1983), is used to account for the dependence of cyclic strength on effective 
consolidation stress (data from cyclic triaxial test by Vaid and Sivathayalan 1996) 

 

 
Figure 2  The effect of density on cyclic triaxial strengths and corresponding K values are shown for undisturbed samples 

of of silty sand foundation materials from Thermalito Afterbay (data from CDWR 1989) 
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other than consolidation stress (e.g. OCR), and (2) 
accounting for those material properties (e.g. Dr) that most 
strongly affect K behavior. The purpose of the present study 
was to reexamine available K data and relationships, taking 
into consideration the above two aspects affecting their 
interpretation.  

 
2.2  Design Relationships and Factors Influencing K 

Seed and Harder (1990) compiled K data from cyclic 
triaxial tests performed for 18 dam projects and laboratory 
studies representing a variety of soils types and densities. 
The original database did not provide information on the 
sample preparation, soil type or density, so it was not 
possible to discern how these factors may have affected the 
test results. The resulting data points, as shown in Figure 3, 
exhibited a wide range of possible K values for a given 
confining stress. Seed and Harder recommended a single 
relationship which would apply to all soil types and 
densities. 

More recent studies have continued to show that Kσ has 
a strong dependence on Dr (Vaid and Sivathayalan 1996), 
such that a significant portion of the scatter in Figure 3 may 
be attributed to the range of soil densities represented in the 
database (e.g., as illustrated in Figure 2).  

The dependency of Kσ on Dr has also been supported 
by theoretical models and incorporated into updated design 
relationships, such as those by Hynes and Olsen (1998) and 
Boulanger (2003b). The Hynes and Olsen (1998) Kσ 
relationship is defined as, 

1
'

1.0
f

vo

a

K
P



 

  
 

 (4) 

Youd et al. (2001) suggested values for f of 0.8, 0.7, and 
0.6 for Dr of 40, 60, and 80%, with f limited to being no 

smaller than 0.6 and no larger than 0.8. These values can be 
approximate by the linear relationship, 

1 ,0.6 0.8
2

rD
f f     (5) 

Idriss and Boulanger (2008) have also suggested a Kσ 
relationship which includes a dependence on Dr. The 
relationship is given by, 

'
1 ln 1.1vo

a

K C
P 
 

   
 

 (6) 

where the factor Cσ is defined in terms of Dr as, 

1
0.3

18.9 17.3 r

C
D  


 (7)  

The Dr can obtained from the SPT blow count as, 

 1 60cs
r

d

N
D

C
  (8) 

where the value of Cd was taken as 46 by Idriss and 
Boulanger (2008) based on a review of work by Cubrinovski 
and Ishihara (1999), Meyerhoff (1957), and Skempton 
(1986).  

The Hynes-Olsen (1998) and Idriss-Boulanger (2008) 
relationships are compared to the Seed-Harder (1990) 
database in Figures 4a and 4b, respectively. The 
relationships are shown for Dr of 40, 60, and 80%.  The 
curves based on Hynes-Olsen relationship appear to span the 
Seed-Harder database better than the curves based on the 
Idriss-Boulanger relationship. 

The interpretation of Kσ from lab data can be 
inadvertently complicated by changes in the sample 

 
Figure 3  Seed and Harder (1990) presented a database of K lab test results and design relationship. The large amount of 

scatter is likely due in part to the variety of soil types and densities represented.  
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properties which may occur as the consolidation stress is 
increased, such as changes in Dr, OCR, or cementation. For 
example, as samples are consolidated to higher stress levels 
the void ratio will decrease and if this is not accounted for 
Kσ may be evaluated based on samples at different Dr. This 
effect has likely influenced many of the previously published 
test results included in the current study. A possible 
exception to this are the carefully controlled experimental 
studies, such as Vaid and Sivathayalan (1996) where 
changes in void ratio were carefully monitored during 
consolidation of reconstituted specimens or Pillai and Byrne 
(1994) where changes in void ratio were accounted for in 
their interpretation of cyclic test data on frozen sand samples 
from Duncan Dam.  

The effects of OCR varying with consolidation stress 
can be particularly important to the interpretation of Kσ and 
can lead to misleading results if it is not properly accounted 
for (Figure 5). Increasing OCR increases the cyclic strength 
of a soil compared to a normally consolidated soil (e.g., 
Ishihara and Takatsu 1979). Reconstituted samples may 
become overconsolidated during compaction or moist 
tamping due to the significant stresses applied during 
preparation (Frost and Park 2003). It is even more difficult to 
control OCR values for undisturbed samples. If undisturbed 
specimens are tested at consolidation stresses lower than 
their in-situ stress, then the specimens will have OCR values 
that increase with decreasing consolidation stress. If 
undisturbed specimens of over-consolidated soil are tested at 
consolidation stresses greater than exist in-situ, then the 
specimens will have OCR values that decrease with 
increasing consolidation stresses.  Consequently, if samples 
having the same in-situ preconsolidation stress are cyclically 
tested at different levels of consolidation stress, the results 
may mix the effects of OCR and confining stress (e.g., as 
noted by Bray and Sancio 2006).  

The potential effect of varying OCR on the 

interpretation of Kσ can also be illustrated through a 
numerical example. Consider a sample of sand at Dr = 50% 
with a preconsolidation stress of 2 atm, but is tested at 
consolidation stresses of 0.5, 1.0, 2.0, and 4.0 atm. The 
specimens would therefore have OCR values of 4.0, 2.0, 1.0, 
and 1.0, respectively. For this example it is assumed that the 
samples were prepared carefully and the Dr is constant for all 
consolidation stresses. The CRR will increase with 
increasing OCR, such that the raw data will produce a 
sharply curved envelope of cyclic strength versus 
consolidation stress (Figure 5a). The K values interpreted 
from the raw data will produce artificially steep K curves, 
as illustrated in Figure 5b. If the strengths were instead 
corrected for the effects of OCR, the true K curve can be 
calculated (Figure 5b). 

The cyclic strength of undisturbed soil samples may 
also be affected by factors such as cementation, aging effects 
and prior strain history, the effects of which may be 
destroyed as the consolidation stress increases. Each of these 
factors would therefore result in the CRR decreasing more 
rapidly with increasing consolidation stress than would 
occur if all test specimens were in fact identical. This could 
lead to the interpretation of an artificially steep Kσ 
relationship and may be an issue when examining lab results 
from undisturbed samples of older sand deposits.  

Changes in sample properties (e.g., Dr, OCR, 
cementation) with consolidation stress can certainly affect 
cyclic strengths, but these effects should not be confused 
with, or mixed with, the intended purpose of the Kσ 
relationship. Changes in properties such as Dr, OCR, or 
cementation can be expected to affect both the CRR and N60 
values for a soil. The magnitudes of these changes are not 
well defined, but the underlying presumption of penetration 
test-based liquefaction procedures is that the effect on CRR 
is reasonably accounted for by the simultaneous changes in 
N60 values; i.e., this presumes that the liquefaction triggering 

 
Figure 4  The database of lab test results from Seed and Harder (1990) is compared with the design relationships suggested 

by Hynes and Olsen (1999) (as adopted in Youd et al. 2001) and Idriss and Boulanger (2008) 
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correlation is relatively unique for a range of material 
properties.  The Kσ relationship is only intended to account 
for how confining stress affects CRR values, while changes 
in other sample properties are currently accounted for 
through their effects on N60 values. 

 
2.3  K Database 

An updated Kσ database was compiled to better 
quantify some of the above effects, which included 
reexamining the original sources for each data point in the 
Seed and Harder (1990) database. The original database 
contained 45 data points from 18 sources and for common 
data sources, the majority of re-interpreted values of Kσ were 
within a few percent of the values plotted in Seed and 
Harder (1990). Details on the sources and data processing 
are summarized in Montgomery et al. (2012, in preparation).  

The updated Kσ database is summarized in Figure 6 
with the data separated into 4 categories. Samples were 
separated into clean sands (less than 5% fines content), sands 
with varying levels of silty fines, clayey sands, and 
well-compacted clayey or silty sands. The data on clean 
sands are limited to studies on reconstituted specimens, 
whereas the other three data groups include studies with 
reconstituted specimens and “undisturbed” field samples. 
The soil groups producing the steepest Kσ trends are the 
clayey sands and well-compacted clayey or silty sands, 
while the flattest Kσ trends are found in the clean sands.  

The data for clayey sands and/or well-compacted 
clayey or silty sands are of limited value for developing 
relationships that are applicable to evaluating the 
liquefaction potential of cohesionless soils. The data for 
well-compacted clayey or silty sands consisted of nine 
samples reconstituted to relative compactions of 95% to 
100% and two “undisturbed” samples of a compacted dam 
shell with blow counts near 50. These specimens were far 
denser and stronger than would normally be evaluated with a 
liquefaction triggering correlation and are also likely 

strongly affected by simultaneous changes in OCR. The 
cyclic resistance ratio (qcyc/2'3c) against liquefaction in 15 
uniform loading cycles at an effective consolidation stress of 
1 atm was greater than 0.60 for all specimens and greater 
than 0.77 for half the specimens. The steep trend in the 
corresponding K data is consistent with the very high 
densities and strengths of these soils (e.g., per the trend 
illustrated in Figure 2), and therefore are also not appropriate 
for estimating K values for soils having Dr and strengths in 
the range of most practical interest.  

The data for sands with clayey fines (fines contents of 
23% to 35%, plasticity indices of 20 to 25) are complicated 
by the effects of plasticity on liquefaction resistance (e.g., 
Boulanger and Idriss 2006, Bray and Sancio 2006) and also 
correspond to relatively high strengths (qcyc/2'3c greater than 
0.51). Both of these sets of data are also likely inadvertently 
affected by changes in the OCR at consolidation stresses at 
or near 1 atm, since the high degree of compaction can be 
expected to have induced significant stresses on most of 
these specimens (e.g., Frost and Park 2003). The expected 
effect of having imparted a significant preconsolidation 
stress during specimen compaction would be to produce a 
strongly curved cyclic strength envelop and overly steep K 
response, as illustrated previously in Figure 5b. For these 
reasons, the data in Figure 6c and 6d were eliminated from 
further consideration. 

The data for clean sands and sands with silty fines in 
(Figures 6a and b) are of greater value for developing 
relationships applicable to liquefiable cohesionless soil. The 
clean sand data are all for freshly reconstituted specimens 
prepared to a range of Dr using wet and dry pluviation, moist 
tamping and vibration. The data for sands with silty fines are 
all for field samples that were either reconstituted (seven 
samples) or "undisturbed" (ten samples). Both categories 
contain a variety of soils at different densities which likely 
contribute to the spread in K values.  

 
Figure 5  Schematic of how preconsolidation stresses can affect determination of Kσ values. When samples having the 

same preconsolidation stress are tested at different consolidation stresses, they may have different over-consolidation ratios 
(OCR). This can lead to the interpretation of an overly steep Kσ curve compared to tests on samples at the same OCR. 
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The data for clean sands and sands with silty fines 
were subsequently sorted according to various measures of 
the denseness of the specimens. Unfortunately, the data 
available for the soils in these two groups are insufficient to 
define common measures of denseness for all samples, such 
as Dr, blow count or relative compaction. One approximate 
measure of denseness, which is common to all samples, is 
the CRR at a confining stress of 1 atm. This value was 
considered to be a proxy for the Dr of the sample and was 
used to bin the data into levels of similar cyclic strengths. 
For this purpose, all CRR values were converted to 
equivalent in-situ values using common factors for 
converting triaxial strengths to equivalent multi-directional 
direct simple shear strengths, assuming a field K0 value of 
0.5 or 1.0. The results presented in this paper are for a field 
K0 of 0.5 which produces smaller estimates of cyclic 
strengths. 

The K data for clean sands were separated into three 
bins with CRRM=7.5, '=1 values of 0.06 to 0.14 (Figure 7a), 
0.14 to 0.22 (Figure 7b), and 0.22 to 0.40 (Figure 7c). The 
design relationships from Youd et al. (2001) and Idriss and 
Boulanger (2008) are also shown for Dr that would 

correspond to a CRRM=7.5, '=1 value at the middle of each 
bin's range (e.g., CRRM=7.5, '=1 values of 0.10, 0.18, and 0.31, 
respectively). The data shows that Kσ generally become 
steeper as CRRM=7.5, '=1 increases and the data agrees well 
overall with Idriss and Boulanger (2008) while Youd et al. 
(2001) is generally conservative. 

The sands with varying levels of silty fines can also be 
compared using this method (Figure 8a and b), however the 
data falls in a narrower range of CRRM=7.5, '=1 values with a 
large number of the samples having a CRRM=7.5, '=1 of 0.16. 
Despite the scatter a similar pattern of steeping Kσ with 
increasing strength can be seen between the two bins. There 
is more scatter in these bins, possibly due to the large range 
of fines content among the samples (5%-35%). The denser 
samples (higher CRRM=7.5, '=1) appear to agree better with 
the relationship suggested by Youd et al. (2001), while the 
looser samples generally fall between the two relationships.  

If the CRR values from triaxial tests are converted to 
equivalent multi-directional direct simple shear strengths 
based on a field Ko value of 1.0 instead of 0.5, then the 
converted field strengths would be greater and the 
corresponding design relationships shown in Figures 6 and 7 

 
Figure 6. The K database sorted into four categories: clean sands, sands with varying levels of silt (5-35%), clayey sands 
(23-35% fines), and well compacted sands with varying levels of silt and clay (7-35%). Each of the data sets is compared 

with the curve developed by Seed and Harder (1990). 

 
Figure 6  The K database sorted into four categories: clean sands, sands with varying levels of silt (5-35%), clayey sands 
(23-35% fines), and well compacted sands with varying levels of silt and clay (7-35%). Each of the data sets is compared 

with the curve developed by Seed and Harder (1990). 
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would all shift downward relative to the data (at confining 
stresses greater than 1 atm). In this case, the data for sands 
with silty fines would then fall closer to the relationship 
suggested by Idriss and Boulanger (2008), while the 
relationship suggested by Youd et al. (2001) would be 
slightly conservative.  

The data for clean and silty sands presented in Figures 
6 and 7 are not all sufficiently detailed to isolate any 
inadvertent effects of changing soil properties across the 
range of imposed consolidation stresses (e.g., changing Dr or 
OCR).  The data for clean reconstituted sands are the most 
sufficient in this regard, since the Dr after consolidation can 
be well controlled. A significant preconsolidation stress may 
be present for samples prepared by moist tamping due to the 
large stresses required to achieve the target Dr (e.g., Frost 
and Park 2003), although this effect is not expected to be 
large for the range of conditions covered by the updated 
database. Of the data for sands with silty fines, the data for 
undisturbed field samples have the advantage of better 

representing in-situ conditions, but are also most vulnerable 
to the inadvertent effects of OCR or other soil properties 
varying with consolidation stress. 

The updated Kσ database, despite its limitations, 
provides an improved basis for evaluating current design 
relationships and helps explain some of the scatter around 
the original relationship from Seed and Harder (1990). The 
majority of the Kσ data that plotted lowest relative to the 
design relationships were shown to be from samples which 
are not necessarily representative of liquefiable materials due 
to plastic clayey fines or high levels of compaction (and 
hence varying OCR levels in the tests). The results for clean 
sands in the current database appear to agree well with the 
relationships recommended by Idriss and Boulanger (2008), 
while the relationship from Youd et al. (2001) would 
generally overpredict the reduction in cyclic strength with 
increasing overburden stresses. The results for sands with 
silty fines produce steeper Kσ curves that are more 
intermediate to the relationships recommended by Idriss and 
Boulanger (2008) and Youd et al. (2001). The relative 
agreement between these data and the design relationships is, 
however, dependent on how the laboratory triaxial strengths 
are converted to equivalent field values. Steeper Kσ curves 
for sands with silty fines would also be consistent with the 
expected effects of increased soil compressibility (Boulanger 
2003b). Increased soil compressibility would also affect the 
CN relationship, with the combined changes in Kσ and CN 
having partially compensating effects on the overall 
estimation of cyclic strengths (Boulanger 2003b). The 
inter-related effects of Kσ and CN on the estimation of cyclic 
strengths were illustrated in the examination of data from 
Duncan Dam (Pillai and Byrne 1994) by Idriss and 
Boulanger (2010). 
 
 
3.  CONCLUSIONS 

 
The evaluation of liquefaction triggering beneath large 

embankment dams requires special attention to the factors 
used to normalize the penetration resistance (CN) and adjust 
the cyclic resistance ratio (Kσ) for the effects of overburden 
stress. The present study involved a re-examination of 
laboratory test data used to define previous Kσ relationships, 
including the identification of factors that increased the 
apparent scatter and potentially biased previous 
interpretations. Many of the Kσ data plotting lowest relative 
to the design relationships were shown to be from samples 
which are not representative of liquefiable materials due to 
plastic clayey fines, high levels of compaction, and the bias 
introduced by not accounting for variable OCR values. The 
results for clean sands in the current database agree 
reasonably well with the Kσ relationships suggested by Idriss 
and Boulanger (2008), while the Kσ relationship from Youd 
et al. (2001) would generally overestimate the reduction in 
cyclic strength with increasing overburden stresses. The 
results for sands with various levels of silty fines suggest that 
the Kσ curves are steeper than for clean sands, and would be 

 
Figure 7  Kσ data for clean sands binned by CRRM=7.5, '=1 

in order to compare the points to the relationships by 
Idriss and Boulanger (2008) and Youd et al. (2001). 
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more intermediate to the relationships recommended by 
Idriss and Boulanger (2008) and Youd et al. (2001). The 
possibly steeper Kσ curves for silty sands are consistent with 
the expected effects of increased soil compressibility, which 
would be expected to affect CN is a compensating direction.  
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Abstract:  The concept of equivalent number of cycles has been studied by many researchers and applied to the design 
practice to calculate the liquefaction potential during earthquake. Calculation of the time history of seismic coefficient is 
presented by the elastic wave propagation equations from acceleration time histories at ground surface. Equivalent 
numbers of stress cycles in soils are calculated on the basis of time histories of seismic coefficients. Regression analysis is 
performed for equivalent number of stress cycles with different soil characteristics and these results are compared to 
previous studies. Finally, the attenuation relationships of Kave,15 are presented by combining the attenuation relationships 
of PGA, stress reduction coefficients of rd, and the equivalent number of stress cycles.  

 
 
1.  INTRODUCTION 

 

A simplified procedure of liquefaction analysis calculate the 

seismic demands of liquefaction potential as a combination 

of maximum seismic shear stresses (τmax) and equivalent 

numbers of cyclic shear stresses (Ncyc) in soils during the 

earthquake. The current design procedure calculates the 

seismic demands based on the hazard curve of PGA by 

probabilistic seismic hazard analysis (PSHA) with the 

earthquake magnitude after disaggregation results. Kramer 

and Mayfield (2007) performed PSHA by considering the 

combination of PGA and earthquake magnitude for 

liquefaction analysis since seismic demands in soils depend 

on those parameters.  

This paper presents the procedure to estimate the time 

history of seismic coefficients from acceleration of time 

histories at ground surface based on the elastic wave 

equation with comparison to the analysis by SHAKE 

(Schnabel et al. 1972). The Ncyc is calculated for PEER 

ground motion data base with different soil properties and 

depth. Regression analysis is performed to Ncyc, and 

combined with PGA attenuation relationships and the 

predictive equation of seismic shear stress reduction 

coefficient (rd) to obtained Kave,15 attenuation relationships.  

 

2.  EQUIVALENT NUMBER OF CYCLES IN SOILS 

 

2.1  Equivalent Number of Cycles 

Seed and Idriss (1971) provided the following 

equation for estimate of seismic demand of liquefaction 

potential for horizontally layered soils: 

 

MSF
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vo

vo

σ
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′

= 65.0  (1) 

 

where CSR is seismic stress ratio induced by ground motion 

shaking, PGA is peak ground acceleration, σvo and σ’vo are 

total and effective vertical stress, rd is stress reduction 

coefficient, and MSF is magnitude scaling factor for the 

correction of number of cycles related to the earthquake 

magnitude. Seed et al. (1975) converted the time history of 

seismic shear stress ratios into the equivalent number of 

cycles based on the laboratory test results. Relationship 

between cyclic resistance ratio and number of stress cycles 

for liquefaction capacities is generally approximated as 

follows based on the laboratory experiments (Liu et al. 

2001):  
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where a and b are parameters depending on the soil. Based 

on Equation (2), Idriss and Boulanger (2006) show the 

following equation to relate the number of cycles to cause 

failures at two different CSR as follows: 
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where parameter b is the soil-dependent property. Variation 

of parameter b for sand is reviewed by several researchers. 

Liu et al. (2001) describe the increasing trend of parameter b 

with the increase of relative density of sand, and provide 

0.41 as the representative value of medium dense sand based 

on the laboratory and field observations. Idriss and 
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Boulanger (2006) provided the value of 0.34 by reviewing 

the frozen sample results by Yoshimi et al. (1984) and 

updated the magnitude scaling factors from Seed and Idriss 

(1982) these are based on the data for reconstituted sands. 

Boulanger and Idriss (2007) reviewed the various clay soils 

and provided 0.135 for representative value of claylike soils.  

It is also important how to count the number of cycles 

from the time histories of ground motions (Liu et al., 2001, 

Green and Terri, 2005, Hancock and Bommer, 2005). The 

peak-counting method is generally used by previous studies, 

which pick the amplitude of peak values between successive 

zero crossings as a half cycle (Green and Terri 2005). Based 

on this assumption with Equation (3), the following equation 

is obtained to calculate Ncyc given reference CSR as follows 

(Hancock and Bommer, 2005): 
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where m is the total number of half-cycles created by zero 

crossing in the time history of seismic shear stress ratio. 

CSRpk is the peak amplitudes for each half-cycle, and CSRref 

is the reference CSR. Green and Terri (2005) shows the 

similar expression to Equation (4) where parameter b is 0.5 

by the assumption that sands show hyperbolic behaviors. 

The CSRref in Equation (4) is generally expressed as follows 

with the parameter of re (Seed et al. 1971, Boulanger and 

Idriss, 2007): 

    

maxCSRrCSR eref =
 (5) 

 

where CSRmax is the maximum value of CSR in the time 

history of seismic shear stresses., and typically selected as 

0.65. The CSR and seismic coefficients (Kave) relates each 

other by the following expression:  
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where CSR(t) and Kave(t) are the time histories of cyclic 

shear stress ratio and seismic coefficients, respectively. 

Therefore, Ncyc by Equation (4) does not vary by replacing 

the time histories of seismic shear stresses to seismic 

coefficient if the value of re and parameter b are constant. 

The seismic demand as a combination of CSR with Ncyc is 

expressed as follows from Equations (2), (4), and (6). 
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The seismic demand defined by Equation (7) is independent 

to the reference factor of re in Equation (5), and obtained 

from the time histories of seismic coefficient, effective and 

total overburden stresses, and material property of b. In the 

following sections, the calculation of Kave(t) is presented 

from the acceleration time histories at ground surface, by 

which Ncyc are calculated for two horizontal components of 

Kave(t) reference to geometric mean of 0.65Kmax with the 

range of parameters of b.  

 

2.2  Time Histories of Seismic Coefficients 

To obtain Ncyc in soils from time histories of seismic 

coefficient, the deconvolution analysis is typically required 

by linear wave propagation analysis such as linear SHAKE 

analysis (Mejia and Dawson, 2006; Ilandkatharan and Kutter, 

2010). Based on these reasons, this study considers the linear 

elastic wave equation as an appropriate deconvolution 

procedure to calculate the equivalent number of cycles in 

soils. The transfer function from acceleration time histories 

at ground surface to time histories of seismic coefficients in 

soils is expressed as follows for the uniform soil layer 

(Ishihara 1977): 
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where, 
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If the damping ratio is negligible, the transfer function in 

time domain corresponding to Equation (8) is obtained by 

inverse Fourier Transformation as follows. 
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This equation means that the moving average of acceleration 

time histories at ground surface between the time of t - Ts/4 

and t + Ts/4 provides the seismic coefficient at the depth of z 

defined by Equation (9). Therefore, the following expression 

is obtained as a closed form solution of Equation (8): 
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Figure 1 shows three example profiles of soil layers with 

different soil stratigraphy. Figure 1(a) shows the uniform 

elastic soil layer whereas Figure (b) and (c) ranges shear 

wave velocities against depth. By using these profiles, site 

response analysis was performed by SHAKE91 (Idriss and 

Sun, 1991) with linear elastic properties and 5% damping 

ratio for 64 ground motions as outcrop input motions at 

halfspace. Figure 2 shows the example comparisons between 

Equation (21) and SHAKE91 analyses at the depth of 27, 33, 

and 15 m for Soil Profiles (a), (b) and (c) shown in Figure 1. 

The periods of the soil at the depth of z are calculated as 

follows.  
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Vs is the average shear wave velocity from ground surface to 

depth of z based on the wave travel time. It is observed that 

the moving average of acceleration time histories at ground 

surface by Equation (11) reasonably matches to SHAKE91 

results. Table 2 shows the comparison of Kmax and Ncyc for 

seismic coefficients between SHAKE91 and Equation (11) 

where the values in Table 2 are expected biases by following 

equations.  
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The differences of Kmax and Ncyc between Equation (11) and 

linear elastic deconvolution by SHAKE91 with 5% soil 

damping ratio are within the range of 5% and 1%, 

respectively. The standard deviations of those predictions 

were obtained as 6% and 9%, respectively. Based on these 

observations, Equation (11) is considered to provide the 

reasonable estimation of seismic coefficient to calculate Ncyc 

in soils. Therefore, Equations (4) and (11) were applied to all 

the ground motions in PEER Strong Motion Database 

(2005) recorded at Site D conditions (NEHRP 2003) to 

calculate Kave and Ncyc in soils.  

Figure 1. Example Profiles of Soil Layers 

 

Figure 2. Example Analysis Comparison  

Table 1. Variation of Biases by Equations (15) and (16) 

T’s (z)
 Profile (a) Profile (b) Profile (c) 

Kmax Ncyc Kmax Ncyc Kmax Ncyc 

0.1 0.045 0.017 0.047 0.021 0.029 0.014 

0.2 0.059 0.009 0.069 0.010 0.053 0.004 

0.3 -0.025 0.000 -0.015 0.000 -0.019 -0.013 

0.4 0.062 0.023 0.074 0.021 0.040 0.014 

0.5 0.057 0.003 0.070 0.006 0.035 -0.001 

0.6 0.022 0.006 0.037 -0.003 0.001 0.009 

Ave. 0.037 0.010 0.047 0.009 0.023 0.005 
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2.3  Regression Analysis for Equivalent Number of 

Cycles in Soils 

Regression analysis is performed for Ncyc in soils. Two 

horizontal components of Ncyc were calculated reference to 

the geometric mean of 0.65Kmax, and the average of those 

values was considered as a representative number of Ncyc for 

each set of motions. During the data processing, a soil 

parameter of b in Equation (4) was varied from 0.05 to 0.45 

to cover the range of material properties as shown by 

Boulanger and Idriss (2007).  

The regression model developed by this study is as 

follows.  
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where b and Ts are predictor variables defined by Equation 

(2) and (9). S1 is a ratio of Sa(1.0) to Sa(0.2) defined by 

Kishida et al. (2009a). The standard deviation was obtained 

as follows.  
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Figure 3 shows the variation of Ncyc with Mw, where Ts is set 

as zero with the expected values of S1 given PGA of 0.2g by 

Abrahamson and Silva (2008). It is observed that the model 

by Equation (17) is between Idriss (1999) and Liu et  

al. (2001) from Mw of 5.0 to 8.0.  

Based on the regression results of Ncyc, the 

Magnitude Scaling Factor (MSF) is obtained as the ratio of 

seismic demand by Equation (7) reference to Mw of 7.5 

(Idriss and Boulanger, 2006). 
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It is noted that MSF is independent to the reference factor of 

re according to Equations (7). Figure 4 shows the variation of 

MSF for sand obtained by Equation (19) compared with 

Idriss (1999), Liu et al. (2001), Cetin et al. (2004), and 

Tokimatsu and Yoshimi (1983) where earthquake magnitude 

and rupture distance for Equation (17) and Liu et al. (2001) 

are selected given the expected PGA of 0.2g by Abrahamson 

and Silva (2008). It is observed that the variation of MSF 

obtained by Equation (17) matches to the typical variation 

for sands from 0.35 to 0.45 according to the previous studies. 

It is also noted that the MSF by Equation (17) with the b 

value of 0.35 is lower than those by Idriss (1999) and Liu et 

al. (2001) at Mw of 5.0 whereas Ncyc by Equation (17) is 

between those as shown in Figure 3. Therefore, this variation 

of MSF is produced by normalizing Ncyc at Mw of 7.5, and 

does not reflect the physical variation of Ncyc with Mw. 

Figure 5 shows the variation of Ncyc at ground surface 

against rupture distance for different earthquake magnitudes 

with the comparison of Idriss (1999), Liu et al. (2001), and 

Green and Terri (2005). Although the soil parameters and the 

 

Figure 3. Comparison of Ncyc Predictive Models with Data 

 

Figure 4. Comparison of MSF with different models 

 

 

Figure 5. Comparison of Ncyc with Rupture Distance 
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methodologies to calculate Ncyc are different between these 

studies, the results by Equation (17) distributes reasonably 

within the range of previous studies. According from these 

comparisons, Equation (17) provides the reasonable 

estimates of Ncyc with the range of earthquake magnitude, 

soil properties of b, rupture distances and depths of soil 

layers.  

Figure 6 shows the variation of Ncyc with depth 

depending on the earthquake magnitude compared with 

Green and Terri (2005) where the depth of soil layer is 

normalized by period of ground motions as Equation (14). It  

is observed that results by Equation (17) generally match to 

those by Green and Terri (2005) those are obtained by 

nonlinear site response results. 

 

2.4  Attenuation Relationships for Kave, 15 

By combining Equations (3) and (6), Kave,15 is obtained as 

follows. 
b
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Kmax is predicted by the following equation, 

 

drPGAK ⋅=max
 (21) 

 

Therefore, Kave,15 is calculated by the following expression. 
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By combining the PGA attenuation relationships by 

Abrahamson and Silva (2008), the rd equation by Kishida et 

al. (2009b), and the Ncyc model by this study, Kave,15 

attenuation relationships are calculated. Figures 7 shows the 

variations in attenuation relationships of Kave,15 for typical 

sand at ground surface. The attenuation relationships are 

calculated by expected values of PGA and S1 in rd and Ncyc 

from Abrahamson and Silva (2008), which means that the 

models are function of earthquake magnitude, distance, fault 

type and site conditions and does not depend on ground 

motion measurements.  

The standard deviation of rd is obtained by the following 

expression. 
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The correlations between epsilons for PGA, rd, and Ncyc are 

obtained as follows.  
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Therefore, the standard deviations of Kave,15 are obtained 

from standard deviations of PGA, rd, and Ncyc with those 

correlations. Based on these results, the probabilistic seismic 

hazard analysis will be performed with the attenuation 

relationships of Kave,15. 

 

3.  CONCLUSIONS 

 

Regression analysis was performed for equivalent numbers 

of stress cycles in soils and combined with attenuation 

relationships of PGA and seismic shear stress reduction 

coefficient of rd to obtain the attenuation relationships of 

Kave,15. Seismic coefficient of soils was systematically 

calculated based on the elastic wave closed-form solutions 

as deconvolution analysis by using acceleration time 

histories at ground surface. Subsequently, equivalent 

numbers of cycles are calculated for time histories of seismic 

coefficients for all the ground motions in PEER strong 

ground motion database at NEHRP Site D condition.  

Standard deviations are also obtained for Kave,15 from 

standard deviations and correlations between PGA, Ncyc and 

rd. 
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Abstract:  A new formulation, named a simple two-dimensional formulation, is presented for the liquefaction analysis. 
The new formulation is developed in the pure two-dimensional space. Difference between this formulation and a 
conventional plane strain formulation is the definition of mean stress. It is average of three normal stresses in the plane 
strain condition, but that of two normal stresses in the simple two-dimensional analysis. The formulation is made by 
keeping the S wave and P wave velocities are same with that in the three-dimensional analysis. Then the bulk modulus 
becomes not to be the one in the three-dimension. In addition, several differences appear between elastic constants. For 
example, Poisson’s ratio under no volume change condition is 1.0 whereas it is 0.5 in the three dimensional analysis. A 
case study is made at the Akita port damaged during the 1983 Nihonkai-chubu earthquake and showed significant 
difference of excess porewater pressure generation compared with the plane strain analysis. 

 
 
1.  INTRODUCTION 

Since the space is originally three-dimension, an 
analysis of the ground is to be ideally made in a 
three-dimensional space. There are several difficulties, 
however, in making the three-dimensional analysis. For 
example, computer power is not sufficient in the practical 
use, and the soil data for the three-dimensional analysis is 
difficult to obtain because it is costly. Therefore, a 
one-dimensional analysis is the most popular method and a 
two-dimensional analysis is carried out to a special case 
such as an important structure. 

The plane strain condition and the plane stress 
condition are well known assumption to make the 
two-dimensional analysis. These methods work to reduce 
the number of unknown variables, but it requires a 
three-dimensional constitutive model because the normal 
stress perpendicular to the plane of the analysis exists in the 
plane strain condition, and the normal strain perpendicular 
to the plane of the analysis exists in the plane stress 
condition. The plane strain condition is relevant in the 
two-dimensional analysis of the ground among these two 
two-dimensional formulations; therefore it is focused on in 
this paper. 

The normal stress perpendicular to the plane appears 
in two places. 

The one is in the yield condition, but it can be escaped. 
The Mohr-Coulomb yield criterion, for example, is 
frequently used in the analysis of soil, which uses three 
normal stresses. In the practice, however, the stress 
perpendicular to the plane of analysis is frequently 
neglected as it usually becomes middle principal stress. 

Therefore, a three-dimensional constitutive model is not 
necessary if this normal stress is not considered in the 
constitutive model. 

Another place is evaluation of the mean normal stress, 
which is necessary to evaluate the strength and elastic 
moduli based on the principle of effective stress. Therefore, 
three-dimensional constitutive model is necessary in the 
liquefaction analysis in which evaluation of the mean 
normal stress is necessary. 

As shown above, it is necessary to use a 
three-dimensional constitutive model because it is necessary 
to evaluate the mean stress even in the two-dimensional 
analysis. Using a three-dimensional constitutive model is, 
however, troublesome work in the engineering practice and 
use of two-dimensional constitutive model is more 
preferable. It can become possible to evaluate the mean 
stress as sum of two normal stresses in the plane of 
consideration. In other word, if we consider the pure 
two-dimensional plane, we can use a two-dimensional 
constitutive model. This condition is named a simple 
two-dimensional condition in this paper, and the 
formulation in this condition is presented with a case history 
of the liquefaction analysis of the damaged quay wall during 
the 1983 Nihonkai-chubu earthquake. 

2.  THREE DIMENSIONAL FORMULATION 

The stress-strain relationships are usually defined as 
follows by using the Young's modulus E and the Poisson's 
ratio . 
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Here, the shear strain is not a tensor strain but an 
engineering strain. This equation is used as the fundamental 
equation in this paper. In the analysis of the ground, this 
equation is frequently expressed by using the bulk modulus 
K and the shear modulus G, because both the volumetric 
change and the shear deformation are primary interest in the 
geometrical analysis. This equation is written as  
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In the liquefaction analysis, quantities related to the 
volumetric change (confining stress or mean stress m and 
volumetric strain v), the one-dimensional rebound modulus 
B, the Poisson's ratio , and the coefficient of earth pressure 
at rest K0 are important. Here, as all the stresses in this paper 
is effective stresses, prime which is usually used to 
distinguish the effective stress from the total stress is not 
used. In addition, K0 is defined under the one-dimensional 
compression loading of the elastic material. They are 
defines as follows: 

 ( ) / 3m x y z       (4) 

 v x y z       (5) 

 ( ) / 3 ( )m x y z v x y zK K               (6) 

 4 / 3B K G   (7) 

 (3 2 ) / 2 /(3 )K G K G     (8) 

 0

2 / 3

4 / 3 1

K G
K

K G





 

 
 (9) 

Here, one-dimensional rebound modulus is important 
because it is directly related to the P wave velocity Vp as 

 / ( 4 / 3) /pV B K G     (10) 

where  denotes density. 

3.  TWO-DIMENSIONAL FORMULATION 

When considering a constitutive model in the two- 

dimensional space, the volumetric change characteristics  
is to be expressed as 

 ( ) / 2 ( )m x y v x yK K            (11) 

This equation is derived by setting z=0 and z=0 in Eq. (6), 
but it is impossible because both stress and strain cannot be 
specified at the same time. Under the plane strain condition, 
for example, z is not zero although z is zero. This indicates 
that the framework of the constitutive model is different 
from the three-dimensional space when Eq. (11) is used. In 
order to emphasize it, tilde,"~", is put above the variable. 

Then the problem occurs how to obtain the elastic 
moduli from the conventional elastic moduli. It is clear that 
the bulk modulus K defined in the three-dimensional space 
cannot be used instead of K . When deriving the 
conversion equation, it is important to consider what 
quantities are same both in the three-dimensional space and 
in the two-dimensional space. There are three elastic moduli 
that are frequently used in the engineering practice, which 
are E, K, and G. Among them, we assume that E and G are 
the same in the three- and two-dimensional analyses, in 
order to keep the S wave and the P wave velocities are same 
in two formulations. 

The plane strain condition is assumed in this paper 
among the two assumptions for the two-dimensional 
formulation because this condition is close to the behavior 
of the ground during earthquakes. 

Three strains are set zero in the plane strain condition 
because displacement in the direction perpendicular to the 
plane of interest does not occur, i.e., 0z yz zx     . 
Relationships that 0yz zx    are automatically derived. 
Then the stress-strain relationships yields, 
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Since z is not zero but changes in the plane strain condition, 
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the constitutive model is essentially to be defined in the 
three-dimensional space.  

The stress z is included in the confining stress and 
the yield condition. Under the assumption that the middle 
principal stress does not affect the yielding, however, z 
does not appear in the yield condition. This assumption is 
used in many constitutive models, and is accepted widely. 
Therefore, only the difference between Eqs. (6) and (11) 
remains. 

The normal stress x is expressed from Eq. (1) as 
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Then we obtain sum of the normal stresses as 
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The relation among , E, and G is known to be expressed as 
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in the three-dimensional space. These terms including the 
Poisson's ratio yields 
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Substitution of this equation into Eq. (13) results in 
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Therefore we obtain the sum of the normal stresses as 
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This is the fundamental equation in the simple 
two-dimensional formulation. 

The bulk modulus K  in the simple 
two-dimensional formulation is obtained comparing Eqs. 
(11) and (18) as 
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and the Young's modulus is obtained by means of G and K  
as 
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Finally we obtain the coefficient of the normal 
stress-strain relationships in Eq. (18) as 
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Then the stress-strain relationships are obtained as 
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The one-dimensional rebound modulus B is obtained as 

 
4

3
B K G K G B       (23) 

This definition is same with the three-dimensional analysis. 
It means that the P wave velocity is same with that in 
three-dimensional analysis, which is the reason why we 
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used the same Young's modulus E for both 
three-dimensional and two-dimensional analyses. 

The normal stress is written as 
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Here, the following equation is obtained by putting x=0 
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Therefore, the Poisson's ratio for the simple 
two-dimensional formulation yields 
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On the other hand, the following equation is obtained by 
putting x=0, 

 ( ) , ( )x y y yK G K G         (27) 

Therefore, the coefficient of earth pressure at rest K0 yields 

 0K    (28) 

4.  AN EXHIBITING EXAMPLE 

The Akita port located at the O-hama district, Akita 
city, which was damaged during the 1983 Nihonkai-chubu 
earthquake, is analyzed to show the difference between the 
plane strain condition and the simple two-dimensional 
condition. Figure 1 shows cross-section of the port (Iai and 

Kameoka, 1993). 
The constitutive model is composed with shear 

deformation, volumetric change characteristics and 
stress-dilatancy model. The multi-spring model (Yamazaki 
et al, 1985) is used for shear deformation, and incremental 
elastic model is used for volumetric change characteristics. 
Finally, a generalized stress-dilatancy model is used to 
consider dilatancy effect (Ohya et al., 2009).  

Figure 2 shows modeling of the structure in Figure 1. 
This model is once analyzed by Ohya (Ohya, 2009). The 
bulk modulus K is evaluated under the plane strain 
condition as 
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When the theory based on the simple two-dimension, this 
equation yields 

 
1 2

G
K





 (30) 

The sheet pile quay wall, steel pile and tie rod are 
modeled into beam element. The intersection between the 
pile and soil element is modeled so that horizontal 
displacements are same, but vertical displacement is free to 
each other. Excess reduced integration scheme (one-point 
Gauss integration) is used for water so that it resists only 
volume change (Ohya et al., 2010). On the other hand, 
improved integration scheme is used for soil element (Ohya 
and Yoshida, 2008) in order to escape from volume locking. 

 

 
Figure 1  Cross-section of Akita port and damage caused 

by earthquake 
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Figure 2  FEM mesh 
 

 

Figure 3  Excess porewater pressure ratio at the end of 
analysis 

263 
255
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Mechanical properties used in the analysis are 
summarized in Table 1. The bulk modulus under simple two 
dimensional condition is about 1.15 times larger than that 
under the three dimensional or plane strain condition. 

Figure 3 shows excess porewater pressure ratio at the 
end of the analysis. All fill below the water table liquefied. 
In addition, Original sand ground just in front of the quay 
wall also liquefied, which makes quay wall to move toward 
the sea easier. 

Figure 4 shows the behavior of two elements, which 
locates near the steep pile (element 255) and backfill ground 
(element 263). Both elements completely liquefy. The 
behaviors are quite similar between the simple 
two-dimensional analysis and a plane strain analysis. 
However, it is also noted that the simple two-dimensional 
analysis liquefies earlier than the plane strain analysis.  

5.  DISCUSSION 

The stress-strain relation derived in this paper does 
not include the third stress z and the third strain z, because 
formulation is made in the pure two-dimensional space. The 
final form of the stress-strain relation is obtained as Eq. (22). 
This formulation is called a simple two-dimensional 
formulation in order to distinguish from other formulations. 
As G is kept constant between the three- and 
two-dimensional analyses, Lame's constant  changes 
keeping  (=G) constant if the stress-strain relationships are 
written by means of the Lame's constants. Among the elastic 
moduli frequently used in the engineering practice, only the 

bulk modulus and the Poisson’s ratio are different from the 
conventional ones, which can be evaluated from the 
conventional elastic moduli as shown in Table 2. 

The S wave and the P wave velocities are hold in the 
new formulation. However, the bulk modulus includes shear 
modulus; it changes according to the nonlinear shear 
deformation of soil in exact sense. In the practical situation, 
however, this change may be neglected in order to make the 
analysis simple when the change of the shear modulus is not 
significant. 

In the engineering practice, shear modulus is usually 
obtained with easy test such as, for example, the PS logging. 
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Figure 4  Typical behavior of elements 

Table 1  Mechanical properties 
 Sand 1 Sand 2 Sand 3 Clay 
 (t/m3) 1.8 2.0 2.0 1.7 

n 0.8 0.8 0.8 0.8 
G0 (kN/m2) 33800 33800 72200 74970
K  (kN/m2) 84500 84500 180500 187430
K (kN/m2) 73230 73230 156430 156430
m0 (kN/m2) 50 50 110 140 

sinf 0.602 0.602 0.656 0.629
hmax 0.3 0.3 0.3 0.3 
 0.3 0.3 0.3 0.5 

Note) Sand 1: Fill above the water table; Sand 2: Fill below 
the water table; Sand 3: Sand; Clay: Holocene clay; : 
density; n: porosity; G0: elastic shear modulus; K : bulk 
modulus under simple shear condition; K: bulk modulus; 
m0: reference confining stress; f: internal friction angle; 
hmax: maximum damping ratio; : Poisson’s ratio 
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On the other hand, the bulk modulus is difficult to evaluate. 
Therefore, it is frequently obtained by assuming a relevant 
Poisson's ratio and the bulk modulus is evaluated from the 
Poisson's ratio and the shear modulus. Here, the Poisson's 
ratio 1/3 is frequently assumed because the coefficient of 
earth pressure at rest becomes 0.5. However, in the simple 
two-dimensional formulation, the Poisson's ratio is to be 0.5 
in order to make the coefficient of earth pressure at rest to be 
0.5. The Poisson's ratio is close to 0.5 under nearly no 
volumetric change condition in the three-dimensional 
analysis whereas it is 1.0 under the simple two-dimensional 
analysis. 

In the computer program in making the 
two-dimensional analysis, the normal stress perpendicular to 
the plane of analysis may not be output even when the plane 
strain condition is used. It means that the user cannot 
recognize whether the analysis is made by the plane strain 
condition or by the simple two-dimensional condition. The 
method to evaluate the elastic moduli is different between 
two formulations. Therefore, the engineer needs to check 
the formulation that he is going to use.  

Since the bulk modulus in the simple 
two-dimensional analysis is larger than that in the three 
dimensional analysis, excess porewater generates earlier in 
the simple two-dimensional analysis. This can be probed 
through the case history. 

6.  CONCLUDING REMARKS 

A new formulation named a simple two-dimensional 
formulation is presented. This formulation is necessary 
when the effective confining stress is evaluated from the 
two normal stresses working in the plane of analysis. It is 
essential for soil to consider the effective stress dependency 
of the elastic moduli as well as shear strength because of the 
effective stress principle. Therefore, three-dimensional 
formulation becomes necessary in the constitutive models 
that use three normal stresses in defining the effective 
confining stress. On the other hand, the simple 
two-dimensional analysis presented here makes the 
development of the constitutive models very simple as it 
uses only two normal stresses working in the plane of the 
analysis.  

The S wave velocity and the P wave velocity are 
same with that in the three-dimensional analysis in this 
formulation, but the bulk modulus includes shear modulus 

only in this formulation. There are some differences 
between two formulations. Therefore, some notes are 
necessary to use this formulation. 
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Abstract:  During the 2011 off the Pacific coast of Tohoku earthquake liquefaction at the bottom part of embankment 
itself caused extensive damages of river levees in Tohoku and Kanto areas. This study presents numerical simulations of 
damage process of a river levee on soft cohesive ground along the Eai River during the 2011 off the Pacific coast of 
Tohoku earthquake. A static analysis calculates the initial stress and moisture conditions in an embankment on soft 
cohesive ground before the earthquake in the regime of finite strain. The large deformation of foundation ground and the 
change in the configuration cause the stress reduction at the bottom of embankment. A dynamic three-phase coupled 
analysis with initially deformed configuration and moisture distribution due to consolidation shows liquefaction at the 
bottom part of embankment itself.  

 
 
1.  INTRODUCTION 
 

The 2011 off the Pacific coast of Tohoku earthquake 
caused extensive damages of river levees in Tohoku and 
Kanto regions (MLIT 2011). Past studies showed that there 
were two major causes of seismic damages of river levees. 
One is liquefaction of a sandy foundation ground. Another is 
liquefaction at the bottom part of embankment itself on a 
soft cohesive foundation ground. The failure mechanism of 
the former type has been widely studied and its 
countermeasures have been validated in past earthquakes. 
Although the latter type has been pointed out since the 1993 
off Kushiro earthquake (Sasaki et al. 1993, Kaneko et al. 
1995, Finn and Sasaki 1997), the failure mechanism has not 
been clarified.  

This study presents numerical simulations of damage 
process of a river levee on soft cohesive ground along the 
Eai River in Miyagi during the 2011 off the Pacific coast of 
Tohoku earthquake. A static analysis calculates the initial 
states of stress and moisture in an embankment on soft 
cohesive ground before the earthquake in the regime of 
finite strain. The effects of large deformation of foundation 
ground and the change in the configuration on the stress and 
moisture conditions in an embankment are discussed. The 
effect of initial stress and moisture conditions on the seismic 
responses of the river levee are discussed through the 
dynamic three-phase coupled analysis with initially 
deformed configuration and moisture distribution after 
consolidation.  
 
 
2.  NUMERICAL METHOD 

The governing equations and constitutive models are 
briefly described here. In static analysis the governing 
equations without inertia terms and an unsaturated modified 
Cam-Clay model are used in the regime of finite strain. In 
dynamic analysis the governing equations with inertia terms 
and a kinematic hardening elasto-plastic model are used in 
the regime of infinitesimal strain.  
 
2.1  Governing Equations 

The basic equations are derived based on porous media 
theory at finite strain (de Boer, R. 2000, Schrefler, B. A. 
2002, Uzuoka and Borja 2012). The governing equations 
consist of the momentum balance equations of the overall 
three-phase material and the mass and momentum balance 
equations of the pore water and air. The simplified governing 
equations are derived with the following assumptions. 1) An 
isothermal condition is assumed, 2) the soil particle is 
incompressible, 3) the mass exchange among phases is 
neglected, 4) The material time derivative of relative 
velocities and advection terms of pore fluids to the soil 
skeleton are neglected in dynamic analysis, and 5) the inertia 
terms neglected in static analysis. The momentum balance 
equations of the overall three-phase material with respect to 
the current configuration is derived as 

  div ( )s w w a as p s p    a σ I b  (1) 

where   is the overall density of three-phase material, 
sa  is the acceleration of soil skeleton, σ  is the Cauchy 

effective stress tensor, ws is the degree of water saturation 
and as  is the degree of air saturation, wp  is the pore 
water pressure and ap  is the pore air pressure, I  is the 
unit tensor and b  is the body force vector. The stress and 
strain are positive in tension and the pore fluid pressures are 
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positive in compression. The Cauchy effective stress tensor 
is so called average skeleton stress (Gallipoli et al. 2003) 
which is equivalent to Bishop’s effective stress with ws  in 
place of parameter . The mass and momentum balance 
equation of the pore water with respect to the current 
configuration is derived as 
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where n  is the porosity, wR  is the intrinsic densities of 
pore water, wK  is the bulk modulus of pore water, c  is 
the specific water capacity, sv  is the velocity vector of soil 
skeleton, wsk  is the permeability coefficient of water, g  
is the gravity acceleration. /sD Dt  is the material time 
derivative with respect to soil skeleton. Similarly the mass 
and momentum balance equation of the pore air with respect 
to the current configuration is derived as 
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where   is the absolute temperature, R  is the specific 
gas constant of air, aR  is the intrinsic densities of pore air, 

ask  is the permeability coefficient of air.  
 
2.2  Effective stress - strain relationship in static 
analysis 

Although many elasto-plastic constitutive equations for 
unsaturated soil have been proposed (e.g. Kohgo et al. 1993, 
Gallipoli et al. 2003, Li 2007), a simplified elasto-plastic 
constitutive model is assumed in this study (Uzuoka et al, 
2011). The simplified constitutive equation is extended from 
the modified Cam-Clay model incorporating suction effect 
on the yield function of unsaturated soil. In static analysis, 
finite strain is considered to reproduce large deformation of 
an embankment.  

The yield function of modified Cam-Clay model (Muir 
Wood 1991, Borja and Tamagnini 1998) for saturated soil is 
expressed as 

  
2

c2

Q
F P P P

M
     (4) 

where M  is the critical state stress ratio, cP  is the 
Kirchhoff preconsolidation pressure for saturated soil. P  
and Q  are the mean and deviatoric Kirchhoff effective 
stress invariants respectively as 

 
1 3

( ), ,
3 2

P tr Q P   τ s s τ I  (5) 

where s( )J τ σ  is the Kirchhoff effective stress tensor, 
s  is the deviatoric Kirchhoff effective stress tensor. sJ   
is the determinant of deformation gradient sF  of soil 
skeleton. The yield function of unsaturated soil is simply 

assumed as  

  
2 2
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 (6) 

where cP  is the Kirchhoff preconsolidation pressure for 
unsaturated soil. The yield surface of unsaturated soil is 
geometrically similar to the ellipsoid yield surface of 
saturated soil. The similarity ratio is *R  and the origin is 
the center of similarity.  

The evolution rule of cP  is assumed as  

 p
c c v

1
ˆ ˆ

P P 
 

   


   (7) 

where ̂  and ̂  are the compression and swelling 
indexes obtained from ln lnv P  relationship. p

v  is the 
plastic volumetric strain. The similarity ratio *R  is a 
function of degree of water saturation ws  and suction 
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where c s c( )J p   is the Kirchhoff suction which is 
constant during stress integration. ca  and cb  are the 
material parameters controlling the water saturation effect on 
the yield function. *p  is the reference pressure.  

The elastic relationship is assumed as a pressure 
dependent hyperelastic model (Borja et al. 1997). The stored 
energy function is expressed as 
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 (9) 

where e
v  and e

d  are the volumetric and deviatoric elastic 
strain invariants respectively. The material parameters are 
the elastic shear coefficient 0  and  , the elastic 
volumetric strain e

v0  at a reference stress 0P .  
 
2.3  Effective stress - strain relationship in dynamic 
analysis 

A simplified elasto-plastic constitutive equation for 
skeleton stress is used for dynamic analysis (Mori et al. 
2011). In dynamic analysis, infinitesimal strain is assumed 
for simplicity. Assuming that plastic deformation occurs 
only when the deviatoric stress ratio changes, the yield 
function is assumed as  
 / 0f k p k      η α s α  (10) 

where s  is the deviatoric stress tensor, p  is the mean 
effective stress, k  is the material parameter which defines 
the elastic region. α  is the kinematic hardening parameter 
(back stress) and its nonlinear evolution rule (Armstrong & 
Frederick 1966) is assumed as 

   ,p p p p
s sa b    α e α e      (11) 

where a , b  are the material parameters, pe  is the 
plastic deviatoric strain rate tensor. With non-associated flow 
rule, the plastic potential function is assumed as 
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  ln / 0ag M p p    η α  (12) 

where M  is the material parameter which defines the 
critical state ratio, ap  is p  when 0 η α . Finally 
the elastic moduli are assumed as 

 * *,e eK K p G G p      (13) 

where eK  is the elastic bulk modulus, eG  is the elastic 
shear modulus, *K  and *G  are the dimensionless elastic 
moduli respectively.  
 
2.4  Water Retention curve and Permeability 
Coefficients 

The specific water capacity c  is calculated from the 
water retention curve (WRC). The WRC is assumed as  

  lg

lg lg( ) , 1 exp( )
cw w w w w w c

s r e r es s s s s s a p b


       (14) 

where w
ss  is the saturated (maximum) degree of saturation, 

w
rs is the residual (minimum) degree of saturation and w

es is 
the effective water saturation. The relationship between w

es
and suction cp  is assumed as a logistic function with the 
material parameters lga , lgb  and lgc . The logistic WRC 
is continuous function at 0cp  ; therefore the convergence 
in the iterative numerical scheme can be achieved. The 
permeability coefficient of water and air are assumed to be 
dependent on the effective water saturation as 

 ( ) , (1 )k kws w w as a w
s e s ek k s k k s     (15) 

where w
sk  is the saturated (maximum) coefficient of water 

permeability, a
sk  is the dry (maximum) coefficient of air 

permeability, k  and k  are the material parameters. 
These water retention curve and permeability coefficients of 
water and air are used in static and dynamic analyses.  
 
2.5  Finite element formulation and time integration 

Weak forms of the equations (1) - (3) are implemented 
in a finite element formulation. Newmark time integration 
scheme is used for time integration in dynamic analysis. The 
primary variables are the second material time derivative of 
displacement of soil skeleton, pore water pressure and pore 
air pressure in dynamic analysis, and the displacement of 
soil skeleton, pore water pressure and pore air pressure in 
static analysis. The weak forms are linearized and solved by 
Newton-Raphson method iteratively at each time step. The 
linearized forms of the weak forms in dynamic analysis are 
derived as 
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(16) 

where [ ]s sD w a  is directional derivative of sw  with 
respect to sa , the ( )

s
kw  is the residual at the iteration 

step of (k). The iteration is continued until the norm of the 
residual vectors becomes less than the convergence tolerance 
of 1.0 × 10-6. Implicit stress integration and consistent 
tangent modulus (e.g. Simo and Taylor 1985; Borja and 
Tamagnini 1998) are used to achieve the convergence of 
global iteration of (16).  

In the finite element formulation, Galerkin method 

and isoparametric 8-node elements are used. The soil 
skeleton displacement and the fluid pressures are 
approximated at 8 nodes and 4 nodes respectively to ensure 
LBB condition.  
 
 
3.  STATIC AND DYNAMIC ANALYSES OF RIVER 
LEVEE 
 
3.1  Numerical Data for the Analyses 

The two-dimensional finite element model in Figure 1 
is made based on a typical cross section (MLIT 2011) of 
levee at Nakajima along the Eai River. The river levee of the 
right bank at this site settled over one meter with large 
longitudinal cracks on the embankment top during the 2011 
off the Pacific coast of Tohoku earthquake. The foundation 
ground near the surface is mainly composed of alluvial clay 
(Ac1) and peat (Ap) layers. The embankment is assumed to 
be the elasto-plastic material, the foundation soils are 
assumed to be linear elastic materials. The material 
parameters of soil layers are shown in Table 1. Unfortunately 

(a) static analysis 

(b) dynamic analysis 
 

Figure 1  Finite element models  
 

Figure 2  Input horizontal acceleration 
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the detailed information of soil properties is not available at 
present; therefore the material parameters are determined 
based on past analyses (Uzuoka et al, 2011).  

The numerical conditions of static analysis are the 
followings. The soil displacement at the bottom boundary is 
fixed in all directions and the lateral boundaries are vertical 
rollers. The bottom boundary is impermeable. The lateral 
boundaries are fixed with the total water head of 9.5 m 
Although this means that the ground water level is on the 
surface at the reference configuration, the ground water level 
does not correspond to the ground surface at the deformed 
configuration after the static analysis. The air pressure is 
fixed on the ground surface at the current configuration. The 
gravitational acceleration is incrementally applied to the 
embankment with 200 calculation steps. The elastic moduli 
of Ac1 layer are reduced with 1 % of the initial values in the 
static analysis to reproduce the consolidation settlement 
simply. We need more soil properties to reproduce 
time-dependent consolidation settlement.  

The numerical results of static analysis are considered 
in the dynamic analysis as the initial states including the 
coordinates of nodes, effective stress, and pore water and air 
pressure. The numerical conditions of dynamic analysis are 
the followings. The soil displacement at the bottom 
boundary is fixed in all directions and the lateral boundaries 
are tied which reproduce the same displacement at the same 
depth. The horizontal acceleration in Figure 2 is input at the 
bottom. The acceleration wave was recorded at GL -100m at 
KIK-net site MYGH06 (NIED 2011) during the main shock 
of the 2011 off the Pacific coast of Tohoku earthquake. The 
boundary conditions of pore water and air are the same as 
the static analysis. The coefficients in Newmark implicit 
time integration are 0.6 and 0.3025. The time increment is 
0.01 seconds and the duration time is 150 seconds.  
 
3.2  Numerical Results of Static Analysis 

Figure 3 shows the distributions of pore water 
pressure, degree of water saturation, horizontal effective 
stress, mean effective stress and stress ratio (Q/P) after the 
static analysis. The vertical displacement at the bottom of 
embankment is about 55 cm. This large deformation causes 
the increase in the pore water pressure and degree of 
saturation at the bottom in the embankment due to the 
change in the configuration.  

An additional static analysis at infinitesimal strain 
(Case 2) is performed to discuss the effect of configuration 
change. This analysis uses the deformed configuration in the 
above (Case 1) as the initial configuration, and the normal 
stiffness of Ac1 layer in Table 1. Figure 4 shows the same 
components as Case 1. Although the moisture conditions in 
Case 2 are similar to that in Case 1, the stress distributions 
are different each other. The horizontal effective stress and 
mean effective stress near the bottom in Case 1 are smaller 
than that in Case 2. On the contrary, the horizontal effective 
stress and mean effective stress near the top in Case 1 are 
larger than that in Case 2. As seen above the large 
deformation of foundation ground and the change in the 
configuration cause the stress reduction at the bottom of 

embankment. This may affect the seismic behavior of the 
embankment on soft ground.  
 
3.3  Numerical Results of Dynamic Analysis 

Figure 5 shows the distributions of pore water 
pressure, effective stress reduction ratio (ESRR) and 

Table 1  Material parameters  
(a) foundation ground 

 Ac1 Ap As2 Ac2 

n 0.65 0.85 0.50 0.625 

sR (t/m3) 2.65 2.65 2.65 2.65 

wR (t/m3) 1.0 1.0 1.0 1.0 

kw
s (m/s) 1.0 × 10-6 1.0 × 10-6 1.0 × 10-3 1.0 × 10-6

ka
s (m/s) 1.0 × 10-7 1.0 × 10-7 1.0 × 10-4 1.0 × 10-7

(kPa) 3.7 × 104 4.4 × 104 4.5 × 104 4.7 × 104 

 (kPa) 2.5 × 104 2.9 × 104 3.0 × 104 3.1 × 104 

(s) 0.006 0.006 0.006 0.006 

 
(b) embankment for static analysis 

Physical properties  

Initial porosity, n0 0.495 

Intrinsic density of soil skeleton, sR (t/m3) 2.65 

Intrinsic density of water, wR (t/m3) 1.0 

Intrinsic density of air, aR (t/m3) 1.2 × 10-3 

Permeability coefficient of water, kw
s (m/s) 5.25 × 10-5 

Permeability coefficient of air, ka
s (m/s) 5.25 × 10-6 

Bulk modulus of water, Kw (kPa) 2.0 × 106 

Gas parameter, 1 / ( )R  (s2/m2) 1.25 × 10-5 

WRC parameters  

Maximum degree of saturation, sw
s 1.00 

Minimum degree of saturation, sw
r 0.20 

Main drying curve, alg, blg, clg 1.0, -3.0, 0.1 

Elasto-plastic model parameters  

Compression index, ̂  0.0097 

Swelling index, ̂  0.0051 

Elastic shear modulus, 0 (kPa) 100.0 

Elastic coupling parameter,  120.0 

Reference volumetric strain, e
v0 0.0 

Reference isotropic stress, P0 (kPa) -1.0 

Critical state stress ratio, M 1.20 

Parameters of R*, ac, bc, p* (kPa) 0.071, 1.6, 1.0 

 
(c) embankment for dynamic analysis 

Elasto-plastic model parameters  

Dimensionless bulk modulus, K* 100 

Dimensionless shear modulus, G* 150 

Nonlinear hardening parameter, a 600 

Nonlinear hardening parameter, b -1.20 

Critical state stress ratio, M 1.20 

Yield function parameter, k 0.10 

Viscous coefficient,  (s) 0.001 
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deviatoric strain after the earthquake. The ESRR is defined 
as 01 /p p   where 0p  is the initial value of mean 
effective stress p . The deviatoric strain is defined as p

s  
in Eq. (11). Compared to the initial state in Figure 3 (a) the 
pore water pressure increases in wider extent near the 
bottom of embankment. The increase in the pore water 
pressure causes the reduction of mean effective stress in 
Figure 5 (b). The bottom part of the embankment liquefies 
even in the unsaturated part above the ground water level. 
The deviatoric strain becomes about 40 % near the toe of the 
embankment; however the analysis cannot reproduce the 
actual deformation of the embankment. We need further 
studies on the soil properties of the embankment to 
reproduce the observed failure configuration.  
 
 
4.  CONCLUSIONS 
 

During the 2011 off the Pacific coast of Tohoku 
earthquake the liquefaction of the bottom part of 
embankment itself caused extensive damages of river levees 
in Tohoku and Kanto areas. This study performed the 
numerical simulations of damage process of a river levee on 
soft cohesive ground along the Eai River during the 2011 off 
the Pacific coast of Tohoku earthquake. A static analysis 
calculated the initial state of stress and moisture in the 
embankment on soft cohesive ground before the earthquake 

in the regime of finite strain. The large deformation of 
foundation ground and the change in the configuration 
caused the decrease in the mean effective stress near the 
bottom of embankment. A dynamic three-phase coupled 
analysis with initially deformed configuration and moisture 
distribution due to consolidation shows liquefaction of the 
bottom part of embankment itself. We need further 
investigation of the effect of initial stress conditions on the 
seismic behavior with detailed data of soil properties.  
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Figure 5  Distributions after dynamic analysis 
 

- 468 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

A CASE STUDY ON POLYHEDRON MODEL OF  
A STRAIN SPACE MULTIPLE MECHANISM MODEL 

 
Ryo Ueda1), Ariyoshi Yamada2), Kohji Koyamada1) , and Hajime Okano1) 

 
 

1) Kobori Research Complex .inc, Japan 
2) Kajima Corporation, Japan  

uedar@kobori-takken.co.jp 
 

Abstract:  Polyhedron model is often introduced for the non-linear behavior of soil. The concept is originally proposed 
by Iai et al.,1993. This paper represents a case study on polyhedron models using authors’ program, to certify their 
analytical property and validity.  A simple layered soil with considering to the interaction on stress-strain relationship is 
assumed for dynamic analysis. It is certified that authors’ model with fewer plains can compute the interaction with 
two-directional input wave, and that it is consistent to other former programs, FLIP3D. This shows that it can improve 
efficiency of calculation. Our final goal is expansion to analysis for large scale three-dimensional soil. 

 
 
1.  INTRODUCTION 
 

In a strain space multiple mechanism model of soil, 
polyhedron model is often introduced for the non-linear 
behavior, where the three-dimensional stress and strain on 
virtual plain interact each other. This paper represents a case 
study on polyhedron models to certify their analytical 
property and validity. 

The strain space multiple-mechanism model is 
originally proposed by Iai (Iai et al., 1993). In his model the 
stress is given by combining all the partial stress 
contributions from the virtual plane strain shear mechanisms 
over the entire directions of the axes.  

Iai represents two types of polyhedron model which has 
20 and 50 planes on his program, FLIP3D. In this paper 
authors make a program based on FLIP3D and make a case 
study using 6, 8, and 20 planes. Our final goal is 
development of 3-dimensional soil structure interaction 
analysis code. It is required to reduce computational time. 
The purpose of this study is to certify that fewer plane model 
has enough accuracy. 

 
2.  COORDINATE TRANSFORMATION THEORY 

 
Iai represents the theory of coordinate transformation 

for three-dimensional analysis with reference to Cook,1981. 
With some mathematical and engineering background, 
coordinate transformation between original coordinate and 
transformed one is conducted a series of manipulations of 
matrix. In the three dimensional space the stress and strain 
vectors are written by 

 
}{}{ zxyzxyzyx

T    (1) 

 
The stress and strain vectors on transformed 

coordinates on virtual plain will given as  

 
  }{}~{  TT   (2) 

 
in which 
 

][ T   

 
 
 
 
 
 
 

 (3) 
 

On the equation (3), components ai ,bi ,ci (i=1,2,3) are 
direction cosines between original coordinate and 
transformed coordinate. Now let us define the directions of 
the axes with the angles  and  of a spherical coordinate 
shown in Figure1. The components are given by  

 
 
 
 
 

 (4) 
 
 
 
 
 
 
 
 

Figure 1  Spherical Polar Coordinate (Iai et al.1993) 
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Transformed strains on each virtual plane are moreover 
transformed and decomposed into an assembly of simple 
shear strains on multi-spring model. Constitutive equation of 
relationship between strain and stress is adopted on all the 
spring on all virtual planes. 

The shape of virtual plain is theoretically arbitrary in 
general. Once the shape of virtual plain is decided the angles 
of spherical polar coordinates can be determined.  
 
3.  POLYHEDRON MODELS 
 

As written in beginning in introduction, virtual plains 
for coordinate transform are often defined as polyhedron, 
which has mathematical symmetry. Polyhedron shapes used 
in this paper are shown in Figure 2. The first is 6-Planes 
model, what is called “cube”. Cube has, needless to say, 
plains parallel to absolute coordinate. It is simple and easy to 
understand, but it cannot follow the interaction behavior of x 
and y direction because virtual plains on different direction 
are independent to each other. The second is 8-Planes model, 
“Octahedron”. It can follow the interaction. And then the 
third is 20-planes model, “Icosahedron”. Iai also represents 
20 planes model.  

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 2  Polyhedrons Used in This Paper 

 
4.  ITNERACTION  
 

In order to certify the interaction using the model 
authors made, let us make a simple case study. Interaction is 
explained simply as below. When a soil is subjected to one 
dimensional shear force in x-direction, the stiffness should 
decrease due to non-linear effect. Then it should affect other 
direction also, in y-direction for example. The shear force in 
y-direction affects x-direction, vice versa. In order to 
consider this effect it is necessary to combine all the partial 
stress contributions from the virtual plane strain shear 
mechanisms 

The concept of case study here is showed in Figure 3. 
Arrows show the direction of input wave, with value 

indicating the conceptual factor of amplitude. The left is a 
model with two-directional input. Based on the theoretical 
definition, inputting the same waves both in x and y 
direction in two-directional model should be equal to 
inputting the wave in which the amplitude is the square root 
of 2 times of one directional, because of synthetic effect. In 
the same sense if the response of the latter case is divided by 
the factor square root 2 for normalization, it should be 
consistent with that of two-directional input case, without 
any multiple factor.  

In this study, 6 and 8-planes model is used for 
polyhedron. 6-plains model cannot follow the interaction of 
x and y but 8-plains model can do it. Using the one 
directional input with the square root 2 times as benchmark, 
where its output is normalized for comparison, let us 
compare the 6 and 8-planes model. 

 
 
 
 
 
 

Figure 3  Two-Directional Input 
 
The model of soil for case study is shown in Figure 4. 

Although it is simply layered soil, the multi-dimensional 
stress and strain is computed with considering to the 
interaction. The property of depth, velocity, and non-linearity 
is assumed with reference to some real example. Definition 
of parameters for liquefaction is based on Iai model of 
FLIP3D. Input wave on engineering bedrock is shown in 
Figure5. It is one of the waves defined by Japanese seismic 
design code. The amplitude is normalized adequately.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4  Model for Case Study 
 
 
 
 
 
 
 
 

Figure 5  Acceleration of Input Wave  
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The analysis results in accelerations at ground surface 
as shown in Figure 6. 6-plains model is different in the wave 
form and its maximum acceleration, but 8-plains model is 
consistent to the benchmark. Here, as written already the 
acceleration of benchmark model is normalized in its 
amplitude with divided by the square root of 2. Moreover 
the time history of excess pore water pressure ratio on 
liquefaction layer (GL-9m) is shown in Figure 7.  Figure 8 
shows the maximum acceleration, displacement, strain, 
stress, decrease of stiffness, and excess pore water pressure 
ratio. Here the response, except for excess pore water 
pressure, is normalized with the same way as written. 
Although slight differences are seen on displacement and 
stress, 8-plains and the benchmark are consistent almost 
completely. 6-plains model shows, however, excess of 
acceleration and strain.  

These results show that the 8-plains model has the 
response of the square root of 2 times of one-directional and 
that authors’ model is successful to compute the interaction.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6  Acceleration at Ground Surface 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7  Excess Pore Water Pressure Ratio 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 8  Maximum Response 

 
4.  COMPARISON WITH DIFFERENT CODES 
 

To certify the validity of authors’ model let us compare 
it with different codes FLIP3D for benchmark. Model of the 
soil is the same as shown in Figure 4. In this case study, the 
input wave is one-directional only. 6-Plains, 8-Plains, and 
20-Plains are used for polyhedron model. Since this study 
does not need the interaction, the result is expected to be 
consistent in all the case, without any normalization.  

The analysis results in accelerations at ground surface 
as shown in Figure 9, with the history of the ratio of excess 
pore water pressure shown in Figure 10. The results of 
authors’ model are consistent and independent to the shape 
of polyhedron. On behalf of authors’ models, the case of 
8-plain is selected and superposed with FLIP3D. They are 
also consistent. Figure 11 shows the maximum acceleration, 
displacement, strain, stress, decrease of stiffness, and excess 
pore water pressure. A slight difference is recognized in the 
beginning in pore water pressure, these results show that 
authors’ model is mostly consistent to the benchmark codes 
FLIP3D. This shows that 8-Plains model has enough 
accuracy equal to 20-Plains on FLIP3D and that it can 
improve efficiency of calculation. Then authors’ program 
should be expanded to large scale three-dimensional 
analysis. 
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Figure 9  Acceleration at Ground Surface 
 
 

 

 
 
 
 
 
 

 

 

 

 
 
 
 

 

 

 

 

 

 
 

Figure 10  Excess Pore Water Pressure Ratio 

 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 11  Maximum Response 
 

5.  CONCLUSIONS   
 
This paper represents a case study on polyhedron 

models for multiple mechanism model using authors’ 
analysis program, to certify their analytical property and 
validity. The analytic concept of polyhedron is originally 
proposed by Iai et al.1993. Authors made analysis program 
with 6, 8, and 20 plains of polyhedron. In the case study of 
interaction, authors’ model shows that a case with 
two-directional input wave on 8-plains model is equal to be 
the square root of 2 times of one-directional input, and that 
the interaction is computed successfully. That is, however, 
not successful in 6-plains model.  In the case study of 
comparison with other codes with one-directional input, the 
result shows that authors’ models, regardless to the shape of 
polyhedron, are mostly consistent to FLIP3D. Based on 
these studies it is shown that 8-plains model has fewer plains 
with enough accuracy and that it can improve efficiency of 
calculation. Application to large-scale model is expected. 
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Abstract:  In some earthquakes the failure of ground did not occur during the earthquake but after the earthquake 
stopped.  The investigations on such a phenomenon showed that it may be due to the existence of a silt layer in the sandy 
ground where a water film develops at the bottom of the silt layer with high pore water pressure.  In this paper 
three-dimensional effective stress nonlinear finite element method was adpopted to investigate the behavior of liquefable 
sand stratum with silt intralayers subejcted to hamonic input motions with variable amplitude.  The validity of the 
numerical simulation was first verified by comparing with centrifuge test results and good agreements were observed. The 
preliminary analyses showed that the crack of a silt layer can have the effect on the dissipation of excessive pore water 
pressure below that layer but not on that of the soil above it.  To draw a more concrete conclusions, further analyses are 
needed. 

 
 
1.  INTRODUCTION 
 

Liquefaction is a phenomenon that can result in serious 
damage to the ground and the building such as sand boiling, 
lateral spreading, excessive settlement, tilting and 
overturning of structures and attracts the attention of 
structural and geotechnical engineers most.  For a long time,  
many liquefaction-related studies mainly treated the ground 
as sandy ground; however, in reality there may be layers of 
silt or clay embedded in the sandy ground.  In some 
earthquakes the failure of ground did not occur during the 
earthquake, but after the earthquake stopped.  The 
investigations on such a phenomenon showed that it may be 
due to the existence of a silt layer in the sandy ground where 
a water film develops at the bottom of the silt layer with high 
pore water pressure (Kokusho, 1999).  This indicates that 
the sandy soil stratum with silt intralayers may become 
unstable even after the main shake, causing the sliding of 
slope.  The purpose of this study is to investigate 
numerically the behavior of liquefable sand-silt stratum with 
many layers of silt under hamonic input motions with 
variable amplitude. 
 
 
2.  METHOD OF ANALYSIS 
 

In performing the numerical simulation the 
three-dimensional nonlinear effective stress finite element 
method was adopted (Jou, 2000).  This method is 
developed on the basis of Biot theory for porous media.  
The nonlinear soil behavior was modeled using the Cap 

model with Mohr-Coulomb type failure line and the pore 
pressure model consistent with the Cap model was adopted 
(Pacheco,1989).  The lateral boundaries can be modeled as 
either roller-type boundaries or absorbing boundaries, while 
the bottom bedrock is always fixed. 
This method adopts the U-W form of equation of motion 
(Zienkiewicz and Shiomi, 1984) as follows: 
 
 
                                         (1)  
 
 
where u  is the displacement of soil particle and w  is 
the displacement of water relative to soil particle.  The 
vector {J} is made up of 1’s and 0’s to account for the 
desired direction of input motion.    is the input motion 
specified at the bedrock of soil stratum.  It should be 
pointed out that in this study the excessive pore water 
pressure (EPWP) was computed at the center of element. 
 
 
3. VERIFICATION AND VALIDATION 

 
In a previous study (Simatupang, 2011) the validity of 

the current program was verified by comparing with the 
centrifuge test results of a silt layer embedded in a 
liquefiable sandy ground (Lee et al., 2010) and good 
agreement was observed.  In this study the validation and 
verification of numerical simulation was further made by 
comparing with the centrifuge test results for silty soils with 
and without stone columns (Adalier et al, 2003).  In the 
following discussions all values regarding the model 
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dimensions and the responses are for the prototype. 
Shown in Fig. 1 are the two models used in the centrifuge 
tests.  The model in Figure 1a denoted as Silty model 
corresponds to a pure silt soil stratum of 7.8m deep and the 
model in Figure 1b is a silty soil stratum with 45 sand stone 
columns with a diameter of 1.27 m for each column, denoted 
as sand stone column model.  Figure 2 shows the two finite 
element models of dimension 23.916 m x 13.008 m x 7.8 m 
which were constructed in accordance with the centrifuge 
models.  In order to compare with the EPWP profile of the 
centrifuge tests, the silty model was divided into 8 layers, 
while the sand stone column model was divided into 11 
layers.  Table 1 describes the main properties of silty model 
and sand stone column model and Table 2 shows the layer 
thickness of both models.  The input motions was a 
20-cycle harmonic base input motion of increasing 
amplitude with the maximum value being 0.3g and 1.8 Hz 
prototype frequency; the duration of motion is about 13 
seconds.  Figure 3 and Figure 4 compare the development 
of EPWP at several depths from numerical simulation with 
that of the centrifuge test and good agreement can be 
observed.  Figure 5 and Figure 6 compare the settlement on 
the surface.  The good agreement also can be observed. 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
                     (b)( 
 
 
                      (b)  

Figure 1 Centrifuge Models: (a) Silty Model, and (b) Sand 
Stone Column Model  (Adalier et al. ,2003) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

         (a)     
 
 
 
 
 
 
 
 
 
 
 

(b) 
 
Figure 2 Finite Element Model: (a) Silty Model and (b) Sand 

Stone Column Model  
 
Table 1 Main Properties of Silt and Sand Stone Column  
 
No. Properties Silt Sand Stone 

Column 
1 Relative Density 60% 65% 
2 Internal Friction Angle 25o 37o 
3 Void Ratio NA 0.62-0.64 
4 Permeability (m/sec) 8.7x10-8 2.6x10-3

 
Table 2 Layer Thickness of Finite Element Model 
 

(unit: m) 
Layer Silty Model Sand Stone Column Model 
1 1.37 0.95 
2 0.25 0.7 
3 0.75 0.7 
4 1.73 1.43 
5 0.2 0.15 
6 0.2 0.15 
7 1.7 1.15 
8 1.6 1.4 
9  0.15 
10  0.15 
11  0.87 
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Figure 3  Comparisons for Numerical Simulation and Centrifuge Test Results for Silty Model: Centrifuge Test 
Results (left) and Numerical Simulation (right) 

 

 

Figure 3 Comparisons for Numerical Simulation and Centrifuge Test Results for Silty Model: Centrifuge Test 
Results (left) and Numerical Simulation (right) 

 

Figure 4 Comparisons for Numerical Simulation and Centrifuge Test Results for Sand Stone Column Model: 
Centrifuge Test Results (left) and Numerical Simulation (right) 
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Figure 5 Comparisons of Settlement on the Surface of Silty 

Model: Centrifuge Test Results (top) and 
Numerical Simulation (bottom) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6 Comparisons of Settlement on the Surface of Sand 

Stone Column Model: Centrifuge Test Results (top) 
and Numerical Simulation (bottom) 

 
 
4. NUMERICAL RESULTS AND DISCUSSIONS 

 
In the previous studies, it was found that the pore water 

pressure beneath the silt layer will become higher due to the 
impermeable character of silt layer.  This can be dangerous 
especially when it is happened in the slope ground, because 

due to slower dissipation the water film produced during the 
motion will remain even after the motion stops, leading to 
sliding or lateral movement of ground.   

In the following analsysis an attemp was made to see if 
the breakage of a silt layer can lead to the faster disspipation 
of EPWP of the soil beneath the silt layer. 

 

4.1 Model Description 
Shown in Figure 7 is the finite element model  

adopted to invetigate the effect of breakage of a silt layer on 
the EPWP profile.  The model has a size of 16 m x 16 m x 
12 m and the element size is 1 m x 1m x 1m.  Three silt 
layers, denoted as silt layer 1, silt layer 2 and silt layer 3 
from the surface, are embedded in the sandy stratum.  In 
this preliminary anaysis only two cases were considered.  
Case 1 is the case where the silt layers remian intact during 
the analysis.  Case 2 is the case where the silt layer 3 
crakced 3 seconds after the motion started which is modeled 
by changing the permeability of silt layer to 10-2 m/sec.  
The area of crack is 2 m x 2 m about the center line of the 
model.  The same input motion used for verification was 
used.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
                      
                        (a) 
 
 
 
  
 
 
 
 
 
 
                         (b) 
Figure 7 Finite Element Model for Investigating the Effect 
of Crack in Silt Layer: (a) Full View, (b) Cracked location 
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Figure 8 EPWP Profile for Case 1 Figure 9 EPWP Profile for Case 2 
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4.2 Results and Discussions 
Figure 8 shows the EPWP profile of Case 1 at different 

time for the soil column at the center of the model.  At 1 
second, the EPWP shows lager value below the silt layer 3, 
while the EPWP was small in the soil above it.  At 5 
seconds, the EPWP in the soil above and below the silt layer 
1 increases faster than that below the silt layer 3 and at some 
depths, the EPWP has the same values as the initial effective 
stress, i.e. the soil liquefies at these depths.  At 15 seconds 
which is 2 seconds after the input motions stopped, the 
EPWP of the first soil layer dissipates, while the soil below 
silt layer 2 almost liquefies.  After that, the EPWP of soil 
immediately below the silt layers dissipates at slower speed 
than the soil at other depths.  A point should be noted that 
when dissipation of EPWP starts, the trend of EPWP profiles 
between the silt layers is similar to the post-liquefaction 
scheme predicted by Kokusho (1999). 
Figure 9 depicts EPWP profile of Case 2 at different time for 
the soil column at the center of the model.  At 1 second, the 
EPWP profile of Case 2 is the same as that of Case 1, which 
must be so becaus the soil profiles of the two cases are the 
same.  At 5 seconds, 2 seconds after the crack of silt layer 3, 
the development of EPWP below that layer becomes 
different with the smoother profile for Case 2.  From 20 
seconds, the dissipation of EPWP in soil immediately below 
the silt layer 3 shows faster rate than that of Case 1, while 
the dissipation pattern of EPWP above the silt layer 3 are not 
affected. 
The above preliminary analysis seems to indicate the crack 
of silt layer only affects the dissipation of EPWP in the soil 
below the cracked silt layer.  However, to obtain a more 
concrete conclusions, more analyses are needed in the 
future.  
 
 
5.  CONCLUSIONS 
 

In this paper three-dimensional effective stress 
nonlinear finite element method was adpopted to investigate 
the behavior of liquefable sand stratum with silt intralayers 
subejcted to hamonic input motions with variable amplitude.  
The validity of the numerical simulation was first verified by 
comparing with centrifuge test results and good agreements 
were observed. The preliminary analyses showed that the 
crack of silt layer somtime after the motion started can have 
the effect on the dissipation of excessive pore water pressure 
below that layer but not on that of the soil above it.  To 
draw a more concrete conclusions, further analyses are 
needed. 
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Abstract:  The deep mixing method, an in-situ admixture stabilization technique that improves the mechanical and 
physical properties of ground, is often used in many applications such as increasing bearing capacity, liquefaction 
mitigation and remediation of contaminated ground. Laboratory mix tests are essential to quality assurance and the 
quality control of deep mixing method. With increasingly globalizing deep mixing method market in the background, it is 
desired to establish common understanding of the nature of laboratory mix tests and internationally accepted guidelines to 
conduct them, in order to guarantee the quality of the deep mixing method. The procedures used for the preparation of 
stabilized specimens in the laboratory greatly affect the properties of the stabilized soils. The influence of different 
moulding techniques for the preparation of specimens has been studied. The tests were carried out on Kaolin clay 
stabilized with ordinary Portland cement. Several mixtures with different consistency of soil and several moulding 
techniques, namely Tapping, Roding, Dynamic Compaction and Static Compaction were used. The results show the 
influence of moulding techniques on the unconfined compressive strength and wet density of the stabilized specimens. 

 
 
1.  INTRODUCTION 
 
The deep mixing method (DMM), an in-situ admixture 
stabilization technique using cement and/or lime as a binder, 
has been applied in many construction projects for various 
improvement purposes (CDIT, 2002). The DMM was put 
into practice in Japan in the middle of 1970s to improve soft 
marine deposits, and then spread into China, South East Asia, 
and recently to the other part of the world. Figure 1 shows a 
DM machine for on land constructions. The machines used 
to stabilize soft soil are basically composed of several 
mixing shafts and blades, and a binder-supplying system. In 
one operation, a column of stabilized soil is constructed in 
the ground. Through a series of construction steps, any 
arbitrary shape of improved mass (such as block, wall and 
grid types) can be formed in the ground. For liquefaction 
mitigation, the block and grid types of DMM have been 
applied (Suzuki et al., 1996). 

Laboratory testing of stabilized soils is extensively used 
in the quality control and quality assurance (QC/QA) 
processes in deep mixing projects (Åhnberg and Holm, 
2009). In Japan, the procedure of laboratory mix test has 
been standardized and applied to many construction works 
(Japanese Geotechnical Society, 2009). The paper focuses 
on a practical aspect of laboratory mix tests on a cement 
stabilized clay, dealing with the applicability of different 
molding techniques. This is one of the major themes 
currently being studied in the international collaborative 
study that has been undertaken to establish common 
understanding of the key issues involved in QC/QA of deep 
mixing works (Terashi and Kitazume, 2009). In the present 
work four mixtures with different consistency and four 

molding techniques, namely Tapping, Roding, Dynamic 
Compaction and Static Compaction were used. Unconfined 
compression tests were performed on the specimens 
produced.  

The eventual purpose of the study is to assess the 
sensitivity of stabilized soil’s strength (and other properties) 
to operators’ choice of techniques, test facilities, 
interpretation of the standards and variability in operators’ 
proficiency and in execution routines. While a general 
picture covering a variety of soils may be obtained after 
compiling contributions from other collaborators, this paper 
is a fast report of detailed test results obtained for ‘typical’ 
clay. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1 DM Machine for on land Constructions 
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2.  TESTING PROGRAMME 
 
2.1  Material and Testing Conditions 

The experimental work consisted in a laboratory 
investigation on the effect of different molding techniques 
on the unconfined compressive strength, qu and wet density, 
g (defined as the specimen’s weight divided by the volume 
of the mold) of cement stabilized clay specimens under 
various mixing conditions. A total of 160 specimens were 
tested. The paper addresses these topics through series of 
strictly controlled laboratory mix tests. 

The Kaolin clay was stabilized and tested in unconfined 
compression, with ordinal Portland cement (OPC) as a 
binder. The physical properties of the Kaolin clay are 
summarized in Table 1. The composition of OPC used 
abides by the JIS prescription (Japanese Industrial Standards, 
R5210: 2003); see Table 2. The binder content was changed 
as 10, 20, 30 and 40% for each moulding technique. Ten soil 
specimens were prepared for each mixing condition and 
moulding technique, and the total of 160 specimens were 
prepared. At 28 days curing, the soil specimens were 
subjected to the unconfined compression test at the axial 
strain rate of 1%/min. 

 
Table 1 Physical Properties of Kaolin Clay 

Specific Gravity, Gs  2.61 
Liquid Limit, wL（%） 77.5 
Plastic Limit, wP（%） 30.3 
Plastic Index, IP 47.2 
Compression Index, Cc 0.56 
Swelling Index, Cs 0.10 
K0 0.6 
cu/p 0.24 

 
Table 2 Requirements for Ordinal Portland Cement 

(JIS R5210: 2003) 
Components Standard values 
Calcium oxide < 5.0 % 
Sulphur trioxide < 3.0 % 
Ignition loss < 3.0 % 
Total alkali < 0.75 % 
Chloride ion < 0.035 % 

 
2.2  Testing Procedures 

The Kaolin clay was adjusted to the initial water 
content of 120% and made uniform by mixing. The powder 
of OPC was mixed with the clay, and they were mixed for 
10 minutes to make uniform mixture. After the mixing, the 
stabilized soil was moulded by the following procedures. 
The soil and cement mixtures were sealed with a plastic 
sheet and cured in high humidity box. The stabilized clay 
was placed in plastic molds (cylindrical shape, 50 mm in 
diameter and 100 mm in height) in three layers. In particular 
four different molding techniques were used, as shown in 
Figure 2: 

(1) Tapping 
For each layer, the mold was tapped against floor 50 

times (taken as standard value).  
(2) Roding 

Performed using an 8 mm diameter steel rod; 
consisted in slowly tamping the mixture with the rod 
for each layer and eventually push down the material 
attached to the rod. Number of poking per layer was 
set to 30. 

(3) Dynamic Compaction 
Each layer was compressed by the weight of rod (1.6 
kg) and compacted by a falling weight (0.6 kg) using a 
special apparatus. Fall height was set at 10 cm, while 
number of blows at 5.  

(4) Static Compaction 
Each layer was statically compressed by the weight 
(4.82 kg) for 10 seconds by using a heavy rod, in 
which the vertical pressure of 25 kN/m2 pressure was 
applied. 

 
 
 
 
 
 
 
 
 

(a) Tapping 
 
 
 
 
 
 
 
 
 

(b) Roding 
 
 
 
 
 
 
 
 
 

(c) Dynamic Compaction 
  
 
 
 
 
 
 
 
 

(d) Static Compaction 
Photo 1 Moulding Techniques 
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3.  INFLUENCE OF MOULDING TECHNIQUES 
 
3.1  Observation of specimens 

Figure 3 shows typical examples of the specimens 
produced by various moulding techniques, whose binder 
content was 10%. The figures clearly show that relatively 
uniform specimens without any large air pockets and 
cavities were produced by the Tapping technique 
irrespective of the amount of binder. In Roding technique, 
some air pockets and cavities are found in the specimens. In 
the Dynamic Compaction and Static Compaction techniques, 
several air pockets and cavities with relatively large volume 
are found in the specimens, especially in the Static 
Compaction technique. It was found in producing specimens 
that the soil binder mixture was stuck the loading platen. In 
particular, the suction that developed upon removal of the 
loading platen was suspected to be responsible for the sub 
horizontal discontinuities.  
 
 
 
 
 
 
 
 (a) Tapping   (b) Roding 
 
 
 
 
 
 
 
(c) Dynamic Compaction      (d) Static Compaction 

Figure 3 Observations of Specimens 
 
3.2  Wet Density 

The wet density of specimen, max., min. and average, 
produced with different moulding techniques are plotted 
against the binder contents in Figure 4. The wet density 
increases with increasing the binder content irrespective of 
the moulding technique. The variation in the wet density is 
different from the moulding technique: the smallest 
deviation in the maximum and minimum density is observed 
in the Tapping technique. However, quite large variation in 
the wet density is found in the Dynamic Compaction and 
Static Compaction techniques. 

In order to clarify the influence of moulding technique, 
the density ratio is shown in Figure 5, which is defined as 
the density of arbitrary moulding technique by that of the 
Tapping technique. The figure shows that the largest density 
is found in the Tapping technique irrespective of the binder 
content. The Static Compaction technique gives the smallest 
went density. 
 
 
 
 

 
 
 
 
 
 
 
 
 
 

(a) Tapping 
 
 
 
 
 
 
 
 
 
 

(b) Roding 
 
 
 
 
 
 
 
 
 
 

(c) Dynamic compaction 
 
 
 
 
 
 
 
 
 
 

(d) Static compaction 
Figure 4 Wet Density 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 5 Wet Density Ratio 
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The coefficient of variation in the wet density is shown 
in Figure 6. Again, the smallest CV value is found in the 
Tapping technique, and the largest in the Static Compaction 
technique. In the Static Compaction technique, the CV value 
increases rapidly when the binder content becomes 20%, 
and is almost constant for further increase of the binder 
content. 
 
 
 
 
 
 
 
 
 
 
 

Figure 6 Coefficient of Variation in Wet Density 
 
3.3  Unconfined Compressive Strength 

The unconfined compressive strength of the specimens 
is plotted against binder content in Figure 7. A clear 
hierarchy is observed, with the Tapping technique giving the 
highest strength. Compared to the results from the Tapping 
technique, the Dynamic Compaction and the Static 
Compaction techniques result in approximately 30% and 
50% lower qu, respectively, for the binder content of 10% or 
more. The loose structure of the statically compacted 
specimens is clear, while the Tapping technique lead to 
denser specimens. Figure 3 confirms that the specimen by 
the Static Compaction technique contained large air pockets 
and cavities. While the Static Compaction technique is 
sometimes used for fibrous, compressible soils, a caution 
may be needed if a uniform specimen is desired. 
  
 
 
 
 
 
 
 
 
 

(a) Tapping 
 
 
 
 
 
 
 
 
 
 

(b) Roding 
 

 
 
 
 
 
 
 
 
 
 

(c) Dynamic Compaction 
 
 
 
 
 
 
 
 
 
 
 

(d) Static Compaction 
Figure 7 Unconfined Compression Strength 

 
In order to clarify the influence of the moulding 

technique, the strength ratio is shown in Figure 8, which is 
defined as the unconfined compressive strength of arbitrary 
technique by that of the Tapping technique. The figure 
shows that the largest strength is found in the Tapping 
technique for the binder content of 10, 20 and 30%. The 
strength ratio is considerably small of the order of 50 to 75% 
in the Dynamic Compaction and Static Compaction 
techniques. However, when the binder content is 40%, the 
highest strength ratio is found in the Roding technique of the 
order of about 120%, while the smallest is found in the 
Dynamic Compaction technique. 
 
 
 
 
 
 
 
 
 
 
 

Figure 8 Strength Ratio 
 

The coefficient of variation in the unconfined 
compressive strength is shown in Figure 9. When the binder 
content is 10%, relatively small CV value are found 
irrespective of the binder content while the smallest CV 
value is found in the Tapping technique. The CV values 
slightly increase in the Tapping and Roding techniques with 
increasing the binder content. In the Dynamic Compaction 
and Static Compaction techniques, on the other hand, the CV 
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values increase rapidly to around 25% with increasing the 
binder content. As shown in Figure 3, the specimens 
produced by these techniques contain large volume air 
pockets and cavities, which cause less uniformity in the 
strength. 
 
 
 
 
 
 
 
 
 
 

Figure 9 Coefficient of Variation in Unconfined 
Compressive Strength 

 
3.4  Relationship between Unconfined Compressive 
Strength and Wet Density 

Figure 10 shows the relationship between the 
unconfined compressive strength and the wet density of the 
specimens produced by different moulding techniques. 
There is clear relationship between them, in which the 
strength increases almost linearly with increasing the wet 
density irrespective of the moulding technique. 
 
 
 
 
 
 
 
 
 
 

Figure 10 Relationship between Unconfined Compressive 
Strength and Wet Density 

 
Figure 11 shows the relationship between the 

coefficient of variation in the unconfined compressive 
strength and that in the wet density. Their magnitudes are 
different in the moudling technique, which can be caused by 
the degree of uniformity of specimens. The smallest CV 
value in strength and wet density is found in the Tapping 
 
 
 
 
 
 
 
 
 
 
 
Figure 11 Relationship between Coefficient of Variations in 

Unconfined Compressive Strength and Wet Density 

technique, while the largest CV value is found in the 
Dynamic Compaction and Static Compaction techniques. It 
is noted that the CV value in the strength increase almost 
linearly with increasing the CV value in the wet density. 
 
 
4.  CONCLUSIONS 
 

A comprehensive series of laboratory mix tests was 
performed to investigate the effect of moulding technique on 
the wet density and the unconfined compressive strength of 
cement stabilized Kaolin clay. The tests clearly show that the 
moulding techniques considerably affect the wet density and 
the strength of the stabilized clay. For the tested inorganic 
clay with high water content, the Tapping technique provides 
the quite uniform specimen and the densest specimens with 
the highest shear strength. The Roding technique also 
provides uniform specimen with small variation in the wet 
density and the strength. The Dynamic Compaction and 
Static Compaction techniques, on the other hand, provide 
specimens containing large volume of air pockets and 
cavities, and provide small density and strength with a lot of 
scatter. 

The work was undertaken as part of an international 
collaborative study. Within the program, similar studies on 
laboratory mix tests are being performed on different soils in 
different laboratories, and the results are forthcoming. 
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Abstract:  To study the effect of structural anisotropy introduced in geotechnical structures, dynamic model tests with 
scaled embankments are conducted under 1G condition. As in practice, the model embankment is constructed layer by 
layer by compacting moist silica sand. During compaction, the structural anisotropy is introduced by forming stratum of 
either “horizontal dip,” or “dip slope,” or “opposite dip.” Height of the model embankment is 15 cm, and its slope is set as 
1:0.7. Test results indicate that the embankment with opposite dip is stronger than the ones with the other types of dipping. 
In practice, although there are some issues to be cleared, e.g., drainage after construction, it may be possible to construct 
more seismically resistant geotechnical structures just by compacting soil with layers of opposite dip. 

 
 
1.  INTRODUCTION 
 

As a result of tectonic deformation, layered structure is 
typically found in natural slopes in the form of dipping. As 
shown in Figure 1, common slopes are classified into 6 
categories (Figure 1) (Suzuki 2000). In between the 
“horizontal dip” [Figure 1(a)] and the “vertical dip” [Figure 
1(b)], intermediate states are defined as follows: slopes 
having stratum dipping opposite to the slope are called 
“in-facing dip” [Figure 1(c)] (called “opposite dip” in this 
study); slopes having stratum dipping to the slope are called 
“Out-facing dip,” which is sub-categorized into “hangnail 
dip” [Figure 1(d)], “daylighting dip” (called “dip slope” in 
this study) [Figure 1(e)] and “parallel dip” [Figure 1(f)]. 
Among these, slopes with “in-facing dip” tend to form steep 
slopes and is known to be relatively strong against slope 
failures, while slopes with “out-facing dip” tend to form 
landslide morphology.  

By taking the benefit from mother nature, and deducing 
similarity of deformation mechanism, one may assume that 
the effect of anisotropy due to layered structures of 
compacted soil introduced in man-made geotechnical 
structures, which is called “structural anisotropy” in the 
present study, has some influence on their stability against 
external forces. In practice, because of the convenience on 
machine handling and drainage, embankments are 
constructed in such a way that each compacted layer forms 
horizontal or daylighting dip. Thus, in terms of stability of 
natural slopes, embankments constructed in this way may be 
vulnerable to deformation. 

Mechanics of anisotropic granular material has attracted 

many researchers [e.g., Arthur and Menzies (1972), Oda 
(1972), Oda et al. (1978), Tatsuoka et al. (1990), Rothenburg 
and Bathurst (1989), Tobita (1988)]. Anisotropic strength of 
cohesionless sands was studied by Oda (1981) through 
drained plane strain tests with the air-pluviated Toyoura sand. 
In the tests, in order to determine the effect of the anisotropic 
fabric and the layer structure on the anisotropic shear 
strength, the direction of the maximum principal stress 1’ 
was inclined to the principal plane of anisotropy at an angle, 
 (see inset in Figure 2). As shown in Figure 2, the 
maximum shear strength depends on the orientation of the 
principal plane of anisotropy. Note that their sample was not 
compacted but air-pluviated which induced the initial 
anisotropic arrangement of particles. This type of soil may 
be classified into “inherent anisotropy” in which soil is 
deposited by gravity.  

 

 
Figure 1 Classification of natural slopes [after Suzuki 
(2000)]. 
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Mimura and Yoshimura (2009) gave detailed 
examination on boring samples of compacted mound soils 
(“Hanchiku” in Japanese) extracted from the Takamatsuzuka 
Tumulus, and found clear evidence of compaction in density 
profile of the sample as shown in Figure 3. This type of 
anisotropy induced by compaction may be classified in the 
category of “stress-induced anisotropy” which is “due 
extensively to the strain associated with an applied stress” 
(Arthur and Menzies 1972).  

In the present study, a series of physical model tests are 
conducted to see the effect of anisotropy induced by 
compaction. As in practice, the model embankment is 
constructed layer by layer by compacting moist silica sand. 
During compaction, the structural anisotropy is introduced 
by forming stratum of either “horizontal dip,” or “dip slope,” 
or “opposite dip.” 
 

 
Figure 2 Stress-strain relations of uniform-anisotropic 
Toyoura sand [after Oda (1981)]. 

 
Figure 3 Profile of wet density of compacted earth 
(“Hanchiku” in Japanese) of Takamatsuzuka Tumulus 
measured by an RI core densimeter [After Mimura and 
Yoshimura (2009)]. 

2.  CONSTRUTION OF MODEL EMBANKMENT 
AND TEST CASES  
 

A series of physical model tests is conducted under 1G 
condition. In an acrylic box with rigid walls (310 x 200 x 
160 mm), model embankment was constructed with silica 
sand #7 (D50=0.13 mm) whose water content was adjusted to 
be 1%. Small amount of water was added to the sand for the 
ease of compaction. As in practice, the model embankment 
was constructed by compaction. A mass of sand required for 
each layer to make Dr = 40% of embankment body was put 
in a box, and it is flattened with spatula. Then, the sand was 
compacted by a miniature trowel until the specified 
thickness was achieved.  

In all cases, the bottom layer served as a flat 
well-compacted base layer whose thickness was 30 mm. 
Before proceeding to construction of a next layer, the surface 
of a layer was scratched with a stick to enhance natural 
contact between layers. To see overall deformation of the 
model embankment from the side, colored sand was 
sprinkled at the surface of each layer. Inclination of the 2nd 
to 5th layer was varied depending on the desired structural 
anisotropy (Figure 4). Angle of dip was specified at 8 to 10 
degrees from horizontal surface. To help keep the specified 
volume of a layer, pieces of Styrofoam were placed to fix the 
width of a layer (Figure 5). Therefore, surface of the slope 
formed a staircase pattern (Figure 4 and 5). Top layer was 
made flat for all the test cases. Slope of the model 
embankment is 1:0.67. 

After completion of the model embankment, the box is 
fixed on the shaking table. A sinusoidal wave with amplitude 
10 m/s2 and frequency 7 Hz was given to all cases. Shaking 
direction is transverse to the embankment (Figure 4). 
Duration of shaking was about 30 seconds for each test. An 
accelerometer (A1 in Figure 4) was attached on the shaking 
table to measure the input motion, and a laser displacement 
transducer (D1 in Figure 4) was installed to measure the 
vertical displacement at the top of the model embankment.  

As shown in Table 1, 3 patterns of structural anisotropy 
of Case 1: horizontal dip, Case 2: dip slope and Case 3: 
opposite dip were investigated. In each case, 5 tests with 
identical configuration, thus in total 15 tests, were carried 
out to assure the repeatability of the model test.  
 
Table 1 Condition of shaking table tests. In each case, 5 tests 
are conducted with identical condition. Those are numbered 
as Case 1-1 to Case 1-5 for Case 1, etc. 

 

 
 

Case Dr (%) Anisotropy
1 Horizontal dip
2 Dip slope
3 Opposite dip

40
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Figure 4 Schematic views of the model embankment (a) 
horizontal dip, (b) dip slope, and (c) opposite dip. 

 

 
Figure 5 Side view during construction of a model 
embankment with horizontal dip. Pieces of Styroform is 
installed to control density of a compacting layer. 

3  RESULTS OF SHAKING TABLE TESTS 
 
Figure 6 shows side view of the model embankment of 

Case 1-5, Case 2-4, and Case 3-2 As seen in Figure 6, before 
shaking, the shape of model embankments is nearly identical, 
except for the lines of colored sand indicating the dipping 
directions. After 30 sec of shaking, all the model 
embankments are collapsed with clear failure surfaces. 

Illustrations of deformed embankment (Figure 7) 
clearly show that slope of the failure surface of Case 3-2 
(opposite dip) is steeper than those of Case 1-5 (horizontal 
dip) and Case 2-4 (dip slope). This indicates a similar 
deformation pattern with natural slope having layers of 
opposite dip.  

Plotted in Figure 8 are time histories of input 
acceleration and vertical displacement at the top of the 
model embankment: (a) Case 1-1, (b) Case 2-1, (c) Case 3-1, 
(d) Case 1-5, (e) Case 2-4, and (f) Case 3-2. For cases of 
horizontal dip [Figure 8(a) and (d)] and dip slope [Figure 
8(b) and (e)], the model embankment was collapsed after the 
input of 3 to 10 waves. Contrary, for the cases of opposite 
dip [Figure 8(c) and (f)] show progressive deformation with 
fluctuation of +/- 3mm at around 1.2s to 2 s for Case 3-1 and 
1s to 4s for Case 3-2. This clearly shows high durability of 
the embankment with opposite dip against dynamic force.  

Soils near to the surface of each layer may be more 
compacted than the rest of soils in a layer. Thus, density of 
soil in the model embankment may vary parallel to the 
compacted surface, such as shown in Figure 3. This type of 
structural anisotropy may drive soils to move along the 
compacted surface. Thus, soils in the embankment with 
opposite dip tend to move in the direction opposite to the 
surface of the embankment.  

Figure 9 depicts variation of vertical displacement 
against the number of cycles in input wave for all the test 
cases, and their average (thick line). Although curves are 
scattered due to variation in the construction process of 
model embankments, one may qualitatively say that, by 
looking at the average curve, horizontal dip shows the 
largest displacement, and opposite dip shows the smallest 
displacement at constant number of cycles of input wave. 
The average curve of dip slope [Figure 9(b)] is close to the 
one of horizontal dip [Figure 9(a)], which is in harmony with 
the shape of time histories of vertical displacement shown in 
Figure 8(a) and (b), (d) and (e). 
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Figure 6 Deformation of the embankment before and after 
shaking of (a) Case 1-5: horizontal dip, (b) Case 2-4: Dip 
slope, and (c) Case 3-2: Opposite dip.  
 

 
Figure 7 Illustrated deformation patterns of the 
embankments shown in Figure 5. 

 

Figure 9 Variation of vertical displacements at the top of the 
model embankment with the number of cycles in input 
motion. 

 
4  DISCUSSION 
 

In practice, soils in an embankment are compacted 
with daylighting dip (Figure 1) so that seepage water flows 
outward in an embankment. This is of prime and practical 
importance for stability of an embankment, although 
strength may be lower than the one with opposite dip. To 
mitigate this deficiency, proper drainage system may be 
required. Method of compacting soils to form opposite dip 
may be applicable not only embankment, but also backfill of 
retaining walls or bridge abutments in which mitigation 
measures against water are normally installed.  
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5.  CONCLUSIONS 

A series of physical model tests under 1G condition 
was conducted to investigate slope stability of the model 
embankment which was constructed, as in practice, by 
compaction to have structural anisotropy. Here, the structural 
anisotropy is defined as layered structures of compacted soil, 
i.e., dipping, introduced in man-made geotechnical 
structures. In the present study, three types of dipping was 
considered; “horizontal dip,” “dip slope,” and “opposite dip.” 
The dipping angle in dip slope and opposite dip was about 9 
degrees. The model embankment whose height was 150 mm 
and slope inclination was 1:0.67 was constructed with moist 
silica sand with Dr=40%. A sinusoidal wave with amplitude 
10 m/s2 and frequency 7 Hz was given to all cases.  

Results indicate that the embankment with opposite 
dip showed higher durability against strong shaking. Soils 
near to the surface of each layer may be more compacted 
than the rest of soils in a layer. Thus, density of soil in the 
model embankment may vary parallel to the compacted 
surface. This type of structural anisotropy may drive soils to 
move along the dipping surface. Thus, soils in the 
embankment with opposite dip tend to move in the direction 
opposite to the surface of the embankment. 

In practice, seepage water in an embankment must 
flow outward in an embankment to keep proper drainage of 
rainwater. To mitigate this deficiency, a drainage system may 
be required. Method of compacting soils to form opposite 
dip may be applicable not only embankment, but also 

backfill of retaining walls or bridge abutments in which 
mitigation measures against water are normally installed. 
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Abstract:  Soft subgrades as foundation soil in an unpaved roadway can sometimes lead to excessive rut depth.  Use of 
geogrid in the unpaved roadway system under the above situation could be an alternative to other approaches. Some 
design parameters in geogrid-reinforced roadways include undrained shear strength of the subgrade clay layer, the design 
thickness of the aggregate material and traffic loading cycles, which are important factors influencing the overall 
performance of the unpaved roadway system. In this study, the design approach proposed by Giroud and Han (2004) was 
employed to evaluate the system rut depth with the variation of the subgrade undrained shear strength, design thickness of 
the aggregate material, and the traffic loading cycles through reliability analyses. Results have shown that the bandwidth 
of the probability of failure between the least and most loading cycles becomes smaller when the reinforcing conditions 
move from worst (unreinforced) to best (reinforced with stronger geogrid). At a given probability of failure, the 
corresponding mean factor of safety is also compared and found to be fairly consistent under given reinforcing 
conditions. 

 
 
1.  INTRODUCTION 
 

When unpaved roadways were constructed on soft 
subgrades during site preparation stage, roadway failures 
such as excessive settlements (i.e. rut depth) can sometimes 
occur under repetitive traffic loading.   What means for 
soft subgrade in this study refers to a soft soil deposit that 
constitutes a poor foundation for roadways because of its 
fine grain size and high water content associated with low 
density.  The above situation results in low bearing capacity 
of the subgrades, and under repeated loading the fine 
particles are prone to pumping.  Hence, the intact properties 
of the aggregate base material are deteriorated.  

Common methods such as excavation-substitution, soil 
improvement with chemical additives, and mechanical 
reinforcement with geosynthetics, especially geogrids are 
employed to address soft subgrade conditions for unpaved 
roadways.  Among the above methods, use of geogrids as 
the mechanical reinforcement is a more recent alternative.  
The geogrids are large aperture plastic meshes that are used 
mainly for their reinforcement function.  These are placed 
horizontally on the subgrade and backfilled with compacted 
aggregate.  As a tensile-resistant reinforcement, geogrids 
can provide mechanical support and add stiffness to the 
aggregate layer.  Based on the reinforcing mechanisms 
provided by the geogrid, a number of design approaches 
using geogrid reinforcement for unpaved roadways were 
proposed.  In this study, the design approach proposed by 
Giroud and Han (2004) was employed to obtain the system 
performance through given conditions and soil properties.  

The variability of subgrade undrained shear strength is 
considered in this study for reliability analysis of unpaved 
roadway system, for the fact this in-situ engineering property 

often expresses high variability sometimes up to 40% of 
coefficient of variation (C.O.V.).  (Harr 1987, Duncan 
2000) When designing using only one (could be the mean) 
value of in-situ undrained shear strength, the variability is 
thus ignored and cannot reflect the influence of variability on 
the performance of the unpaved roadway. 

This study aims at considering the variability of the 
undrained shear strength of the subgrade, and employs a 
current design approach to perform reliability analyses, 
hoping to discuss possible factors that may be influential on 
the resulting reliability of the system performance. 
 
 
2. DESIGN APPROACH FOR GEOGRID 
REINFORCED UNPAVED ROADWAY 
 
2.1  Design Approach of Unpaved Reinforced Roadway 

The design approach for geogrid reinforcement (Giroud 
and Han, 2004) in unpaved roadways was modified from the 
design approach for geotextile reinforcement proposed by 
Giroud et al.(1981).  Considering the soil mass shown in 
Figure 1, the induced stress increment at the bottom of 
aggregate layer can be calculated as: 

 

2)tan(  hr

P
Pi 
  (1) 

 
To ensure that no bearing capacity failure can occur 

under the applied load, the bearing capacity of the subgrade 
clay layer must be larger than the induced stress, as shown in 
the following equation: 
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Table 4 Design probability of failure at 10% and factor of 
safety at different reinforcing conditions  

 
 
 
5. SUMMARY AND CONCLUSIONS 

 
Based on the analyzed cases, results have shown that 

the probability of failure decreases significantly with 
increasing aggregate thickness under different reinforcing 
scenarios.  Comparing the unreinforced and geogrid 1 
reinforced case with the same probability of failure, it is 
clearly observed that the required aggregate thickness is 
much less in the geogrid reinforced case.  When loading 
cycles increase from 10000 to 100000, the probability of 
failure difference between worse and best reinforcing 
scenarios (i.e. unreinforced and geogrid 2 reinforced) gets 
closer.  This indicates that the influence of loading cycles is 
not so significant when good geogrid reinforcement is used.  
When comparing the results of different C.O.V. under the 
same reinforcing scenario, it is found that lower C.O.V. 
indicates a faster reduction of the probability of failure for 
both unreinforced and geogrid 1 reinforced cases.  In 
addition, the influence of C.O.V. (between the analyzed 
values) was not very clear at aggregate thicknesses of 
315mm (unreinforced) and 160mm (geogrid 1 reinforced) at 
about 60% of failure probability.  When large aggregate 
thickness is employed in design of unpaved roadways, the 
influence of C.O.V. on the probability of failure is not also 
very significant in the geogrid 1 reinforced case. However, 
when geogrid type 2 is employed in the analysis, the 
probability of failure that corresponds to no influence of 
C.O.V. is also at 60%. The results show that when the 
probability of failure is larger than 60%, larger C.O.V. 
indicates a smaller probability of failure, while when 
probability of failure is less than 60%, larger C.O.V. leads to 
a larger probability of failure. 

Common factor of safety in the unpaved reinforced 
roadways is 1.3 to 1.5; however, there is no indication that 
with different reinforcing conditions if the factors of safety is 
the same. With the reliability analysis results in this study, it 
is found that the reinforcing conditions and loading cycles 
did not make a significant difference in terms of factor of 
safety. Moreover, the common factor of safety 1.3 to 1.5 also 
indicates a suitable probability of failure of 5%~10% for 
unpaved roadways. 
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Load cycle = 10000 Unreinforced Case Geotextile Geogrid 1 Geogrid 2
Design Aggregate Thickness 466 332 277 156
Calculated Pf 0.1 0.0992 0.1006 0.0998
FS 1.35 1.35 1.36 1.37
Load cycle = 100000 Unreinforced Case Geotextile Geogrid 1 Geogrid 2
Design Aggregate Thickness 504 371.30072 313.00103 178.00122
Calculated Pf 0.1008 0.0994 0.1008 0.1008
FS 1.34 1.36 1.35 1.35
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Abstract:   Specific local geological, geomorphological, and geostructural features can induce high levels of shaking on 
the ground surface, even from low-intensity earthquakes. This effect called site or local amplification is principally due to 
the transfer of the seismic motion from hard deep soils to soft superficial soils and to effects of seismic energy 
focalization owing to typical geometrical setting of the deposits. Eurocode 8 consider that the average shear wave velocity 
for the top 30 m, Vs,30, is reliable to appreciate the site amplification in alluvial basin. For a few thousand square meter 
area, deep soil densification using deep vibrocompaction or heavy dynamic compaction for a 30 to 50 m thick loose to 
medium dense granular deposit could modify the ground type according to the value of site investigation based on cone 
penetration, standard penetration test or pressuremeter test. This article provides some key concepts and worksite 
examples with site investigation values before and after treatment in order to appreciate a realistic site effect change. 

 
 
1.  INTRODUCTION 
 

This article presents the geotechnical conditions convenient 
to the change of the initial ground type, preliminary defined 
according to the European Standard EN 1998 (2005) for design 
structures for earthquake resistance, after works of densification 
of  granular soil by methods such as dynamic compaction or 
vibrocompaction. To date, the ground densification leading to 
such result is clearly not the objective of the treatment but could 
become it, in particular if it brings an economic advantage in 
term of reinforced concrete for building project. 

The analysis of the soils’ mechanical characteristics before 
and after treatment could indeed lead to hold a different ground 
elastic spectrum, according to Eurocode 8 statuory point of view. 
It is well known that ground densification increases the 
mechanical characteristics of soils tested with cone penetration 
test (CPT) or pressuremeter test (PMT). To rule on the relevance 
of an effective change of class of ground, the classical site  
investigation is not sufficient. In fact, it is necessary to prefer 
shear wave velocity measurement (Vs) more adapted to the soil 
small strain parameters inferred by seismic waves (ε <<10-4).  
Most of the worksites in Western Europe are concerned with a 
small strain seismicity (Semblat and al. 2009).  

For the evaluation of soil liquefaction risk during an 
earthquake, there are studies based on the correlation between 
the soil shear wave velocity and the soil shear strength. Indeed, 
the compactness of sandy soils, used to appreciate their 
susceptibility to liquefaction can be appreciated through the Vs 
parameter (Andrus and al. 2000). 

However, as described in European Standard EN 1998 
(2005), the measurement of Vs has a promising future as an in 
situ liquefaction indicator, especially when it is difficult to obtain 

undisturbed and representative soil core samples (silty gravel 
soils for instance). Although significant progress on Vs 
measurement for subsurface investigations, the liquefaction 
analysis by means of Vs parameter requires the technical support 
of senior engineer. 

The content of this article is the following. First we 
define the study’s validity domain (§2), then we appreciate 
the soils’ parameter change after compaction with few case 
studies (§3). The argumentation is based on geotechnical 
investigation consisted of CPT, PMT and geophysical survey 
with Vs parameter obtained with modal analysis of surface 
waves (MASW). These worksites examples allow an 
accurate description of the initial soil class and no equivoque 
evolution after treatment (§4). 

 
2.  VALIDITY DOMAIN OF THE STUDY 
 
2.1  Ground densification 

This article is only about ground improvement 
techniques essentially for granular soil as dynamic 
compaction and vibrocompaction (figure 1). In both case we 
analyse the ground densification for some meters to several 
tens of meters thick. It could be a treatment to mitigate either 
an insufficient soil bearing capacity either incompatible 
settlements for the project or liquefaction mitigation. 
Vibrocompaction is a method using a vibratory probe 
inserted into ground. It was carried out to a depth of more 
than 60 m for onshore and offshore projects. The method is 
mainly applied to the densification of hydraulic sandfill with 
various carbonate contents (Chu and al. 2009). Dynamic 
compaction consists on dropping a heavy weight from air 
onto ground. Dynamic compaction and vibrocompaction are 
classified as “ground improvement without admixtures in 

- 497 -



 

 

non-cohesive soils or fill materials” according to the TC 17 
ground improvement meeting ( www.bbri.be/go/tc17 ). 

  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

2.2  Soil texture 
Soils in this study are mostly sands and gravels. The 

efficiency of vibrocompaction techniques is optimum if the 
fine content (passing through the n°200 sieve or grain size 
smaller than 75 µm) doesn’t exceed 10 to 15% of the total 
weight of the soil sample (Mitchell and al. 2002) and less 
than 2% of clay (grain size smaller than 2 µm). Figure 2 
shows validity domain for each technique versus grain size. 
Some authors suggest using CPT results to judge the 
suitability of the vibrocompaction method (Massarsch, 
1991). 

 

 Soil types 

Size range Sands Gravels to cobbles 

ASTM 

> 0.074 mm 

< 4.75 mm 

> 4.75 mm 

< 350 mm 

British/European 

Standard 

> 0.06 mm 

< 2.0 mm 

> 2.0 mm 

< 200 mm 

 
 Ground 

improvement 

without admixtures 

in non-cohesive soils 

or fill materials 

 
 

 
 
 
 
2.4  Site effect 

The amplification of seismic waves at the free surface, 
namely « site effects » may strengthen the impact of an 
earthquake in specific areas (e.g. Mexico 1985). Indeed, 
when seismic waves propagate through alluvial layers or 
scatter on strong topographic irregularities, 
refraction/scattering phenomena may strongly increase the 

amplitude of the ground motion. It is then possible to 
observe stronger motions further away from the epicenter. At 
the scale of an alluvial basin, the analysis of seismic wave 
propagation is a complex problem involving as various 
phenomena as resonance of the whole basin, propagation in 
heterogeneous media, generation of surface waves on the 
basin edges, nonlinear behaviour of geomaterials. The 
analysis of seismic wave propagation and amplification in 
complex geological structures requires efficient numerical 
methods. At this stage of the analysis, we simply consider 
the 1D soil model and we do not question its effectiveness 
for earthquake ground motion description. We neglect 
2D/3D effects.  

Damage due to seismic excitation is often directly 
correlated to local site condition in the form of motion  
amplification and/or liquefaction induced ground 
deformation. Ground type induces directly the elastic  
response spectrum and this is an important hypothesis 
considering that mean value of the shear wave velocity Vs,30 
(1) is reliable to relate site effects. Strong motion 
earthquakes are not analysed in this paper. In fact this type of 
earthquakes induces non reversible deformation. 
Topographic amplification are not analysed too because 
most of the ground improvement worksites are located on 
large size horizontal surfaces, on alluvium basin or near the 
shore line. 

 

2.5  Eurocode 8 ground type 
Geotechnical investigation CPT, SPT test (ε>10-4) or 

geophysical methods (ε<<10-4) based on Vs measures can be 
used for Eurocode 8 ground type. Results from both 
methods are depicted in this article. The geophysical method 
is Multichannel Analysis of Surface Wave method (Bitri and 
al. 1998). Soil classes are defined with the harmonic mean, 
formula (1), calculated for thirty meter of soil below the 
ground surface. Ground densification works are often 
concerned with A, D, E, S1 and S2 ground type (table 1). 

∑
=

= n

i si

i
s

V

h
V

1

30,

30
     (1) 

Ground type and description of stratigraphic profil 

A : Rock or other rock-like geological formation, including at most 5 m of 
weaker material at the surface. Vs,30> 800 m/s. 

D : Deep deposits of dense or medium dense sand, gravel or stiff clay with 
thickness from several tens to many hundreds of metres. Vs,30< 180 m/s. 

E : A soil profile consisting of a surface alluvium layer with Vs values of 
type C or D and thickness varying between about 5 m and 20 m, underlain by 
stiffer material with Vs > 800 m/s. 

S1, S2 : Soils potentially concerned with liquefaction (see EN 1998). 

 

Dynamic compaction 

Vibrocompaction 

Figure 2  Soil particle size main condition for ground 
densification techniques as dynamic compaction or 

vibrocompaction 
 

Figure 1  Dynamic compaction (a)  
et vibrocompaction (b) 

 

Table 1  Eurocode 8 ground types  
 

a b 
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City 

Country 
Surface (m2) 

Maximum 

depth of 

densification 

(m) 

Size 

range 
Technique 

a 
Givors 

France 
65 000 15 

Well 

graded 

gravels 

backfill 

Dynamic 

compaction 

b 
Dakar 

Senegal 
70 000 13 Sand 

Vibro 

compaction 

c 

Peribonka 

Dam 

Canada 

> 100 000 52 
Sands and 

gravels 

Vibro 

compaction 

 
 

 
 
3.  WORKSITE BACKGROUND 

 

3.1  Description 
We selected three construction sites among Menard’s 

recent ones where the granular soils’ densification led to 
significant modifications of the soils’ mechanical 
characteristics. For each site, the soil improvement was 
carried out over several thousand square meters. Note that 
the purpose of the works were to reach some settlement 
criteria for the superficial foundations, not to obtain the 
maximum possible densification of the soil. 

The first project concerns the Givors’ former Glass 
factory in France. Heavy dynamic compaction (HDCTM) 
was performed to improve 7 to 15 m well graded gravels 
backfills (Brûlé et al. 2010). This 85,000 m² building project 
has been subjected to energy level up to 5 000 kJ/impact. 

The second project is the extension of the terminal 
container within the Port of Dakar in Senegal (Liausu 2010), 
which was gained against the sea. Vibrocompaction works 
(figure 2) was carried out to improve 12 to 13 m of hydraulic 
sandy fill laying over marl. Soil improvement had been 
performed over an area of about 70,000 m2. 

The third project had been carried out by Geopac 
during the construction of a dam over the Peribonka river 
(Karry et al. 2008; Lauzon et al. 2006) in Northern Québec 
(Canada). The Peribonka Dam’s construction involved deep 
compaction of the river’s sand over 30 m at its foundation. 
Vibrocompaction (figure 2) was performed to compact the 
sand and as a remediation method for liquefaction risk. 
 

3.2  Data 
Regarding the Givors’ project (table 2), the soil 

parameters are obtained from investigations carried out 
within a specific investigation area (35 x 150 m), and 

repeated exactly at the same positions before and after the 
soil densification. The tip resistance (qc) and the 
pressuremeter limit pressure (PMT) given in table 3 are 
respectively the arithmetic and harmonic means of values 
from several borings over the whole improved depth (Brûlé 
et al., 2010). The shear wave velocity Vs,30 over the first 30 
meters results from 10 M.A.S.W. profiles. 

In Dakar, the tip resistance (qc) and Standard 
penetration test values SPT (blows per 30 cm) given in table 
3 are the arithmetic averages of values determined over the 
improved depth at the boreholes located within a sample 
area. 

Data relative to the Péribonka Dam are given by 
Lauzon et al. (2006) and Karray et al. (2008). The main 
information is the shear wave velocity increase 
consecutively to the soil densification work, from about 150 
- 250 m/s before the vibrocompaction work of the dam’s 
foundation soil, to 250 – 350 m/s after the compaction work. 

It is actually quite difficult to gather, from different 
sites, information that are obtained by using exactly the same 
procedures. Therefore, in this manuscript, our main objective 
is to investigate the parameters’ range of variations. The 
results of soil tests and geophysical surveys are summarized 
in table 3. 
 

Project Site investigation Vs,30 (m/s) 

 CPT SPT MASW PMT Before After 

Givors x  x x 244 252 

Dakar x x   - - 

Peribonka 

Dam 
x  x 

 
Non calculated 

 

Project NSPT 
CPT qc  

(MPa) 

PMT pl*  

(MPa) 

 Before After Before After Before After 

Givors - - 3.7 7.3 0.5 2.4 

Dakar < 15 > 50 < 8 > 15 - - 

Peribonka 

Dam 

- - < 10 > 10 
- - 

 
 
 
 
3.3  Data’s analysis 

The site investigation results show that the mechanical 
parameters obtained from in situ tests can increase by a 
factor of two after soil improvement works. The shear wave 
velocity Vs increases also but in a smaller proportion. At 
Givors were dynamic compaction work was performed from 
the surface, the shear wave velocity over the first five meters 
increased by about 20%. Calculated according to (1), the 
Vs,30 increases by about 3%. Regarding the Péribonka Dam, 

Table 2  Site characteristics 
a – Brulé and al. (2010a), b – Liausu (2010), c – Lauzon and 

al. (2006) and Karray and al. (2008). 
 

Table 3  Results of site investigations done before and 
after densification 
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we note that the shear wave velocity increase can be greater 
than 15% over the whole improved layer. The 
vibrocompaction technique’s effect on the Vs,30 can therefore 
be important even if the soil is not improved down to 30 m 
depth.  

Basing the classification on in situ parameters, a 
modification of the ground type is possible. Modifying the 
ground type is however more difficult when the proxy used 
is the shear wave velocity, although it may be possible if the 
soil compaction is carried out for that purpose. 

 
3.4  Main information 

The ground type according to the European Standard 
EN 1998 must be done appropriately so that the soil class is 
representative of the geologic context. It must indeed 
realistically take into account the site amplification effect: 
the lithology and the thickness of the soft layer laying on the 
seismic bedrock. The figure 3 shows the difference between 
the Eurocode 8 elastic response spectra calculated for C and 
D ground type. Assuming that some soil improvement work 
makes the soil ground type shift from a D class to a C class, 
the design of the structure must be adjusted, especially for 
structures with a natural period over 0.2 sec. 

For example, if we use the formula (2) to estimate the 
natural period of a building whose height is less than 40 m, 
and constituted of reinforced concrete frames, it may have 
an impact on the design for buildings having at least two 
floors. 

 
43
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4.  CONCLUSIONS 
 

Based on the possible variation range of soil’s shear 
wave velocity, we identified the geotechnical contexts for 
which soil improvement work may lead to ground type  
modification (table 4). We also included in table 4 the cases 
where specific site studies, based on 1D numerical model 
shaked at their bedrock by real seismogram for example, 
may lead to a modification of the dynamic response of the 
soil. 

 

Ground type Comments 

A 

Even with a strong densification of the 

top 5 m soil, the statuory ground type can’t 

change. However, the ground response can be 

affected in case of numerical modelling with 

new soil dynamic parameters. 

D 

Ground type can change if the soil is 

cohesionless and if Vs is close to the 180 m/s 

threshold. Ground type can shift from D to C if 

the ground densification modified 10 to 30 m of 

soil : Vs,30 can be modified. 

Site effect calculated by computational  

modelling  for a two layers model could be 

modified. For example, let consider a natural 30 

m thick D soil underlain by stiffer material with 

Vs > 800 m/s. If the ground treatment densify 

these 30 m by means of deep vibrocompaction, 

it is realistic to hope a significant change of the 

ground elastic response.    

In case of very thick alluvial basin (> 

100 m) with D soil laying on a deep rock 

formation, the impact of the densification on 

the ground dynamic response, even for a 30 m 

treatment, could be minimized. 

E 

For soil profile consisting of a surface 

alluvium layer with Vs values of type D and 

thickness varying between about 5 m and 20 m, 

underlain by stiffer material with Vs > 800 m/s, 

see above comments for D ground type. 

S1, S2 

Specific studies must be led because 

European Standard EN 1998 doesn’t supply 

any spectrum.  

If the soil survey only identify some 

lenticular deposits of sandy material (C or D 

type) suspect to local liquefaction risk and if the 

goal of the ground improvement is only to 

mitigate this phenomena, surface ground 

response will be hardly modified.     

However, a global deep densification 

for over consolidated granular soils, will 

directly define the new ground type, and then 

the elastic ground spectrum. 

 
 
 

 

Table 4  Geotechnical conditions convenient to a EC8 
ground type change after ground densification 

 

Figure 3  Ground spectrum shape comparison for a D and C 
ground type with a 5% damping ratio (ξ). The specific 

category of the structure is II (γI=1)  
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Abstract:  Smoothed particle hydrodynamics (SPH), as a particle method, was originally proposed for modeling 
astrophysical phenomena, and later widely extended for applications to problems of continuum solid and fluid mechanics. 
In the SPH method, the problem domain is represented by a set of arbitrarily distributed particles which possess material 
properties and move according to the governing conservation equations. The field variables are approximated at each time 
step based on a current local set of arbitrarily distributed particles. Because of this adoptive approximation, the 
formulation of SPH is not affected by the arbitrariness of the particle distribution. Therefore, it can naturally handle 
problems with extremely large deformation. In this research, the formulation by using finite deformation theory is 
proposed to simulate the large deformation of soil and the validity of this formulation is confirmed. 

 
 
1.  INTRODUCTION 
 

The Smoothed Particle Hydrodynamics (SPH) was 
originally proposed for modeling astrophysical phenomena 
by Lucy (1977). In the present it is widely used for 
applications to problems of fluid mechanics. In the SPH 
method, the problem domain is represented by particles. The 
field variables are calculated at the position of particles 
which move according to the governing conservation 
equations. Since the SPH method is one of meshless 
Lagrangian method, it can naturally handle problems with 
extremely large deformation such as liquefaction or land 
slide which is hardly simulated by FEM. Because FEM is a 
grid-based method, the large distortions of grid which the 
Jacobian at Gaussian point is negative value leads to failure 
of the computation. It is important that the geometric 
non-linearity is taken account for problems with large 
deformation. However, the SPH formulation described 
based on the finite deformation theory for geo-materials 
have not been reported. In this research, the SPH 
formulation by using the finite deformation theory is 
proposed to simulate large deformation of soil.  
 
 
2.  SPH METHOD 
 
2.1  Formulation of SPH 

Smoothed Particle Hydrodynamics (SPH) was 
developed by Lucy (1977) and Gingold and Monaghan 
(1983) for the simulation of astrophysical problems. SPH is 
the method to evaluate the field variables such as density, 
velocity and so on at the arbitrary time by regarding the 
continuum as particle aggregate as shown in Figure 1.  

According to SPH formulation, a function at an 
arbitrary point  f x  is interpolated in an integral form as 

 

     ,f f W h dV


  x x x x . (1) 

 
In the equation (1),   is the domain of integral that 
contains x . The function  ,W hx x  is so-called the 
smoothing kernel function. In the smoothing kernel function, 
h

 
is the smoothing length defining the influence area of the 

smoothing kernel function. It should satisfy following 
conditions. The first one is the normalization condition. The 
integral of smoothed kernel function become 1. 
 

 , 1W h dV


  x x . (2) 

 
The second one is the Delta function condition. In the limit 
for 0h  , the smoothing kernel function become the 
Dirac delta function. 
 

   
0

lim ,
h

W h 


   x x x x . (3) 

 
The third one is the compact condition. The smoothing 
kernel function becomes 0 outside a certain area. 
 

continuum

 
Figure 1  Basic concept of Smoothed Particle 

Hydrodynamics (SPH) 
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 , 0W h x x , when h x x  (4) 

 
where   is a constant. According to this condition, the 
value of function inside the circle (2D) or sphere (3D) with 
radius of h  is influence in calculating  f x  by the 
equation (1). In the other words, it is not necessary to 
consider the variables outside the domain which is called a 
support domain. Therefore the cost of computation can be 
small. 

The integral representation for  f x can be spatially 
descretized by particle approximation as  
 

     
1

,
N

j
j j

j j

m
f f W h



x x x x . (5) 

 
The subscript j  iterates over all particles neighboring the 
particle i . N

 
is the number of particles neighboring the 

particle i . jm , j  
and jx  are the mass, the density 

and the position of particle j
 
respectively. Therefore a 

field quantity at the position of particle i ,  i i  x can 
be written as 
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N
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m
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  (6) 

where 

 ,ij i jW W h x x . (7) 

 
In order to simulate the motion of particles, the spatial 

derivative of field quantity is required. The spatial derivative 
of a function is obtain by substituting  f x  with 
 f x in equation (1), which gives 

 

      ,f f W h dV


    x x x x . (8) 

 
Applying the Gaussian divergence theorem to the equation 
(8), the following equation is obtained. 
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S
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x x x x n

x x x
. (9) 

 
S  is the surface of support domain and n  is the normal 
vector. The first term of right hand side of equation (9) 
becomes 0 due to the compact condition. As well as the 
procedure to descretize  f x , the spatial derivative of a 
function is approximated as 
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   x x x x . (10) 

 
The spatial derivative of field quantity at the particle i , 

 i i   x
 
is written by 
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and its spatial derivative 
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2.2  Smoothing kernel function 

In SPH method, a cubic spline function,  
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is widely adopted as the smoothing kernel function where 
R h x x , 1d h  , 215 7 h and 33 2 h in 
one, two and three dimensional space. d  is defined so 
that the unity condition is satisfy. The spatial derivative of 
smoothing kernel function is described as 
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The smoothing kernel function  ,W R h  and the spatial 
smoothing kernel function  ,W R h adopted the cubic 
spline function are shown in Figure 2.  
 
2.3  Governing equations 

The governing equations in calculating the behavior of 
continuum are as follows. 
 

    v σ g  (14) 

     v  (15) 

1
:

2
epS C C

   
 

   (16) 

 
Equations (14), (15) and (16) are the equation of motion ,  
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the conservative low of mass and the constitutive equation 
respectively.   is density. v  is velocity. g  is the 

gravitational acceleration. σ is Cauchy stress tensor. S  is 
second Piola-Kirchhoff stress tensor. C is right 

Cauchy-Green deformation tensor. epC  is elasto-plastic 
constitutive tensor. Cauchy stress tensor σ  is calculated by 
equation (16) describing in chapter 3. 

The divergence of σ is described as 
 

2

1 
  

 
       

 

σ σ
σ . (17) 

 
Applying the equation (11) to the left hand side and the 
second term of right hand side of equation (17), following 
equations are obtained. 
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By substituting the equations (18) and (19), the divergence 
of stress dividing by density at the position of particle i  
can be written as 
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The equation of motion (14) can be descretized. 
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Therefore, we can calculate the acceleration of particle 
i from the mass, the density, the coordinates and Cauchy 
stress tensor at each particle which is contained in the 
support domain of particle i  based on the equation (21). 
As well as the equation of motion, the conservative low of 
mass (15) can be descretized as 
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In coding the SPH method, some special treatments is 

employed for enhancing the stability properties of numerical 
algorithms. The first one is the artificial viscosity. The 
formulation of SPH induces the unphysical oscillations in 
the numerical result. Monaghan and Gingold (1983) applied 
it to SPH to remove this unphysical oscillations. This 
Monaghan type artificial viscosity is the most widely used so 
far in the SPH literatures. The detailed formulation is as 

follows. 
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  2i jh h h  ,   2i j    ,   2i jc c c   

 
Here,  ,   are constants. c is the speed of sound. The 
second one is XSPH technique proposed by Monaghan 
(1994). In XSPH method, the position of particles is updated 
according to the following equation. 
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  x
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where   is a constant. It is clear that the velocity of 
neighboring particle contributes in updating the position of 
the particle i . Therefore the XSPH technique can keep the 
particles more orderly and avoid the penetration between 
approaching particle. 
 
2.4  Update of Cauchy stress by constitutive equation 
based on the finite deformation theory 

Describing a coordinate of a material point as X  in 
the reference configuration and x in the current 
configuration, the deformation gradient tensor F  is defined: 
 

F
X





x
. (26) 

 
In the process from the time step n  to 1n  , the velocity 
of particles is calculated from equation (21) and the 
coordinate of particles is calculated from equation (25). 
Regarding the state in the time step n  as the reference 
configuration, the deformation gradient tensor of the particle 
i  is approximated as 
 

1

N
j

i j iji
j j

m
WXF



  x . (27) 

 
Cauchy stress tensor of particles can be updated by the 
deformation gradient represented by equation (27). In this 
research, the Modified Cam-Clay model proposed by 
Roscoe et al. (1968) which is a typical constitutive model for 
the clayey soil is employed as the constitutive model. 

In elastic model of the Modified Cam-Clay model, 
elastic bulk modulus and elastic shear modulus usually 
depend on pressure so that the linear relationship of 
ln lnv p  can be represented. In this research, the hyper 
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elastic constitutive model depends on pressure proposed by 
Yamakawa et al. (2010) is employed. The hyper elastic 
potential is defined as 
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where eJ is an elastic volumetric change which is 
determinant of an elastic deformation gradient tensor eF . 

0
eJ  and 0P  are an elastic volumetric change and a 

pressure in the reference configuration respectively. ˆ eC  is a 
constant volume component of elastic right Cauchy-Green 
deformation tensor :

Te e eC F F  . *  is elastic 
compression index. e  is a elastic shear modulus depend 
on pressure: 
 

 0 *
e e e eW J

 


 


 (31) 

 
where 0

e  is constant component of elastic shear modulus. 
  is a coefficient concerning with pressure dependency of 
elastic shear modulus. Second Piola-Kirchhoff stress 
referenced the intermediate configuration S  is derived by 
differentiating equation (28) with respect to 2eC : 
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 (32) 
 

If the stress state corresponding to the deformation 
gradient tensor shown in equation (27) is judged as 
elasto-plastic state, the stress is updated by iterative scheme 
so-called the return mapping method. Yamakawa et al. 
(2000) proposed the return mapping method by using the 
constitutive model represented by Mandel stress referenced 
the intermediate configuration which is independent of the 
rigid body rotation and exponential tensor function. The 
yield function of the modified Cam-Clay model represented 
Mandel stress is described as 
 

   
2

2
, 0c c

Q
F P P P PT    


 (33) 

 
where T  is Mandel stress tensor. P and Q  are mean 
Mandel stress and deviatoric Mandel stress respectively. 
  is critical state parameter. The subscript c  indicates 
the variable in pre-consolidated state. The associated flow 
rule is described as 

 
pL M   (34) 

 
where   is the consistent parameter. pL  is plastic rate of 
deformation tensor defined by following equation, 
 

1p p pL F F


  . (35) 
 

pF  is plastic deformation gradient tensor and it is assumed 
that F  is decomposed multiplicatively: 
 

e pF F F  . (36) 
 
M  is the first derivative of yield function with respect to 
Mandel stress. Assuming that plastic rate of deformation 
tensor pL  is constant during a time step t  and 
integrating equation (35) with respect to time from nt  to 

1nt  , the following equation is derived: 
 

 1 1expp p p
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Making dot product equation (37) and 1

e
nF  , 
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 and 
taking account that inverse tensor of  1exp p

ntL   is 
 1exp p

ntL  , equation (37) yields 
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    is trial elastic deformation 
gradient tensor assumed plastic deformation is not occurred 
during a time step t . By backward Euler approximation, 
equation (34) takes the form: 
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. (39) 

 
Substituting equation (39) to equation (38), the following 
equation is derived: 
 

   1 1 1 1expe tre
n n n nF F M      . (40) 

 
In the iterative process, the unknown variables 1

e
nF   and 

1n   are calculated by solving simultaneously equations 
(33) and (40).  The pre-consolidated stress . 1c nP   is 
obtained from the isotropic hardening law: 
 

p
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p
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P J

P J
 

 
. (41) 

 
  is defined as  * *1    . *  is elasto-plastic 
compression index. Integrating equation (41) with respect to 
time, the following equation is derived: 
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Table 1  Material parameters used in the simulation 

Critical state parameter 1.00

Elastic compression index 0.01

Elasto-plastic compression index 0.15

Constant of elastic shear modulus (kPa) 10000.0

Parameter for pressure dependency of       0.0

Reference pressure (kPa) -98.0

Reference elastic volumetric change 1.00
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After the iterative calculation is finished, second 
Piola-Kirchhoff stress referenced the intermediate 
configuration S  can be calculated from equation (32) by 
substituting the converged solution eF . Cauchy stress is 
calculated from the definition of S : 
 

1 Te e

J
σ F S F   . (43) 

 
In order to confirm the validity of the calculation 

method described above, the simulation of constant volume 
shear test is performed. The material parameter used in the 
simulation is summarized in table 1. 1.15%, 0.115% and 
0.0115% of the incremental deviatoric Euler-Almansi strain 
are given in the simulation so that the volume is constant. 
Figure 3 shows the results of simulation in the cases that the 
over consolidation ratio is set to be (a): 1.0, (b): 1.5 and (c): 
2.5. The right hand side of the figure 3 is the simulated stress 
path and also the critical state line and the initial yield 
surface of the Modified Cam-Clay model are drawn. The left 
hand side of the figure 3 represents the stress-strain 
relationship. From these figures, it is confirmed that the error 
is almost 0 although the increment of deviatoric strain is 
large and the stress state is properly judged. 
 
 
3.  CONCLUSIONS 
 

In this paper, the Smoothed Particle Hydrodynamics 
(SPH) formulation based on the finite deformation theory is 
presented. The simulations of constant volume shear test 
employed the Modified Cam-Clay model as the constitutive 
model was performed. It is confirmed that the error is almost 
0 although the increment of deviatoric strain is large and the 
stress state is properly judged.  
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Figure 3  Stress paths and stress-strain relationships 
(a) :OCR=1.0, (b) :OCR=1.5, (c) :OCR=2.5 
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Abstract – Seismic wave propagation simulation has been used for earthquake modelling induced liquefaction in 

saturated sand by several researchers. The seismic wave characteristics along with the soil mechanical properties are 

responsible for transferring earthquake forces and collapsing civil engineering structures. The seismic wave 

propagation in saturated sandy subsoil under laboratory condition has been studied. The wave propagation 

simulation has been evaluated in associated to liquefaction response and liquefaction resistance. The site geological 

and geotechnical characteristics govern the seismic wave propagation and subsequently controlling subsoil 

volumetric strain and stress. The study revealed that if geophysical site investigation correctly identifies wave 

propagation in subsoil helps in near to realistic predicting liquefaction resistance. And at final theoretically a new 

and simple sandy saturated semi-confined column has been proposed for controlling dynamic differential settlement 

and deformation of subsoil and light structure, and converting destructive force to a stability improvement force. 

   

Keyword; Wave force, dynamic liquefaction, soil resistivity, volumetric strain, sandy column 

 

 

1. INTRODUCTION  

 

 To accurate predict earthquake damage it is 

necessary to understand generation, distribution and 

dissipation of seismic wave through the subsoil.  

There are several geological factors governing 

seismic wave velocity behaviour. The wave theory 

along with theory of elasticity and plasticity 

explained seismic compressional-waves and share-

waves propagation in different subsoil for simulating 

earthquake.      

The liquefaction has been reported in several 

past earthquakes especially during Alaskan 

Earthquake (1964) and Niigata Earthquake (1964) 

which is induced instability of subsoil and 

subsequently damage of several infrastructures 

(Youd TL, Bartlett SF. 1989. Hamada M. 1992). And 

the realistic modelling of saturated sandy subsoil 

affected by dynamic force was not easy task due to 

multiscale, multiphysics computational framework 

requirement (M. Zeghal and U. El Shamy. 2008). 

And from the other hand the bearing capacity failure, 

permanent settlement with a slight residual tilt could 

be observed in layer which was under liquefaction 

(H. Kishida. 1966), and sometimes the damage on 

structure were not sever but decreased structures 

factor of safety. It was unknown about subsoil 

liquefaction resistance, liquefaction time, depth of 

subsoil induced liquefaction and accurate effect of 

liquefied layer on other parts of subsoil. As it is well 

known that the underground water is one of main 

parameter in liquefaction phenomenon. The water 

seismic index (WSI) is a method for identified of 

subsoil hydrological condition. The seismic 

refraction analysing was main tool for identification 

of compressional and shears wave velocity values for 

modelling subsoil water table (Gerardo Grelle and 

Francesco Maria Guadagno. 2009). The water 

seismic index (WSI) recognized as a method for 

predicting converting unsaturated soil to the 

saturated soil and changing soil layer characteristics.  

And for the modelling and simulation earthquake 

induced liquefaction in loose and dense saturated 

subsoil the details of wave propagation in seismic 

response of saturated porous media numerically have 

been discussed (Mahdi Taiebat et al.  2010). There is 

a laboratory experimental modelling on isotropically 

consolidated saturated sand for simulating seismic 

response analysis through measuring shear wave 

velocity during cyclic liquefaction and analysis shear 

wave velocity effect on strain shear modulus during 

an earthquake (Yan-guo Zhou. 2005). In the 

saturated sand requires to analysis and understand of 

liquefaction resistance. It has been mentioned that 
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the mechanical property of granular material has 

direct correlation with its fabric and it could be used 

for measuring stress-strain relationship and shear 

strength of soil (C. J. Lee., 2007). And from other 

hand the gravelly soil is recognized to have no 

liquefaction but after 1999 Chi-Chi Taiwan 

earthquake and 1988 Armenia earthquake warranted 

the potential liquefaction of gravelly soil (Ping-Sien 

Lin., 2004). The existing problem was other 

investigation and alternative approach like work on 

support vector machine (SVM) to predict 

liquefaction of soil using shear wave velocity (Vs).  

This method has been developed by Vapnik, and the 

philosophy was based on statistical learning method 

(Vapnik, V., 1995). And later others models have 

been developed using SVM through consideration of 

effective vertical stress, soil type, shear wave 

velocity, peak horizontal acceleration and earthquake 

magnitude (Pijush Samui., 2011). To continue 

investigation on liquefaction resistance the database 

collected from other scientific (Andrus, RD., 1997), 

have been used for develop model for predict 

liquefaction resistance based on SVM model 

(Vapnik, V., 1995). The earthquake nature play main 

role in liquefaction resistance. The different 

earthquake records have been studied for proposed a 

simple method to assess the liquefaction potential of 

a soil deposit (D.S. Liyanapathirana., 2004). The 

quantitative and qualitative seismic record is criteria 

for detecting site liquefaction vulnerability. 

However, the liquefaction prediction is depending on 

quantity of seismic record on liquefied soil. And the 

wave seismic transfer in the liquefiable and un-

liquefiable is helped for prediction soil liquefaction 

resistance (Xiaoming Yuan., 2010). The multi-

artificial neural network model for wave induced 

liquefaction has been shown the maximum 

liquefaction potential (Daeho (Fred) Cha., 2011). The 

result presented previous researcher could be used 

for further soil liquefaction resistance (Cha, D.H., 

2003). Although the investigation incorporating a 

wave model and soil model for soil liquefaction 

potential using non-breaking and breaking wave for 

modelling (Zhang, H., 2005. Jeng, D.S., 2005) and 

also wave induced liquefaction used for simulation of 

earthquake induced liquefaction (Noorzad, R. et al 

2009). The saturated sandy subsoil subjected to 

dynamic wave propagation has been selected for 

realizing soil liquefaction resistance. And at final 

theoretically a sandy column has been proposed for 

improving light structure stability which is placed on 

liquefiable loose sandy subsoil and subjected to 

dynamic force. 

 

2. SITE GEOLOGICAL CHARACTERISTICS  

 

The excess pore water pressure generally has 

been observed in fully saturated loose to medium 

dense sands subjected to the static or dynamic forces 

and resulted in shear stress higher than shear strength 

and implied zero effective stress (Kramer SL., 1996). 

During an earthquake this phenomenon periodically 

is repeated and the dynamic liquefaction will be 

produced and subsequently bring more deformation 

and instability to the subsoil. The soil liquefaction 

resistance has strong influence on dynamic 

liquefaction magnitude.   

There is a research on Vietnam sand liquefaction 

resistance using shaking tests, the liquefaction 

possibility, settlement, bulk density, and shaking 

duration, dynamic force frequency, acceleration and 

dynamic force direction have been indicated in the 

Table 1. The one direction dynamic force reduced 

sand liquefaction resistance more compare to the 

multi-direction dynamic force (T.S. Ueng et al., 

2010). The one direction dynamic force resultant has 

more ability in collapsing soil liquefaction resistance. 

The multi-direction dynamic force characteristic is 

improved soil liquefaction resistance. The logic 

behind is multi-direction dynamic force not allowed 

the granular particle be rearranged equal to sand 

subject to the one direction dynamic force and 

subsequently liquefaction magnitude reduced. The 

force in test E02 has same characteristics of test E01 

and only direction is changed, in this case 

liquefaction was due to changing dynamic force 

direction. In the practical may be earthquake 

epicentre govern liquefaction magnitude when the 

site geological characteristics is constant. The second 

liquefaction case is test E08 the frequency is 

governing the liquefaction resistance.  

It has also been observed increased frequency 

cased liquefaction (Ueng TS., 2006). And also may 

be wave time travel and angle of wave propagation in 

a soil can control sand liquefaction resistance. 

Reducing seismic settlement is a way of increasing 

soil liquefaction resistance. In initial of shaking the 

loose saturated sand faced settlement and in next 

coming shaking, the subsoil shows liquefaction 

resistance due to improved density. The occurrence 

of liquefaction is along with the settlement the good 

thing is the site faced previous earthquake in the 

future should show more liquefaction resistance due 

to liquefaction-settlement-density phenomenon, but it 

not mean no more liquefaction will be there.  

The precise depth of liquefaction could be 

estimate using recorded excess pore water pressure 

and accelerations in different level of subsoil is 

subjected to the shaking (Ueng TS., 2006). The 

dynamic force direction also play main role in 

prediction sand liquefaction resistance. It is too 

important in earthquake geotechnical engineering to 

estimate liquefaction zone of subsoil for 

understanding structure safety and stability.    
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Table 1   Test sequence in shaking table tests series E, [T.S. Ueng et al., 2010] 

 X (N-S) Y (E-W) 
Duration 

(S) 

Liquefaction 

(?) 

Settlement 

(mm) 

Bulk 

density 

(kg/m3) 

Shaking   

No 

Frequency 

(Hz) 

Acceleration 

(g) 

Frequency 

(Hz) 

Acceleration 

(g) 

E01 2 0.03 - - 10 Yes 14.7 1416 

E02 - - 2 0.03 10 No 0.5 1417 

E03 2 0.03 2 0.03 10 No 0.7 1417 

E04 2 0.03 2 0.03 10 No 0.6 1418 

E05 - - 2 0.05 5 No 0.7 1419 

E05a - - 2 0.05 5 No 0.1 1419 

E05b - - 2 0.05 5 No 0.4 1419 

E06 - - 2 0.05 10 No 0.3 1420 

E07 - - 2 0.05 20 No 0.4 1420 

E08 - - 4 0.05 10 Yes 9.1 1430 

E09 - - 4 0.05 5 No 2.4 1432 

E10 - - 1 0.05 10 No 0.1 1432 

E11 2 0.05 2 0.05 5 No 0.1 1432 

E11a 2 0.05 2 0.05 5 No 0.4 1433 

E11b 2 0.05 2 0.05 5 No 1.3 1434 

E12 2 0.05 2 0.05 10 No 0.4 1435 

E13 2 0.05 2 0.05 20 No 1.5 1436 

 

3. SEISMIC WAVE PROPAGATION AND 

LIQUEFACTION 

 

Water seismic index (WSI) method has been 

used for identifying and exploration underground 

hydrological reservoir (Gerardo Grelle et al., 2009). 

The method can be used for soil resistivity 

measurement, prediction of liquefaction and 

simulation of volumetric strain of granular soil. For 

estimation of liquefaction depth, the direction and 

magnitude of seismic wave propagation is more 

important.  

The 3D finite element framework explained pore 

water pressure produced dynamic liquefaction during 

an earthquake (Mahdi Taiebat et al., 2010). There are 

many numerical simulation models with different 

level of accuracy have been introduced for dynamic 

pore water pressure evaluation (Prevost JH., 1985. 

Lai S et al., 1992. Manzari MT et al., 1997). Seismic 

wave propagation and pore water pressure 

relationship could be indirectly evaluated for 

liquefaction simulation.  

It has been shown that the sand morphology is 

important in sand reliquefaction phenomenon and 

could improve resistance liquefaction (Ik-Soo Ha et 

al.,  2011). And the grain characteristic such as 

gradation, particle shape, and uniformity 

significantly influences excess pore water pressure 

generation (H.B. Seed et al., 1971). The sand particle 

morphology governs compaction level. And 

indirectly could be understand that the dynamic wave 

propagation of shaking table test was controlled by 

particle morphology. For numerically simulation of 

seismic wave propagation for liquefaction or re-

liquefaction prediction the granular of site play 

significant role.  

It was believed that the no liquefaction for 

gravelly soil. However, liquefaction cases were 

observed in central Taiwan in the 1999 Chi-Chi 

Taiwan earthquake and in the 1988 america 

earthquake. In an investigation has been finding that 

the large hammer penetration test (LPT) and shear 

wave velocity methods are acceptable for 

liquefaction resistance assessment of gravely soil 

(Ping-Sien Lin., 2004). The shear wave velocity is 

directly related to shear modulus at a small strain 

level and can be established without boring and 

penetration and it is applicable for measuring 

liquefaction resistance of gravely soil (Andrus RD et 

al., 2000).  It has been realized that the most of 

failure during an earthquake is occurred due to 

shearing forces (Heather Crow et al., 2011). The 

liquefaction resistance, shear forcing and seismic 

wave propagation are three main factors governing 

soil seismic mechanical properties and from other 

hand the soil mechanical properties controls seismic 

wave propagation direction. The seismic wave 

propagation direction can governs the material 

vibration magnitude.   

    

4. VOLUMETRIC STRAIN AND SEISMIC 

WAVE   

 

The modifying cohesion less granular material 

for any reason is resulted in changing shear stress-

strain behaviour and shear strength and subsequently 

leads to the changing liquefaction resistibility. If 

changing granular fabric due to wave propagation be 

feasible then it is possibility for furcating accurate 

liquefaction resistance.    
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Figure 1   Simulation Vs. experiments in constant-p cyclic triaxial tests on a relatively dense sample of Toyoura 

sand (Pradhan TB et al., 1989).     

 

The shear wave velocity helps prediction of 

liquefaction potential of soil (Pijush Samui et al., 

2011), and this method has cost effective advantage 

compare to SPT and CPT methods (Andrus, R.D., et 

al 2000). The summery of a research work indicated 

that when the shear modulus of water-saturated loose 

soil increased, porosity decreased logarithmically. If 

shear modulus increases in dense or solid saturated 

soils, porosity decreases linearly. The pore water 

pressure (u), u = kw/[ΔVw/ϕV] is depend on 

incompressibility of water (kw) and volumetric 

deformations [ΔVw/ϕV], this concept (Osman 

Uyanik., 2011), helps in prediction of soil 

liquefaction resistance and allowable volumetric 

deformation of subsoil. It is a feasible method for 

accurate designing vertical drainage for dissipation 
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of excess pore water pressure before failure of soil 

liquefaction resistance. The good discussions on the 

vertical drains have been presented by various 

researchers (Adalier K., et al 2003. Brennan AJ et al., 

2006. Orense RP et al., 2003. Yasuda S et al., 1996). 

There are several investigations on frozen soil 

behaviour (Alkire et al., 1973. Andersland et al., 

1970). The latest investigation was reported that the 

volume of frozen soils subjected to the shear is 

changed with temperature, confining pressure and 

soil type. This volumetric deformation is nonlinearly 

with axial deformation, changed cross-section, 

stress–strain and compressive strength (Shujuan 

Zhang et al., 2007). The wave propagation in frozen 

soil will be entirely different compare to soil is under 

ordinary temperature.  

The figure 1 indicated that the shear strain-

stress, shear strain - volumetric strain and 

volumetric-strain stress relationship under 

experimental condition and numerical simulation 

(Pradhan TB et al., 1989). This data could be used 

for liquefaction resistance prediction.  

 

5. LIQUEFACTION FORCE FOR LIGHT 

STRUCTURE STABILITY  

The ground flow cases by static gravity force 

and dynamic force due to seismic acceleration 

continued sometimes after ending seismic loading (S. 

Tamate et al, 1999). But the liquefied sandy soil 

micro-mechanical mechanism clearly has not been 

documented (H.G. Cooke., 1999). The realistic soil 

dynamic liquefaction modeling is complex and 

requires a multiscale, multiphysics computational 

framework (M. Zeghal et al., 2008). The bearing 

capacity failure of effected sandy subsoil by 

liquefaction is occasionally occurred during the past 

earthquakes, and many of structures have faced 

different types of settlement and damages (H. 

Kishida., et al., 1966). There are several techniques 

for liquefaction mitigation based on different subsoil 

and geomorphology of affected territory. There is a 

practical guidance for minimizing ground 

displacement for designing structures and barriers 

(K.J. Mitchell et al., 1998). For eliminating 

liquefaction force the compacted gravel piles in loose 

sandy subsoil have been traditionally used. It is well 

known that the drainage system reduced destructive 

liquefaction force (Priebe HJ. ,1989. H.J. Priebe., 

1991. Baez JI et al., 1993), and stone columns 

increased soil bearing capacity and reduced 

settlement (Kousik Deb et al., 2011). The subsoil 

materials characteristic is one of the main factors for 

structure stability. This is a theoretical suggestion on 

light structure stability through appropriate 

conquering natural dynamic liquefaction force. A 

type of sandy saturated semi-confined column has 

been proposed for conquering dynamic liquefaction 

forces and improving light structure stability. The 

model installed beneath the structure for converted 

loose liquefied area to a strengthened zone. The pore 

water pressure in saturated confined sand increases 

column strength. The method is more acceptable and 

cost effective compare to employing any types of 

piles. The result expected to have strong correlation 

between liquefaction resistances, shear forcing and 

seismic wave propagation of soil seismic mechanical 

properties. The geometry of sandy column has 

important role for producing upward pore water 

pressure. There is practical observation and 

experimental work is needed for comparing sandy 

saturated semi-confined column performance with 

other types of foundations in loose saturated sandy 

subsoil. The load-settlement behavior was considered 

to be nonlinear.  

In this method a saturated sandy semi-confined 

column beneath the light structure footing has been 

constructed, and the sandy column is consist of the 

dense semi-confined sand, concrete shell, concrete 

base plate, holding bar, air valve, underground water 

and sand. The stress on the stone column is much 

higher than the stress on the soft soil. Therefore the 

choice of the proper stiffness, spacing and diameter 

of the stone columns is very important to improve an 

existing soft soil (Kousik Deb et al., 2011). It is 

observed that as the stiffness of the stone columns 

increases, maximum settlement decreases, but 

differential settlement increases (K. Deb., 2008). 

Reducing foundation weight characteristics is 

advantage of sandy saturated semi-confined columns 

when the soil is in the liquid state sandy saturated 

semi-confined columns due to containing void 

among the sands particle has resistivity for submerge 

and subsequently resulted in reducing settlement. 

The liquefied sand has very low shear strength and 

behaviors with maximum settlement and deformation 

during shaking. The modified sandy saturated layers 

treat as an elastic solid under un-drained condition. It 

is expected that the minimum potential settlement 

and deformation would be occurring when the 

confined pore water pressure is in maximum level. 

The model provide the potential for substantial cost 

reduction and environmental pollution maintaining, 

due to maximum use of natural sand instate using 

fully concrete or other manufactured civil 

engineering materials. 
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Figure 2   Sandy saturated semi-confined columns used under footing for improving light structure stability  

 

6. RESEARCHES ARE REQUIRED 

 

There is possibility for predicting earthquake 

magnitude damage if geophysical site investigation 

identifies wave propagation behaviour in a subsoil.  

The wave magnitude and time travel of one 

direction and multi direction seismic wave 

propagation in correlation with liquefaction 

resistance and pore water pressure in different loose 

saturated sandy subsoil have to be investigated.   

The sandy saturated semi-confined columns has 

been proposed for conquering liquefaction dynamic 

forces to improve light structure stability during an 

earthquake. The model has to be tested under 

laboratory condition for different sands subjected to 

the dynamic load.  

The seismic wave propagation of nonlinearly frozen 

soil behaviour has to be investigated in correlation 

with the wave propagation magnitude and direction.  

 

7. CONCLUSION  

The earthquake behaviour always not same and 

each earthquake shows unique behaviour 

characteristics. The earthquake ability and its 

destructive power are concerned to the different 

factors. The site geological and geotechnical 

characteristics is one of the main factors. The soil 

mechanical properties allow to the seismic wave to 

be transfer in different shapes and create volumetric 

strain and stress. There is possibility for predicting 

earthquake magnitude damage if geophysical site 

investigation identifies wave propagation in a soil. 

The one direction dynamic force resultant has more 

ability in collapsing soil liquefaction resistance. The 

multi-direction dynamic force characteristic is 

improved soil liquefaction resistance. Sand 

morphology controlled seismic wave propagation 

and re-liquefaction in different depth of loose 

saturated sandy subsoil.  At final a type of sandy 

saturated semi-confined column has been proposed 

for conquering liquefaction dynamic forces for 

improving light structure stability during an 

earthquake. The model expected to work in an 

actual liquefied sandy soil subjected to an 

earthquake. And destructive force converted to an 

element for supporting light structure stability due 

to the saturated loose sand changed to a 

strengthened zone based on conquering liquefaction 

dynamic force. It is expected the geometry of sandy 

column has significant role on producing 

strengthened zone under light structure. The sandy 

column weight characteristic has resistivity for 

submerge and subsequently resulted in reducing 

settlement of light structure.    
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Abstract: Ground motions at the foundation levels of structures differ from those in the free-field as a result of inertial and 
kinematic interaction effects. Inertial interaction effects tend to produce narrow-banded ground motion modification near the 
fundamental period of the soil-structure system, whereas kinematic effects are relatively broad-banded and concentrated at high 
frequencies. Kinematic interaction effects can be predicted using relatively costly finite element analyses with incoherent input 
or simplified models. The simplified models are semi-empirical in nature and derived from California data. These simplified 
models are the basis for seismic design guidelines used in the western United States, such as ASCE-41 and a pending report 
published by NIST. We compile some available data from building and ground instrumentation arrays in Japan for comparison 
to these two sets of models. We demonstrate that the model predictions for the sites under consideration are very similar to each 
other for modest foundation sizes (equivalent radii under about 50 m). However, the data show that both approaches 
overestimate the transfer function ordinates relative to those from Japanese data. This indicates that the semi-empirical models 
currently in use are conservative relative to these data sets. We speculate as to possible causes for the observed discrepancies.   

 
 
1.  INTRODUCTION 
 

Foundation-level and free-field seismic ground motions are 
identical only for vertically propagating incident waves and 
non-embedded foundations.  In reality, incident waves are 
neither vertically propagating nor coherent, which gives rise to 
spatially variable ground motions even on sites with relatively 
uniform site conditions. In the presence of such incident wave 
fields, motions on foundations will be reduced in amplitude 
relative to free-field motions, an effect termed base slab 
averaging. Base slab averaging is one type of kinematic 
soil-structure interaction effect. Other kinematic effects result 
from foundation embedment below the ground surface (e.g., 
buildings with basements) and the presence of pile foundations.  

The spatial variability of seismic ground motions in the 
free-field (i.e., away from building foundations), has been 
examined by a number of investigators (e.g., Abrahamson, 1991; 
Zerva and Zervas, 2002) who have derived empirical functions 
that express the variability of phase angle in terms of a coherency 
function. Those functions were derived largely using dense array 
records from Lotung, Taiwan, although they have since been 
validated and adjusted using data from other arrays (Ancheta et 
al., 2011).  Recently, Abrahamson’s ground motion coherency 
model was implemented into the Computer Program SASSI (a 
System for Analysis of Soil-Structure Interaction; Ostadan, 
2005).  SASSI computes the relative motion of the foundation 
to the free-field (input motion) in terms of a transfer function 
expressing the frequency-dependent ratio of foundation motion 
amplitude to free-field motion amplitude.  The result is one 
solution to the kinematic interaction problem, including base slab 

averaging. 
Another approach that has been utilized to predict 

foundation/free-field transfer functions from base slab averaging 
is based on a theoretical solution by Veletsos and co-workers 
(1989, 1997) coupled with empirical calibration of an 
incoherence parameter by Kim and Stewart (2003). This 
approach is inherently calibrated for California sites, but the 
degree to which its application is appropriate for building types 
not represented in the database and regions other than California 
remains unknown. This approach has been implemented for 
engineering application, in combination with a simple transfer 
function for embedment effects, in two design standards: 
ASCE-41 and NIST (NEHRP CJV, 2012).  

In this paper, we apply the above two models for predicting 
transfer functions to a subset of the available data from Japan for 
several particularly interesting structures. Both models are 
applied under the assumption of vertically propagating, 
incoherent incident wave fields, with the implicit understanding 
that bias could result from this assumption under some 
circumstances.  The predicted transfer functions are compared 
to each other and to transfer functions derived from the data. 

 
2.  STRUCTURAL-GROUND ARRAYS IN JAPAN 

 
As part of an ongoing project, we compiled a list of 

instrumented structures in Japan with neighboring ground 
stations, which can be used for the evaluation of 
foundation/free-field ground motion variations of the type 
described in the Introduction. This list of structures is given in 
Table 1. 
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 The Building Research Institute (BRI) in Japan owns most 
of the structural-ground arrays and distributes seismic data at the 
web site: http://smo.kenken.go.jp/. Most of the BRI instrumented 
buildings range from 3 to 10 stories in height above ground. 
Foundation types are not provided on the site. Base rocking 
cannot be directly estimated for most of these buildings since 
BRI sensor array configurations typically have only one vertical 
accelerometer at its lowest level.  

The Electric Power Company in Japan is another major 
owner of structural-ground arrays from in nuclear power stations. 
When released for public use, the data is distributed by the Japan 
Association for Earthquake Engineering (JAEE) at their web 
site: http://www.jaee.gr.jp/stack/sta05.html. 

From the list in Table 1, we select three buildings for 
consideration in this manuscript: Nagoya office building 
(hereafter referred to as ‘Nagoya’), Onagawa nuclear power 
plant (‘Onagawa’), and Sendai university building (‘Sendai’).  

The Sendai site consists of a four story building above 
ground and contains nine accelerometers (including three 
free-field), as shown in Figure 1. Lateral loads are resisted by 
reinforced concrete frames and shear walls in the longitudinal 
and transverse directions, respectively. The foundation consists 
of end-bearing concrete piles connected by grade beams. Figure 
1 shows the underlying soil stratigraphy and geophysical data 
that were determined from boring operations which included 
suspension logging at the site (OYO Corporation, 2007). The 
Sendai site was investigated previously by Mikami et al. (2006) 
using data from the 2003 Off Miyagi earthquake. This data is 
considered again here along with recordings from the recent 
2011 Tohoku earthquake, which produced much stronger 
ground motions. The site peak ground acceleration (PGA) for 
the Off Miyagi and Tohoku earthquakes are 0.232g and 0.813g, 
respectively. The purpose for selecting this site was to examine 
possible differences in the kinematic response for the variable 
strengths of shaking.  

The Onagawa site consists of a five story reactor above 
ground with two sub-terranean levels (embedment of 16 m) and 
contains 22 accelerometers (including three free-field), as shown 
in Figure 2. The foundation consists of a 3.5 m thick concrete 
slab with dimensions of 55.3 by 51.8 m. Figure 2 shows the 
underlying soil lithology and geotechnical data. The Onagawa 
structure was selected because it has the only available array that 
enables evaluation of base rocking. The site is investigated for 
the 2011 Tohoku earthquake that had a PGA of 0.533g at the site. 

The Nagoya site consists of a 10 story building above 
ground with two basement levels (embedment of 12.83 m) and 
contains 9 accelerometers (including three free-field), as shown 
in Figure 3. The foundation consists of a 2.53 m thick concrete 
slab with dimensions of 79.6 by 23.2 m overlying reinforced 
concrete piles. Figure 3 shows the underlying soil lithology and 
geotechnical data that were determined from boring operations 
which included suspension logging 440 m west of the site 
(CRBOMLIT, 2003). The Nagoya structure was selected 
because it has a large footprint area, which is of interest because 
its dimensions are near the limit of the calibration range for the 
Kim and Stewart (2003) semi-empirical model. The site was 
investigated for the 2004 Off Kii Pensinsula earthquake that had 
a PGA of 0.014g. To our knowledge, neither the Onagawa nor 

the Nagoya structures have been examined in prior studies.  
 
3.   MODELS FOR PREDICTION OF FOUNDATION 
TO FREE-FIELD TRANSFER FUNCTIONS 
 
3.1  Spatial Coherency Model Implemented in SASSI  
 

The spatial variation of phase of strong ground motion is 
quantified by coherency. Using recordings from dense arrays in 
Lotung, Taiwan Abrahamson (1991) derived empirical functions 
that describe coherency as a function of separation distance and 
frequency. Coherency is unity at zero frequency and reduces 
strongly with increasing frequency and relatively weakly with 
increasing distance. Coherency less than unity results both from 
deterministic phase lag and relatively random (stochastic) wave 
scattering effects. Abrahamson (1991) present a model for 
lagged coherency, which represents the stochastic component 
only (wave passage removed). The model is considered 
applicable to frequencies greater than 1 Hz and for separation 
distances of 6 to 85 meters (Abrahamson, 1991).  That 
coherency model has been implemented into SASSI by Ostadan 
(2005) and ACS-SASSI by Ghiocel (2006). 

SASSI was originally developed at the University of 
California, Berkeley (Lysmer et al., 1981, 1999).  SASSI 
utilizes the substructuring approach in which the linear SSI 
problem is divided into sub problems based on the principle of 
superposition; thus the analysis is performed using linear 
material properties.  Soil is assumed to consist of horizontal 
layers overlying either a rigid base or an elastic half-space.  The 
structure and foundation are modeled by finite elements. 
Foundations are modeled as rigid, massless slabs to exclude 
inertial effects. Piles are modeled as hollow elements using 
representative stiffness of prestressed high-strength concrete.  
 
3.2  Semi-Empirical Approach  

 
Veletsos and co-workers (1989, 1997) developed useful 

models for theoretical base slab averaging that combine an 
analytical representation of the spatial variation of ground 
motion with rigorous treatment of foundation-soil contact. 

Kim and Stewart (2003) calibrated Veletsos’ analysis 
procedure against observed foundation/free-field ground motion 
variations as quantified by frequency dependent transfer 
functions. Two types of transfer functions can be obtained from 
well instrumented structures as follows:  

 ( )
gg

f
u u

LH
u
u

H θω θ ==  (1) 

where uf denotes foundation translation, ug ground motion 
translation in the same direction, θ denotes kinematic rotation 
about an axis normal to the direction of uf and ug, and L is the 
foundation half dimension in the same direction as uf and ug. The 
Kim and Stewart calibration considered the horizontal translation 
transfer function only (Hu), and resulted in apparent κ values 
(denoted κa) for each structure/data set combination.  Those κa 
values reflect not only incoherence effects, but necessarily also 
include average foundation flexibility and wave inclination 
effects for the calibration data set.
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Figure 1. Building layout and site conditions at Sendai University site (J1). Data source: OYO Corporation, 2007. 
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Figure 2. Building layout and site conditions at Onagawa Nuclear Power Plant, Reactor 1. Data sources: Tohoku Electric Power 

Company, 2009 and 2011. 
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Figure 3. Building layout and site conditions at Nagoya Office Building (J4). Data sources: CRBOMLIT, 2003 and 2005.  
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The data set considered by Kim and Stewart (2003) 
consisted of buildings with mat, footing and grade beam, and 
grade beam and friction pile foundations, generally with base 
dimensions in the range of A

eB =15-40 m (where A
eB is the 

square root of foundation area divided by four). Although the 
Veletsos models strictly apply to rigid foundations, the 
semi-empirical model applies to the more realistic foundation 
conditions present in the calibration data set, which consist 
principally of shallow foundations that are inter-connected (i.e., 
continuous mats or footings interconnected with grade beams). 
Errors could occur when the model is applied to conditions 
beyond the calibration data set. In particular, the effects of 
incoherence in the Veletsos models is taken as proportional to 
wavelength, thus implying strong scaling with frequency and 
distance. As mentioned previously, array data indicates the 
distance scaling is much weaker than the frequency scaling 
(Abrahamson et al., 1991; Ancheta et al., 2011), so the model 
would be expected to over-predict the effects of incoherence 
(under-predict Hu) for very large foundations (opposite for small 
foundations). Even within the parameter space of the calibration 
data set, it should be recognized that the empirical model fits the 
data set in an average sense but would not be expected to match 
any particular observation. Example applications showing fits to 
data are given in subsequently in the paper. 

Two of the three buildings considered in this research have 
foundation embedment (Nagoya and Onagawa). We utilize a 
model originally presented by Kausel et al. (1978) in 
combination with the Kim and Stewart model for these buildings. 
As presented by NIST (NEHRP CJV, 2012), the model is given 
as follows:  
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where D = embedment depth and Vs is a time-averaged shear 
wave velocity over the embedment depth of the foundation.  
 
4.  EVALUATION AND COMPARISON OF TRANSFER 
FUNCTIONS 

 
4.1  Transfer Function Calculation from Data 

 
Transfer functions are evaluated from the recordings using 

procedures described in Mikami et al. (2008). In particular, 
frequency domain smoothing is applied to spectral density 
functions for the ‘input’ (denominator in Eq. 1, denoted y) and 
‘output’ (numerator in Eq. 1, denoted x) as follows:  

 ( )
yy

xx

S
SH =ω  (4) 

where Sxx and Syy are auto-spectral density functions for the input 
and output, respectively. The smoothing is applied using an 
7-point Hamming window, which provides an equivalent 
frequency bandwidth of Be = 0.207 Hz. In addition, the 
coherence (square of coherency) of the data is calculated as:  
 

  ( )
( )

( ) ( )ωω
ω

ωγ
yyxx

xy

SS
S

2

2 =  (5) 

 
where Sxy is the cross spectral density function. The coherence is 
used the judge the effects of noise in the data. Frequency ranges 
in the transfer function that are dominated by noise will have low 
coherence. The average coherence of pairs of white noise signals 
for our frequency bandwidth is 0.25±0.04 (Mikami et al., 
2008).  
 
4.2  Application of Models 

 
The models describes in Section 3 are applied to the 

conditions at the three building sites. Equivalent linear shear 
wave velocity profiles were developed using deconvolution 
analysis with the free-field ground motions and velocity profiles 
shown in Figures 1-3. Nonlinear properties were developed 
based on the soil conditions using the modulus reduction and 
damping models from Menq (2003) for sands and Darendeli 
(2001) for other soil and weathered rock materials  

The properties developed through the above process are the 
direct input for the SASSI analysis, which is a linear analysis 
with no iteration on strain-dependent soil properties. The model 
for embedment used a time-averaged version of these velocities 
over the embedment depth for use in Eqs. 2-3. The Kim and 
Stewart model also uses a shear wave velocity for the evaluation 
of the κa parameter, which is time-averaged over the depth range 
zero to D+ A

eB .  
 

4.3  Results for Subject Buildings 
 
Figures 4–8 show predicted transfer functions from the 

SASSI and NIST models along with transfer function and 
coherence ordinates for each site considered.  The dots show 
transfer function ordinates with high coherence.  

The predicted transfer function ordinates are similar from 
the SASSI and NIST models for each considered structure. 
Further research is needed to evaluate the range of foundation 
conditions where this similarity holds.  

Figures 4-5 present results for the Sendai site for the two 
earthquakes. The transfer and coherence functions from the two 
sets of earthquake recordings are remarkably similar for the two 
events. For frequencies less than about 8 Hz where the data have 
high coherence and hence relatively little effects of noise, the 
transfer functions are nearly identical. The transfer functions 
from data fall below those from the two models to a significant 
degree for frequencies beyond 2.5 Hz. This occurs despite the 
slower velocities produced by the larger shear strains in the 
Tohoku earthquake.  
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Figure 4. Sendai site horizontal transfer functions and coherence 

for the 2003 Off Miyagi earthquake. 

 

Figure 5. Sendai site horizontal transfer functions and coherence 

for the 2011 Tohoku earthquake. 

 

 

 

 

 

 

Figure 6. Onagawa site horizontal transfer functions and 

coherence for the 2011 Tohoku earthquake. 

 

Figure 7. Onagawa site rocking transfer functions and 

coherence for the 2011 Tohoku earthquake. 
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In Figures 4-5 at frequencies above about 9 Hz, the 

coherence is low, being near the range of 0.2-0.3 that is 
associated with pure noise for the level of smoothing used in the 
calculations. Some peculiar transfer function ordinates are 
observed in this range, including transfer function ordinates 
above unity, but those results are not considered reliable due to 
the strong effects of noise. Investigation of piles with incoherent 
inputs is beyond the ability of SASSI. The Sendai building was 
modeled with piles for the coherent case, however, excluded for 
the incoherent case. 

Figures 6-7 presents horizontal and rotational transfer 
functions from the Onagawa site. The two models produce 
similar transfer functions for the horizontal direction. The SASSI 
model produces higher rotational transfer functions than NIST, 
which is likely due to stiffer materials below the foundation that 
are accounted for in the SASSI model. The horizontal transfer 
functions (Figure 6) from these models over-predict those from 
data for frequencies under about 7 Hz, where the coherence is 
sufficiently high for the results to be meaningful. The rotational 
transfer functions (Figure 7) begin at zero, gradually rise up to 
about 15 Hz, but have a pronounced peak at about 3 Hz which is 
likely due to base rocking from inertial interaction. The NIST 
model matches the data reasonably well whereas the SASSI 
model under-predicts.  

Figure 8 presents horizontal transfer functions for the 
Nagoya site, which is of special interest because of the large 
embedment and the relatively large foundation horizontal 
dimensions, which are near the limit of the calibration range in 

the Kim and Stewart study. The data from this site are a relatively 
high quality as indicated by high coherence over a wide 
frequency range. The data are quite consistent with the model, 
and the low transfer function ordinates (indicating substantial 
reductions of foundation motions relative to free-field motions) 
are dominated by embedment effects.  

 
5.  INTERPRETATION AND CONCLUSIONS 

 
It has become increasingly common in recent years for 

structural engineers to take advantage of kinematic interaction 
effects to reduce foundation level ground motions relative to 
those specified in the free-field. The guidelines that appear in 
NIST (NEHRP CJV, 2012) and other documents account for the 
effects of base slab averaging and embedment. The base slab 
averaging model is semi-empirical, being based on a theoretical 
formulation calibrated for use in California.  

We examine data from several sites in Japan to investigate 
the effectiveness of the NIST procedures, both relative to the data 
and relative to predictions from the finite element code SASSI. 
For all three sites, predictions of horizontal transfer functions 
from the SASSI code and the NIST procedures are similar over 
the frequency range of principal interest (up to about 10 Hz). For 
horizontal motions, the model-based transfer functions were too 
large (hence conservative) for the Sendai and Onagawa sites. For 
kinematic base rocking, the model-based predications are 
accurate from the NIST model but too low from the SASSI 
model, when compared to data. The model predictions are fairly 
accurate relative to data at the Nagoya site, which is dominated 
by embedment effects.  

An interesting aspect of the data from the Sendai site is that 
it has experienced numerous earthquakes of varying shaking 
amplitudes. Two earthquakes producing moderate and very 
strong shaking are considered here, with remarkably similar 
results, suggesting a lack of significant nonlinear effects on the 
kinematic ground motion reductions for this site. Whether this 
finding is repeatable and transferable to other sites requires 
further investigation.  

Based on this work, we find generally satisfactory 
performance of the simplified models for kinematic interaction 
presented in NIST (NEHRP CJV, 2012) using these data from 
Japan.   
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1. INTRODUCTION 
 

A slender building supported by a shallow foundation 
might be uplifted during the rocking that occurs in the 
course of an intense earthquake. Houser (1963), in his 
pioneering study of foundation uplift, suggested that the 
stability of a tall, slender block subjected to earthquake 
motion is much greater than would be inferred from its 
stability  against  a  constant  horizontal  force.  Subse-
quently, many researchers studied the effects of founda-
tion uplift on the seismic response of structures. Based on 
numerical analyses, Meek (1975) reported that the uplift 
engenders a favorable reduction in structural deforma-
tion. Based on model nine-story building frame shaking 
table  tests  and  two-dimensional  numerical  analyses, 
Huckelbridge and Clough (1978) reported that the uplift 
causes a general reduction in the applied loading. To 
consider the beneficial effects of foundation uplift, Cho-
pra et al. (1985) proposed a simplified analysis of the 
structural response associated with foundation uplift. 

Recently, some researchers have reported that soil 
failure reduced structural response (Gajan and Kutter 
2008, Anastasopoulos et al. 2010). This idea might es-
tablish a new seismic design. However, knowledge of the 
relation between soil failure and the structural response 
during strong earthquakes remains limited. 

This study was undertaken to investigate the mecha-
nisms of the ultimate superstructure response during 
strong earthquakes, taking special note of the overturning 
moment acting on the foundation. For this purpose, dy-
namic centrifuge tests were performed on soil-footing – 
superstructure models. 
 
 
2. CENTRIFUGE TEST 
 
2.1 Test Model 

Dynamic centrifuge tests were conducted using a soil-
foundation – superstructure model at 50 × g centrifugal 
acceleration using the geotechnical centrifuge at the Dis-
aster Prevention Research Institute, Kyoto University. 
Table 1 presents all test cases in which the structure 
models and input acceleration amplitude were varied. 
The two structure models were high-rise and low-rise 
buildings. The two structure models differed in height, 
but had almost equal mass and natural frequency. The 
shaking test  was run using Rinkai92:  a  synthesized 
ground motion for the Tokyo Bay area. Maximum accel-
erations of the input motions were scaled to 220 cm/s2, 
320 cm/s2, and 420 cm/s2 in prototype scale. 

Figure 1 presents the test setup and instrumentation. 
The soil-footing – superstructure system was prepared in 
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a laminar shear box with inner dimensions of 450 mm 
(length) × 150 mm (width) × 200 mm (height). Figure 2 
portrays footing – superstructure models for Cases H1–
H3 and L1–L3. Table 2 also presents the mass, height and 
natural frequency of the superstructure in the model and 
prototype scales. In Cases H1–H3, the superstructure 
model was supported by four 35-mm-high plate springs 
on the spring base. The footing was modeled with alu-
minum alloy, which is a rectangular solid with 70 mm 
height on the 10-mm-thick footing base. Five earth pres-
sure gauges were set to the footing base to measure the 
contact pressure. The low-rise building model (Cases L1–
L3) consists of the same parts as the high-rise building 
model (Cases H1–H3) except for the footing part.  The 
rectangular solid with height of 70 mm in the high-rise 
building model was replaced with a brazen rectangular 
solid with height of 13.8 mm. Therefore, the two struc-
ture models differed in height, but had almost identical 
mass and natural frequency. The natural frequencies of 
the superstructure under the fixed footing conditions 
were, respectively, about 170 Hz in Cases H1–H3 and 
160 Hz in Cases L1–L3. 

Dry sand was air-pluviated to prepare a uniform soil 
layer with Dr=90%. Toyoura sand of D50=0.21 mm was 
used for the test. The soil model heights were 150 mm; 
the footing was embedded 8 mm into the dry sand layer. 
Horizontal accelerations of superstructure, footing, soil, 
and the vertical displacements of the superstructure were 
measured. All data presented herein are of prototype 
scale. 

 

2.2 Test results in Cases H1–H3 
Figure 3 depicts the respective time histories of the 

horizontal acceleration of the input, the ground surface, 
the footing, the superstructure, and the superstructure 
rotation  angle  in  Cases  H1–H3  (high-rise  building 
model). The superstructure rotation was evaluated as the 
ratio of the relative displacement between the vertical 
displacements on the left and right sides of the super-
structure to the distance between the measurement points. 
The ground surface acceleration amplitudes increased 
along with increasing input accelerations. The footing 
acceleration showed a similar tendency. The maximum 
superstructure acceleration in Case H2 was apparently 
larger than that in Case H1, but the maximum super-
structure acceleration in Case H3 was slightly larger than 
that in Case H2.  The superstructure rotation angle in-
creased continuously with increasing input accelerations. 
The rotation angle baselines were shifted for Cases H2 
and H3, indicating that the superstructure was inclined. It 
is noteworthy that the superstructure acceleration ampli-
tudes were constant, but that of the superstructure rota-
tion angles fluctuated remarkably. 
 
2.3 Test results in Cases L1–L3 

Figure 4 depicts the respective time histories of the 

149mm(7.4m) 

Toyoura dry sand, Dr=90% 

Laser displacement sensors 

Accelerometer (H) 

a) Case H1-H3 

150mm(7.5m) 

8mm(0.4m) 92mm(4.6m) 

b) Case L1-L3 

Accelerometer (V) 

Superstructure* 

Plate spring* 

Footing base* 

Footing 

Spring base* 

(*: Same parts) 

Earth pressure transducer 
a) High-rise model b) Low-rise model 

Figure 1 Test setup and instrumentation Figure 2 Structure model 

420 cm/s2Low-rise buildingL3

320 cm/s2Low-rise buildingL2

220 cm/s2Low-rise buildingL1

420 cm/s2High-rise buildingH3

320 cm/s2High-rise buildingH2

220 cm/s2High-rise building H1

Input accelerationModel Case 

420 cm/s2Low-rise buildingL3

320 cm/s2Low-rise buildingL2

220 cm/s2Low-rise buildingL1

420 cm/s2High-rise buildingH3
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220 cm/s2High-rise building H1

Input accelerationModel Case 
Table 1 Test cases 

160Hz (3.2Hz)Natural 
frequency

92mm (4.6m)Height

Superstructure:
787g (98.4 t)

Footing:
642g (80 t)

Mass

Case L1-L3

170Hz (3.4Hz)Natural 
frequency

149mm (7.4m)Height

Superstructure:
787g (98.4 t)

Footing:
655g (81.9 t)

Mass

Case H1-H3

Model (Prototype)

160Hz (3.2Hz)Natural 
frequency

92mm (4.6m)Height

Superstructure:
787g (98.4 t)

Footing:
642g (80 t)

Mass

Case L1-L3

170Hz (3.4Hz)Natural 
frequency

149mm (7.4m)Height

Superstructure:
787g (98.4 t)

Footing:
655g (81.9 t)

Mass

Case H1-H3

Model (Prototype)

Table 2 Mass, height and natural frequency of  
             structure model 
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horizontal acceleration and the superstructure rotation in 
Cases L1–L3 (low-rise building model). The input ac-
celeration and the ground surface acceleration in Cases 
L1–L3 respectively resemble those in Cases H1–H3, 
indicating high reproducibility of centrifuge tests. The 
maximum superstructure  acceleration and  the  super-
structure rotation angle increased concomitantly with 
increasing input motion. The predominant frequencies of 
the superstructure acceleration for Cases L1–L3 were 
higher than those for Cases H1–H3, even though the 
natural frequencies for both cases were almost identical. 
This fact suggests that the superstructure response was 
caused not only by the structure deformation but also by 
soil–structure interaction. It is noteworthy that the re-
spective superstructure acceleration amplitudes in Cases 
L1–L3 were apparently greater than those in Cases H1–
H3, indicating that the base shear was larger in the low-
rise building model than in the high-rise building model 

at the same input motion. In addition, the superstructure 
rotation angle in Case L3 was almost identical to that in 
Case H3, although the superstructure height in Case L3 
was about 60% of that in Case H3. 
 
2.4 Input motion and superstructure response 

The superstructure acceleration includes spiky high-
frequency component for both cases. The spiky accel-
eration has a slight effect on the structure deformation. 
To remove spiky motions, acceleration data of the ground 
surface and superstructure were low-pass-filtered at 5 Hz. 
The relation between the maximum input acceleration 
and the maximum acceleration of ground surface and 
superstructure is presented in Fig. 5. The ground accel-
eration also increases with input acceleration for both 
cases. However, the change in the superstructure accel-
eration was slight with increasing input acceleration for 
both cases. Considering that the amplitudes of the super-
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Figure 3 Time histories of soil and structure responses for Case H1-H3 

Figure 4 Time histories of soil and structure responses for Case L1-L3 
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structure acceleration for Cases H2–H3 and Cases L2–L3 
(Figs. 3 and 4) tended to be constant, those superstructure 
responses are apparently close to the ultimate state. 
 
 
3. ULTIMATE RESPONSE MECHANISM OF THE 
SUPERSTRUCTURE 
 
3.1 Uplift of footing 

Some researchers have reported that footing uplift 
reduced  the  base  shear  during  strong  earthquakes 
(Huckelbridge and Clough 1978, Chopra 1985). To in-
vestigate the footing uplift, the ground pressure was 
measured at the five footing base points. The ratio of 
contact can be estimated as the value of the ground pres-
sure because zero pressure indicates that the point does 
not contact the ground. Figures 6 and 7 respectively show 
the contact pressure at the footing base and the estimated 
the contact ratio in Cases H1–H3 and Cases L1–L3 for 
t=15–20 s. The contact ratios tend to decrease along with 
increasing input motions for both cases. The respective 

minimum contact ratios are 0.6, 0.4, and 0.2 for Cases H1
–H3. The respective contact ratios for Cases L1–L3 have 
almost identical contact ratios for Cases H1–H3. This 
fact indicates that the smaller superstructure acceleration 
for Case L3 was not caused mainly by the footing uplift. 
 
3.2 Overturning moment 

To investigate the mechanism of the ultimate super-
structure response, the relations between the superstruc-
ture rotation angle and the overturning moment acting on 
the shallow foundation base are presented in Fig. 8 for 
Cases H1–H3. The overturning moment was the sum of 
the superstructure and footing inertia forces multiplied by 
the height of their center of gravity. The overturning 
moment increased linearly with increasing superstructure 
rotation angle for Case H1. The superstructure rotation 
angles increased, but the overturning moment tended to 
be at the limit for Cases H2 and H3. The overturning 
moment  apparently  reached  the  limit  for  Case  H3, 
probably because the footing bearing capacity reached 
the ultimate state. The maximum overturning moments 
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Figure 6 Ground pressure acting on footing base and contact ratio for Case H1-H3 

Figure 7 Ground pressure acting on footing base and contact ratio for Case L1-L3 
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for Cases H2 and H3 were almost identical, about 2000 
kNm. The overturning moment depends mainly on the 
superstructure inertia force. Therefore, the maximum 
superstructure accelerations for Cases H2 and H3 were 
almost identical, although the maximum ground surface 
acceleration for Case H3 was larger than that for Case 
H2. 

Figure 9 presents the relations between the super-
structure rotation angle and the overturning moment for 
Case L1–L3. The tendencies of the relations between the 
superstructure rotation angle and the overturning moment 
were similar to those for Cases H1–H3. The overturning 
moment seems to reach at the limit for Cases L2–L3. As a 
necessary consequence,  the  maximum superstructure 
accelerations for Cases L2 and L3 were almost identical. 

A particularly interesting fact is that the values of the 
ultimate  overturning moment  for  Cases  H2–H3 and 
Cases L2–L3 were almost equal: 2000 kNm. The ulti-
mate overturning moment depends on the bearing capac-
ity of a footing on the soil. Both structure models have 
the same footing and soil conditions, indicating equal 
bearing capacities for both models. Consequently, the 
ultimate overturning moment of the structure models 
with the different heights become the same value. The 
overturning moment depends not only on the superstruc-
ture inertia but also on the height of the superstructure’s 
center of gravity. Therefore, the maximum superstructure 

accelerations for Cases H2–H3 were less than those for 
Cases L2–L3. 
 
 
4. CONCLUSION 
 

Dynamic centrifuge tests were performed on soil-
footing  –  superstructure  models  to  investigate  the 
mechanism of the ultimate superstructure response dur-
ing strong earthquakes. Two structure models, one each 
for a high-rise building and a low-rise building, differed 
in the height but had almost identical mass and natural 
frequency. The following conclusions were drawn. 
(1) The superstructure acceleration amplitudes tended 

to reach the limit, although the ground surface ac-
celeration amplitudes increased concomitantly with 
increasing input motion for both structure models. 

(2) The maximum acceleration of the high-rise build-
ing’s superstructure was markedly less than that of 
the low-rise building but the ultimate overturning 
moment acting on the footing base for both cases 
was almost identical during strong earthquakes. 

(3) The  ultimate  bearing  capacities  of  the  footing 
greatly influencing the ultimate overturning mo-
ment, were almost equal for both cases because both 
structure models have identical footing and the soil 
conditions. 
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Figure 8 Superstructure rotation angle and overturning moment for Case H1-H3 
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Figure 9 Superstructure rotation angle and overturning moment for Case L1-L3 
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(4) The overturning moment depends not only on the 
superstructure inertia but also on the height of the 
superstructure’s center of gravity. For that reason, 
the maximum superstructure acceleration for the 
high-rise building model was smaller than that for 
the low-rise building model. 
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Abstract: As oil tanks can allow some level of settlement as long as the differential settlement is below allowable value, 
e.g., 1/100 of inclination angle, the piled raft foundation is considered as one of rational foundation systems for the oil 
tanks. A series of centrifuge model tests was performed to investigate the mechanical behavior of oil tank supported by 
piled raft foundation on liquefiable saturated sand and non-liquefiable dry sand. In the tests, two types of foundation were 
modeled; one is slab foundation and the other piled raft foundation. From the test results, such as pile carrying loads, 
excess pore water pressures of the ground, and rotation and settlement of the tank, typical dynamic and permanent 
displacements of the piled raft foundation are scrutinized. Furthermore the applicability of piled raft foundation on 
liquefied ground is discussed.  

 

 

1.  I�TRODUCTIO� 

 

Majority of existing oil storage tanks in Japan were 

constructed before early 1970’s when the soil liquefaction 

was first considered in the design of tank foundation. Since 

the 1995 Hyogoken-Nambu Earthquake, originally the 1964 

Niigata earthquake and the 1978 Miyagiken-oki earthquake 

(Ishihara at al., 1980), it has become an urgent matter for 

geotechnical engineers to assess the seismic stability of 

existing oil storage tanks and implement proper 

countermeasures against soil liquefaction. 

Piled raft foundations have received considerable 

attention in recent years. The raft in this foundation system 

has adequate bearing capacity and, therefore, the main 

objective of introducing these pile elements is to control or 

minimize the settlement, especially differential settlement, 

rather than to carry the major portion of the loads. Therefore, 

a major design question is how to design the piles optimally 

to control the settlement (Kakurai et al., 1987; Randolph, 

1994; Horikoshi and Randolph, 1998, Poulos, 1994). But, as 

the response of the piled raft during earthquake is a complex 

soil-structure interaction problem between 

‘‘raft-ground-piles’’, optimal and rational design methods of 

piled raft foundation cannot be extended to the civil 

engineering structures. In particular, if piled raft resting on a 

liquefiable ground, the soil-foundation interaction becomes 

more complex. Because of this complexity and possible 

large settlement, the introduction of piled raft foundation is 

further hindered.   

Another concern in the seismic design of piled raft 

foundation is to secure the contact of raft to the subsoil; 

otherwise the contribution of raft cannot be obtained against 

horizontal load. To achieve the secure contact, the 

foundation settlement should be greater than the ground 

settlement. As oil tanks can allow some level of settlement, 

as long as the differential settlement is below an allowable 

value, e.g., 1/100 of inclination angle, the piled raft 

foundation is considered one of rational foundation systems 

for the oil tanks. To study the mechanical behavior of the 

piled raft foundation, centrifuge model tests have been 

conducted by some researchers both on static and dynamic 

conditions (e.g., Horikoshi et al. (2003a, 2003b). However, 

dynamic behavior of the piled raft foundation on liquefiable 

sand has not been well studied. 

In this study, dynamic centrifuge model tests were 

performed to investigate the mechanical behavior of oil tank 

supported by piled raft foundation on liquefiable saturated 

sand and non-liquefiable dry sand. In the centrifuge tests, 

two types of foundation were modeled, one is slab 

foundation and the other piled raft foundation. From the 

observed test results, such as pile carrying loads, excess pore 

water pressures of the ground, and rotation and settlement of 

the tank, typical dynamic and permanent displacements of 

the piled raft foundation are scrutinized.  

 

 

2.  DY�AMIC CE�TRIFUGE TEST 

 

2.1 Facilities of centrifuge experiment and shaker 

   Centrifuge tests were conducted using Tokyo Tech 

Mark III centrifuge (Figure 1 (a)) under 50g centrifugal 

acceleration. A newly developed medium size shaking 
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Table 2  Test cases 

Test code Foundation Ground 

Case1 Piled raft Dry sand (Dr=65%)

Case2 Slab Dry sand (Dr=65%)

Case3 Piled raft 
Saturated sand (Dr=65%)

GWT z=0mm

Case4 Slab 
Saturated sand (Dr=65%)

GWT z=0mm

Case5 Piled Raft 
Saturated sand (Dr=65%)

GWT z=20mm

  

Table 1  Specification of shaking table

Type of actuator Servo-hydraulic 

Max pay load 15kg under 50g 

Table dimension 900mm×400mm 

Max acceleration 35g 

Max displacement ±6mm 

Max velocity ±70cm/sec 

Frequency range DC~200Hz 

 

table with the specification given in Table 1 was installed on 

the platform as shown in Figure 1 (b). The model container 

is a laminar box consisted of 15 lamina and rubber 

membrane bag with inner dimensions 600mm in length, 

250mm in breadth and 438 mm in depth (Figure1 (c)). 

 

2.2 Test cases and conditions 

Five model tests were performed with the conditions 

shown in Table 2. A piled raft foundation and a slab 

foundation were placed on dry sand in Cases 1 and 2, 

respectively. While saturated sand samples were prepared in 

Cases 3 to 5. In Case3, the piled raft foundation was placed 

on saturated sand with ground water table (GWT) at the 

ground surface. In Case4, the slab foundation was put on the 

saturated ground with GWT at the ground surface. On the 

other hand, in Case5 the piled raft foundation was placed on 

a saturated ground with the depth GWT (zw) of 20mm (1m 

in a prototype scale) below the ground surface. Due to the 

capillary rise, the sand above GWT is considered to be 

almost saturated. Dimension of the model and locations of 

the instrumentation details for the dry and saturated sand 

models are shown in Figures 2. 

 

2.3Model piles and tank, and sample preparation 

   The same piled raft and slab foundation models were 

used for the dry and saturated sand cases. Specifications of 

the model tank, raft and pile are summarized both the model 

and prototype scale in Table 3. 

  1) Model tank and slab/raft: 

Model tank used in the tests was made of acrylic 

cylinder with 140mm outer diameter, 160mm height and 

3mm thickness (Figure 3(a)). It was glued with the slab/raft 

model made of aluminum disk with diameter of 150mm and 

thickness of 10mm. The slab/raft model has 12 conical shape 

concave holes which are put on the pile heads. Bottom 

surface of the slab/raft model was glued with silica No.8 to 

Counter side Container side

(a)Tokyo Tech  Mark III centrifuge

(b) Shaking table (c) Laminar box

Figure 1  Tokyo Tech Mark III centrifuge and shaker.

Figure2 Test setups.

(a) Cases 1 and 2 : Dry ground

(b) Cases 3,4 and 5: Saturated ground

z
w 25
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create a rough condition.  

  2) Pile model: 

The piled raft foundation has 12 identical piles made of 

aluminum tube with outer diameter of 6mm, thickness of 

0.5mm, and length of 100mm as shown in Figure 4. These 

piles were arranged symmetrically as shown in Figure 3 (d). 

Strain gages are pasted at the pile head and pile tip of all 

piles to measure the axial forces at the two locations, which 

also give the shaft friction mobilized. As above explained, 

the pile heads were not fixed to the raft but simply capped by 

the convex hole, allowing free rotation like pinned 

connection (Figure 4). Therefore the force of the piles 

received from the raft during shaking dominated by axial 

force and lateral forces not moment force. This condition is 

closed to the actual situation of normal piled-foundation of 

oil tank (Ishimatsu et al., 2009). Surface of the pile between 

the top and bottom strain gauges was glued with silica No.8 

creating rough shaft surface condition. 

3) Model Ground 

Silica sand No. 8 was used for dry sand and liquefiable 

sand layer and silica sand No.3 for the bottom drainage layer 

for the saturated sand. Physical properties of the two sand 

and liquefaction strength of silica sand No.8 are given in 

Table 4 and Figure 5 respectively. Under 50g centrifugal 

acceleration, the prototype permeability of silica sand No.8 

is 1.0 x 10-3m/s. Although this value is relatively higher, it is 

low enough to accumulate excess pore pressure during the 

input motion. The sand layer with relative density of 65% 

was made by air pluviation method. During the sand 

preparation, the sensors were placed at the prescribed 

locations (Figures 2) and a piles holding device was set for 

the piled raft cases. For the case of saturated ground, after 

preparing the sand layer, the sand sample was saturated in a 

vacuum tank by introducing de-aired water from the bottom 

of the container.  

2.4 Test procedures 

   Having made the model ground and set the model tank 

on the ground, the tank was pushed vertically by an 

electrical jack to have a secure contact between raft base and 

ground surface. After the whole setup was mounted to the 

shaking table, the centrifugal acceleration was increased up 

to 50g.  Confirming the steadiness of all sensors, the input 

(d) Bottom view

Figure 3  Tank and raft model.

(a) Tank

(b) Raft base

(c) Front view 

raft model

Shaking direction

Table 3 Specification of model tank, raft and pile under 50g

   Model Prototype 

Tank 

Material Acrylic cylinder Steel 

Outer diameter  140mm 7.0m 

Thickness 3mm  

Height 160mm 8.0m 

Mass (inc. liquid & raft)  2.7kg 93t 

Tank average pressure 76kPa 76kPa 

Raft 

Material Aluminum RC 

Diameter 150mm 7.5m 

Thickness 10mm 0.5m 

Base  rough rough 

Pile 

Material Aluminum tube RC 

Outer diameter  6mm (0.5mm) 0.3m 

Thickness 0.5mm 25mm 

Axial rigidity 596 kN 1.49 GN 

Bending rigidity 0.0023kNm2 14.2 MNm2 

Surface Rough Rough 

Figure 4  Model pile.

Rough surface
glued with silica 

sand

Pile head
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Figure 5  Liquefaction curves of silica sand No.8.
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ground motions were applied in the order of white noise, 

main shock and white noise. The target input wave of the 

main shock is EW component of the acceleration recorded at 

Kurikoma, Kurihara city in 2008 Iwate-Miyagi Nairiku 

earthquake (JMA, 2008). The target acceleration and Fourier 

spectrum were compared with those input in the tests in 

Figures 6 and 7, respectively. The input motions are similar 

to the target one. As the waves have various frequency 

components, the response of ground and tank might not be 

affected by a certain frequency motion.  

    In the shaking table test by the main shock, measured 

were the accelerations, displacements, excess pore water 

pressures and axial force of the pile at the top and tip.   
 

3.  RESULT A�D DISCUSSIO�S 

 

The test results are given in the prototype scale in the 

following discussions. 

 

3.1 Tanks on dry sand  

(1) Tank response, settlement and rotation 

Accelerations at the tank top and bottom are shown in 

Figure 8. For the slab foundation, the tank top acceleration is 

larger than that of the bottom, implying a rocking motion. 

While for the piled raft foundation, the difference between 

the top and bottom is very small.  

Tank settlements measured by two laser displacement 

transducers (L1 and L2) are compared for the slab and piled 

raft foundations in Figure 9. Slightly larger settlement 

occurred for the slab foundation than the piled raft 

foundation with the larger dynamic variation for the slab 

foundation than that of the piled foundation. More 

significant difference between the two foundations can be 

seen in the rotational behavior as shown in Figure 10. Both 

rotation amplitude in dynamic response and residual rotation 

of the slab foundation are much larger than those of the piled 

raft foundation.  

Relationships between the inertia force and tank rotation 

are depicted in Figure 11. The inertial force was calculated 

by multiplying the tank mass with the acceleration at the 

center of gravity. The inclination of the curves indicates the 

rotational stiffness of the foundation. The stiffness of the 

piled raft foundation was much larger than that of the slab 

foundation. In particular at early stage of the shaking, 

t=5-10sec, the former is more than 10 times larger than the 

latter and a large portion of residual inclination took place 

for the slab foundation as shown in Figure 10. Inhibitory 

action of piled raft to the tank rotation was validated against 

earthquake loading. 
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Figure 9 Tank settlements: dry sand. 
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 (2) Behavior of piles 

As the pile head and tip axial forces were measured at all 

12 piles, total load carried by the piles, pile tip and shaft 

resistance can be obtained.  

Pile load proportion, PLR, and raft load proportion, RLP, 

are defined as 

��� = �� ��
⁄                         (1) 

��� = �� ��
⁄ =

�����

��

= 100 − PLP    (2) 

where �� is the load carried by piles, �� the load carried 

by raft and �� the total load including the tank and raft. 

Figure 12 shows the variations of the pile resistances of Case 

1. PLP is also shown by subordinate in the figure. In this 

specific test, the load from the tank was mostly supported by 

the piles before shaking and PLP reaching 100% by the 

shaking. About 75% of the pile resistance was mobilized by 

the tips and 25% by the shaft. However, the shaft resistance 

increased during the shaking.  Figure 13 (a) shows the axial 

forces time history at pile-head, pile-tip and shaft friction of 

pile1 (Figure 3(d)) and the increments of the axial forces 

during shaking are shown in Figure 13(b).  Because of 

rocking motion of the tank, the amplitude of the forces, i.e., 

the moment resistance was greater for outer pile1 than the 

central pile 5. From Figure 13(b), it can be known that the 

decrement of pile head axial force in the unloading was born 

by both the shaft resistance and tip resistance. On the other 

hand, the increment of loading side was mainly born by the 

shaft resistance. This is attributed to the small vertical 

subgrade reaction at the pile tip in the loading side compared 

to that in the unloading side.  

  In order to verify the effects of the piles on tank 

rotational behavior, the tank rotational moment and pile 

resistant moment around center of the raft bottom were 

calculated from the inertia force of the tank and the variation 

of piles axial forces respectively as Figure 14(a). The 

relationship between the rotational moment and the pile 

resistant moment are shown in Figure 14(b). The difference 

of the two moments can be considered as the resistant 

Case 1: 

Piled raft
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Figure 11  Tank rotation vs. inertial force.
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Figure 12 Load carried by piles: Case 1(dry sand). 
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Figure 13  Axial force time history of pile1: Case 1 (dry sand).
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moment by the raft (Figure 14(c)).  In this specific case, 

the tip and shaft resistance almost evenly contributed in 

preventing the rotation. The pile resistant moment mainly 

bore the rotational moment at majority of the loading. 

However, it can be confirmed from Figure 14(c) that the 

raft also resisted against the moment load despite of very 

small RLP from the beginning to the end of shaking. 

 

3.2 Tanks on Saturated sand 

(1) Excess pore water pressure 

Figures 15 show the excess pore water pressures 

(EPWPs) observed below the tank during the shaking. 

Effective vertical stress of the free field, σ'v0 and that 

below the tank σ'v at the depth of pore water pressure 

transducer are also shown in the figures. The effective 

vertical stresses below the tank are estimated from the 

elastic stress distribution considering the variation of raft 

load. In Case 4 with the slab foundation, EPWP at P8 just 

beneath the tank could be only measured below the tank. 

Below the level ground at P6 and P7, both EPWPs 

reached to σ'v0 in a very short time (t=4-5 sec), showing a 

clear liquefaction. Due to the confinement effect, the 

excess pore water pressures beneath the tank were all 

smaller than σ'v and the smaller the raft contact pressure 

was, the larger the excess pore water pressure generated. 

However, EPWPs rapidly increased similarly to those 

under the level ground, leading the decrease of effective 

stress.  The difference between EPWP and σ'v tends to 

be smaller as the depth increases. This implies that the 

decreases of stiffness and strength are more significant at 

the deep depth below the pile tip than the shallow depth 

at the pile embedment.  

EPWPs just beneath the tank showed gradual increase 

after the rapid rise of EPWP. This increase is more 

apparent for the piled raft foundation and shallower 

depth.  

(2) Variation of pile and raft load proportion 

Figures 16 show the variation of load supported by all 

piles during the shaking and after shaking. In the figures, 

total pile head axial force, pile tip axial force and shaft 

friction are shown respectively. In the subordinate of the 

figures, the scale of pile load proportion (PLP) is given. 

Variations of raft load proportion (RLP) during shaking are 

shown together with PLP in Figure 17.  

Before shaking, PLPs of Case 3 and Case 5 were about 

80 % and 100% respectively and vertical loads were mainly 

supported by piles. Proportion of the tip resistances to the 

total pile resistances was larger than that of the shaft friction, 

Figure  16 Variation of load supported by piles: 
saturated sand.
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about 62-65% contributed by the tip resistances for both 

cases. From the initial large values, both tip resistance and 

shaft friction sharply dropped in the beginning of shaking, 

due to the rapid decrease of effective stress by the rise of 

EPWPs. Even after the rapid rise of EPWP till t=5-6 sec, 

PLPs further decreased from 60% to about 40% and 45% in 

Case 3 and 5 respectively. As a result, the vertical loads 

carried by the raft became 60% and 55% at t= 10-15 sec. 

This increase of raft load may partly attribute the rise of 

EPWP at the shallow depth beneath the tank as shown in 

Figures 15 (a) and (b). 

After the minimum values of PLP, the piles gradually 

regained their resistances to PLPs of 75% and 85% 

respectively after dissipation of EPWP. Remobilization of 

the tip resistance was earlier than that of the shaft friction. 

This could be attributed to the earlier decrease of EPWP at 

the deep depth (P3) than the shallower depth (P8) as shown 

in Figures 15.  

 

(3) Tank Response, settlement and rotation 

Accelerations at the tank top and bottom, and the ground 

beneath tank (A8) are shown in Figure 18. In Case 5, A8 

malfunctioned. After the rapid rise of EPWP (t=6sec), the 

deviation of acceleration amplitude and phase difference 

between the tank top and bottom gradually increased due to 

the foundation stiffness decrease, especially for Case 4 with 

the slab foundation. The difference between the tank bottom 

and A8 is not significant compared to that between the tank 

top and bottom.  

The settlement by the two laser displacement transducers 

are compared in Figures 19 during and after shaking.  As 

LDT L1 got out of measurement range during shaking in 

Cases 3 and 4, the settlement lines cease at t=22 and 15 sec 

respectively. There are no significant differences in the total 

settlement among three cases. Contrast to the behavior of 

EPWPs and RLPs, the settlement gradually increased as the 

shaking progressed. But majority of settlement took place 

during the shaking and the settlements by the consolidation 

after the shaking were very small. However, the 

consolidation settlement of the slab foundation was 

relatively larger than those of piled raft foundations.  

Tank rotations observed by the two vertical LDTs are 

shown in Figure 20. In Cases 3 and 4 a large rotation 
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occurred at t=5-6sec when EPWPs rapidly increased. After 

this rapid rotation, the accumulation trends became different 

in the two cases, namely gradual increase of rotation in Case 

3 and almost constant showing slight decreasing trend in 

Case 4. But in Case 5 with piled raft foundation and ground 

water level z
w=1m, the large rotation in the beginning was 

not observed and maximum rotation was small compared to 

the other two cases. From the time history of rotation in 

Figure 20, dynamic component of rotation was extracted and 

plotted against the tank rotational moment in Figure 21. 

From the figure, it can be confirmed that the rotational 

stiffness of the piled raft foundations against moment is 

larger than that of the slab foundation. Although the input 

tank rotational moment is little smaller in Case 5 than Case 3, 

the rotational stiffness of Case 5 is larger than that of Case 3, 

implying the effectiveness of non-liquefiable layer at 

shallow portion, even 1m depth.  

 

(4) Contribution of piles and raft against moment loading 

   Pile resistance moment and raft resistant moment were 

calculated by the same way in the dry ground case for Cases 

3 and 5 and compared to the tank rotational moment as 

shown in Figures 22 and 23. In the saturated cases, the 

contribution of pile tips is larger than that of shaft friction. 

Resistance of the raft against the moment load can be 

confirmed from Figures 22(b) and 23(3). This raft 

contribution became more significant when the tank was 

subjected to larger moment loads and the resistance by the 

piles reached to maximum values, around 500-700kNm in 

these cases (Figures 22 (a) and 23(a)). The tank response 

acceleration and resultant moment load were smaller in Case 

5 than Case 3. As a result the rotational moment was mainly 

resisted by the piles in Case 5, especially in the later part of 

shaking. This may be one of the reasons of larger rotational 

stiffness and smaller rotation in Case 5 than Case 3. 

Nonetheless, it can be confirmed from the figures that both 

piles and raft resist the moment load and prevent the 

rotation.  

 

 

4.  CO�CLUSIO�S 

 

The following conclusions were derived from the 

centrifuge tests about seismic performance of piled raft 

foundation of oil storage tank.  

1) In dry sand, the pile resistances mainly bear the rotational 

moment in the majority of the loading. But the raft also 

resists against the moment load even when the raft load 

proportion (RLP) is very small in static condition. As a 

result piled raft foundation is very effective in reducing the 

uneven settlement.  

2) In saturated sand, due to the decrease of effective stress 

caused by the liquefaction, pile resistance of piled raft 

foundation significantly degreases and the RLP increases. 

The change of raft load may increase the settlement. 

However, even in the reduction of effective stress by the 

liquefaction, rotational stiffness of piled raft foundation is 

larger than that of slab foundation. As a result the piled raft 

foundation could have effectiveness in reducing the 

rocking motion but not in reducing total settlement  
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Abstract:  The seismic response of a SDOF structure supported on a single pile embedded in dry sand is parametrically 
studied, emphasizing on the vibrational characteristics of the soil-structure system. These series of parameter study are the 
base to develop simple charts for predicting the seismic response of a SDOF structure supported on piles. For this reason, 
a fully 2D FE model of the coupled soil-pile-structure system is analyzed in the frequency domain under harmonic 
excitation introduced at the base of the soil profile. Particular issues were covered in this study and these issues can be 
summarized as follows: (a) to examine soil-pile-structure interaction in terms of the modified dynamic properties of the 
coupled system, (b) to investigate the combined effect of kinematic and inertial interaction on the motion of the pile-head, 
by identifying the fundamental frequencies that dominate the response, and (c) to develop design charts of the seismic 
soil-pile-structure systems. 

 
 
1.  INTRODUCTION 

 

The available procedures of seismic soil-pile-structure 

interaction (SSPSI) estimation include those based on 

simplified interactions models such as the beam on dynamic 

Winkler Foundation approach (Kagawa and Kraft 1980; 

Allotey and El Naggar 2008), as well as those based on 

more rigorous FEM (Cai et al. 1995; Rovithis et al. 2009) or 

BEM (Kattis et al. 1999; Padrón et al. 2007) formulations. 

These methods utilize either simplified two-step methods 

that uncouple the structure and foundation portions (Gazetas 

1984; Fan et al. 1991) or a fully coupled SSPSI system in a 

single step (Kaynia and Mohzooni 1996; Rovithis et al. 

2009). The coupled 3D FE approach is most representative 

of the SSPSI system. However, such this method, even if 

available, has well-known limitations when used in seismic 

design. Several investigators attempted to propose 

procedures to simplify the rigorous 3D FE models. For 

example, Ozutsumi et al. (2003) proposed a method to 

idealize soil-pile interaction in 3D into the 2D type using 

soil-pile interaction springs. While the conventional spring 

elements used in the analysis of soil-pile interactions are 

embedded in the same plane of the 2D FE analysis domain, 

the soil-pile interaction spring proposed by Ozutsumi et al. 

(2003) is a spring that connects free pile elements to 2D 

meshes of a soil profile with hysteretic load displacement 

relationships. 

In this paper, the seismic response of coupled SSPSI 

systems is parametrically studied in the frequency domain 

using 2D FE adopting the simplified model proposed by 

Ozutsumi et al.(2003). A 2D effective stress FE analysis, 

FLIP(Iai et al. 1992), is employed to this end. These series of 

parameter study are the base to develop simple charts for 

predicting the seismic response of a SDOF structure 

supported on piles. This paper covers particular issues that 

can be summarized as follows: (a) to examine 

soil-pile-structure interaction in terms of the modified 

dynamic properties of the coupled system, (b) to investigate 

the combined effect of kinematic and inertial interaction on 

the motion of the pile-head, by identifying the fundamental 

frequencies that dominate the response, and (c) to develop 

design charts of the seismic soil-pile-structure systems. 

 

2.  EXAMINED PARAMETERS DEFINITION 

 

The system under investigation as shown in Fig. 1 

comprises of a single pile supporting a SDOF structure 

founded on a homogeneous dry sand layer over rigid rock.  

Due to the large number of parameters involved, the 

parametric analyses focus on a limited set of factors, namely 

the fixed-base fundamental frequency fstr.fixed, the pile 

slenderness ratio (Lp/Dp) and the relative initial soil-pile 

stiffness (Ep/Es). The effect of these characteristics was 

thoroughly investigated, implementing dimensionless 

parameters towards a generalized description of the coupled 

system. 

To this end, the wave parameter (1/w.p) (Veletsos et al. 

1974): 
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Table 2   Model parameters for soil elements 

Density, 
 t (t/m

3
) 

Gma 
(kPa) 

 σ'ma (kPa) f Hmax 

1.55 84,500 
0.3
3 

98 39.67 0.24 

 

Case 
        Pile Structure 

Lp/Dp Ep/Es SH EIstr./EIp 
Tstr. fixed 

(s) 1/w.p 

A 

1 

10 1000 1.78 

0.1010 0.125 0.36 

2 0.0394 0.200 0.22 

3 0.0049 0.571 0.08 

4 0.0009 1.333 0.03 

B 

1 

20 1000 3.56 

1.620 0.125 0.36 

2 0.630 0.200 0.22 

3 0.078 0.571 0.08 

4 0.014 1.333 0.03 

C 

1 

20 500 4.23 

3.240 0.125 0.36 

2 1.261 0.200 0.22 

3 0.312 0.571 0.08 

4 0.056 1.333 0.03 

D 

1 

20 100 6.32 

16.20 0.125 0.36 

2 6.300 0.200 0.22 

3 1.560 0.571 0.08 

4 0.285 1.333 0.03 

 

Table 1   Cases of coupled soil-pile-structure systems 
considered 

 

which may be looked upon as a measure of the relative 

stiffness of the soil and the structure or, equivalently, as a 

normalized fundamental frequency of the structure. 

Obviously, higher values of parameter 1/w.p correspond to 

stiff structures on soft soil and vice versa. 

For the pile, the dimensionless parameter SH (Dobry et 

al. 1982): 

 

0.25( / )( / )H P P P SS L D E E     (2) 

 

was adopted as a measure of foundation flexibility. Thus, 

low values of SH (SH < 5) correspond to short (small Lp/Dp) 

and/or stiff (large Ep/Es) piles, while long and flexible piles 

are characterized by higher SH values. 

 

3.  PARAMETRIC STUDY 
 

A total of 16 cases of coupled soil-pile-structure 

systems as shown in Table 1 were analyzed assuming linear 

behavior of the system. Seismic signals are imposed at very 

low amplitude (0.0001 m/s
2
) to ensure linear-elastic soil 

behavior. All input motion are specified at bedrock level in 

the form of a harmonic horizontal displacement Ug (t) 

=Ug.exp (i2πft), where Ug = amplitude of the input bedrock 

displacement; f = frequency of excitation;  i
2
 = -1. 

 
4.  FINITE ELEMENTS AND PARAMETERS 
IDENTIFICATION 

 
The 2D effective stress FE analysis, FLIP (Iai et al. 

1992), has been used to analyze the seismic 

soil-pile-structure interaction (SSPSI) problem. A 30 (m) 

thick soil stratum was meshed with quad plane elements. 

The length of each element was adequately defined 

according to the anticipated wavelength propagating in the 

soil. The maximum element size, Emax, was less than 

one-fifth to one-eighth the shortest wavelength (λ) to ensure 

accuracy (Kramer 1996). 

The FE analyses were performed in two stages. In the 

first stage (self-weight analysis), the in-situ stresses were 

initialized in the soil due to the own weight of the soil. be 

zero during this stage of analysis. During the second stage of 

analysis (seismic response analysis), the actual properties of 

soil, pile, and soil-pile interaction spring were assigned. The 

total mesh size was extended to a horizontal distance from 

the pile of 30-pile diameter to prevent spurious wave 

reflections at the boundaries. Moreover, tied lateral boundary 

approach (a simpler alternative to the boundary approach 

suggested by Zienkiewicz et al. (1988) that illustrated in Fig. 

1. is used in the analysis. In this approach, the values of 

displacements, stresses, etc. are identical on both side 

boundaries. This condition is explicitly imposed in FLIP by 

an equivalent node concept (MPC). 

 

4.1  Soil Model 

The soil model used in this study consists of a multiple 

shear mechanism (Iai et al. 1992). Parameters for dry sand 

used in the current FE analysis are shown in Table 2. The 

bulk modulus of the soil skeleton K was determined 

assuming a Poisson’s ratio  of 0.33. The initial shear wave 

velocity (Vs) is calculated using: 

 

0.5

s ma sV (G / )    (3) 

 

and found to be = 225 m/s. The parameter mG that controls 

the shear modulus distribution with the depth is kept equal to 

0.5 for both linear and non-linear analyses. 

4.2  Pile Column System  

Bilinear beam elements with three degrees of freedom per 

node are used for modeling pile and column. Normal force, shear 

force, and bending moment of each element are obtained 
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  Column 

Structure mass, mstr. 

Pile 

Figure 1  A schematic view of the system under 

investigation 
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Figure 3  Effect of foundation flexibility on kinematic 

interaction factors: (a) Iu (Fixed-head); (b) Iu (free-head); 

and (c) Iɸ (free-head) 

directly. It is assumed that both the pile and the column have a 

circular cross-section of diameter depend on the case under 

consideration as shown in Table 1. The Pile length is assumed to 

be equal to the thickness of the soil stratum (Lp = 30 m). The 

elastic properties of both pile and column are related to that of the 

soil as shown in Table 1. The mass density and Poisson's ratio for 

pile and column were considered 2.5 kg/m
3
 and 0.3, respectively. 

To minimize the number of parameters, structural mass 

(mstr.) and height (Hstr.) were kept equal to 100 Mg and 10 m, 

respectively. 

 

5.  NUMERICAL RESULTS 

 

5.1  Free-field Response 

The first step in any SSI seismic analysis is the 

evaluation of the free-field response of the soil layer. Elastic 

response time histories for free-field were derived at 

different frequencies of excitations. From these time 

histories, the amplitude of steady-state response is noted and 

normalized with respect to the amplitude of input bedrock 

motion. Thus amplification of soil stratum is plotted in Fig. 2. 

From this figure, the first and the second fundamental 

frequencies of the soil layer are 2.25 and 6.0 Hz, 

respectively. 

 

 

 

 

 

 

 

5.2  Kinematic Soil-pile Interaction Analysis 

As it well known, a cylindrical pile diffracts the 

incident and reflected 1D vertical S-waves, thereby 

modifying the "free" wave field forming what we call 

kinematic interaction. This effect can be assesses using 

translation and rotational kinematic interaction factors Iu and 

I, respectively. These interaction factors depend on many 

factors such as relative stiffness between the pile and soil (SH 

value) and pile-head fixation condition. The influence of 

foundation flexibility on kinematic interaction factors for 

both fixed and free-head conditions is portrayed in Fig. 3. 

Figure 3 declares that, in the normalized frequency range 

studied (ao = 0 - 0.42), the filtering by a pile of the high 

frequency components of the base excitation may be 

substantially greater with lower values of SH for both free 

and fixed-head conditions. At high frequency components of 

the base excitation, the rotational components of motion 

decrease with lower value of SH. 

 

5.3  Coupled Soil-pile-structure Analysis 

A concentrated mass attached to the structural column 

was introduced to the model, and the dynamic response of 

the coupled soil-pile-structure system was parametrically 

studied. The ensuing parametric investigations aim at 

evaluating the pile-head to free-field horizontal displacement 

(Up/Uff), the effective and the pseudo-effective natural 

frequencies of the system. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5.3.1  Pile-head Response under the Combined Action 
of Kinematic and Inertial Interactions 

Similar to Fig. 3, the influence of foundation flexibility 

(SH) on pile-head to free-field horizontal displacement 

(Up/Uff) is portrayed in Figs. 4 (a) - (d) for different values of 

(1/w.p) of 0.36, 0.22, 0.08, and 0.03. For (1/w.p = 0.25) as 

shown in Fig. 4 (b), the maximum amplification increases as 

SH decreases (i.e. pile become stiffer). For (1/w.p = 0.36) as 

shown in Fig. 4 (a), and for the case of (SH = 1.78), a 

reduction in amplification is observed. This case corresponds 

to stiff structure founded on a stiff or short pile. For lower 

values of (1/w.p = 0.03), the effect of SH on the pile-head 

motion is not significant. The inertial interaction is most 

pronounced at higher values of 1/w.p. 

 
5.3.2  Effective natural frequency of the coupled system 

 

The effective natural frequency of the coupled 

soil-pile-structure system can be defined as the frequency at 

which the structure displacement is maximized relative to 

the free-field displacement. The effect of (SH) on structure to 

free-field horizontal displacement (Us/Uff) is shown in Figs. 

5 (a) - (d) for different values of (1/w.p) of 0.36, 0.22, 0.08, 

and 0.03. For (1/w.p = 0.36 and 0.25) as shown in Figs. 5 (a) 

and (b), a significant reduction of the natural frequency of 

the structure is observed. The percentage of reduction in the 

natural frequency of the structure increases with the increase 
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coupled system for: (a) 1/w.p = 0.36, (b) 1/w.p = 0.22, (c) 
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Figure 4 Pile-head to free-field displacement response of the 
coupled system for: (a) 1/w.p = 0.36, (b) 1/w.p = 0.22, (c) 
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of SH. For lower values of 1/w.p as shown in Figs. 5 (c) and 

(d), the reduction of the natural frequency is not significant.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The ratio of the effective natural frequency of the 

coupled system to the fixed-base frequency of the structure 

(fSSI/fstr.fixed) is plotted against both (1/w.p) and (SH) in Fig. 9.6. 

Soil-structure interaction effects are stronger for higher 

levels of relative soil-structure stiffness (i.e., higher values of 

1/w.p), resulting in a significant reduction of the effective 

natural frequency fSSI with respect to the natural frequency of 

the structure under fixed-base conditions (fstr.fixed). For these 

cases, SSI effects are controlled primarily by the structural 

properties of the pile (parameter SH). More specifically, it is 

observed that increasing the flexibility or slenderness of the 

pile results in lower values of the effective frequency fSSI of 

the system, which implies a stronger soil-structure 

interaction effect. On the contrary, for low values of 

parameter 1/w.p (0.08–0.03), soil-structure interaction has a 

minor effect on the vibrational characteristics of the structure, 

regardless of the adopted SH parameter. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

8.  CO�CLUSIO�S 
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In this paper the seismic response of a SDOF structure supported 

on a single pile embedded in dry sand is parametrically studied, 

emphasizing on the vibrational characteristics of the SSI system. 

These series of parameter study are the base to develop simple 

charts for predicting linear and nonlinear seismic response of a 

SDOF structure supported on piles. For this reason, a fully 2D 

FE model of the coupled system is analyzed in the frequency 

domain under harmonic excitation introduced at the base of the 

soil profile. The following conclusions can be drawn: 

1. Strong soil-structure interaction effects were observed 

for coupled systems that comprise of stiff 

superstructures founded on flexible and/or long piles, 

leading to significant reductions in effective natural 

frequency of the system. 
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Abstract:  Dynamic centrifuge model tests are conducted to investigate the influence of embedded foundation on the 
seismic behavior of a pile-supported building in liquefiable soil. The test results show the followings. (1) The natural 
period of soil-pile-structure system with embedded foundation is longer than that with not embedded foundation during 
liquefaction. Therefore the superstructure acceleration with embedded foundation tends to decrease and to be delayed 
compared with that with not embedded foundation. (2) The seismic earth pressure, which acts on the embedded 
foundation, acts as the reaction force to the inertia force from structure before liquefaction. (3) On the other hand, during 
liquefaction, the seismic earth pressure increases in the same direction as the inertia force and takes a maximum with not 
decreasing the inertia force. Therefore, the maximum bending moment along a pile with embedded foundation is 
considerably larger than that with not embedded foundation.  

 
 
1.  INTRODUCTION 

 
The embedment effect due to the dynamic interaction 

between the embedded foundation and the surrounding soil 
can reduce the seismic design load for piles (AIJ 2001). But, 
in liquefiable soil, the effect is not confirmed, and the earth 
pressure acting on the embedded foundation could be the 
external force to the pile foundation (Fujii et al. 1998). 
Tamura and Tokimatsu (2002) reported, based on 
liquefaction tests using large scale shear box, the phase 
difference between the inertia force and total of earth 
pressure can be estimated by considering the natural period 
of the super-structure, the predominant period of the ground, 
the ground displacement and the footing displacement. To 
clarify the seismic earth pressure acting on the foundation in 
liquefiable soil, several studies based on centrifuge model 
tests have been conducted (e.g., Tamura 2008, Mano et al. 
2009). But it is not cleared how the embedment affects the 
dynamic behavior of a building in liquefiable soil. 

This study is intended to investigate the influence of 
seismic earth pressure acting on the embedded foundation 
on the response of a superstructure. Dynamic centrifuge 
model tests of pile-supported buildings, in which the 
foundation is either embedded or not embedded, were 
performed. 

 
 

2.  TEST OUTLINE 
 
Dynamic centrifuge model tests were performed at 50g 

centrifugal acceleration using the geotechnical centrifuge at 
the Technology Center of Taisei Corporation. Two 
soil-pile-structure models were used: a building model with 
not embedded foundation (Model A) or embedded 
foundation (Model B). The models were prepared in a 
laminar shear box measuring 560×210×400mm (L×W×D). 

 
2.1  Models 

Figure 1 shows the soil-pile-structure models used in 
the tests. The soil profile of Model A consists of a top 
liquefiable sand layer with Dr=60% and an underlying dense 
sand layer with Dr=90%. These layers were created using 
Toyoura Sand (D50=0.18mm) and were saturated with 
silicone oil 50 times more viscous than water. In Model B, 
the dry silica sand was further pluviated to form 
non-liquefiable layer around the foundation. 

The mass of the superstructure was 5.2 kg and that of 
the foundation was 2.7 kg. The natural period of the 
superstructure at small excitation was 0.003 s (0.15 s in the 
prototype scale). The pile groups consisted of 2×2 stainless 
steel pipes, each of 16 mm diameter and 1mm wall thickness. 
The elastic coefficient of the pipe was 1.97×108 kN/m2. The 
pile heads were connected to the foundation (pile cap) 
rigidly. The pile tips were connected to the base of the 
laminar box with pin joints.  

 In Model B, the plate supported by four load cells was 
set up on the right and left sides of foundation to evaluate 
earth pressure acting on the foundation. Teflon sheets were 
pasted on the sidewall of foundation, which are parallel to 
the shaking direction, to reduce the sidewall friction. There 
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was clearance between the base of the foundation and the 
underlying soil. Therefore the sidewall friction and base 
friction were negligible.  
 
2.2  Measurement Parameters 

The measurement parameters are also shown in Figure 
1. The horizontal accelerations of the soil and structure, 
vertical accelerations of the foundation, strains in the piles, 
pore water pressures of the soil, and the earth pressures 
acting on both (left and right) sides of foundation were 
measured. The displacements of the structure and soil were 
calculated by double integration of the accelerations with 
respect to time. The inertia forces from the superstructure 
and that from the foundation were evaluated by their mass 
and the measured accelerations. And the total of the inertia 
force from the structure (Fi) was calculated by the 
summation of the inertia force from the superstructure and 
that from foundation. The total earth pressure (Pe) acting on 
the foundation is calculated by the difference between the 
left side earth pressure and the right side earth pressure, 
because the side wall friction and base friction were 
negligible. 

 
2.3  Input Motion 

An artificial ground motion called a Rinkai wave, 
which is produced as an earthquake in the southern Kanto 
region in Japan, was used as an input base acceleration to the 
shaking table.  The maximum acceleration of the input 
motion was set at 200 cm/s2 in the prototype scale. The 

initial vibration characteristics of the soil-pile-structure 
models were identified under small excitation. All data 
presented in the following sections are for the prototype 
scale. 

 
 

3.  TEST RESULTS AND ANALYSIS 
 

3.1  Responses of Soil 
Figure 2 shows the time histories of accelerations of 

soil and shaking table, displacements of soil, and excess pore 
water pressures of soil. The excess pore water pressures of 
soil at 7.0 m high in both models reach the respective initial 
effective vertical stresses, and the liquefiable layers liquefy 
in both models. The excess pore water pressure of soil at 7.0 
m high in Model B rises later than in Model A due to the 
additional vertical effective stress caused by the surface 
layer.  

During liquefaction, the accelerations of the soil 
decreases, and the soil displacements increase drastically. 
 
3.2  Relation between Inertia Force from Structure and 
Total of Earth Pressure 

Figure 3 shows the relation between the inertia force 
from structure and the total of earth pressure acting on the 
foundation in the period from 0.0 s to 18.0 s (early process 
of liquefaction) and after 18.0s (later process of liquefaction  
and during liquefaction). 

In the period from 0.0s to 18.0s when the excess pore 
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water pressure is rising, the total earth pressure is negatively 
correlated with the inertia force from the structure. Therefore, 
the total of earth pressure acts as a reaction force against the 
inertia force from structure, i.e., the lateral force for piles 
reduces due to the embedment effect. 

In the period from 18.0s to 120.0s, in contrast, when the 
excess pore water pressure almost reaches the initial vertical 
effective stress and the liquefiable layer is completely 
liquefied, the total earth pressure is positively correlated with 
the inertia force from the structure. Therefore, during 
liquefaction, the total of earth pressure act as the external 
force, i.e., the lateral force for piles increases due to the earth 
pressure acting on the foundation. 

 
3.3  Responses of Structures 

Figure 4 shows the time histories of the accelerations of 
superstructures, the displacements of foundations, the total 
of earth pressure in Model B, and the bending moments at 
the pile heads. 

The time history of the total of earth pressure in Model 
B corresponds to that of the inertia force from structure 
before about 18.0s and corresponds to the displacement of 
foundation after 18.0s. 

The acceleration of the superstructure in Model B is 
slightly larger but almost similar to that in Model A before 
15.0s. The displacement of foundation and the bending 
moment at the pile head in Model B are smaller than those in 
Model A before 18s, because the earth pressure acts as a 
reaction force to the inertia force. 

After 20.0s, the acceleration of the superstructure in 
Model B is tends to decrease and be delayed compared with 
that in Model A. In the period from 49.0 to 55.0s and that 
from 77.0 to 83.0, when the displacement of soil increases, 
the total of earth pressure increase, providing the increases 
of the displacement of foundation and the bending moment 
of the pile.  
 
3.4  Natural Periods of Soil-Pile-Structure Systems 

Figure 5 shows the fourier spectrum ratios of 
superstructure acceleration to shaking table acceleration at  
micromotion and after 25.0s of the main excitation. The 
peak periods (T1 : natural period of soil-pile-structure 
system), in which the fourier spectrum ratio takes a peak, are 
almost the same in both models at micromotion. During 
liquefaction, T1 becomes longer due to the reduction of soil 
stiffness. However, T1 in Model B is longer than that in 
Model A, and the fourier spectrum ratio in Model B is 
smaller than that in Model A during liquefaction. The 
periods (Tg(A) and Tg(B)), in which the fourier spectrum ratio 
of acceleration of surface soil over shaking table acceleration 
in each model takes a peak, are shown in figure 5. And the 
natural period of pile-foundation-structure system with no 
soil (T(p+b)), which is calculated by finite element method, is 
also shown in figure 5. Tg(B) is shorter than Tg(A), because the 
stiffness of liquefiable layer in Model B, which is 
overloaded with the surface layer, is larger than that in 
Model A. T1 in Model A is between T(p+b) and Tg(A), but T1 in 
Model B is almost the same as Tg(B). Therefore the natural 

period of soil-pile-structure system in Model B becomes 
longer than that in Model A due to the embedment effect 
during liquefaction. This feature is also confirmed in the 
time history of superstructure acceleration (fig. 4(a)), i.e., the 
superstructure acceleration in Model B tends to decrease and 
to be delayed compared with that in Model A. But at 78s and 
80s, when the total of earth pressure increases, the 
superstructure acceleration in Model B is almost the same as 
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that in Model A. This is presumably because of the influence 
of the increasing earth pressure acting on embedded 
foundation. 

 
3.5  Distributions of Bending Moments along Piles 

Figure 6 shows the distributions of bending moments 
along piles at about 14s (before liquefaction) and about 80s 
(during liquefaction). And Table 1 shows the inertia forces 
from superstructures and total of earth pressure at each 
second. 

At 14s, the inertia force in Model B is larger than that in 
Model A, but the total of earth pressure acts against the 
inertia force. And the subgrade reaction acting on piles is 
larger in Model B than that in Model A, because the stiffness 
of the liquefiable soil is higher in Model B than that in 
Model A. Therefore the bending moment in Model B is 
smaller than that in Model A. 

At 80s, on the other hand, the bending moment in 
Model B is considerable higher than that in Model A. 
Because the inertia force from structure in Model B is 
almost the same as that in Model A, and the total of earth 
pressure acts as external force. 

 
 

4. Summary 
 
Dynamic centrifuge model tests were performed to 

investigate the influence of embedded foundation on the 
seismic behavior of a pile-supported building in liquefiable 
soil. The test results lead to the following conclusions: 

The earth pressure acting on the embedded foundation 
works as a reaction force to the inertia force from structure 
before liquefaction. On the other hand, during liquefaction, 
the earth pressure tends to act as an external force, i.e., the 
earth pressure acts in the same direction as the inertia force . 

The response of the superstructure with embedded 
foundation shows similar oscillation to that with not 
embedded foundation before liquefaction. But during 
liquefaction, the natural period of soil-pile-structure system 
with embedded foundation becomes longer than that with 
not embedded foundation. Therefore, the acceleration of 
superstructure with embedded foundation tends to decrease 
and be delayed compared with that of superstructure with 
not embedded foundation. But, when the earth pressure 

acting on the embedded foundation takes a maximum during 
liquefaction, the acceleration of the superstructure doesn’t 
decrease and is almost the same as that of superstructure 
with not embedded foundation. 

The bending moment along the pile with embedded 
foundation is smaller than that with not embedded 
foundation due to the embedment effect before liquefaction. 
But during liquefaction, the maximum bending moment 
along the pile with embedded foundation is considerably 
higher than that with not embedded foundation, because the 
inertia force from structure doesn’t decrease when the earth 
pressure acting as an external force takes the maximum. 
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 Before Liquefaction 
(t=14s) 

During Liquefaction
(t=80s) 

A-model Fi=-723 Fi=647 

B-model Fi=-1006, Pe=282 Fi=631, Pe=461 

Table 1 Inertia Force from Structure and Total of Earth 
Pressure at 14s and 80s 
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Abstract:  Centrifuge shaking table tests were conducted at a centrifuge acceleration of 80 g to investigate the seismic 
response of pile embedded in liquefied or non-liquefied deposits during shaking. “Pre-shaking” was conducted for 
subsurface exploration of tested sand bed to determine the profiles of shear wave velocity along depths and the fundament 
frequencies of sand deposit and pile. The test results show that the top part of pile shaft (from a depth of 10 m to the 
surface) experienced large bending moments for the pile embedded in dry sand, while the pile embedded in the liquefying 
sand all the pile length suffered the large bending moments. Moreover the pile attached with a larger tip mass on the pile 
head would gradually experience the residual bending moments along the depths and would produce the larger lateral 
displacement on the pile during and after the earthquake.  

 
1.  INTRODUCTION 

Dramatic failure of structures founded on piled 
foundations (i.e., Taiwan Chi-Chi Earthquake and Japan 
Kobe Earthquake) has led many researches to investigating 
the seismic behavior of pile-supported foundations in 
liquefiable deposits. The damages rendered the 
supported-structures becoming useless or costing expensive 
to rehabilitate after earthquakes. During shaking the pile is 
prone to suffering severe cracking or even fracture and 
increasing displacement of pile cap. In the case that the 
residual strength of the soil is less than the static shear stress 
caused by a sloping ground or a free surface such as a river 
bank, lateral spreading or down slope displacement can exert 
damaging pressure on the pile and lead to the pile body 
failure (Finn & Fujita, 2002). From a design point of view, 
there are several basic pile responses that need to be 
calculated to prevent from structure or operational failure of 
the foundation. The maximum bending moment, maximum 
shear force developing along the pile and maximum pile 
deflection on the pile head both in the shaking period and 
even after shaking are rather demanding if the pile is 
embedded in the level ground or in the sloping ground.  

Two different lateral loads resulted from kinematic and 
inertial effects were concerned by researchers (Abdoun et al. 
(2003), Tokimatsu et al. (2004)). Knappett & Madabhushi 
(2009) demonstrated piles carrying large axial loads may 
become unstable as lateral soil restraint was lost owing to 
earthquake-induced liquefaction. The objective of the paper 
is to investigate the seismic response of the pile embedded in 
liquefiable soils taking into account both the effects of 
earthquake shaking and of the lateral pressures from the 

lateral soil displacement. A series of geotechnical centrifuge 
1-D shaking table tests was conducted to investigate the 
seismic effects of pile, which was attached with a tip mass, 
on the distribution of bending moment and of the pile 
displacement along the pile in the study. 
 
2.  GEOTECHNICAL CENTRIFUGE MODELING 

AND TESTING PROCEDURES 
2.1  Testing Equipment 

This experimental work was undertaken in the 
Centrifuge at the National Central University (NCU). The 
NCU Geotechnical Centrifuge has a nominal radius of 3 m 
and equips a 1-D servo-hydraulically controlled shaker 
integrated into a swing basket. The shaker has maximum 
nominal shaking force 53.4 kN with maximum table 
displacement of ±6.4 mm and operates at up to 80 g 
centrifugal acceleration. The nominal operating frequency 
range is 0 - 250 Hz. A laminar container with inside 
dimensions of 711 mm x 356 mm x 353 mm (L×W×H) is 
constructed from 38 light-weight aluminum alloy rings 
arranged in a stack. The laminar container is designed for 
dry or saturated soil models. The boundary effects of the 
laminar container used in the study is minimal; hence the 
container permits development of stresses and strains 
associated with one dimensional shear wave propagation 
(Lee et al., 2012). Fig. 1 shows the laminar container resting 
on the NCU Geotechnical Centrifuge Shaker. 

2.2 Model Pile Fabrication and Sand Bed Preparation 

Two instrumented model bending piles (L-pile and 
B-pile) were fabricated with aluminum-alloy tubes of 9.6 
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mm outer diameter and 8 mm internal diameter. The 
embedment depth of model pile was 330 mm. Strain gauges 
were placed externally at eight positions to measure the 
distribution of bending moment along the pile. Resin was 
coated on the surface of model piles for waterproofing. The 
model piles were designed to replicate 0.77 m diameter 
circular pile with an embedment depth of 26.4 m and they 
have bending stiffness of 725848 kN-m2 in prototype scale. 
Two instrumented piles as shown in Fig. 2 were calibrated 
for establishing the relation of output voltage and bending 
moment prior to the model tests. Therefore, the bending 
moment profile on the piles can be measured during and 
after shaking. A tip mass was attached on the pile head to 
simulate the dead weight of superstructure. Table 1 lists the 
basic characteristic of tip mass attached on the L-pile and 
B-pile. 

A fine quartz sand was used to prepare the uniform 
sand deposit. The characteristic of the quartz sand is 
summarized in Table 2. Two instrumented bending piles 
attaching different tip masses on the pile head were first 
hinged at the bottom of the container and then the quartz 
sand was pluviated with a regular path into the container 
from a hopper at a constant falling height and at a constant 
flow rate for preparing fairly uniform sand deposits having 
relative density of about 60%. Finally the saturation process 
was conducted.  

An acrylic plate was used to tightly cover the 
container for the saturation process of sand. Air was then 
simultaneously and continuously vacuumed out from both 
the inside and the outside of container and at the same time 
de-air water was carefully dripped into the container to 
saturate the sand bed until the water level rose to 2 mm 
above the sand surface. Then the centrifuge was accelerated 
at a 10 g per step until it reached the acceleration of 80 g. In 
each step the model was maintained and lasted for 5 minutes 
at this g level to ensure the sand bed reaching full 
consolidation at the current overburden stress. Finally the 
model was excited with a one-dimensional sinusoid 
acceleration consisting of 15 cycles having various 
maximum amplitudes and a frequency of 1 Hz in prototype.  

 

 

 

 

 

 

 

 

 
Fig.1 Laminar container and the NCU Geotechnical 

Centrifuge Shaker 

 
 
 
 

 
 
 
 
 
 
 
 
 
Table 1  Characteristics of tip mass on the model pile 

 Shape 1Dimension 
(cm) 

1Weight 
(N) 

2Weight 
(kN) 

3Rotation 
inertia 

(kg-m2) 
L-pile cubic 4.5×4.5×4.5 6.21 3179.52 171694 
B-pile cylinder Ф4.5×4.5 4.73 2421.76 124236 

1Model scale;  2Prototype scale;  

Table 2  Characteristics of fine quartz sand 

 Gs D50  in 
(mm) 

D10   in 
(mm) 

1ρmax  

(g/cm3) 

1ρmin  

(g/cm3) 

Quartz sand 2.65 0.193 0.147 1.66 1.44 

1The maximum and minimum densities of the sand were measured 
in the dry state, according to the method (JSF T 161-1990) 
specified by the Japanese Geotechnical Society. 

The time histories of acceleration, excess pore water 
pressure, bending moment of pile and displacement at 
different locations and elevations were recorded 
simultaneously. 

2.3  Test Setup and Testing Conditions 

Fig. 3 presents a typical test setup to show the 
dimensions of the tested sand bed, the position of the piles, 
and the types and the positions of instrumentation used in the 
model tests. Each model contained two piles (L-pile and 
B-pile) those which were attached with different tip masses 
as listed in Table 1 on the pile heads. The thickness of model 
sand bed is 33 cm in model scale, simulating a 26.4 m thick 
and a 56.8 m long sand deposit in prototype scale at a 
centrifuge acceleration of 80 g. The sand bed was 
instrumented with eight vertical spaced accelerometers (A#) 
to record the shear wave propagating from the base to the 
ground surface. At the same elevations close to the array of 
accelerometers eight pore water pressure transducers (P#) 
were instrumented in the saturated sand deposit as well. One 
LVDT (LVDT45) was installed to measure the time history 
of surface settlement.  

Two LVDTs and two accelerometers were also 
instrumented at the tip mass of each pile to measure the 
horizontal displacements and accelerations at two different 
levels. Such instrumentation can give the time histories of 
the angular acceleration and the angular displacement. The 

 

Fig. 2 Instrumented bending piles 

  

Tip mass 

Strain gauge L-pile 

B-pile 
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tip of each pile, which was rigidly connected with a ball, was 
hinged into mounting holes in a rigid aluminum alloy base 
plate. The base plate was fixed with the base of container as 
shown in Fig. 3. The bottom of tip mass on each pile head 
was clear of the surface of the sand. Thus the piles had 
translation fixity but rotational free at the pile tips and free to 
rotation and sway at the pile head. 
 

 
 
 
 
 
 
 
 
 
 
 
 

 
Three LVDTs were attached on the side wall of laminar 

container to measure the horizontal displacement profile of 
liquefied soil along the depths during shaking and after 
shaking. Eight strain gauges on each pile were used to 
measure the profile of bending moment along the pile. This 
comprehensive instrumentation and detailed measurements 
are necessary to evaluate the seismic responses and the 
associated excess pore water pressure generation at various 
elevations for both on the piles and in the sand deposit 
during 1-D shaking. A series of centrifuge shaking table tests 
was conducted; the test conditions in prototype for each 
model are listed in Table 3. Each Model was subjected to 
multiple earthquake events. P-D-2 was a dry sand model, 
whereas P-W-1,P-W-2 and P-W-3 were saturated sand 
model.  

 
3.  TEST RESULTS AND INTERPRETATIONS 

3.1  Fundamental frequency of sand deposit and pile 

     Two in-flight shear wave velocity measurement 
systems developed in the NCU centrifuge are used to 
perform the subsurface exploration of shear wave velocity in 
a centrifuge model. The bender elements test and the 
pre-shaking test both provided reliable and consistent shear 
wave velocity profiles along the model depth (Lee et al. 
2012). In the study the pre-shaking method (E1 Event as 
listed in Table 3) was conducted to measure the profile of 
shear wave velocity along the model depths in terms of the 
vertical accelerometer array (E1 event) as shown in Fig. 4 
for P-W-3 and P-W-2. Therefore the average shear wave 
velocity, Vs, of the saturated sand deposit is around 170 
m/sec and the fundamental frequency, fn , can be calculated 
in terms of the following equation. 

      𝑓𝑓𝑛𝑛 = 𝑉𝑉𝑠𝑠
4𝐻𝐻

= 170
4×27.2

= 1.6 𝐻𝐻𝐻𝐻                  (1) 

where H=27.2 m= thickness of sand deposit. The 
fundamental frequency provides a useful indication of the 
frequency of vibration at which the most significant 
amplification occurs.  

Fig. 5 is the time histories of acceleration measured on 
pile and at the depth of 16.8 m for P-W-3 E1 Event. The 
arrows point out the stop time of input shaking (only 1 
cycle). After stopping input shaking, the piles and the sand 
deposit experience the free vibration as shown in Fig. 5. 

Table 3 Summary of test conditions 

Test 
No. 

Event amax/freq./numer of cycles 
g/Hz/cycles 

Pore 
fluid 

Dr (%) 

 
P-D-2 

E1 
E2 
E3 
E4 

0.016g / 2Hz / 1 
0.03g / 1Hz / 15 
0.13g / 1Hz / 15 
0.18g / 1Hz / 15 

 
No 

64.4 
64.4 
69.1 
72.0 

 
P-W-1 

E1 
E2 
E3 
E4 

0.03g/ 2Hz/1 
0.12g / 1Hz / 15 

White nose 
0.03g / 1Hz/ 15 

 
 

water 

62.9 
76.5 
76.6 
76.6 

 
 
P-W-2 

E1 
E2 
E3 
E4 
E5 

0.01g/ 2Hz/1 
0.025g / 1Hz / 15 

0.1g / 1Hz/ 15 
0.14g / 1Hz/ 15 

White nose 

 
 
water 

62.3 
63.77 
68.15 
72.34 
72.38 

 
P-W-3 

E1 
E2 
E3 
E4 

0.015g/ 2Hz/1 
0.10g / 1Hz / 15 

White nose  
0.15g / 1Hz/ 15 

 
water 

62.41 
76.06 
76.22 
80.61 

 
 
 
 
 
 
 
 
 

 
 

Fig.4 Profile of measured shear wave velocity  

 

 

 

 

 

 

 

 

Fig. 5 Time histories of acceleration (P-W-3 E1) 
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Fig. 3 Testing setup, instrumented piles and instrumentations 
used in the model  
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The Fourier amplitude spectra of the measured 

accelerations at the different depths are first calculated and 
the amplification factors, which are defined as the spectral 
ratio of the Fourier amplitude between the base input 
acceleration and the accelerations measured at different 
depths, are given in Fig.6. The predominant frequency of the 
sand deposit, f, is defined as the frequency corresponding to 
the maximum amplification factor. The fn derived from Eq. 1 
is consistent with the measured f (1.62 Hz) as shown in Fig.6 
(b) for the saturated sand deposit. The higher predominant 
frequency (1.92 Hz as shown in Fig. 6(a)) is expected 
because of the higher shear wave velocity in the dry sand 
deposit. 

     

 
 
 
 
 
 

(a)                    (b) 
Fig.6 Predominant frequency: (a) dry sand deposits; (b) 

saturated sand deposit  

Fourier amplitude spectra of the measured 
acceleration on the tip mass of the L-pile and the B-pile for 
P-W-3 E1 event are shown in Fig. 7 (a) and (b). There are 
three Fourier amplitude spectra in each figure, including the 
spectra of acceleration measured on the top of and the 
bottom of pile tip mass and the spectrum of the relative 
acceleration (A18-A19 or A23-A6). The relative 
acceleration time histories may record the angular 
acceleration of the tip mass on the pile heads. Thus the 
spectra of these relative acceleration time histories give the 
fundamental frequency of the rotational mode of the pile 
with tip mass (around 1.6 Hz). The accelerometer A19 on 
the L-pile and A6 on the B-pile would register the less 
component of angular acceleration of tip mass. Thus the 
Fourier amplitude spectra of the acceleration time histories 
of A19 and A6 give the fundamental frequencies of the 
horizontal translation of pile. As shown in Fig.7 the second 
peaks on the Fourier amplitude spectra may be the 
fundamental frequencies of the horizontal translation of pile. 
The fundamental frequency of L-pile is 0.78 Hz (the second 
peak) and that of B-pile is 0.91 Hz. L-pile with large tip 
mass on the pile head has the lower fundamental frequency. 
The ratio of the measured fundamental frequency of L-pile 
and B pile is equal to 1.17. The fundamental frequencies, ω, 
for the piles with the tip mass embedded in the sand deposit 
as shown in Fig. 3 are given by  

    ω = � k
m

                            (2) 

in which k = 3EI/L3=stiffness for a cantilever beam; m = 
mass of the attached tip mass. L-pile and B-pile have the 
same stiffness, but have different mass attached on the pile 
head. Thus the ratio of the theoretical fundamental frequency 
is equal to 1.15. This value (1.15) is consistent with that 
calculated from the Fourier amplitude spectra (Fig. 7(a) and 
(b)). The pre-shaking method used in the study can be used 
to determine both the shear wave velocity profile and the 
fundamental frequencies of the sand deposit and the pile.    

    

 

 

 

 

Fig.7 Fourier amplitude spectra: (a) L-pile; (b) B-pile 

3.2 Comparison of time histories of acceleration at 
different depths in sand deposits 

Fig. 8 and Fig. 9 are the time histories of acceleration of 
P-D-2 and P-W-1, those which were measured at the 
corresponding depths, respectively. Fig.10 is the measured 
time histories of excess pore water ratio of P-W-1 at 
different depths and shows the top 10 m depth of the sand 
deposit becoming liquefying during shaking. After 
comparing the acceleration time histories the soil responses 
of these two models are quite different although nearly the 
same amplitude of input base acceleration. A single 
parameter that includes the effects of the amplitude and 
frequency content of the acceleration time history is the root 
mean square acceleration (RMS acceleration), defined as:   

    𝑎𝑎𝑟𝑟𝑟𝑟𝑠𝑠 = � 1
𝑇𝑇𝑑𝑑
∫ [𝑎𝑎(𝑡𝑡)]2𝑑𝑑𝑡𝑡𝑇𝑇𝑑𝑑

0                  (3) 

where Td is the duration of the acceleration and dt is the time 
interval of the acceleration time history. The larger the RMS 
acceleration value the higher the energy input to the sand 
deposit. An acceleration amplification factor is defined as the 
ratio of the RMS acceleration value measured at different 
depths to the base input RMS acceleration value. Fig. 11 
presents the RMS acceleration amplification factors, those 
which were calculated from the acceleration array; provide a 
comparison of amplification factor profiles along the depths 
for P-D-2 and P-W-1 subjected to base shaking. There were 
considerable amplifying on the surface following shear wave 
propagate from base to the surface on P-D-2, but no 
amplification of ground response on the top 10 m of deposit 
on P-W-1 was observed because of occurrence of soil 
liquefying blocking up the shear wave propagation.    

3.2 Comparison of time histories of acceleration on Piles  

L-pile and B-pile were installed in the center line of 
model container and the distance between two piles were far  
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Fig. 8 Time histories of acceleration at different depths 
(P-D-2 E- 0.13 g) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig.9 Time histories of acceleration at different depths 
(P-W-1 E2- 0.12 g) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

away enough (40 times pile diameter) to prevent from any 
interaction between two piles during the base shaking. Fig. 
12(a) to 12(b) demonstrate the seismic responses of the tip 
mass on the pile heads of L-pile and B-pile, including the 
measured accelerations at the top and the bottom of the tip 
mass and the calculated angular acceleration of tip mass for 
P-D-2 (E3) and P-W-1 (E2). Although P-D-2 (E3) and 
P-W-1(E2) were subjected to nearly the same magnitude 
base shaking (≈ 0.12 g), the magnitude of horizontal 
acceleration and of calculated angular acceleration on the tip 
mass of P-D-2 were much larger than those measured on 
P-W-1. This finding is consistent with that derived from the 
profiles of RMS acceleration amplification factors along the 
depths for P-D-2 and P-W-1. There were considerable 
amplifying on the surface following shear wave propagate 
from base to the surface on P-D-2. Thus the piles embedded 
in the non-liquefiable sand deposit would suffer the larger 
shaking that is transmitted from the surrounding sand 
deposits. L-pile with large tip mass experienced the larger 
horizontal acceleration, angular acceleration, and the larger 
accumulated horizontal displacement in both tests as shown 
in Fig. 12 and Fig. 13. The piles that embedded in the 
liquefying soil would suffer larger horizontal displacement, 
especially the pile head attached with the heavy tip mass.  

 
 
 
 
 
 
 
 
 
 
 
 
Fig. 12 Seismic responses on the tip mass: (a) P-D-2 (E3- 

0.13 g); (b) P-W-1 (E2- 0.12 g)  

3.3  Time histories of bending moment on piles   

Fig. 14(a) and (b) show the time histories of bending 
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Fig.10 Time histories of excess pore water pressure 
ratio at different depths (P-W-1) 
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Fig. 11 Profiles of RMS acceleration amplification 

factors along the depths for P-D-2 and P-W-1 

 

- 555 -



 

 

moment for P-D-2 (E3) and P-W-1 (E2) from the pile tip to 
the pile head. The Piles embedded in dry sand deposit 
experienced nearly the same magnitude of bending moment 
for both L-pile and B-pile (Fig. 14(a)). In addition, only the 
top part of pile shaft (from the ground surface to the depth of 
10 m) experienced the larger bending moments. Fig. 15(a) 
and (b) demonstrates the profiles of bending moment along 
the depths at different instant times for P-D-2. The piles at 
the depth of around 10 m, where behave to be like a fixed 
end, were hold by the surrounding soil. In contrast to the 
piles embedded in the dry sand L-pile embedded in the 
liquefying sand during shaking gradually experienced the 
larger bending moment along the depth for L-pile, which 
was attached with a large tip mass (Fig. 14(b)). At the 
beginning of shaking (0.7840-1.136 sec) the profiles of 
bending moment is very similar to those obtained from 
P-D-2, while at the ending of shaking the profiles of bending 
moment reveals a large amount of residual bending moment 
on the pile, and these are quite different from those obtained 
from P-D-2. Here we conclude that residual bending 
moment results from the occurrence of lateral residual 
horizontal displacement induced by soil liquefying. No fixed 
end mechanism as that observed on the piles in the 
non-liquefying sand is observed as shown in Fig. 16, 
therefore, the larger horizontal pile displacements are 
expected. 
 
 
 
 
 
 
 
 

(a)                    (b) 
Fig. 13 Time histories of horizontal displacement of tip mass: 

(a)P-D-2 (E3); (b) P-W-1 (E2) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a)                     (b) 
Fig.14 Time histories of bending moment along the depths 

(a) P-D-2 (E3); (b) P-W-1 (E2) 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a)                     (b) 
Fig. 15 Profiles of bending moment along the piles at the 

different instant times for P-D-2 (E-3): (a) L-pile; (b) 
B-pile 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a)                     (b) 
Fig. 16 Profiles of bending moment along the piles at the 

different instant times at the beginning shaking for 
P-W-1(E2) : (a) L-pile; (b) B-pile 

 
4.  CONCLUSIONS 

Four centrifuge shaking table tests were conducted at a 
centrifuge acceleration of 80 g to examine the seismic 
response of pile during shaking. “Pre-shaking” proposed in 
the study was first conducted for subsurface exploration of 
tested sand bed. The profiles of shear wave velocity along 
the model depths were determined in terms of the vertical 
accelerometer array. Use of the time histories of acceleration 
measured at various depths of sand deposit and on the piles, 
the fundamental frequencies of the sand deposit and the piles 
can be calculated. The test results show that the top part of 
pile shaft (from the depth of 10 m to the ground surface) 
experienced the large bending moments for the pile 
embedded in dry sand, while the pile embedded in the 
liquefying sand all the pile length experienced the large 
bending moments. Moreover the pile which was attached 
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with a larger tip mass would gradually experience the 
residual bending moments along the depths and produce the 
larger lateral displacement on the pile during and after the 
earthquakes. The magnitude of horizontal acceleration and 
of angular acceleration on the tip mass of P-D-2 (dry deposit) 
were much larger than those measured at P-W-1 (liquefiable 
deposit). Although the liquefied sand deposit may greatly 
reduce the shaking on the surface the structure would still 
suffer inevitable large displacements owing to losing lateral 
restraint of soil. 
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Abstract:  The Showa Bridge failure during 1964 Niigata Earthquake in Japan was considered as one of the classic 
example of pile failure in liquefiable soils. Although many researchers hypothesized various theories of bridge failure, 
none of them are really describing all major field observations. Current hypothesizes of the bridge failure and related 
controversies are critically reviewed in this paper. Recently, Dash (2010) characterized lateral soil-pile interaction (i.e., 
p-y curve as commonly known) in liquefied soil based on the mechanics of pile-soil interaction and is in fact a direct 
derivation of its fundamental stress-strain behaviour. For this well known case history of Showa Bridge pile failure, the 
lateral pile-soil interaction for liquefied soil was modeled by these new p-y curves, and conventional API p-y curves were 
used for modeling non-liquefied soils. A pseudo dynamic analysis incorporating both inertia and axial load was carried 
out. The present analysis captured the major field observations of the failure by using this new p-y curve model for 
liquefied soils. The analysis also predicted the location of maximum bending moment in the Showa Bridge pile at 3.5m 
below GL, which matches well with the observation.   

 
 
1.  INTRODUCTION 

 

The failure of Showa Bridge (Figure 1) due to the 

failure of its piles during 1964 Niigata earthquake had been 

studied extensively and is regarded as one of the classic 

examples of failure of pile foundations in liquefiable soils. 

The main reasons for getting this special attention is due to 

the fact that (a) the bridge was almost new when collapsed 

and material strength is not expected to degrade than the 

original strength, (b) failure pattern of a bridge pile and the 

soil profile are available from post earthquake investigations 

and (c) this case history is well documented in many 

technical papers and reports; see for example Takata et al. 

(1965); Fukuoka (1966); Iwasaki (1984); Hamada (1992); 

Ishihara (1993); Kramer (1996); Bhattacharya et al. (2005); 

Yoshida et al. (2007). 

The cause of the bridge failure had long been argued 

by many researchers and especially in many different ways. 

For example: 

(i) Kramer (1996) described the cause of failure as 

lateral spreading of the liquefied soil. 

(ii) Whereas, Bhattacharya et al. (2005) showed that 

lateral spreading alone could not describe the 

failure and the most probable cause would be 

buckling failure of piles.  

(iii) Kerciku et al. (2007) also showed that the 

flexibility of the bridge is highest at the middle 

span and could have been the cause of failure due 

to high flexibility with higher axial load and very 

low lateral support from liquefied soil. Supported 

by potential energy theory, he argued that there is 

hardly any possibility of lateral spreading under the 

middle span of the bridge where the failure started 

to occur. 

(iv) In contrary, Dash et al (2010) have carried out 

numerical modeling of the bridge pile and 

demonstrated that the cause of failure could 

possibly be due to bending buckling interaction.  

 

 

 

Figure 1 Showa Bridge Collapse during 1964 Niigata 

Earthquake (JGS, 1964) 
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The above hypotheses of the bridge failure mainly falls 

into three categories, such as: (a) Bending (due to lateral 

spreading), (b) Buckling (due to axial load), and (c) 

Bending-buckling interaction (due to axial and lateral load). 

It shows that the cause of bridge failure lacks a common 

consensus.  

This paper details major post earthquake observations 

and discusses the controversies in various hypotheses of 

failure suggested by many researchers. A numerical study 

with dynamic consideration had been carried to study the 

sequence and major post earthquake observations.  

 

2.  POST EARTHQUAKE OBSERVATIONS 

 

2.1  Field observations 

During the 1964 Niigata earthquake, the Showa Bridge 

site was subjected to extensive liquefaction and lateral 

spreading. There was no ground motion recorded close to 

the bridge site during the earthquake. The nearest available 

measurement was taken at Kawagishicho apartment, 2km 

away from the bridge, which is not very far from a practical 

point of view unless a significant change in soil profile was 

expected. Figure 2 shows the time history of the Niigata 

earthquake in North-South direction recorded at the 

basement of the apartment (Kudo, et. al, 2000). Due to the 

absence of a ground motion recording close to the bridge, 

the measured ground motion 2km away from bridge was 

used as representative ground motion at the bridge site.  

Five of the twelve spans fell off the pile heads in the 

earthquake. Recently, Yoshida et al. (2007) collated many 

eyewitness statements and established the chronology of the 

bridge failure. They mentioned that the bridge started to fail 

about 60s after the first shock of the earthquake. The 

progressive collapse of the bridge took about 20s, and started 

with the falling of bridge deck G6. Based on eyewitness 

reports, Kazama et al. (2008) reported that the collapse of 

bridge girders proceeded as G6 then G7 then G5 then G4 

and then G3.  

From available soil data, Hamada and O'Rourke 

(1992) estimated that the soil would have liquefied to a 

maximum depth of 10 m below the riverbed. Also, there 

were wide spread evidences of liquefaction and lateral 

spreading on the banks of the river near the bridge, which 

confirms the estimation. The chronology of bridge failure 

with respect to the measured acceleration time history is also 

presented in Figure 2.  

 

2.2  Controversies in present theories of bridge failure 

with respect to the observations of failure. 

The major observations of the bridge failure that any 

theory has to explain include:  

• Pile failed structurally with visible cracks and local 

buckling at a depth of 3.5m from ground level. 

• The bridge failed at about 60sec after the main 

earthquake shock. 

• The failure started at the middle of the bridge. 

 

 

Figure 2 Chronology of Showa Bridge Collapse during 

1964 Niigata Earthquake with respect to nearby recorded 

acceleration time history 

 

2.3  What’s missing? 

 The past studies considered that as the bridge failed 

after the strong shaking, the cause must be associated with 

some kind of non-dynamic forces, for example: lateral 

spreading. However, the arguments made by Bhattacharya et 

al. (2005) and Kerciku et al. (2007) discard the possibility of 

lateral spreading as the cause of bridge failure. None of the 

three hypotheses described in section-1 (i.e., bending, 

buckling and bending-buckling interaction was able to 

describe the post field observations. Dash (2010) detailed 

different hypotheses and their prediction about the 

observations of bridge failure.  

 Looking at the acceleration time history of the 

earthquake near the bridge it is evident that there was a 

secondary peak in ground motion when the bridge started to 

fall (at about 70s in Figure 2). So, lateral inertia force could 

be considered as a possible source of lateral loading. Axial 

load was always acting in the pile. Hence, in this paper an 

analysis was performed including both axial and inertia load. 

Also, the fundamental frequency change before and at full 

liquefaction was estimated.  
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3.  PSEUDO DYNAMIC ANALYSIS CONSIDERING 

INERTIA AND AXIAL LOAD ON PILE 

 

3.1  Structural modeling parameters 

The bridge was 304m long, 24m wide with 12 spans 

(Fukuoka, 1966). The foundation of each supporting pier 

was a single row of 9 tubular steel piles connected laterally 

by a pile cap. Each pile was 25m long with outer diameter of 

0.609m. The wall thickness of the upper 12m of the pile was 

16mm and the bottom 13m thickness was 9mm. The axial 

load (P) carried by each pile from a dead load analysis was 

estimated by Bhattacharya (2003) as 740kN, and the same 

value was used in the present study. The design live loads 

were ignored as there was no significant traffic on the bridge 

during its failure. The material of the piles, as per the 

Japanese standard JIS-A:5525 (JSA, 2004), was assumed to 

be SKK490 grade steel pipe with the yield strength (σy) and 

ultimate strength (σu) of 315MPa and 490MPa respectively. 

 The 25m long Showa Bridge pile was passing through 

a four-layer system of air, water, liquefied soil and 

non-liquefied soil. It was restrained over the bottom 6m of 

non-liquefied soil and carried an inertia force and an axial 

load at its head. The bridge pile was modeled as a Beam on 

Nonlinear Winkler Foundation (BNWF) using the finite 

element program SAP 2000 (CSI, 2008), where the pile was 

modeled as beam-column elements and the soil-pile 

interaction was modeled as lateral soil springs (p-y springs) 

lumped at 0.5m intervals. The pile was assumed to be free at 

top and has a roller support at the bottom, similar to the 

Dash et al. (2010) model. 

 

3.2  Soil modeling parameters 

 

The length of the pile embedded in the soil was 16m, of 

which the top 10m had liquefied during the earthquake. For 

non-liquefied soil layer, nonlinear p-y spring properties are 

estimated as per API guidelines (API, 2000). The calculation 

of p-y curves as per API guidelines required the in-situ 

relative density Dr values, which were estimated from the 

available SPT N values using Meyerhof’s (1957) formula. 

During liquefaction, the effective stress in the liquefied soil 

layer becomes nearly zero, and hence, for estimating the p-y 

springs for the bottom 6m of non-liquefied soil, the effective 

stress was considered zero at its surface, that increased with 

depth. The effective unit weight of the soil was taken to be 

10kN/m
3
. 

 For the 10m liquefied soil layer, the p-y curve as 

proposed by Dash (2010) was used. The initial portion of 

this p-y spring is hyperbolic. The p-y curves at four 

representative depths for liquefied is shown in Figure 3. 

 

3.3  Analysis 

The ground motion record available near the Showa 

Bridge site during 1964 Niigata earthquake is given in 

Figure 2. For a liquefiable site, it is expected that the ground 

motion will be higher at the base of the liquefied soil layer 

than the recorded motion at ground level, because most of 

the shear waves of ground motion cannot travel through 

liquefied soil. Hence, predicting the actual magnitude of 

ground motion at the bottom of the pile from the measured 

ground motion at the surface is particularly difficult as the 

basic information in the data is missing.  

 Figure 3 p-y curve for liquefied soil at four depths. 

 

In a very simplified seismic design consideration for a 

SDOF system, about 10% of the weight is taken as inertia 

force. As the amount of inertia for the present case during 

bridge failure is unknown, the analysis was carried out for a 

range of inertia forces at the pile head, varying from 0 to 

0.1P (i.e., Fi = 0 to 74kN). The pile was first subjected to the 

full static axial load (P = 740kN), and then the lateral inertia 

load was applied gradually keeping the axial load constant. 

The analysis included P-delta and large displacement effects. 

A nonlinear pseudo-static analysis was carried out in SAP 

(CSI, 2008), which was essentially a modified time-history 

analysis to incorporate the bending-buckling interaction. The 

damping and mass of the system was forced to be near zero 

value and a very slow loading function was applied for axial 

and lateral load. Figure 4 shows the BNWF model used for 

the analysis. 

 

Figure 4 BNWF model for Showa Bridge analysis. 

 

3.4  Results 

The analysis showed that at 0.041P of inertia load and 

740kN of axial load (P), the first yielding of the pile was 

occurring at a location 3.5m below the ground level (see 

Figure 5a. The soil reaction profile along the pile length and 

lateral pile deflection for this level of loading is presented in 
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Figure 5b and Figure 5c. Looking at these results with 

reference to the pattern of the p-y curves in liquefied soil 

indicates that the top 5m of soil in the liquefied zone has 

mobilized beyond the initial low stiffness part, but the soil 

layer below this depth did not and the resistance was quite 

low. In the bottom non-liquefied soil layer, higher lateral 

resistance was observed even for very small deflection as it 

uses soil springs with API p-y curves for non-liquefied soils. 

This resistance distribution along the pile also impelled the 

bending moment in the pile to be maximum in the top 5m of 

the liquefied soil layer. 

 

Figure 5 (a) Deflected pile showing the location of first 

yielding, (b) Lateral pile deflection, and (c) soil resistance 

along the length of the pile for 0.041P of lateral inertia force 

with an axial load (P) of 740kN. 

 

4. ESTIMATION OF FUNDAMENTAL FREQUENCY 

OF THE STRUCTURE 

 

 Usually, fundamental frequency of vibration of a 

pile-supported structure is estimated based on formulas 

which are derived from internationally calibrated data 

(Chopra and Goel, 2000), which do not account for the 

supporting soil, and the structural length of the pile is taken 

as the length of pile above the ground and a depth of fixity 

(usually 3D to 5D). This could be a fair assumption for piles 

in competent soil. However, during liquefaction the piles in 

liquefiable soils lose its lateral confinement and become an 

integral part of the structure. The frequency of the structure 

may alter substantially and in most cases will reduce. 

Reduction in fundamental frequency of the structure will 

increase its flexibility and the structure may suffer more 

lateral deformation. The bending moment in the piles may 

increase significantly if the altered natural frequency of the 

structure comes close to the driving frequency of the 

earthquake.  

 Considering the piles as the integral part of the bridge, 

fundamental frequencies of the bridge for various soil 

conditions were estimated. The mass of the superstructure 

was applied as a lumped mass to the pile head. For each pile 

a mass of 74Ton was applied at its head. The analyses 

showed that the first fundamental frequency of the bridge, fn, 

was 0.367Hz before liquefaction (i.e., time period, Tn = 

2.72s), which decreased to 0.176Hz after full liquefaction 

(i.e., Tn= 5.68s). It is worth noting that the estimated 

fundamental frequency of the Showa Bridge at full 

liquefaction (0.176Hz) is quite close to the driving frequency 

of the earthquake (~ 0.16Hz) at the time of the bridge 

collapse, which could have increased the bending moment in 

the piles due to resonance leading towards failure. 

 

5. DISCUSSION 

 

 Generally a bridge has maximum lateral flexibility at its 

centre and it reduces towards the end (Kerciku et al., 2007). 

Added to this, the liquefaction caused the pile to be nearly 

unsupported for about double the length of its original 

unsupported length, which effectively increased the 

flexibility of the bridge pile further. Unfortunately, the 

central pile had two sliding bearings that supported girders 

G6 and G7. The pseudo-static analysis showed large pile 

head deflection for an inertia load of 0.041P (30.34kN) 

along with 740kN of axial load. If the soil profile near to the 

pile P6 is considered to be same as near to pile P4, the girder 

might have fallen from the seating due to this loading, where 

both of the deck slabs were supported by rollers. The seating 

arrangements at pile head P4 and P6 can be seen in Figure 6. 

Also, the increased flexibility of the pile at full liquefaction 

could have induced higher deflection to the pile head when 

the large ground displacement occurred at about 60sec after 

the main shock (see Figure 2). It can be hypothesized that 

during the main shock, the soil did not liquefy fully, but by 

the time a second jolt came at about 60sec from the main jolt 

the soil was fully liquefied. 

Figure 6 Seating arrangement at pile head of the Showa 

Bridge pile P4 and P6. 

 

Based on the above discussion, it is reasonable to 

assume that the increased lateral flexibility and the combined 

action of axial and inertia load have caused girder G6 to fall 

from the pile head. Once the girder is out of the pile head it 

will start to fall down due to its own weight, which will 

apply additional lateral force on the pile. This lateral force 

can be considered very similar to the inertia force as 
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considered in the present analysis. Hence, the present 

analysis is capable of predicting structural failure and 

location of hinge formation once the failure of the Showa 

Bridge was initiated due to the fall of girder from the top. 

 

6.  CONCLUSIONS 

 

The theories of the Showa Bridge pile failure during 

1964 Niigata earthquake were critically reviewed. A pseudo 

dynamic analysis was carried out incorporating both inertia 

and axial load effect of the Showa Bridge pile. A new p-y 

curve as proposed by Dash (2010) was used to model 

liquefied soils.  

The analysis showed that the inertia force can be a 

feasible source of lateral loading for the Showa Bridge pile, 

which in combination with axial load and degraded soil 

stiffness at full liquefaction could predict the structural 

failure of the pile. The analysis also predicted the location of 

maximum bending moment in the Showa Bridge pile at 

3.5m below GL, which matches well with the observation.  

The discussion at the end showed that the increase in 

time period after liquefaction of the site lead to increase in 

flexibility of the bridge, which could have triggered the 

falling of bridge deck G6 and G7 from the pile (P6) head at 

60s from the main shock.   
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Abstract:  Seismic response of pile foundation in sloping ground was examined through a series of centrifuge model 
tests.  By changing mass of superstructure and slope length, impact of sliding soil mass on seismic response of pile 
foundation was examined.  Test results reveal that the kimenatic load induced by soil mass movement has more impact 
on increase of the pile bending moment than the inertia force of the superstructure when clear slip surface appears in the 
sloping ground. 

 
 
1.  INTRODUCTION 
 
Construction of bypasses for interurban roads and railways 
is typically made in mountain area in Japan, e.g., the new 
Tomei Expressway and Chuo Shinkansen (new maglev line) 
connecting Tokyo and Nagoya.  Construction of such 
bypasses in mountain area involves not only the tunnelling 
but also construction of many bridges.  For the latter, 
construction of foundations in sloping ground is required. 

Current design specifications of bridge foundation in 
sloping ground require stabilization of the sloping ground 
prior to the bridge construction in Japan (e.g., NERI, 2010).  
Because of this, movement of the sloping ground is seldom 
considered in seismic design of the bridge foundation.  
However, (1) allowable slope displacement deemed to be 
unharmful to bridge foundations during an earthquake is 
unclear, (2) displacement-based seismic design is seldom 
applied for slopes, and (3) seismic foundation-slope 
interaction is little understood, although many researches 
have been done for problems related to liquefaction (Martin 
& Chen, 2005; Takahashi & Takemura, 2005 among others.) 

In this study, effects of slope deformation on seismic 
response of pile foundation in sloping ground were 
examined through a series of centrifuge model tests.  By 
changing mass of the superstructure and slope length, 
impact of sliding soil mass on seismic response of pile 
foundation was examined. 
 
 
2.  SHAKE TABLE TESTS 
 
A series of centrifuge tests were conducted using Mark 3 
centrifuge of Tokyo Institute of Technology.  A strong box 
with internal dimensions of 600 mm in length, 250 mm in 
width, and 400 mm in depth was used. 

Figure 1 shows the schematic diagram of the model 
setup. The model ground consists of two layers.  One is 
sliding layer that is expected to slip down the slope when 
subjected to earthquake motion.  The other one is original 
ground that hardly deforms due to earthquake.  The former 
corresponds to colluvium or manmade fill, while the latter is 
the natural ground made of soft rock. 

 

 

Figure 1  Model setup (Case 1) 
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The sliding layer was made of Edosaki sand with 15% 
initial water content having a slope of 1V:1.5H.  The 
degree of compactions was about 85% for all the cases.  
The original ground was made of block of polyvinyl 
chloride.  The Young's modulus of the polyvinyl chloride 
plate is 116 MPa.  Grooves were installed on the surface of 
the original ground to drain out free water during the 
spinning of the centrifuge. 

The target structure is a bridge pier supported by steel 
pipe piles arranged in 2 × 2 grids with 3D spacing, where D 
= diameter of the pile.  The model pile is made of 
aluminum tube.  Outer diameter of the tube is 10mm and 
the thickness of the tube is 1mm.  Their tips were 
embedded in the original ground and the heads were fixed to 
the pile cap.  The bending rigidity of the pile is 2.04 × 107 
N/mm2 which is equivalent to that of steel pipe piles.  The 
weight of the pile cap with superstructure is 1.480 kg and 
natural frequency of the structure is 35 Hz (0.7 Hz in 
prototype scale). 

Sensors used are accelerometers, displacement 
transducers, potentiometer and strain gauges as shown in 
Fig.1.  Acceleration, lateral displacement of ground and 
superstructure and vertical displacement of ground, bending 
moment and axial force of the piles were measured by the 
above sensors. 

To investigate the effects of mass of the superstructure 
and slope length on change in earth pressure acting on pile 
foundation, a series of shake table tests were conducted 
under the centrifugal acceleration of 50 g.  Earth pressure 
acting on piles is calculated from measured bending moment 
distribution.  Earthquake motion recorded in the 2011 Great 
East Japan Earthquake was applied to the model with 
adjusting the max acceleration to 25 g.  The following three 
test cases were conducted (Fig. 2). 

Case 1 is taken as a reference and is compared to other 
cases.  Slope length of this case is 522 mm.  Case 2 is 
almost identical to Case 1, except mass of the superstructure.  
In this case no superstructure is attached to the model 
foundation.  By comparing this case with Case 1, 
contribution of the inertia force of the superstructure on the 
maximum sectional forces of the piles can be examined.  
Case 3 is also almost identical to Case 1, except the slope 
length.  In this case, the slope length is shorter than Case 1.  
By comparing this case with Case 1, the effect of sliding soil 

mass on earth pressure acting on the pile foundation in the 
sliding layer can be examined. 
 
3.  TEST RESULTS AND DISCUSSIONS 
 

Figure 3 shows time histories of acceleration of input 
motion, middle of slope and top of the superstructure, and 
horizontal displacement of the slope for Case 3 as an 
example.  For all the cases, the maximum acceleration of 
the input motion was around 25 g and that of slope was 
ranging from 15 to 25 g.  Sharp increase of the horizontal 
displacement of the slope was observed when the principal 
shocks appeared in the input motion. 

Earth pressures acting on the pile foundation in the 
sliding layer are calculated using the measured strain along 
the pile.  Bending moment distribution can be calculated 
based on the measured strain.  By differentiating the 

Figure 3  Time histories of accelerations and displacement 
(Case 3) 

 

Figure 2  Side view of model ground for all cases 
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bending moment distribution, the shear force distribution 
can be obtained (Fig. 4).  By calculating the difference of 
the shear force at the top and bottom of sliding layer, the 
resultant force of the earth pressure in the sliding layer can 
be calculated. 

Time histories of the resultant force of the earth 
pressure in the sliding layer are shown in Fig. 5 for all the 
cases.  Fluctuation in the plots corresponds to the dynamic 
component of the earth pressure, while shift of the 
fluctuation center corresponds to the earth pressure induced 
by the permanent displacement of the sloping ground.  
Since magnitude of the latter is relatively larger than that of 
the former, it can be said that the force induced by the 
permanent displacement of the sloping ground is not 
negligible and may have great impact on stability of the pile 
foundation in the sloping ground when clear slip surface 
appears in the sloping ground. 
 
3.1  Contribution of Inertia Force 
Earthquake-induced damage of piles often appears at the pile 

head and stratum boundaries.  At these two locations, effect 
of slope deformation on bending moment and shear force 
responses is investigated. 

To separate the vibration-induced bending moment 
from the observed bending moment, the high-pass filter (> 
10Hz, corresponding to 0.2Hz in prototype scale) is applied 
to the bending moment time histories.  The record that 
passes through the high-pass filter is regard as the sum of the 
bending moment induced by the superstructure and seismic 
foundation-slope interaction.  On the other hand, 
low-frequency component of the bending moment is regard 
as the sum of initial value and that induced by slope 
deformation.  These filtered records are shown in Fig. 6. 

Magnitude of the high-frequency components for Case 
1 is much larger than that for Case 2.  This confirms that 
the inertia force of the superstructure make the fluctuation of 
the bending moment larger, as expected.  However, the 
absolute value of variation in the low-frequency component 
is much larger than the maximum amplitude of the 
high-frequency component.  In other words, marked 
contribution of the slope deformation on the bending 
moment is confirmed. 

Figure 4  Calculation of resultant force of earth pressure 
using bending moment distribution 
 

 
Figure 5  Time histories of resultant force of earth pressure 
in sliding layer 

(a) Case 1 

(b) Case 2 
Figure 6  Time histories of bending moment at pile head 
and around boundary of two layers 
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Similar filtered results were also obtained for the shear 
force (although the plots are not shown here due to 
limitations of space).  These indicate the importance of the 
consideration of slope deformation in the pile response 
analysis. 
 
3.2  Slope Sliding-induced Earth Pressure 
To compare Cases 1 and 3, sliding-induced force acting on 
the pile foundation is estimated.  It is assumed that the slip 
planes appear on the slope surface passes through the edge 
of the pile and is at an angle of φ (angle of shearing 
resistance of soil) with the vertical plane parallel to the 
sliding direction (Watari & Nakamura, 1968).  The 
estimated soil mass retained by the pile is modeled as shown 
in Fig. 7.  

Forces acting on the sliding soil mass are as follows; (a) 
reaction from the piles; F, (b) weight of the sliding soil 
mass; W, (c) normal reaction from the original ground, (d) 
frictional force against sliding at the slip plane, and (e) 
frictional force at the interface between the soil and 
container wall.  By assuming that (d) and (e) are negligible, 
reaction force from the piles can be calculated by the force 
balance of (a) to (c).  By considering the friction coefficient 
between Edosaki sand and polyvinyl chloride (0.425), the 
reaction force from the piles can be calculated as a linear 

function of W.  To normalize the resultant force of the earth 
pressure, sum of the earth pressure acting on the upslope and 
that downslope piles is divided by F. 

Figure 8 shows the relationship between the normalized 
resultant force of the earth pressure and low-frequency 
component of the normalized slope displacement for all the 
cases.  The displacement is normalized by the pile diameter 
(= 10 mm).  From this figure, it can be seen that the earth 
pressure increases with the slope displacement at the 
beginning of the slope deformation, and converge with the 
normalized earth pressure of 50-60%.  Slope of the curve 
for Cases 1 and 2 are almost same as they have the same 
slope length.  In all the cases, the earth pressure reaches the 
maximum value when the normalized displacement of the 
slope is 50%-70%.  Thus, it can be said that, for the 
assessment of the seismic performance of the pile foundation 
in the sloping ground, effects of sliding mass should be 
taken into account when the expected permanent 
displacement of the slope is greater than half the diameter of 
the piles. 
 
 
4.  SUMMARY 
 
Seismic response of pile foundation in sloping ground was 
examined through a series of centrifuge model tests.  By 
changing mass of the superstructure and slope length, impact 
of sliding soil mass on seismic response of pile foundation 
was examined.  Test results reveal the followings: 
1. Contribution of permanent slope deformation on change 

in sectional force of piles cannot be ignored when clear 
slip surface appears in the sloping ground. 

2. Maximum earth pressure acting on piles in the sliding 
layer is proportional to the weight of the upslope soil 
mass retained by the piles. The earth pressure reaches the 
maximum value when the slope displacement is around 
50%-60% of the pile diameter. 
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Figure 7  Estimated soil mass retained by piles 
 

Figure 8  Relationship between normalized resultant force 
of earth pressure and normalized slope displacement 
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Abstract:  Following the 311 Japan earthquake, offshore wind turbines is becoming a natural choice for energy 
generation mainly for two reasons: (a) good performance of most Japanese wind turbines; (b) Low carbon and 
non-nuclear giving members of the public more confidence. However Offshore wind turbines due to their geometry (long 
slender column with top heavy mass) are dynamically sensitive structure as the natural frequency of these structures are 
very low (typical values range between 0.3Hz to 0.7Hz) and are in a close proximity of the various forcing frequencies 
imposed upon them (wind, wave, rotor and blade-passing frequency). This paper will present experimental results 
obtained from tests carried out on a small scale model and will show that the dynamic properties (i.e. natural frequency 
and damping of the overall wind turbine system) may change due to the cyclic loading, which may compromise the 
long-term performance of the turbine. Apart from the long term performance tests, the paper will outline the seismic 
shaking table tests carried out at BLADE [Bristol Laboratory for Advanced Dynamics Engineering] where the dynamic 
soil-structure interaction behaviour of these structures during earthquakes have been studied.. 

 
 
1.  INTRODUCTION 

 

Offshore wind turbines are tall top heavy slender 

structures that are placed in adverse conditions. Various 

dynamic loads are transmitted from the tower to the 

foundation, therefore the foundation design is challenging. It 

also should be noted that the dynamic response of these 

structures is highly dependent on the soil-foundation 

stiffness, which may vary during the lifetime of the turbine. 

The next section explains the cyclic/dynamic load acting on 

offshore wind turbines.  

Figure 1 schematically shows the typical wind and 

wave pressure distribution along the length of the tower and 

the foundation.  The tower, above the water, experiences 

two types of loads:  

(a) the bottom part of the tower, unobstructed by the 

spinning turbine blade experiences a nearly constant value of 

the wind loading;  

(b) the top part of the tower, which is periodically 

obstructed by the spinning of the blades is subjected to a 

cyclic loading often called the blade passing effect (2P/3P) 

or blade shadowing effect or wind shielding effect in the 

literature.  

The total environmental lateral load acting on the 

offshore wind turbine in Figure 1 can be modelled 

simplistically as an instantaneous static horizontal load, P 

acting at a distance y above the foundation level.  Thus P 

represents the resultant lateral load on the tower that must be 

resisted by the monopile foundation.  Figure 1 also shows 

an equivalent force model for the foundation where the 

lateral load (P) on the tower is replaced by a force (P) and a 

moment (M) at the pile head. 

 

Figure 1: Loads acting on an wind turbine 

 Dynamic loads acting on an offshore wind turbine  

The main forcing frequencies acting on an offshore 

wind turbine may be summarised as follow: (a) 

Environmental loading: the predominant wave and wind 

forcing frequency may be assumed as 0.1 Hz; (b) Rotor 

frequency: is generally indicated by 1P. It is due to the 

rotation of the blades; (c) Wind shielding effects of the blade 

on the tower: when the blade passes the tower the 

shadowing effect of the wind load causes a cyclic load on 

the tower. This load is commonly indicated by 3P (or 2P for 

a two bladed rotor). The blade passing frequency can be 
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evaluated as the product of the rotor frequency with the 

number of blades. 

However during earthquakes additional loads may act 

on the turbine. In order to carry out some studies on offshore 

wind turbines, it is necessary to provide typical details of 

offshore wind turbines. Figure 2 shows the main frequencies 

for a three-bladed 3MW Vestas V90 Wind turbine with an 

operational interval of 8.6 to 18.4rpm: the rotor frequency 

(often termed as 1P) lies in the range 0.14-0.3Hz and the 

corresponding „blade passing frequency‟ for a three-bladed 

turbine lies in the range 0.42-0.9Hz.  The figure also shows 

a typical frequency distribution for wind and wave loading.  

The peak frequency of offshore waves is about 0.1Hz.  It is 

clear from the frequency content of the applied loads that the 

designer of the turbine and foundation has to select a system 

frequency (the global frequency of the overall wind 

turbine-foundation system) which lies outside these in order 

to avoid system resonances.  The usual choice would lie 

between turbine and blade passing frequencies (so-called 

„soft-stiff‟, option 2 in Figure 2). 

 

Figure 2: Main forcing frequencies acting on a Vestas V90 3 

MW offshore wind turbine. 

 

Table 1 shows the details of a typical wind turbine (Kentish 

Flat wind farm) supported on monopiles. The details of soil 

properties are average values provides for small scale model 

design purposes. The table also shows typical lateral loading.  

 

Table 1: Details of a typical wind turbine from Bhattacharya 

et al (2011) 

 Parameter Prototype turbine 

Lateral Load (P) 
1.16MN 

(Typical value) 

Soil Stiffness (G) 60 MPa
 

Diameter of the pile (D) 4300mm 

Soil Permeability (kh) 10
-9
 m/s 

Natural Frequency (fn) of the system 0.38 Hz 

Forcing frequency (ff) * 
0.14-0.3 (1P) 

0.42-0.9 (3P) 

Distance of the lever arm of total 

lateral load (P) i.e. y 
40000mm 

Thickness of the pile wall (tw) 45mm 

Young‟s Modulus of the pile 

material (E) 

Steel 

210 GPa 

The natural frequency of such systems are generally low and 

in this particular case is about 0.38Hz. This is just below the 

predominant loading frequencies for any seismic activity.  

 

Wind turbines are relatively new structures and there is no 

track record of long term performances. In order to 

understand effects of seismic activities on offshore wind 

turbines, 1:100 scale tests were carried out. Before the setup 

and the test results are described, it is necessary to provide 

some details of the scaling laws associated with small scale 

testing of offshore wind turbines. Figure 3 shows a 

simplified dynamic model of the wind turbine system where 

the soil support is replaced by a set of three uncoupled 

springs.    

 

2. DERIVATION OF SCALING LAWS FOR SMALL 

SCALE TESTING 
Derivation of the correct scaling laws constitutes the first 

step in an experimental study.  These are necessary to 

interpret the model test results in order to scale up the results 

for prediction of prototype consequences.  Every physical 

process can be expressed in terms of non-dimensional 

groups and the fundamental aspects of physics must be 

preserved in the design of model tests.  The necessary steps 

associated with designing such a model, to be implemented 

either in one-g or a multi-g testing environment, can be 

stated as follows: 

1. To deduce the relevant non-dimensional groups 

by thinking of the mechanisms that govern the particular 

behaviour of interest both at model and prototype scale. 

2. To ensure that a set of crucial scaling laws are 

simultaneously conserved between model and prototype 

through pertinent similitude relationships. 

3. To identify scaling laws which are approximately 

satisfied, and those which are violated and which therefore 

require especial consideration.  

 

Examples of derivation of scaling laws for general dynamic 

problems can be found in the literature, see for example 

Bhattacharya et al (2011) 

 

Identifying non-dimensional groups 

Offshore wind turbines are dynamically sensitive structures 

because of the multiple frequencies which contribute to the 

complexity of the interaction of the foundation with the 

supporting soil.  The study of the dynamics as well as the 

assessment of the long term performance of offshore wind 

turbines involves the following issues:  

1. Vibration of the pile due to the environmental loads will 

induce cyclic strains in the soil in the vicinity of the pile.  In 

order to study the changes in soil stiffness due to these cyclic 

strains, the developing soil strain around the field must be 

monitored.  These soils are saturated and therefore pore 

pressures are likely to develop as a result of these cyclic 

strains.  The pore pressure developed may dissipate to the 

surrounding soil depending on the frequency of the loading. 
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2. Changes in the soil stiffness due to the cyclic loading may 

lead to changes in foundation stiffness (KL, KR in Figure 3) 

which in turn will alter the natural frequency of the system.  

Therefore the relationship between the foundation 

characteristics and the overall system dynamics, in other 

words, the soil structure interaction, is important for overall 

system performance.  

 

3. Repeated cyclic stresses will be generated in the pile due 

to cyclic loading.  Therefore foundation fatigue is also a 

design issue. 

 

 

Figure 3:Simplified model for dynamic analysis  

Based on the above discussion, the following physical 

mechanisms are considered important in order to develop 

the non-dimensional groups.  

(1) The strain field in the soil around a laterally loaded pile 

which will control the degradation of soil stiffness 

(2) The cyclic stress ratio in the soil in the shear zone 

(3) The rate of soil loading which will influence the  

dissipation of pore water pressure   

(4) The system dynamics, the relative spacing of the system 

frequency and the loading frequency  

(5) Bending strain in the monopile foundation for 

considering the non-linearity in the material of the pile 

(6) Fatigue in the monopile foundation 

 

Strain field in the soil around the laterally loaded pile 

Repeated shear strain may reduce the stiffness of saturated 

soils.  Assuming that the changes in soil stiffness drive the 

long term performance, the average strain next to a pile is a 

governing criterion and must be preserved in order to ensure 

similar stiffness degradation in both model and prototype.  

The relevant non-dimensional group can be derived by 

considering that the average shear strain field around a 

laterally moving pile can be expressed as a function of pile 

head deflection ( ) and pile outer diameter (D).  

D
s


 

     (1) 

Klar (2008) suggested a value of 2.6 for the coefficient of 

proportionality between the average strain in the soil and the 

ratio of head deflection and pile diameter.  However, there 

is a lack of consensus in the literature on this proportionality 

coefficient.  The pile head deflection is a function of the 

external load, P, the shear modulus of the soil, G, and the pile 

diameter, D.  Therefore, the average strain field in the soil 

around a pile can be expressed as a function of only three 

parameters: 

    
 GDPfs ,,

  (2) 

Applying Buckingham‟s Pi theorem: 

 










2GD

P
fs

    (3) 

 

Figure 4: Schematic representation of the parameter that 

characterised the strain field around the pile. 

 

Equation 3 describes the non-dimensional group that takes 

into account the strain field in the soil generated by a lateral 

loaded pile.  Equation 3 shows that the strain in the soil is 

directly proportional to the horizontal load applied at the pile 

head, inversely proportional to the soil stiffness and 

inversely proportional to the square of the pile diameter.  

 

Cyclic stress ratio (CSR) in the soil in the shear zone 

In geotechnical earthquake engineering, it is well established 

that degradation of a soil due to liquefaction-type failure is a 

function of cyclic stress ratio (CSR) which is defined as the 

ratio of the shear stress to the effective vertical stress at a 

particular depth, defined by equation 4, (see, for example, 

Seed and Idriss, 1965).  The cyclic stress ratio (CSR) can 

be expressed by equation 5: 

  v

cyc
CSR

'




   (4) 

   
2D

P
cyc 

    (5) 
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where 

cyc
 = cyclic shear stress imposed by the pile on the soil at 

a particular depth and v
' =effective vertical stress on the 

soil at the same depth. The vertical effective stress can be 

related to the shear modulus (G) of the soil: 

   
2

'

][

][

L

F
Gv     (6) 

It is usually found that G is proportional to  where the value 

of n depends on the type of soil.  The value of n varies 

between 0.435 to 0.765 for sandy soil (Wroth et al., 1979) 

but a value of 0.5 is commonly used.  For clayey soil, the 

value of n is generally taken as 1. Combining equations 4 to 

6, one can see that the non-dimensional group expressed by 

equation 3 can also guarantee similarity of cyclic stress ratio.  

This leads us to a non-dimensional group (Equation 7) that 

must be satisfied.  
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It is interesting to note that using two different approaches 

based on average strain in the soil and on the Cyclic Stress 

Ratio (CSR) dimensional analysis leads to a unique 

non-dimensional group given by Equation 7. 

  

Rate of Soil Loading: 

Pore pressure generation and subsequent dissipation is a 

function of the frequency of loading exerted on soil.  The 

time, t, in which the pore pressure dissipates will be directly 

proportional to the soil permeability (kh) and inversely 

proportional to characteristic length, for example monopile 

diameter (D):  

  
D

k
t h    (8) 

Considering forcing frequency (ff), the pore pressure 

dissipation is therefore correctly modelled when  
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System dynamics 

In order to correctly simulate the system dynamics resulting 

from the interaction between the external loads (i.e. forcing 

frequency) and the wind turbine (i.e. natural frequency), the 

ratio between the forcing frequency and the natural 

frequency of the turbine should be of the same order in the 

physical model and prototype.  The main forcing 

frequencies are (see also figure 3): 

(a) Environmental loading: the predominant wave and wind 

forcing frequency is typically around 0.1 Hz. 

(b) Rotor frequency: it represents the frequency of the blade 

rotation, and is generally indicated by 1P. As shown in 

Figure 3, typical values are in the range of 0.14 to 0.3Hz. 

(c) Wind shielding effects of the blade on the tower: when 

the blade passes the tower the shadowing effect of the wind 

load causes a cyclic load on the tower.  This frequency is 

indicated by 3P (or 2P for a two bladed rotor).  Evidently 

the blade passing frequency is the product of the rotor 

frequency and the number of blades. 

 

It is considered useful to review the relevant codes of 

practice.  DNV Guidelines (2002) suggest that the natural 

frequency of the wind turbine should not come close to the 

forcing frequency arising from the imposed environmental 

loads. The guidelines also specify that the global frequency 

of the system should be at least ±10% away from the 1P and 

2P/3P frequencies indicated by dotted lines in Figure 3.  

Depending on the value of the natural frequency of the wind 

turbine in relation to the loading frequencies, three different 

design regimes are possible: soft-soft, soft-stiff and stiff-stiff 

(as indicated in Figure 3).  From figure 3 it may be noted 

that for any of these three design approaches, the ratio 

between the forcing and the natural frequency is in fact close 

to 1.  This aspect must be preserved also in the physical 

model.  Therefore the non-dimensional groups for the 

correct modelling of the dynamics of the system can be 

expressed as a ratio between the forcing and natural 

frequency: 

prototypen

f

eln

f

f

f

f

f























mod

   (10) 

Derivation of other non-dimensional groups can be found in 

Bhattacharya et al (2011). The next section of the paper 

describes typical results of high quality small scale 

experiments to explore the usefulness of these dimensionless 

groups. 

 

3.  SHAKING  TABLE TESTS CARRIED OUT at 

BLADE 

Earthquakes have multiple frequencies ranging from 0.5Hz 

to 10Hz. Considering a typical wind turbine considered in 

Table 1, system dynamics scaling laws can reveal that the   

]26,3.1[










prototypen

f

f

f
 

Typical frequency of the blades are about 1Hz which is well 

within the earthquake frequency. Before the test started the 

natural frequency of the system was measured using snap 

back test and it was found that the natural frequency of the 

system is 7.7Hz. It was therefore decided to apply a constant 

amplitude variable forcing frequency between 4Hz to 16Hz 

so that the behaviour of the system close to its resonant 

frequency can be observed.  

 

Apart from the sinusoidal excitation, a short duration 

broadband noise was applied to the system before and after 

the shaking. In total five excitations were applied to the 

system through the BLADE shaking table as follows: 
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Table 2: Test schedule. 

White Noise-1 [WN-1] 0.13g amplitude 

40 seconds duration 

EQ-1 0.1g amplitude 

40 seconds duration 

4Hz to 16Hz frequency 

EQ-2 2-0.35g amplitude 

10 seconds duration 

4Hz to 5Hz frequency 

EQ-3 0.15g amplitude 

60 seconds duration 

4Hz to 16Hz frequency 

White Noise-2 [WN-2] 0.1g amplitude 

60 seconds duration 

   

 

2.1 Details of the test set up 

Figure 5 shows the experimental setup. The model wind 

turbine consists of a steel tube section with a lumped mass 

on its top representing the rotor assembly. Scaling was 

performed according to the previously derived dimensional 

laws. Two uniaxial accelerometers (Setra type 141A) were 

positioned on the top section in two perpendicular planes. 

The shaking described in Table 2 was always in the direction 

along the axis of one of the accelerometers. Thus, reference 

to the acquired acceleration data will be made by means of 

along and across shaking directions. The verticality of the 

tested wind turbine was verified prior to any shaking, in 

order to be able to accurately assess the influence of the 

earthquake loading on remaining deformations (i.e. tilts). 

 

 
Figure 5: Illustration of the model wind turbine positioned 

on the BLADE shaking table. 

 

2.2 Preliminary results 

Addressing the performance of the model setup necessitates 

for acquiring all relevant dynamic characteristics that will 

enable the estimation of the soil-structure interaction details. 

For this purpose the transfer function estimates were first 

calculated for all loading states quoted in Table 2. Figure 6 in 

short illustrates the variation of frequency response before, 

during and after the simulated earthquake event for both 

along and across shaking directions. 
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Figure 6: Transfer function estimates for a) Across shaking 

direction during the loading states EQ-1,WN-1,WN-2; b) 

Along shaking direction during EQ-1,WN-1,WN-2;. c) Along 

shaking direction during EQ-1,EQ-2. 

 

In Figure 6(a) it can be seen that for the across shaking 

direction the natural frequency has increased from 7.7Hz in 

the first test WN-1 to 8.4Hz in the final test WN-2. Such a 

change can be corresponding to a densification of the soil, 

which stiffens the global wind turbine response. Interestingly 

during the actual shaking (EQ-1) two peaks emerge in the 

(a) 

(b) 

(c) 
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relevant transfer function estimates. The first one (7.62Hz) is 

at a frequency lower than even the initial state estimate at 

7.7Hz, while the second one is roughly near the final 

measured state. A very similar picture holds true also for the 

perpendicular along shaking direction as seen in Figure 6(b). 

Intriguingly one possible way to reason this phenomenon is 

being an amplitude dependence sign, where increasing 

levels of stress lower the responding frequencies. 

Alternatively it may be a case where the soil-structure 

interaction during shaking has a part correlated with the 

motion, thus contributing effective stiffness that can 

additionally alter the dynamic performance. 

In Figure 6(c) some hints of the effect of amplitude on 

response is presented. For the larger amplitude shaking, 

EQ-2, the lowest attained frequency has shifted even lower 

to 6.8Hz, while the higher second response peak has 

remained virtually unchanged.  

 

3.  CONCLUSIONS 

 

The dynamics of wind turbines seem to hold a number 

of still unraveled issues. Previous research work aiming to 

accurately account for resonance predictions has proved the 

existence of specific patterns in the change of frequency 

characteristics (Lombardi 2010, Bhattacharya et al 2012). 

Here the influence of an earthquake type loading with a 

range of loading frequencies near resonant conditions 

showed a multitude of interesting phenomena. Existence of 

double response peaks, a global stiffening of the response 

and most importantly the implication of motion-induced 

forces seem to set a number of new questions that further 

research anticipates to answer. 
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Abstract:  Axial force distributions of piles are investigated through large shaking table tests in which a structure 
supported by a 3x3 pile group was set in dry or saturated sand deposits prepared in a cylindrical laminar box.  The test 
results have shown the following conclusions:  1) The axial strain in piles decreases with depth in non-liquefied ground 
but is almost constant in liquefied ground, probably due to the reduction in positive frictional resistance of the pile 
during soil liquefaction.  2) The axial force at the pile heads is larger in liquefied ground than in non-liquefied ground.  
This is because the change of the equilibrium of forces is caused due to a decrease in soil stiffness in liquefied ground.  
Even in non-liquefied ground, in which the large ground displacement is induced under a large input motion, the change 
of the equilibrium is caused.  3) The frictional resistance of piles is smaller when piles are pulled than when piles are 
pushed.  This is because pull-out resistance of piles significantly decreases near the ground surface rather than at the 
lower part. 

 
 
1. INTRODUCTION 
 

In the field survey made after the 2011 Tohoku Pacific 
Ocean Earthquake, it was found that damaged piles were 
pulled out with toppled structures in the coastal areas that 
tsunami attacked.  It is possible, when soil liquefaction 
and/or cyclic loading had lowered the frictional resistance of 
piles, horizontal and buoyant forces of the tsunami are 
applied to the building, pulling the piles out of the ground 
(Tokimatsu et al. 2011).  In addition, the decrease in the 
frictional resistance of piles might have induced a change in 
the system of bearing.  Then, it is important to investigate 
frictional resistance in such a case, where soil liquefaction 
and/or cyclic loading occur.   To investigate frictional 
resistance of piles, Komatsu et al. (2003) and Yajima et al. 
(1992) conducted vertical cyclic loading tests of piles.  
Studies on frictional resistance of piles based on shaking 
table tests, however, have been rare. 

Physical tests on soil-pile-structure models were 
conducted using the E-Defense at the Hyogo Earthquake 
Engineering Research Center of the National Research 
Institute for Earth Science and Disaster Prevention (NIED) 
(Tabata and Sato 2006 and Tabata et al. 2007).  Two test 
series on soil-pile-structure systems, one with dry sand and 
the other with saturated sand, were conducted using a 
cylindrical laminar box placed on the shaking table.  In the 
tests, many strain gauges were installed on piles.  This 
gives axial force distribution with depth during shaking 
event.  The objective of this study is to investigate 
frictional resistance as well as axial force distributions of 

piles in liquefied sand and non-liquefied sand through two 
test series with dry sand and saturated sand deposit 
conducted in E-Defense facilities.  
 
 
2. OUTLINE OF SHAKING TABLE TESTS 
 

Fig. 1 shows test models constructed in a cylindrical 
laminar box 6.5 m high with an inner diameter of 8.0 m.  A 
3x3 steel pile group was used for the two test series.  The 
piles were labeled A1 to C3 according to their locations 
within the pile group, as shown in Fig. 1(c).  Each pile had 
a diameter of 152.4 mm and a wall thickness of 2.0 mm.  
The piles were set up with a horizontal space of four-pile 
diameters center to center.  Their tips were jointed to the 

 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 1 Soil-pile-structure models 
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laminar box base with pin joints and their heads were fixed 
to a foundation of a weight of 10 tons.  The foundation 
carried a superstructure having a weight of 28 tons (for tests 
with dry sand) or 12 tons (for tests with saturated sand 
saturated sand).  

To prepare sand deposits, Albany sand from Australia 
(D50 = 0.31 mm, Uc = 2.0) was used.  The sand deposit in 
the tests with dry sand consisted of a homogeneous layer of 
5.9 m, while that in the tests with saturated sand consisted of 
two layers, including a liquefiable layer with a thickness of 
5.4 m and an underlying non-liquefiable layer with a 
thickness of 0.8 m.  After setting a pile group in the 
laminar box, the dry sand was air-pluviated.  In the case 
with saturated sand, the dry sand was then saturated with 
water under a vacuum.  The groundwater table was set at a 
depth of 0.4 m below the ground surface (Fig. 1(b)). 

About 900 sensors including strain gauges, 
accelerometers, velocity meters, earth pressure transducers, 
pore water pressure transducers (if saturated sand), 
displacement transducers, settlement meters and load cells 
were placed in the sand deposit as well as on the 
pile-structure model.   

The tests were conducted under two- or 
three-dimensional shaking with ground motion recorded at 
Takatori in the 1995 Kobe earthquake.  The ground motion 
was used as the input to the shaking table with the largest 
horizontal acceleration adjusted.  The NS and EW 
components of the ground motion were applied to the NS 
and EW directions as shown in Fig. 1(c).  This paper 
describes frictional resistance of piles based on the test with 
saturated sand having the maximum input accelerations of 
3.0 m/s2 and those with dry sand having the maximum 
acceleration of 0.8 m/s2 and 6.0 m/s2.  These tests are 
henceforth called S300, D80 and D600. 
 
 
3. FRICTIONAL RESISTANCE OF PILES IN 
LIQUEFIED SOIL 
 

Figure 2 shows time histories of superstructure 
acceleration, ground displacement, axial and bending strains 
of piles pore water pressures and input motion in the test 
with saturated sand (S300).  The bending and axial strains 
are those observed at the heads (0.1 or 0.2 m below the 
head) and at the bottom of the liquefied layer (4.9 or 5.1 m 
below the head) for Pile A1.  The axial strain shown in Fig. 
2 is the incremental component excluding the static 
component at the initial state, whish acts against the dead 
load of the structure.  The pore water pressures are those 
observed in the free field.  The pore water pressure rises 
abruptly (Fig. 2(f)), accompanied by larger ground 
displacements (Fig. 2(b)).  Due to soil liquefaction, the 
superstructure acceleration is de-amplified and becomes 
significantly smaller than the input acceleration (Fig. 2(1) 
(g)).  The bending and axial strains are large at the 
boundary of the two layers as well as at the pile head.  In 
particular, Fig. 2(c) (d) shows that the bending and axial 
strains at the pile head reach values of 3000 or 1000 micro 

at 4.2 s, suggesting the yielding of the pile heads. 
To investigate the frictional resistance acting on piles, 

Fig. 3 shows distribution of axial strain with depth for nine 
piles at 2.6 s (before liquefaction) and 3.4 s (during 
liquefaction).  The axial strains are measured at five to 
seven points along depth for each pile.  At these instants, 
the inertial force of structure increases southwestward at 2.6 
s and northwestward at 3.4 s.  Therefore, Pile A1 is the 
leading pile at 2.6 s but Pile C3 is the leading pile at 3.4 s.  
In Fig. 3, the negative values stand for compression strain 
and the positive ones stand for extension strain.  The axial 
strain at the head is large on the compression side on the 
leading corner pile (Pile A1 at 2.6 s and Pile C3 at 3.4 s) and 
is large on the extension side on the trailing pile (Pile C3 at 
2.6 s and Pile A1 at 3.4 s).  Namely, the leading pile is 
pushed and the trailing pile is pulled due to the overturning 
moment from the structure.  The axial strain before 
liquefaction (at 2.6 s) decreases with increasing depth.  
This suggests that the frictional resistance of piles reduces 
the axial force.  In contrast, the axial strain during 
liquefaction (at 3.4 s) does not show such a trend.  This 
suggests that the soil liquefaction decreases the frictional 
resistance of piles.  In addition, it is interesting to note that 
the axial strain during liquefaction is significantly larger 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2 Time histories of major values in S300 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 3 Distributions of axial strain with depth in S300 
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than that before liquefaction and that it increases slightly to 
the compression side (negative side) at the lower parts (Fig. 
3(b)).   

To compare the magnitude of axial force between the 
two instants, the axial force in piles is estimated from the 
overturning moment form the structure under the 
assumption that the rotational axis is located on the bottom 
of the foundation (Fig. 4(a)).  The observed values are 
computed from the observed axial strain.  Fig. 5 compares 
the observed and estimated axial forces at the pile heads.  
The axial forces before liquefaction (shown in symbols of 
circles) are in good agreement with the estimated ones.  In 
contrast, the axial forces during liquefaction (shown in 
symbols of crosses) are significantly larger than the 
estimated ones.  The difference in axial force between the 
two instants is induced by the difference in equilibrium of 
forces acting on pile-structure systems between the two.  

Before liquefaction (at 2.6 s), the soil near the ground 
surface can react against most of the shear force from the 
superstructure.  Thus, the axial force in piles is almost 
controlled by the base overturning moment induced by the 
inertial force (Fig. 4(a)).  During liquefaction (at 3.4 s), in 
contrast, the liquefied upper soil layer becomes unable to 
reduce the inertial force or even push the piles to increase 
the shear force in them.  This extends the equilibrium of 
horizontal force towards the lower or below the liquefied 
layer that can only resist the shear force induced by the 
inertial force and ground displacement.  Thus, the 
rotational axis of overturning moment also moves down to 
the lower part or near the bottom of the liquefied layer, as 
shown in Fig. 4(b).  This may result in an increase in 
overturning moment and thus an increase in axial force in 
piles.  

The change of the equilibrium and the decreases in the 
frictional resistance make the large axial force transmitted to 
the pile tips.  The axial strain value of 150 micro in Fig. 
3(b) corresponds to a load of 28.5 kN.  As the dead load is 
24 kN per pile under an assumption that the weight of 
structure is supported equally by nine piles, it means that 
piles suffer the compression or extension axial force, which 
is almost the same as the dead load. 

Fig. 6 shows a distribution of axial strain with depth 
after the shaking event.  As the pile yields at their heads, 
the data shown in Fig. 6 excludes those at the pile heads.  
The data varies slightly but shows a trend that the axial 
strain increases to the compression side with increasing in 
the depth.  This means that the compression force 
transmitted to the pile tips becomes larger after the shaking 
event than at the initial state.  Namely, after the shaking 
event, the frictional resistance, which acts against the dead 
load of structure at the initial state, decreases and then the 
entire dead load of the structure, might have been 
transmitted to pile tips.   

 
 
4. FRICTIONAL RESISTANCE OF PILES IN 
NON-LIQUEFIED SOIL 
 

Figs. 7 and 8 show the time histories of superstructure 
acceleration, ground displacement, axial and bending strains 
of pile in the tests with dry sand deposit (D80 and D600).  
The superstructure acceleration is three times as large as the 
input acceleration in D80 (Fig. 7(a)(f)).  In contrast, the 
superstructure acceleration is almost the same as the input 
motion in D600 (Fig. 8(a)(f)).  As the values of the ground 
surface displacement in D600 reaches 50 mm, which is ten 
times as large as that in D80 (Figs. 7 and 8(b)), the 
de-amplification in the superstructure acceleration in D600 
might have been induced by the progress of non-linearity of 
the soil.  The bending and axial strains are large only at the 
pile heads (Figs. 7 and 8(c) (d) (e)).  In D600, the residual 
values of the bending and axial strain at the head increase 
from about 4 s, suggesting the yielding of the pile head (Fig. 
8(c) (d)).  

Fig. 9 shows the distributions of axial strain at 3.8 s in 

 
 
 
 
 
 
 
 
 
 
 
 

Fig. 4 Rotational axis of overturning moment 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 5 Estimated and observed axial force in S300 
 

 
 
 
 
 
 
 
 
 
 
 

Fig. 6 Distribution of axial strain after shaking event 
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D80 and D600.  The axial strains are measured at four 
points along depth for each pile.  The axial strain in both 
the tests decreases with increasing depth, indicating that the 
frictional resistance reduces the axial force.  A comparison 
between the two tests shows that the axial strain is 
significantly larger in D600 than in D80.  Figure 10 shows 
a comparison between the observed and estimated axial 
force at the pile heads for D80 and D600.  The observed 
axial force is in good agreement with the estimated ones in 
D80 and but is larger than the estimated ones in D600.  
This suggests that the change of the equilibrium is caused 
even in non-liquefied ground, in which the large ground 
displacement is induced under a large input motion.    

It is interesting to note that a slope of axial strains with 
depth is larger in the compression side (negative side) than 
in the extension side (positive side).  This suggests that the 
frictional resistance is larger when piles are pushed than 
when piles are pulled.  To compare the difference in axial 
force between the compression and extension sides, the 
entire frictional resistance of piles is computed from the 

difference between the axial strains observed at depth 0.1 m 
and at depth 5.1 m.  Fig. 11 shows the entire frictional 
resistance for Piles A1 and C3 versus the inertial force from 
the structure.  The inertial force shown in Fig. 11 is the 
component in the southeast-northwest direction, in which 
the line Piles A1 and C3 are located.  Both the frictional 
resistance in Piles A1 and C3 is larger when piles are 
pushed than when piles are pulled.  This finding is related 
to the previous studies based on cyclic loading tests (e.g. 
Komatsu et al. 2003 and Yajima et al. 1992), in which the 
decrease in frictional resistance due to cyclic loading is 
more significant when piles are pulled than when piles are 
pushed.    

To further investigate the frictional resistance, the 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 7 Time histories of major values in D80 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 8 Time histories of major values in D600 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Fig. 9 Distributions of axial strains in D80 and D600 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 10 Estimated and observed axial force in D80 and D600 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 11 Frictional resistance 
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frictional resistance at each part for Pile A1 is computed 
from the axial strain observed at four points (depths of 0.1, 
1.1, 3.1 and 5.1 m).  Fig. 12(a) shows the frictional 
resistance at depths of 3.1 to 5.1 m, Fig. 12(b) shows that at 
depths of 1.1 to 3.1 m and Fig. 12 (c) shows that at depths of 
0.1 to 1.1 m.  The frictional resistance near the ground 
surface (Fig. 12(c)) increases with increasing in the inertial 
force when the pile is pushed but is almost zero when the 
pile is pulled.  Such a trend is not shown at the lower part 
(Fig. 12 (a) (b)), at which the frictional resistance on both 
the sides is almost the same as each other.  This suggests 
that the decrease in pull-out resistance is more significant 
near the surface than at the lower part.  In these test models, 
pin joints at tips restrict the vertical displacement of piles.  
If the vertical displacement of piles occurs, the decrease in 
the frictional resistance might have been more significant, 
leading piles to more severe condition.  
 
 
5. CONCLUSIONS 
 

Axial force distributions of piles in liquefied ground 
and non-liquefied ground are investigated through physical 
model tests on soil-pile-structure systems using the large 
shaking table at E-Defense, NIED.  The test results and 
discussions have led to the following conclusions: 

The axial strain in piles decreases with depth in 
non-liquefied ground but is almost constant in liquefied 
ground, probably due to the reduction in positive frictional 
resistance of the pile during soil liquefaction. 

The axial force at the pile heads is larger in liquefied 
ground than in non-liquefied ground.  This is because the 
change of the equilibrium of force is caused due to decrease 
in soil stiffness in the liquefied ground.  Even in 

non-liquefied ground, in which the large ground 
displacement is induced under a large input motion, the 
change of the equilibrium is caused.  This leads to the 
increase in axial force of piles. 

The frictional resistance of piles is smaller when the 
piles are pulled than when the piles are pushed.  This is 
because pull-out resistance of piles significantly decreases 
near the ground surface rather than at the lower part. 
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Abstract:  A new idea of liquefaction countermeasure which utilizes both the effect of the overburden pressure from 
shallow foundations and the effect of shear strain constraint by a grid underground wall. The liquefaction suppression 
effect of the countermeasure is examined through centrifuge testing. The test results confirm that combination of the 
overburden pressure from shallow foundations and the grid underground wall effectively suppresses liquefaction. This 
tendency is dominant when the contact pressure of the foundation is large and the grid spacing is small. Moreover, the 
grid underground wall effectively reduces the settlement of the foundations. 

 
 
1.  INTRODUCTION 
 

Several liquefaction countermeasure principles have 
been developed and utilized, for example, densification, 
solidification, lowering water table and shear strain 
constraint, etc. (Japanese Geotechnical Society (1998), 
Architectural Institute of Japan (2006)). These principles are 
based on the idea to negate at least one condition necessary 
for triggering liquefaction. 

It is known that the saturated sandy ground just under 
shallow foundations tends not to liquefy due to the 
overburden pressure from the superstructure (Funahara 
(2010)). But even in such cases, the structure can settle 
considerably due to liquefaction of the surrounding ground 
(Figure 1). Therefore this effect alone cannot be considered 
as a liquefaction countermeasure. 

On the other hand, the grid underground wall which 

constraints shear strain of soil, one of the principles 
mentioned above, is widely used as an effective liquefaction 
countermeasure. 

In this study, these two liquefaction suppression effects 
(i.e. overburden pressure and shear strain constraint) are 
combined and tested in a centrifuge. 
 
 
2.  LIQUEFACTION SUPPRESSION PRINCIPLE 
STUDIED IN THIS RESEARCH 

 
The vertical load of a building which sits on a grid 

underground wall with a mat foundation is primarily carried 
by the relatively rigid grid underground wall rather than the 
soft soil contained within the grid. In this study, some softer 

Vertical load from structure

Liquefied

Non-liquefied

Liquefaction suppression
due to overburden pressure

Lateral movement due to 
liquefaction of surrounding soil

Figure 1  Liquefaction suppression just under shallow 
foundation and settlement of the structure 
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Soft
cushion

Soft cushion

Grid wall

Grid wall

Conventional system using grid wall New system

Supported
by wall

Supported
by ground

Vertical load
from building

Plan

Section

Figure 2  Combination of grid shaped underground wall 
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material or void is expected to be placed on the grid 
underground wall, in order to transmit a majority of the 
building vertical load to the soil beneath the structure rather 
than to the underground wall (Figure 2). Since the building 
load is transmitted to the inside ground, the liquefaction 
resistance of the ground is expected to increase. Additionally 
the grid underground wall prevents the inside ground from 
shear-deforming. The combination of these two effects (i.e. 
the overburden pressure effect and the grid underground 
wall effect) are expected to be utilized as a new liquefaction 
countermeasure. The grid underground wall is also expected 
to prevent the structure from settling due to the lateral 
movement of the underlying ground succeeding the 
liquefaction of the surrounding ground. Moreover the grid 
underground wall would prevent the excess pore water 
pressure in the surrounding liquefied ground from being 
transmitted to the underlying ground just under the 
foundation. 
 
 
3.  OUTLINE OF DYNAMIC CENTRIFUGE 
TESTING ON THE LIQUEFACTION 
COUNTERMEASURE 
 
3.1  Test model and measurements 

In order to examine the liquefaction suppression effects 
mentioned above, dynamic centrifuge tests were conducted.  

Figure 3 shows the experimental models used in the 
centrifuge tests and the sensor distributions. A saturated sand 
model and a grid underground wall model made with acrylic 
are set in a laminar shear box. Plates are placed on the 
surfaces of inside grounds of the grid wall to model shallow 
foundations. The thickness of each mat foundation model is 
designed to apply the desired contact pressure to each grid 
zone. 

The ground model is made with Toyoura sand using air 
pluviation technique and is saturated using silicone oil which 
has viscosity of 50 mm2/s. The targetted relative density of 

the soil is 60 %. 
The important parameters of the tests are the contact 

pressures of the mat foundations, the spacing of the grid 
underground wall, the thickness of the liquefiable ground 
and the existence of the underground wall itself. The key 
measurements are the excess pore water pressures and the 
settlements of the mat foundations. 

All of the physical quantities presented in the following 
parts are expressed in the prototype scale.  

The employed contact pressures are 0, 30, 60 kN/m2 
and the employed grid wall spacings are 3, 5, 10 m. The 
thicknesses of the liquefiable ground are 5, 10 m. 

In order to observe the large settlement of the 
foundation when the grid underground wall does not exist 
and make a comparison with the small settlement with a grid 
underground wall, a model of only the mat foundations was 
also tested. We employed the ground thickness of 10 m and 
the contact pressure of 60 kN/m2 for this additional case. 

Seismic motion is applied using shaking table in the 
centrifugal field of 50 g. The input seismic motion is a 
synthetic acceleration time history called ' Rinkai wave ' and 
the maximum acceleration is scaled about 40% of the 
original one (Figure 4). 
 
3.2  Excess pore water pressure ratio as an index of 
liquefaction extent 

The excess pore water pressure ratio is employed as an 
index of the liquefaction degree. The excess pore water 
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pressure ratio is calculated by dividing the excess pore water 
pressure by the initial effective overburden pressure. The 
initial effective overburden pressure is estimated considering 
the self load of the soil itself and the contact pressure at the 
ground surface. 

Figure 5 presents the time histories of the excess pore 
water pressure ratios estimated in the inside grounds. The 

upper figures (a) are for the ground thickness of 10 m, and 
the lower figures (b) are for the ground thickness of 5 m. 
The pressuremeters are set at three levels in the 10 m ground 
model and set at two levels in the 5 m ground model. In each 
graph, data for three different contact pressures are 
compared.  

 

-0.5

0

0.5

1

1.5

0 50 100

E
P
W
P
 
R
a
t
i
o

Spacing:3m, Depth:1.5m
60kN/m2

30kN/m2

0kN/m2

30

60kN/m2
30kN/m2

(0kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

E
P
W
P 
R
at
i
o

Time (sec)

Spacing:3m, Depth:3.5m

60kN/m2

30kN/m2

(0kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Spacing:5m, Depth:1.5m

60kN/m2

30kN/m2

(0kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Time (sec)

Spacing:5m, Depth:3.5m

60kN/m2

30kN/m2

(0kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Spacing:10m, Depth:1.5m

60kN/m2

30kN/m2

(0kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Time (sec)

Spacing:10m, Depth:3.5m

60kN/m2

30kN/m2

(0kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

E
P
W
P 

R
at
i
o

Spacing:3m, Depth:2m 60kN/m2

30kN/m2

0kN/m2
0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

E
P
W
P
 
R
at

i
o

Spacing:3m, Depth:5m

0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

E
P
W
P 

R
a
t
i
o

Time (sec)

Spacing:3m, Depth:8m

0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Spacing:5m, Depth:2m

0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Spacing:5m, Depth:5m

0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Time (sec)

Spacing:5m, Depth:8m

0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Spacing:10m, Depth:2m
0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Spacing:10m, Depth:5m

0kN/m2

60kN/m2

(30kN/m2)

-0.5

0

0.5

1

1.5

0 50 100

Time (sec)

Spacing:10m, Depth:8m

0kN/m2

60kN/m2

(30kN/m2)

 (a)  Soil thickness: 10 m 

(b)  Soil thickness: 5 m 
Figure 5  Comparison of excess pore water pressure ratios regarding the contact pressure of mat foundations 
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4.  DISCUSSION ON FACTORS AFFECTING THE 
LIQUEFACTION EXTENT 
 
4.1  Contact pressure of shallow foundation 

Comparing three lines in each graph of Figure 5, the 
pore water pressure ratios under the mat foundations tend to 
be smaller than those without mat foundations (i.e. contact 
pressure of 0 kN/m2). This suggests that the overburden 
pressure from shallow foundations could effectively 
suppress the liquefaction occurrence. 

Especially in the grid of 10 m spacing ( right hand 
graphs in Figure 5 ), the tendency that the larger the contact 
pressure, the larger the liquefaction suppression effect, could 
be clearly recognized. 
 
4.2  Grid spacing 

Regarding the effect of the grid spacing on the 
liquefaction extent, there is a tendency that the smaller 
spacing (left hand graphs in Figure 5) suppresses the 
liquefaction more compared to the larger spacing (right hand 
graphs in Figure 5). The ground in the grids of 3 m and 5 m 
spacing is not liquefied due to the relatively small contact 
pressure of 30 kN/m2, but the same contact pressure does not 
prevent the liquefaction in the 10 m thick ground in the grid 
of 10 m spacing. This suggests that the larger contact 
pressure might be required to suppress liquefaction for larger 
grid spacing.  
 
4.3  Ground thickness 

The pore water pressure ratios in the 10 m thickness 
ground (a) are larger than those in the 5 m thickness ground 
(b) in this testing. Therefore it might be suggested that the 
larger contact pressure might be necessary to suppress the 
liquefaction for the thicker ground. But the thickness of the 
ground generally affects the ground response itself. So the 
conclusion here might not be always true. 
 
4.4  Depth of pore pressure measurement (Distance 
from the bottom of foundation) 

Even in the case that the liquefaction at the deeper 
depth is suppressed without the mat foundation, it can be 
recognized that the liquefaction at the shallower depth could 
not be suppressed only by the same spacing grid. On the 

other hand, for such a shallow depth, it can be pointed out 
that a small contact pressure like 30 kN/m2 could suppress 
liquefaction effectively. At a shallow depth, it can be said 
that the effect of the contact pressure from the building is 
relatively large because the initial effective pressure due to 
the soil weight is small. 
 
4.5  Grid spacing / wall height ratio 

In a previous study, it is reported that there is a positive 
correlation between grid spacing / wall height ratio and the 
liquefaction extent (Architectural Institute of Japan (2006)). 
Figure 6 shows the relationship between the grid spacing / 
wall height ratio and the pore water pressure ratio based on 
our testing. 

The positive correlation can be roughly recognized for 
each measuring depth. But each correlation line seems to 
differ depending on the combination of the measuring depth 
and wall height (ground thickness). So this grid spacing / 
wall height ratio is apparently not the only factor which 
controls the liquefaction extent. 

It can be again recognized here that the larger contact 
pressure suppresses the liquefaction better. In the case of 60 
kN/m2 contact pressure on the 5 m ground thickness, the 
liquefaction is suppressed well even in the case that the grid 
spacing / wall height ratio is two. 
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4.6  Settlement suppression effect due to grid 
underground wall 

Figure 7 shows the settlement time histories of the mat 
foundations comparing the cases with and without grid 
underground wall. The contact pressure is 60 kN/m2 and the 
thickness of the ground is 10 m here as mentioned 
previously. 

The settlements of the three mat foundations are all 
presented in the same graph. All foundations without a grid 
underground wall settled by 150 to 200 mm, whereas 
foundations with a grid underground wall settled by only 10 
to 20 mm. The significant suppression effect of the 
foundation settlement can be recognized. 

The dependency of the settlement on the foundation 
size is not clear in this experiment. 
 
 
5.  SUMMARY 
 

Based on the centrifuge testing on the liquefaction 
countermeasure utilizing the grid underground wall and the 
effect of the contact pressure of the mat foundation, the 
following results were found. 
 
- The liquefaction extent just under mat foundations is 
suppressed due to the effect of contact pressure of the 
foundations. 
- This tendency is dominant if the contact pressure is larger 
and the grid spacing is smaller. 
- Due to the grid underground wall, the settlement of mat 
foundations are drastically decreased. 
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Abstract:  The duration of a strong ground motion has long been known to affect the liquefaction potential of a soil 
deposit. Historically, the duration of a motion has been quantified in terms of equivalent numbers of cycles and magnitude 
scaling factors, the relationship between which is largely based on laboratory test data. The magnitude scaling factor 
relationships currently used in engineering practice are not well defined for earthquakes of magnitudes greater than 8.5 
due to lack of well-recorded events of this size. A review of existing magnitude scaling factors relationships is presented, 
followed by a brief investigation of the behavior of these scaling factors for large-magnitude events such as the Mw 8.8 
Maule and Mw 9.0 Tohoku events. In addition, an effective stress site response analysis study was conducted in order to 
assess the effect of ground motion duration on the response of a liquefiable. The results of this study point out the need to 
accurately account for duration in geotechnical seismic design, particularly in areas susceptible to large magnitude events.   

 
 
1.  INTRODUCTION 
 

A complete characterization of an earthquake motion 
includes description of the amplitude, frequency content, 
and duration of the seismic signal. Numerous parameters 
have been proposed to characterize the important aspects 
of a ground motion. Some of these parameters attempt to 
quantify only one of these characteristics, while others 
may be able to reflect a combination of the previously 
mentioned traits (Kramer, 1996). However, due to the 
complex nature of earthquake ground motions, the 
identification of single parameter, able to encompass all 
of the important aspects of a ground motion has not yet 
been identified, and may not even exist (Joyner and 
Boore, 1988). In lieu of such a parameter engineers have 
historically focused predominantly on amplitude and 
frequency content metrics in order to assess the damage 
potential of a ground motion for use in seismic evaluation 
or design.  

As an example, the procedures commonly used for 
analyzing retaining walls do not account for duration. 
These procedures typically use pseudostatic loads to 
approximate seismic loading, such as is the case for the 
Mononobe-Okabe method (Okabe, 1926; Mononobe and 
Matsuo, 1929), which uses psuedostatic accelerations, 
and the Steedman-Zeng method (Steedman and Zeng, 
1990), which uses a harmonic horizontal acceleration 
applied at specific frequencies, to determine the 
maximum seismic demand on a retaining structure.  

By itself duration is rarely considered in typical 

design procedures because, without any relation to the 
amplitude of shaking, it does not accurately reflect the 
destructiveness of a ground motion. Unlike amplitude 
and frequency content, which are typically defined in 
terms of Fourier and/or response spectral ordinates, 
respectively, there is no clear consensus on an optimal 
method to define duration (Bommer et al., 2009). 
Numerous definitions of duration have been published 
(e.g., Bolt, 1969; Trifunic and Brady, 1975; Chang and 
Krinitszky, 1977). Most of the available approaches can 
be grouped into three general categories — those 
corresponding to bracketed, uniform and significant 
duration (Bommer and Martinez-Pereira, 1999).  

Figure 1 illustrates these three generic definitions of 
duration. Bracketed duration (tb) is defined as the time 
between the first and last absolute exceedances of a 
threshold acceleration value, shown in Figure 1(b) for a 
threshold value of 0.05 g. Uniform duration is defined as 
the total length of time the accelerogram is above the 
defined threshold value, as shown for a threshold value of 
0.05g by the thick lines in Figure 1(c).  

The significant duration of acceleration time history 
is commonly determined from a Husid plot (Husid, 1969), 
which can be thought of as a normalized representation of 
the energy buildup of the signal. Two common definitions 
of significant duration include the time between 5 and 
75% (t5-75), and 5 and 95% (t5-95), of the total energy 
buildup. These durations are illustrated in Figure 1(d). 

Liquefaction hazard evaluation is an example of a 
procedure that does consider the effects of duration. 
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Liquefaction is a phenomena that occurs in saturated 
cohesionless soil deposits subject to undrained loading 
conditions, as can occur during an earthquake. The 
tendency for the soil to densify under cyclic loading 
causes excess pore pressures to increase and effective 
stress to decrease. This decrease in effective stress results 
in a loss of strength and stiffness, and can drastically 
affect the stability of overlying structures, in addition to 
host of other issues.  

The vertically propagating shear waves caused by 
earthquakes induce cyclic shear stresses in a soil deposit. 
When this type of loading was reproduced in the 
laboratory (e.g., using cyclic triaxial or cyclic simple 
shear tests) on cohesionless soils under undrained loading, 
it was quickly observed that excess pore pressure levels 
depended not only on the amplitude of the applied shear 
stress, but also on the number of cycles the sample was 
subjected to (Seed and Lee, 1966). As a result of these 
types of tests, the duration of a ground motion is often 
quantified in terms of number of equivalent cycles (Neq) 
of a specific amplitude (typically taken as 65% of the 
peak amplitude) with respect to liquefaction analyses. 
This definition of duration allows for direct comparisons 
between the seismic demand imposed by an earthquake 
and the liquefaction resistance of a soil (Liu et al. 2001). 
The use of the equivalent number of cycles approach is 
based on the idea that the destructiveness of the transient 
motion induced by an earthquake can be equally 
represented by an equivalent number of uniform stress 
cycles. An additional assumption that is critical to the Neq 
approach is that the applied shear stress time history 
induced by an event is proportional to the acceleration 
time history of the event, and as such recorded 
accelerograms are generally used to determine the 
number of equivalent stress cycles imposed by a seismic 
event.  

The original, and most common method for 
determining Neq from a time history for liquefaction 
analysis purposes was developed by Seed et al. (1975), 
although additional procedures have been proposed (e.g., 
ASTM, 1985; Green and Terri, 2005; Liu et al., 2001). 
The Seed et al. (1975) procedure involves (a) determining 
the peaks in the acceleration time history, (b) weighting 
each peak according to its amplitude relative to the 
maximum value and (c) summing each of the weighted 
values to determine a total number of equivalent cycles 
(Liu et al. 2001).  

Currently the typical procedure for evaluating the 
liquefaction potential of a soil profile is known as the 
“simplified procedure,” first introduced by Seed and 
Idriss (1971). This process was founded on theoretical 
principles, but is largely based on empirical case history 
data. Because ground motions were not recorded at the 
case history sites, the specific duration of design event is 
not directly involved in the analysis, but is rather 
accounted for as part of a magnitude-dependent scaling 
factor. The next section details the “simplified procedure” 
for liquefaction hazard analysis, and investigates how 
duration is included in the design process. 

 
 

2. ACCOUNTING FOR DURATION IN 
LIQUEFACTION EVALUATION PROCEDURES— 
MAGNITUDE SCALING FACTORS  
 

The most widely used frameworks for evaluating the 
liquefaction potential of a site are founded on a cyclic 
stress-based approach (Seed and Idriss, 1982; Youd et al. 
2001; Idriss and Boulanger, 2004; Cetin et al. 2004). This 
type of approach compares the seismically-induced cyclic 
stresses with the cyclic resistance of the soil, to determine 
a factor of safety against liquefaction (Idriss and 
Boulanger, 2008). Each of the stress-based procedures 
outlined above define the seismically-induced stress in 
terms of a cyclic stress ratio (CSR) originally defined as 
the ratio of the applied shear stress to the overburden 
effective stress at a specific location in the soil profile, 
shown in Equation 1, 

                  (1) 

where  represents shear stress and  represents the 
vertical effective stress. Due to the difficulty in 
determining the shear stresses imposed by an earthquake, 
Seed et al. (1971) proposed a simplified method for 
estimating the CSR at a given depth in the soil profile 
according to Equation 2, 

0.65              (2) 

where  is the peak horizontal acceleration of a 
given time history at the ground surface,  is the 
gravitational constant,  is the total vertical stress, and 

 is a depth reduction factor, which takes on a value of 

Figure 1.  Example of duration calculations based on an
acceleration time history (a), for (b) bracketed, (c) uniform
and (d) 5-75% and 5-95% significant durations. 
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1.0 at the surface and decreases with depth. The value of 
0.65 represents a reference stress level of 65% of the peak 
cyclic stress. The choice of 65% as a reference stress 
level is somewhat arbitrary, and has been employed since 
the beginning of the development of the stress-based 
liquefaction procedures (Seed and Idriss, 1971), and as 
such has been used in each of the subsequent procedures 
as well (Idriss and Boulanger, 2008).  

The CSR is then compared to the soil’s capacity to 
resist liquefaction, as represented by a cyclic resistance 
ratio (CRR). One way to evaluate the CRR of a given soil 
is through laboratory testing of undisturbed specimens. 
However, due to the difficulty and cost associated with 
retrieving high quality samples of cohesionless soils 
(such as through ground freezing), the CRR is typically 
calculated based on insitu test results (most notably the 
standard penetration test, or SPT), which are correlated to 
the CRR based on case history data.  

The CRR-SPT correlations used by each of the 
stress-based liquefaction evaluation procedures were 
established by developing case history data based on field 
investigation of soil profiles containing liquefiable soil 
deposits that were subject to strong ground motion, and 
noting whether liquefaction, in the form of large, 
differential settlements, lateral spreading, or sand boils, 
was or was not observed. Then the CSR induced by the 
event was calculated based on the soil properties of the 
profile, and an  value that is estimated based on 
recordings from nearby sites or using attenuation 
relationships. From this case history data plots of the 
induced CSR and the representative SPT blow count of 
the liquefiable layer were created. The CRR-SPT 
relationship can then be generated by defining a curve 
separating cases where liquefaction did and did not occur. 

One of the most well-known CRR curves was 
developed by Seed and Idriss (1982) and was presented 
as a function of the corrected SPT blow count, N1,60, 
based on case history data for earthquakes with moment 
magnitudes between 7.3 and 7.8. The curve was 
considered to be representative of the relationship 
between N1,60 and the CRR for earthquakes with a 
magnitude of approximately 7.5. In order to extend the 
results to apply to other magnitude events Seed and Idriss 
developed a magnitude scaling factor that is applied to 
either increase (for large magnitude events) or decrease 
(small magnitude) the CSR based on the assumed 
duration of the event.  
 
2.1 The magnitude scaling factor (MSF) 

The MSF was originally developed based on the 
principle that the main difference between different 
magnitude events, with respect to liquefaction analyses, is 
the number of stress cycles they induce, or, in essence 
their duration (Seed and Idriss, 1981). The general 
definition of the MSF is defined in Equation 3 (Idriss and 
Boulanger, 2008) 

.
                 (3) 

where  is the cyclic resistance ratio corresponding 
to an event of moment magnitude, , and .  is 
the cyclic resistance ratio corresponding to the reference 
magnitude 7.5 event. The MSF relationship, as defined in 
Equation 3, can be derived by combining laboratory test 
results relating CRR and the number of applied uniform 
stress cycles, with empirical relationships between 
earthquake magnitude and equivalent number of cycles 
(Idriss and Boulanger, 2008). An example of how an 
MSF relationship is established is presented in Figure 2. 
Figure 2(a) shows a plot of an Neq-magnitude relationship, 
the particular points shown correspond to data presented 
by Seed et al. (1975). Figure 2(b) displays a plot of the 
CRR as a function of Neq. The values in Figure 2(b) have 
been normalized with respect to the CRR value at one 
loading cycle, and were taken from a representative 
relationship presented in Seed and Idriss (1982).  

The MSF relationship is developed by first 
determining a value of Neq based on a reference 
magnitude, historically taken as 7.5, using the 
relationship shown in Figure 2(a). Then the reference 
CRR ( . ) value is established by relating the Neq 
determined from Figure 2(a) to the laboratory data shown 
in Figure 2(b). Once the reference CRR is determined, 
the MSF values corresponding to other magnitude events 
are determined by repeating the same procedure as 
outlined above to define CRR values for other magnitude 
events, and then calculating their ratios with respect to the 
reference CRR as shown in Equation 3. A plot of the 
MSF, as a function of magnitude, using the data 
presented in Figures 2(a) and (b), is shown in Figure 2(c). 

It should be noted that the MSF defined according to 

Figure 2.  (a) Relationship between earthquake
magnitude and number of equivalent cycles, (b) CRR,
normalized with respect to the CRR corresponding to one
cycle, as a function of number of equivalent cycles, and
(c) MSF as a function of earthquake magnitude 
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Equation 3, and outlined using the aforementioned 
procedure, is just one of the ways researchers have 
developed MSFs for use in the stress-based liquefaction 
evaluation procedures. Examples of MSFs determined 
using magnitude-Neq and Neq-CRR relationships include 
Seed and Idriss (1982), the revised Idriss (lower bound 
recommendation from Youd et al. 2001), the Idriss (1999) 
and the Liu et al. (2001) procedures. The Liu et al. (2001) 
procedure differs from the others in that it relates the 
MSF directly to Neq, which is a function of a number of 
factors, including magnitude, source to site distance and 
site condition. Alternative MSF evaluation procedures 
and functions have been proposed, such as those based on 
purely a statistical evaluation of case history data 
(Ambraseys, 1988; Youd and Noble, 1997), on Bayesian 
interpretation of case history data (Cetin et al. 2004), and 
using an energy-based approach (Arango, 1996). 

While many different approaches and techniques 
have been used to account for the duration of an event in 
liquefaction evaluation procedures through the use of 
MSFs, one underlying theme is that each method 
inevitably must rely on some sort of statistical evaluation 
of recorded earthquakes in order to estimate the effect of 
a future event on a liquefiable soil deposit. In sum, any 
liquefaction evaluation procedure based on case history 
data and empirical relationships is only as robust as its 
corresponding data set. Due to the rare nature of large 
magnitude events there is a distinct lack of data available 
for magnitudes above 8.0. As a result extrapolation of 
existing relationships would be required to assess soil 
deposits subject to these large magnitude events. The 
subsequent subsection explores how a few of the 
currently available magnitude scaling factor relationships 
behave for large magnitude events.  

 
2.2 MSF behavior for large magnitude events 

Recent large magnitude, subduction zone type 
events, such as the 2010 Mw 8.8 Maule, Chile and 2011 
Mw 9.0 Tohoku earthquakes have illustrated the need to 
account for high magnitude events for design in 
tectonically active subduction zones. However, these 
events are historically rare and until recently case history 
data and recorded ground motions have not been 
available to engineers. This makes it necessary to either 
create artificial ground motions that attempt to capture the 
characteristics of a large scale subduction fault type 
rupture, or to extrapolate existing relationships, based on 
smaller magnitude events.  

Figure 3 shows a plot of four MSF functions, which 
correspond to the lower bound recommendation of the 
Youd et al. (2001), the Idriss and Boulanger (2004), the 
equivalent MSF inferred from Cetin et al. (2004) and the 
Seed and Idriss (1981) simplified procedures for 
liquefaction hazard evaluation. The Seed and Idriss 
(1981) MSF relationship was not defined as a function 
and instead was tabulated for magnitudes up to 8.5, and 
as a result this relationship was not extrapolated to larger 
magnitudes.  

The thick lines in Figure 3 designate the region up to 
magnitude 8.5 events, where the functions are considered 
to be well-defined based on plots presented by the authors 
of the four simplified procedures. The thin lines indicate 
the portion of the functions that have been extrapolated to 
large magnitude events, with the scatter plot points 
representing the data points for the magnitude 8.8 Maule 
and magnitude 9.0 Tohoku events, specifically. A close up 
of the extrapolated region is also shown in Figure 3.  

Figure 3 indicates that the behavior of each of the 
MSF relationships is somewhat variable for events below 
magnitude 7.5, and tend to converge to a smaller range of 
values for higher magnitude events. One possible reason 
these differences exist is that the Youd et al. (2001) and 
Idriss and Boulanger (2004) model are based on 
magnitude-Neq and Neq-CRR relationships while the 
Cetin et al (2004) took a statistical approach that included 
magnitude as a term in the CRR relationship. Another 
explanation could involve the data sets used to develop 
the MSF relationships. Because so much more low 
magnitude data is available, there is more likely to be 
differences in the case history database for small 
magnitude events than for large magnitude events. Each 
of the three more recent MSF relationships plot well 
below the original factor proposed by Seed and Idriss 
(1981) for events larger than magnitude 8.5. The Cetin et 
al. (2004) and Idriss and Boulanger (2004) MSF’s are in 
agreement for magnitudes greater than 8.5, and are 
roughly 7% larger than the MSF from the lower bound 
recommendation of the Youd et al. (2001) procedure. 

 

 
Figure 3.  MSF functions specified by each of the four 
simplified procedures for liquefaction hazard evaluation 
including close up for magnitudes extrapolated beyond 
magnitude 8.5 events. 

 
Extrapolation of empirical relationships beyond the 

limits of the data set used to derive them is always risky. 
This may be particularly true for magnitude-duration 
relationships, especially when duration is defined in terms 
of a number of equivalent cycles. The early work of Seed 
et al. (1975) indicated that the uncertainty of the 
magnitude-Neq relationship drastically increases as the 
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magnitude increases. As a result using the mean value of 
Neq, or using a relationship such as MSF which is 
typically based on a mean value of Neq, for a large 
magnitude event raises the possibility of underestimating 
the duration effect of such an event. The subsequent 
section further investigates the duration characteristics of 
large magnitude events, with specific examples provided 
by the well-recorded 2011, Tohoku event. 
 
 
3. DURATION CHARACTERISTICS OF LARGE 
MAGNITUDE EVENTS  
 

Moment magnitude (Hanks and Kanamori, 1977) is 
defined as,  

log 10.7             (4) 

where  is the seismic moment of the event in 
dyne-cm. The seismic moment is defined as  

                   (5) 

where  is the shear modulus of the material along the 
fault,  is the rupture area and  is the average offset 
over the rupture area. As indicated by Equations 4 and 5 
the magnitude of the event is directly related to the area 
of the rupture. This provides some degree of theoretical 
validation of the notion illustrated by Seed et al. (1975) 
that the variability of a magnitude-duration relationship 
increases as the magnitude of the event increases. Figure 
4 helps to demonstrate why this is the case.  

Two scenarios are shown in Figure 4, each 
representing a bilateral rupture that begins at the center of 
a fault in identical crustal materials. The lengths of the 
two faults, however, are very different. For simplicities 
sake it is assumed the rupture occurs practically 
instantaneously across the entire fault surface, and that it 
extends all the way up to the ground surface. It is also 
assumed that the average offsets of the failure are 
identical. Thus the only difference between the two 
events is the fault area. As such the event shown on the 
right represents a larger magnitude event than the event 
shown on the left due to a larger fault area. Each scenario 
depicts the distance that the seismic waves emanating 
from different locations on a fault rupture would have to 
travel until they reached two different sites (A and B) 
Each site shown is perpendicularly located 50 km from 
the closest point on the fault (hence, with the assumptions 
given they would have identical Joyner-Boore distances, 
Boore et al., 1997), but with two different lateral locations. 
Site A is located at the center of the fault, while the other, 
Site B, is located toward the top of the fault.  

For the small magnitude event the distance all of the 
waves have to travel, irrespective of where on the fault 
they originated from, are roughly identical. As a result all 
of the seismic waves would arrive at each site at about the 
same time, and the duration of the event would be very 

similar at both Sites A and B. For the large magnitude 
event, however, the arrival times of the seismic waves 
emanating from different parts of the fault could be very 
different depending on where the site was located, with 
respect to the orientation parallel to the fault. In theory, 
the duration of shaking felt at Site B would be longer, due 
to the late arriving waves originating from the distant 
locations on the fault rupture.  

If other factors that have been shown to induce 
variability in duration prediction methods, such as 
attenuation and site effects, are considered, it is logical 
they would have a greater effect for high magnitude 
events due to larger rupture areas and longer source-site 
paths, in comparison with smaller magnitude earthquakes. 
In addition, faults by nature are not uniform with respect 
to geometry or material properties. As a result a given 
fault surface will contain zones of varying degrees of 
strength. The stronger zones are known as asperities. The 
asperity model of a fault rupture assumes the shear 
stresses contained in a fault prior to an event are not 
uniform, and the majority of the locked stresses are 
contained in asperities along the fault. The release of the 
stresses held by these asperities produces the majority of 
the shaking induced by an earthquake. Large fault 
ruptures typical of large magnitude events can contain 
multiple asperities, and the location and timing of these 
asperity ruptures can result in recorded acceleration 
histories that differed in shape from site to site (Kramer, 
1996). 

Perhaps the best recorded event in history, the recent 
magnitude 9.0 Tohoku event, has provided a wealth of 
information to researchers interested in the behavior of 
large magnitude events. The following subsection makes 
use of a small subsample of the data recorded from the 
Tohoku earthquake to gain a sense of the duration 

Figure 4. Illustration of seismic wave travel distances to 
two different sites located at identical horizontal distances 
but at different transverse positions for two different 
magnitude events. Smaller fault areas make the duration of 
lower magnitude events generally more predictable in 
comparison to large magnitude events. 
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distribution generated by this event. 
 
3.1 Some duration characteristics of the Tohoku 
earthquake 

The Tohoku earthquake was a magnitude 9.0 event, 
which originated approximately 90 km off the eastern 
coast of Honshu. A rupture model for this massive event 
is presented in Figure 5, with the epicenter represented by 
a star and the amount of slip, in meters, shown as 
contours with 5 meter intervals (from NIED, 2011). The 
rupture area is estimated at 100,000 km2, and is shown as 
the boxed region in Figure 5.  

Noguchi and Fumumura (2011) investigated the 
rupture process of the fault and plotted time histories 
from NIED K-Net and Kik-Net stations located near a 
line roughly parallel to the fault (Figure 6). When they 
plotted the time histories from the stations, from North to 
South [Figure 6 (a)], they were able to draw some 
interesting conclusions. Noguchi and Fumumura (2011) 
identified three significant asperities ruptured during the 
Tohoku event. The first, whose manifestations in the 
acceleration response is represented by the purple band in 
Figure 6(a) labeled as , occurred off the coast near 
38.5°N, around the center of the provided map. The 
second asperity, seen as the blue band (), ruptured at 
about the same latitude, but further offshore, 
approximately 30 seconds later. The third rupture () 
likely occurred near 37°N, south of the first two 
asperities.  

 The locations of the recording stations with respect 
to these major fault asperities greatly affected the 
recorded ground motions. The northernmost stations 
shown in Figure 6(a) appear to be dominated by the first 
two fault asperities and feature very little influence from 
the third, which was a large distance away. The time 
histories seen in the center of the plot show varying 
degrees of influence from all three asperities, while the 

southernmost accelerograms are predominantly 
motivated by the third asperity. 

In order to examine how duration is affected by the 
variable acceleration response shown in Figure 6(a), three 
duration metrics were calculated for each of the 
acceleration time histories, and plotted as a function of 
latitude. The accelerograms for sites above latitude 40.6° 
N and below 36°N were not included in the duration 
calculations. For the remaining sites the number of 
equivalent cycles, presented as the average of both 
components as calculated using the procedure outlined in 
Seed et al. (1975), the 5-75% significant duration and the 
0.05 g bracketed durations were calculated and shown in 
Figures 6(b), (c) and (d), respectively. 

 The duration results shown in Figure 6 have some 
interesting trends. To start the number of equivalent 
cycles appears to be the most variable of the three 
duration parameters, with a minimum value of 3.4 cycles 
(average of both components), a maximum value of 73.8 
cycles, and a mean value of 25.0 cycles. In general the 

Figure 5. Preliminary rupture model for the Tohoku
earthquake from NIED (2011)  

Figure 6. (a) Plot produced by Noguchi and Furumura (2011), illustrating how the rupture process of the Tohoku earthquake
affected the waveforms recorded at a series of sites located at approximately the same perpendicular distance from the fault
rupture. Plots (b), (c) and (d) show plots of three different duration metrics as a function of latitude calculated from the
acceleration time histories recorded at the sites shown in Plot (a).  
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38° N 

39° N 

40° N 

41° N 
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southern sites had the lowest values for Neq, although 
sites around 38.5°N also featured very low values as well. 
The 5-75% significant duration values ranged from 24.7 
sec to 79.0 sec, with a mean value of 52.0 sec. The t5-75 
values were nearly constant for the motions recorded 
above 38°N and were more variable for the southern sites. 
The significant durations seen around 38.5°N, which 
produced the minimum values with respect to Neq, were 
near the average value with respect to t5-75. 

For the bracketed duration, which is the only 
duration metric of the three that employs an 
amplitude-dependent component, the given recorded 
ground motions indicated values spanning from 59.2 sec 
to 179.3 sec. The mean value for the bracketed duration 
was 133.4 sec. The largest bracketed durations 
corresponded to sites above 38°N. The bracketed 
durations were highly variable for the northern sites, and 
displayed smooth behavior for the southern sites, with tb 
decreasing fairly uniformly as the latitude decreased. 

While the data presented in Figure 6 is an 
unrepresentatively small subset of data to make any 
sweeping conclusions about the duration behavior of 
large magnitude events, it does highlight the inherent 
inconsistencies in the durations characterized in these 
different ways. The data also indicates that the timing and 
location of rupture asperities can have a large effect on 
the amplitude and duration response of sites located close 
to the fault rupture, and that the use of a median value 
might not accurately reflect the duration behavior of this 
large magnitude event. 

This leads us to two very important questions with 
respect to duration and liquefaction hazard analysis: (1) 
how sensitive is liquefaction to duration and (2) what is 
the best way to characterize duration for evaluating 
liquefaction potential? As shown in Figure 3, the MSF 
functions are not very sensitive to events above 7.5. The 
difference in MSF between a magnitude 6.5 and a 
magnitude 7.0 is much greater than the difference in MSF 
between a magnitude 8.0 and a magnitude 8.5. Is it 
necessary to try to estimate an actual duration for a design 
event, or is it sufficient to approximate the effect of 
duration with a scaling factor applied to an 
amplitude-dependent term? An attempt was made to 
investigate these questions quantitatively, within our 
current framework of liquefaction, through effective 
stress finite element analyses of a liquefiable soil deposit, 
to see how the duration of the applied motion affects the 
response of the profile. Descriptions of the analysis, as 
well as the results are presented in the following section. 
 
 
4. THE EFFECT OF DURATION ON THE 
RESPONSE OF A LIQUEFIABLE SOIL DEPOSIT  
 

In order to try to isolate the effects of duration, a 
suite of synthetic motions were created, each having 
similar amplitude and frequency content characteristics, 
but with different durations, and applied to a soil deposit 

containing liquefiable soil layers, using the OpenSees 
(http://opensees.berkeley.edu) finite element program. 
Effective stress site response analysis were performed 
using a soil profile modeled after the Wildlife 
Liquefaction Array (WLA) with a 1% slope applied to 
evaluate the permanent displacement induced by lateral 
spreading of a liquefiable layer. The ensuing subsections 
detail the input motions, soil parameters and results of 
these analyses. 
 
4.1 Input motions 

In order to generate a suite of input motions with 
similar amplitudes and frequency contents, but different 
durations, synthetic motions were created. These motions 
were formed by defining a band-limited white noise 
signal in the frequency-domain, transforming the signal 
to the time-domain, and applying an enveloping function. 
Enveloping functions with different total durations were 
used to produce the set of motions to use in the analysis. 
Once all of the motions were created, the motions were 
then scaled so the mean values of their response spectra 
over the range of 0.1 to 10 sec were all identical. 

The source spectrum used for the synthetic motions 
was the Brune spectrum (Brune, 1970) for a magnitude 
7.5 event at a distance of 20 km. Additional parameters 
used to define the spectrum were crustal density and 
shear wave velocity values of 2.7gm/cm3 and 3.2 km/sec, 
a radiation pattern coefficient of 0.63, a free surface 
amplification factor of 2, a Q value of 300 and a 
partitioning coefficient 0.71, which are based on values 
presented in Boore (1983) and Hanks and McGuire 
(1981). The amplitude spectrum was multiplied by the 
Fourier transform of a white-noise signal sampled at a 
time step of 0.005 sec. The resulting frequency-domain 
signal was converted to a band-limited white noise signal 
in the time-domain using the inverse fast Fourier 
transform (FFT). 

An enveloping function was applied to give the 
signal a general shape consistent with that of an actual 
recorded event. A Saragoni-Hart enveloping function 
(Saragoni and Hart, 1974)  

 

	
	 	

	 	
          (6) 

 
was used with  = 1.0,  = 3.0 and  = 0.12. A 
normalized envelope, with a total duration of tmax = 100 
sec was created. This envelope was then stretched or 
compressed with respect to time to generate envelopes 
with identical normalized shapes, but different durations. 
After multiplying the band-limited white noise signal by 
the enveloping function, each motion was baseline 
corrected to ensure there was no permanent displacement 
in the final motions. 
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The motion suite used in the analysis consisted of 
motions ranging from tmax = 20 sec to tmax = 300 sec, in 2 
second increments, for a total of 141 applied motions. 
Figure 7 illustrates the process used to generate the 
synthetic motions. Figure 7(a) shows the Brune spectrum, 
and Figure 7(b) is an example of the noise signal created 
by convolving the white noise signal with the Brune 
spectra shown. Figure 7(c) shows three enveloping 
functions for record lengths of 20, 100 and 300 seconds. 
Figures 7(d), (e), and (f) show the resulting acceleration 
time histories. Once all 141 motions were created each 
motion was scaled to have identical mean spectral 
acceleration values based on periods between 0.1 and 10 
seconds. 

Figure 8 shows a plot of the response spectra for 
each of the 141 input motions. The plots are colored 
based on the duration, with a shorter durations 
represented by the colder colors and longer durations 
seen as the warmer colors. Figure 8 indicates, that while 
the amplitudes and frequency contents of each of the 
motions are not identical, due to the time domain 
enveloping function and because each motions phase 
spectra is unique (re-randomized for each motion). 
However, they are all fairly similar and as such were used 
as the base input motions for soil profile described in the 
following subsection. 

4.2 Soil profile 
Located on the south end of the San Andreas fault 

system in California’s Imperial Valley, the Wildlife 
liquefaction array (WLA) is well known in the 
geotechnical earthquake engineering community and has 
provided valuable insight into the behavior of a 
liquefiable soil deposit subject to earthquake loading. The 
WLA is instrumented with accelerometers at the surface 
and at a depth of 7.5 meters and also includes 
piezometers within a liquefiable layer between depths of 
2.5 and 6.8m. Due to its prevalence in literature 
(including Bennett et al., 1984; Youd and Holzer, 1994; 
Zeghal and Elgamal, 1994; Holzer and Youd, 2007), the 
fact that it contains soils susceptible to liquefaction, and 
since previous research has indicated that OpenSees can 
reproduce recorded surface motions with a fair amount of 
accuracy (Sideras, 2011), the WLA was chosen as the 
input soil model for the finite element analysis.  

The soil profile was modeled as a one-dimensional 
7.5 m soil column overlying a rigid base with all layers 
inclined at 1%. The profile consisted of 75, 0.1-m-tall 
elements, using the PDMY and PIMY soil models 
provided in OpenSees (Elgamal et al. 2003). The soil 
properties used were defined by Holzer and Youd (2007), 
and shown in Table 1. The water table was assumed to be 
located one meter from the ground surface. A further 
description of the input values used for the OpenSees 
analysis is provided in Sideras (2011). Each of the input 
motions were applied as velocity time histories to a rigid 
base at the bottom of the profile.  

4.3 Results 
The results of the analyses are interpreted in terms of 

the permanent downslope displacements of the inclined 
soil profile. The OpenSees model is capable of 
representing the complex cyclic mobility phenomena that 

Figure 7. Synthetic motion generation process. (a) Create
target Brune spectra, (b) generate time-domain signal
using taking the inverse FFT of target amplitude spectra
and a random phase spectra, and (c) apply time-domain
enveloping function, shown for tmax values of 20, 100 and
300 seconds. (d), (e) and (f) show synthetic motions with
total durations of 20, 100 and 300 seconds, respectively. 

Table 1. WLA soil properties from Holzer and Youd (2007)

Figure 8. Response spectra for each of the 141 input
motions. Motions are colored from blue to red based on
duration 
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leads to lateral spreading. Figures 9(a), (b) and (c) 
presents the permanent downslope displacement plotted 
as a function of Neq, the 5-75% significant duration (t5-75) 
and the 0.05 g bracketed duration (tb). 

Figure 9 shows that if the amplitudes and frequency 
contents of the input motions are approximately equal, 
duration has a marked effect on the response of a 
liquefiable soil deposit. The permanent displacement of 
the soil profile is shown to increase as the each of the 
three duration metrics increase. In order to evaluate how 
effectively each duration statistic was able to predict the 
permanent downslope displacement, a power function of 
the form 

∙                   (7) 

where  is the permanent downslope displacement,  
is a duration metric and  and  are constants, was fit 
to the data, and the fit was then quantified in terms of a 
log-standard deviation of the residuals. The log-standard 
deviation values for each of the three duration metrics are 
listed in Figure 9. Based on the results presented here, the 
permanent displacement seems to be more closely related 
to the significant duration than to Neq or the bracketed 
duration. While much more research and analyses would 
be required before any substantial conclusions can be 
drawn, the results do suggest that effectively accounting 
for the duration of the input motion is an important step 
in assessing the effect of an earthquake motion on a soil 
deposit containing liquefiable soil layers. In addition 
these results may indicate that additional parameters, 
other than Neq, warrant investigation for use in defining 
duration for use in liquefaction evaluation. 

5 SUMMARY AND CONCLUSIONS 
 

A comprehensive description of a ground motion 
includes characterization of its amplitude, frequency 

content and duration. Yet, there has been a historical 
emphasis on amplitude and frequency parameters for use 
in design, while duration is commonly left unaccounted 
for. While this may be adequate for some engineering 
applications, liquefaction hazard analysis is one area 
where the importance of duration has been recognized. 
However, current liquefaction evaluation procedures do 
not explicitly account for duration, but rather deal with it 
indirectly using scaling factors correlated to earthquake 
magnitude. These scaling factors are used to adjust the 
seismic demand imposed by the design event, and have 
proven suitable for lower magnitude events consistent 
with the data upon which they were calibrated. As the 
magnitude of the event increase however, the risk 
involved with using these types of correlations increases 
dramatically due to the lack of historical data for 
long-duration ground motions and the complexity of the 
response of liquefiable soils to such motions. 

The early work by Seed et al. (1975), based on 
recorded ground motions, implied that the variability in 
ground motion duration increases as magnitude increases. 
A brief study on the duration behavior of the magnitude 
9.0 Tohoku event found for sites with similar 
Joyner-Boore distances could have durations, when 
defined in terms of number of equivalent cycles, which 
ranged from around 3 cycles up to 74 cycles. While this 
study did not account for site effects, it does suggest that 
using a correlation based on a mean value, could 
dramatically under-predict or over-predict the duration of 
an individual event. A further study implied that, for 
motions with similar amplitudes and frequency contents, 
the duration of the event has a significant impact on the 
response of liquefiable soil deposits. Recent events, 
particularly the magnitude 9.0 Tohoku, and magnitude 
8.8 Maule earthquakes provide earthquake engineers with 
insight into the response of soils and structures to large 
magnitude events. Understanding this behavior is 
extremely valuable, particularly for duration-sensitive 
engineering systems.   
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Abstract:  This paper illustrates the development of inexpensive, three axes accelerometer based on Micro Electro 
Mechanical Systems (MEMS). The paper also describes a simple procedure that can make the accelerometer water proof, 
thus it can be used in experiments involving saturated soils. The MEMS accelerometer was tested using a six degrees of 
freedom shaking table and calibrated against standard SETRA transducers considered as reference accelerometers. As 
possible application, the developed accelerometer was also employed for analyzing a typical wave propagation 
phenomenon through both dry and saturated sandy soil. The results presented in this paper show a good performance of 
this low-cost MEMS accelerometer also when used in saturated condition. 
 
 
 

 
 
1.  INTRODUCTION 

 

Accelerometers are transducers able to convert the 

acceleration into an electrical signal that can be easily 

transferred and subsequently analyzed. Most accelerometers 

rely on the piezoelectric effect, in which a sensing element 

mass is placed on a stack of disks made by piezoelectric 

material. When the transducer is subjected to acceleration 

the mass exerts a force on the disks which causes a variable 

charge in the piezoelectric proportional to the force and 

therefore to the acceleration of the mass.  

Conventional accelerometers present several limitations 

such as costs (typical minimum price 300USD/axis, 

Hoffman et al. 2006), unidimensionality (i.e. able to measure 

acceleration in one axis) and vulnerability when used in 

presence of liquids. The latter issue may be very important 

in studies were instrumentation is required to operate under 

saturated conditions. Additionally, in soil liquefaction studies, 

the sensor ideally should be at the same location during the 

entire liquefaction process, i.e. neither it will float nor sink in 

the ground. It is therefore required that the sensor is neutrally 

buoyant.  

This paper illustrates the development of inexpensive 

(circa 10USD/axis) water proof accelerometers based on a 

micro electro-mechanical system (MEMS). Moreover, these 

accelerometers are able to measure acceleration in three 

different axes at the same time. The authors also discuss the 

validity, applicability and limitations of these low cost 

accelerometers, by presenting tests results from calibration 

and wave propagation experiments, which were carried out 

in both dry and saturated sand. All tests presented in this 

paper were performed using the shaking table at the Bristol 

Laboratory for Advanced Dynamics Engineering (BLADE). 

 

 

2.  MEMS ACCELEROMETERS  

 

2.1  General information 

Each accelerometer is made by an ADXL 335 analog 

device mounted on a breakout board. The main dimensions 

are illustrated in Fig.1. The chip (ADXL 335) is a 3-axis 

accelerometer requiring very low power with signal 

conditioned voltage outputs. It measures acceleration with a 

minimum full-scale range of ± 3g with a bandwidth of 50Hz 

for each axis. However changing the 0.1mF capacitors, 

different bandwidth of frequency may be measured. The 

output signals are analog voltages that are proportional to 

acceleration. ADXL 335 can measure the static acceleration 

of gravity in tilt-sensing applications, as well as dynamic 

acceleration resulting from motion, shock or vibration. From 

Fig.1 it may be noted that there are six pins, namely ST, X,Y, 

Z, GND and VCC. Two pins for power supply: one 3V 

supply (VCC), one for ground (GND) and four pins for four 

the acceleration data output and the other as a common 

grounding to all three axes data. The MEMS accelerometers 

work with a power supply within the range of 1.8-3.6V with 

a very low current  
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of 350mA. However, as the breakout board is tested 

extensively for 3V power supply, a constant voltage of 3V is 

adopted in the present study. Since the output analog voltage 

measuring the acceleration is very sensitive to the input a 

constant input power supply is required. For this purpose 

RDP611 signal conditioning amplifier is used since it 

facilitates the constant required power supply. For the 

present application the grounding cables are looped on the 

board requiring only 5 connecting cables. The connecting 

cables are soldered firmly to the board before packing. 

 

2.2  Packaging 

The main aim of packaging the ADXL 335 

accelerometer is to make it robust as well as water proof for 

ground engineering application. As mentioned before, the 

other important objective of the packaging is to make the 

final accelerometer heavy enough so that it should stay in 

position (neutrally buoyant) under liquefied condition. For 

this purpose, engineering resin (hardening and water 

proofing) is used to cover the MEMS accelerometer to a 

suitable size and shape that gives the required weight of the 

accelerometer. For the present application, a cubical PTFE 

(Poly Tetra Fluoro Ethylene) casing was prepared and the 

accelerometer was positioned before pouring the hardening 

epoxy resin. Fig.2 shows the step by step procedure in 

making the water proof accelerometer. 

The steps can be summarize as follow: (i) making a 

PTFE box (see Fig.2a); (ii) placing the MEMS 

accelerometer in the box with the wires suitably placed to 

avoid stretching This can be done using glue (see Fig.2b); 

(iii) Pour epoxy resin in the box (see Fig. 3b) and (iv) giving 

some time to dry it out (see Fig. 2c). The final size of the 

ADXL accelerometer is 40mm×40mm×17mm weighing 

50g. 

 

3.  CALIBRATION OF THE ACCELEROMETERS  

 

The three axis ADXL 335 accelerometer was calibrated 

using three reference SETRA accelerometers (one for each 

axis). The calibration was carried out using the 6 of degrees 

of freedom shaking table of the Bristol Laboratory for 

Advanced Dynamics Engineering (BLADE).  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The reference and new accelerometers were subjected to 

white noise testing consisting in a low amplitude random 

vibration with a frequency in the range between 0-100Hz. 

 Fig.3 plots time history of the recorded accelerations of 

the two types of accelerometers (ADXL and SETRA) tested 

in one direction (X axis). The figure also plots the coherence 

function between the reference accelerometer (SETRA) and 

the ADXL accelerometer. The coherence function is useful 

for measuring the correlation between two time series 

functions, at a given frequency f. Mathematically, coherence 

(CSA) at a given frequency f is defined by Eq. (1) (Kay 

1988): 
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Where PSS is the power spectral density of SETRA 

accelerometer time series, PAA is the power spectral density 

of ADXL accelerometer series and PSA is the cross power 

spectral density of SETRA and ADXL signals. 

 The plot in Fig.3 shows an excellent coherence within 

the frequency range 2-49Hz in X axis direction between the 

two accelerometers.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1  Close-up of ADXL 335 chip mounted on the 

breakout board  

Figure 2  Packaging of accelerometers  

Figure 3  Coherence and time histories of SETRA and 

ADXL accelerometers  
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Fig.4 shows the coherences in all three axes between one 

ADXL and three SETRA accelerometers. This plot further 

confirms that there is an excellent coherence within the 

frequency range 2-49 Hz.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Another important parameter that should be taken into 

account in choosing an accelerometer is the signal to noise 

ratio.  

 A comparison between the power spectral densities of 

the white noise signal and the power spectral density of the 

noise is plotted in Fig.5. The power spectral density was 

estimated by using the well known Welch’s method (Welch, 

1967). The plot shows that there is a good distinction 

between the PSD from the actual signal and the noise for 

both SETRA and ADXL accelerometers. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.  EXAMPLE OF APPLICATION: STUDY WAVE 

PROPAGATION IN SAND 

 

The performance of the ADXL accelerometers was tested by 

considering a typical analysis of wave propagation through 

dry and saturated soil. Red Hill 110 sand was used for all 

tests. The soil’s properties are listed in Table 1.  

 

Table 1  Indexed properties of Red Hill 110 

 

Property Value 

Specific gravity Gs 2.65 

Maximum void ratio emax 1.037 

Minimum void ratio emin 0.547 

Permeability in water 5×10
-4
 m/s 

 

The sand was air-pluviated into rigid modular container 

having inside dimensions of 2.4m long, 2.4 high and 1.2m. 

The average initial dry density of the soil was 13kN/m
3
, 

which results in relative density equals to 30%. In order to 

reduce the p-waves reflections from the end-walls, soft 

boundaries were placed on both sides of the container. The 

absorbing material consisted in a 300mm thick foam having 

a density of 27kg/m
3
 and Young’s Modulus of 250kPa. The 

instrumentation layout is illustrated in Fig. 6. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.1  Wave propagation through dry sand 

The analysis of wave propagation was carried out using 

eight ADXL accelerometers positioned at different locations 

within and outside the soil. During the tests, sinusoidal dwell 

excitation was considered as input motion. The sine-dwell 

consisted of constant peak sine wave acceleration (0.58g) at 

one particular frequency (5Hz) for a certain number of 

cycles (25 cycles). Fig. 7 shows the acceleration recordings 

from ADXL accelerometers positioned at various locations 

along within the sand. Accelerometers A0, A6, A5, A4 and 

A1 are located at 0, 150, 300, 600 and 900mm elevation 

from the bottom of the container respectively. A0 denotes 

the acceleration measure at the base of the shaking table. 

The average shear wave velocity was estimated based on the 

acceleration records and its value was about 45m/s, which 

gives a first natural frequency of the deposit of 10.2Hz. Due 

to the shaking an amplification of the acceleration is 

Figure 4  Coherence between SETRA and ADXL 

accelerometers for all three axes  

Figure 5  Power spectral densities of actual signal and noise 

for both ADXL and SETRA accelerometers  

Figure 6  Instrumentation layout   
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expected at the surface. From Fig.7 it may be observed that 

the acceleration amplifies with the elevation. The maximum 

observed amplification was about four times. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.2  Wave propagation through saturated sand 

The main objective of developing ADXL accelerometer was 

to make them water proof so they can be used in saturated 

soils for liquefaction studies. In order to prove the 

performance of the new accelerometers with the presence of 

liquids, the soil inside the container was subsequently 

saturated with water. The same sine dwell input motion was 

used during these tests.  Fig. 8 shows typical acceleration 

responses recorded by the MEMS accelerometers. Also in 

this case higher accelerations were recorded by the 

accelerometers positioned near the surface, which proves the 

efficiency of the accelerometer developed in this research. 

More detailed analysis can be found in Bhattacharya et al. 

(2012).   

 

 

5.  CONCLUSION AND DISCUSSION 

 

The necessary requirements for an accelerometer to be used 

for dynamic geo-engineering studies dealing with saturated 

soils are: water proof, light weight (for centrifuge 

applications), high signal to noise ratio and low cost. 

Conventional one-axis piezoelectric accelerometers do not 

fulfill all the above requirements mainly due to the fact that 

they are expensive and very difficult to make them water 

proof. This paper explored the use of low cost (10 USD/axis), 

three axis, water proof ADXL335 chip based MEMS 

accelerometers for dynamic geo-engineering applications. 

First the performance of the MEMS accelerometer is 

compared with three reference accelerometers, one for each 

axis. The tests demonstrated that ADXL accelerometer had a 

good signal to noise ratio comparable to a traditional 

accelerometers. As a possible application, MEMS three axis 

accelerometers were also used to study wave propagation 

through dry and saturated sand using a six of degrees of 

freedom shaking table. It was observed that the 

accelerometers can capture accurately the acceleration 

response in saturated soil. The results discussed confirm the 

satisfactory performance of the ADXL accelerometers in geo 

engineering applications.  
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Figure 7  Acceleration histories recorded by the ADXL 

accelerometers places in dry sand  

Figure 8  Acceleration histories recorded by the ADXL 

accelerometers places in saturated sand  
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Abstract:  The 2011 Great East Japan Earthquake induced not only severe tsunami damage to Tohoku region but 
extensive soil liquefaction around Tokyo Bay and Tone River. In Urayasu city, which developed mainly over reclaimed 
lands, about 80% of the city area suffered from soil liquefaction. The field investigation was conducted immediately after 
the earthquake and a liquefaction damage map indicating the extent of damage was made. The map suggested that the 
liquefaction-induced damage had occurred only in reclaimed area. No liquefaction-induced damage was observed in the 
reclaimed fills where ground treatment has been made. Soil conditions of the city such as the depth to the bedrock, the 
thickness of reclaimed soil and natural site period vary significantly from place to place. In this paper, several 
observations and analyses were employed to clarify the distribution of liquefaction-induced damage and to examine the 
major factor affecting the distribution and extent of damage.  

 
 
1.  INTRODUCTION 
 

The 2011 Great East Japan Earthquake (Mw 9.0) that 
occurred at 14:46 JST on Friday, 11 March 2011 induced 
soil liquefaction in reclaimed lands, leading to extensive 
damage to buildings as well as lifelines. In Urayasu city, 
built on reclaimed area, many houses were tilted and settled 
due to liquefaction. Large relative ground settlement around 
pile-supported buildings were observed. Buried structures 
such as manholes and underground water tanks and parking 
garages were uplifted. However, within the reclaimed land, 
there were some areas where liquefaction was not observed. 
To study the influential factors affecting the occurrence and 
non-occurrence of soil liquefaction and the resulting damage 
in the city, microtremor measurements and aftershock 
observations together with dynamic analyses were employed 
to examine the relationship between seismic characteristics 
and observed liquefaction damage in the city. 
 
 
2.  FIELD INVESTIGATION  

 
2.1  Overview of Urayasu city and recorded motion 
     Figure 1 shows a map of Urayasu city with the 
reclaimed period of each area. The city can be classified into 
three parts in terms of reclamation age. The oldest area, 
Moto-Machi, is natural land is located in the northwest part 
of the city. The remaining areas are reclaimed lands, called  
Naka-Machi and Shin-machi, constructed between 1964 and 
1975, and 1972 and 1980 respectively. 
     According to the report of JMA, the seismic intensity 

 

Figure 1 Map of Urayasu city and reclaimed year 

 

Figure 2 Thickness of alluvial deposit  
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of the city was 5+, and K-NET strong motion station 
(CHB008) which is located on Moto-Machi recorded a peak 
acceleration of 1.7 m/s2 (resultant value of two horizontal 
motions) with duration of the major motion longer than 100s 
(Figure 3) during the main shock. No soil liquefaction was 
observed around the K-NET station. 
 
2.2  Investigation of liquefaction damage 
 Several weeks of field investigation had been made in 
Urayasu city from the following day of the quake to assess 
the extent of soil liquefaction and resulting damage, with 
measurement and/or observation of the thickness of boiled 
sand, gap between pile supported buildings and ground, 
tilted angle of wooden houses and uplifting of underground 
structures.  Based on the reconnaissance survey, it is 
suggested that: 
(1) Liquefaction damage was not observed in areas northeast 
of the old shoreline, including the neighborhood of K-NET 
and JR Urayasu station. 
(2) In reclaimed area, boiled sand, ground subsidence, tilting 
and sinking of wooden houses, uplifting of buried objects 
were observed, while structural damage due to strong 
shaking were rarely seen. 
(3) Most of the non-damaged areas in the reclaimed land had 
been treated with some ground improvement method such as 
sand compaction piles and gravel drain. Their effectiveness 
against the ground shaking with a peak ground acceleration 
of 2.0m/s2 induced by the Mw9.0 earthquake was therefore 

confirmed. 
 Based on the result of the reconnaissance, a liquefaction 

damage map of Urayasu (Figure 4) was made which shows 
the extent of damage under four categories (i.e., no, slight, 
moderate, and extensive). It seems that the degree of 
liquefaction varies from place to place even within nearby 
areas depending on factors such as 1) the existence of 
ground treatment, 2) reclamation year, 3) methods and 
materials of reclamation, 4) the groundwater table, and 5) 
the thicknesses of the reclaimed fills and alluvial deposits 
(Figure 2). 
 
 
3.  SEISMIC CHARACETRIZATION 
 
3.1  Aftershock observation 
 From August 2011, six seismometers were installed at 
public facilities in the city (s01 to s06 in Figure 2), making a 
cross-sectional line across the buried valley.  In addition, 
another seismometer was set at Maihama3 from December 
2011 (s07 in Figure 2).  
 Figures 5a and 5b show the maximum acceleration and 
velocity ratios of each station obtained by dividing PGA and 
PGV with these of s01 respectively. On the average, s03 and 
s04 have higher PGA and PGV ratios than other stations. 
These trends are consistent with the degree of observed 
damage and ground subsidence (Figure 5c). Despite high 
PGA and PGV ratios at s05, damage and ground settlements 

 

Figure 3 Time history of main shock recorded at K-NET 

 

Figure 4 Liquefaction damage map 

 

    Figure 5 PGA and PGV ratios and observed damages 

 

Figure 6 Peak period of H/V spectra 
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are not extensive around s05. This is probably due to 
ground improvements applied to the area around the 
s05 station, which could have minimized the 
occurrence of soil liquefaction and resulting damage 
during the earthquake. 
 Based on the above discussion, there is also a 
possibility that the dynamic response of the surface 
soil might have been influenced by the dynamic 
characteristics of the reclaimed fills as well as of the 
deep alluvial deposit underlying the city. 
 
3.2  Microtremor observation 
 To estimate variation of Vs profile and dynamic 
ground response within the city, microtremor 
measurements using circular arrays and one single 
station were conducted at 7 and 61 locations. The 
predominant period of H/V spectra is about 1.0s in 
Moto-Machi, while it is 1.0s to 1.7s in Naka-Machi 
and Shin-Machi. At the locations of the deepest 
alluvial deposit overlying the buried valley such as 
Maihama, the peak period is higher than 2.0s (Fig. 6).  
 Figure 7 shows the dispersion curves resulting 
from the F-k spectrum analysis of the microtremor 
array records (Capon, 1969; Tokimatsu, 1997) with 
the H/V spectra observed at or near the array center. 
 The inverse analysis using both dispersion curve 
and H/V spectra (Arai and Tokimatsu, 2005) obtained 
from circular array observation was performed to 
determine the Vs profiles underneath each site.  It 
was assumed in the inversion that the Vs profiles of 
the soil deeper than the Pleistocene deposit are similar 
to those from the previous study by Shima et al. 
(1976).  The red line in Figure 7 is the theoretical 
dispersion curves and H/V spectra for the inverted Vs 

 

Figure 9 Observed and computed acceleration time histories 

  

Figure 10 Correlation between 
observed and computed PGA 

Figure 11 Correlation between 
observed and computed PGV 

 

Figure 7 Observed and inverted dispersion curves and H/V  

 

      Figure 8 Estimated Vs profiles 

Observed  Computed  

Observed  Computed  
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profiles showed in Figure 8. Good agreements between the 
observed and theoretical ones indicate that the inverted 
structures are reasonably reliable.  It appears that the layer 
with Vs greater than 300m/s occurring at a depth of 20-30 m 
at s01 corresponds to the Ds sand layer, whereas that of s04 
occurs at a much deeper depth of about 50-60m. 
 
3.3  Analysis of ground motion 
 In Urayasu city, strong ground motions were recorded 
not only at K-NET station but also 10 stations operated by 
the Keiyo Gas Co. Ltd. The black line in Figure 9 shows the 
acceleration time histories of the EW ground motions at the 
10 stations in which soil liquefaction was observed at most 
of the stations excluding HOS and AKM. Many of the 
later-phase acceleration time histories of the liquefied sites 
show long period components and spiky waves, confirming 
the occurrence of soil liquefaction.  
 Equivalent linear dynamic analysis was conducted 
firstly to determine the rock outcrop motions at a depth of 
about 40 m at K-NET Uyayasu using the Vs profile shown 
in Figure 8. Secondly, the ground surface motions at the 10 
sites were estimated using the Vs profile with the rock 
outcrop motions as the input to the base rock and are shown 

in Figure 9 with red lines. Although soil liquefaction 
occurred around most stations except for HOS and AKM 
(see Figure 9), the computed motions show a relatively good 
agreement with the observed records. 
 Figures 10 and 11 compare the computed and observed 
PGA and PGV. The computed values are almost consistent 
with the observed ones, except for the high PGA at HIG and 
IRI that were induced by spiky waves associated with cyclic 
mobility of liquefied sands.  
 Similar site response analysis was also conducted at 83 
locations where Vs profiles had been back-calculated using 
microtremor data. Figures 12 and 14 show the estimated 
PGA and PGV compared with the extent of liquefaction 
damage and Figures 13 and 15 show the PGA and PGV 
compared with the thickness of alluvial deposit. High PGA 
tends to occur in the extensive liquefied area underlain by a 
moderately deep alluvial deposit with a thickness of 40-50 m 
(Figure 13). Meanwhile, high PGV tends to occur not only 
at the locations with high PGA but also on the areas 
underlain by a deep alluvial deposit with a thickness deeper 
than 40-50 m, i.e., Maihama (Figure 15). These results 
confirm that the ground acceleration and velocity did vary 
depending not only on the thickness of fills but also on the 

 

Figure 12 Estimated PGA map with damage ratio 

 

Figure 13 Estimated PGA map with thickness of alluvial 
deposit 

 

Figure 14 Estimated PGV map with damage ratio 

 

Figure 15 Estimated PGV map with thickness of alluvial 
deposit 
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thickness of alluvial deposit. This could be one of the main 
factors of the complex distribution of liquefaction damage 
observed in the city.  
 
 
4.  ESTIMATION OF GROUND SETTLEMENT 
 
 The ground settlements at the locations where Vs SPT 
N-values and fines content are available were estimated 
based on the Recommendation for design of Building 
Foundations of AIJ using the estimated PGA showed in 
Figure 12. Figure 16 compares the estimated ground 
settlement with the observed settlement from the airborne 
scanning laser survey made before and after the earthquake. 
In Moto-Machi, all estimated values are on the conservative 
side, while most of the estimates are smaller than observed 
settlements in Naka-Machi and Shin-Machi. The larger 
ground settlements observed in the field may be due to the 
additional ground settlement induced by the biggest M7.7 
aftershock having occurred just 25 minutes after the main 
shock.  
 Figure 17 compares the estimated ground settlements 
taking into account both main shock and aftershock with the 
observed settlements. Although significantly scattering still 
occurs in the correlation, the estimate ground settlements 
considering the aftershock effects become better consistent 
with the observed one than those estimated with considering 
the effect of the main shock only. 
 
 
6.  CONCLUSIONS 

 
 The 2011 Great East Japan Earthquake induced 
extensive soil liquefaction and damage to various structures 
in Urayasu city. The initial field investigation mapping the 
extent and distribution of liquefaction damage and 
subsequent microtremor and aftershock observation together 
with numerical analysis have shown the following: 
 
(1) Soil liquefaction occurred only in the areas reclaimed 
after 1960s, suggesting that only the artificial fills of 
thicknesses varying up to about 10m did liquefied. Relative 
ground settlements up to 60 cm between pile-supported 
building and the ground were observed.  

(2) The predominant period of H/V spectra of Moto-Machi 
is about 1.0s, while the values of Naka-Machi and 
Shin-Machi vary from 1.0s to 1.7s, occasionally being 
longer than 2.0s. 
(3) The PGA and PGV ratios obtained from the aftershock 
observation at s03 and s04 where liquefaction-induced 
extensive ground settlement and damage to buildings 
occurred show relatively higher values than the other 
stations with minor liquefaction damage.  
(4) The estimated PGA and PGV are relatively high in the 
area where extensive and moderate liquefaction occurred. It 
is suggested that the difference in thickness of alluvial 
deposit was one of the major reasons for the complex 
variation of liquefaction damage.  
(5) The existing liquefaction evaluation method can predict 
fairly well the occurrence of soil liquefaction and resulting 
ground settlements observed in the field. 
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Abstract: Site improvement using stiff columns, such as sand composer columns, stone columns, jet grouted columns or 
deep mixing columns is currently being used to reduce the risk of potential effects of earthquake-induced liquefaction. In 
the US, apart from densification and drainage mechanisms, circular reinforcement columns are used to function as shear 
reinforcement to surrounding liquefiable soils to resist strong earthquake motions. In current practice, such columns are 
often designed based on the shear strain compatibility assumption. This paper presents the results obtained from 3-D 
elastic-linear finite element analyses models of liquefiable soils strengthened with circular reinforcement columns. 
Analyses were carried out to investigate the effectiveness of circular reinforcement columns in reducing the shear 
stresses and strains imposed on the liquefiable soil under pseudo-static, harmonic, and earthquake loading. It is found 
that circular reinforcement columns not only deform in shear, but also in flexure and that the shear strain compatibility 
assumption can be significantly unconservative. Thus, the level of shear stress reduction in surrounding soil is less than 
estimated using design methods which are based on shear strain compability. A new design relationship is proposed to 
better estimate the shear stress reduction in liquefiable soil treated with circular reinforcement columns. 

 
 
1. INTRODUCTION 
 

The risk of earthquake induced liquefaction of loose 
saturated cohensionless soil can be reduced by improving 
the ground. Among other methods, use of stiff column 
reinforcement such as sand composer columns, stone 
columns, jet grouted columns or deep soil mixing columns 
is one of the popular methods for site improvements to 
mitigate the liquefaction potential of loose ground. 

Stiff columns are constructed in grid patterns (e.g., 
triangular, square) as shown in Figure 1. In US, stone 
columns, for example, are considered to improve the 
liquefaction resistance of soil through three principals (Baez 
1995, Ashford et al. 2000; Adalier et al. 2003): (1) by 
increasing the density of loose ground during installation of 
stone columns, (2) by providing short drainage path for 
rapid dissipation of excess pore water pressure generated 
during earthquake shaking, and (3) by providing shear 
reinforcement and distributing shear stress, thereby 

decreasing shear stress in the surrounding loose soil and 
slowing the generation of excess pore water pressure.  

In the US, particularly for non-plastic silt, the design of 
reinforcement columns (e.g., stone columns) often includes 
the third mechanism (Priebe 1995, Baez 1995), which is 
based on the assumption that stiff columns deform 
compatibly in shear with surrounding soil. The current 
design practice for stone columns is based on Baez (1995) 
work (Equation 1), which estimate the shear stress reduction 
factor KG (i.e., ratio computed as shear stress in soil after 
improvement over shear stress in soil before improvement) 
for any area replacement ratio (Ar) and shear modulus ratio 
(Gr). The assumption of shear strain compatible deformation 
of stone columns and surrounding soil leads to a reduction 
in the computed dynamic shear stress in the surrounding soil 
for all combination of Ar >0 and Gr >1.  

In recent years, other researchers (Goughnour and 
Pestana, 1998; Green et al., 2008; Olgun and Martin, 2008, 
Rayamajhi et al. 2012) suggests that stone columns not only 
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deform in shear but also in flexure and thus are less effective 
in reducing dynamic shear stresses on the soil. To date, the 
extent of shear stress reduction in the loose soil due to 
installation of stone columns (or any other circular 
reinforcement column) is not clear yet. The reduction in 
shear stress for compatible shear deformation is given by, 
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where, Ar=Asc/A, Gr=Gsc/Gs (between 2 and 7; Baez and 
Martin 1993), τs= shear stress in soil between the stone 
column, τ = average shear stress of soil and stone column 
composite system, Asc= area of stone column, A= total plan 
area (sum of area of soil and stone column), Gsc= shear 
modulus of stone column, and Gs= shear modulus of soil. 

A numerical study was carried out to understand the 
deformation behavior of stiff columns and clarify the effects 
such deformations on the shear stress and shear strain 
distribution in surrounding soil. Three-dimensional (3D) 
linear-elastic finite element (FE) models of a unit cell were 
developed and subjected with pseudo-static, harmonic, and 
earthquake loading. In the subsequent sections, FE 
modeling procedure is described followed by the analysis 
results and discussion about the deformation behavior of 
circular reinforcement column along with shear stress and 
strain distribution profile. Finally, the results of the analyses 
are compared with the design relationship by Baez (1995) 
and a modified design relationship is proposed. 

 
 

2. FINITE ELEMENT MODELLING 
 
An open source computational platform, OpenSees, 

was used to conduct 3D FE analysis of loose ground 
reinforced with circular reinforcement column.  More 
information about OpenSees can be found in Mazzoni et al. 
(2009). OpenSeesPL was used as a pre-processor to 
generate the input file for OpenSees. OpenSeesPL is a 
graphical user interface to facilitate a wide range of 3D FE 
modeling (Elgamal et al. 2009). The 3D FE modeling of the 
circular column was carried out by using the 8-8 node brick 
element available in OpenSees. This 8-8 node brick element 
is based on the solid-fluid formulation implemented in 
OpenSees (Yang and Elgamal 2002). 

The soil profile used in this study is shown in Figure 2 
(a). The profile consists of 1 m of dense compacted sand, 
underlain by 9 m of liquefiable loose sand, underlain by 2 m 
of dense sand. Shear wave velocities (vs) of the loose and 
dense sand layers were 150 m/s and 300 m/s, respectively. 
All soils were assigned a mass density of 1.92 Mg/m3 and a 
Poisson's ratio of 0.4. In this study, the circular column was 
modeled for Ar=20% with spacing to diameter ratio of about 
2. The circular column stiffness was modeled as 10 times 
stiffer than the loose sand (i.e. vs= 474 m/s). 

One half of a “unit cell” (i.e. representative area of 
improved soil) was used for modeling of soil and circular 
column (Figure 1) with the overall dimension of 1.99 m x 
0.99 m (Figure 2c). The unit cell approach implicitly 
considered the periodic boundary condition, which depends 
on the selected loading conditions (e.g., self-weight stress, 
1-D shaking, or 2-D shaking). To impose periodic boundary 
condition the displacement degree of freedom of left and 
right boundaries nodes were constrained to have equal 
displacement in x-, y-, and z-directions. The model was 
restrained at its base where the model was subjected with 
input motions along x-direction. The analyses were carried 
out with 2% of Raleigh damping centered at first and fourth 
modes of the model, for both improved and unimproved 
cases. It is noted that the drainage effects of the circular 
reinforcement columns were ignored in the analysis and the 
densification of the loose soil layer during the circular 
column installation was ignored as well. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

  

Figure 1: Rectangular Grid Pattern for Circular 
Reinforcement Columns 

Figure 2: Finite Element Modeling of Circular 
Reinforcement Column with Selected Points of Analyses 
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3. FE MODEL RESPONSE INTERPRETATION 
 

The FE analysis results were interpreted using the 
framework of the Seed and Idriss (1971) simplified 
procedure, which is commonly used to estimate the cyclic 
stress ratio (CSR) in liquefaction triggering evaluations of 
level ground sites. The effect of the circular reinforcement 
columns on soil was investigated by calculating the ratio of 
CSR for the improved site over the CSR for the unimproved 
site. 

The CSR for the unimproved case (CSRU) and 
improved case (CSRI) are expressed using the Seed and 
Idriss (1971) simplified procedure as,  
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where s,U and s,I = the average cyclic shear stress, 'v = 
effective vertical stress at the depth of interest,v = total 
vertical stress at the depth of interest, amax,U = peak horizontal 
acceleration at the ground surface, g = gravitational 
acceleration, and rd,U and rd,I = shear stress reduction 
coefficient. The results of a dynamic analysis provide values 
for s,U,s,I, amax,I, and amax,U from which the depth-dependent 
values of rd,U and rd,I are computed. The amax,I is estimated by 
an area-weighted average surface acceleration because amax,I 

varies spatially. 
The ratio of CSRI over CSRU is called “CSR reduction 

factor”, and it is related to the ratio of maximum surface 
accelerations and depth reduction factors as follow 
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where Ramax is the ratio of peak ground accelerations, and Rrd 

is the ratio of shear stress reduction coefficient for improved 
and unimproved case. 

It should be noted that equation 2a for rd,U is a function 
of depth only, whereas the equations 2b and 2c are a 
function of depth and horizontal position. The above 
equation 2c can be used to separate the two primary effects 
of the circular reinforcement column: (1) its effect on the 
site's dynamic response and hence peak surface acceleration, 
and (2) its effects on the reduction in seismic shear stresses 
with depth and horizontal location. 

For the improved case, the ratio of shear strains in the 
circular reinforcement column relative to the surrounding 
soil is described with the shear strain ratio (r). The shear 
strain ratio is also varies spatially. Within the circular 
reinforcement column the shear strain is computed by an 
area weighted average, which varies along the depth of 

circular reinforcement column. If the circular reinforcement 
column purely behaves in shear deformation then r =1. 

 
 

4. MODEL RESPONSE AND DISCUSSION 

 

4.1 Pseudo-Static Loading Response 
For the pseudo-static analysis, constant acceleration of 

0.2g was applied such that the Ramax factor becomes unity. 
To investigate the deformation behavior of circular 
reinforcement columns, the shear deformation () and 
flexure deformation (θ) in the column was extracted using 
the expressions available in literature (Oesterle et al. 1979, 
Shiu et al. 1981, Green et al. 2008, Olgun and Martin 2008) 
and shown in Equations 3a and 3b. The method to estimate 
the deformations from nodal displacements of the brick 
element are shown Figure 3. The deformations in the 
circular reinforcement column are extracted for the element 
located near the edge of the circular column (point 5) as 
shown in Figure 2(c).  

Green et al. (2008) and Olgun and Martin (2008) found 
that cumulative shear and flexure deformation varies 
linearly with time when subjected to ground motion and the 
percentage contribution of shear and flexure deformations 
remains relatively constant. Thus, the relative contributions 
of shear and flexure deformations even can be estimated 
from the pseudo-static analysis. The cumulative percentage 
contributions of shear and flexure deformations are 
computed along the depth with the expressions shown in 
Equations 4a and 4b. The relative contribution from each 
deformation is shown in Figure 4.  

It can see that the circular column behaves in both 
shear and flexural mode. Though relative deformation from 
flexure is significant as compared with the shear 
deformation, the extent of flexure deformation on the shear 
stress distribution capability of circular reinforcement 
column is still unknown. Moreover, it is still not understood 
well that what level of flexure deformation has same effect 
on the shear deformation of circular reinforcement column. 
Nevertheless, the Figure 4 helps to understand that circular 
reinforcement column behaves in dual manner. The flexural 
mode is dominated near ground surface and decreases along 
the depth, while shear mode increases with depth. It is noted 
that at 9 m depth, abrupt change in shear and flexure 
deformations occurred due to the stress concentration in two 
different materials (i.e. transition from higher stiffness 
circular column to lower stiffness dense sand). 
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% Shear  = 100 %
CSD

CSD CFD



  (4a) 

 

% Flexure = 100 %
CFD

CSD CFD



  (4b) 

 
where CFD= cumulative flexure deformation and 

CSD= cumulative shear deformation 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

The plot of Rrd and r with depth at four selected 
locations are presented in Figure 5 and contour plots of Rrd 
and r at the horizontal section at A-A (shown in Figure 2c) 
are presented in Figure 6. The shear reduction value 
predicted using Baez (1995) method is also shown in Figure 
5. The Rrd is quite uniform with depth and area-weighted 
average value is about 0.9. Similarly, the profile plots of r is 
also uniform to the depth 8-m then tend to increase slightly. 
The circular reinforcement column is effective in reducing 
the shear stress in the soil region away from circular column 
and normal to the direction of loading as shown in Figure 6. 
The soil near the circular reinforcement column and along 
the direction of loading is stressed higher than the 
unimproved case, while the soil near the circular 
reinforcement column and along the direction of loading 
experiences less shear strain than soil away from circular 

reinforcement column. The average r values increases from 
0.05 to 0.50, generally with depth. The average Rrd 
estimated from FE analysis is larger than the value used in 
current design practice (i.e. from Baez 1995). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4.2 Harmonic Input Motions Response 

To understand the behavior of circular reinforcement 
column with input motion frequencies and effects on shear 
stress and strain distribution, the model (Ar=20%., Gr=10) is 
subjected with set of pure harmonic motions with 
frequencies at 2, 4, 5, 10, 15, and 20 Hz and peak 
acceleration of 0.2g. The selected input motion frequencies 
incorporate the wide range of fundamental frequencies of 
the model. The profile plot of area-weighted average Rrd, 
RCSR, and r with depth are shown in Figure 7 and the 
variation in Ramax versus input frequency is shown in Figure 
8.  

Figure 4: Relative Contribution to Cumulative Shear and 
Flexure Deformation from Pseudo-static Analysis with 

Ar=20% and Gr=10 

Figure 5: Plots of Rrd and r from Pseudo-static Analysis 
with Ar=20% and Gr=10 

Figure 6: Contours of Rrd and r at section A-A (plan 
dimensions are in meters 

Figure 3: Shear and flexure deformations at one face of brick 
element (after Oesterle et al. 1979, Shiu et al. 1981, Green et 

al. 2008, Olgun and Martin 2008) 
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From the figure, it can be seen that plots of Rrd, RCSR, 
and r are quite uniform with depth for input motion having 
frequencies less than 4Hz. Moreover, the plots are similar to 
pseudo-static results with motion less than 4Hz. This may 
be due to the wave length below 4Hz frequency (i.e., longer 
than 37.5m) being large compared to the model depth (12m) 
such that the dynamic loading is essentially very similar to a 
pseudo-static loading. However, at higher frequency, the 
plots of Rrd, RCSR, and r vary quite significantly with depth. 
Interestingly, it can be seen that model subjected with higher 
frequency causes abrupt changes in the response of the 
model, which may be due to the reason that higher modes of 
the model are excited. Furthermore, Figure 8 shows the site 
resonance effect as the Ramax is higher at 4Hz input 
frequency (also first natural period of the model), thus RCSR 
is maximum for all depth at 4Hz (Figure 7).  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4.3 Earthquake Input Motion Response 

For the time history analysis, recorded motion of 
Imperial Valley Earthquake (1979) at EL CENTRO 
ARRAY #4, USGS STATION 955 was used. The input 
ground motion and surface acceleration computed for 
unimproved and improved cases are shown in Figure 9.  

As can be seen from Figure 9, circular reinforcement 
column (improved case) significantly changes the site 
response as compared with model with unimproved case. 
Particularly, for this case the maximum surface acceleration 
for improved case is higher than unimproved case. 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

The profile-plots of Rrd and r at four selected locations 
are shown in Figure 10 and contour plots of Rrd and r at the 
horizontal section at A-A (shown in Figure 2c) are presented 
in Figure 11. In general, the profile of Rrd and r varies 
spatially similar to the case of pseudo-static analysis. The 
profile of Rrd is quite uniform along the depth and 
area-weighted average values are about 0.80 and larger than 
the value obtained from current design practice. Similarly, 
the profile plot of r is also uniform along the depth except 
below 8 m where the values tend to increase. Furthermore, 
the contour plots Rrd and r also supports the findings 
obtained from pseudo-static analysis about the effects of 
loading directions on the shear stain and strain distribution. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

  

Figure 7: Plots of Rrd and r from Harmonic Motions 
Analysis with Ar=20% and Gr=10 

 

Figure 8: Plot of Ramax versus Input Motion Frequency

Figure 9: Acceleration Time Histories for Base Input Motion
(Imperial Valley 1979 Earthquake) and Surface Motions for 

Unimproved and Improved cases 

Figure 10: Plots of Rrd and r from Imperial Valley 1979 
Earthquake Input Motion Analysis with Ar=20% and Gr=10
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5. MODIFIED DESIGN EQUATION 

 
To incorporate the effects of flexure in circular 

reinforcement column and shear strain incompatibility in 
design, a modified equation is proposed to calculate Rrd. The 
modification is carried out on the original relationship 
proposed by Baez (1995) (Equation 1) and as shown in 
equation 5 
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 (5) 

 
where CG is the equivalent shear factor of the circular 
reinforcement column acting in shear and depends upon 
cross section geometry. For circular shape, the value of CG is 
1.0 and for other reinforcement geometries (e.g., rectangular 
deep soil mixing grids), CG will vary primarily as a function 
of Ar (Nguyen et al. 2012). Based on several parametric 
studies for different Ar and Gr, the r can be estimated using 
equation 6. 

 
  0.8

r r
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  (6) 

 
It is found that the r is dependent on Gr and 

independent of Ar. In general, KG from Baez (1995) is 
intended to be equivalent to RCSR=(Rrd)(Ramax). However, for 
pseudo-static analyses, Ramax becomes unity and RCSR and Rrd 

becomes equal, thus Rrd is equivalent to KG and can be 
compared directly.  

Figure 12 shows plots of Rrd for Gr=5 and Gr=10 
obtained from different methods. As can be seen from the 

plot, the current design practice (i.e., Baez 1995) predicts 
very lower value of Rrd. as compared to FE results. The 
modified design method can reasonably capture the FE 
results. Based on new design method, a modified design 
chart is developed and shown in Figure 13. It is noted that 
using a wide range of area replacement ratio and shear 
modulus ratio of circular reinforcement column, there is 
very little reduction in shear stress.  

The results of these 3D analyses indicate that circular 
reinforcement columns may not reduce dynamic shear 
stresses as effectively as commonly assumed.. However, it 
is to be noted that the expression for Rrd (Equation 5) is 
developed based on analysis of linear elastic soil conditions 
and results may be different for nonlinear soil materials. 
Thus, additional analyses are required to further support and 
generalize these findings. Nevertheless, the results obtained 
from this study about the dual deformations in circular 
reinforcement column and effects of such deformations in 
shear stress distribution are very consistent with the findings 
by other researchers (Goughnour and Pestana 1998; Green 
et al., 2008; Olgun and Martin, 2008).  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 11: Contours of Rrd and r at section A-A from 
Imperial Valley 1979 Earthquake Input Motion Analysis 
with Ar=20% and Gr=10 (plan dimensions are in meters)

Figure 12: Rrd Ratio Based on Pseudo-static Analysis
(a) Gr=5, (b) Gr=10 

Figure 13: Proposed Design Chart for Circular 
Reinforcement Column 
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6. CONCLUSIONS 

 

A numerical investigation was carried out to understand 

the deformation behavior of circular reinforcement columns 

(e.g., sand composer columns, stone columns, jet grouted 

columns or deep mixing columns) and effects of such 

columns in reducing dynamic shear stresses in liquefiable 

soil profiles. Three-dimensional, linear-elastic, finite 

element models were created and subjected to pseudo-static, 

harmonic, and earthquake loading to understand the 

effectiveness of circular reinforcement columns for reducing 

dynamic shear stresses in surrounding soil. Contrary to the 

assumption of shear strain compatible deformation used in 

common design methods, the FE analyses of unit cells 

showed that the circular reinforcement columns deformed in 

both flexure and shear. Thus, the flexural and rotational 

response of the columns greatly diminished their ability to 

reduce dynamic shear stresses in the surrounding soils and 

current design methods tended to greatly over–estimate the 

potential reduction in dynamic shear stresses from such 

columns. These findings are consistent with findings by 

other researchers (Goughnour and Pestana 1998; Green et 

al., 2008; Olgun and Martin, 2008). A revised design 

relationship is proposed which implicitly accounts for the 

flexure in circular column and the difference in shear strains 

between the column and treated soil. The revised equation 

gives more reasonable estimates of the shear stress 

reduction provided by circular reinforcement columns.  
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Abstract: Underground structures in liquefiable soil are generally prone to floatation due to its lower submerged unit 
weight relative to the surrounding saturated soil. Coarse sand backfill with the objective of reducing significant excess 
pore pressure generation has been studied as a remediation technique against such floatation failure of circular 
underground structures in centrifuge tests. Results showed that coarse backfill above the structure do reduce the uplift 
displacement of buoyant structures, however the benefits of the technique appeared to be hampered by the presence of 
high uplift force arising from the excess pore pressure at the invert of the structure. An improvement was made by having 
the coarse sand placed both above and around the structure. The new technique produced more significant reduction in 
uplift displacement of underground structures, owing to the lower excess pore pressure generation at the invert of the 
structure.  

 
 
1.  INTRODUCTION 
 

Past earthquake events including the recent 2010 Chile 
earthquake (GEER 2010), 2010 Darfield earthquake (NZ 
Earthquake Commission 2010) and 2011 Tohoku Pacific 
earthquake (Tokimatsu et al. 2011) have proven the 
floatation susceptibility of underground structures such as 
manholes, pipelines and tanks. Failures to these underground 
structures can lead to serious consequences. Broken gas and 
power pipelines may create fire risk, cracked water pipes 
and tanks reduce water supply for fire suppression and 
ejected sewage manholes can obstruct flow of sewerage 
water and traffic flow above ground. In view of the 
extensive failures to underground structures in urban areas 
globally, there exists a need to carry out research to 
understand the failure mechanism and assess existing 
mitigation techniques.  
 
 
2.  LIQUEFACTION INDUCED FLOATATION OF 
UNDERGROUND STRUCTURES 

 
A simplified floatation mechanism can be adapted from 

static analysis. In static condition, the current design practice 
for uplift resistance of pipelines is based on the DNV code 
of practice (DNV-RP-F110, 2007). The total resistance from 
the soil inhibiting the uplift is provided by the overlying soil 
weight and the shear developed in the soil. The shear 
contribution is taken to be an inclined slip-plane which is in 
agreement with the proposed model by Vesic (1971). In 

Figure 1, H refers to the buried depth (or the springing depth 
of the circular structure), D is the diameter of the structure, 
W is the overlying soil weight and S is the shear 
contribution.  

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 1  Force components acting on pipe in static 

condition 
 

In the event of soil liquefaction due to an earthquake, 
the shear contribution could be reduced significantly. In 
addition, excess pore pressure at the invert of the structure 
can also contribute to the uplift force acting on the structure. 
As a result, buoyant structures may float when the 
surrounding soil liquefies in an earthquake. This hypothesis 
has been confirmed in dynamic centrifuge tests, where the 
structure floats when high excess pore pressure was 
generated in the soil (Chian and Madabhushi 2010a, b).  
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3.  REMEDIATION WITH COARSE SAND  
 
The use of coarse sand as backfill in liquefiable sand 

deposits is to increase the hydraulic conductivity of the soil 
so as to avoid significant excess pore pressure from 
developing during an earthquake. This concept was first 
introduced by Seed and Booker (1976) in the form of a stone 
column to attract pore water fluid towards the porous 
column which provides a quicker drainage towards the soil 
surface due to a higher hydraulic gradient. As a result, high 
excess pore pressure is relieved within the fine sand deposit 
through these stone columns rather than accumulating which 
develops into soil liquefaction. Such coarse backfill 
technique has been studied as a means of mitigating uplift of 
underground structures by Tamura et al. (1997) and Yoshida 
(1999) in shaking table tests. They concluded that the 
placement of coarse sand above model pipes can reduce the 
overall uplift displacement of the pipes caused by soil 
liquefaction. Centrifuge test and numerical analysis were 
performed by Yang et al. (2004) on the George Massey 
Tunnel against liquefaction induced damage. Gravel 
drainage columns were placed on both sides of the cross 
section of the model tunnel which produced a lower uplift 
displacement of the tunnel as compared to one in uniform 
liquefiable sand deposit. However, the effectiveness of each 
method was not compared. In addition, the reduced uplift 
displacement produced by the coarse sand backfill was not 
clearly linked to the reduction in uplift force acting on the 
underground structure. This paper seeks to contrast the 
effectiveness of two methods of coarse sand backfill against 
floatation of underground structures in relation to the soil 
deformation observed around the floating structure and the 
reduction in uplift force acting on the structure. 
 
 
4.  CENTRIFUGE MODELLING 
 

Soil is a highly non-linear material. It is therefore 
essential to replicate identical stress and strain conditions in 
laboratory tests as in the prototype scale. Geotechnical 
centrifuge modelling achieves these conditions with the use 
of high centrifugal acceleration to scale up the model. A 
scaled model is made to correspond with the prototype at the 
pre-determined centrifuge g-level. As a result, a 1:N scale 
model experiences the same stress and strain conditions as 
the prototype when subjected to a centrifugal acceleration of 
N times of the earth’s gravity (Schofield 1980, 1981). A 
75mm model pipe was buried in Hostun sand prepared to the 
relative density (DR) of 45% with the dry pluviation method 
using the automatic sand pourer and the accompanying 
design charts by Chian et al. (2010). Based on centrifuge 
scaling laws, the model pipe represents a 5m diameter 
circular structure at prototype scale in a 66.7g test. The 
performance of the smaller diameter model pipe will not be 
covered in this paper.  

 
 

Table 1  Properties of Hostun and Fraction B sands  
Properties Hostun Fraction B 

Φcrit 33o* 32o# 
D10 0.21 mm 0.64 mm# 
D50 0.34 mm 0.84 mm# 
emin 0.56* 0.51# 
emax 1.01 * 0.80# 
Gs 2.65 * 2.65 # 

after Mitrani (2006)* and White (2002) # 
 

  
(a) Test 1, without remediation 

 

  
(b) Test 2, coarse sand above structure only 

 

  
(c) Test 3, coarse sand above and around structure 

 
Figure 2  Layout of centrifuge models, not to scale 
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In the coarse sand remediation tests, the Hostun sand 
overlying the structure (for Test 2 and 3) and around the structure 
(for Test 3 only) was replaced with coarse Fraction B sand. The 
material properties of the Hostun and Fraction B sands are 
described in Table 1. Figure 2 illustrates the layout of the 
centrifuge models. Mouldable Duxseal was placed on the sides 
of the container to minimise reflecting incident stress waves 
(Steedman and Madabhushi 1991).  
After sand pouring was completed, the models were 
saturated using the computerised system developed by 
Stringer and Madabhushi (2009). High viscous methyl 
cellulose fluid (66.7 cSt) prepared with a mixture of 
Hydroxypropyl methylcellulose (HPMC) powder and water 
based on the weight concentration by Stewart et al. (1998) 
was used as pore fluid to satisfy dynamic centrifuge scaling 
laws. The saturated model was then loaded onto the 10m 
diameter beam centrifuge at the University of Cambridge for 
testing. During each test, two sinusoidal peak input 
earthquakes of 0.11g and 0.12g, lasting approximately 25s 
and 40s in duration respectively, was fired in-flight using the 
Stored Angular Momentum (SAM) earthquake actuator 
devised by Madabhushi et al. (1998). 
 

 
5.  PERFORMANCE OF COARSE BACKFILL 
REMEDIATION 

 
5.1  Coarse Backfill Above Structure 

The intention of the coarse backfill above the structure 
was to avoid the development of full liquefaction, thereby 
retaining the overlying soil weight during the earthquake to 
provide resistance against significant floatation of the 
underground structure. Figure 3 illustrates the reduction in 
uplift displacement of the structure in relation to a similar 
test without soil remediation. It is evident that the coarse 
backfill above the structure is capable of reducing the 
potential uplift of the structure by about half. This is 
attributed to the retention of the soil’s shear strength as 
indicated by the low excess pore pressure in the coarse 
Fraction B sand at the crown (see Figure 4).  

However, closer investigation showed the outward 
collapsing of the coarse backfill column as the adjacent 
Hostun sand liquefies and loses its shear strength to support 
the backfill (see Figure 5). This can potentially reduce the 
volume of soil above the structure which provides more 
space for the structure to move into it. This encourages 
floatation of the structure which inevitably hampers the 
effectiveness of the remediation.  

 
5.2  Coarse Backfill Above and Around Structure 

Given the shortcomings of the above coarse backfill 
method, an improvement to the technique is made by 
extending the coarse sand around the structure as well. This 
seeks to reduce the excess pore pressure generation at the 
invert of the structure, while preserving the benefits of 
retaining the shear strength of the soil suppressing the 
floatation. Figure 3 shows the further reduction in uplift 
displacement of the structure with the revised remediation 
technique.   

Referring to Figure 3, it is evident that the improved 
method with coarse sand above and around the structure 
(Test 3) is more effective in reducing the floatation of the 
structure. The uplift displacement produced with this 
improved method is merely about a quarter of the 
displacement produced in a test without remediation (Test 1) 
during the first earthquake, while the second earthquake 
produced insignificant uplift. 

Due to the presence of the coarse backfill beneath the 
structure, the excess pore pressure generation at the invert of 
the structure in Test 3 is lower than in Test 2 as shown in 
Figure 6. The uplift force due to excess pore pressure at the 
invert is therefore reduced as high excess pore pressure 
beneath the structure can now be relieved through the more 
permeable coarse sand to the soil surface rather than exerting 
uplift pressures on the invert half of the structure.  

It is noted that the earthquake duration of Test 2 shown 
in Figure 6 appeared to be longer as compared to Tests 1 and 
3. This is due to the slow release of the SAM actuator clutch 
after the approximate 25 seconds of earthquake fired. 
However, the additional duration of the earthquake shaking 
(of lower intensity than the preceding 25 seconds as the 
shaking slows down gradually) produced minimal uplift 
displacement as shown in Figure 7. Hence, the comparison 
and analysis made earlier based on the uplift displacements 
between the three centrifuge tests are still reasonable and 
valid.  

  

  
Figure 3  Reduction of uplift displacements with coarse 

sand backfill overlying structure  
 

 
 

Figure 4  Excess pore pressures at the crown of structure in 
Test 2 during the first earthquake 

Start of earthquake 
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(a) Before earthquake  (b) After earthquake 

 
Figure 5  Raw images showing the outward collapse of 

coarse backfill column in Test 2 during the first earthquake 
 

 
 

Figure 6  Excess pore pressures at the invert of structure 
during the first earthquake 
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Figure 7  Uplift displacement of structure in Test 2 during 

the first earthquake 
 
 
 

3.  CONCLUSIONS 
 

Based on the centrifuge test results discussed above, 
coarse sand backfill has shown to be capable of reducing the 
uplift displacement of underground circular structures due to 
liquefaction induced floatation.  

The remediation with coarse sand overlying the 
structure yielded a reduction in uplift displacement of an 
identical structure in the uniform loose Hostun sand deposit 
by about half. However, its effectiveness can be hampered 
by the performance of the existing soil deposit adjacent to 
the structure during a major earthquake. Should the adjacent 
soil liquefies and displaces significantly, the coarse backfill 
overlying the structure may collapse outwards due to loss of 
support from the adjacent liquefied soil. In addition, the 
method does not address the high excess pore pressure at the 
invert of the structure which encourages floatation. 

 An improvement was made to the above method by 
having the coarse sand both above and around the structure. 
The coverage of the coarse sand at the invert of the structure 
produced a further reduction in uplift displacement of the 
buoyant structure; owing to the reduced excess pore pressure 
at the invert of the structure during the earthquake.  
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Abstract:  Pile foundation has been the most commonly used in geotechnical engineering, by virtue of its reliable 
performance and flexibility in construction. However in certain conditions, where available space is limited, the pile 
foundation with small-scale footing might fail to provide sufficient lateral/ moment resistance that would lead to stability 
problem when earthquake happens. This research focuses on a retrofitting method which could largely promote seismic 
resistance of small-scale pile foundations. It adds experimental addition of steel sheets piles fixed at foundation’s 
circumference below grade, in order to achieve higher bearing capacity and shaft resistance against seismic movements. 
Static and dynamic centrifuge tests are performed to study the overall mechanism and dynamic responses of pile 
foundations with/ without steel-sheets, when subjected to Kobe Earthquake in homogenous dry sand condition. 
Preliminary tests have indicated obvious strengthening effects of sheet-piles on small-scale foundations.  

 
 
1.  INTRODUCTION 
 

Normally pile foundation faces various external loads, 
of which horizontal load caused by earthquake is a critical 
one (Figure 1). Seismic load has been of great concern 
especially in cases of tall superstructures such as bridge pier, 
high rise building, viaduct and tower. According to Design 
Specifications of Highway Bridges (JRA, 2002), seismic 
yielding of foundation is defined as the situation where 
horizontal displacements of superstructure increases 
remarkably. Yielding is caused by either yielding of 
foundation materials, yielding of ground, foundation lifting 
or combination of these three. Vertical settlement or 
horizontal displacement is the major failure mode for 
foundations with large coverage. Whilst for small-scale 
foundations, such as above mentioned viaduct and tower, it 
is usually more difficult to ensure overall structural rotation, 
because of insufficient moment resistance caused by narrow 
pile spacing (Figure 1).  

A conceptual retrofitting method – “combined 
foundation” – could largely promote seismic resistance of 
small-scale pile foundations. It adds steel sheet-piles fixed at 
the foundation’s circumference below grade (Figure 2), in 
order to achieve higher vertical and horizontal bearing 
capacity against seismic movements. 

A number of experimental studies have been conducted 
by various researchers on the sheet pile foundations (e.g., 
Nishioka et al., 2008; Nishioka et al., 2009a) and on the 
pile-sheet pile foundations (e.g., Nishioka et al., 2009b; 
Izawa et al., 2010). These investigations were mainly 
conducted under static loading condition. Although Nishioka 

et al. (2009a) conducted a dynamic test of pile-sheet pile 
foundation, it was done using a 1G medium scaled model 
with secured fixity of pile end, neglecting vertical 
displacement of piles, pile vertical resistance and the 
resultant rocking or inclination of the pile cap or footing. 

 

 
Figure 1  Normal and Slim Pile Foundation 

 

Figure 2  Combined Foundation 
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In this study a series of centrifuge model tests have 

been conducted on a pile foundations and a combined pile 
foundation under static and dynamic conditions. Discussing 
the similarities and differences in the behavior of the 
foundations under the static and dynamic loading, the 
efficiency of the combined foundation is scrutinized.  

 
 

2.  CENTRIFUGE MODEL TESTS 
 
2.1  Model Foundation 

An identical pile foundation model was used 
throughout the tests as shown in Figure 3. The superstructure 
made of stainless steel weights 2.2kg in total with the upper 
pier part of 1.462kg and the lower footing of 0.738kg. Four 
identical 10 mm diameter stainless-steel piles are firmly 
fixed to the footing, being spaced from each other by 50mm. 
The piles are 0.5mm thickness tube, of which inside several 
types of strain gauges are attached (Figure 3). Blue gauges in 
the figure are pasted on crucial locations recording both 
bending moment and axial force. At the locations of red 
color measured are bending moments only. Beside the 
moment and axial force, shear forces are measured by the 
gauges (yellow one) pasted at the top outside of the piles.  

 

 

Figure 3  Model Foundation and Instrumentation 

 

Figure 4  Sheet-pile Reinforcements 

 
For modeling a combined foundation, a box shape 

model sheet pile wall is fixed to the four side of the footing 
as shown in Figure 4. The sheet pile wall model is a thin 
phosphorus bronze sheet (t=0.1mm) with 1.5mm thick 
aluminum strips firmly pasted. This treatment largely 
reduces their horizontal rigidity while keeps vertical value 
unchanged, making model sheets much closer to the real 
sheet-piles in mechanical aspect. Table 1 provides basic 
specifications of the model piles foundations and sheet pile 
wall.  

 
2.2  Sample Preparation 

Soil used for the tests is dry Toyoura sand with the 
physical properties given in Table 2. Tokyo Tech Mark III 
Centrifuge was used for the tests. The model container used 
for the static loading is a steel rigid box with inner 
dimension of 493mm in length, 300mm in breadth and 
360mm in depth.  The container for the dynamic tests is a 
laminar box consisted of 15 lamina and rubber membrane 
bag with inner dimensions of 600mm in length, 250mm in 
width and 438mm in depth.  

Sand sample with target dry density of 80% was made 
by air pluviation. During sample preparation, the soil layer is 
first poured up to 50mm in depth, followed by the 
foundation installation. After hanging model at the center of 
the container, sand falling continued until reaching designed 
level with the pile embedment depth of 220mm. To avoid 
interaction between footing and ground surface, and create a 
clear condition as a pile foundation, the model footing was 
set 20mm above the ground surface. Displacement of the 
model footing was measured by potentiometers (PMs) and 
laser displacement transducers (LDTs).  

 
Table 1  Specifications of Model Pile and Sheet-Pile Wall 

Pile Sheet-pile 

Material stainless-steel aluminum + bronze

Length 240mm 145mm 

Diameter / Width 10mm 80mm 

Thickness 0.5mm 1.5mm Al, 0.1mm Cu

Flexural rigidity 33.8Nm2 EIv=20.5Nm2≈1000EIh

 
Table 2  Ground Properties 

Specific gravity Gs 2.56 

Mean particle diameter (D50) 0.19mm 

Particle diameter (D10) 0.14mm 

Coefficient of uniformity (Uc) 1.56 

Maximum void ratio (emax) 0.973 

Minimum void ratio (emin) 0.609 

Relative density of ground (Dr) 80% 

Dry unit weight of ground (γd) 15.7kN/m 

Void ratio of ground (e) 0.682 
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Figure 5  Loading Order and Setups for Static Tests 
 
 

2.3  Testing Setups 
Having completed the model setup, it was mounded on 

the centrifuge and then centrifugal acceleration was 
increased to 50g. In the static loading test (Figure 5), point 
load was applied by a two-directional actuator to the 
superstructure at three different heights 130, 95, 60mm from 
the base of the footing. The actuator kept pushing it until 
displacement measured by the lower laser displacement 
transducer (LDT-4S) reached the designated value (1mm). 
Then the foundation is pushed from the other side, again, 
until the displacement became the same value in the 
opposite direction. Once loading cycle finishes, actuator 
moves to lower height and repeat cyclic loading in the same 
way. After completing cycles in all heights, the designated 
displacement was increased to 2mm and actuator starts new 
the loading cycles (Figure 5).  

For the dynamic loading tests, a medium size shaking 
table driven by servo-hydraulic type actuator was used 
(Takemura et al., 2012). Models for the dynamic tests 
(Figure 6) inherit in a large part static testing setups specified  

 

 

Figure 6  Input Motion and Setups for Dynamic Tests 
 

 
Figure 7  Symbols Used in the Study 

 
in Figure 5. The bottom boundary lies at the same distance 
(50mm) as the one in the static cases, ensuring fairly equal 

level of bottom boundary effects. Accelerometers were 
placed in the ground at both far field and center of pile group,  
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Table 3  Test Code 

 Pile foundation Combined foundation

Static PF (S) CF-4S (S) 

Dynamic PF (D) CF-4S (D) 
 
together with ones attached at the top and lower locations of 
the superstructure. Two sets of laser displacement 
transducers (LDTs) were installed in both vertical and 
horizontal direction, to depict spatial movement of model 
foundation.  

As shown in Figure 6, at the first stage of dynamic 
loading, a series of slight white noise vibration was applied 
at the container bottom, which characterizes the initial 
properties of model, such as natural frequency of ground, 
without affecting the overall stress distribution. A Kobe 
Earthquake motion, 60% of JAM Takatori, EW component, 
was then applied. This step reveals seismic performance of 
the foundation, which will be compared with those observed 
from the static loading tests. Afterward the white noise test 
was performed once more to examine if the model 
properties were altered by the previous seismic motion. 
Figure 7 shows all symbols used in this study. Table 3 
summaries all cases with the test code. 

 
 

3.  RESULTS AND DISCUSSIONS 
 

3.1  Overall Behaviors of Normal Pile Foundation and 
Combined Foundations 

As described in section 2.3, slight white noise is first 
applied onto the bottom of laminar box in order to obtain the 
initial seismic properties of the foundation models. Figure 8 
demonstrates the Fourier spectrum of PF and CF-4S, where 
y-axis represents the degree to which acceleration measured 
at Acc-6 is amplified compared with input white noise at 
Acc-1. The natural frequency of PF is revealed around 
2.5Hz, within the common range of the real conditions. The 
model shows higher natural frequency by reinforcements 
(CF-4S), with the value of 3.3Hz and 5.2Hz, indicating 
strengthening effects from sheet-pile wall additions.  

Following the white noise stage, earthquake motion is 
then applied onto all dynamic cases (Figure 9a). This 
consistency of the input motion for PF (D) and CF-4S (D) 
ensures the comparability of testing results for further 
analyses. According to the derived Fourier spectrum, given 
in Figure 9b, the dominant frequency of earthquake stays at 
0.9Hz. It indicates that, in this specific study, the original 
foundation PF is put into higher risk of resonating with input 
motion.  

Figure 10 shows the measured ground accelerations in 
PF and CF-4S cases. At free field (Acc-2 & Acc-3 in Figures 
10a & 10b), the acceleration is gradually amplified from 
ground base to the surface. Slight phase lag is observed 
along depth, whilst the shape of acceleration curves remains 
unchanged. Data at Acc-3 is missing in case CF-4S (D) due 
to flawed function of accelerometer.  

 
Figure 8  Fourier Spectrum of Foundation Models 
 

 
Figure 9  Input Earthquake Motion 

 
At the mid-depth (Figures 10a & 10c), ground 

acceleration shows almost no difference between inside pile 
group (Acc-4) and at free-field (Acc-2). However piles are 
able to reduce the acceleration of enclosed soil at the shallow 
depth (Figures 10b & 10d). In PF case, the peak amplitude 
of Acc-5 becomes about 20% smaller than Acc-3. 
Furthermore, the combined foundation experiences higher 
reduction ratio, where Acc-5 in CF-4S (D) becomes smaller 
than that in PF (D).  

Figures 11a & 11b exhibits dynamic responses of the 
superstructure in PF and CF-4S. On the whole, Acc-6 
demonstrates much lower amplitude than Acc-7, indicating a 
rotation center of structure lying below the footing base. 
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Inconsistent to ground motion in Figure 10, neither Acc-6 
nor Acc-7 shows obvious decline after reaching the peak at 
4~6s. Post-peak accelerations at Acc-6 and Acc-7 still 
remain at a high level, even with continuously decreased 
earthquake acceleration (Acc-1, 6~15s). This phenomenon 
could be caused by the higher dominant frequency in 
post-peak period of input motion (Figure 9a) and decrease of 
natural frequency of the foundation, which made them 
closer.  

Acc-6 and Acc-7 do not show any decrease in 
magnitude after adopting enhancements in CF-4S (D). In 
contrast, Acc-6 is even amplified by about 15%. It implies 
that, in this specific test, sheet-pile does not generate positive 
effects on horizontal movement reduction. The reason could 
be revealed by measured acceleration at pile head and 
ground surface, as shown in Figure 12. Compared with PF 
(D), the phase difference between Acc-5 and Acc-6 is largely 
reduced in CF-4S (D). It indicates higher overall stiffness of 
foundation by using the sheet-pile reinforcements. However 
since the ground and foundation move as an entire system in 
dynamic test, the increase in overall stiffness fails to reduce 
the absolute movement of superstructure (Acc-6 and Acc-7). 

Despite inefficiency in lateral movement prevention, 
the sheet-pile could largely reduce the rotation of 
superstructure θ as illustrated in Figure 11c. In CF-4S (D) 
the peak value (4~6s) falls down by over 50%. Residual 
inclination (20s) is also greatly decreased, from 0.2deg to 
0.01deg by the reinforcements.  

 

 
Figure 10  Ground Accelerations 

 

Figure 11d depicts the average foundation settlement δy 
in PF (D) and CF-4S (D). Both foundation types experience 
varied settlement rate during earthquake. The peak moment 
4~6s renders high settlement rate, in which 10% of total time 
length (2s out of 20s) accounts for nearly 50% of total 
settlement δy (0.16 out of 0.35m in PF, and 0.07 out of 
0.14m in CF-4S).  

Similar to rotation θ, significant reduction is also 
achieved in settlement δy by installing the sheet-piles. The 
peak value of δy at 4~6s is decreased by 60% and residual 
value at 20s decreased by 55%. This result implies 
additional load-bearing benefits from the sheet-piles. 

 
3.2  Equivalent Horizontal and Moment Load in 
Dynamic Conditions 

The following chapters mainly focus on internal 
stresses and comparison between the dynamic and static 
behavior. To achieve appropriate discussions, the external 
loads onto foundation should be first obtained. In static tests, 
lateral pushing was imposed onto the superstructures. 
Horizontal load P was directly obtained from the load cell, 
while moment load M equals to P multiplied by the loading 
height H from the footing base as shown in Figure 7. 

 

 
Figure 11  Overall Dynamic Responses of Superstructure 
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Figure 12  Accelerations at Acc-5 & 6 

 

 
Figure 13  Equivalent Horizontal/ Moment Load 
 
However, in the dynamic tests, the superstructure is not 

directly subjected to the external loads. Instead inertial force 
is generated by virtue of the acceleration of the 
superstructure during earthquake. By integrating the inertial 
force over the entire superstructure, the equivalent horizontal 
and moment load, P and M, could be obtained. Figure 13 
demonstrates the derived load for PF and CF-4S. Not 
surprisingly, CF-4S experiences slightly larger load which is 
caused by amplified acceleration mentioned in Figures 11a 
& 11b. 

 
3.3  Mobilized Internal Stresses 

As the superstructure undergoes lateral movement, 
shear force Qp is mobilized at the pile heads to counteract the 
horizontal load P. Theoretically, for the pile foundation PF 
(Figures 14a & 14b), the sum of shear force of four piles Qp 
should be equal to P (1:1 Line in figure) in both dynamic and 
static conditions, as the superstructure is always off the 
ground and has no interaction with soil material. In the 
combined foundation CF-4S, Qp becomes much smaller 
under the same level of input P. It indicates that sheet-pile 
has shared certain part of load P from the pile group. This 
effect could be positive and beneficial, lowering the risk of 
damage at pile head caused by large shear force during 
earthquake.  

 

 
Figure 14  Relationship between Horizontal Load and Total 

Shear Force at Pile Head 
 

 
Figure 15  Normalized Bending Moment along Pile 
 
Reduction ratio of Qp shows clear dependency on the 

magnitude of input load P. Whilst P stays low (7~17s in 
Figure 14a, and step-1 in Figure 14b), sheet-pile accounts for 
large proportion of total resistance, as reflected by flatter 
curves in the figures. The P-Qp curve gradually approaches 
1:1 Line as P increases (4~6s in Figure 14a, and step-2 in 
Figure 14b). It indicates limited benefits from sheet-pile in 
large loading circumstance.  

Figure 15 illustrates the bending moment (BMnorm) 
profile along pile axis, when moment load M reaches the 
peak value. The bending moment is normalized by the 
moment load M, so that the test results could be compared in 
a straightforward way. On the whole, foundations show 
similar trend of variations between static and dynamic 
conditions. For PF, the most heavily bent location appears in 
relatively shallow depth, about 3m below ground surface. 
The sheet-pile could largely reduce the level of BMnorm 
along entire pile. Especially it provides additional “protects” 
for the enclosed pile segment (the part between ground 
surface and tip of sheet-pile), which drives the maximum 
BMnorm location moving downwards to vicinity of the tip of 
sheet-pile. Note that the overall level of BMnorm remains 
higher in the dynamic tests. It could be caused by the 
soil-structure interacts during earthquake condition, 
rendering additional BMnorm ultimately. 
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Figure 16  Comparison of M-θ Curves between Dynamic 

and Static Tests 
 
 

3.4  Moment-Rotation Relation and Ground Hardening 
Figure 16 demonstrates the variation of rotation θ with 

moment load M in different cases. In each static test, the 
M-θ curve possesses nearly constant stiffness throughout the 
entire process. In case PF (S), moment load 5000kNm 
produces about 0.5deg of inclination, while 15000kNm of M 
renders 0.3deg in CF-4S (S).  

Compared with the static results, the initial moment 
resistance appears much lower in dynamic conditions (PF 
(D), CF-4S (D)), where 5000kNm moment load generates 
over 2.0 and 0.8deg of rotation on PF and CF-4S 
respectively. However the dynamic response becomes stiffer 
as the shaking continues. At the end of earthquake, the slope 
of M-θ curve comes to be 500% and 380% steeper than the 
initial state, in PF and CF-4S respectively. 

The different M-θ behaviors between the static and 
dynamic tests are owing to the difference in loading history. 
As revealed by Figure 13, in the dynamic tests, the 
foundation undergoes large moment load at the beginning 
stage. As a result, sudden increase in tip load Vp causes 
heavy plastic deformation of underlying soil as shown in 
Figure 17a. In this process, large settlement is generated on 
one side of foundation, which consequently leads to obvious  

 

 
Figure 17  Relationship between Pile Tip Settlement and 

Pile Tip Resistance: Pile-1  
 

 

 
Figure 18  Influences of Sheet-Piles on Moment Resistance 

of Foundation 
 

inclination of superstructure.  
Since the soil beneath the pile is greatly hardened 

during the peak moment 4~6s, the same amount of Vp can 
be generated with much smaller tip settlement in the 
following stage (7~17s). Consequently the same level of M 
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leads to smaller θ (Figure 16, 7~17s), and M-θ curves get 
increasingly sharper than the initial state.  

Contrast with sudden increase in dynamic M (Figure 
17a), foundations undergo gradually raised tip resistance in 
the static tests, as illustrated in Figure 17b. Ground 
hardening occurs smoothly in the loading process. As each 
load cycle involves similar proportion of elastic/ plastic 
deformation, nearly constant slope of M-θ curves could then 
be ensured throughout the entirely process. 

 
3.5  Effectiveness of Sheet-Pile Reinforcements 

Figure 18 illustrates M-θ relations in PF and CF-4S. 
The combined foundation generates larger moment 
resistances especially in the static condition. As shown in 
Figure 18a, the slope of loading cycles is increased by 
around 100% with sheet-pile reinforcements for the dynamic 
loading. The static tests show better results, where the slope 
in CF-4S even reaches 400% of the PF (Figure 18b).  

The positive results in CF-4S could be accredited to the 
additional load-bearing effects from reinforcements. As 
shown in Figure 17, the sheet-pile addition is able to largely 
reduce the tip resistance Vp. As a result, less settlement is 
generated at pile tip of combined foundation, which 
subsequently reduces the inclination angle under the same 
moment load M. Note that settlement in the static tests is 
smaller than in dynamic ones. It explains the previously 
mentioned fact that sheet-pile generates larger benefits in the 
static condition, without dynamic soil-structure interactions. 

 
 

4.  CONCLUSIONS 
This study preliminarily evaluated the seismic behavior 

of reinforced pile foundation. The major objective of study is 
surely approached, for the fact that combined foundation 
generates significantly smaller rotation during earthquake 
motions.  

Mobilized internal stresses are largely decreased in 
combined foundation, including shear force at pile head and 
bending moment along pile axis. Especially, the enclosed 
pile segment is blessed with additional protection, leading to 
deeper location where maximum bending moment occurs.  

Further discussions are focused on static-dynamic 
discrepancies as well as detailed examination on sheet-pile 
effectiveness. The major difference between static and 
dynamic conditions lies in loading history. In dynamic cases, 
horizontal/ moment load experiences sudden increase in 
amplitude, rendering severer plastic yielding of ground and 
larger inclination angle at the beginning stage. Sheet-pile is 
observed effective in reducing inclination in static/ dynamic 
tests. Static results indicate higher efficiency than in 
dynamic tests. 
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Abstract:  Piled raft foundation has been recognized as an economical foundation system with the combined effects of 
raft and piles. However, the proportion of vertical load carried by the raft and piles, and their effects on the behavior of 
foundations subjected to horizontal load have not been well understood. In order to discuss the effect of the proportion of 
vertical load carried by the raft and piles, and the moment loads on the behavior of horizontally loaded piled raft 
foundations, vertical and horizontal loading tests were carried out on piled raft models, pile group models and raft models 
in dry Toyoura sand by using a geotechnical centrifuge. 

 
 
1.  INTRODUCTION 
 

Piled raft foundations have been recognized as an 
economical and rational foundation system since Burland et 
al. (1977) presented the concept of settlement reducers. 
Some design concepts have been reported (Randolph, 1994; 
Horikoshi and Randolph, 1998). Furthermore, a design code 
of the piled raft foundations has also been published in Japan 
(Architectural Institute of Japan, 2001). The design concept 
of the piled raft foundation is to take the advantage of the 
bearing capacity of the raft and to reduce the settlement of 
foundations to an acceptable level by installing a few piles. 
Because piles in the piled raft foundation play the roles of 
reducing the settlement, settlement behavior of the piled raft 
foundations has been studied by many researchers (e.g., 
Horikoshi and Randolph, 1994 and 1996; Thaher, 1991). In 
centrifuge model tests carried by Horikoshi and Randolph 
(1994), a great deal of focus was placed on the effects of the 
pile number and pile configuration on the total and 
differential settlement of the piled raft foundations in clay by 
using instrumented piles. Thaher (1991) also conducted 
centrifuge model tests to investigate load distribution 
between corner piles, edge piles, internal piles, and raft using 
instrumented model piles and pressure cells at the raft base.  

Although piled raft foundations have already been 
applied to building designs, the piled raft foundation is 
regarded as the raft alone system by ignoring the existence 
of piles in the most seismic designs. This is partly due to the 
uncertainty in the complicated behavior of the piled raft 
foundation when it is subjected to seismic and horizontal 
loads. In order to clarify the complicated behavior of the 
piled raft foundation, accumulation of the observed data 

under seismic and horizontal loading is crucial. However, 
comparing the researches of vertically loaded piled raft 
foundation, a number of researches on the behavior of 
laterally loaded piled raft foundations are relatively limited. 
It is very important to clarify the behavior of piled raft 
foundations in highly seismic areas such as Japan. 

Physical modeling studies on the behavior of piled raft 
model subjected to static or dynamic horizontal loads have 
been reported. Matsumoto et al. (2004a, b) carried out static 
and dynamic horizontal loading tests in 1g to study the 
influences of moment loads and pile head connection 
conditions on the behavior of piled raft. In the static and 
dynamic centrifuge model tests conducted by Horikoshi et al. 
(2003a, 2003b), the proportion of the horizontal load carried 
by raft and pile were investigated for the different pile head 
connection conditions. However, in above mentioned 
researches, the influences of moment load relative to 
horizontal load applied to the foundations, the proportion of 
the vertical load carried by the raft (raft load proportion, RLP, 
Figure 1), and dead weight of superstructure were not taken 
as the parameters. It is important to consider the influence of 
moment load especially on the foundation of tall 
superstructures, such as, bridge piers, high rise buildings, 
and towers.  

In this study, a series of static horizontal loading tests 
was conducted for three types of model foundation, namely 
raft, pile group and piled raft to clarify the mechanical 
behavior of the laterally loaded piled raft foundation. In the 
horizontal loading tests, the load was applied to different 
heights to investigate the effect of moment load on the 
performance of the laterally loaded piled raft foundation. 
Beside the horizontal loading tests, vertical loading tests 
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were also conducted to the vertical load carrying mechanism 
of the foundations tests. 

 
 
2.  MODEL FOUNDATION AND TEST 
PROCEDURES 
 
2.1  Model Foundation 

Static vertical and horizontal loading tests were 
conducted on the piled raft, the pile group and the raft alone 
model in the present study. Figures 1 and 2 show the raft and 
pile models used in this study. Stainless steel raft with 
dimensions of 80mm x 80mm x 20mm was prepared. This 
raft can be divided into three parts and four piles were 
rigidly clutched between the parts. Sandpaper was pasted on 
the raft base to make a rough surface condition. Model piles 
were made from stainless steel with 10mm outer diameter 
and 0.5mm thickness. Strain gages were attached inside the 
piles to measure the axial load and bending moment along 
the pile shaft. A pair of shear strain gages was attached at 
sides of the outer surface of the pile head to measure the 
shear force. Most of the strain gages were attached inside the 
pile to create a relatively smooth pile surface condition and 
to keep the pile diameter constant along the pile shaft. Table  

1 shows the specifications of the model pile both in model 
and prototype scales. Four fully instrumented piles were 
rigidly fixed to the raft in the square arrangement of 50mm 
spacing (S).  

A stainless steel rectangular block with 80mm height, 
80mm width and 32mm thickness was fixed on top of the 
raft as a superstructure. Total mass of the raft and the 
superstructure was 2.7kg, which was equivalent to 3,330kN 
in the prototype scale under 50g centrifugal acceleration. 
The average base contact pressure of the raft alone model 
caused by the dead weight was 207kPa. The superstructure 
has two vertical guide holes. To secure the verticality of the 
model foundation when the foundation was vertically loaded, 
the guide rods fixed to the two way actuator were inserted to 
the guide holes as shown in Figure 3. 

The model raft, piles and superstructure were used for 
both tests of the piled raft and pile group models. In the pile 
group model, 5mm gap between the raft base and the ground 
surface was provided to avoid the interaction between them. 

Properties Model Prototype

Material Stainless steel 
Stainless 

steel 

Diameter 10mm 500mm 
Thickness 0.5mm 25mm 

Embedment depth 
160mm (piled raft), 

155mm (pile group) 
8m 

7.75m 
Longitudinal rigidity 

EA (MN) 
2.98×10 7460 

Bending rigidity 
EK (MNm2) 

23.37×10-5 211 

Units: mm

Raft
(stainless steel)

Guide holeBolts

Pile1

80

Pile2

Pile3Pile4

Bolts

50 1515

20

80

32

Units: mm

Raft
(stainless steel)

Guide holeBolts

Pile1

80

Pile2

Pile3Pile4

Bolts

50 1515

Pile1

80

Pile2

Pile3Pile4

Bolts

50 1515

20

80

32

Figure 2 Model raft and superstructure 

Outer diameter: 10mm
Thickness: 0.5mm

Shear strain gage
Axial + bending strain

160

25
5

17

2525253510

10

Clutched by the raft Units: mm
Figure 1 Details of model pile 

Table 1 Specifications of model pile 

Figure 3 Details of guide rod 

Guide rod

Guide hole

Raft 

Vertical load

Load cell

Fixed to two-ways actuator

Guide rod

Guide hole

Raft 

Vertical load

Load cell

Fixed to two-ways actuator
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2.2  Model Preparation 
The model ground was made of dry Toyoura sand. 

Model ground was prepared by air pluviation with a depth of 
230mm and the target relative density of 50%. After making 
the model ground, four model piles attached to the raft were 
penetrated into the ground by the deadweight using the 
guide rod to secure the verticality of the piles. Centrifugal 
acceleration was then increased up to 50g. During the flight, 
the piles further settled by the deadweight. In 50g, using the 
two ways actuator, the piles were penetrated until the raft 
base contacted to the ground for the piled raft model or 
reached 5mm above the ground surface for the pile group 
model. Then, the centrifuge was stopped once to install the 

instrumentations. 
 

2.3  Loading Procedures 
For the vertical loading tests, the centrifugal 

acceleration was increased up to 50g again and then the 
vertical load was applied to the foundation using guide rod. 
For the horizontal loading tests, the guide rod was removed 
and horizontal loading device was installed. Figure 4 shows 
the model setup for the horizontal loading tests. The 
horizontal loading device has hemisphere parts by which 
point horizontal loads can be applied to the foundation. 
Having completed the model setup, the centrifugal 
acceleration was increased up to 50g and the vertical load 
was applied to the foundation firstly as the pre vertical load 
without guide rods, and then the horizontal displacements 
were imposed to the superstructure.  

Horizontal loading tests were controlled by the 
horizontal displacement measured by the lower LDT, δLDT, 
and the loading rate was about 0.016mm/s. Horizontal 
displacements with two amplitude δLDT=1mm and 2mm 
were applied by the two way actuator from the left side and 
then the right side at two different loading heights from the 
ground surface, h=50mm and 90mm, as shown in Figure 5. 
Rightwards horizontal load, displacement and clockwise 
moment are taken positive in the present study. 
Experimental cases and their condition are summarized in 
Table 2.  

The measured and calculated values are summarized in 
Figure 6. Vertical and horizontal displacements of the 
foundation were measured by potentiometers and laser 
displacement transducers. Horizontal displacements of the 
raft base, δ, and the rotation of the foundation, θ, were 
calculated from the measured displacements. Applied 
vertical load, ΔPV, and horizontal load, PL, were measured 
by the two directional load cell fixed to the actuator. 
Moment load, ML, applied to the foundation was estimated 
by multiplying the horizontal load, PL, by the loading height 
from the ground surface, h. Shear forces at pile head, 
bending moments and axial forces acting on the model piles 
were measured by the strain gages. Vertical load and 
horizontal load carried by the pile part, PPV and PPH, were 
estimated from the sum of the axial forces and shear forces 
at the all pile heads respectively. The vertical load carried by 
the raft part, PRV, was calculated by subtracting PPV from the 

Case Details of test δLDT 
Relative 
density 

R4 
Rat 

(RLP=100%) 
Vertical loading test 52.4% 

R5 
Raft 

(RLP=100%) 
±1mm (h/S=1, 1.8), 

+5mm (h/S=1) 
52.4% 

R6 
Raft 

(RLP=100%) 
±1mm (h/S=1, 1.8), 

+4mm (h/S=1.8) 
51.1% 

P2 
Pile group 
(RLP=0%) 

±1mm (h/S=1, 1.8), 
±2mm (h/S=1, 1.8) 

53.0% 

PR3 Piled raft Vertical loading test 50.9% 

PR4 
Piled raft 

(RLP=27%) 
±1mm (h/S=1, 1.8), 
±2mm (h/S=1, 1.8) 

52.8% 

Figure 4 Model set-up 
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Figure 5 Sequence of horizontal loading 

Table 2 Test cases 

θ

δLDT

PL

h δ

+

Direction 

PPV

PRV
PPH

PRH

ML

PL: horizontal load
PV: vertical load
h: horizontal loading height
ML: moment load=PL×h
δLDT: horizontal displacement 
measured by lower LDT
δ: horizontal displacement at raft base
θ: rotation of foundation
PRV: vertical load carried by raft part
PPV: vertical load carried by pile part
PRH: horizontal load carried by raft part
PPH: horizontal load carried by pile part
RLP: PRV / PV

Push-inPull-out

PV

θ

δLDT

PL

h δ

+

Direction 

PPV

PRV
PPH

PRH

ML

PL: horizontal load
PV: vertical load
h: horizontal loading height
ML: moment load=PL×h
δLDT: horizontal displacement 
measured by lower LDT
δ: horizontal displacement at raft base
θ: rotation of foundation
PRV: vertical load carried by raft part
PPV: vertical load carried by pile part
PRH: horizontal load carried by raft part
PPH: horizontal load carried by pile part
RLP: PRV / PV

Push-inPull-out

PV

Figure 6 Measured and calculated value 
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total vertical load, i.e., the sum of the dead weight of the 
structures and applied load by the actuator, and the 
horizontal load carried by the raft part was estimated by 
subtracting PPH from the horizontal load PL. 
 
3.  RESULT AND DISCUSSION 

 
3.1  Vertical Loading Test 

Figure 7 shows variation of the vertical load with the 
relative position of the raft base from the ground surface for 
the case of PR3. The vertical load carried by the pile part 
(PPV) and the raft part (PRV) are also shown in this figure. 
The broken line represents the ground surface, implying the 
raft base was not in contact to the ground yet above this line, 

which means the foundation behaved as the pile group 
foundation. The raft base touched the ground under the 
broken line, which means the foundation acted as the piled 
raft foundation. The vertical load carried by the raft part 
increased sharply after the raft base touched the ground. The 
trend of the vertical bearing load carried by the pile part also 
increased after the raft base touched the ground. As a result, 
the total vertical bearing load increased after the raft base 
touched the ground, which means that the vertical resistance 
was higher for the piled raft foundation than the pile group 
foundation.  

Figure 8 shows the variations of the shaft friction load 
and the end bearing load against relative position of the raft 
base from the ground surface for the same case with Figure 
7.  There was no change in the trend of the end bearing 
load before and after the raft base touched the ground. On 
the other hand, the shaft friction load showed a marked 
increase with the settlement after the raft base touched the 
ground, which was derived from the increase of the stiffness 
and strength of the soil beneath the raft base caused by the 
raft base pressure. 

Figure 9 shows the relationship between RLP (raft load 
proportion, Figure 6) and the relative position of the raft base 
from the ground surface for the same case with Figure 7. 
The result of the pre vertical loading process of PR4 is also 
shown in this figure. From this figure, it can be confirmed 
that RLP increased with the settlement after the raft base 
touched the ground. Therefore, RLP can be controlled by 
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Figure 7 Variation of vertical load against relative position 
of raft base from ground surface 

Figure 8 Variation of axial load against relative position of 
raft base from ground surface 
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Figure 10 Variation of RLP and settlement against 
horizontal displacement at raft base (δLDT=1mm, h/s=1) 
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this pre vertical loading process before the horizontal 
loading tests. RLP was 27% just before the horizontal 
loading process for the case of PR4. 
 
3.2  Horizontal Loading Test 

The variation of RLP and the settlement during the 
horizontal loading cycle of δLDT=1mm and h/S=1.0 for PR4 
is shown in Figure 10. RLP decreased during the loading 
because foundation moved upward as shown in the figure, 
and RLP reached to a different value before the next loading. 
Therefore, the initial RLP in each loading cycle was different 
as shown in Figure 11. 

Figures 12 (a) and (b) show δ – PL relationships of three 
foundation models for the displacement amplitude 
δLDT=±2mm and the normalized loading height h/S=1.0 and 
1.8 respectively. The horizontal resistance of h/S=1.8 was 
smaller than that of h/S=1.0 for each foundation because the 
larger moment load relative to the horizontal load was 
applied for h/S=1.8. Compared to the pile group foundation 
and the raft foundation, the horizontal displacement can be 
restrained in the raft foundation for the small horizontal load 
range. However, it increased rapidly with the increase of the 
horizontal load, implying clear failure of the foundation. On 
the other hand, the horizontal resistance of the pile group 
foundation was smaller than that of the raft foundation for 
the small δ range, but it increased in the large displacement 
range showing a higher horizontal resistance compared to 
the raft foundation. Note that the horizontal resistance of the 
piled raft foundation was the highest regardless of the 

loading height. 
Figure 13 shows δ - PRH relationship of PR4 for δLDT = 

±2mm. δ - PL relationships are also shown in the figure. The 
variations of the raft horizontal load proportion and the 
settlement of the raft center with δ are shown in Figure 14 
for the same loading step as Figure 13. The horizontal load 
carried by the raft part, PRH, was much smaller than the 
applied load (approximately 10%). The proportion of PRH 
increased when the piled rafts settled down, while it 
remained almost constant or slightly decreased when the 
piled raft moved upward. This implies that the vertical 
movement of foundation affected to the horizontal load 
carried by the raft. 

When a foundation is laterally loaded with a moment 

Figure 12 (a) δ – PL relationship of all foundations (h/S=1)
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Figure 12 (b) δ – PL relationship of all foundations 
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load, the foundation tilts toward the loading direction. If the 
average foundation settlement is small compared to the 
differential settlement of the foundation, the front piles is 
pushed in and the rear piles pulled out (Figure 6). δ-PPH 
relationship of the right pile is shown in Figures 15. The 
settlement variations of the right pile head for the same 
loading cycle are shown in Figure 16. The raft base was 
pressed on the ground in the push-in side of the piled raft 
foundation as shown in Figure 16, which led to the increase 
of the ground stiffness and strength related to the increase of 
the raft base contact pressure as explained in the vertical pile 
response (Figure 8). Therefore, the horizontal resistance of 
push-in piles in the piled raft foundation was higher than that 
in the pile group foundation as shown in Figure 15. For the 
pull-out piles, contact stress beneath the raft base was also 
larger for the piled raft foundation compared to the pile 
group foundation because the raft base was still in contact 
with the ground. However, it was smaller compared to the 
push-in side. Additionally, the relative displacement of the 
pull-out piles against the ground decreased because the soil 
beneath the raft base moved with the raft base, which leads 
to the decrease of the horizontal resistance of pull-out piles. 
In the pull-out piles, the increase of the horizontal resistance 
related to the increase of the raft base pressure was smaller 
than the decrease of the horizontal resistance attributed to the 
decrease of the relative displacement of piles. Therefore, the 
horizontal resistance of the pile raft foundation was smaller 
than that of the pile group foundation in the pull-out piles. 

Figure 17 shows RLP-ΔPL relationship for two loading 
steps, where ΔPL was defined in Figure 18. ΔPL of the raft 

part and the pile part are also shown in this figure. RLP=0% 
and 100% represent the pile group and raft foundation 
respectively. The horizontal resistance in the push-in and the 
pull-out side are larger and smaller for the piled raft than the 
pile group foundation respectively as explained Figure 15. 
However, the increase of the horizontal resistance in the 
push-in side was larger than the decrease of that in the 
pull-out piles. Therefore, the horizontal resistance of the pile 
part in the piled raft foundation was larger than that of the 
pile group foundation as shown in Figure 17. In addition to 
the increase of the horizontal resistance of the pile part, 
mobilized horizontal resistance of the raft part contributed 
the higher horizontal resistance of the piled raft than that of 
the pile group foundation. 

 
Figure 19 shows θ – ML relationships of three 

foundation types for h/s=1.8 and δLDT=±2mm. The trends of 
the moment resistances of each foundation were similar to 
those of δ – PL relationships (Figure 12). The moment 
resistance of the piled raft foundation was higher than the 
pile group and the raft foundation. 

Figures 20 (a) – (c) show the variation of the pile head 
axial load, the end bearing load and the shaft friction load of 
the right piles with θ respectively. For the pull-out piles, the 
end bearing load and the shaft friction load for the piled raft 
foundation and the pile group foundation showed similar 
trend and reached to almost 0 N because the raft base moved 
upward in the pull-out side as shown in Figure 16 and the 
influence of the raft base pressure decreased. Therefore, the 
end bearing load and the shaft friction load in the piled raft 
foundation showed similar trend as the pile group foundation. 

Figure 16 Relationship between δ and settlement 
(δLDT=±2mm) 

Figure 17 RLP-ΔPL relationship 
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Figure 16 Relationship between δ and settlement 
(δLDT=±2mm) 

-1 0 1

-3

-2

-1

0

Horizontal displacement at raft base δ (mm)

Se
ttl

em
en

t o
f R

ig
ht

 p
ile

 (m
m

)
Right pile

δLDT=±2mm
h/S=1

-1 0 1

-3

-2

-1

0     PR4
    P2

h/S=1.8

Pull-out

Push-in

0 20 40 60 80 1000

1000

2000
Total

Pile
part

Raft
part

h/s=1
h/s=1.8

RLP (%)

Δ
P L

 (N
)

Figure 18 Definition of ΔPL 

Figure 19 θ – ML relationships of three foundation types 
(h/s=1.8, δLDT=±2mm) 
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On the other hand, different trends between the piled raft 
foundation and the pile group foundation were observed for 
both the end bearing load and the shaft friction load in the 
push-in piles. The end bearing load of the piled raft 
foundation was smaller than that of the pile group 
foundation. For the piled raft foundation, a part of the 
vertical load variation caused by the rotation was supported 
by the raft base in the push-in side. Therefore, the smaller 
end bearing load was mobilized for the piled raft foundation 
compared with the pile group foundation. The larger shaft 
friction load was mobilized for the piled raft foundation in 
the push-in piles, which was attributed to the increase of the 
confined stress around the piles caused by the increase of the 
raft base contact pressure as explained in Figure 16. Similar 

trend was observed in the vertical pile response (Figure 8). 
The increase of the shaft friction load was almost same as 
the decrease of the end bearing load. Therefore, there was a 
slight difference in the pile head axial load between the piled 
raft foundation and the pile group foundation as shown in 
Figure 20 (a), which means that the difference of the 
moment resistance between the piled raft foundation and the 
pile group foundation was attributed to the raft part. 

Figures 21 show the bending moment profile of the left 
and the right pile during the horizontal loading. The bending 
moment of push-in pile was larger than that of the pull-out 
pile for the piled raft foundation and the pile group 
foundation. The larger bending moment was observed for 
the piled raft foundation in the push-in pile compared with 
the pile group foundation, which was related to the increase 
of the confined stress around the pile caused by the increase 
of raft base pressure.  

Figure 22 shows the relationships between δ and the 
settlement of the foundation for three types of foundations. 
Although observed settlement of the pile group foundation 
increased linearly against δ that of the piled raft foundation 
showed nonlinear trend. When the large horizontal 
displacement was imposed to the piled raft foundation, it 
seemed that the foundation moved upward. From this figure, 
it can be confirmed that the piled raft foundation can restrain 
the settlement caused by the cyclic horizontal loading 
compared with the pile group foundation. 
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3.  CONCLUSION 

 
Vertical and horizontal loading tests were conducted on 

piled raft, pile group and raft foundation models in sand by 
using a geotechnical centrifuge. The following conclusions 
were derived from this study. 
1) Vertical load of the piled raft foundation is larger than 

that of the pile group foundation, which is due to the 
increase of the shaft friction of piles caused by the 
increase of the confining stress around the piles in the 
piled raft foundation. 

2) Horizontal resistance of push-in pile is larger for the 
piled raft than pile group. This is due to the increase of 
confined stress around the piles. On the other hand, that 
of pull-out pile is smaller for the piled raft than the pile 
group, but the increase of the horizontal resistance of 
push-in piles is larger than the decrease of that of the 
pull-out piles. This increase in horizontal pile resistance 
and the additional raft base resistance contribute the 
higher horizontal resistance of the piled raft foundation 
than that of pile group foundational. 

3) The variation of the end bearing load and the shaft 
friction load in the piled raft foundation showed similar 
trend as the pile group foundation because the raft base 
moved upward in the pull-out side, i.e., the confined 
stress around pile deceased with the increase of the 
rotation. For the piled raft foundation, a part of the 
vertical load variation caused by the rotation was 
supported by the raft base in the push-in side. This led 
to the smaller end bearing load observed in the piled raft 
foundation compared with the pile group foundation. 
The larger shaft friction load was mobilized for the 
piled raft foundation in the push-in pile, which was 
attributed to the increase of the confined stress around 
the piles caused by the increase of the raft base contact 
pressure. 

4) The bending moment of the push-in pile was larger that 
of the pull-out pile. The larger bending moment was 
observed for the piled raft foundation compared with 
the pile group foundation in the push-in side, which was 
related to the increase of the confined stress around pile 
caused by the increase of the base contact pressure in 
the push-in side. 

5) Piled raft foundation can restrain the settlement, which 
was caused by the cyclic horizontal loading. 
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Abstract:  In order to examine the factors affecting the three-dimensional dynamic behavior of pile foundation while 
soil shows strong nonlinearity, numerical simulations of several soil-pile-structure models subjected to strong shaking 
were performed. The tests were conducted using the large-scale shaking table at the E-Defense to investigate the response 
and failure of a nearly full-scale pile-structure system under multi-dimensional loading. It is shown that the numerical 
analysis can reproduce the behavior of the piles and superstructure as well as those of soil with a reasonable degree of 
accuracy, suggesting its applicability to soil-pile-structure system subjected to strong 3-D shaking. 
 

 
1.  INTRODUCTION 
 

Most of Japanese metropolises lie on soft ground near 
seas and large rivers. For this reason, pile foundations are 
commonly applied for substructures. Pile foundations are, 
however, weak in horizontal direction and tend to be 
damaged by both inertial force from superstructures and 
kinematic force from ground displacement during 
earthquakes with large-scale horizontal shaking. Such 
damages are considered to be the result of three-dimensional 
nonlinear interaction of soil-pile-structure system. Despite 
this fact, mechanism of these damages has not been fully 
understood, due to the lack of observation data.  

Numerous studies, both experimental and numerical, 
have been carried out to study the soil-pile interaction and 
nonlinear behavior of piles during earthquakes. However, 
most experimental studies are limited to one-dimensional 
shaking, thus the three-dimensional dynamic behavior of 
soil-pile-structure system is not fully discussed. Furthermore, 
since the nonlinearization of near-pile soil is considered to 
progress due to the soil-pile-structure interaction, whether or 
not the three-dimensional nonlinear behavior of piles during 
earthquakes can be reproduced, by expanding the numerical 
analysis with one-dimensional input, has not been studied 
sufficiently. 

In order to obtain sufficient data to establish a design 
method for pile foundation with failure of piles taken into 
account, a series of shaking table tests using soil-pile- 
structure models were performed (MEXT and NIED, 2006; 
Suzuki et al., 2010; Tokimatsu et al., 2007). By studying the 
tests and performing dynamic nonlinear analysis using three- 

dimensional finite element method, this paper discusses the 
factors influencing the three-dimensional nonlinear behavior 
of pile foundation structures during earthquakes. 
 
 
2.  SHAKING TABLE TESTS 

 
The E-Defense shaking table platform has a 

dimension of 15 m length and 20 m width. Photo 1 and 
Figure 1 show the test model constructed in a cylindrical 
laminar box 6.5 m high with an inside diameter of 8.0 m. It 
consists of forty-one stacked ring frames, enabling 
two-dimensional shear deformation of the inside soil. 

A 3x3 steel pile group was used for the tests. The piles 

Photo 1  Test Model on Large Shaking Table
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were labeled A1 to C3 according to their locations within the 
pile group, as shown in Figure 1. Each pile had a diameter of 
152.4 mm and a wall thickness of 2.0 mm. The piles were 
set up with a horizontal space of four-pile diameters center 
to center. Their tips were jointed to the laminar box base 
with pins and their heads were fixed to the footing of a 
weight of 10 tons. 

Dry Albany sand from Australia was used for 
preparing the sand deposit. Figure 2 shows the grain size 
distribution of the sand.  The sand had a mean grain size 
D50 of 0.31 mm and a coefficient of uniformity Uc of 2.0.  
After setting a pile group in the laminar box, the dry sand 
was air-pluviated and compacted at every 0.275m to a 
relative density of about 70% to form a uniform sand deposit 
with a thickness of 6.3m.  

 As listed in Table 1, a total of five test series named 
A to E was conducted in alphabetical order, in which the 
presence of footing embedment and superstructure, and the 
natural frequency of superstructure, were varied.  

Table 2 shows the list of shaking conditions of test 
series. The tests were conducted under one-, two- or 
three-dimensional shaking with three types of ground 
motions, which dominate in different frequency ranges, with 
maximum horizontal accelerations adjusted to 0.3 m/s2 and 
0.8 m/s2. In addition, in order to investigate the pile 
destruction process induced by ground motion, additional 

tests were conducted for series E, under three-dimensional 
shaking with maximum accelerations at equivalent levels in 
actual earthquakes. JR Takatori wave was used, with 
maximum horizontal accelerations at 6.0 m/s2 and 8.0 m/s2. 

Among the cases conducted with three-dimensional 
JR Takatori wave, this paper focuses on the ones in test 
series D and E (Cases D and E), the only difference between 
the two being the presence of footing embedment, with 
maximum acceleration adjusted to 0.8 m/s2. In both cases, 
the piles showed linear behavior while the soil showed 
nonlinear behavior. 
 
 
3.  ANALYTICAL MODEL 

 
Dynamic nonlinear analyses were conducted with a 

three-dimensional FE model using analysis code EENA3D 
developed by TEPCO (Yoshida et al., 2006; Yoshida et al., 
2008). Figures 3 and 4 show the outline of analysis model 
and the detail of pile and footing, respectively. 

The laminar shear box is modeled as solid elements 
with equivalent mass and adequately small stiffness. The 
degree of freedom is restrained, so that each ring frame of 
the shear box may maintain its plane during shear 
deformation. To take the effect of rocking behavior of the 
shaking table into account, vertical springs are placed at 
eight points at the bottom of the box. Both analysis cases 
share the spring constant kz=5.0×105kN/m, set by parametric 
study to substantially reproduce the peak period of observed 
horizontal acceleration spectrum at ground surface. 

The piles are modeled as beam elements. Areas of the 
piles are set as void, and the piles are connected to the soil 
with rigid beam elements, maintaining pile sections. 
Additionally, in order to consider the friction and separation 
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between piles and soil, joint elements are inserted in between. 
Joint elements are set to be rigid, and their strengths are set 
according to the internal friction angle of sand mentioned 
later. Notably, the existence of the joint elements didn’t 
affect significantly the analysis result in this study. The pile 
head rigidity was set to 0.86 by parametric study. 

Columns are modeled as beam elements. The model is 
adjusted according to the peak period of footing- 
superstructure transfer function obtained from the tests. 

Table 3 explains specifications of the soil. Velocities 
of P and S waves, VP and VS, are obtained by performing 
regression analysis on the results of PS logging depending 
on overburden pressure σ’z. Poisson’s ratio ν is calculated 
from VP and VS. Cohesion c and internal friction angle φ are 
obtained from laboratory test. 

Figure 5 explains dynamic strain dependency of the 
soil. In EENA3D, nonlinearity of the soil is simulated by 

directly inputting the discrete data of G/G0-γ regression 
curve, referring to Yoshida et al. (1990). τ-γ relation is then 
calculated also as discrete data, to be linearly interpolated to 
define skeleton curve. Failure of the soil is defined by the 
second constant J2 of deviatoric stress q, based on von 
Mises’ failure criterion. Three-dimensional constitutive rule 
is, referring to Yoshida et al. (1993), defined by stress-strain 
relation given by Equation 1; 

 
σe=G⋅e   (1) 

 
where σe is equivalent stress and e is equivalent strain, which 
are expressed by root of deviatoric q and deviatoric strain εs, 
respectively. Based on Equation 1, by substituting equivalent 
stress σe for shear stress τ and equivalent strain e for shear 
strain γ, nonlinearity of the soil is expressed by the dynamic 
strain dependencies (G/G0-γ and h-γ). However, since both 
the equivalent stress σe and the equivalent strain e take only 
positive values, it is impossible to identify whether it is 
pulsating or alternating. In order to draw hysteresis curve, 
the radius of yield surface in π plane is given as increment of 
deviatoric strain e. 

Input motion, as shown in Figure 6, is calculated by 
averaging each component of eight observed records, four 
obtained at the bottom of the shear box and four at the 
bottom of the sand deposit. The input motion is applied to 
the bottom center of the analysis model. 
 

 

Table 3  Specifications of Soil 

Parameter Value 
Density ρ (t/m3) 1.71 
S wave velocity VS (m/s) 85.9σv’

0.25 
P wave velocity VP (m/s) 145.9σv’

0.25 
Poisson’s ratio ν 0.23 
Cohesion c (kPa) 0.0 
Internal friction φ (°) 32.5 
* σv’ : Effective overburden pressure (kN/m2) 

Figure 3  Overview of Analysis Model (Series E) 
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4.  STUDY OF THREE-DIMENSIONAL 
NONLINEAR BEHAVIOR 

 
4.1  Study of Cases with Different Model Conditions 

In this chapter, three-dimensional nonlinear analyses of 
two cases with the same shaking condition but different 
model configurations are conducted, namely Cases D and E, 
and the results from both the tests and analyses are discussed. 
The only difference between Cases D and E is the presence 
of footing embedment, which is present in the former and 
absent in the latter. 

Figure 7 compares observed and estimated vertical 

distribution of absolute value of maximum shear strain of 
soil in YZ plane, obtained at free field and near piles, in both 
cases. The observed and estimated shear strains at free field 
are obtained, by calculating double integral in time scales of 
acceleration time histories obtained where indicated by ■ 
marks in Figure 1, and then divide the difference of 
displacement by difference of depth of each sensor. Shear 
strains near piles are obtained in the same manner, with 
estimated value using acceleration time histories obtained 
where the distance to center of center pile is about 1.7 times 
pile radius, while observed value using those of the center 
pile itself, since no observation is made in the soil within 
group pile area and assuming the deformation of the soil and 
the pile is the same.  

In the tests, maximum shear strains in the deeper part of 
the soil are approximately 0.1% in average both at free field 
and near piles, regardless of presence of footing 
embedment(Fig.11(a)-(j)). According to Figure 5, the shear 
stiffness of the soil has decreased to 30% of the initial value, 
indicating nonlinearization of the soil. Maximum shear 
strains near the surface of the soil are approximately 1% in 
average near piles, which are roughly 10 times as large as 
those at free filed of the same depth (Fig.11 (f), (i), (j)). The 
tendencies of soil’s shear strain distribution in both cases are 
well-reproduced in the analyses. 
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Figure 8  Time Histories of Accelerations, 
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Figure 9  Time Histories of Accelerations, 
Displacement, Rotation Angle and Bending Strains 
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Figures 8 and 9 show observed and estimated time 
histories of accelerations of superstructure, footing, ground 
surface and corner pile A1 at pile head (-0.5m) and 
underground (-2.0m) (Figures 8, 9(a)-(e)), displacement and 
rotation angle of footing relative to the bottom of the sand 
deposit (Figures 8, 9(f), (g)), bending strains of corner pile 
A1 at pile head (-0.1m) and underground (-1.1m) (Figures 8, 
9(h), (i)), in Y direction. Displacement and rotation angle 
time histories are obtained from double integral in time 
scales of acceleration time histories. 

In the tests, acceleration amplitudes above ground 
surface increase in the order of footing, ground surface and 
superstructure, in both cases (Figures 8, 9(a)-(c)). However, 
in Case D where the footing embedment is present, 
acceleration amplitudes of pile at the pile head and 
underground are almost the same (Figure 8(d), (e)), in 
contrast to Case E with no footing embedment, where 
acceleration amplitudes of pile is notably larger underground 
than at the pile head (Figure 9(d), (e)). This indicates that the 
presence of footing embedment affects the shaking mode of 
pile foundation structure. Additionally, acceleration 
amplitude of superstructure is larger in Case D than in Case 
E. Estimated results are in good agreement with observed 
ones, reproducing the abovementioned difference caused by 
the difference of model configuration. 

Observed displacement amplitude of footing is similar 
in both cases (Figures 8, 9(f)), while the rotation angle of 
footing is significantly larger in Case D (Figure 8, 9(g)), 
where the embedment is present. This is probably because 
the footing embedment was not deep enough and the friction 
between the footing and the sand was fairly small, and as a 
result the footing rotation was not restrained. Additionally, 
larger superstructure acceleration in Case D led to a larger 
overturning moment acting on the footing, which would lead 
to a larger rotation angle. Analyses are able to reproduce the 
observed footing displacement with a reasonable degree of 
accuracy, but underestimate the footing rotation in both 
cases, which will be discussed later. 

Bending strains of pile obtained from the tests increase 
along with horizontal accelerations of the superstructures in 
both cases (Figures 8, 9(a), (h), (i)), which indicates that 
inertial force has a dominant effect on piles’ bending 
deformation in both cases. In Case D, bending strain at the 
pile head tends to be smaller than that of underground 
(Figure 8(h), (i)), while it shows similar amplitudes at both 
depths in Case E (Figure 9(h), (i)). The analysis 
overestimates the bending strain at the pile head in Case D, 
making the amplitude almost the same with that 
underground (Figure 8 (h)). This will be discussed later. The 
overall estimated results, however, are in fairly good 
agreement with the observed ones. 

To discuss the reason that the footing rotation is 
underestimated in the analysis, Figure 10 compares the 
rotation angle of bottom plate calculated from observed 
acceleration records at the bottom of laminar box (outer edge 
of the test model) and from those at the bottom of the sand 
deposit (where indicated by ■ marks in Figure 1), in Y 
direction. It is clearly seen, that the rotation angle at the 

bottom of the sand deposit is almost 2 times as large as that 
at the bottom of the laminar box, in both cases (Figure 10). 
This indicates that the bottom plate was not rigid and instead 
deformed elastically in a complex form during the tests, and 
such deformation might have had a certain effect of the 
rotation of the footing. On the other hand in the analysis 
model, the bottom plate is set to be rigid since such behavior 
is hard to predict, which might be the reason of 
underestimating footing rotation. 

Figure 11 shows observed and estimated acceleration 
Fourier spectra of the superstructure and ground surface, in 
Y direction. The spectra are smoothed using Parzen window 
with 0.5Hz bandwidth. The ▼ markers indicate the natural 
frequencies of superstructures, in both cases being 5Hz. 
Observed accelerations at ground surfaces dominate around 
similar frequencies in both cases (Figure 11(a), (b)), while 
those of superstructures dominate at a slightly shorter 
frequency, which is further from the natural frequency, in 
Case E than in Case D (Figure 11(c), (d)). This suggests that 
the response frequency of pile-structure system is altered by 
the presence of footing embedment. Furthermore, such 
difference in response frequency may have caused the 
amplitude of acceleration time history of superstructure to be 
larger in Case D than in Case E (Figure8, 9(a)). 

Figures 12 and 13 show observed and estimated 
bending strain distributions of three piles, namely pile A1, 
B2 and C3, in Y direction, near the instances when the 
bending strain reaches its maximum value at the pile head 
(Case E) or underground (Case D) (Figures 12, 13(a)-(c)), 
along with deformation mode of the footing and the center 
pile B2 at the same instance (Figures 12, 13(d)). At these 
instances in both cases, pile A1 is the leading pile (Figures 
12, 13(c)) and pile C3 is the trailing pile (Figures 12, 13(a)). 
The deformation mode consists of the footing’s horizontal 
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displacement and rotation angle relative to the bottom of the 
sand deposit as already shown in Figures 8 and 9, the 
deformation of pile obtained from double integrals of 
bending strains in depth scale, and rotation angle at the pile 
tip to equalize the horizontal displacements of the pile head 
and the footing. In order to clarify the differences between 
the cases, horizontal displacement and footing’s rotational 
angle are magnified by different factors in the figures. 

In Case D, observed bending strains are small at pile 
heads and take only one peak between the depths of -0.5m 
and -1m (Figure 12(a)-(c)). On the other hand, in Case E, 
observed bending strains take two peaks, one at pile heads 
and another near the depth of -1m (Figure 13(a)-(c)). 
Generally, bending strain at pile head induced by positive 
horizontal inertial force takes a positive value, while that 
induced by positive overturning moment takes a negative 
value. Thus the different tendencies of bending strain 
distributions can be explained by the effect of different 
sway-rocking mode of the structure, namely the rocking 
mode is more dominant in Case D due to the large footing 
rotation (Figure 12(d)), and the sway mode is more 
dominant in Case E due to the small footing rotation (Figure 
13(d)). In both cases, the influence of the group pile effect 
can be clearly seen. Specifically, the peak value of bending 
strain is larger and the depth of inflection point is shallower 
in the leading pile than in the trailing pile (Figures 12, 
13(a)-(c)). 

The analysis of Case D overestimates the bending 
strains at pile heads. This is because the footing rotation is 
underestimated as explained before, and the sway mode of 
the structure may have been more dominant in the analysis. 
However, in general, the analysis is able to reproduce the 

abovementioned tendencies from the tests, including the 
difference of sway-rocking mode of the structure, as well as 
the difference of pile bending strain distributions which is 
caused by that, as well as the difference of each pile’s 
bending strain due to the group pile effect, with a reasonable 
degree of accuracy. 
 
4.2  Study of Analytical Method 

In this chapter, analyses of Case E are carried out by 
subjecting each of the XYZ components of the input motion 
separately, and each component of the results from three 
analyses altogether is overlapped, to compare with the 
results from three-directional input analysis shown in the last 
chapter. To simulate the condition of common one- 
directional input analysis using two-dimensional numerical 
model, displacements and rotations in directions orthogonal 
to the input are restrained in each analysis. 

Figure 14 compares observed and estimated vertical 
distribution of absolute value of maximum shear strain of 
soil in YZ plane, obtained at free field and near piles. The 
shear strains are calculated in the manner explained in the 
last chapter. Comparing with the results from 
three-directional input analysis (Figure 14 red lines), the 
results from one-directional input analysis underestimates 
the soil’s shear strain, especially at the free field and the soil 
surface near the piles (Figure 14 blue lines). This is probably 
because the one-directional input analysis cannot take into 
account the nonlinearization of the soil induced by the 
shaking in orthogonal directions, leading to underestimation 
of soil strains. 

Figure 15 compares observed and estimated 
acceleration time histories of superstructure (Figure 15(a), 
(b)), as well as bending and axial strain time histories of 
corner pile A1 at pile head -1.1m (Figure 15(c), (d)). 
Comparing with the results from three-directional input 
analysis, the results from one-directional input analysis show 
similar accuracy in reproducing accelerations of the 
superstructure (Figure 15(a), (b)), but underestimates the 
amplitudes of pile strains and has a lower degree of 
reproducibility (Figure 15(c), (d)). 

Figure 16 shows observed and estimated bending strain 
distributions of center pile A1 in Y direction, near the 
instances when the bending strain takes a peak value at the 
pile head. Comparing with the results from 
three-dimensional input analysis (Figure 16 red line), the 
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results from one-dimensional input analysis underestimates 
the pile bending strain, and the depth of inflection point is 
shallower than observed result (Figure 16 blue line). Since 
the depth of the inflection point tends to get deeper as the 
soil softens, this is probably caused by the underestimation 
of the soil strains, as explained in Figure 14. 

 
 
5.  CONCLUSIONS 
 

In order to study the factors affecting three-dimensional 
nonlinear behavior of pile foundations during earthquakes, 
dynamic nonlinear analysis of large shaking table tests are 
performed using three-dimensional FEM, and the following 
conclusions are obtained.  

(1)In the both focused cases, the effect of inertial force 
is dominant and the bending deformations of the piles are 
relatively large, and the difference of bending strains 
between the leading pile and the trailing pile, which is 
caused by the group pile effect, is significant. Three- 
dimensional analysis is able to reproduce abovementioned 

tendencies with fairly good accuracy. 
(2)In the case where footing embedment is present, the 

rocking mode of the structure is more dominant, and the pile 
bending strains are large underground but small at pile heads. 
In contrast, in the case where footing embedment is absent, 
the sway mode of the structure is more dominant, and the 
pile bending strains are large both at pile heads and 
underground. Such tendencies are well-reproduced by the 
analysis. 

(3)The analysis with each component of the input 
motion applied separately underestimates the shear strains in 
the soil, and tends to estimate the depth of inflection point of 
the pile bending strains shallower than in the tests. Therefore, 
in order to accurately predict the stress and the deformation 
mode of piles under multi- dimensional shaking, it is 
necessary to take into account the nonlinearization of the soil 
induced by the shaking in each direction simultaneously. 
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Abstract:  The degree of saturation, S
r
, has a significant effect as a liquefaction resistance due to entrapped air in the 

pore fluid. This air bubble has an effect of preventing the excess pore pressure generation due to cyclic shearing. In this 
study, two method of desaturation process which consists of lowering and rising the ground water table and injecting air 
were made to prepare partially saturated sand. Shaking table tests of the submerged partially saturated sand with a gravity 
type caisson quay wall were conducted under centrifugal acceleration of 50g to study the applicability of soil desaturation 
as a liquefaction countermeasure. Residual air bubbles of air injection method are larger than that of ground water 
lowering and rising method which has degree of saturation about 90%. The pore water pressure generation was 
effectively reduced both beneath the caisson and at the backfill. Horizontal displacement, settlements and rotation of the 
caisson for the cases with the desaturated sand were much smaller than those of the fully saturated sand. 

 

 

1.  I�TRODUCTIO� 

 

Liquefaction which is triggered by moderate to large 

earthquake is one important problem for many types of 

building. In japan, a lot of port structures such as quay wall 

and backyard ground had been affected by seismic force. 

Therefore a large number of researches on liquefaction have 

been conducted and various types of countermeasures 

against liquefaction have been also developed, for example, 

sand compaction pile (SCP) and dissipation of excess pore 

pressure. 

The degree of saturation, Sr, has a significant effect as a 

liquefaction resistance (Yoshimi et al., 1989; Tsukamoto et 

al., 2002; Okamura and Soga, 2006, Unno et al., 2008; 

Takemura et al., 2009). Entrapped air of partial saturation is 

considered to utilize for an economical countermeasure 

against liquefaction, if the air bubbles in the pore of soil 

introduced by the desaturation process can be sustained 

below ground water table. 

Okamura and Soga (2006) proposed a unique 

relationship (eq(1)) between the liquefaction ratio 

(Ru/Rs,,Where  �
�

, �
�

and liquefaction resistances of 

unsaturated and saturated soils respectively and the potential 

volumetric strain ��
∗ defined by the following equation. 

��

��
= log (6500��

∗ + 10)              (1) 

��
∗ = 

��
�

�� � ��
�
(1 − ��)

�

	��
              (2) 

Where  �
�

�
,�

�
, �

�
 and e denote effective confining pressure, 

absolute pressure of the fluid, degree of saturation and void 

ratio of soil respectively.  

In this study, two desaturation methods, namely 

lowering the ground water table (GWT) and injecting air 

were applied as a liquefaction countermeasure as shown in 

Fig.1. The first method requires GWT kept below the 

liquefiable layer by pumping ground water. The result of this 

technique may cause ground subsidence due to the 

compression of less permeable underlying soft layer. 

Therefore, this technique will be more feasible if the air in 

the pore of soils can be retained to the extent enough to 

enhance the liquefaction resistance after GWT rises to the 

natural depth.  

The air injection method had been introduced as an 

expected mean against liquefaction if the air retained in the 

pore after the injection can be sustained for a reasonable 

duration. 

Centrifuge modeling has been used as a useful 

approach in the study of countermeasures against soil 

liquefaction (e.g., Kimura et al, 1997). In addition, the 

capillary rise can be well scaled in the centrifuge model. 

Two series of test were conducted in this study as 

follows. 

1.) Shaking tests with desaturation by lowering and  

rising groundwater: 

An attempt was made to prepare uniformly and 

partially saturated sand with GWT at the ground surface by 

the desaturation process of lowering and raising GWT in a  
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Figure 1(a) Desaturation by ground water lowering 

Figure 1(b) Desaturation by air injection 

Figure 2 Capillary pressure and �
�
 curve (silica No.8) 

Figure 3 Relationship between potential volumetric  

Strain and liquefaction ratio 

 

centrifuge. Shaking table tests of the saturated and partially 

saturated sand with a gravity type caisson quay wall were 

conducted under centrifugal acceleration of 50g  

2.) Shaking test with desaturation by air injection: 

Air injection method is only feasible for quay wall. 

However, unsaturated zone by air injection is more local 

than that by the groundwater lowering method. Air injection 

tests in similar ground to the former test were conducted 

with one or two injection points to examine unsaturated zone 

and residual degree of saturation. A shaking test was then 

conducted for the model to study the applicability of air 

injection method as a liquefaction countermeasure and these 

test results were compared with those obtained from the 

groundwater lowering result. 

 

2.  CE�TRIFUGE MODEL TESTS 

 

Table1 Properties of silica sands used 

 

2.1  Soil model 

Two types of silica sand with properties shown in 

Table1 were used for the tests. In centrifuge models, fine 

silica sand (No.8) and coarse silica sand (No.3) were used as 

the materials for the liquefiable sand and the bottom 

drainage layer, respectively, with water used as the 

pore-fluid. Fig.2 show relation of capillary pressure and Sr. 

Fig.3 shows the relationship between the potential 

volumetric strain and liquefaction resistance by Okamaru 

and Soga (2006) 

 

2.2  Model preparation 

A rigid model container made of aluminum with inner 

sizes of 450mm in width, 150mm in breadth and 270mm in 

height was used for the tests. Silica sand No.3 was first 

placed as the bottom drainage layer by compaction with a 

wooden rod and a dry layer of Silica sand No.8 with 

Dr=60% was made  by air pluviation. When the thickness 

of layer of the sand became 80mm, a model caisson (80mm 

height, 60mm width and 149mm breadth) was placed on the 

surface. The mass of the caisson is 1.6kg, giving the base 

contact pressure, pc=87kPa in 50g. Sand papers were glued 

on the bottom and back sides of the caisson to create rough 

surface condition. The sand was then further poured to make 

the backfill. During the sand preparation, various sensors 

were placed at the location shown in Figs.4.(a)&5(a). 

The model ground was saturated in a vacuum tank by 

introducing deaired water from the bottom of the box as 

shown in Fig.6. After saturating the sand, the model was 

then installed on Tokyo Tech Mark Ⅲ Centrifuge and 

mounted on the mechanical shaker (Kimura et al., 1988). 

Potentiometers were installed at the position as shown in 

Fig.4(a) and centrifugal acceleration was increased up to 

50g. 

 

3.  TEST PROCEDURES 

 

3.1  Shaking tests with desaturation by lowering and 

rising groundwater : 

After confirming the equilibrium condition in the model, 

the water was drained from the bottom to the water tank by 

opening solenoid valve (Fig.4(b)). The valve was closed 

when the ground water level (GWL) in the standpipe 

lowered to the target depth, zmin (Fig.4(b)). Achieving 

stationary reading of TDR sensors, the water was recharged  

  Silica No.8 Silica No.3 

Specific gravity: Gs 2.65 2.56 

Mean particle size: D50 (mm) 0.100 1.47 

Particle size: D10 (mm) 0.041 1.21 

Coefficient of uniformity: Uc 2.93 1.26 

Maximum void ratio: emax 1.333 0.971 

Minimum void ratio: emin  0.703 0.702 

Permeability coefficient: k (m/sec) 
(k is prototype scale with 50g) 
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Figure 4 (a) Test setup and location of sensors in the model 

(shaking test with desaturation by lowering and rising 

ground water) 

Figure 4 (b) Control of ground water level in the model 

 

Table2 Test condition 

(lowering and rising ground water test) 

 

from the bottom by applying air pressure to the tank and 

opening the valve.  

Confirming no change in the reading of TDR sensors 

and PPTs after GWL recovered to the original level, a 

shaking test was conducted by applying an input sinusoidal 

motion using the mechanical shaker. The input motion was 

generated by rotating the mechanical motor of the shaker in 

0.2 second with the frequency of 40Hz. Four tests with 

different minimum GWT (zmin) were conducted in this study 

as shown in Table2. This paper shows the results of two  

desaturated cases(GL160, GL80) and one saturated case 

(GL0). In GL160, the desaturation was made in the whole 

liquefiable sand to the depth of Hc below the caisson base 

(where Hc is height of the caisson). While in GL80, the 

desaturation was done only in the backfill of the caisson not 

for the depth below the caisson base.  

 

3.2  Shaking tests with desaturation by air injection 

In 50g field, the air was injected through an injector by  

increasing air pressure gradually to the flow rate of about 

Figure 5(a) Test setup and location of sensors in the model 

(shaking test with desaturation by air injection) 

 

 

 

Table3 Test condition 

(air injection test) 

 

1.5l/min. This injector is made by porous ceramics, which 

produce very minute air bubbles. Two injectors were placed 

at the bottom the liquefiable layer, one below the caisson and 

the other behind the caisson, as shown in Fig.5(a). Air 

pressure transducer and flow sensors were positioned along 

an air line as shown in Fig.5(b). Air pressure transducer 

provided continuous measurements of the air pressure at the 

bottom of the test box prior to the onset of injection. Flow 

sensors measured the rate of injected air. The air injection 

was stopped when TDR sensors reached a stationary state. 

 

The shaking test was conducted by the some input 

motion explained (3)a). Three tests were conducted in this 

study with the conditions shown in Table.3. Results of two 

tests (AIBG, AIAG) are shown in this paper. In AIBG, the 

sand behind the caisson was desaturated using the injector 

located at the backfill side of the caisson. While in AIAG, 

using the two injectors, the sand below and behind the 

caisson was desaturated.  
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Figure 6 Saturation system 

 

4.  TEST RESULTS A�D DISCUSSIO�S 

 

4.1  Shaking tests with desaturation by lowering and 

rising groundwater 

a) Desaturation process 

Depth profiles of the minimum �
�
 and the residual �

�
, 

which were observed during and after desaturation process, 

are depicted in Fig.7. The Srs in the desaturation process 

were calculated from the water volumetric content assuming 

full saturation before lowering the water table. The variation 

of Sr due to the desaturation  can be monitored by the 

TDRs. 

By lowering the GWL, Sr decreased to about 20%. 

Rising the GWL at the initial height, the Sr then recovered to 

85 to 90% and the residual value, was smaller for the 

shallower part. The potential volumetric strain for  Sr =90% 

for the depth of 40, 80 and 120mm are 0.0058, 0.0092 and 

0.011 and the liquefaction resistance ratio Ru/Rs estimated 

by Eq.(1) is 1.7, 1.8 and 1.9 respectively.  

b) Shaking test 

Input base accelerations measure by ac0 (Fig.4(a) and 

Fig.5(a)) are shown in Fig.8. 

Fig.9 shows variation of excess pore water pressure 

(EPWP) with time during shaking, with effective 

overburden stress, σ’v0 indicated by a broken line. At the 

shallow depth EPWPs behind the caisson (PPTs 4 and 9), in 

GL0 (saturated sand) and GL80 reached to σ’v0 in early 

stage of shaking motion, implying the clear liquefaction.  

While for the GL160, the generations of EPWP were 

more gradual, confirming the effect of partial saturation on 

the liquefaction resistance. The amplitudes of EPWP are 

larger for the locations without desaturation than those with 

desaturation. 

 

Figure 7 Depth profile of �
�
 

Figure 8 Input acceleration of shaking tests 

 

Figure 9 Variation of excess pore pressure in the model 

ground during shaking 

 

It is also showed the effect of entrapped air in the pore. The 

amplitudes near the back toe of the caisson (PPT6) in GL80 

are largest among all cases.   

Observed displacements of the caisson, i.e, rotation, 

settlement and horizontal displacement at the center of 

gravity, during the shaking tests are shown in Fig.10. From 

this figure, marked efficiencies of desaturation in preventing 

the displacement can be confirmed especially for GL160. 
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Figure 10 Observed displacements of caisson 

 

The rotations, settlements, and horizontal displacements 

of GL160 were about one half, one half and one third of 

those of GL0 (saturated case) respectively. While, in GL80, 

where the desaturation was made only at the backfill part 

behind the caisson, the rotation and horizontal displacement 

are about one half of these GL0, the settlement is almost the 

same as that of GL0. As a result, it can be said that the 

desaturation beneath the caisson is critical in preventing the 

displacement caused by soil liquefaction. 

 

4.2  Shaking tests with desaturation by air injection 

a) Desaturation process 

The air injection pressure needs to be sufficiently high 

to overcome the sum of hydrostatic pressure (Pw) at the 

injection point and air entry pressure (Pav) arising from the 

presence of the soil. Therefore the required air injection 

pressure is given by 

 

Pa ≥ Pw + Pav                             (3) 

 

Figs.11 and12 show the areas the air babbles retained in 

the sand were observed after the tests where AIBG and 

AIAG respectively. In AIBG, the air injection area was only 

the ground behind the caisson. On the other hand, in AIAG, 

the air injection area was the ground under the caisson and 

behind the caisson. In AIBG and AIAG, the area width, 

100mm width behind caisson was desaturated. 

In Fig.13 shows the Sr_min and Sr_res of air injection cases 

are plotted against the depth of ground. Minimum of degrees 

of saturation of the air injection cases are much higher than 

those of groundwater lowering cases (Fig.7). Sr_res of the air 

injection cases is slightly lower than those of groundwater 

lowering cases.  

b) Shaking test 

Input acceleration was set to be the same with lowering 

and raising groundwater case. Fig.14 shows EPWPs during 

the shaking for the air injection models and saturated models 

(GL0). In GL0, AIBG and AIAG, EPWPs of PPT9 and 

PPT4 at air injection area were larger than the effective 

vertical stresses. At lower depth, the generation of the 

EPWPs were gradual and smaller than those of saturated 

sand, confirming the effect of desaturation by the air 

injection on the liquefaction resistance. 

 

 

Figure 11 Air injection area observed from after test :AIBG 

 

 

Figure 12 Air injection area observed from after test :AIAG 

 

 

 

 

 

Figure 13 Depth profile of Sr (air injection test) 

 

The EPWPs of AIAG, GL160 and GL0 are compared 

in Fig.15 and Fig.16 which shows maximum EPWP at PPTs 

6, 7 and 8. In AIAG and GL160, the maximum EPWPs are 

almost the same and much smaller those of GL0.  
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Figure 14 Variation of excess pore pressure in the model ground during shaking (air injection test) 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 15 variation of excess pore pressure in the model ground during shaking (AIAG and GL160) 

 

 

 

 

 

 

 

 

 

 

 

Figure 16 Maximum excess pore water pressure
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Figure 17 Observed displacements of caisson for the air injection cases with the saturated case

Figure 18 Observed displacements of caisson 

 

Fig.18 shows a comparison of displacements of caisson 

for all cases. Horizontal displacement, settlement and 

rotation of the caisson of AIAG were one third, one half and 

one half of the saturated model (GL0) respectively. While, in 

AIBG the horizontal displacement was about one half of 

GL0, the rotation and the settlement were almost the same as 

those of GL0. From these observations, confirmed is the 

significance of desaturation both below the caisson and 

behind the caisson by the air injection.  

Horizontal displacement, settlement and rotation of the 

caisson are almost the same for GL160 and AIAG. In 

GL160 entire area behind the caisson was desaturated, while 

in AIAG, the desaturation was made in the ground under the 

caisson and behind the caisson with a width of 1.2 times of 

the height of caisson. 

 

5.  CO�CLUSIO� 

 

The following conclusions were summarized in this 

study. 

 

1.) Centrifuge modeling is a useful tool to simulate the 

desaturation process by lowering and raising 

groundwater level in sandy ground. the residual 

degree of saturation was about 90%, in the 

desaturated sand with the conditions adopted in the 

study.  

2.) The ground became partially saturated after 

stopping air injection. And residual air bubbles of 

air injection method are larger than that of ground 

water lowering and rising method. 

3.) Rapid increase of pore water pressure during 

shaking can be effectively prevented by the 

desaturation.  

4.) Rotation, settlement and horizontal displacement 

of the caisson can be also prevented by the 

desaturation. The desaturation of the sand beneath 

the caisson is very critical for the displacement 

prevention. 
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Abstract:  Results of a series of centrifuge tests on rectangular/strip footings at various initial footing embedments, wo over 
dry, dense sand subjected to loads causing large amounts of moment-rotation is presented.  The paper specifically investigates  
the lateral pressures developing on the sides of the footing due to wo and how such pressures affect a yield surface. Earth 
pressures acting on the side of the footing are directly measured. Results show that overburden effect has a large influence on 
the expansion of a yield surface for a given embedment. This effect consequently renders existing empirical formulations of 
yield surface as very conservative. 

 
 
1.  INTRODUCTION 

Problems on bearing capacity of foundations under multi-

directional loading have recently been addressed by the 

theoretical framework of strain-hardening plasticity, foremost to 

transcend the oversimplification and inadequacies of the 

classical/conventional approach (Houlsby & Cassidy, 2002).  In 

this new framework, particular emphasis is given on the 

conjugate relationship of footing load and displacement leading 

to yielding (Roscoe & Schofield, 1957), rather than on defining 

a reduced vertical load which is most often appraised 

empirically with much uncertainty. In addition, among 

combined loading studies founded within the new theoretical 

framework, a central theme has been the establishment of a yield 

surface in vertical, horizontal and moment {V:H:M} load space 

(Tan, 1990; Martin, 1994; Gottardi et al., 1999; Byrne & 

Houlsby, 2001; Cassidy, 2007; Govoni et al., 2010).   

Following this, Gottardi et al. (1999), Byrne & Houlsby 

(2001), Houlsby & Cassidy (2002), and Cassidy et al. (2002) 

have presented a footing response model for sand based on a 

large set of model tests conducted under 1g conditions using 

various model footings. This model, referred to as Model C, 

establishes a yield surface approximately parabolic in sections of 

{V:H} and {V:M} and eccentrically ellipsoid in section on 

planes of constant V (Fig. 1). Inside the yield surface, footing 

response can be characterised by an elastic behavior that 

progresses into elasto-plastic as the surface is approached. 

Model C assumes that the shape and size of a yield surface can 

be established in a consistent manner for any given vertical 

penetration (w) and/or load (V), where any increase in these two 

parameters would generally constitute to an expansion of the 

said surface (Martin, 1994; Gottardi et al., 1999; Houlsby & 

Cassidy, 2002, Cassidy et al., 2002).  

However, more recent, parallel centrifuge tests found that 

the said yield surface (Fig. 1) may additionally expand with the 

enhancement of gravitational field involved in model testing. 

Cassidy (2007) and Govoni et al. (2010) particularly pointed out 

the influence of additional overburden from passive pressures or 

soil back flow adjacent to the footing to have caused this 

expansion. Such effect may cause the parabolic shape of the 

surface in {H:M} load space to rotate after stress ratios either 

directly below or adjacent to the footing change (Cassidy, 2007). 

These recent findings proved that the earlier assumption of a 

one-fit yield surface may not be fully applicable when stress 

levels involved are significantly different from laboratory floor 

conditions to which existing footing models were derived. 

This paper particularly focuses on the influence of an 

overburden due to embedment on a yield surface under a 

properly-scaled stress field. In addition to their limited number, 

past combined loading studies were unable to directly account 

for the overburden effect on yield surface (Govoni et al. 2010), 

i.e. passive (or active) pressures on the side of the footing as this 

footing is loaded with large moment-rotation has remained 

rather unobserved.  

 
Figure 1  Yield surface from previous studies (after Houlsby 

& Cassidy, 2002)  
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Results on centrifuge tests of strip and rectangular footings 

subjected to large rotations and horizontal shearing are presented. 

A yield surface generated for plain-strain and three-dimensional 

loading is first established. Earth pressure distribution 

developing on the side of the footing as this footing is loaded to 

yielding is investigated to verify the influence of overburden 

pressure in the expansion of yield surface. 

 

2.  EXPERIMENTAL COMPONENTS 

All tests were conducted at the Mark III Centrifuge of Tokyo 

Institute of Technology at an acceleration level of 50g.  

 

2.1  Model Footing 

Rectangular footings were employed in the tests. One set of 

test was observed in three-dimension (3D), and another in plane-

strain. For the former case, a duralumin-made rectangular 

footing with a width of 50 mm, length of 100 mm and height of 

50 mm was employed (Fig. 2). For plane-strain loading, the 

model footing is constructed from hardened steel having a 

breadth (B) of 40 mm, a height of 30 mm and a length of 150 

mm. In both footing models, sand paper was glued at the whole 

expanse of the flat -base to ensure a rough soil-footing interface. 

To measure the overburden developing on the side of the 

footing, small-size earth pressure cells (16 pieces) were installed 

on all sides of the rectangular footing as shown in Fig. 2. 

 

2.2  Model ground/strongbox container 

Dry Toyoura sand was used for the model ground. 

Construction of model ground involved raining the sand into a 

strongbox by way of a hoisted hopper while maintaining a pre-

determined pouring height relative to the surface of the soil 

sample throughout the preparation. Relative densities of the 

grounds prepared were consistently in the range of 80-84%.  

For the plane-strain loading condition, a stainless-steel 

strongbox with internal plan dimensions of 800 by 150 mm and 

a depth of 400 mm was used, while for the 3D case, a circular 

steel container with a diameter of 585.6 mm and depth of 400 

mm was employed.  

 

2.3  Loading rig 

High-capacity loading jacks were employed in the tests. For 

loading of strip footings, a rig with a highly-precise 

displacement logging system and a high-capacity load cell (up to 

58.3 kN direct stress) imposed footing displacements in planar 

dimensions, namely vertically, horizontally and rotationally 

{w:u:}. On the other hand, the loading device employed for the 

rectangular footings consists of a 50 kN-capacity load actuator 

with systems of potentiometer that can directly measure vertical 

displacements.   Loading tests were all displacement-controlled. 

 

2.4  Test program 

The main purpose of the test program is to investigate the 

effect of initial embedment or footing penetration given by wo on 

an obtained yield surface. Test program on rectangular footing is 

comprised of 15 centrifuge tests, where footing located at 

various initial wo was loaded with large-moment rotation by 

means of eccentric loads. For plane-strain conditions, 13 model 

tests which involved subjecting the footing to direct horizontal 

or rotational displacements were conducted after the footing was 

penetrated to the soil with wo.  The loading mechanisms 

employed for the two model footings are illustrated in Fig. 3. 

 

3.  RESULTS & DISCUSSIONS 

 

3.1  Vertical load-settlements 

In Fig. 4, load-displacement responses of concentric, vertical 

loading tests are plotted to give an insight on the hardening of 

the soil with depth of penetration. The data are plotted non-

dimensionally as proportions of the load and settlement records 

at vertical peak state, correspondingly given by Vpeak and wpeak. 

This normalisation ascribes footing responses to an indicative 

vertical peak state typical to dense soils, where direct assessment 

of independent tests becomes convenient with respect to a peak 

bearing capacity. 

Figure 4 shows that within a vertical peak state, loading of 

rectangular footing accommodates a larger vertical stress for a 

given penetration compared to a strip footing. This is expected 

largely due to the sizable contact area of soil mobilised in the 

former to convey the resistance imposed by a given penetration. 

However, among the model tests on rectangular footings, it is 

seen that initial embedment, wo influence insignificantly the 

increase of vertical load with footing penetration. To implicate a 

more generalized observation involving loading at a three-

dimensional level, a vertical hardening response for a circular 

footing above dense Leighton-Buzzard sand (Gottardi et al., 

1999) is provided in said figure, which is seen to approximate 

well the present responses obtained for rectangular footings. 

 

Figure 2  Location of earth pressure cells on side faces of 

footing  

 
Figure 3  Loading mechanisms for (a) strip footings, and (b) 

rectangular footings 
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3.2  Swipe tests at various wo  

To appropriately establish a yield surface in {V, H, M/B} 

load space, swipe tests were carried out at various wo. This set of 

tests involved bringing the strip footing to an initial embedment 

(wo), at which point vertical penetration was fixed and a constant 

horizontal displacement, du>0  was applied. For a given wo, past 

studies noted that this loading mechanism approximates a track 

of the parabolic yield surface as illustrated in Fig. 1 (Tan, 1990; 

Martin, 1994; and Gottardi et al., 1999) Consequently, the 

obtained vertical hardening response (Fig. 4) conveniently 

relates this wo to the vertical load apex of yield surface, Vo.  

As expected, increasing Vo=V/Vpeak after a plastic 

penetration of wo, constitutes to a general expansion of yield 

surface as seen in Fig. 5 (Martin, 1994; Gottardi et al., 1999; 

Houlsby & Cassidy, 2002, Cassidy et al., 2002).  A yield surface 

given by Vo can be mathematically represented by the formula, 
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where B is the footing breadth, and the parameters ho and mo 

respectively show the apices of the horizontal and moment 

dimensions, whilst a determines the amount of rotation of the 

elliptical surface in {H:M/B} plane. The parameters 1 and  2 

allow adjustments to the parabolic shape of the yield surface 

along the V axis, so that a fit to experimental data may 

correspondingly be obtained (Nova & Montrasio, 1991). The 

existing parametric values in equation (1) are mo=0.090, 

ho=0.121, a=-0.223, and1=2=1 for dense sand, and mo=0.094, 

ho=0.154, a=-0.250, and 1=2=0.820 for loose carbonate sand 

as obtained by Gottardi et al. (1999) and Byrne & Houlsby 

(2001) respectively. 

\

 Load components resulting from said tests are plotted in 

Fig. 5 with load paths normalised to their corresponding Vpeak to 

provide a rationalisation to a yield surface determined by peak 

bearing capacity. Existing yield surface formulations given by 

Gottardi et al. (1999) and Byrne & Houlsby (2001) are seen to 

provide a good prediction to the presently observed yield states 

particularly in moment dimension (Fig. 5a), where observed 

yielding either adheres to, or retracts upon this yield surface 

determined by Vpeak. However, some post-peak load paths were 

observed lying outside the said trace, especially at low values of 

V (cf. Fig. 5b). Govoni et al. (2010) earlier argued that presence 

of such substantial amount of horizontal loads, H at low levels of 

V, is brought by the continued mobilisation of soil resistance due 

to passive pressures developing with wo embedment. 

 

3.3  Yield surface for rectangular footings 

Rectangular footings, with different initial embedments, wo 

(Fig. 2) were loaded with vertical loads at different combination 

of eccentricity, eB and eL (Fig. 3b) to investigate primarily the 

reduction of bearing capacity with load eccentricity. Test results 

can be expressed in terms of the interaction of moment and 

vertical loads. This is made possible by recalling the concept of 

‘effective width’  as proposed by Meyerhof (1953), wherein a 

footing under moment loading be considered by a statically 

 

Figure 4  Comparison of vertical hardening between strip 

and rectangular footings on dense sand 
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Figure 5  Yield surfaces at various wo obtained from swipe 

tests on a strip footing in (a) {V/Vpeak:M/B Vpeak} and (b) 

{V/Vpeak:H/Vpeak} projections 
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equivalent vertical load acting at an eccentricity ē from the 

center of the footing, where ē is presented non-dimensionally to 

the diagonal length of the footing, w*=(B
2
+L

2
)
0.5

. The footing 

then has reduced width, called an effective width, of (B - 2 ē), 

and the appropriate interaction relationship can be derived as  
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Equation (2) is plotted in Fig. 6 together with the present 

data for rectangular footings. Also included in the same figure 

are projections of equation (1) as parameterised by Gottardi et al. 

(1999) and Byrne & Houlsby (2001), both of which were 

derived from loading tests results of circular footings swiped on 

various ground conditions. These empirical formulations are 

seen to be conservative (largely overestimates) in predicting the 

decrease of bearing capacity, V/Vpeak with moment loads, M/BV 

in comparison to present set of data. This was confirmed  earlier 

by Bando et al. (2011). In addition, effect of different initial 

embedments, wo to the reduction of vertical load capacity is seen 

insignificant for the same eccentricity.  

To further compare the decrease of vertical loads with a 

developing moment component, results for swipe tests on strip 

footings are presented in Fig. 7. Yield states developing in swipe 

tests are seen to fall closely within existing formulations of yield 

surfaces, also noted in Fig. 5. In Fig. 7, influence of initial 

penetration, wo to the size of yield surface becomes more evident, 

where increase in wo provides a larger bearing capacity in 

vertical direction but smaller in moment.   

Moreover, based on Figs. 6 and 7, a yield surface derived 

from loading of rectangular footings would most likely result to 

a more expanded yield surface compared to both conventional 

and recently-developed plasticity formulations, though present 

comparisons are limited within the moment dimension of said 

surface.  These observations seemingly give an indication of the 

significant influence of earth pressures acting on the side of the 

rectangular footings on the observed expansion. 

 

3.4  Earth pressures  

The additional expansion of the yield surface for eccentric 

loading of rectangular footings as described in above sections is 

accounted for by recording the earth pressures developing on the 

side of the footing. Figures 8 and 9 show the distribution of earth 

pressures for loading cases with maximum eccentricity (also 

maximum applied moment, M/BV) of 0.4 and 0.25 respectively. 

Footings with different embedments (0.4B and 0.8B) are 

compared on each figure, where pressure distributions were 

taken at different vertical load level ratios, V/Vpeak leading to 

collapse.   

As pointed out in Fig. 6, at M/BV values of 0.25 and 0.4, 

percent expansion of yield surface for rectangular footing 

approximately corresponds to 50% to 200% the size of existing 

yield surfaces. On a similar note, for these same values of 

eccentricity, existing yield surface formulations predict footing 

failure at V/Vpeak of 0.36 and 0.12.  It is observed in Figs. 8 and 9 

that these same V/Vpeak values seem to provide the minimum 

vertical load level ratios upon which recorded earth pressures 

start to increase at any side of the footing. It is noted, however, 

that increase in V/Vpeak does not entirely translates to an increase 

in recorded earth pressures. This seems to be the case at lower 

levels of the footing where earth pressure data at 10 mm from 

footing base indicate that maximum side wall resistance is 

recorded at about 30% of failure load, where such resistance 

actually lowers approaching failure load.  This is not the case at 

upper levels of the footing however, where increase in recorded 

earth pressure is strongly dependent on the increase of V/Vpeak.  

 

Figure 6  Decrease of bearing capacity with increasing load 

eccentricity 
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Figure 7  Decrease of vertical load with developing moment 

loads 
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In addition, greatest values of earth pressure are observed at 

the side of eccentricity, particularly at the upper part of the 

footing, given that such part is sufficiently buried.  As expected, 

earth pressures at the side of the footing increase with increasing 

initial embedment.   

These observations serve to confirm that additional 

expansion of yield surface obtained for rectangular footings is 

due to the mobilisation of earth pressures developing specifically 

on the side of loading eccentricity.  

 

4.0  CONCLUSIONS 

Present paper presents results of a series of centrifuge tests 

on rectangular/strip footings over dry, dense sand subjected to 

loads causing large amounts of moment-rotation at various 

initial footing embedments. Earth pressures acting on the side of 

the footing are recorded to account for the effect of overburden 

on any expansion of a yield surface defining failure. 

A yield surface on dense sand obtained for a rectangular 

footing would most likely be expanded compared to existing 

footing models. Results confirm that such additional expansion 

of yield surface is due to the mobilisation of earth pressure 

against the side of the footing due to soil back flow. The 

mobilisation of earth pressure is largely dependent on the 

sufficiency of initial embedment, where for deeply embedded 

footings, a larger earth pressure acting on footing side wall is 

recorded nearer the soil surface.  

The effect of overburden only becomes significant after a 

particular vertical load level is reached. This load level is found 

close to failure load levels approximated by existing 

conventional and plasticity-based formulations. In effect, the 

observed expansion on yield surface for rectangular footings can 

be entirely attributed to mobilisation of overburden pressures.   

 

References: 

Bando, R., Izawa, J., & Kusakabe, O. (2011). Rectangular footing on 
sand subjected to double eccentric load. Int. J. Phys. Mod. In 
Geotech., 11, No. 01, 33-49. 

Byrne, B. W., & Houlsby, G. T. (2001). Observations of footing behavior 
on loose carbonate sands.  Géotechnique 51, No. 5, 463-466. 

Cassidy, M. J. (2007). Experimental observations of the combined 
loading behaviour of circular footings on loose silica sand.  
Géotechnique 57, No. 4, 397-401. 

Cassidy, M. J., Byrne, B.W., & Houlsby, G. T. (2002). Modelling the 
behavior of circular footings under combined loading on loose 
carbonate sand. Géotechnique 52, No. 10, 705-712.   

Gottardi, G., Houlsby, G.T., and Butterfield, R. (1999). Plastic response 
of circular footings on sand under general planar loading. 
Géotechnique 49, No. 4, 453-469. 

Govoni, L., Gourvenec, S., & Gottardi, G. (2010). Centrifuge modeling 
of circular shallow foundations on sand. Int. J. Phys. Modeling in 
Geotech, 10, No. 2, 35-46, doi: 10.1680/ijpmg.2010.10.2.35. 

 
Figure 8  Earth pressure distribution for loading with maximum eccentricity (or M/BV) of 0.4  

 

 

 

 

 

 

 

- 657 -



 

 

Houlsby, G. T. & Cassidy, M. J. (2002). A plasticity model for the 
behaviour of footing on sand under combined loading. Géotechnique 
52, No. 2, 117–129. 

Martin, C.M. (1994). Physical and numerical modeling of offshore 
foundations under combined loads. Ph.D. thesis, University of 
Oxford, U. K. 

Meyerhof, GG. (1953). “The bearing capacity of foundations under 
eccentric and inclined loads,” Proc. 3rd Inter. Conf. on Soil Mech. 
and Found. Eng., Vol. I, pp 440-445. 

Nova, R. & Montrasio, L. (1991). Settlements of shallow foundations on 
sand. Géotechnique 41, No. 2, 243-256.  

Roscoe, K. H. & Schofield, A. N. (1957). The stability of short pier 
foundations in sand, discussion. British Welding Journal, January, 
12-18. 

Tan, F. S. C. (1990). Centrifuge and numerical modeling of conical 
footings on sand. Ph.D. thesis, University of Cambridge, U. K. 

 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 9  Earth pressure distribution for loading with maximum eccentricity (or M/BV) of 0.25  
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Abstract: The Mononobe-Okabe (M-O) Method, which is the direct extension of the Coulomb’s soil wedge theory to 
pseudo-static conditions, remains as the fundamental approach to analyze the seismic earth pressure acting on retaining 
walls. However, it may not be applied to the non-yielding backfill of the retaining walls because the active state could not 
be achieved. The soil state of the non-yielding backfill is called “intermediate active state” in the paper. Thanks to the 
“disturbance concept”, the intermediate active state could be considered on the basis of the relationship between retaining 
wall movements and the angle of shearing resistance along an assumed shear band in the backfill soil. A simple method 
based on the M-O theory is established to predict the magnitude of the earth pressure acting on a retaining wall if the 
backfill is the dry and cohesionless soil. Validation of the method is testified by the comparison of the predicted results 
with the dynamic centrifuge model test results. 

 
 
1.  INTRODUCTION 
 

The term “yielding of the retaining walls” usually refers 
to the permanent deformation of the structures caused by the 
weight of the assumed soil wedge in the backfill and the 
inertial forces during an earthquake. Up to now, the 
pseudo-static analysis is most frequently used in the 
retaining walls design (Richards, Huang and Fishman 1999; 
Choudhury and Nimbalkar 2006). The pioneering research 
on the dynamic lateral earth pressure by pseudo-static 
analysis dates back to Mononobe (1924) and Okabe (1924). 
Extending the static Coulomb earth pressure analysis, they 
applied pseudo-static accelerations to a Coulomb active 
(passive) wedge to estimate the earthquake-induced lateral 
earth pressure under active (passive) mode on a retaining 
wall, known as Mononobe-Okabe (M-O) Method (Kramer 
1996). The magnitude of the soil thrust acting on the rigid 
retaining walls during earthquake could be obtained by force 
equilibrium if assuming that the forces acting on the walls 
resulted from a wedge soil above a planar failure surface 
suffered earthquake induced horizontal and vertical 
pseudo-static forces. Figure 1 shows a vertical wall having a 
friction angle δ between the backfill and the wall, and 
retaining a horizontal dry, cohesionless backfill with an 
angle of shearing resistanceφ . The horizontal and vertical 
seismic inertia force, khW and kvW, act on the soil wedge 
behind the rigid retaining wall, the magnitude of which is 
determined by the pseudo-static accelerations ah=khg and 
av=kvg. Accordingly, the dynamic earth pressure coefficient 
could be drawn by scaling the magnitude of the body force 
to fit the resultant of the gravity and the inertia forces, that is, 

Active earth pressure coefficient: 
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where )1/(tan vh kk −=θ  

For those retaining walls without any obvious signs of 
“yielding” characteristics after an earthquake, it is usually 
considered as the normal walls, which could be 
pseudo-statistically analyzed if another earthquake strikes. 
However, there must be certain amount of plastic strains 
accumulated in the backfill after shaking. The soil shear 
strength would drop if those strains locate into a potential 
shear band (Bolton and Steedman 1985; Koseki, et al 1998). 
Previous researches (Ichihara 1973; Sherif, Ishibashi and 
Lee 1982; Bang 1985; Fang and Ishibashi 1986) showed that 
there is a close relationship between the magnitude of the 
retaining wall movements and the corresponding earth 
pressure coefficient. The “retaining walls movements” here 
refers to the displacement occurred at the top of the retaining 
walls. Therefore, it is possible to predict the earth pressure 
on the non-yielding retaining walls based on retaining wall 
movements. According to Bang (1985), the soil state before 
reaching the active state could be called “intermediate active 
state”. The term “intermediate active earth pressure” is used 
here to refer the earth pressure acting on the non-yielding 
retaining walls. 

In this paper, the earth pressure on non-yielding 
retaining walls during earthquake is estimated under the 
mathematical framework of the M-O method. By the 
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disturbance function, certain relationship between the 
retaining wall movements and the angle of shearing 
resistance of the backfill would be assumed. On the basis of 
that relation, the intermediate active earth pressure on the 
non-yielding retaining wall would be predicted. By 
comparing the predicted values with the dynamic centrifuge 
test results, the advantages and limitations of this method is 
discussed. 

 
 

2.  DISTURBANCE FUNCTION 
 

Desai (1980, 2000b, 2003) proposed the disturbed state 
concept (DSC) to constitutively model geotechnical 
materials and interfaces, such as clays, sands, porous 
saturated materials and reinforced soil wall. In this concept, 
a deforming soil element consists of both the relative intact 
(RI) and the fully adjusted (FA) portion. The observed or 
actual responses of soils could be expressed in terms of the 
responses of the soils in the RI and FA states, by use of the 
disturbance function D. It reflects the coupling between the 
response of the RI and FA parts. The original recommended 
disturbance function is expressed as the ratio of the soil 
volume in FA state to the total soil volume. Park and Desai 
(2000) further proposed the following equation to consider 
the disturbance as a function of the soil plastic strain (ε). The 
schematic relationship is shown in Fig.2. 

)]exp(1[)( z
u ADDD εε −−==          (2) 

where Du, A and Z are the state properties. Initially, without 
any disturbance, the soil is entirely in the RI state, which 
means D equals to zero. As for the fully disturbed soil in the 
FA state, D=Du ≤ 1. Theoretically, the disturbance D varies 
between zero and unity, representing the effect of any 
disturbance in soils. Since the earthquake would cause soil 
failure and intrigue the instability of the retaining walls, the 
disturbed degree (D) may range from 0 to 1 to consider its 
negative effect. 

The backfill could be thought as a continuum because 
there are no obvious cracks or sliding lines in the backfill of 
non-yielding retaining wall after the disturbance of an 
earthquake. Neither active state nor passive state does the 
backfill soil reach. At the small strain, the displacement of 
the retaining wall (S) may be represented as the integral of 
the strain (ε). Thus, the relationship between disturbance 
function (D) and the amount of retaining wall horizontal 
movement (S) can be supposed to be similar to Fig.2. In this 
paper, the disturbance function proposed by Zhu (2011) is 
employed: 

⎥
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where b represents the deterioration rate, relating with the 
backfill soil relative density. For the dense backfill, it would 
not be easily disturbed and b would be a large value while 
for the loose backfill, the value of b would be small. By a 
series of numerical analysis, Zhu (2011) concluded that if 
the backfill is the dry sand, b value ranges from 0.5 to 5, 

corresponding to the loose to dense sand. S is the rigid 
retaining wall movement; S0 denotes the amount of the 
retaining wall movement at RI state, which is usually set as 
zero for convenience. Sa is the retaining wall movement after 
being “fully disturbed”, leading to the yielding. 

Specifically, the physical meaning of “undisturbed 
state” and “disturbed state” needs to be clear. The RI state 
stands for the soil state without any disturbance. 
Correspondingly, in this paper, the RI state represents the 
initial condition of the backfill before earthquake, if the 
earthquake is regarded as a “disturbance”. The backfill is in 
the at-rest state and the earth pressure could be evaluated by 
the static earth pressure coefficient. The retaining wall under 
this circumstance stands still without any movement. After 
earthquake, the backfill soil would be disturbed and plastic 
strain occurs. If the movements of the retaining walls are 
large enough to reach Sa, intriguing the yielding of the 
retaining walls, the M-O method would be applicable for 
this case. Generally, at the active state, Sa is estimated as 
ranging from 0.003H to 0.001H (H is the retaining wall 
height) (Mei and Zai 2001). 

By the above definition, the various states of backfill 
soils could be summarized into the same framework. The 
amounts of the retaining wall movement characterize the 
backfill soils state by disturbance function D. The 
conceptual relationship between the disturbance and 
retaining wall movements is thus shown in Fig.3. At static 
state, the retaining walls keeps still without any external 
disturbance, the backfill soil is in the RI state. As the 
retaining wall moves away from backfill due to the 
earthquake, the backfill soil would be disturbed. The extent 
of the disturbance increases with the increment of the wall 
movements until the active condition is achieved at the 
movement of Sa. 

 

φ

 
Fig.1 Forces analysis of soil wedge in M-O 

(Mononobe-Okabe) method 

 

Fig.2 Disturbance function variation with strain  
(after Park and Desai, 2000) 
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3.  EARTH PRESSURES ON NON-YIELDING 
RETAINING WALLS DURING EARTHQUAKE 

 
Bolton and Steedman (1985) proved a nonlinear 

relationship between the angle of shearing resistance on slip 
plane and the displacement along the slip plane based on the 
results of a series of dynamic centrifuge tests on retaining 
walls. The angle of shearing resistance dropped from 50° to 
33° accompanying with the displacement increments, 
resulting in doubling the earth pressure coefficient. If the 
plastic strain accumulated in a potential shear band and 
associated strain softening in this band is considered, the 
development of the retaining walls yielding closely relates 
with the potential shear band. Initially, without the 
disturbance of the earthquake, the movement of the retaining 
wall is regarded as zero. The angle of shearing resistance of 
the potential shear band in the backfill is assumed to be the 
peak value. With the increment of the retaining wall 
movement, the potential shear band may be developing and 
the angle of shearing resistance may be decreasing 
correspondingly. When the active state is reached, the shear 
band has already been fully developed. The weight of the 
soil wedge, together with the inertia force, is large enough to 
intrigue the yielding of the retaining wall. Under this 
circumstance, the angle of shearing resistance equals to the 
residual value. The earth pressure increases during this 
process. The inclined angle of the shear band to horizontal is 
assumed to drop with the movements of the retaining wall. It 
is worth to mention that the physical meaning of the “shear 
band” at the intermediate active state is different from the 
real shear band at the active state. It is an assumed line to 
characterize the influence of the angle of shearing resistance 
on the earth pressure coefficient. At the active state, an 
obvious sliding plane would be observed, which is the actual 
shear band developed in the soil. To visualize the conception 
of this process, the figure originally proposed by Kosei et al 
(1998) is employed, which is shown in Fig.4. The solid line 
represents the relationship between the movements of the 
retaining walls and earth pressure coefficient at different 
seismic magnitude. If the shear band development induced 
the angle of shearing resistance drop is considered, there 
should be certain equilibrium state indicating the balance of 
that angle with the retaining walls movement at certain 
seismic magnitude. The dashed line, composed by the 
equilibrium points, represents the concepts of the 
intermediate active state. The starting point in this research 
begins from the at-rest state, representing the RI state. The 
intermediate active earth pressure increases with the 
retaining walls movement when the seismic magnitude 
increases, finally reaching the active state at Sa. 

From the above discussion, the angle of the shearing 
resistance actually varies with the retaining wall movements. 
At the RI state, without the disturbance from an earthquake, 
the angle of shearing resistance (φ ) is thought as the peak 
angle (φ pek). On the other hand, at the active state, the 
sliding plane occurs, the angle of shearing resistance drops 
down to the residual value (φ res). It changes between the 
two values, which could be assumed to relate with the 

disturbance function D by interpolating function as: 

pekres DD φφφ )1( −−=              (4) 

Based on the equation (3) and (4), as long as the 
retaining wall movement caused by earthquake is known, 
the corresponding change of the angle of shearing resistance 
would be evaluated. The intermediate active earth pressure 
could be predicted by M-O method.  
 

 
4.  EXAMPLE AND DISCUSSION 
 
4.1  Experimental Results 

A series of shake table tests in the centrifuge on a 
cantilevered retaining wall rested on a competent ground 
was conducted by Takahashi et al. (2010) to examine the 
internal stability of cantilevered retaining walls. The case 
without embedment is shown for discussion purpose. The 
cross section of the tested model is shown in Fig.5. The 
retaining wall is made of aluminum with 8.1m in height and 
5.4m in length of the base in the prototype scale. The strain 
gauges and earth pressure cells is instrumented at the back of 
the wall to measure both the lateral earth pressure acting on 
the stem and the flexural response of the stem. The relative 
density of the foundation ground was 90%, and that of the 
backfill was 80%. Three different earthquake motions were 
successively applied to the model, namely, step 1, step 2 and 
step 3. In terms of the maximum acceleration, the first 
motion was smallest and the last was largest. The further 
details about the tests could be found in Takahashi et al. 
(2010). In this case, no obvious slip surface occurs, i.e., no 

 

Fig.3 Disturbance function variation with retaining wall 
movement 

 

Fig.4 Schematic relation of retaining wall movement versus 
active earth pressure coefficient 
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clear active failure was observed, in the backfill.

 
The equivalent coefficient of earth pressure (K) is 

evaluated from the data recorded by a strain gauge, which is 
defined as EPMllK =)3)(2( 2γ , where γ is the unit weight 
of the backfill; l is the depth of point G5 from the top of the 
stem and MEP is the bending moment of the stem caused by 
the earth pressure at the depth of point G5. The relation of K 
versus horizontal displacement measured at the top of the 
stem is shown in Fig.6. The movement of retaining walls 
increases with the application of the successive earthquake 
motions. There is a tendency that the equivalent earth 
pressure coefficient increases with the retaining wall 
movement, which is in accordance with the previous 
discussion that the increasing displacement causes the 
dropping of the angle of shearing resistance, resulting in the 
increasing of the earth pressure coefficient.  
 
4.2  Theoretical Evaluations 

The state parameters of the backfill are shown in Table 
1. The peak and residual angle of shearing resistance of 
Toyoura sand is assumed to be 42º and 35º, respectively. The 
retaining wall movement at active state is 135mm, equaling 
to 0.001H. Considering the dense condition of the backfill, b 
is assumed to be 5. By Eq. (3), change of disturbance 

function (D) during the vibrations can be calculated as 
shown in Fig.7. 

The results calculated by the method proposed by this 
paper, plotted in Fig.6, basically match with the test results at 
intermediate acceleration (step 2). The earth coefficient 
increases with the increment of retaining wall movement, 
indicating that a potential shear band is developing 
correspondingly. However, at low acceleration (step 1), the 
calculation results greatly underestimate the earth coefficient. 
A potential reason may relate with the assumption that the 
starting point of the disturbance is actually the at-rest state 
without any retaining wall movement, which leads to 
comparatively small initial earth pressure. Therefore, a more 
appropriate RI state should be assumed based on the actual 
behavior of the retaining wall. The proposed method could 
not work well at relatively higher acceleration (step 3) as 
well, which may relate with the limitation of M-O method. 
In Eq. (1), the value of Kae increases with the increment of 
acceleration kh until a certain upper limits, beyond which, the 
term “ )sin( θφ − ” becomes negative. If the drop of the 
angle of the shearing resistance induced by the shear band 
development is considered, the M-O method may not be 
applicable at the relatively high acceleration. 

  

 

Fig.5 Cross section of the tested model 

Table 1 State parameters of the backfill 

Parameter 
Specific 

gravity 

Maximum 

void ratio 

Minimum 

void ratio 
pekφ  (º) resφ  (º) Sa (mm) b 

Value 2.65 0.973 0.609 42 35 135 5 
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5.  CONCLUSIONS 
 

The intermediate active earth pressure on a 
non-yielding retaining wall is predicted. Based on the 
disturbance state concept (DSC), a function for dry 
cohesionless backfill is derived. The relative intact state 
assumes to be the static condition without the disturbance of 
earthquake while the fully adjusted state indicates the 
retaining wall failure at the active state of the backfill. The 
retaining wall movements characterize the disturbance, 
which closely relates with the development of the potential 
shear band in the backfill. Therefore, the relationship 
between the angle of shearing resistance and retaining wall 
movements could be assumed. The calculation is 
recommended to follow the Mononobe-Okabe (M-O) 
method. 

The validation of the method is testified by the results 
from dynamic centrifuge tests. Since the proposed method to 
evaluate the non-yielding retaining walls is under the 
framework of the M-O method, it inherits the advantages as 
well as the limitations of the M-O method. At relatively low 
acceleration, the proposed method underestimates the active 
pressure while it would properly approximate the coefficient 
at intermediate accelerations. A more appropriate definition 

of the relative intact state is needed for further study.  
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Abstract:  Some of the slope failures along oblique faults experienced arch action because the stable scarp was 
observed after collapse. Apart from the force acting normal to the slope and the frictional resistance along the slope, the 
load resisting the scarp is transferred to the stiffer side supports by the circumferential forces across the exposed face. 
Therefore, the failure mechanism involves a passive condition where the major principal stresses dominate the force 
supporting the arches. In this study the stability of a sand block on a low friction sloping plate is studied analytically 
considering pseudo-static condition. Pseudo-static slope stability method is based on the inertia slope stability analysis. In 
this method, the cyclic nature of earthquakes is neglected and instead, an assumed additional static force due to 
earthquakes is applied to the slope. Jenike’s (1961) theory of cohesive arching in hoppers is adopted to develop new 
equations for passive arching effect in undercut slopes. 

 
 
1.  INTRODUCTION 

 

Evaluating the stability of slopes is one of the most 

important activities in geotechnical engineering. The 

existence of a stable scarp in some slope failures along 

oblique faults can be evidence of arching effect in those 

slopes. Pipatpongsa et al. (2009) reported the existence of 

some stable scarps in huge slope failures in coal mining. 

They explained that the exposed scarp of failure remains 

stable if the material has a sufficient strength to resist the 

load which is transferred to the stable adjoining parts. This 

phenomenon of load transfer from the yielding part of the 

material to the adjacent stationary parts is known as the 

arching effect (Janssen 1895 and Terzaghi 1936).  

Some laboratory-scaled undercut slope physical model 

tests were conducted by the authors under both 1G and 

centrifugal acceleration fields (Khosravi et al. 2009, 

Khosravi et al. 2010, Khosravi et al. 2011). They confirmed 

the existence of passive arching effect in the slope models by 

means of earth pressure recordings and image processing 

techniques. They concluded that in undercut slopes, some 

parts of the load transfers from the yielding portion of the 

slopes to the stiffer sides and depend on the strength of the 

sides, two types of slope failures can be expected; 

arch-shaped failure in the central part of the slope for the 

strong sides, and side buckling leading to total failure of the 

slopes for the weak sides. They also applied counterweight 

balance as a new technique to stabilize undercut slopes with 

the weak sides, which make it possible to have wider 

undercut span in front of the slope (Khosravi et al. 2012). 

The counterweight balance technique can be applied to 

stabilize temporary slopes, such as slopes in open-pit mining 

where a desired layer of rock is confined by waste rock 

mass.  

Jenike’s (1961) theory of cohesive arching in hoppers 

(Walters, J. K. (1973)), is adopted to develop the instability 

phenomena of undercut slopes by the authors (Pipatpongsa 

et al. 2012). In this study, the stability of a sand block on a 

low friction sloping plate is studied analytically. Then the 

new equations are developed for passive arching effect in 

undercut slopes considering the effects of earthquakes by 

pseudo-static method. 

 

 

2.  PSEUDO-STATIC SLOPE STABILITY METHOD 

 

The slope stability analyses for seismic evaluation can 

generally be categorized into two groups; inertia slope 

stability analysis and weakening slope stability analysis. The 

former is preferred if the material retains its shear strength 

during earthquakes, and if a significant shear strength 

reduction is experienced by the material, the latter analysis is 

preferred (Kumar 2008).  

The pseudo-static slope stability method is based on the 

inertia slope stability analysis. The first explicit application 

of the pseudo-static method to the seismic slope stability 

analysis has been attributed to Terzaghi (1950). In this 

method, the cyclic nature of earthquakes is neglected and 

instead, an assumed additional static force due to an 

earthquakes is applied to the slope. The components of this 
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assumed force in horizontal and vertical directions are 

shown in Eqs. (1) and (2), respectively.  

h

h h

a
F W k W

g
     (1) 

v

v v

a
F W k W

g
     (2) 

Where; 

Fh , Fv  horizontal and vertical components of 

pseudo-static force acting through the centroid of the sliding 

mass, respectively 

ah, av  horizontal and vertical pseudo-static 

accelerations, respectively 

g  gravity acceleration 

W  weight of the sliding mass 

kh , kv  horizontal and vertical pseudo-static seismic 

coefficients, respectively 

Vertical component of pseudo-static force has very little 

effect on the stability of sliding mass, since it reduces or 

increases both the driving and the resistance forces 

depending on its direction; therefore the vertical component 

is usually ignored in pseudo-static slope stability analysis 

(Kramer 1996). Values for the horizontal pseudo-static 

seismic coefficient (kh) are suggested by many researchers. 

Terzaghi (1950) originally suggested for severe earthquake 

(kh  0.1), for violent and destructive earthquake (kh  0.2) 

and for catastrophic earthquake (kh  0.5). For design of 

earth and rockfill dams with safety factors of 1 to 1.5, Seed 

(1979) suggested kh  0.1-0.12.  

 

 

3.  STABILITY OF A SAND BLOCK ON A SLOPING 

PLATE 

 

The force diagram of a sand block initialized to movement 

on a low friction sloping plate is shown schematically in 

Figure 1. A horizontal pseudo-static force is assumed acting 

through the centroid of the block. The stability of the sand 

block is controlled by the interface properties of the sloping 

plane and sand; therefore, the slope fails once the driving 

force overcomes the slipping resistance of the interface.  

 

 

Figure 1 Pseudo-static force diagram of a sand block placing 

on a low friction sloping plate 
 

The forces applied to the sand block in the slope direction 

are resisting force (Fr) and driving force (Fd), as follows:  

 cos( ) sin( ) tan( )r h i iF W k c A       (3) 

sin( ) cos( )d hF W k W      (4) 

where 

W: weight of the sand block (W=TA) 

A: contact area of the sand block and the sloping plate 

(A=LS×WS) 

T: thickness of the sand block 

γ: unit weight of the sand block 

ϕi: interface friction angle 

ci: interface cohesion 

α: inclined angle of the sloping plate 

kh: horizontal pseudo-static seismic coefficient 

 

The factor of safety for pseudo-static total stress analysis can 

be obtained as follows, 

 cos( ) sin( ) tan( )
.

sin( ) cos( )

h i ir

d h

k c TF
F S

F k

   

 

 
 


 (5) 

It is obvious that the slope angle at failure is independent of 

the block’s contact area (A=LS×WS) for this simple 

condition.  

At the instant of block movement when F.S=1, the inclined 

angle of the sloping plate at failure (αi) can be calculated 

from the following equation as a function of dimensionless 

number ci /T, the slope interface friction (ϕi) and the 

pseudo-static seismic coefficient (kh). 

1 1 1sin cos cos(tan ) tani

i i i h h

c
k k

T
  



   
   

 
 (6)  

From Eq. (6), an inverse relation can be seen between the 

block thickness and the slope angle at failure.  

Equation (6) for different values of kh is plotted in Figure 2 

as the relationship between the slope angle at failure and the 

thickness of the block, present in dimensionless number 

T/ci as shown in Eq. (7).  

cos

sin( ) cos( )

i

i i i h i i

T

c k



   


  
  (7)  

 

When the relative block thickness (T/ci) is small, the slope 

angle at failure is much higher than interface friction angle 

(αi>ϕi) due to the influence of interface cohesion between the 

sand block and the sloping plate. By gradually increasing the 

block thickness, the slope angle at failure asymptotically 

decreases until reaching its limit marked by the interface 

friction angle (αi=ϕi). Therefore, the influence of interface 

cohesion on the slope angle at failure decreases as the block 

thickness increases.  

 

T

WS

LS

Fr

W

α

Low friction stiff 

sloping plate

Block of moist sand

Fh= khW

N=W(cos(α)-khsin(α))

Fd=W(sin(α)+khcos(α))

- 666 -



 

Figure 2 The inclined angle of the sloping plate as a 

function of the thickness of the sand block and the 

horizontal pseudo-static seismic coefficient 

 

 

4.  COHESIVE ARCHING IN PLANAR HOPPERS 

 

Geometry of a planar hopper of granular material with a 

thickness T is shown in Figure 3. In order to calculate the 

minimum necessary width for hopper outlet (Bf) for 

continuous flow of granular media, Jenike (1961) selected a 

circular arch element as illustrated in the figure. He assumed 

that this arch element will be stable as long as its weight is 

kept less than the unconfined compressive strength of the 

granular material (c). In order to have a continuous flow of 

granular media, this arch should be destabilized; therefore, 

the weight of the arch should surpass the unconfined 

compressive strength.  

 

 
Figure 3 Geometry of a planar hopper of granular material 

with a thickness T normal to the plane 

 

 

The vertical resistance force (Fr) mobilized by the 

unconfined compressive strength and the vertical driving 

force (Fd) due to the weight of the stable arch can be 

calculated as follows:  

   

  

2 cos sin

   sin 2

r c

c

F T z

T z

     

   

  

     (8)
 

dF BT z 
    (9)

 

where 

: unit weight of the granular material 

T: thickness of planar hopper 

c: unconfined compressive strength of the granular material 

δz: thickness of the stable arch in vertical direction 

B: the hopper outlet width  

 

To have the equilibrium in vertical direction from Eqs. (8) 

and (9), 

  sin 2r d cF F T z BT z          (10) 

Therefore, the hopper outlet width can be calculated from 

the following equation: 

 sin 2cB


 


 
   (11) 

The maximum value of [sin2(α+β)]max1; therefore, the 

maximum value of B can be obtained from the following 

equation: 

c

fB





     (12) 

Where Bf is referred to as “flow factor” and is the minimum 

necessary width for hopper outlet for continuous flow of 

granular media.  

 

 

5.  SOIL ARCHING IN LATERALLY SUPPORTED 

SAND BLOCK 

 

In this section, the stability of a laterally supported sand 

block, as shown in Figure 4, is studied, where pieces of 

wood are firmly attached as the lateral supports. The inner 

sides of the supports are covered with sandpaper to ensure 

the condition of fully rough boundaries. The assumption of 

circular cohesive arch, which is developed by Jenike (1961) 

for hoppers, is employed to show the state of stresses in 

laterally supported sand block. As illustrated in Figure 5, 

when the sand block initiates to slip down at the maximum 

inclined angle of the sloping plate (αf), shear planes will 

generate along the lateral supports, and passive arches of 

major principal stress (1) will generate inside the soil body.  
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Figure 4 Laterally supported sand block on a low 

friction sloping plate  

 

 

(a) Physical model 

 

(b) Stress distribution  

Figure 5 Slippage of the sand block along the lateral 

supports at the maximum inclined angle of the sloping 

plate (αf) 

 

The state of stresses for a circular element of soil is 

illustrated in Figure 6, both in physical space and Mohr 

space. In this figure, “Pole s” and subscript “s” refer to mode 

of failure in laterally supported sand block which is “slip 

failure”. By using the Mohr circle, the direction of major 

principal stress (1) is calculated as S=π/4+ϕ/2; where, at 

the lower edge of the sand block (3=0), the major principal 

stress (1) reduced to the unconfined compressive strength 

of the granular material (c).  

 

  

(a) Physical space (b) Mohr space 

Figure 6 State of stresses in a laterally supported sand block on a 

low friction sloping plate  

 

Equilibrium equation for the circular small element in the 

dip direction can be written as follows:  

 

sin 2

sin cos cos sin tan

c S

i
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c
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(13)

 By substitution of S=π/4+ϕ/2 into Eq. (13), and 

rearranging it, the maximum stable width of the sand block 

(Bfs) can be given by the following equation:  

cos

sin( ) cos( )
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c
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fs i h fs i i

i

B
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 (14) 

In terms of the inclined angle of the sloping plate, Eq. (14) is 

rewritten as follows: 

1 1

2

cos
tan sin cos

1

c i i

fs i h

fs h

c
k

B T k

 
  

 

 
  
     
    

     (15) 

where 

Bfs: the maximum stable width of the sand block 

αfs: the maximum inclined angle of the sloping plate 

: internal friction angle of the granular material 

 

Equation (15) is plotted in Figure 7 as the inclined angle of 

the sloping plate versus the maximum stable block width for 

different values of kh. The horizontal line (αi) indicates the 

maximum stable slope angle of a sand block without lateral 

supports obtained from Eq. (15) with limit Bfs→.  
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Figure 7 Inclined angle of the sloping plate versus 

non-dimension width of the sand block (influence of lateral 

supports on the stability of the sand block) 

 

 

6.  SOIL ARCHING IN UNDERCUT SLOPES 

 

When we have a slope of geo-material with bedding 

potential slippage plane, excavation at the toe of the slope 

will result in movement initiation of the slope along the 

potential slippage plane. This kind of slope is referred to as 

“undercut slope” in this study. The model for undercut slope 

consists of two parts; the slope part and the toe part, as 

shown in Figure 8 (a) (Khosravi et al. 2012). Slices of moist 

sand is cut and removed from the central part of the toe to 

have an undercut span as shown in Figure 8 (b).  

 

 
(a) Model before excavation  

(after Khosravi et al. 2012) 

 
(b) Undercut slope 

Figure 8 Physical model of undercut slope 

The undercut span expanded symmetrically until failure 

occurred in the slope. The inclined angle of the sloping plate 

is one of the controlled parameters, while the undercut span 

at the toe of the slope is variable parameter. Depending on 

the material properties and geometry of the slope, two types 

of failure is observed in undercut slopes which are described 

in the following sub-sections:  

 

6.1  Mild Undercut Slopes  

 

In mild undercut slopes (α<45o), the central part of the slope 

above the undercut area fails in an arch-shaped form, while a 

stable scarp is left on the slope, as shown in Figure 9 (a). The 

stability of this stable scarp can be explained by passive 

arching effect where the weight of the stable scarp is 

transferring to the adjacent stationary parts. The assumed 

stress distribution for analysis, based on Jenike’s (1961) 

theory of cohesive arching in hoppers, is illustrated in Figure 

9 (b).  

 

 

(a) Physical model (after Khosravi et al. 2012) 

 

(b) Stress distribution  

Figure 9 Arch-shaped failure in mild undercut slopes at 

the maximum undercut span (Bfa) 

 

The state of stresses for a circular element of soil is 

illustrated in Figure 10, both in physical space and Mohr 

space. In this figure, “Pole a” and subscript “a” refer to mode 

of failure in the mild undercut slopes, which is “arch-shaped 

failure”. By using the Mohr circle, the direction of major 

principal stress (1) is calculated as a=π/4; where, at the 

lower edge of the sand block (3=0), the major principal 

stress (1) is reduced to the unconfined compressive strength 

of the granular material (c).  
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(a) Physical space (b) Mohr space 

Figure 10 State of stresses in mild undercut slopes when 

arch-shaped failure at the maximum undercut span of Bf is 

expected  

 

Equilibrium equation for the circular small element in the 

dip direction can be written as follows:  
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By substitution of a=π/4 into Eq. (16) and rearranging it, 

the maximum undercut span for arch-shaped failure (Bfa) can 

be given by the following equation:  
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In terms of the inclined angle of the sloping plate, Eq. (17) is 

rewritten as follows: 
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 (18) 

where 

Bfa: the maximum undercut span for arch-shaped failure 

αfa: the maximum inclined angle of the sloping plate for 

arch-shaped failure 

 

6.2  Steep Undercut Slopes 

 

In steep undercut slopes (α>45o), the slope model fails 

totally with buckling on the legs, as shown in Figure 11 (a). 

The assumed stress distribution for analysis, based on 

Jenike’s (1961) theory of cohesive arching in hoppers is 

illustrated in Figure 11 (b). The state of stresses for a circular 

element of soil is illustrated in Figure 12, both in physical 

space and Mohr space. In this figure, “Pole b” and subscript 

“b” refer to mode of failure in the steep undercut slopes, 

which is “buckling failure”. By using the Mohr circle, the 

direction of major principal stress (1) is calculated as 

b=π/2; where, at the lower edge of the sand block (3=0), 

the major principal stress (1) is reduced to the unconfined 

compressive strength of the granular material (c).  

 

 

(a) Physical model (after Khosravi et al. 2012) 

 
(b) Stress distribution  

Figure 11 Buckling failure in steep undercut slopes at the 

maximum undercut span (Bfb) 

 

 
 

(a) Physical space (b) Mohr space 

Figure 12 State of stresses in steep undercut slopes when 

buckling failure at the maximum undercut span of Bfb is expected  

 

Equilibrium equation for the circular small element in the 

dip direction can be written as follows:  
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By substitution of b=π/2 into Eq. (18) and rearranging it, 

the maximum undercut span for buckling failure (Bfb) can be 

given by the following equation:  
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In terms of the inclined angle of the sloping plate, Eq. (19) is 

rewritten as follows: 
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where 

Bfb: the maximum undercut span for buckling failure 

αfb: the maximum inclined angle of the sloping plate for 

buckling failure  

 

 

 
Figure 13 The inclined angle of the sloping plate versus the maximum non-dimension undercut span 

 

 

7.  CONCLUSIONS 

 

Eqs. (14), (17) and (19), can be combined to have the 

following equation in general as the maximum undercut 

width for cohesive soil arching on inclined bedding plane. 
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From Eq. (20), it can be understood that the maximum 

undercut width is a function of the following three 

parameters:  

1- Arching coefficient: k  

2- Interface resistance: ([sin(αf-ϕi)+kh cos(αf-ϕi)]/cosϕi) -ci/T 

3- Planar flow factor (based on Jenike (1961) cohesive 

arching in hoppers): c/ 

 

And in terms of the maximum inclined angle of the sloping 

plate, the following general equation is obtained for three 

different conditions with different arching coefficient (k).  
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(21) 

where 

k1 cos ϕ (strip arch with slip failure in laterally supported 

sand blocks) 

k2 1 (segmented arch with arch-shaped failure in mild 

undercut slopes) 

k3  4/π (circular arch with buckling failure in steep undercut 

slopes) 

 

kh=0.2

kh=0.3
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no arching (slope with 

interface cohesion)

no arching (slope with 
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The analytical results including pseudo-static analysis for 

different values of horizontal seismic coefficients are 

summarized in Figure 13. As illustrated in this figure, under 

static condition (kh0) and for k0 (no arching on the slope), 

Eq. (21) reduced to Eq. (6) meaning that the stability of the 

slope is controlled by only the interface resistance. For a 

cohesionless interface condition (ci0), the maximum angle 

of the sloping plate reduced to interface friction angle (αϕi).  
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Abstract:  Since the Tohoku Pacific Earthquake occurred, soil liquefaction inducing infrastructure failure has become an 
important issue in Taiwan. In this study, a series of centrifuge modeling tests were conducted to investigate the seismic 
behavior of cut-and-cover railway tunnel. Various testing conditions, such as tunnel buried depths, input acceleration 
amplitudes and number of loading cycles, were considered in the tests. According to the test results, the tunnel uplift 
displacement is influenced by the amplitude of input acceleration, buried depth of tunnel, presence of break water wall. 
Tunnel uplift displacement also influences the generation of excess pore water pressure during shaking. Increasing of the 
tunnel uplift displacement will decrease the maximum excess pore water pressure discovered in shallow soil layer. Test 
results indicate that the excess pore water pressure developing beneath the railway tunnel can easily reach to the initial 
effective earth pressure, and the liquefaction of the soil surrounding the tunnel may induce severe uplifting of 
cut-and-cover railway tunnel. The softening of the soil may amplify the ratcheting movement of tunnel during shaking. 
When the deep soil layer is liquefied, the tunnel uplift behavior is transferred from ratcheting to pure floating. 
 

 
1.  INTRODUCTION 

The goal of Taipei railway underground project, which 
initiated in 1980s, was to construct a rail system in the 
cut-and-cover tunnel in order to ease the land scarcity 
problem in urban area. However, this construction site was 
considered as in the potential liquefaction hazard zone 
according to the Taipei susceptible microzonation map 
proposed by Lee et al. (1992). Since the Tohoku Pacific 
Earthquake occurred, liquefaction inducing the failure of 
infrastructure has become an important issue in Taiwan. 

Historical earthquake events showed that uplifting 
failure of the buried structures, such as pipeline, tunnel, 
sewage tank and manhole, usually associated with the 
occurrence of soil liquefaction in the 1964 Niigata 
Earthquake, 1993 Kushiro-oki Earthquake, 1995 Kobe 
Earthquake (Liu and Song, 2005), 2004 Niigata-ken Chuetsu 
Earthquake (Tobita et al., 2010), 2009 Padang Earthquake 
(Chian et al., 2010) and 2011 Tohoku Pacific Earthquake 
(Urayasu City report, 2011). The reason of tunnel uplift 
failure to the buried structure is that its inherent lighter unit 
weight reduces the mean stress of beneath soil, and makes 
the buried structure subject to a buoyant force in liquefied 
soil. Decrease of the mean stress of soil, in other words, 
reduces the CRR of soil, and lets the soil even susceptible to 
the liquefaction. When the soil is liquefied, the bottom 
surface of tunnel would subject to an exaggerated pressure 
induced by generated excess pore water pressure. Increasing 

the buoyant force subjected to the buried structure increases 
the instability against the uplifting forces on it. 

In the previous studies, researchers performed modeling 
tests to discover the uplifting failure mechanism of the 
buried structures. Koseki et al. (1997) performed a series of 
1 g shaking table tests to simulate uplift behavior of 
immersed tunnels and manhole due to soil liquefaction. 
Koseki et al. showed that the total tunnel displacement was 
affected by three different soil-structure interactions, (1) 
lateral soil deformation of liquefied soil; (2) movement of 
pore fluid; and (3) reconsolidation of soil. Orense et al. 
(2003) performed a series of 1 g modeling tests and 
numerical simulations to study the countermeasure of buried 
structures by utilizing wall-type gravel drains. Ling et al. 
(2003) conducted a series of centrifuge modeling tests to 
investigate the uplift stability and overburden soil improved 
strategy of a large-diameter pipe. Sasaki and Tamura (2004) 
predicted the tunnel uplift displacement based on centrifuge 
modeling tests results, and the prediction showed a well fit 
curve with the measured uplift displacements during shaking. 
Chian et al. (2011) performed the centrifuge modeling test to 
investigate the seismic behavior of the circular tunnel and 
pipeline in the liquefied sandy soil. They also indicated that 
the liquefied soil didn’t behave identical to an ideal viscous 
fluid in the presence of rigid tunnel due to the complex 
soil-structure interaction and the dilatancy of the soil. Chou 
et al. (2011) proposed the centrifuge modeling test results of 
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the BART Transbay Tube. Chou et al. presented four kinds 
of the possible uplift mechanisms, and discovered three of 
them in their tests. Those three discovered uplift 
mechanisms would be, (1) ratcheting mechanism associated 
with cyclic movement of tunnel relative to back fill; (2) 
migration of pore water mechanism; and (3) bottom heave 
mechanism resulting from shear failure in deeper soft clay 
soil. Following their test results, the uplift displacement 
induced by the ratcheting mechanism greater than that 
caused by the others. 

To study the seismic behavior of the railway tunnel, in 
which is located in Taipei City, a series of centrifuge 
modeling tests were carried out by utilizing the NCU 
centrifuge facilities. Influence of different tunnel buried 
depths, seismic loadings and number of loading cycles were 
considered to obtain the well understanding of the seismic 
response of railway tunnel in different construction 
conditions and earthquake events. 
 
2.  Centrifuge Modeling Test Setup 
 
2.1  Experiment Design 

A series of centrifuge modeling test were conducted to 
investigate the seismic induced uplift displacement of 
rectangular shape railway tunnel. Fine quartz sand was used 
to prepare the test sand deposits. Through the air pluviation 
method, the relative density of the sandy soil deposit was 
controlled about 55 %, meanwhile the friction angle of the 
soil was controlled to be 35.7°. Details of the sand properties 
are listed in Table 1. The down scaled tunnel model owns the 
dimensions of 336 mm (L) × 225 mm (W) × 114 mm (H), 
which can represent a railway tunnel with outer dimensions 
of 26.88 m (L) × 18 m (W) × 9.12 m (H) in the centrifugal 
acceleration of 80 g (Chuang, 2011). The apparent unit 
weight of tunnel model was selected as 9.53 kN/m3, 
including the weight of instruments, which is a typical unit 
weight of railway tunnel in between Taipei main station and 
Banqiao station. The typical configuration of testing setup is 
shown in Figure 1, Figure 2 and Figure 3. 
 

 
Gs 2.65 
D50   (mm) 0.193 
D10   (mm) 0.147 
γmax  (kN/m3) 16.3 
γmin  (kN/m3) 13.5 
Friction Angle (Dr=55%) 35.7° 
Permeability, k   (mm/sec) 7.7×10-4 

 
A laminar container was employed in this study (Wei et 

al., 2010). The model tunnel was buried in sand soil deposit 
with various immersed depths which are 1.28 meters and 
7.68 meters in prototype scale, in order to investigate the 
contribution of buried depth to the tunnel stability against 
seismic induced uplifting. After achieving of soil pluviation 
process, the models were saturated by the viscous MCE 
fluid on the basket of centrifuge. The viscosity of MCE fluid 
is greater than the viscosity of water by 40 times. The 

prepared model was then spun in an acceleration of 80 g, 
and the shaker was triggered to input a sinusoidal wave from 
the bottom of the model. There are eight centrifuge 
modeling tests performed and presented in this study, and 
the testing conditions are listed in Table 2. Various testing 
conditions, such as tunnel buried depths, input acceleration 
amplitudes and number of loading cycles, were considered 
in the tests in order to study the seismic response and uplift 
behavior of railway tunnel, while a destructive earthquake 
happens in Taipei City in Taiwan. 
 
2.2  Selection of Input Sinusoidal Wave 

The recorded data of an earthquake motion usually 
shows with an irregular and non-uniform waveform, and it is 
widespread to use a true earthquake event as the input base 
motion in the centrifuge modeling test. To represent the 
soil-structure interaction (SSI) under seismic loading is the 
most valuable advantage of inputting earthquake ground 
motion in the modeling test. However, utilizing a real 
earthquake motion may result in the complex waveforms of 
obtained signal time-history recordings. These complicated 
testing results cause the difficulty of signal analysis 
especially for the liquefaction aspect. Therefore, the 
monotonic sinusoidal wave is still a popular option for 
researchers, when it comes to the issue of inputting ground 
motion in modeling tests. The following section is going to 
present the guidelines in order to choose a meaningful 
sinusoidal wave in our study. Seed et al. (1975) propose the 
procedure to convert an irregular loading history into an 
equivalent monotonic loading history. According to their 
procedure, the number of cycles of the equivalent uniform 
loading is a function of earthquake magnitude, and the 
amplitude of the equivalent loading is assumed as 65% of 
the peak cyclic shear stress. Seed and Idriss (1971) 
suggested that the equivalent seismic loading amplitude for 
level sites can be estimated as 

max0.65eq v d
a r

g
τ σ=                              (1) 

where τeq is the equivalent seismic loading in terms of 
uniform cyclic shear stress, amax is the peak ground surface 
acceleration , σv is the total vertical stress, and rd is the value 
of a stress reduction factor at the depth of interest. Therefore, 
the amplitude of the equivalent seismic loading can be 
determined by assigning the possible PGA of interesting site. 
In the Taipei basin, the amax can be assigned according to the 
Campbell’s PGA attenuation model (1981) proposed by Wen 
et al. (2004) 
 

1.753767 0783151 2.056445
max 0.003694 ( 0.122196 )M Ma e R e −= + (2) 

where R is the distance from the epicenter, and M is the 
Richter magnitude of an earthquake. The closest distance 
from interest site to Shanchiao fault is about 12 km, thus R is 
assumed equal to 15 km for calculating amax in this study. 
The calculated amax should multiply by 0.65, and also divide 
by 1.5 which is the amplification factor of the similar soil 
deposit proposed by Kuo (2009). Detail of the amax 
calculation in each step is listed in Table 3. 

Table 1  Characteristics of Fine Quartz Sand 
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Table 2  Centrifuge Modeling Test Program 

Test No. Burial Depth of 
Tunnel (m) 

Designed 
Input Acc. (g) 

Number 
of Cycles 

Frequency 
(Hz) 

Visicosity of 
MCE Fluid γsat (kN/m3) Dr 

(%) 
Final Uplift 
Disp. (m) 

A2 1.28 0.14 13 2 40 μw 19.11 55.8 0.54 
A3 1.28 0.20 16 2 40 μw 19.15 58.2 1.0 
B2 7.68 0.14 13 2 40 μw 19.11 55.8 0.33 
B3 7.68 0.20 16 2 40 μw 19.15 58.2 0.55 
C1 1.28 0.09 10 2 40 μw 19.15 58.2 0.2 
C2 1.28 0.14 13 2 40 μw 19.11 55.8 0.5 
C3 1.28 0.20 16 2 40 μw 19.15 55.8 1.0 
R1 7.68 0.20 16 2 40 μw 19.12 56.0 0.27 

*μw refers to the water visicosity. 

Figure1   Schematic Layout of Instrumentation in Tunnel and Saturated Soil Deposit (Test A2-A3 and Test C1-C3) 

Figure2   Schematic Layout of Instrumentation in Tunnel and Saturated Soil Deposit (Test B2-B3) 

Figure3   Schematic Layout of Instrumentation in Tunnel, Breakwater Wall and Saturated Soil Deposit (Test R1) 
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The number of shaking cycles was estimated by the 
procedure of equivalent uniform seismic loading propose by 
Seed et al. (1975). In this procedure, the relation between 
cyclic shear stress and number of cycles required to cause 
liquefaction (NCCL) is needed to characterize the dynamic 
properties of the test soil, and several earthquake recordings 
are also employed to setup the relation between equivalent 
numbers of cycles at 0.65 amax and earthquake magnitude. 
The confining effective stress of the soil beneath the tunnel 
is lower than that at free field. For example, the confining 
effective stress of the soil beneath the tunnel at the depth of 
20 m is equal to 1.02 kg/cm2. Therefore, triaxial 
compression test results were considered with the effective 
confining stress of 1.0 kg/cm2, and the relation between CSR 
and NCCL showed in Figure 4 (Tseng, 2011). There are 9 
historical earthquakes including 41 ground acceleration 
recordings measured from 15 stations were taken into 
account to determine the relation between equivalent 
number of cycles at 0.65 amax and earthquake magnitude as 
Figure 5 shown. Profiles of the employed earthquake 
recordings are listed in Table 4. Following Figure 5 and 
Table 3, the number of cycles and the input acceleration 
amplitude are represented as the function of earthquake 
magnitude. Seed et al. proposed the shaking frequency is not 
a critical influence factor for causing soil liquefaction in 
un-drained condition for laboratory test. However, the soil is 
in the drained condition during shaking in centrifuge 
modeling test. Thus, the shaking frequency is roughly 
decided as 2 Hz the same as the natural frequency for such 
soil deposit, and makes the seismic response of the soil 
become larger during shaking. A higher shaking frequency 
also makes the generation of the excess pore water pressure 
faster prior the water drained out of the soil. Final shaking 
program for each test is shown in Table 2. There are three 
applied input acceleration recordings shown in Figure 6. 
 
 
 

M amax 
0.65a

max 
Base Input Acc. 

(prototype) 
Base Input 
Acc. (80g) 

6 0.14 g 0.09 g 0.06 g 4.8 g 
7 0.32 g 0.20 g 0.14 g 11 g 

7.5 0.44 g 0.29g 0.20 g 15 g 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3.  Seismic Response of Immersed Railway Tunnel 
 
3.1  Tunnel Uplift Displacement 

Tunnel uplift displacements (TUDs) need to be 
corrected because of the influence of horizontal deformation 
of soil deposit. Figure 7 shows the scheme of the correction. 
TUD was measured by attaching the nylon line on the top of 
the tunnel model. The nylon line was placed toward the 
LVDT47 through two well positioned rollers, and the end of 
the nylon line was tied the ferromagnetic core and balanced 
mass. While tunnel model was uplifting, the ferromagnetic 
core and balanced mass were descending, and then the 
displacement of the ferromagnetic core was measured by 
LVDT47. However, the lateral displacement of the tunnel 
induced by the soil deposit lateral deformation influenced 
the results of the TUDs. Increasing of the ground surface 
horizontal displacement is also reducing the measured TUD. 
Therefore, TUD is corrected as shown in Figure 7 (b) 

 
2 2

mTUD TUD H GSD H= + + ∆ −                 (3) 
where TUDm is the measured TUD, H is the height from Figure 4  Relation Between CSR and Number of Cycles 

Required to Cause Liquefaction 

Table 3  Calculation of Input Acceleration Amplitude to the  
Base of the Models 
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Figure 5  Relation Between Earthquake Magnitude and 
Equivalent Numbers of Uniform Stress Cycles 

Figure 6  Typical Input Base Acceleration Time-History 
Recording for Test B1, Test B2 and Test B3 
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ground surface to the edge of roller, and △GSD is the 
horizontal displacement of ground surface. The difference of 
lateral deformation of the soil layer between tunnel and 
ground surface is assumed to be negligible as Figure 8 
showed. The examples of measured and corrected TUDs are 
shown in Figure 9. Because the distance from the edge of 
roller to the ground surface is much greater than △GSD, the 
influence of the soil deposit lateral deformation can be 
significantly reduced. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
The TUDs measured in each tests are presented in 

Figure 10 (a) and (b) classified by different tunnel burial 
depths. In general, the increase of the amplitude of input 
acceleration increased the total TUD. Input acceleration 
amplitude influenced the triggering time, elapsed time and 
velocity of tunnel uplifting. In order to describe the influence 
of input acceleration amplitude clearly, test results of Test C1, 
Test C2 and Test C3 are introduced to avoid the influence of 
different shaking elapsed time. In Figure 10 (a), the black 

arrows indicate the beginning of tunnel uplifting in Test C1, 
Test C2 and Test C3. Beginnings of tunnel uplifting in Test 
C1 and Test C2 were quite close to each other, but it was 
happened earlier in Test C3. The elapsed time and velocity 
of tunnel uplifting is increased as the increase of amplitude 
of input acceleration. Similar results can also be observed in 
test series A and test series B. Comparing with the test 
results of Test A2 and Test C2, TUD is insensitive to the 
change of number of cycles if the difference of it within 
three. Increase of the burial depth of the tunnel reduces the 
velocity of TUD, which in other words decreases the total 
TUD after shaking discovered by comparing the test results 
of Test B3 and C3.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3.2  Variation of Excess Pore Water Pressure  

The variation of excess pore water pressure (EPWP) 
especially for that around the tunnel associates with the 
developing of the tunnel uplift. Figure 11 and Figure 12 
show the changes of EPWP for the transducers installed 
surrounding the tunnel in test series B and test series C. In 
the Figure 12, the EPWP generating at the bottom and lateral 
of the tunnel model was affected by the amount of TUD. 
The beginning of the first EPWP decay happened with TUD 
approaching to 0.3 m in Test C2 and Test C3 as the arrows 
pointed out to the recordings of P3. For the recordings of P1 
and P18, the significant reductions of EPWP were observed 
at 4 second for Test C2 and 2 second for Test C3. Meanwhile, 
the EPWP developed higher in Test C1 than that in Test C2 
and Test C3 in the shallow soil layer due to the lesser vertical 
displacement of tunnel. In the test series B, the EPWP 
measured beneath the tunnel developed up to 100 kPa which  

Figure 7  Scheme of TUD Correction 

Figure 8  Soil Deposit Horizontal Deformation for Test B3 

Figure 9  Correction of TUD for Test B2 and Test B3 
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Figure 10  (a) Test Results of Tunnel Uplift Displacement 
Observed in Test Series A and Test Series C with Buried 
Depth of 1.28 meters. (b) Test Results of Tunnel Uplift 
Displacement Observed in Test Series B and Test R1 with 
Buried Depth of 7.68 meters 
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is much great than the corresponding initial effective 
overburden earth pressure. The initial effective earth 
pressure at the bottom of tunnel is equal to 69.6 kPa, and the 
difference between that and the measurement is about 30.4 

kPa. Beside, similar result is also observed in Test C1, see 
Figure 11, and the difference between the initial effective 
earth pressure under the tunnel and the measured EPWP is 
15.5 kPa. The acting forces on the tunnel are assumed as 
Figure 13 illustrated. The forces are formulated as 

 
s sat sW H Bγ=                                   (4) 

t t tW H Bγ=                                     (5) 

( ) 2
1 tans sat wQ H Kγ γ φ= −                        (6) 

( ) 2(2 ) tan
3t sat w s t tQ H H H Kγ γ φ= − +              (7) 

( )s w s tU H Hγ= +                              (8) 
where γsat is the saturated unit weight of soil, γt is the 
apparent unit weight of tunnel, γw is the unit weight of water, 
Hs is the tunnel buried depth , Ht is the height of tunnel, B is 
the width of tunnel, Ws is the total weight of soil above the 
tunnel, Wt is the total weight of tunnel, Qs is the friction 
force developing in between the soil interface, Qt is the 
friction force acting on the tunnel, K is the lateral earth 
pressure coefficient of soil, φ is the soil friction angle, Us is 
the static hydraulic pressure beneath tunnel, and Ud is the 
excess pore water pressure developed beneath tunnel. In the 
critical condition, all forces supposed to be balanced. The 
excess pore water pressure required to heave the tunnel and 
above soil block can be obtained as following equation. 
 

s t s t
d s

W W Q QU U
B

+ + +
= −                       (9) 

In the conditions of test series B, the required Ud to cause 
tunnel uplift is equal to 101.0 kPa, and it is quite close to the 
measured EPWP beneath tunnel. The required Ud to cause 
tunnel uplift is equal to 20.7 kPa in test series A and test 
series C, and it is close to that obtained in Test C1. However, 
the measured results of EPWP beneath tunnel are much 
greater than 20.7 kPa in Test C2 and Test C3 as Figure 12 
shown. The maximum value of measured EPWP reached to 
43 kPa in Test C3. The tunnel acted as the impermeable 
interface allows water accumulating under the tunnel during 
shaking, and the test recordings show the continuously rising 
behavior of EPWP developing under the tunnel. Therefore, 
the EPWP generated under the tunnel would easily reach to 
the initial effective earth pressure or even greater. Such high 
EPWP induces the soil liquefied beneath the tunnel, and 
provide the driving forces to heave buried tunnel. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 12  Time-History Recordings of Pore Water Pressure 
Transducers, which are P15 (D = 7.2 m), P18 (D = 13.6 m), 
P1 (D = 16.8 m), P12 (D = 23.2 m), for the Test Series C. 
 

Figure 11  Time-History Recordings of Pore Water Pressure 
Transducers, which are P15 (D = 4 m), P18 (D = 7.2 m), P1 
(D = 10.4 m) and P12 (D = 23.2 m), for the Test Series B. 

Figure 13  Forces Acting on the Buried Tunnel 
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3.3  Seismic Behavior of Tunnel 
The vertical and horizontal acceleration time history 

recordings and their characteristics for different input 
shaking events are discussed in this section. Figure 14 and 
Figure 15 present the horizontal and vertical acceleration 
recordings of tunnel in test series B and test series C. For the 
horizontal acceleration recordings, almost of the acceleration 
recordings measured on the top and the bottom of the tunnel 
are in the same phase, beside the test results of Test C2. 
Tunnel horizontal acceleration is influenced by the 
generation of EPWP. If the EPWP becomes large enough to 
induce the occurrence of liquefaction, the amplitude of 
tunnel horizontal acceleration will be decrease as shown in 
Figure 14. For the vertical acceleration recordings, the 
relation between the recordings of a pair of vertical 
accelerometers was out of phase, when the EPWP of deep 
soil was quite lower. At this time, the dominated 
characteristic of tunnel motion is ratcheting. When the 
EPWP of deep soil generated high enough to induce the 
occurrence of soil liquefaction, the relation between the pair 
of vertical acceleration recordings became as in phase 
especially for the tests with larger input ground motion. It 
indicated that the motion of tunnel was purely floating 
toward the ground without ratcheting. Nevertheless, the 
ratcheting moving behavior was continuously enlarged in 
Test C2 during shaking. Similar test results were also 
discovered in Test A2, but the amplification of acceleration 
amplitude was much smaller as Figure 15 shown. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4.  CONCLUSIONS 
 

Centrifuge test results indicated that the EPWP 
developing beneath the railway tunnel can easily reach to the 
initial effective earth pressure, and the liquefaction of the soil 
surrounding the tunnel may induce severe uplifting of 
cut-and-cover railway tunnel. The softening of the soil may 
amplify the ratcheting movement of tunnel during shaking. 
When the deep soil layer is liquefied, the tunnel uplift 
behavior is transferred from ratcheting to pure floating. The 
presence of the break water wall can reduce the TUD 
significantly in a half comparing with the situation that only 
tunnel exists.  
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Figure 14  Time-History Recordings of Horizontal 
Accelerometers Installed in Tunnel for Test Series B and Test 
Series C 
 

Figure 15  Time-History Recordings of Vertical 
Accelerometers Installed in Tunnel for Test Series B and Test 
Series C. The Positive Value of Vertical Tunnel 
Accelerometers Recordings Is Defined as Acceleration Act 
Toward the Ground 
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Earthquake Year ML Station / Componet 

Helena Earthquake 1935 6.0 Carroll Cllege / S00W 

Helena Earthquake 1935 6.0 Carroll Cllege / S90W 

Long Beach Earthquake 1933 6.3 CMD Terminal BLDG / N82W 

Long Beach Earthquake 1933 6.3 CMD Terminal BLDG / S08W 

Long Beach Earthquake 1933 6.3 CMD Terminal BLDG / VERT 

Kern County Earthquake 1952 7.7 Courthouse Santa Barbara / S48E 

Kern County Earthquake 1952 7.7 Lincoln Shool, Taft, Tunnel / N21E 

Kern County Earthquake 1952 7.7 Lincoln Shool, Taft, Tunnel / S69E 

Kern County Earthquake 1952 7.7 Lincoln Shool, Taft, Tunnel / VERT 

San Frenando Earthquake 1971 6.5 CMD Terminal BLDG / N83W 

San Frenando Earthquake 1971 6.5 Pacoima Dam / S16E 

San Frenando Earthquake 1971 6.5 Pacoima Dam / S74W 

San Frenando Earthquake 1971 6.5 Pacoima Dam / VERT 

Vrancea Earthquake 1977 7.2 Bucharest, INCERC / NS 

Vrancea Earthquake 1977 7.2 Bucharest, INCERC / EW 

Vrancea Earthquake 1977 7.2 Bucharest, INCERC / VERT 

Imperial Valley Earthquake 1979 6.6 Bonds Corner / 140 

Loma Prieta Earthquake 1989 7.1 San Francisco, Bechtel BLDG, 5 / 45 

Loma Prieta Earthquake 1989 7.1 San Francisco, Bechtel BLDG, 5 / 315 

Northridge, Calif Earthquake 1994 7.0 Riverside, Santa Ana River BRI / 166 

Northridge, Calif Earthquake 1994 7.0 Riverside, Santa Ana River BRI / UP 

Northridge, Calif Earthquake 1994 7.0 Riverside, Santa Ana River BRI / 76 

Northridge, Calif Earthquake 1994 7.0 17645 Saticoy ST / S00E 

Northridge, Calif Earthquake 1994 7.0 7769 Topanga Canyon BLVD. / S16W 

Chi-Chi Earthquake 1999 7.2 E024001.263 

Chi-Chi Earthquake 1999 7.2 T121001.263 

Chi-Chi Earthquake 1999 7.2 T448001.263 
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Abstract: Levees provide vital functions for water delivery and flood protection. However, they present unique 
challenges for seismic design because their great length makes engineering evaluation of stability at closely spaced 
regular intervals impractical. Accordingly, relatively broad, empirically-driven risk assessment tools have the potential to 
serve as effective screening tools. We are undertaking a large data collection and synthesis effort to support the 
development of such tools, with the initial focus being on levee performance from the 2007 Mw6.6 Niigata Chuetsu-oki 
earthquake in Japan. Naturally, ground shaking is a key variable in this process, so the reliable estimation of ground 
shaking hazards from seismic networks is an essential element of the case history analysis. We postulate that direct 
application of Kriging techniques can produce biased ground motion estimates due to variable site conditions. 
Accordingly, we apply Kriging to residuals of ground motion prediction equations (GMPEs), which remove the average 
site effect. The resulting maps of residuals can be readily applied with the GMPE to produce ground motion maps that 
properly reflect spatial variations of geologic conditions. The proposed procedure produces ground motions near levees 
that are lower in some areas than those produced by direct Kriging. 

 
 
1.  INTRODUCTION 
 

A levee is a natural or artificial embankment that 
provides flood protection adjacent to rivers or coastal areas. 
Because levees are generally constructed on soft soils, 
seismic hazards are generally driven by ground failure 
involving weak and potentially liquefiable soils in the 
foundations and in the levees themselves.  

Historically, levees were often constructed in a 
haphazard manner without proper engineering, for example 
in the San Francisco Bay-Delta region and in Japan prior to 
the 1995 Kobe earthquake (CDWR 2009; Sugita and 
Tamura 2008). More recently, levee design standards have 
been established which consider seismic demands (CDWR 
2009; Sugita and Tamura 2008), but the principal problem 
remains the substantial levee networks already in place that 
were not properly engineered (CDWR 2009).  

Modern standards for engineering evaluation of levees 
involve subsurface exploration, development of cross 
sections, analysis of seismic demands within the levee and 
foundation using finite element analysis, and evaluation of 
liquefaction and landslide potential based on the outcome of 
those analyses (CDWR 2011; Sugita and Tamura 2008). 
There are two potential problems with this approach when 
applied to a broad levee network. First, such analyses are 
very labor intensive and costly. As such, screening tools to 
identify the most critical conditions requiring detailed 

analyses have the potential to be a useful component in the 
risk assessment toolbox. Second, researchers tend to focus 
on case histories that exhibited poor performance rather than 
good performance, thereby biasing empirical observations 
and making traditional methods inherently conservative. 
Hence, calibration against field observations of entire levee 
systems, including both good and poor performance, is 
important. For both of these reasons, we have undertaken a 
large, multi-agency project to compile and analyze case 
history data of levee performance and to leverage the lessons 
learned into improved risk assessment and relatively detailed 
analysis tools. Agencies contributing to this effort include 
the Ministry of Land, Infrastructure, Transport and Tourism 
(MLIT) in Japan, the California Department of Water 
Resources (CDWR), the U.S. Army Corps of Engineers 
(USACE), the University of California (Berkeley (UCB) and 
Los Angeles (UCLA) campuses), and the University of 
Tokushima in Japan.  

In this article, we describe procedures for the evaluation 
of ground motions across a levee network where 
observations of field performance and (non co-located) 
ground motions recordings are available. This is an essential 
component of the broader project, because seismic demands 
have significant spatial variations and are a major driver of 
levee damage. The process is illustrated using data from the 
2007 Niigata-ken Chuetsu-oki earthquake in Japan. This 
event was selected because the level of ground shaking was 
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strong (maximum recorded PGA  0.9g), the levee 
performance was well documented by staff of the MLIT and 
the Niigata Prefectural Office agencies (NPO) in Japan (who 
walked the full length of the levees in the effected regions), 
and significant geotechnical data has been compiled for the 
region as part of engineering studies to support repair work.  
 
 
2.  GROUND MOTION RECORDINGS 

 
Ground motion recordings were gathered from three 

data providers: Japan Society of Civil Engineers (JSCE), 
National Research Institute for Earth Science and Disaster 
Prevention (NIED), and Japan Meteorological Agency 
(JMA). JSCE provides earthquake strong motion data at a 
web site (JSCE 2011) where recordings of the 2007 Niigata 
Chuetsu-oki Earthquake are available along with boring logs. 
East Japan Railway Company, East Nippon Expressway, and 
Kashiwazaki City Office maintain the networks that provide 
the ground motion data and boring logs for the JSCE web 
site. The 15 stations located within 100km source-site 
distance were selected. NIED maintains two seismic 
networks known as the Kyoshin Network (K-net) and the 
Kiban Kyoshin Network (KiK-net) (NIED 2011b; NIED 
2011c). The 35 K-net stations and 32 KiK-net stations 
located within 100km source-site distance were selected. 
Each station has a three-component digital strong-motion 
accelerograph as well as geophysical logs of P and S-wave 
velocities from downhole measurements. Like JSCE, JMA 
maintains a web site from which data was obtained for this 
study (JMA 2011). The seismic stations for which data is 
distributed on the JMA site are operated both by JMA and 
local governments; 52 stations from this network were 
included. 

The site parameter most often used in GMPEs is the 
time averaged shear wave velocity in the upper 30 m, Vs30. 
The Vs30 parameter at recordings sites was developed 
according to the following protocol:  

1. measured and extrapolated Vs30 from direct 
downhole measurement,  

2. inferred Vs30 from the correlation of shear wave 
velocity and SPT blow counts, and  

3. inferred Vs30 from correlations with 
geomorphology and geology.  

The stations on KiK-net have shear wave velocity 
profile more than 30m depth so that Vs30 was calculated from 

the profiles directly. For K-net, shear wave velocity profile 
depths are generally either 10m or 20m, so time averaged 
velocities to the profile depth zp were computed (denoted 
Vsz), and recommended correlations between Vsz and Vs30 

were used to estimate Vs30 (Boore 2004; Boore et al. 2011). 
We used empirical relationships developed as part of this 
research between SPT blow counts and shear wave velocity 
for stations where boring logs are available (e.g., stations 
provided by JSCE). For most of the JMA stations, geological 
and geomorphological proxies were used to estimate Vs30 
since no geotechnical or geophysical data is available. 

Source-site distances (Rrup and Rjb) were calculated 
using fault plane information (Miyake et al. 2010) and site 
coordinates. Table 1 lists distance, Vs30, and PGA parameters 
for recording stations. The PGA parameter used here is 
averaged between the two horizontal components using the 
RotD50 parameter (Boore 2010). Figure 1 shows location of 
seismic stations and a regional PGA contour map developed 
through direct Kriging analysis (Oliver and Webster 1990) 
on the data. Our objective in this paper is to improve upon 
this map through more rational consideration of site 
conditions, as explained in the following section.  

 
 

3.  GROUND MOTION INTERPOLATION 
 
3.1  Description of the Problem 

To understand the problem addressed in this manuscript, 
consider the portion of the strongly shaken region from the 
2007 earthquake shown in Figure 2. A site shown in the 
figure (triangle) has an estimated PGA of 0.838g based on 
the Kriging technique used to develop Figure 1. As shown in 
Figure 2, the PGA at the site is strongly influenced by the 
closest recording, which is on stiff soil, and has PGA = 
0.867g. The site at this location has soft foundation soils 
with Vs30 = 214 m/s, whereas the recording station with stiff 
soil has Vs30 = 500 m/s. Based on empirical and 
semi-empirical site factors (e.g., Choi and Stewart 2005; 

Table 1  Number of stations regarding source-to-site 
distance (Rrup), VS30, and PGA.  

Figure 1  PGA contour map using direct Kriging method. 
The epicenter (beach-ball), fault plane (black rectangular), 
recording stations (white donut), and levees along rivers 

(brown lines) are plotted on the map. 
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Walling et al. 2008; Boore and Atkinson 2008), the ratio of 
soil/rock PGA for these velocities and the strength of the stiff 
soil motion ranges from around 0.55 to 0.60, suggesting that 
a better estimate of the motion on the relatively soft soil is 
about 0.60.87=0.52g. Hence, the stiff soil recording is 
providing a biased estimate of the ground motions on the 
soft soil conditions.  

The condition illustrated in Figure 2 is not anomalous. 
The levees are preferentially located on soft materials along 
rivers, whereas ground motion stations tend to either be in 
urbanized regions (typically having soil conditions, but 
firmer ground than along rivers) or mountainous area 
(typically rock, stations are cited there deliberately to avoid 
large site effects). Hence, we postulate that direct Kriging 
will tend to produce systematically biased ground motion 
estimates that are too large in strongly shaken regions and 
too small in more weakly shaken regions (due to 
nonlinearity in site response).    
 
3.2  Proposed Approach 

The proposed methodology for estimating spatially 
distributed ground motion from recordings in a regional 
network is as follows:  

1. For earthquake i, compute intra-event residuals 
between intensity measures from recording j and 
the median from a selected ground motion 
prediction equation (GMPE) computed for the 
magnitude, distance, and site conditions present at 
site j for event i. This residual is computed as 
follows: 

   , , ,ln lnrec
i j i j i j iR IM        (1) 

where IM denotes the intensity measure from the 
recording,  denotes the GMPE median, and  
denotes the event term (effectively the mean 
residual of the GMPE for event i for well-recorded 
events, Abrahamson and Youngs 1992).  

2. Map the spatial variation of residuals Ri using the 
simple Kriging method.  

3. Estimate Vs30 for the foundation conditions beneath 
levees or other sites of interest using measurements 
where available, and otherwise using correlation 
between SPT blow counts and shear wave velocity 
or other proxies (geology, geomorphology).  

4. Calculate ground motion for sites of interest as sum 
of mapped residual from (2), GMPE median using 
the site condition from (3), and event term as 
follows:  

    iki
K
ki

K
ki RIM   ,,, lnln

 
(2) 

where RK
i,k represents the mapped residual from (2), 

and index k refers to sites for which ground 
motions are to be estimated.  

Figure 2  Geology map (NLSD 2011) in highly shaken 
region (PGA > 0.8g) along with a seismic station provided 
by JMA (Station code 65059) marked as white donut and a 
borehole provided by NIED-Borehole Data Checker (NIED 

2011a) marked as white triangle. The Vs30 for the seismic 
station is 500 m/s and 214 m/s for the borehole. Both sites 
are placed on alluvial fan (marked as F), but the seismic 

station is on stiff soil near hill (Hs) and mountain (Ml) and 
the borehole is on soft soil near valley plain (P) based on the 

geology. 
 

Figure 3  Contour map for intra-event residual of (a) Boore 
and Atkinson (2008), and (b) Zhao et al. (2006).  
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3.3  Related Previous Work 
Some prior studies have utilized approaches similar to 

that proposed here for the development of ground motion 
maps from accelerograph recordings. Yamazaki et al. (2000a) 
show spatially interpolated IM and macroseismic intensities 
(i.e. PGA, PGV and JMA seismic intensity) for the 1995 
Kobe earthquake in Japan using the following procedure:  

1. Convert surface ground motion to reference base 
ground motion by subtracting a linear site 
amplification factor defined from geology and 
geomorphology (from Yamazaki et al. 2000b) for 
every 11 km grid. 

2. Distribute base motions spatially using Kriging 
method with a distance trend component, which 
means that the Kriging tracks both distance 
attenuation and intra-event residuals (the distance 
attenuation is selected a priori based on a GMPE).  

3. Add site amplification factors to the distributed 
base motion to obtain spatially distributed ground 
motions at the surface.  

Shabestari et al. (2004) evaluated ground motion for 
2000 Tottori-ken Seibu earthquake and 2001 Geiyo 
earthquake in Japan using a similar procedure to Yamazaki 
et al. (2000a), and Sawada et al. (2008) did as well for the 
2004 and 2007 Niigata earthquakes but used Vs30 for the site 
parameter, which was calculated from either SPT blow 
counts or geology and geomorphology for every 250250 m 
grid, with the distance attenuation taken from the GMPE by 
Si and Midorikawa (1999). The principal differences 
between these previous approaches and that proposed here 
are (1) the use of simple Kriging of residuals (this study) vs 
direct Kriging of ground motions with trend component 
(previous work), which should produce similar results for a 
common data set and distance attenuation model; and (2) the 
use of relatively robust (i.e., well constrained by data) 
nonlinear site amplification factors in the present work.   

Jayaram and Baker (2009) examined the spatial 
correlation of residuals computed as in Eq. (1) using 
semi-variogram theory. They found a strong correlation of 
residuals at close separation distances [for PGA, < 40.7km 

for sites with similar geology (referred to as “clustered sites”) 
and < 8.5km for sites with relatively variability geology 
(non-clustered)], but rapid decay of correlation with distance. 
The rate of decay of the correlation is slowest for long period 
spectral ordinates, indicating stronger correlation of 
residuals. 

 
3.4  Kriging and Semi-Variogram 

Using the procedure described in Section 3.2, we 
compute residuals for the 134 recordings of the 2007 
earthquake data relative to the Next Generation Attenuation 
(NGA) GMPE by Boore and Atkinson (2008) (BA). A 
second GMPE by Zhao et al. (2006) (ZEA) is also 
considered. For the intensity measure of PGA, the event 
terms are 0.06 for BA and 0.24 for ZEA in natural log units. 
This indicates under-prediction on average of the GMPE 
relative to the data. Figure 3 shows the residual contour 
maps for the study area using the (a) BA and (b) ZEA 
GMPEs.  

Figure 3 shows that the region south of the rupture 
plane has high intra-event residuals (stronger shaking) 
relative to other sites with the same source-to-site distance 
and site condition. The region northeast of the fault plane has 
low residuals, which may be a rupture directivity effect. 
Note that the Shinano river passes through the low residual 
region, whereas levees along the Sabaishi and U rivers are in 
regions having positive residuals. We note parenthetically 
that damage reports indicate the most severe damage along 
the Sabaishi river (NPO 2007), where the ground motions 
were unusually large. 

The contour maps in Figure 3 are based on simple 
Kriging method (i.e., no distance trend) because intra-event 
residuals were found to be randomly distributed with respect 
to source-site distances as shown in Figure 4, which 
indicates unbiased distance attenuation in the GMPE relative 
to the data. The Kriging method is a linear interpolation 
method between known data points to get values at 
unknown data points. The basic equation is  

   0
1

ˆ
n

i i
i

Y s w Y s


   (3) 

Figure 4  Intra-event residual (in natural log unit) versus 
source-to-site distance. Residuals are randomly scattered 

with respect to distance. 
 

Figure 5  Semi-variance of residual and best fit model using 
exponential weighted least square method. The nugget, 

partial sill, and range are 0.068, 0.161, and 9.44, respectively. 
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where Ŷ(s0) is a target unknown point, Y(si) is a known data 
point at i, and wi is a weight, which depends on distance and 
a semi-variogram (a semi-variogram is a model that 
expresses semi-variance vs distance, where semi-variance is 
half of variance). Known data points closer to the target 
point have larger weights (lower variance), and vice versa. 
The sum of weights is unity.  

Figure 5 plots semi-variance versus distance. Each data 
point in Figure 5 represents the semi-variance from data, the 
semi-variance being computed from the residuals of ground 
motions in common distance bins. A weighted least square 
regression method was used to fit a semi-variogram model 
to the data. The semi-variogram model tends to be poorly 
constrained at large separation distances, which can affect 
regression parameters controlling model performance at 
close distance as well. Accordingly, we set a distance beyond 
which ground motions are assumed to be uncorrelated. After 
performing sensitivity studies related to this maximum 
distance, we select 53km. We use an exponential form for 
the semi-variogram model using data within 53km as 
follows: 

  0 1 1 exp
h

h c c


         
 (4) 

where h is the distance between points, and constants c0, c1, 
and  are found by regression as 0.068, 0.161, and 9.44, 
respectively. Parameter  is referred to as the range in km. 
The exponential model for semi-variance increases 
continuously with distance but the slope is small beyond the 
range. The range from Jayaram and Baker (2009) for PGA 
residuals as mentioned above is either 40.7km for clustered 
sites or 8.5km for non-clustered sites. The sites used for 
semi-variogram analysis in this study have variable geology, 
so our range of 9.44km should be compared to the 
non-clustered result of 8.5km from Jayaram and Baker 
(2009), which is similar. 

3.5  Effect of Proposed Procedure on Mapped Ground 
Motions and Sensitivity to GMPE  

Figure 6 shows PGAs along the Shinano river levees 
produced by the proposed procedure using the BA and ZEA 
GMPEs as the basis for residuals calculations as well as 
PGAs by direct Kriging of ground motion data. We note that 
BA GMPE has a nonlinear site term but ZEA GMPE does 
not.  

In Section 3.1, we explained how biased ground 
motions would be expected from direct Kriging of ground 
motion recordings for locations on relatively soft site 
conditions, such as levees. As shown in Figure 6, the PGAs 
from direct Kriging methods are higher than PGA estimates 
from residual analysis using BA GMPE, especially in the 
distance range of 10km to 25km. Figure 7 shows the 
difference along levees as an aerial map. The largest positive 
differentials (direct Kriging relative to proposed procedure 
using BA GMPE) occur on levees near rock sites. This bias 
is associated with a strong influence of a rock recording that 
is very close to the levee on the predicted levee motion, 
which is on soil. The applied procedure reduces the levee 
motion due to nonlinear site response. On the other hand, the 
direct Kriging method produces estimates that are only 
slightly higher than the ZEA GMPE because nonlinear site 
effects are not considered in ZEA. In other areas, where 
geologic conditions at seismic stations are relatively similar 
to those beneath levees, the PGA estimates from direct 
Kriging, GMPE with nonlinear site term (BA), and GMPE 
without nonlinear site term (ZEA) are similar. 

 
 

4.  CONCLUSIONS 
 
We present a procedure for ground motion estimation 

from past earthquakes using array recordings. The procedure 

Figure 6  PGAs interpolated from seismic stations using 
direct Kriging and PGAs estimated by proposed method 

using residuals from BA and ZEA GMPEs along the 
Shinano river levees. The x-axis indicates distance upstream 

from river mouth. 
  

Figure 7  Aerial map showing residuals between PGA 
estimates from direct Kriging of the ground motions and 

estimates from residual analysis using BA GMPE. Triangles 
along river indicate locations of borings along levees 

(provided by Shinanogawa River Office, MLIT) which 
provide Vs30. Borings at the boundary between mountain and 

deltaic area have high positive residuals (purple triangle).
 

- 685 -



 

 

considers nonlinear site effects at the recording stations and 
at the mapped grid points to remove bias that would 
otherwise be present in the maps. The procedure uses simple 
Kriging techniques on intra-event residuals calculated using 
GMPEs with and without a nonlinear site term. The spatial 
variation of the residuals is evaluated and used to develop 
ground motion estimates for the map locations in 
combination with the GMPEs.  

The resulting ground motions are shown to differ 
significantly from those computed from the direct Kriging 
method when a soft soil site is located near a ground motion 
recording station with a stiffer site condition. The difference 
is significant when a nonlinear site term is incorporated into 
the GMPE, and small when the GMPE does not incorporate 
a nonlinear site term. In the particular case considered in this 
paper the levels of ground shaking were relatively strong, 
and ground motion predictions were reduced (relative to 
those from direct Kriging) as a result of applying the 
proposed procedure. If the procedure were applied in a 
region further from the fault with weaker shaking, we would 
expect the procedure to produce stronger ground motion 
estimates due to amplification of lower intensity ground 
motion. This ground motion estimation procedure is being 
used in a broader study directed towards the development of 
empirical risk assessment tools for levees as well as case 
histories for use in calibration of relatively detailed analysis 
procedures.  
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Abstract: This paper presents the results of survey to concrete and steel bridges damaged by the ground motion of the 
2011 earthquake off the Pacific coast of Tohoku. Organizing a joint survey team of Concrete Committee and Structural 
Engineering Committee in JSCE (Japan Society of Civil Engineers), the survey was conducted to railway viaducts on the 
Tohoku Shinkansen line and road bridges and viaducts on national, prefectural, and city administrated roads in Iwate, 
Miyagi, and Fukushima Prefectures except coastal areas from March 25 to April 1, 2011. In this paper, the outline of 
damaged bridges and their emergency repair works, and the lessons learnt by the survey are described. 

 
 
1.  INTRODUCTION 
 

The 2011 earthquake off the Pacific coast of Tohoku, 
also known as the Great East Japan Earthquake with 
moment magnitude of 9.0 occurred at 14:46 (local time) on 
March 11, 2011. Its seismic intensity, as issued by the Japan 
Metrological Agency, was Upper or Lower 6 in a wide area 
from Tohoku to Kanto districts. The source region of the 
earthquake was about 500 x 200km, which was adjacent to 
Tohoku district (See Figure 1). 

Immediately after the earthquake disaster, a joint survey 
team of Concrete Committee and Structural Engineering 
Committee in JSCE (Japan Society of Civil Engineers) 
headed by Prof. Motoyuki Suzuki in Tohoku University was 
organized. The survey team was composed of 16 members. 

As shown in Figure 2, the number of surveying sites 
was 36, 22 for railway (in blue) and 14 for road (in red), 

respectively. The survey was conducted from March 25 to 
April 1, 2011. 
 

 
2.  SURVEY OF RAILWAY BRIDGES AND 
VIADUCTS 
 
2.1  No.1 Nakasone Viaduct 

The viaduct, which was constructed in 1978, is located 
between Kitakami and Shin-Hanamaki stations. As shown in 
Figure 3, it is composed of 4-span a single story rigid frame 
viaduct (R1-R3) and 3-span a single story rigid frame 
viaduct (R4-R9) with Gerber girders at both sides, which 

 

Figure 1 Epicenter and Source Region of Earthquake 
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had not yet been seismically retrofitted. The side columns, 
which are shorter than the center columns, were damaged 
severely by the ground motion. This is because the shear 
capacity to the flexural capacity was smaller in the side 
columns than the center columns. The side columns lost the 
bearing capacity for vertical load by yielding the 
reinforcement and falling not only cover concrete but also 
core concrete. Although the damages were extensive, the 
emergency repair work had been completed when the survey 
team visited there on March 25. The method of repair work 
was jacking-up, cutting and re-arranging reinforcement, and 
restoring the cross-section by rapid-hardening cementitious 
material. 
 
2.2  Nagamachi Viaducts 

Figure 4 shows damage and emergency repair work of 
Naka Nagamachi and Minami Nagamachi Viaducts between 
Shiroishi Zao and Sendai stations of the Shinkansen Line. 
The left-hand picture shows the damage of Naka Nagamachi 
Viaduct. In both side columns at each end of the three-span 
rigid frame viaduct, diagonal cracking in core concrete and 
loss of cover concrete were observed. The right-hand picture 
shows the repair work of Minami Nagamachi Viaduct by 
injecting resin into the cracks and construction forms into 

which no-shrinkage mortar was poured. 
 The viaducts of the local Tohoku line running in 

parallel with the Tohoku Shinkansen line (See Figure 5) 
were designed in conformity with new seismic design 
standards based on lessons learned from the Great Hanshin 
Earthquake occurred in 1995. The columns include spiral 
bars at the column hinge to provide them with a very high 
deformation capacity. No extensive damage was found to the 
columns of these viaducts although flexural cracks were 
observed on the columns.  

 
2.3  Iwakiri Viaduct 

This viaduct carries the track over the local JR Tohoku 
line and consists of four piers. The damaged pier, at the end 
closest to Furukawa station, had not yet been seismically 
reinforced when the earthquake struck. 

It was observed that, following flexural yielding of the 
bridge pier starting from the rebar cutoff point, concrete fell 

 

Figure 3 Type of Structure, Damage (Courtesy of 
JR-EAST), and Emergency Repair Work of No.1 

Nakasone Viaduct 

R5 R8R7R6R3 R9R4R2R1

← Tokyo Damaged portions Morioka→

 

Figure 4 Damage (Courtesy of JR-EAST) of Naka 
Nagamachi Viaduct and Emergency Repair Work of 
Minami Nagamachi Viaduct in the Shinkansen Line 

 

Figure 5 Minami Nagamachi Viaduct of Local Train 
Line Constructed Using New Technology 

Figure 6 Damage (Courtesy of JR-EAST) and 
Emergency Repair Work of Iwakiri Viaduct in the 

Shinkansen Line 
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away as a result of failed cover concrete and cracking. 
Repair work by the RC envelope method had been 
completed by the time of this survey (See Figure 6). 

Two intermediate bridge piers, which carry a high 
superstructure dead load, had already undergone seismic 
reinforcement by the RC envelope method when the 
earthquake struck. The on-site visual inspection identified no 
damage to these piers. No deformation of the track was 
identified. 

 
2.3  Other Damages 

 Through the survey of railway viaducts, diagonal 
cracking in middle layer beams in the transverse direction 
and damages in RC stopper placed between the twin girders 
as well as to girder supports on the outside edges of the pier 
were observed (See Figure 7). Although these damages were 
occurred, these viaducts did not lose bearing capacity 
vertically and collapsed at all.  

As shown in Figure 8, about 540 pre-tensioned PC 
catenary support poles were reported to have suffered failure, 
tilting, or cracking along the Tohoku Shinkansen line (as of 
April 4). Catenary poles had been damaged (failure, tilting, 
and cracking) in previous earthquakes, but this type of 
damage was greater and more extensive than ever before. In 
fact, the repair work of catenary poles and wires took a long 
time although restoration of civil engineering structures 
related to the Tohoku Shinkansen line was completed 
relatively soon. 

 

 

3.  SURVEY OF ROAD BRIDGES AND VIADUCTS 
 
3.1  Kamedaohashi Bridge 

The structure surveyed is a girder type viaduct on the 
National Road No. 4 bypass (See Figure 9). The surveyed 
section is a two-span continuous steel box girder bridge, 
where the entire Kamedaohashi Bridge consists of eight 
spans. The length of this surveyed section is 119 m and the 
total bridge length is 280 m. 

The foundations of RC bridge piers are cast-in-situ piles. 
The bearings on the down side (for Sendai), which was 
completed in 1990, are made of steel while on the up side 
(for Tokyo), completed in 2001, they are made of rubber. 
The bridge piers on the down side had already undergone 
seismic retrofit by RC jacketing.  

Due to the ground motion, vertical cracks up to 11 mm 
in maximum width occurred from the top of the beam of 
Pier P5 on the down side, passing right through the 2.1 m 
thick main structural body. The residual deformation of the 
steel bearing was small and the bearing did not come into 
contact with the added stopper. As regards pier P5 on the up 
side, the rubber bearing underwent large deformation and the 
stopper was damaged, but vertical cracking damage to the 
main body of the pier was not found (See Figure 10). 

Comparing damages between the down side and the up 
side, the difference of structural behaviors corresponding to 
the applied seismic design code can be recognized. 

 

 

        
    

Figure 7 Damage (Courtesy of JR-EAST) of 
Middle-layer Beam and RC Stopper of Viaducts in the 

Shinkansen Line 

 

Figure 8 Damage of Pre-tensioned PC Catenary Support 
Poles in the Shinkansen Line 

 

Figure 9 Kamedaohashi Bridge 

 

Figure 10 Damage of Kamedaohashi Bridge (Left: For 
Sendai, Right: For Tokyo) 
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3.2  Kasaishi Viaduct 
The structure surveyed is a girder type viaduct on 

Fukushima Prefectural Road No. 288 (See Figure 11), which 
crosses the JR Tohoku railway line. The viaduct is a 
pre-tensioned simple PC T-section girder with a span of 23 
m while the side span sections are continuous hollow slab 
girders with spans 3 x 26 m and 5 x 18.5 m. The foundations 
for the RC bridge piers consist of steel piles (ø800 mm, 28 m 
long, and 4-6 piles per pier). 

Under the strong ground motion, the bridge piers 
suffered minor flexural cracking damage, the girders 
underwent a relative displacement of 50mm in the 
longitudinal (Southwest) direction, and the girder ends were 
damaged. However, the major structural members had no 
serious damage. 

On the other hand, expansion joints and bridge 
abutment parapets were severely damaged. RC stoppers 
designed to restrict the movement of girders in the transverse 
direction were damaged along with anchor bars. Strong 
earthquake motion induced longitudinal 
(Northwest-Southeast) displacement of the girders, causing 
them to collide with each other or with the viaduct 
abutments (See Figure 11).  
 
3.3  Sendai East Highway 

Several elastomeric bearings ruptured in Sendai East 
Expressway near Kohoku I.C. as shown in Figure 12. In 
some cases, rubber layers detached from steel plates as well 
as they ruptured inside. In Japan, it was the first time that 
this type of failure occurred due to the ground motion. Since 
extensive number of elastomeric bearings including high 
damping rubber bearings and lead rubber bearings are used 
recently, the cause of rupture should be carefully 
investigated. It is pointed out that one of the possible reasons 
for the damage of rubber bearings is the lack of 
load-carrying capacity including the influence due to the 
deterioration of rubber or unexpected shear deformation due 
to the ground motion. At present, the failure mechanism is 
being solved by the performance evaluation of ruptured 
rubber by various experimental tests and structural analysis 

modeling the in-situ ground motion.  
 
3.4  Other Damages 

Regardless of railway bridges and road bridges, many 
damages were observed at bearings or unseating prevention 
devices (See Figure 13). Although these types of damage 
didn’t result in a serious influence on structural safety of 

Figure 11 Damages around the end of girder in Kasaishi 
Viaduct 

 

Figure 12 Rupture of Elastomeric Rubber Bearing of 
Viaduct in Sendai East Highway (Courtesy of 

NEXCO-East) 

Figure 13 Damages of Bearings and Unseating 
Prevention Devices of Bridges 
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bridge, they had no small effect on serviceability. For 
example, some road bridges administrated by prefecture and 
city were closed to traffic for a couple of months because it 
took long time before the bridge was fully restored from the 
damages. Therefore, the way of seismic retrofitting of 
bearings or unseating prevention devices from the point of 
view of repairability should be discussed. 
 
 
4.  CONCLUSIONS 
 

The main results of the survey are as follows.  
1. Although the seismic intensity measured in the 

locations surveyed was Upper 6 or Lower 6, the damages of 
bridges were not comparatively serious.  

2. Bridges which were constructed or were retrofitted 
based on the ductility design method had almost no damage. 
The major damage observed was to bridge piers, rigid-frame 
viaduct columns, and girder ends. Damage other than to 
these major structural members was seen in bridge bearing 
and the surrounding area such as unseating prevention 
devices.  

3. Damaged Tohoku Shinkansen line viaducts had 
already undergone emergency repair work or were being 
repaired at the time of this survey while the damages of road 
viaducts administrated by prefectures and cities had not been 
repaired for a long period of time. 

4. In highway viaducts, the rupture of some rubber 
bridge bearings was observed. The reason of the damage has 
to be clarified. 
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Abstract:  This paper presents a large-scale simulation of the failure of concrete structure by Tsunami wave impacts. In 
order to simulate the crack propagation, the Particle Discretization Scheme finite element method (PDS-FEM), which has 
the efficiency to use discontinuous interpolation function at the crack interface, is introduced into ADVENTURE Solid 
open source framework, to simulate the crack propagation. Tsunami wave propagation is simulated by solving the three 
dimensional Navier-Stokes equation with free surface. For the large-scale problem, the parallel computation based on 
OpenMP and MPI hybrid parallelization is used to reduce the computation time and to distribute the memory usage. 

 
 
1.  INTRODUCTION 
 

Tsunami is a high impact disaster which results in 
massive destruction of coastal infrastructures and significant 
loss of human lives. The protection system for tsunami 
disaster like seawalls and breakwaters must have sufficient 
performance to be proof against the tsunami impacts. 
Numerical simulation is a powerful tool used to estimate the 
risk of damage by analyzing the physical process of failure. 
In this simulation, the fluid and structure and structure 
analysis methods have to be coupled to interact the forces 
between their interfaces. And this structure analysis method 
requires finer mesh for more accurate solution, in order to 
estimate the propagation of small cracks which merge to a 
large one. Also fluid analysis requires large-scale mesh in 
order to simulate the wave propagation. High-resolution 
mesh requires significant amount of memory and 
computational time. The development of multi-core/CPU 
parallel computer with fast network in recent years has 
dramatically being realizing the large-scale simulations.  

In this paper, we report large-scale parallel computation 
for failure of reinforced concrete structure by tsunami wave 
force. The Particle Discretization Scheme finite element 
method (PDS-FEM, Hori et al. (2005)), which has the 
efficiency to use discontinuous interpolation function at the 
crack interface, is introduced into ADVENTURE_Solid 
open source framework, to simulate the crack propagation. 
The ADVENTURE_Solid is one of the deliverables of 
ADVENTURE project, which has highly parallel 
performance based on domain decomposition method. 
Tsunami wave propagation is simulated by solving the three 
dimensional Navier-Sokes equation with free surface. The 
interface capturing method based on the volume of fluid 

(VOF, Hart et al. 1981) approach is used to simulate free 
surface flow. In this approach, the Navier-Stokes equation is 
solved over a fixed finite element mesh. An interface color 
function serves as a marker identifying the two fluids. A 
stabilized finite element formulation with the streamline 
upwind/Petrov-Galerkin method (Brooks et al. 1982) and 
pressure stabilizing/Petrov-Galerkin method (Tezduyer et al. 
1991) is used to discretize the Navier-Stokes equation. These 
stabilization terms provide stability and accuracy in solution. 
The OpenMP and MPI hybrid parallelization is used to 
reduce the computational time and to distribute the memory 
usage for large-scale problem. As a numerical example, the 
simulation for deformation of structure by surge front of 
tsunami was carried out. 
 
 
2.  NUMERICAL FORMULATIONS OF FREE 
SURFACE FLOW 
 
2.1  Governing Equations of Fluid 

To model of free surface, we consider two immiscible 
fluids, 𝛼 and 𝛽, with densities 𝜌! and 𝜌!, and viscosities 
𝜇! and 𝜇!. The interface function 𝜙 serves as a marker 
identifying fluids 𝛼 and 𝛽 with the definition 𝜙 ={1 for 
fluid 𝛼 and 0 for fluid 𝛽}. In this context, the density and 
viscosity, 𝜌 and 𝜇, are defined as 
 
          𝜌 = 𝜙𝜌! + (1 − 𝜙)𝜌!,      (1) 
 

      𝜇 = 𝜙𝜇! + (1 − 𝜙)𝜇!.      (2) 
 

The time dependent of interface function is governed by a 
following advection equation 
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𝜕𝜙
𝜕𝑡

+ u ⋅ 𝛻𝜙 = 0            on  𝛺 (3)  

 
The velocity u  is obtained from the solution of 
Navier-Stokes equations:  
 

𝜌
𝜕u
𝜕𝑡
+ u ⋅ 𝛻u  –f − 𝛻 ⋅ 𝜎(u, 𝑝) = 0            on  Ω， (4)  

𝛻 ⋅ u = 0            on  Ω, (5) 

 
where 𝑝 is the pressure and f is external body force.  
 
2.2  Finite Element Formulations 

The stabilized finite element formulation of Eq. (3) can 
be written as follows: 

 

𝜓
𝜕𝜙
𝜕𝑡

+ u ⋅ 𝛻𝜙 𝑑Ω
!

                                      

+ 𝜏!"𝛻𝜓 ⋅ 𝛻𝜙  𝑑𝛺
!!

= 0

!!"

!!!

,   (6) 

 
where 𝜏!"is the stabilization parameter. 

 The stabilized finite element formulation based on 
SUPG/PSPG (Streamline-Upwind Petrov Galerkin/Pressure 
Stabilizing Petrov Galerkin) method of the governing 
equations of fluid Eq. (4), (5) can be written as follows: 
     

w ⋅ 𝜌
𝜕u
𝜕𝑡
+ u ⋅ 𝛻u  –f   dΩ

!
  

            + 𝜀 w :𝜎 u, 𝑝 𝑑𝛺
!

+ 𝑞𝛻 ⋅ u  𝑑𝛺
!

  

            + 𝜏!u⋅∇w +
1
𝜌
𝜏!𝛻𝑞

!!

!!"

!!!

  

                              ⋅ 𝜌
𝜕u
𝜕𝑡
+ u ⋅ 𝛻u  –f − 𝛻 ⋅ 𝜎(u, 𝑝) 𝑑𝛺  

            + 𝜏!𝛻 ⋅w  𝜌𝛻 ⋅ u
!!

𝑑𝛺

!!"

!!!

  =    w ⋅ h
!

𝑑𝛤, (7) 

 
where 𝜏!, 𝜏! and 𝜏!  are the stabilization parameters. And 
h represents the Numann boundary condition of momentum 
equation. 

For the temporal discretization, interface function 𝜙, 
velocity u and pressure 𝑝 are discretized as follows: 

 

𝜙 = 𝛼𝜙!!! + 1 − 𝛼 𝜙!, (8)  

u = 𝛼u!!! + 1 − 𝛼 u!, (9)  

                𝑝 = 𝑝!!!, (10)  

 
where 𝛼 is the parameter which controls temporal stability 
and accuracy. (Normally 𝛼 is assumed to be 0.5.) 

From the above discretization in space and time, a 
linear equation system can be obtained. GP-BiCG method is 
used to solve the linear equations. In larger scale problem 
this procedure takes long computational time and huge 
memory usage. In order to reduce them, the MPI and 
OpenMP hybrid parallelization is implemented. 
 
2.2  Interface Sharpening and Mass Conservation 

Only to solve the advection equation of interface 
function Eq. (6) does not conserve the mass balance and 
numerical diffusion deprives the sharpness of interface. In 
order to satisfy the mass balance and keep sharpness of 
interface function, the interface function is corrected by 
interface sharpening and mass conservation algorithm 
(Aliabadi et al. 2000). The corrected value of 𝜙 is used to 
resume the computation. 

 
 

3.  NUMERICAL FORMULATIONS OF FAILURE 
ANALYSIS 
 
3.1  Formulation of PDS-FEM 

The governing equation elastic-plastic body is written 
as follows: 

 

𝛻 ⋅ 𝜎(v) = 0            on  𝛺 (11)  

 
Here, v is displacement. In the PDS-FEM formulation, the 
displacement field is discretized as follows: 
 

v(x)   =    v!𝑁!(x)
!

!!!

, (12)  

 
where 𝑁! is shape function based on Voronoi diagram on 
block 𝛺! . 𝑁!  satisfies 𝑁! = 1  for x  ∈  𝛺!  and 
𝑁! = 0 for x  ∉  𝛺!. So, the distribution of displacement 
field in finite element is as shown in Figure 1. From this 
discontinuous shape function, the PDS-FEM has the 
efficiency at the interface of crack. More details were 
discussed by Hori et al. (2005). 

The PDS-FEM formulation is implemented into 
ADVENTURE_Solid open source framework, which is 
developed in ADVENTURE project. The parallelization 
scheme of ADVENTURE_Solid is based on domain 
decomposition method (Miyamura et al. 2002). 
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Figure 2 Model of large hydro geo flume 
 

 

Figure 3 Finite element mesh for fluid domain 
 

 
4.  NUMERICAL EXAMPLE 
 
4.1  Distraction of Concrete Structure due to Tsunami 
Wave 
 

We used the verified the developed program to 
compare the experimentally observed. The experiment have 
been done by the Port and Airport Research Institute (PARI) 
of Japan in Arikawa et al. (2007). The model of experience 
is shown in Figure 2. And three dimensional finite element 
mesh of fluid domain is shown in Figure 3, which has about 
2 millions nodes and 10 millions tetrahedral elements and 
minimum element size is 0.1m. The tsunami wave height is 
about 2.5m, which is generated by the wave generator 
located the left side at Figure 1. 

As the numerical results, the time snaps of water 
surface location are shown in Figure 4. From this snaps, you 
can see the propagation of generated wave to inshore with 
wave breaking. Also figure 5, 6 show the time history of 
pressure at the surface of concrete wall (observed location is 
shown in Figure 7). In this figures, time starts when the 

wave reaches to the wall. The computed results are in good 
agreement with the experimental results.  
The pressure distribution at the surface of concrete wall, 
which obtained by this wave propagation simulation, will be 
passed to the structure analysis based on PDS-FEM as the 
input loading data. Model of concrete wall is as shown in 
Figure 7 and the thickness of concrete wall is 6cm. Figure 8 
shows a finite element mesh for this model. The minimum 
element size is 2mm, which is appeared around steel bar. 
Total number of nodes of this model is 1.7 millions, and 
total number of elements is 10 millions tetrahedral elements. 

 
 
 Figure 1 Distribution of Displacement based 

on PDS-FEM 

Figure 4 Time snap of free surface shapes 

Time = 5.0 s 

Time = 10.0 s 

Time = 12.0 s 

Time = 17.0 s 
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Figure 5 Time history of pressure at P1 

 

 
Figure 6 Time history of pressure at P2 

 
 

 
Figure 7 Geometric details of concrete wall 

 
The pressure distribution from the fluid analysis on the 

concrete wall is converted to nodal force for input loading of 
structure analysis. The results of failure analysis using 
PDS-FEM will be shown in the presentation of the 
conference. Also we plan to develop the coupling scheme 
for fluid and structure analysis to interact the tsunami 
impacts and distribution of structure between their 
interfaces.  
 

 
Figure 8 Finite element mesh of concrete wall 

 
 
5.  CONCLUSIONS 
 

We have developed large-scale parallel computing 
method for failure analysis of reinforced concrete structure 
by tsunami wave impact. We show the results of tsunami 
wave propagation simulation in large hydro flume. The 
presented scheme based on the stabilized finite element 
method can simulate the wave propagation successfully. At 
the next stage, we will plan to develop a Fluid Structure 
Interaction scheme to couple the tsunami wave force and 
failure analysis, and developing the large-scale simulation 
system on the super computer. 
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As part of a major study on the seismic response of bridges by the National Research Institute for Earth Science and 

Disaster Prevention (NIED), Japan, a full-scale column incorporating an innovative material - polypropylene fiber 

reinforced cement composites (PFRC) at the plastic hinge region and part of the footing was recently tested on the 

E-Defense shake-table of NIED. The column was subjected to three components of the near-field ground motion 

recorded at the JR Takatori station during the 1995 Kobe, Japan earthquake. Excitations were repeated under increased 

mass and increased intensity of ground motion. After six times of excitation, the experimental results showed that use 

of PFRC substantially mitigated cover concrete damage and local buckling of longitudinal bars. Measured strains of tie 

reinforcements in the plastic hinge were also smaller. Moreover, there was no visible damage in the core concrete after 

the series of excitations. The damage sustained by the column using PFRC was much less than the damage of regular 

reinforced concrete columns.  

 
 
1.  INTRODUCTION 

 

Bridges are vital components of transportation 

networks and they are vulnerable to seismic effects. Damage 

of bridges extensively occurred in past earthquakes such as 

the 1989 Loma Prieta, USA earthquake, 1994 Northridge, 

USA earthquake, 1995 Kobe, Japan earthquake, 1999 Chi 

Chi, Taiwan earthquake, 2008 Wenchuan, China earthquake, 

2010 Maule, Chile earthquake and recently the 2011 East 

Japan earthquake. Thus, it is of utmost importance to insure 

their functionality even under significant earthquakes. 

To investigate the seismic response of bridges, a 

large-scale bridge experimental program was conducted in 

2007-2010 by the National Research Institute for Earth 

Science and Disaster Prevention (NIED), Japan (Nakashima 

et al. 2008). In the program, shake table experiments were 

conducted for two typical reinforced concrete columns 

which failed during the 1995 Kobe, Japan earthquake (C1-1 

and C1-2 experiments), a typical reinforced concrete column 

designed in accordance with the 2002 Japan design code 

(JRA 2002) (C1-5 experiment) and a new generation column 

using an innovative material, polypropylene fiber reinforced 

cement composites (PFRC), for enhancing the damage 

control and ductility (C1-6 experiment).  

Prior to the C1-6 experiment, a series of bilateral cyclic 

loading experiments were conducted on 1.68 m high, 0.4 m 

by 0.4 m square cantilever reinforced concrete column and a 

column each using steel fiber reinforced concrete (SFRC) 

and PFRC at the plastic hinge region and the footing for 

deciding the material of C1-6 column (Kawashima et al. 

2011). The column using PFRC had superior performance 

than the other columns due to the substantial mitigation of 

cover and core concrete damage, longitudinal bar buckling 

and deformation of tie bars at the plastic hinge region 

resulting from the high tensile strain capacity of PFRC 

which delays the propagation and widening of cracks and 

the high compression strain capacity of PFRC which avoids 

loss of integrity of cover concrete by crushing and spalling. 

- 699 -



PFRC is a type of engineered cementitious composites 

(ECC), belonging to the class of high performance fiber 

reinforced cement composites (HPFRCC) (Hirata et al. 

2009). HPFRCCs exhibit multiple fine cracks upon loading 

in tension which leads to improvement in toughness, fatigue 

resistance and deformation capacity of structures 

(Matsumoto and Mihashi 2003, Parra-Montesinos 2005). As 

a result, C1-6 column was built using PFRC at the plastic 

hinge region and part of the footing. This paper presents the 

results of C1-6 column experiment. 

 

 

2.  E-DEFENSE SHAKE-TABLE EXCITATIONS 

 

2.1  Column Configuration and Properties 

Figure 1 shows C1-6 column which is a 7.5 m tall, 1.8 

m by 1.8 m square, cantilever column. It was designed based 

on the 2002 Japan Specifications for Highway Bridges 

assuming moderate soil condition under the Type II design 

ground motion (near-field ground motion). PFRC was used 

at a part of the column with a depth of 2.7 m above the 

column base and a part of the footing with a depth of 0.60 m 

below the column base to minimize the volume of PFRC. 

The 2.7 m depth of PFRC is three times the estimated plastic 

hinge length of one-half the column width (JRA 2002) 

corresponding to 0.9 m to avoid failure at the 

PFRC-concrete interface. The 0.6 m depth of PFRC at the 

footing was decided to minimize damage. Regular concrete 

with design compressive strength of 30 MPa was used in the 

other parts of the column. The 2.7 m depth at the column 

and 0.6 m depth at the footing may be reduced after careful 

examination of damage at the PFRC-concrete interface. 

The design compressive strength of PFRC was 40 MPa. 

PFRC was made by combining cement mortar, fine 

aggregates with maximum grain size of 0.30 mm, water and 

3% volume of polypropylene fibers. Fibrillated 

polypropylene fibers with diameter of 42.6 µm, length of 12 

mm, tensile strength of 482 MPa, Young’s modulus of 5 GPa 

and density of 0.91 kg/m3 were used (Hirata et al. 2009). 

Superplasticizers were added to improve the workability of 

the mix.  

The longitudinal and tie bars had nominal yield strength 

of 345 MPa (SD345). Eighty-35 mm diameter deformed 

longitudinal bars were provided in two layers corresponding 

to a reinforcement ratio lρ  of 2.47%. Deformed 22 mm 

diameter ties with 135 degree bent hooks lap spliced with 40 

times the bar diameter were provided. Outer ties were 

spaced at 150 mm and inner ties were spaced at 300 mm 

throughout the column height. Cross-ties with 180 degree 

hooks at 150 mm spacing were provided to increase the 

confinement of the square ties. Volumetric tie reinforcement 

ratio sρ  within a height of 2.7 m from the column base 

was 1.72%. Concrete cover of 150 mm was provided. 

 

2.2  Experiment Set-up and Shake-Table Excitations 

Photo 1 shows the experiment set-up using the 

E-Defense shake table. Four mass blocks were set on the 

column through two simply supported decks. The decks 

were used to fix the mass blocks to the column but were not 

designed to idealize the stiffness and strength of real decks. 

Each deck was supported by the column on one side and by 

the steel end support on the other side.  

A 78 tf (765 kN) mass block and a 45 tf (441 kN) mass 

block were fixed to each deck as close to the column as 

possible so that tributary weight in the transverse direction 

could be maximum. The total weight consisting of four mass 

blocks, two decks, two fixed bearings, two movable bearings, 

eight side sliders and 32 load cells was 307 tf (3012 kN). 

Note that the tributary weight which generated the inertia 

force in the column in the transverse direction was 215 tf 

(2109 kN), about 2/3 of the total weight. The total weight of 

the entire experiment set-up including the column and the 

two end-supports was 1069 tf (10.5 MN), which was close 

to the payload of 1200 tf (12 MN).  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 Section A-A Section B-B 

 

 

 Figure 1  C1-6 column configuration and dimensions (mm) 
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Photo 1  Experiment set-up using E-Defense shake table Figure 2  E-Takatori ground motion 

 

The column was excited using the near-field ground 

motion recorded at the JR Takatori Station during the 1995 

Kobe earthquake. Although duration was short, it was one of 

the most destructive ground motions to structures with peak 

ground acceleration (PGA) of 0.62g and peak ground 

velocity (PGV) of 1.19 m/s in the fault-normal direction 

(JRTRI 1999). Because the energy dissipation of a column 

anchored to a shake table is extremely less than the real 

energy dissipation of a column embedded in the ground 

(Sakai and Unjoh 2006), a ground motion with 80% of the 

original intensity of the JR Takatori record was imposed as a 

command to the table in the experiment to take into account 

the effect of soil-structure interaction. This ground motion is 

called the 100% E-Takatori ground motion. Figure 2 shows 

the EW, NS and UD components of the 100% E-Takatori 

ground motion which were applied in the longitudinal, 

transverse and vertical directions, respectively, of the bridge 

model.  

Shake table excitations were conducted six times. 

Excitations were repeated to clarify column performance 

when subjected to much stronger and longer duration 

near-field ground motion. The column was excited twice 

with 100% E-Takatori ground motion (1-100%(1) and 

1-100%(2) excitations). After the mass in the longitudinal 

direction was increased by 21% from 307 tf to 372 tf, 

excitations were conducted with 100% E-Takatori ground 

motion once (2-100% excitation) and 125% E-Takatori 

ground motion three times (2-125%(1), 2-125%(2) and 

2-125%(3) excitations).  

 

  

3.  COLUMN SEISMIC PERFORMANCE 

 

3.1  Damage Progress  

Photos 2 to 4 show the damage progress within 1.2 m 

from the column base at the SW and NE corners during 

1-100%(1), 2-100% and 2-125%(3) excitations at the 

instance of peak response displacement where the SW 

corner was subjected to compression while the NE corner 

was subjected to tension. As shown in Photo 2, during 

1-100%(1) excitation, only micro cracks were observed 

around the column. Although photograph during 1-100%(2) 

excitation is not shown here, very thin flexural cracks as 

wide as 0.1 - 0.2 mm occurred within 1.6 m from the base all 

around the column.  

During 2-100% excitation, with the mass increased by 

21%, damage progressed as shown in Photo 3. Flexural 

cracks propagated and a crack 0.6 m from the column base 

at the NE corner opened about 8 mm at the peak response 

displacement occurring at 6.78 s. After the excitation, the 

maximum residual crack at the above location was 1 - 2 mm 

wide. Although only flexural cracks occurred all around the 

column with the cover concrete remaining as a whole shell 

due to the bridging action of fibers, vertical hairline cracks 

started to occur at the NE and SW corners within 0.6 m from 

the column base due to the large strut action of cover 

concrete shell resulting from the footing reaction when the 

column was laterally displaced.  

During 2-125%(1) excitation, in which the seismic 

excitation intensity was increased by 25%, at the peak 

response displacement at 6.97 s, the crack 0.6 m from the 

base opened to 14 mm at the NE corner which was subjected 

to tension while a vertical crack opened to 9 mm at the 

opposite SW corner subjected to compression. As the 

loading progressed, at the SW corner subjected to tension, a 

crack 1.2 m from the base opened to 9 mm and vertical 

cracks started to widen at the opposite NE corner. 

Succeeding excitations resulted to further propagation 

of flexural cracks within 2 m from the base around the 

column and the widening of the vertical crack at the SW 

corner. As shown in Photo 4, the damage progressed during 

2-125%(3) excitation wherein at the peak response 

displacement at 7.07 s, the crack 0.6 m from the base at the 

NE corner opened to 20 mm and the vertical crack at the SW 

corner opened to 15 mm. Note that at the NW corner, cover 

concrete spalled within 200 mm from the column base when 

it was subjected to compression while flexural cracks 

opened to 13 mm at the opposite SE corner subjected to 

tension. After the excitation, the cracks which opened to 

over 10 mm during the excitation almost closed with widths 
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of only 5 - 8 mm in flexural cracks and 7 - 12 mm in vertical 

cracks. Moreover, majority of other small cracks closed to 

hairline cracks after the excitations due to the bridging action 

of fibers. Cover concrete spalling was much restricted and 

there were no exposed longitudinal bars and ties in C1-6 

column after 2-125%(3) excitation. 

To investigate how damage progressed in the core and 

the longitudinal bars after the last excitation, cover concrete 

was removed at the SW and NE corners using an electric 

drill and saw. Removal of cover concrete in the fiber mixed 

concrete was difficult due to the presence of fibers compared 

to that of regular reinforced concrete. Photo 5(a) shows the 

opened area at the NE corner after the outer ties were 

removed to facilitate inspection of the outer and inner 

longitudinal bars for local buckling. Three outer longitudinal 

bars buckled in between outer ties at 250 mm and 550 mm 

from the base. Note that ties at these locations have double 

tie area because of the 40 times bar lap splice and 

development of the 135 degree hook which increased the tie 

constraint, resulting to buckling of bars in between the 250 

mm and 550 mm ties. The maximum lateral offset among 

the three longitudinal bars from their original vertical axis 

was 8 mm. On the other hand, the inner longitudinal bars did 

not buckle because they were constrained by the undamaged

 

 

 

 

 

 

 

 

 

 

 

 

 (a) (b) 

Photo 2  Column damage during 1-100%(1) excitation: (a) SW corner and (b) NE corner 

 

    

 (a) (b) 

Photo 3  Column damage during 2-100% excitation: (a) SW corner and (b) NE corner 

 

    

 (a) (b) 

Photo 4  Column damage during 2-125%(3) excitation: (a) SW corner and (b) NE corner 
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Photo 5  Damage of PFRC cover concrete and longitudinal bars at the NE corner after 2-125%(3) excitation 

 

concrete between the outer and inner longitudinal bars.  

Photo 5(c) shows that at the location where a crack 

opened to 20 mm, the crack occurred only in the cover 

concrete with a depth of 110 mm and did not propagate into 

the core concrete. Photo 5(d) shows the block of cover 

concrete that was removed at the bottom right portion of the 

NE corner where the presence of fibers held the cover 

concrete together preventing the disintegration of cover 

concrete. Hence, it is worthy to note that even after six times 

of excitation, the damage sustained by C1-6 column was 

much less than the damage of regular reinforced concrete 

columns. 

 

3.2  Strains of Longitudinal and Tie Bars 

Figure 3 shows the strains of longitudinal and tie bars 

of C1-6 column at the plastic hinge zone (300-400 mm from 

the base) at the SW corner where the most extensive damage 

occurred. Only strains during 1-100%(1), 2-100%, 

2-125%(1) and 2-125%(3) excitations are shown due to 

space limitation. Because longitudinal bars were set in two 

layers, strains of both the outer and inner longitudinal bars 

and tie bars are shown here. Noting that the yield strain of 

both longitudinal and tie bars was nearly 2,000 µ , the 

longitudinal bars started to yield in tension during 

1-100%(1) while tie bars started to yield in tension during 

2-125%(1) excitation. The outer and inner longitudinal bars 

and tie bars exhibited similar response however the 

amplitude of strains were generally larger in the outer 

longitudinal and tie bars than the respective inner 

longitudinal and tie bars. The difference of strain amplitude 

between outer and inner tie bars is particularly large during 

and after 2-125%(1) excitation resulting from local buckling 

of longitudinal bars, which will be described later. 

An interesting point in Figure 3 is that the compression 

strains of the outer and inner longitudinal bars became larger 

than tension strains during and after 2-125%(1) excitation. 

For example, compression strain of the outer longitudinal 

bar reached 19,000 µ  while tension strain reached 

18,000 µ  during 2-125%(1) excitation. This obviously 

resulted from the low elastic modulus of PFRC. The large 

compression strain must have caused the longitudinal bar to 

buckle. However, in spite of the bar buckling, as described in 

Section 3.1, spalling of cover concrete did not occur 

indicating that the presence of fibers made the cover 

concrete remain as a whole shell.  

On the other hand, the tie bar was still elastic during 

1-100%(1) until 2-100% excitations. At 6.97s, when 

compression strain of the outer longitudinal bar sharply 

increased during 2-125%(1) excitation, the outer tie strain 

started to increase to 3,700 µ , indicating that the tie resisted 

the longitudinal bar buckling. Compression strain of the 

inner longitudinal bar also sharply increased at the same 

time, however, the inner tie strain did not increase indicating 

that the inner longitudinal bar did not buckle. This is because 

confinement for bar buckling was larger at the inner 

longitudinal bar than the outer longitudinal bar due to the 

resistance of core concrete between outer and inner ties 

which was still intact as shown in Photo 5.  

Figure 4 shows the interaction of a longitudinal bar with 

a tie bar for outer and inner bars. The tie strains during 

2-125%(3) excitation were larger than 5,000 µ and only 

reliable data are shown here. A sharp increase of the outer tie 

strain resulting from restraining local buckling of the outer 

longitudinal bar under high compression strain is clearly

(c) Crack on PFRC cover concrete 

(b) Longitudinal bar buckling (d) PRFC cover concrete block 

110 mm 

(a) Opened area at NE corner 

20 mm crack 

observed during 

excitation 

110 mm 

100 mm 

400 mm 

700 mm 

250 mm 

550 mm 

850 mm 
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Figure 3  Strains of longitudinal bars and tie bars at the SW corner during 1-100%(1), 2-100%, 2-125%(1)  

and 2-125%(3) excitations  
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Figure 4  Strain of a tie at 400 mm from the base vs. strain of a longitudinal bar at 300 mm from the base  

at the SW corner 

 
seen during and after 2-125%(1) excitation while the inner 

tie strain remained below 2,000 µ  because inner 

longitudinal bars did not yet buckle. 

 

3.3  Response Acceleration and Displacement  

Figure 5 shows the response acceleration and 

displacement at the top of column in the principal response 

direction and Table 1 summarizes the peak acceleration, 

displacement, residual displacement and moment at each 

excitation. The principal response direction is defined as 

thedirection in which the response displacement was 

maximum. It is seen that the response acceleration has 

similar shape with the input ground acceleration at early 

excitations. However, in later excitations, the response 

acceleration tends to have almost uniform amplitude during 

the excitation, if several spikes with large amplitudes are 

eliminated, and this is due to the nonlinear response of the 

columns.  

Due to the high acceleration pulse in the input ground 

motion, the column experienced high amplitude 

displacement during each excitation. The peak response 

displacement was equal to 0.078 m (1.0% drift) during 

1-100%(1) excitation and progressed to 0.45 m (6.0% drift) 

during 2-125%(3) excitation. As the excitation progressed 

with increasing mass and intensity of ground motion, the 

response displacements increased due to column stiffness 

deterioration resulting from the damage. Residual 

displacement was only -0.004 m (0.05% drift) after 2-100% 

excitation, increased to -0.037 m (0.49% drift) after 

2-125%(2) excitation then decreased to -0.013 m (0.13% 

drift) after the last excitation. It is important to note that 

residual displacement not only increases but also decreases 

during seismic excitations. Because instantaneous stiffness 

vary, instantaneous period also vary which causes changes in 

the residual displacement (MacRae and Kawashima 1997). 

Since the allowable residual drift for a cantilever column 

based on the 2002 JRA code is 1%, the residual drift of the 

column was still smaller than the allowable limit. 

 
3.4  Moment and Ductility Capacity 

Figure 6 shows the hysteresis of moment at the base vs. 

displacement at the top of the column in the principal 

response direction. The hysteresis during the entire six times 

of excitation is stable with sufficient energy dissipation. As 

(a) Longitudinal bars at 300 mm from the base 

(b) Tie bars at 400 mm from the base 
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summarized in Table 1, the peak moment gradually 

increased as the excitation progressed. A maximum capacity 

of 25.3 MNm at 5.2% drift was developed during 2-125%(2) 

excitation. During this excitation, flexural cracks further 

propagated all around the column and the vertical cracks at 

the SW corner widened as described in Section 3.1. During 

the subsequent 2-125%(3) excitation, the peak drift 

increased to 6% while the peak moment slightly deteriorated 

by 2%. It should be noted that even during the 2-125%(3) 

excitation, the moment vs. lateral displacement hysteresis 

was still very stable. 

 

 

 

 

 

 

 

 

 
 
 
 
 
 

(a) Response acceleration 

 

 

 

 

 

 

 

 

 

 

 

 

(b) Response displacement 

 

Figure 5  Column response in the principal direction  

 

 

Table 1  Column response in the principal response direction 

   

Excitation 
Response 

acceleration 

Response  

displacement 

Residual 

displacement 

Moment 

 (m/s2) (m) Drift (%) (m) (MNm) 

1-100%(1) -13.4 0.078 1.0 0.005 20.5 

1-100%(2) 14.2 0.089 1.2 0.007 21.8 

2-100% -13.0 0.144 1.9 -0.004 24.0 

2-125%(1) 19.9 0.280 3.7 -0.035 24.3 

2-125%(2) -17.9 0.392 5.2 -0.037 25.3 

2-125%(3) -17.1 0.450 6.0 -0.013 24.9 
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Figure 6  Hysteresis of moment at the base vs. displacement at the top of column in the principal direction 

4.  CONCLUSIONS 

The seismic performance of a full-size bridge column 

using polypropylene fiber reinforced cement composites 

(PFRC) subjected to near-field ground motions was 

investigated through shake table experiments. Based on the 

results presented, the following conclusions were obtained: 

 

a) Under a strong earthquake, the use of PFRC 

substantially reduced the apparent damage which can 

allow the bridge to be serviceable. 

b) PFRC did not have the brittle compression failure of 

regular reinforced concrete under repeated large 

inelastic deformation due to the bridging mechanism of 

fibers.  

c) As a consequence of b), use of PFRC mitigated the 

buckling of outer longitudinal bars and the deformation 

of outer and inner tie bars. No visible buckling of inner 

longitudinal bars occurred due to the intact PFRC 

between outer and inner longitudinal bar layers. 

d) Because the PFRC cover concrete of C1-6 column did 

not spall in a brittle manner compared to standard 

reinforced concrete columns, the cover concrete resisted 

the compression from the footing reaction at the base 

due to strut action as shell component, although vertical 

cracks occurred on the cover concrete. 

e) As a result of the damage mitigation properties of 

PFRC, the column had a stable flexural capacity and 

enhanced ductility reaching until 6% drift.  
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Abstract:  Loading tests of circular RC deep beams under anti-symmetric moment were conducted. Shear capacities, 
load-displacement relationships and crack patterns were investigated. In addition, acrylic bars were embedded in concrete 
and strain of compression struts was measured. As a result, it was clarified that number of longitudinal bars and stirrup 
ratio affect shear capacity of circular RC beams under anti-symmetric moment. By comparing to the existing equations, it 
was revealed that shear span should be taken as the total length of the beam and the effect of stirrups is underestimated 
because of the larger confinement effect of circular stirrups. Furthermore, shear resistance force was calculated from the 
measured strain distribution of struts. It was confirmed that shear capacity can be evaluated by measurement of acrylic 
bars considering the confinement effect of stirrups and contribution of tensile force of stirrups. 

 
 
1.  INTRODUCTION 
 

Reinforced concrete (RC) members with circular cross 
section are generally used as columns and piles. Dynamic 
soil pressure during seismic events induces anti-symmetric 
bending moment diagram into pile foundations. The pile 
members whose bending moment diagram is anti-symmetric 
are designed as circular RC deep beams for shear. In the 
standard specifications for concrete structures by JSCE 
(2002), the shear capacity of circular RC slender beams is 
required to be calculated by replacing the circular cross 
section with equivalent square cross section. However, shear 
design method for circular RC deep beams is not described. 

The objective of this research is to clarify the failure 
behavior of circular RC deep beams under the 
anti-symmetric bending moment. In order to investigate the 
basic failure characteristics, loading tests of circular RC deep 
beams under anti-symmetric bending moment were 
conducted. The result was verified in terms of shear 
capacities, load-displacement relationships and crack 
patterns. In addition, acrylic bars were embedded and strain 

of concrete at the inside of the specimens was measured. 
Thus, stress of compression struts were also investigated and 
shear resistance force was evaluated. 
 
 
2.  EXPERIMENTAL PROGRAM 
 
2.1  Outline of the Specimens 

Table 1 lists the experimental cases. Totally four 
specimens were prepared in this study. Experimental 
parameters were number of longitudinal bars (or 
arrangement of longitudinal bars) and stirrup ratio. 

Figure 1 shows dimension of the specimens and steel 
bar arrangement. For A-16-0, A-16-0.48 and A-16-0.84, 16 
longitudinal bars were provided around the cross section by 
the same spacing. On contrary, A-10-0 had 10 longitudinal 
bars in only the compression and tension side. The 
longitudinal bars were fixed by nuts at the inside to prevent 
anchorage failure. 
 
 

Table 1  List of the Experimental Cases 

Name 
Longitudinal bars Stirrups 

Number Arrangement Spacing, s 
(mm) 

Diameter, D 
(mm) 

Reinforcement ratio, rw 
(%) 

A-10-0 10 Only tension and 
compression side - - 0 

A-16-0 
16 Entirely 

- - 0 
A-16-0.48 114 10 0.48 
A-16-0.84 13 0.84 
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2.2  Materials 
Table 2 shows mix proportions of concrete. 

Superplasticized concrete was used because steel bars were 
arranged densely. Early-strength Portrand cement was used. 
The specimens were cured for 7 days after the casting of 
concrete. 

For the stirrups, deformed bar with nominal diameter of 
9.53 mm and yield strength of 388 N/mm2 or with nominal 
diameter of 12.7 mm and yield strength of 387 N/mm2 was 
used. To avoid flexural failure, high strength steel bar with 
nominal diameter of 15.9 mm and yield strength of 716 
N/mm2 was used for the longitudinal bars. 
 
2.3  Loading Method 

Anti-symmetric moment was applied by four-point 
bending shown in Figure 1. In this study, effective depth, d 
was considered as the distance from the top fiber of the cross 
section to the centroid of the longitudinal bars positioned in 
1/4 of the tension side following the JSCE specifications 
(JSCE (2002)). Hence, effective depth of the specimens 
becomes 227 mm. In general, shear span, a of the beams 
under anti-symmetric moment is taken as the half of the total 
length of the span. If a is the half length of the span 
(=454/2=227 mm), shear span-to-effective depth ratio, a/d of 
the specimens becomes 1.0.  

50 mm width of curved steel plate, which covered 1/4 

of cross section of the cross section, was used at the loading 
and supporting points. Loading and supporting points were 
pin hinge. To prevent local failure of the specimen and 
remove lateral restraint force due to friction, rubber sheets 
and Teflon sheets were inserted between the steel plate and 
the specimen. 
 
2.4  Measured Items 

Measured items were load, displacements, strains and 
crack patterns. 

Load was measured by the load cell equipped in the 
loading machine. 

Displacement between the two stubs was measured as a 
relative displacement of L-shaped steel plates, which were 

Table 2  Mix Proportions of Concrete 

Gmax 
(mm) W/C S/a 

Unit quantity (kg/m3) 
W C L S G SP V 

15 0.6 0.45 165 292 249 718 857 W×1.5% C×0.15%
Gmax: maximum size of coarse aggregate, W/C: water-to-cement ratio, S/a: fine aggregate ratio, W: water, C: cement, L: 
lime stone powder, S: fine aggregate, G: coarse aggregate, SP: high performance water reducing agent, V: viscosity 
improver. 

: Location of the strain gauges 

30º 

Figure 2  Location of Strain Measurement for Stirrups 
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Figure 1  Dimension of the Specimens, Arrangement of Steel Bars and Location of Loading and Supporting Points 
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attached at the loading and supporting point of the two stubs, 
as well as done by Watanabe et al. (2007). 

To check yielding behavior of the longitudinal bars, 
strain at the mid span was measured. Strain of the stirrups 
was also measured. Figure 2 shows location of strain gauges 
attached to the stirrups. Five locations of strain at the interval 
of 30 degrees from the centroid of the circular cross section 
were measured for one stirrup. 

To investigate formation of compression struts, acrylic 
bars were placed at the inside of the specimens. Figure 3 
shows location of the acrylic bars. Five acrylic bars were 
embedded between opposing corners of the span at 17 mm 
interval. This is because Watanabe et al. (2007) reported that 
critical diagonal crack happened along the line connecting 
opposing corners of the span in rectangular RC deep beams 
having a/d=1.0 under anti-symmetric moment. Bond 
between the acrylic bars and concrete was given by 
providing dents at certain interval. Strain gauges were 
attached (1) upper, (2) middle and (3) lower position of 
struts. 
 
 
3.  RESULT OF THE EXPERIMENT 
 
3.1  Shear Capacities, Load-Displacement Relationships 
and Crack Patterns 

Table 3 tabulates mechanical properties of concrete and 
shear capacities of the specimens obtained in the experiment. 
Figure 4 and 5 show applied shear force-relative 
displacement between each stub relationships and crack 
patterns when the maximum shear force was applied, 
respectively. Bold lines in Figure 5 represent critical 
diagonal cracks. 

Firstly, A-10-0 and A-16-0 are compared. In A-10-0, a 
diagonal crack happened between opposing corners of the 
span when shear force became 151 kN and the maximum 
shear force was 196 kN. On contrary, in A-16-0, a diagonal 
crack happened between opposing corners of the span when 
shear force became 190 kN but the maximum shear force 
was 197 kN. There was slight difference in shear capacity 
even though compressive strength of concrete of A-16-0 was 
0.8 times smaller than that of A-10-0. Therefore, it is 
supposed that additional longitudinal bars in the sides 
enhance shear capacity. 

Secondary, A-16-0, A-16-0.48 and A-16-0.84 are 
compared. In A-16-0.48, flexural cracks shifted to diagonal 
cracks when shear force was 160 kN. All of the stirrups were 
yielded when shear force was 282 kN. After that shear force 
slightly increased and the maximum shear force was 296 kN. 
On contrary, in A-16-0.84, a diagonal crack happened 
between opposing corners of the span when shear force 
became 198 kN and stirrups were yielded when shear force 

5 10 15

100

200

300

400

0
Relative displacement (mm)

Applied shear force (kN)

 A-10-0
 A-16-0
 A-16-0.48
 A-16-0.84

Table 3  Mechanical Properties of Concrete and Shear Capacities 

Name 

Mechanical 
properties of concrete

Shear capacity 
(Experiment) 

Shear capacity 
(Calculation, a=454/2=227 mm) 

Shear capacity 
(Calculation, a=454 mm) 

fc' 
(N/mm2) 

Ec 
(kN/mm2)

Vexp 
(kN) kexp 

Vcal
(kN)

Vcal_wo
(kN) k Vexp / 

Vcal 
kexp / k

Vcal
(kN)

Vcal_wo 
(kN) k Vexp / 

Vcal 
kexp / k

A-10-0 44.5 29.9 196 - 373 373 1.00 0.53 - 149 149 1.00 1.32 - 
A-16-0 36.7 27.8 197 1.00 377 377 1.00 0.52 - 151 151 1.00 1.30 - 

A-16-0.48 37.9 28.6 296 1.50 449 385 1.17 0.66 1.28 282 154 1.83 1.05 0.82
A-16-0.84 38.2 28.1 >350* >1.78* 464 387 1.20 >0.75* >1.48* 310 155 2.00 >1.13* >0.89*
fc': compressive strength of concrete, Ec: Elastic modulus of concrete, Vexp: shear capacity in the experiment, kexp: enhancement 
ratio of the shear capacity due to the stirrups in the experiment (ratio of the shear capacity to that of A-16-0). 
*Actual values are larger because loading was stopped before the peak. 

178 

178 

Upper

Middle 

Lower 
4@17 

Figure 3  Arrangement of Acrylic Bars 

Unit: mm  
: Location of strain measurement for acrylic bars

Figure 4  Applied Shear Force-Relative Displacement 
between Each Stub Relationships 
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was 322 kN. After that shear force was still increasing but 
loading was stopped at 350 kN because of trouble of the 
loading machine. It means that shear capacity of A-16-0.84 
was larger than 350 kN. Shear capacity of A-16-0.48 and 
A-16-0.84 were 1.50 and 1.78 times larger than that of 
A-16-0. 
 
3.2  Comparison with the Shear Capacities Calculated 
by the Existing Equations 

Table 3 also tabulates calculation value of shear 
capacity, Vcal obtained by using Eqs. (1) and (2) (Tanimura et 
al. (2004)), Eq. (3) (Niwa (1983)), and Eq. (4) (Saito et al. 
(2003)). 
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where, k is the coefficient representing the effect of stirrups 
on shear compressive capacity, Vcal_wo is shear capacity 
without the effect of stirrups (N), rw is stirrup ratio (%), a is 
shear span, d is the effective depth, fc’ is compressive 
strength of concrete (N/mm2), r is width of the loading plate, 
pw is tensile reinforcement ratio (%), bw is width of the 
member, As(i) is sectional area of longitudinal bars positioned 
in ith layer, d(i) is distance from top fiber to centroid of 
longitudinal bars positioned in ith layer, h is height of the 
member. 

It is noted that Eqs. (1) to (4) were originally developed 
for RC deep beams under simply supported condition. As 
for the shear span, two different calculations were conducted. 
One is that half of total length of the span (a=454/2=227 
mm) was used and the other is that total length of the test 
span (a=454 mm) was used. 

In the cases which half of the span (227 mm) was 
employed to the shear span, for A-10-0 and A-16-0, 
calculated shear capacities became almost half of the 
experimental values. That is, calculation results gave severe 

dangerous estimation. This is because strut is supposed to 
form between opposing corners of the span and angle of the 
compression strut was overestimated by taking shear span as 
half of the total length. Shear capacities of A-16-0.48 and 
A-16-0.84 were also overestimated. As for the coefficient 
kexp and k, which represent enhancement ratio of shear 
capacity by stirrups in the experiment and calculation, ratio 
of them (kexp / k) became larger than 1.0 and thus calculation 
results underestimated. Kosa et al. (2002) reported that effect 
of stirrups on shear capacity of rectangular RC deep beams 
becomes larger with larger a/d. Since half of the span is too 
short for a, the calculation underestimated the effect of 
stirrups. 

In the cases which total length of the span (454 mm) 
was employed to the shear span, for A-10-0 and A-16-0, 
calculated shear capacities became around 1.3 times larger 
than the experimental values. That is, calculation results 
gave safe side estimation. That is, calculation results gave 
severe dangerous estimation. This is because boundary 
condition is different from simply supported condition. 
Concrete in the testing part is supposed to be confined by the 
stub and compressive strength increases. On contrary, shear 
capacities of A-16-0.48 and A-16-0.84 closed to 1.0. As for 
the coefficient kexp and k, their ratio (kexp / k) became less 
than 1.0. The reason why Eq. (2) underestimated the effect 
of stirrups will be discussed in section 3.3. 
 
3.3  Compressive Strain of Concrete in Struts 

From the strain of concrete struts measured by acrylic 
bars, stress distributions and compressive force in the struts 
were evaluated. First, strain distributions under 0.95Vexp in 

(a) A-10-0 (b) A-16-0 (c) A-16-0.48 (d) A-16-0.84 

 Figure 5  Crack Patterns at the Peak Load 

Figure 6  An Example of the Approximation of the Strain 
Distribution (A-16-0.84, lower position) 
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upper, middle and lower position shown in Figure 3 were 
approximated by 2 linear lines (See Figure 6). Second, the 
approximated strain distributions were converted to stress 
distribution by using stress-strain models. In case of A-10-0 
and A-16-0, Thorenfeldt model (Thorenfeldt et al. (1987)) 
described by Eqs. (5a) to (5d) was used. 
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where, c is stress of concrete (N/mm2), c is strain of 
concrete, cc is strain of concrete at the peak stress. 

On contrary, in case of A-16-0.84 and A-16-0.84, to 
consider the confinement effect of stirrups, the model 
stipulated in the Specifications for highway bridges in Japan 
(JRA (1996)) described by Eqs. (6a) to (6g) was used. 
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where, cc is compressive strength of concrete confined by 
transverse reinforcements (N/mm2), des is descending 
modulus (N/mm2)，cu is ultimate strain of concrete confined 
by transverse reinforcements, and are correction 
coefficients (in case of solid circular cross section, 1.0), 
s is volumetric ratio of transverse reinforcements, sy is 
yield strength of transverse reinforcement, Ah is cross 

sectional area of one transverse reinforcement (mm2), ds is 
effective length of transverse reinforcement. 

Third, compressive force in the struts was calculated by 
integrating the area surrounded by the stress distributions 
and multiplying width of the member at the location of the 
measurement. Last, shear resistance forces were obtained as 
a vertical component of the compressive force in the struts. 

Figure 7 shows the shear resistance forces at upper, 
middle, lower position and their average, and the 
experimental value of 0.95Vexp in each specimen. In this 
figure, white columns show shear resistance forces in each 
position obtained from the strain measured by acrylic bars, 
gray columns show their average, and black columns show 
0.95Vexp in each specimen. As for A-10-0, the average 
calculation value was smaller than the experimental value 
but A-16-0 had a good agreement. However, as for 
A-16-0.48 and A-16-0.84, the calculation underestimated the 
experimental value. 

Kosa et al. (2002) reported that not only compression 
force of concrete but also tensile resistance force of stirrups 
affects shear capacity of rectangular RC beams with a/d ≥ 
1.5 and the contribution of stirrups can be evaluated by truss 
analogy. In addition, Watanabe et al. (2011) reported that 
shear carried by stirrups of circular slender RC beams can be 
evaluated by using angle of the stirrups at the location where 
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diagonal crack passes in width direction of the members. 
Therefore, contribution of the stirrups was calculated by 
using Eq. (7). 
 

 



n

i
iwyss fAV

1
sin  

 
where, Vs is shear carried by stirrups, n is number of stirrups, 
As is total cross sectional area of stirrups positioned in s, fwy 
is yield strength of stirrups, i is angle of ith stirrup in width 
direction of the member. 

To obtain i, the line connecting opposing corner of the 
span was assumed and angle of the stirrups at the locations 
where they interact with the line was given as shown in Fig. 
8. 

Figure 7 also shows the contributions of Vs (hatched 
columns). As shown in this figure, by adding Vs to the 
compression force of the strut calculated from the acrylic bar 
measurement, shear resistance force closed to the 
experimental result. Consequently, it was revealed that not 
only confinement effect on concrete but also contribution of 
shear force should be considered to evaluate the effect of 
stirrups on the shear capacity of circular RC deep beams 
under anti-symmetric moment. Since the applicable range of 
Eq. (2) is a/d=0.27-2.69, it is supposed to consider the latter 
effect but it underestimated the experimental result as 
mentioned in section 3.2. This is because confinement effect 
of rectangular and circular stirrups is different (JRA (1996)). 
Since Eq. (2) is developed for rectangular cross section and 
does not consider the effect of stirrup shape on the 
confinement effect. 
 
 
4.  CONCLUSIONS 
 

In this study, shear capacities, load-displacement 
relationships, crack patterns and strain of compression strut 
of the circular RC deep beams under anti-symmetric 
moment were investigated. Consequently, following 
conclusions were obtained. 
1) Longitudinal bars positioned in the area other than 

tension side and stirrups increase shear capacity of 
circular RC deep beams under anti-symmetric moment. 

2) The critical diagonal crack happens between opposing 

corners of the span. It indicates that the compression strut 
forms in the entire length of the span. 

3) The existing equation originally developed for simply 
supported condition underestimates the shear capacity 
even if shear span is taken as the total length of the span 
because boundary stubs provide larger confinement 
effect. 

4) The existing equation for shear capacity of rectangular 
RC deep beams with stirrups underestimates shear 
capacity of circular RC deep beams under anti-symmetric 
moment even if shear span is taken as the total length of 
the span. It is because the effect of stirrup shape on the 
confinement effect is not considered. 

5) Shear capacity of circular RC deep beams under 
anti-symmetric moment can be evaluated by a summation 
of compression force, which is calculated by strain of 
concrete struts considering the confinement effect of 
stirrups, and tensile force of stirrups considering the 
stirrup shape. 
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Abstract:  Tsunami reconnaissance surveys following the Tohoku Pacific Ocean earthquake in March 2011 have 
reported that buildings, bridges, and other coastal infrastructure were damaged or completely collapsed due to impact of 
massive objects carried by the tsunami flow.  Characterization of forces and assessment of damage to structures due to 
such impact loads is vital for the design of buildings used for tsunami evacuation purposes and other critical facilities 
located in inundation zones.  In the present study, numerical investigation of reinforced concrete (RC) columns 
subjected to impact from tsunami water-borne shipping containers is carried out using nonlinear finite element code 
LS-DYNA.  Two types of general purpose standard shipping containers which are widely used for maritime freight 
transport and RC columns with square and circular sections are considered.  A series of container-column impact 
analyses is carried out, and damage to the column is evaluated in terms of a damage index characterized by degradation of 
axial load carrying capacity.  Results of this study show that formulae to estimate impact forces given in existing design 
guidelines are not consistent and that the columns in low-rise RC buildings located in tsunami inundation zones are 
vulnerable to impact due to water-borne shipping containers. 

 
 
1.  INTRODUCTION 
 

The tsunami caused by the Tohoku Pacific Ocean 
earthquake  in March 2011 resulted in 
unprecedented destruction to coastal communities 
particularly with the highest death toll compared to all other 
tsunamis that have occurred along the coastal region of 
Japan in the past century (Chock et al. 2011, Mori et al. 
2011).  The widespread damage with varying extent to 
engineered structures ravaged by the tsunami has urged need 
for improved performance of these structures for community 
resilience to tsunamis.  Tsunami reconnaissance surveys 
have reported that buildings, bridges, and other coastal 
infrastructure were damaged or completely collapsed due to 
impact of massive objects carried by the tsunami flow 
(Dengler and Sugimoto 2011, Takahashi et al. 2011).  
Several large ships and fishing boats which were moored in 
ports drifted onto land as the area becomes inundated.  In 
addition, huge wooden blocks from the wreckage of houses, 
vehicles, and utility poles were swept away by the tsunami.  
The impact of these water-borne massive objects have 
imparted substantial impact forces and exacerbated the 
damage to structures located in the inundation zone.  Apart 
from these massive objects, shipping containers in ports 
dispersed and impacted on several buildings used for port 
facilities.  Recent other tsunamis in February 2010 in Chile 
and September 2009 in Samoa, caused numerous shipping 
containers in ports to be dislodged and impact on buildings 
used for port facilities and community centers (Robertson et 

al. 2010ab).  Shipping containers are very common in 
many industrial ports, and it is not feasible to move or secure 
all these containers with early warning of an impending 
strong tsunami.  Hence, the impact of water-borne shipping 
containers is one of the major threats to buildings located in 
the vicinity of industrial ports in tsunami inundation zones. 

( 9.
w

M =

Two design guidelines ASCE 7-10 (ASCE 2010) and 
FEMA P646 (FEMA 2008) refer to impact of water-borne 
massive objects on structures and provide formulae to 
estimate the impact force.  The formula given in ASCE 
7-10 is based on the principle of impulse and momentum and 
assumes a half-sine pulse for the impact force-time history 
where the force increases from zero to the peak value ASCE

P
F  

in time tΔ  (at the same time the object velocity reaches to 
zero) in the compression phase, then decreases to zero in the 
restitution phase.  Although the value of  would vary 
with the stiffness characteristics of the impacting object a 
single value of 

tΔ

0.03 stΔ =  (based on log impact tests) has 
been recommended in ASCE 7-10.  On the other hand, the 
FEMA P646 provides guidelines for the design of structures 
used for tsunami evacuation purposes.  The formulae given 
in FEMA P646 to estimate the peak impact force is based on 
contact stiffness approach in which the effective contact 
stiffness 

eff
 is determined using contact stiffness of the 

impacting object and the structural member.  The peak 
impact force 

k

FEMA

P
F  is obtained by solving an undamped 

single-degree-of-freedom (SDOF) system that consists of 
linear elastic force-deformation relation with the effective 
contact stiffness .  The estimation of  is more 

eff
k

eff
k
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difficult in practical applications as it depends on material 
properties and structural configuration of both the impacting 
object and structural member.  The FEMA P646 provides 
effective stiffness values for a few types of shipping 
containers and lumber or wooden logs.  As an example, 
values of  N/m are given for 
20′ (20 foot) and 40′ (40 foot) shipping containers, 
respectively.  Interestingly, the method used for the 
estimation of key parameter 

eff
 for shipping containers is 

not given, nor indeed, even a reference in the guideline.  
Figure 1 shows the peak impact forces obtained using the 
formulae given in these two design guidelines for 20′ (mass 

kg) and  (mass kg) shipping 
containers and for velocities ranging from  m/s.  
It is determined that, for instance, at a container velocity of 

 m/s the difference in the estimated peak impact 
forces is more than 15 times for 20′ container and is more 
than 7 times for 40′ container.  This indicates that the above 
formulae are not consistent in the estimation of peak impact 
force and therefore detailed investigations are needed for 
clarification of these uncertainties. 

91.5 10 and 6.5 10
eff

k = × × 8

k

2200m = 40′ 3800m =
0 10v = −

6v =

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 1. Comparison of estimated peak impact force for 20′ 

and 40′ shipping containers. 
 
Madurapperuma and Wijeyewickrema (2011a) 

considered the impact of a 20′  shipping container on an 
RC building.  The results of the simulation showed that the 
impacted column experiences excessive damage and 
consequently fails to support axial load when the container 
impacts at mid-height of the column and that the building 
remains stable by redistribution of loads to other members.  
Need for detailed investigation of impact response of these 
columns using advanced material models and strain rate 
effects were emphasized.  Madurapperuma and 
Wijeyewickrema (2011b) proposed formulae for the 
estimation of peak impact force due to impact of the 20′  
shipping container on square and circular RC columns.  It 
was found that the peak impact force usually occurs early 
during the container-column impact and the column has no 
time to respond to the rapid change of loading, and therefore 
the effects of either amount of reinforcement or level of axial 
load on the peak impact force are not significant. 

The purpose of this study is to further the study of 

Madurapperuma and Wijeyewickrema (2011ab) to provide 
insightful information through an in-depth investigation of 
the impact response of columns in RC buildings by 
considering different types of standard shipping containers.  
The degradation of axial load carrying capacity of RC 
columns is used to assess vulnerability of these columns to 
container impact.  The impact analysis is carried out using 
the nonlinear finite element code LS-DYNA (2007).  The 
container models include all significant parts with associated 
structural details, and RC columns with square and circular 
sections are considered.  Nonlinear material behavior and 
strain rate effects are considered for both container and 
column.  In addition, for the column, slip between concrete 
and reinforcing bars is taken into account.  Prior to the 
container-column impact analysis, validation of RC column 
model is carried out through extensive comparisons with 
experimental data and the results of more refined models.  
The present study can be considered as a very 
comprehensive investigation of container-column impact 
which will be useful particularly when designing buildings 
in inundation zones. 
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2.1  Shipping Container Models 

The general purpose standard shipping containers that 
are widely used are the 10   and ,′ 20 ,′ 40′  types 
(Madurapperuma and Wijeyewickrema 2011b).  The basic 
structural configuration is the same for the 10′  and 20′  
containers and only the number of transverse members in the 
container floor structure are changed (CSC 1996).  
However, this is not the case for the  container where 
there are additional members made of hollow steel sections 
in the floor.  Hence, in the present study 

40′

20′  and 40′  
containers are considered as the findings of this study will 
ensure vulnerability assessment of RC columns impacted by 
commonly used general purpose standard shipping 
container. 

As shown in Fig. 2, the  container model has four 
walls and a roof made of steel corrugated panels which are 
connected to top side rails made of steel hollow square 
sections.  The floor of the container consists of two main 
bottom side rails and 19 cross members made of steel 
channel sections.  The container has four corner posts made 
of steel hollow rectangular sections which are connected to 
the top side rails, wall panels and the floor.  The surface of 
the corrugated panel is not flush with the outer edges of 
these side rails.  This follows mostly the geometrical 
specifications for a real 

20′

20′  container.  On the other hand, 
the 40′  shipping container has the same structural 
framework as the 20′  container but with longer top and 
bottom side rails, additional cross members, and larger 
section sizes for corner posts.  The container floor consists 
of additional steel beams of hollow sections close to the 
front end of the container (Fig. 3).  These beams serve in 
centering the container on a tractor-trailer chassis.  
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Fig. 2. The  shipping container model: (a) various parts, (b) structural framework. 20′
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Fig. 3. The  shipping container model showing details of various parts in the floor structure.  Note: the side corrugated 

panel has been removed for visualization of the floor structure. 
40′

 
Container models are developed with sufficient mesh 

resolution that the internal contact between various 
components, yielding, local buckling, and fracture can be 
adequately captured.  A finer mesh is used for components 
at critical locations and a coarse mesh is sufficient for other 
components which do not experience much of deformation 
during the impact.  The 4-node Belytschko-Tsay shell 
elements with one-point quadrature are used to model all the 
parts of these containers since this element is very robust 
under severe distortion (Belytschko et al. 2000).  The 
minimum characteristic length for the elements used in finer 
mesh regions is approximately 5 mm and the maximum 
characteristic length for the elements used in coarse mesh 
regions is approximately 36 mm.  Hence, the 20′  

container model consists of 22,025 nodes and 22,681 
elements, and the 40′  container model has 38,176 nodes 
and 38,591 elements. 

The material model MAT_PLASTIC_KINEMATIC 
(MAT_003) is used to represent material behavior of the 
containers (LS-DYNA 2007).  This model can be used for 
isotropic, kinematic or a combination of isotropic and 
kinematic hardening and in the present study, isotropic 
hardening is used for the steel material.  Previous studies 
on response of shipping containers under internal blast loads 
have shown that this material model is computationally 
efficient for use with shell elements (Børvik et al. 2009).  
The material properties used in the analysis are density 7850 
kg/m3, Young’s modulus 210 GPa, Poisson’s ratio 0.3, yield 
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strength 355 MPa, tangential hardening 1000 MPa, and 
failure strain 22%.  These data are based on material tests 
given in container specifications (Maersk Line 2010, 
Magellan 2010).  Strain rate effects on material behavior of 
the container have been considered and details are given in 
Madurapperuma and Wijeyewickrema (2011b). 
 
2.2  RC Column Models 

Square column with a cross-section 
 and circular column with a diameter 

 are considered for the impact analysis.  The 
circular and square columns are chosen to have the same 
height , cross-sectional area 

300 mm 300 mm×
340 mmd =

4 mH = 20.09
g

A m= , 
longitudinal reinforcement ratio 1.8%ρ = , and spacing 
between transverse reinforcement .  This 
permits comparable vulnerability assessment of these 
columns that have the same volume of concrete and amount 
of reinforcing steel.  Designed details of these columns are 
given in Madurapperuma and Wijeyewickrema (2011a). 

0.15 ms =

The constant stress 8-node solid elements with 
one-point quadrature and the Hughes-Liu beam elements are 
used to represent concrete and reinforcing steel, respectively 
(Fig. 4a).  Each concrete element in the square column is a 
25 mm cube, and the element length of 25 mm is used in the 
circular column in axial direction.  The longitudinal and 
transverse reinforcement are modeled using 25 mm long 
beam elements.  The element length of concrete and 
reinforcement is kept the same but the nodes are not shared 
so as to model the slip between concrete and reinforcing bars 
explicitly.  Preliminary studies indicate that further 
decrease of element size of concrete and reinforcement has 
negligible effect on numerical results.  The constraints 
provided by foundation and the upper end at the 
beam-column joint are included in the model as shown in 
Fig. 4(b).  The nodes on outer vertical surfaces of the 
foundation and upper end are constrained horizontally and 
nodes on bottom surface of the foundation are constrained 
vertically. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 4. (a) RC column models and (b) constraint conditions. 

The material model 
MAT_CONCRETE_DAMAGE_REL3 (MAT_072R3) is 
selected as the constitutive model for concrete (LS-DYNA 
2007).  This material model has been developed 
specifically for the investigation of RC structural response to 
blast and impact loadings and has been performed well in 
simulating experimentally observed behavior as reported by 
other researchers (Magallanes 2008, Tu and Lu 2009).  It is 
a three-invariant model that includes strain-rate effects, and 
damage, and has material parameter generation capability 
based on the unconfined compressive strength of concrete.  
This material parameter generation has been calibrated using 
well-defined laboratory tests for uniaxial, biaxial, and 
triaxial behavior of concrete in compression and tension 
(Malvar et al. 1997, Crawford and Malvar 2006).  In the 
present study, the specified unconfined compressive strength 
of concrete is 40 MPa and mass density is 2400 kg/m3.  
The material model has three parameters 1 2  and 3  
that govern strain softening behavior in uniaxial 
compression, uniaxial tension, and tri-axial tension (Malvar 
et al. 1997).  Based on the insight gained through the 
validation study which will be discussed subsequently in this 
manuscript, the default values 1  and 3  
lead to desired results and hence are used in the present study.  
However, it is found that the default value for 2  

 needs to be adjusted to obtain fracture energy 

, ,b b b

1.6b = 1.15b =

b

2( 1.35)b =
f

G  recommended by CEB-FIP code (CEB 1993).  This is 
carried out by forcing the area under the stress-strain curve 
to be , where h  is the element size through 
iterative calculations using single-element uniaxial tensile 
test as recommended by Crawford and Malvar (2006), and 
therefore, the adjusted value is 2 .  More details of 
the RC column model which incorporates strain rate effect 
and bond slip are given in Madurapperuma and 
Wijeyewickrema (2011b). 

/
f

G h

0.7b =

During the contact between the container and column, 
concrete crushing, spalling, and penetration are very likely in 
the locations where side rails come into contact with the 
column.  However, the concrete material model does not 
allow material erosion through the removal of highly 
distorted elements from the calculation.  Complete removal 
of these distorted elements requires the inclusion of an 
independent erosion model.  The MAT_ADD_EROSION 
option provides a way of including material erosion in the 
concrete material model (LS-DYNA 2007).  In the present 
study, two erosion criteria, viz. principal strain and shear 
strain are considered to simulate material failure caused by 
crushing, spalling, and penetration of concrete during the 
container impact.  The element will be removed from the 
calculation once any one of these two erosion criteria is 
satisfied.  The values used for these criteria are selected 
carefully to avoid premature erosion that could leads to 
incorrect simulations.  It is found from preliminary analysis 
of container-column impact that the appropriate values for 
the principal strain and shear strain are 0.15 and 0.9, 
respectively. 
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m
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3.  DROP-WEIGHT IMPACT TEST FOR 
VALIDATION OF RC COLUMN MODEL 
 
3.1  Test-setup 

Numerical model for RC column is validated by 
comparing computed responses with results obtained from a 
drop-weight impact experiment reported by Feyerabend 
(1988) who carried out numerous tests on axially loaded 
columns arranged horizontally as shown in Fig. 5.  One end 
of the column was restrained against axial movement and a 
mass of 20,000 kg was attached to the other end which was 
free to move in the axial direction to simulate inertial 
constraint from the superstructure.  The initial axial load on 
the column that was applied using external prestressing bars 
was 201 kN.  The compressive strength of concrete as 
determined by cube tests was 50 MPa which is 
approximately equivalent to cylinder strength of 40 MPa 
(CEB 1993).  The yield strengths of longitudinal and 
transverse reinforcement were 523 MPa and 507 MPa, 
respectively.  The impact load was applied by dropping a 
mass of 1140 kg onto the column at mid-span at a velocity 
of 4.5 m/s.  The contact force between the drop-weight and 
column that was recorded using a load cell mounted in the 
drop-weight and displacements recorded at three locations 
along the bottom face of the column are considered for 
validation purpose. 

Numerical model simulating the test condition is 
developed following the modeling procedure for RC column 
as discussed in the previous section.  The concrete is 
modeled using constant stress 8-node solid elements where 
each element is a 25 mm cube.  The longitudinal and 
transverse reinforcement are modeled using 25 mm long 
Hughes-Liu beam elements.  Similar to the support and 
constraint conditions used in the experiment, one end of the 

column is considered as hinged and the other end is allowed 
to slide along the axis of the column.  As discussed in the 
previous section, the material models MAT_072R3 and 
MAT_024 are used for concrete and reinforcement, 
respectively.  The strain rate effects and the bond between 
reinforcing bars and concrete are considered and details are 
given in Madurapperuma and Wijeyewickrema (2011b).  
The drop-weight is modeled using constant stress 8-node 
solid elements.  Since the drop-weight did not undergo 
significant deformations in comparison to the concrete 
specimen, it was considered as rigid.  Here the material 
model MAT_RIGID (MAT_020) is used with parameters 
density 9020 kg/m3, Young’s modulus 200 GPa, and 
Poisson’s ratio 0.3.  The drop-weight is allowed to impact 
on the axially loaded column at a velocity of 4.5 m/s and 
explicit dynamic analysis is continued for 0.144 s. 

Comparison of the impact force and displacement time 
histories is shown in Fig. 6.  The impact force is the contact 
force between the drop-weight and column in the direction 
of impact.  It is seen that the temporal variations of two 
clear peaks and other spikes of impact force time histories 
from the experiment and simulation are similar.  After the 
first clear peak which is due to initial contact, the impact 
force diminishes due to the relative motion between the 
drop-weight and column while both are moving in the same 
direction.  The impacted column starts to bend and 
consumes kinetic energy for bending and therefore, the 
drop-weight impacts the column again but with a smaller 
force which is the second clear peak.  The other spikes are 
due to the variation in contact force while the drop-weight 
and column are moving in the same direction.  The total 
contact duration also agree well with the experimental 
results.  From displacement time histories it is seen that the 
time of occurrence of peak displacement given by numerical 
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Fig. 6. Comparison of results: (a) impact force and (b) displacement at three locations. 

 
results is similar to that of the test results for all three 
displacement records.  The simulated post-peak 
displacements indicate oscillations with decreasing 
amplitudes and correlate closely with those from the 
experimental results.  The displacements at the end of the 
experiment, however, are higher than those given by the 
simulation because the recorded displacements from the test 
include the displacement due to the dead-weight of the 
drop-weight. 
 
 
4.  CONTAINER-COLUMN IMPACT ANALYSIS 
 
4.1  Damage Measure 

The impacted column could fail to resist its axial load 
due to a combination of flexural and shear failure or due to 
localized shear failure.  The latter failure mode is 
significant when the container impacts at an angle where the 
corner post comes into contact with the column.  The 
localized shear at the contact region exceeds the shear 
capacity and column fails abruptly under the existing axial 
load.  The degree of damage to the column is evaluated by 
considering degradation of the axial load carrying capacity.  
The damage index  is defined as D

 ( )
,

( )

damaged

N N

undamaged

N N

P P
D

P P
=

−
−

 (1) 

where 
N

P  axial load on the column due to gravity loads, 
N

 and 
N

 are axial load carrying capacities of 
damaged and undamaged columns, respectively.   

damagedP P

.3P f A′ = P =

P P

undamaged

Prior to the container impact, the gravity loads acting 
on the column are applied as an axial load where axial load 
ratio 

c gN  and therefore 
N

.  
This axial load is applied using appropriate loading rates to 
minimize dynamic effects.  Then the container impacts the 
column and all output data related to the damaged column is 
stored.  In the post impact analysis these data is used to 
study the damaged column.  The axial load carrying 
capacities 

N
 and 

N
 are obtained by 

increasing the axial load on the damaged and undamaged 
columns, respectively.  Here the axial load is increased 
until the column is crushed using appropriate loading rates to 
minimize dynamic effects, and the residual axial load 

carrying capacity of the column is estimated.  The axial 
load carrying capacity of undamaged column is obtained 
using a separate analysis where the column is subjected to 
axial compression until failure. 

/ 0 1080 kN

damaged undamaged

A series of container-column impact analyses has been 
carried out and each analysis case is referred to by a unique 
descriptive name.  For instance, for the 20′ container at 2 
m/s and impacting square column in the transverse direction 
(transverse to the length direction of the container), the 
analysis notation would be C20-V2-SQ-T.  As another 
example, C40-V2-CIR-L represents the 40′ container 
impacting circular column in a longitudinal direction i.e., 
parallel to the length direction of the container at 2 m/s.  
Similarly, C40-V2-CIR-A corresponds to the 40′ container 
impacting circular column at an angle at 2 m/s. 

 
4.2  Effect of Container Orientation 

Six different container orientations are considered to 
investigate its effect on impact response of RC columns.  
Orientation of the container and its velocity relatively to the 
location of the square column are depicted in Fig. 7.  
Similar configurations have been used for the impact of 
containers on the circular column.  These container 
orientations lead to different impact conditions where 
relatively stiff members of the container actively participate 
in the contact between container and the column.  For 
instance, floor structure of 40′ container has beams of 
hollow sections in addition to regular cross members, and 
these stiffer beams actively participate in contact with the 
column in container orientations T2 and L2.   

The impact force versus time responses of columns 
obtained by different orientations of 20′ container impacting 
at 2 m/s and 0.05 m above the ground level are shown in 
Figs. 8(a) and (b) for square and circular columns, 
respectively.  A similar plot for 40′ container impacting at 2 
m/s and 0.05 m above the ground level is also shown in Fig. 
9.  The impact force shown in these figures is the resultant 
contact force which is calculated by considering all the 
contact forces in the contact area between the container and 
column.  As shown in these figures, the impact force-time 
history consists of several large peaks and relatively low 
force levels of spikes over the duration of the impact.  The 
peaks occur when stiff components of the container come 
into contact with the column. The initial clear peak is the 
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highest because stiff components such as side rails, corner 
posts or cross members reach the column first and interact 
with it since the surface of the corrugated panel is not flush 
with the outer edges of these components.  After the initial 
contact these components start to bend and consume kinetic 
energy.  At the same time spalling of cover concrete occurs 
in the vicinity of contact regions as the sharp edges of stiff 
components are in contact with the column.  The process of 
contact, getting loose and back in contact, and therefore zero 
impact force between the spikes with smaller force levels is 
seen particularly in the orientation T1 for both containers.  
In this configuration, when the side rail and column start to 
bend contact diminishes but the bending of side rail recovers 
rapidly and side rail hits the column again with a small force 
level. 

The peak impact force quantities are given in Table 1 
for both containers along with the estimated peak impact 
forces using ASCE 7-10 and FEMA P646.  For 20′ 
container, the peak impact force obtained using ASCE 7-10 
underestimates 2.2 times for square column when it impacts 

in L3 orientation and 1.8 times for circular column when it 
impacts in A1 orientation.  For 40′ container, the peak 
impact force obtained using ASCE 7-10 underestimates 1.8 
times for square column when it impacts in L2 orientation 
and 1.6 times for circular column when it impacts in L2 
orientation.  On the other hand, estimated peak impact 
forces using FEMA P646 are overestimated by more than 
4.5 times for both containers.  Damage index calculated 
using Eq. (1) is given in Table 2 for both containers 
impacting square and circular columns.  The damage index 
decreases from 1 to zero as the axial load carrying capacity 
decreases due to damage by impact of the container.  It is 
seen that degree of damage is high when 40′ container 
impacting columns.  Further, both columns experience 
highest damage when containers impacting at an angle (A1) 
where stiff edge of the corner post reaches the column first 
and interacts with it.  

 
 

 
 
 
 
 
 
 

Column 

Container 

T1 T2 L1 L2  
 
 
 
 
 
 
 
 
 
 

L3 A1  
Fig. 7. Schematics showing different container orientations considered in the analysis. 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 8. Impact force versus time for 20′ container approaching in different directions at 2 m/s and 0.05 m above the ground 
level: (a) square column and (b) circular column. 
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Fig. 9. Impact force versus time for 40′ container approaching at 2 m/s in different directions and 0.05 m above the ground 
level: (a) square column and (b) circular column. 
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Table 1. Peak impact force for containers approaching at 2 m/s in different directions and impacting at 0.05 m above the 
ground level. 

Square column (kN) Circular column (kN) Container 
type 

ASCE 
7-10 

FEMA 
P646 T1 T2 L1 L2 L3 A1 T1 T2 L1 L2 L3 A1 

20′  230 3633 367 363 165 213 500 444 231 297 153 184 333 425 
40′  398 3143 335 470 422 697 641 570 269 293 372 633 523 586 

 
 

Table 2. Damage index for containers approaching at 2 m/s in different directions and impacting at 0.05 m above the ground 
level. 

Square column (kN) Circular column (kN) Container type 
T1 T2 L1 L2 L3 A1 T1 T2 L1 L2 L3 A1 

20′  0.80 0.85 0.94 0.87 0.95 0.88 0.87 0.89 0.90 0.85 0.82 0.69 
40′  0.76 0.79 0.81 0.79 0.83 0.69 0.83 0.81 0.80 0.68 0.47 0.22 

 
 

4.3  Effect of Container Height above the Ground Level 
Six different heights above the ground level are 

considered for containers to impact with columns.  Peak 
impact force and damage index for both columns obtained 
for these heights above the ground level are given in Tables 
3 and 4 for 20′ and 40′ containers, respectively.  In these 
analyses, both containers are allowed to impact on columns 
at 2 m/s and in A1 orientation which causes highest damage 
to the impacted column.  

 
Table 3. Peak impact force and damage index for 20′ 

container impacting at 2 m/s and different heights 
above the ground level. 

Square column Circular column Container 
height above
GL (m) 

Peak impact 
force (kN) 

Damage 
index 

Peak impact 
force (kN) 

Damage 
index 

0.05 444 0.88 425 0.69 
0.3 440 0.82 590 0.34 
0.6 458 0.87 586 0.38 
0.9 464 0.86 579 0.38 
1.2 471 0.56 555 0.08 
1.5 532 0.90 697 0.55 
 

Table 4. Peak impact force and damage index for 40′ 
container impacting at 2 m/s and different heights 
above the ground level. 

Square column Circular column Container 
height above
GL (m) 

Peak impact 
force (kN) 

Damage 
index 

Peak impact 
force (kN) 

Damage 
index 

0.05 570 0.69 586 0.22 
0.3 542 0.79 570 0.37 
0.6 529 0.76 553 0.54 
0.9 561 0.74 555 0.25 
1.2 585 0.60 563 0.03 
1.5 690 0.83 731 0.79 
 

It is seen that effect of the container height above 
ground level on the peak impact force is less significant 
except the container height 1.5 m above the ground level 
where the top side rail of the container impacts the column 
upper end which is fixed in lateral direction.  However, 
significant change in damage index for both columns is seen 
for different container heights above the ground level.  
Damage index is significantly reduced and both columns 
experience severe damage when the container height above 
the ground level is 1.2 m. 
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Figures 10 and 11 show damage and cracking patterns 
of square and circular columns for 40′ container impacting at 
0.05 m and 1.2 m above the ground level, respectively.  
The container orientation is A1 and the impact velocity is 
chosen as 3.5 m/s which leads to complete failure of the 
column under the applied axial load.  The erosion model 
incorporated in the present analysis has captured the removal 
of failed material due to penetration of stiff edges of the 
container.  Further, propagation of shear crack from support 

to loading point is clearly seen in these figures indicating 
potential for shear failure.  As shown in these figures, onset 
of shear failure at support causes abrupt failure of the 
column under the applied axial load.  This type of failure in 
columns is not desirable for buildings used for critical 
facilities and therefore adequate measures have to be 
considered for the improvement of shear capacity of these 
columns.  

 
 

Erosion of 
concrete 
material 

Shear crack

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Shear failure 

Square Circular Square Circular Circular Circular Square Square Square Circular
 

(a) Time 0.001 s (b) Time 0.014 s (c) Time 0.016 s (d) Time 0.027 s (e) Time 0.027 s  
Fig. 10. Behavior of the square and circular columns during the impact of 40′ container at 0.05 m above the ground level and 

a velocity of 3.5 m/s in Y-direction: (a) at peak force, (b) erosion of concrete material from the impact face, (c) shear 
crack at the support propagates towards impact face, (d) shear failure at the support, and (e) close-up view in the 
vicinity of shear failure. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Square 

Erosion of 
concrete 
material 

Shear crack
Shear failure 

Square CircularCircular Square Circular Circular CircularSquare Square 

 (a) Time 0.002 s (b) Time 0.008 s (c) Time 0.012 s (d) Time 0.025 s (e) Time 0.025 s 
 
Fig. 11. Behavior of the square and circular columns during the impact of 40′ container at 1.2 m above the ground level and a 

velocity of 3.5 m/s in Y-direction: (a) at peak force, (b) erosion of concrete material from the impact face, (c) shear 
crack at the support propagates towards impact face, (d) shear failure at the support, and (e) close-up view in the 
vicinity of shear failure.  
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3.  CONCLUSIONS 
 

An investigation of the performance of RC columns 
due to impact of different types of tsunami water-borne 
shipping containers was carried out.  A detailed finite 
element model of the 20′ and 40′ shipping containers that 
have been widely used for maritime freight transport and 
commonly stack in ports located in tsunami inundation 
zones were considered to have impact with RC columns of 
square and circular cross sections.  Validation of RC 
column model was carried out through comparisons with 
drop-weight experimental data and the results of the 
numerical model. 

The results of the container-column impact simulation 
showed that for 20′ container with certain container 
orientations, the peak impact force obtained using ASCE 
7-10 underestimates 2.2 times for square column and 1.8 
times for circular column.  Similarly, for 40′ container with 
certain container orientations, the peak impact force obtained 
using ASCE 7-10 underestimates 1.8 times for square 
column and 1.6 times for circular column.  On the other 
hand, estimated peak impact forces using FEMA P646 are 
overestimated by more than 4.5 times for both containers 
impacting square and circular columns.  

Both columns experience severe damage when 
container height above the ground level is 1.2 m and at an 
angle where the corner post reaches the column first and 
interact with it and.  The erosion model incorporated in the 
present analysis has captured the removal of failed material 
and propagation of shear crack from support to loading point.  
Onset of shear failure at the support causes abrupt failure of 
the column under the applied axial load.  This type of 
failure in columns is not desirable for buildings used for 
critical facilities and therefore adequate measures have to be 
considered for the improvement of shear capacity of these 
columns. 
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Figure 2  Balanced lift method for a bridge with tension ties 
 

Figure 3  Balanced lift method for a bridge with 
compression struts and auxiliary pier 

 

Figure 4  Balanced lift method for a bridge with tension ties 
and auxiliary pier 
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Abstract:  The balanced lift method is a new bridge construction method which was invented in 2006 and was patented 
worldwide in 2009. This method proposes to build the bridge girders in a vertical position and to rotate them into the final 
horizontal position with the aid of compression struts or tension ties. The compression struts or tension ties are important 
load carrying members during the construction process and also in the finished bridge structure. The spans of the finished 
bridge structure are considerably reduced by these additional members. As a result much lighter bridge girders are 
obtained compared to bridges built by the balanced cantilever method or incremental launching. The reduced mass of the 
bridge girders leads to a favorable behavior under seismic excitation. Also the vulnerability of the bridge during 
construction with regard to seismic or wind loading is much reduced in comparison to conventional bridge building 
methods due to the enhanced speed of construction.  The first application which will be presented in the paper is the 
design of four bridges for the Austrian road management company (ASFINAG) intended for the rivers Lafnitz and 
Lahnbach with very high demands on the protection of fauna and flora at the construction site 

 
 
1.  BALANCED LIFT METHOD 
 
 In the conventional bridge construction methods the 
production of the bridge superstructure is carried out in 
horizontal position. 

By using the balanced lift method (Kollegger and Blail 
2008, Blail and Kollegger 2009), developed at Vienna 
University of Technology, the bridge girders are erected next 
to the pier in a vertical position and are subsequently rotated 
into the final horizontal position. In order to rotate the bridge 
girders, additional structural elements (compressions struts 
or tension ties) are required. These elements then become an 
integral part of the finished bridge. The rotation of the bridge 
girders functions similarly to the opening of an umbrella, 
which is displayed in Fig. 1 for the example of a bridge with 
compression struts. If tension ties are used as additional 
elements (Fig. 2) the rotation of the bridge girders can be 
compared to the opening of a rotary clothes dryer.  

 
 
 
 
The examples displayed in Fig. 1 and 2 are suited for valley 
bridges with high piers. The application of the balanced lift 
method for bridges with piers of small height is possible, if 

auxiliary piers are used as is shown in Fig. 3 and 4.  
 The balanced lift method is a new construction method. 
The international patent application procedures are running 
smoothly. The discussions with the examiners are restricted 
to formal issues and national peculiarities in the respective 
patent laws. Patents have been issued for Germany (DE 10 

Figure 1  Balanced lift method for a bridge with 
compression struts 
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Figure 5  Experimental investigations on steel covered 
roller bearings 

 

2006 039 551), USA (US 7,996,944) and Russia (RU 
2436890). The patent application procedures in Japan, 
Europe, Norway, China, India, Australia and Canada are still 
in progress. 
 
2.  DESIGN FORMULAS FOR JOINTS 

 

2.1  Motivation for research 
The lifting, lowering or moving of heavy components 

or even entire structures belongs to today’s state of the art 
and is carried out by specialised companies in this field in 
order to acquire economic advantages in the construction 
process. For example, the lowering of arch halves is a 
technique which has been applied for the erection of arch 
bridges in Japan and Spain in the last decade (Tab. 1). 
Special solutions have to be developed for such applications 
which are characterized by large forces in the structural 
members and rotation of the members against each other in 
the joints. The rotations in the joints between the individual 
structural parts, which occur during the lifting or lowering 
processes of the balanced lift method, are even larger than 
the rotations which occur during the lowering of arch halves. 
A research program was started in order to develop safe and 
economic solutions for the joints in bridges erected 
according to the balanced lift method. 
 
 

 
2.2  Design of joints for compressive forces 
 Steel plate covered roller bearings made of concrete 
were developed for joints subjected to compressive forces. 
These roller bearings were analysed by means of non-linear 
finite element calculations and experimentally tested with 
full-sized specimens (Fig. 5). The rotation of the roller 
bearings could be simulated in the test set-up. In the course 
of the test compressive forces up to 12000 kN were applied 

to the rotating specimens. A formula was developed by 
Gmainer (2011) on the basis of the numerical and 
experimental simulations for the permissible forces F in the 
roller bearings: 
 

= + ⋅537 5 15 2 cmF[ kN ] ( , , t [ mm]) f [ N / mm²] (1) 

 
t …... plate thickness [mm] 
fcm … average uniaxial compressive strength [N/mm²] 
 
 Of the three parameters – radius (0.5 m, 1.0 m, 2.0 m), 
concrete compressive strength (20 N/mm² und 60 N/ mm²) 
and plate thickness (10 mm und 30 mm) – only the concrete 
compressive strength and the plate thickness are used in the 
design formula. Contrary to the well-known formula for the 
Hertz pressure the radius had no influence on the ultimate 
load of the roller bearings because the ultimate load depends 
on the increase of the effective width during the load transfer 
in the steel plate and the triaxial concrete strength behind the 
steel plate. 

 

 
 
 
 
 
 
 
 
 

 
 
 

 

2.3  Design of joints for tensile forces 
 The unrolling of external strand tendons over curved 
concrete saddles was suggested as a suitable solution for the 
transfer of large tensile forces and the concurrent large 
rotations in the joints. The allowed radii of curvature of 
commercially available strand tendons were much too large 
for our special application. Therefore, ultimate load tests on 
curved strand tendons were carried out by Kollegger et al. 
(2012). Test parameters were the radii of curvature (0.5 m, 
1.0 m, 3.0 m and straight tendons), size of strand (100 mm² 
and 150 mm²) and number of strands (1 to 55). The strand 
tendons, shown in Fig. 5, were cast into a concrete block and 
tested to failure. The evaluation of the test results enabled the 
formulation of an analytical model based on the von Mises 
yield criterion for the axial ultimate load Fpm of a curved 
tendon: 

pm
pm p

f
F A

C C²

α= ⋅ ⋅
+ + 1001

 (2) 

 

Table 1  Bridges erected by lowering of arches 
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Figure 6  Experimental investigations on curved strand 
tendons 

Figure 9  Production of prefabricated elements at Austrian 
precaster Oberndorfer 

Figure 8  Bridge structures on the S7 motorway and test 
structure for balanced lift method 

Figure 7  Original design for bridges on the S7 motorway 
with steel-concrete composite bridge girders 

p
i

and C A
R D

β= ⋅ ⋅ ⋅1 1
 (3) 

 
Ap ……... area of tendon 
R……...... radius of curvature 
Di   ……inner diameter of duct 
fpm   …...average tensile strength of strand 
α    …...reduction factor accounting for tendon size 
β................factor for consideration of radial support  

conditions 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
3.  PRATICAL APPLICATIONS OF THE 
BALANCED LIFT METHOD 

 

3.1  First application for road bridges in Austria 
 Austrian highway management company ASFINAG 
has commissioned an alternative design for four bridges on 
the S7 motorway, the Fürstenfelder Schnellstraße in the 
south-east of Austria, using the balanced lift method. This 
alternative design was carried out by a joint venture of 
Kollegger GmbH and Schimetta Consult.  

The motorway bridges were originally intended to be 
built as steel and concrete composite structures, and the 
planned erection method was incremental launching (Fig. 7).  

This option was proposed because the site is protected 
for environmental reasons, and access to the construction 
site is only permitted at the central pier and at the abutments. 
But by changing to post-tensioned concrete bridges erected 
using the balanced lift method, the process is expected to 
cost just 70 % of the estimate for launching the composite 
structures. The S7 bridges will each be built using the 
balanced lift method using two central sections with a length 
of 72 m as shown in Fig. 8. The distance from the endpoint 
of the cantilevers to the abutments will be spanned by means 
of prefabricated beams with the same cross section as the 
balanced lift part. The deck structure will be completed by a 
conventional reinforced concrete deck slab, in the same way 
as a composite bridge. Construction of the bridges is 
scheduled for 2012.  

In September 2010 a bridge structure with a total length 
of 50.4 m was built at the stockyard of Austrian precasting 
company Oberndorfer. The design of the test structure was 
based on a 70 % scale of the design of the S7 bridges.  

To minimise the weight of the bridge parts which are 
moved during the balanced lift process, hollow reinforced 
concrete elements with small element thicknesses were 
prepared. For the 25 m long bridge girders, the side walls 
were 70 mm thick concrete elements like those that are often 
used as slab elements combined with cast in situ concrete for 
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Figure 10  Auxiliary pier and assembly of compression 
struts with the aid of a mobile crane (left) and assembly of 

the second bridge girder (right) 

Figure 11  Lowering of top points of bridge girders with 
the aid of mobile  

buildings (Fig. 9). These elements were assembled on a steel 
form and then connected by a 120 mm thick slab of 
reinforced concrete. The height of the U-shaped sections of 
the 25 m long bridge girder was 1.26 m but the width varied 
from 700 mm to 1.4 m; the larger width was required at the 
point of connection with the compression strut.  

This thin-walled bridge girder with its U-shaped cross 
section would have been too fragile for transport, assembly 
and the lifting process. Therefore, a truss made of 
reinforcing bars was welded to reinforcing elements 
protruding from the precast side wall elements at the top of 
the U-section. The U-section was hence converted to a box 
section which proved very robust in assembling and lifting 
operations. For the installation of tendons, the bridge girders 
were equipped with transverse concrete beams for future 
post-tensioning operations. The assembly of the elements 
and the lifting operation was accomplished by the authors 
and two graduate students within four working days. Two 25 
m long sections of a tower crane, equipped with guide rails, 
served as auxiliary pier. Fig. 10 shows the assembly of the 
compression struts in the vertical position. The bottom ends 
of the compression struts were equipped with 30 mm thick 
steel plates which were positioned quite accurately on 
concrete-filled steel tubes with an outer diameter of 150 mm, 
to provide an inexpensive hinge connection. The lifting of 
the second bridge girder is shown on the right of Fig. 10. 
The lowering operations of the top points of the bridge 
girders with the aid of two mobile cranes are shown in Fig. 
11. The maximum lifting force had been calculated at 270 
kN, which corresponded well with the lifting force measured 
by the cranes. On a real bridge, the compression struts would 
then be filled with cast in situ concrete. In this case, where 
the structure is intended as a demonstration project, only the 
node above the pier was filled with concrete to provide some 
wind resistance. 
 
 

 
 
 
 
 
 
 
 
 
 

 
3.2  Design of a lift bridge for the City of Vienna 

Moveable bridges permit, in horizontal position, the 
crossing of a river or a harbour entrance for pedestrians and 
cyclists. If the bridge is moved into the vertical position, 
ships can pass. 

 For the crossing of the Donauradweg and the entrance 
to the oil harbour Lobau, the municipal authority of the City 
of Vienna commissioned the design of a moveable bridge 
based on the balanced lift method (Kollegger et al. 2011). 
The application of the balanced lift method enabled the 
design of an extremely light bridge superstructure with a 
total length of approx. 100 m and a central span of 66 m. 
Due to the small weight of the moveable structural bridge 
parts the lifting process of the bridge can be carried out by 
filling and emptying moveable water tanks.  
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Figure 12  Visualisation of the opening and closing 
process of a lift bridge designed for the City of Vienna 

Figure 13  Design of a valley bridge according to the 
balanced lift method 

 The visualisation of the lifting process in Fig. 12 shows 
how, by emptying the red cylindrical water tanks, guided on 
the outer sides of the pylons, the bridge girders are moved 
from the vertical into the horizontal position. The opposite 
movement would be carried out by filling the moveable 
water tanks by water stored in water tanks fixed to the top of 
the pylons. Since the closing and opening of the bridge 
would only be necessary two to three times a day, a small 
solar driven pump would be sufficient for filling the water 
tanks at the pylon heads. The functionality of the solar 
driven lifting process could be proved in the summer of 
2011 with the aid of a model with a scale factor of 1:5 in the 
presence of experts and the media. 

4.  POTENTIAL OF THE METHOD 

 

This new bridge construction method consists in 
building the bridge girders in a vertical position and in 
rotating them into the final horizontal position. The spans of 
the bridge girders are reduced by the compression struts, 
thus enabling considerable savings in construction materials. 
The proposed method will be especially advantageous for 
bridges with high piers and span lengths between 50 and 250 
m (Fig. 13).  

The usage of temporary piers enables an economic 
application of the balanced lift method for bridges with piers 
of modest height. 

The following advantages of the balanced lift method 
can be stated: 

- Savings in construction material of 20 % to 30 % 
compared to conventional construction methods 
since the compression struts (or tension ties) reduce 
the span of the bridge girders 
 

- Faster construction of the bridge girders which 
results in a shorter construction time and reduced 
costs 

- Favourable seismic behavior due to reduced mass 
of bridge girders  
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Abstract:  Reinforced concrete (RC) compression members with large section aspect ratios are often found in buildings 
and bridges.  The confinement of such members using transverse fiber-reinforced polymer (FRP) sheets is known to be 
of minimal effect, particularly in the case of rectangular columns with section aspect ratio more than 2.  To increase both 
the axial load capacity and deformation ductility, it would be necessary to re-profile the column shape before installation 
of FRP reinforcement.  This paper reports an experimental program on nine RC columns with original section aspect 
ratios between 3 and 4, re-profiled as elliptical, elliptical-rectangular and capsule shapes and strengthened with glass or 
carbon FRP systems.  The columns had approximately 2% longitudinal steel bars and nominal transverse links placed 
within the original rectangular section, with a concrete strength of about 16 to 20 MPa.  They were axially loaded to 
failure.  Test results indicated that the normalized axial strength increased with a more rounded cross-section, lower 
section aspect ratio and a higher amount of FRP reinforcement.  On the other hand, the deformation ductility appeared to 
increase with the amount of transverse FRP reinforcement and decreased with the section aspect ratio only. 

 
 
1.  INTRODUCTION 
 

In reinforced concrete (RC) buildings, columns often 
have a rectangular cross-section with a large aspect ratio.  
Similarly, bridge piers usually have an elongated 
cross-section with round ends to facilitate hydraulic flow of 
the water body.  To withstand seismic actions, such 
compression members must not only provide the necessary 
load resistance, but also sufficient deformation ductility.   

Fiber-reinforced polymer (FRP) systems have been 
widely used to retrofit RC members due to the high specific 
strength and non-corrosive nature of the material, and more 
importantly to the fast speed in application.   In particular, 
they have been used as external confinement reinforcement 
for RC compression members.  However, the confinement 
effect of transverse FRP sheets in RC compression members 
with section aspect ratio more than 2 is known to be minimal 
(ACI Committee 440 2008). 

To increase both the axial load capacity and 
deformation ductility, it would be necessary to re-profile the 
column shape before installation of FRP reinforcement. 
Section re-profiling by removing the sharp corners and 
decreasing the aspect ratio, defined as the ratio of the larger 
to the smaller cross-section dimensions, is expected to lead 
to better confinement effect. 

In this study, a test program was carried out on nine RC 
columns with original section aspect ratios between 3 and 4, 
re-profiled as elliptical, elliptical-rectangular and capsule 
shapes and strengthened with FRP systems.  The influence 
of section shape and amount of FRP reinforcement on the 
peak axial stress and deformation ductility was examined.  

2.  TEST PROGRAM 
 
2.1  Test Specimens and Materials 

The specimens were selected from previous studies 
(Iskandar 2001, Bhowmik 2012) and are shown in Fig. 1.  
Group 1 consisted of five columns, R0, R1, R2, R3 and R4.  
Each specimen measured 1.2 m in height and was reinforced 
with twelve 16-mm diameter deformed longitudinal bars 
having an average yield strength of 534 MPa, with 7-mm 
diameter smooth bars having an average yield strength of 
561 MPa as transverse links.  The vertical spacing of the 
transverse links was 150 mm for the middle 1-m height and 
100 mm for the end regions.  The reinforcement cage was 
placed in the middle of the cross-section in all specimens. 

Specimen R0 had a rectangular cross-section measuring 
700 mm by 190 mm, with a corresponding aspect ratio of 
3.63 and longitudinal steel ratio of 1.79%, and was not 
bonded with FRP system.  Specimen R1 was identical to 
R0 in geometrical properties except that it was bonded 
externally with two plies of transverse glass fiber sheets, the 
properties of which according to the manufacturers are 
shown in Table 1.  Specimens R2 and R3 had an 
elliptical-rectangular cross-section while R4 had an elliptical 
cross-section, all following the contour of R0 for the curved 
edges and strengthened with two plies of glass fiber sheets.   

Group 2 consisted of four specimens, each with a 
capsule-shaped (that is, circular-rectangular) section as 
shown in Fig. 1(b).  The specimens were designated RCxy, 
where x denotes the section aspect ratio and y the number of 
plies of externally bonded, transverse carbon fiber sheets, the 
properties of which are given in Table 1. 
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 Glass fiber Carbon fiber 
Fiber weight (g/m2) 900 300 
Fiber thickness (mm) 0.353 0.176 
Tensile strength (MPa) 1728 3800 
Tensile modulus (GPa) 87.8 240 
Elongation at rupture (%) 2.0 1.55 

All Group 2 specimens had a height equaled to twice 
the larger cross-section dimension.  They had 10-mm 
diameter deformed bars having average yield strength of 528 
MPa as internal longitudinal reinforcement, with the steel 
ratio being 2.36% and 2.10% (based on the original 
rectangular cross-section areas of 300 mm x 100 mm and 
400 mm x 100 mm) for columns with section aspect ratio of 
3 and 4, respectively.  The internal transverse 
reinforcement consisted of 6-mm diameter links with 
average yield strength of 245 MPa, placed at a spacing of 
100 mm.  Minimum cover to all reinforcement was 15 mm. 

 
2.2  Test Instrumentation and Procedure 

Strain gauges were installed on the internal longitudinal 
steel bars so as to determine the first yield load.  They were 
also placed on the surface of the specimens in both the 
longitudinal and transverse directions at mid-height of the 
specimens.  The specimens were loaded monotonically to 
failure under a concentric axial load, applied over the whole 
cross-section of the specimen.  The loading rate was 0.2 
mm/min.  Shortening of specimen under load was 
monitored using linear variable displacement transducers. 

 
3.  TEST RESULTS AND DISCUSSION 
 
3.1  Failure Characteristics 

All Group 1 specimens failed at sections near the 
mid-height, typically shown in Fig. 2.  Spalling of cover 
concrete was seen in Specimen R0 near the maximum load.  
Debonding of fiber sheets were observed in Specimens R1, 
R2 and R3, particularly on the flat faces.  Specimen R4 
exhibited the least area of FRP debonding, with the fibre 
sheet rupturing instead. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

R0
R2

R3
R4 

Figure 1  Test Specimens (All dimensions in mm) 

Table 1  Properties of FRP sheets 

Figure 2  Group 1 Specimens after Tests 
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Among Group 2 specimens, RC31 and RC32 failed 
with FRP debonding at mid-height, followed by FRP rupture 
and concrete crushing, as shown in Fig. 3.  For Specimens 
RC41 and RC421, these occurred at the top of the specimen.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
3.2  Ultimate Load and Deformation Characteristics 

The concrete cylinder compressive strength, fc’, at time 
of testing was around 16 MPa for Group 1 specimens and 20 
MPa for Group 2 specimens, as summarized in Table 2.   
 
 
 

Speci-
men 

h/b fc' 
(MPa) 

Pu 
(kN) 

(Pu – As fy) / 
(0.85fc’Ac) 

u / y 

R0 3.68 14.2 3006 1.074 3.46* 
R1 3.68 16.9 3448 1.134 3.23* 
R2 4.63 14.7 3640 1.242 8.32* 
R3 2.12 17.8 4801 1.279 >3.00 
R4 2.67 14.4 4750 1.358 6.98 

RC31 3.00 23.1 874 1.143 1.85 
RC32 3.00 24.2 1021 1.348 4.30 
RC41 4.00 17.5 930 1.062 1.82^* 
RC42 4.00 22.2 1230 1.257 1.60^ 

Note: h = larger cross-section dimension; b = smaller cross-section 
dimension; h/b = section aspect ratio; fc’ = cylinder compressive 
strength of concrete; Pu = ultimate (maximum) load; As = area of 
internal longitudinal steel reinforcement; fy = yield strength of 
longitudinal steel reinforcement; Ac = area of cross-section; y = 
axial deformation at first yield of longitudinal steel reinforcement 
or at Pu, whichever occurs first; u = axial deformation at 0.8Pu 
or ultimate failure, whichever occurs first. 

^ y occurred at Pu;  * u occurred at P = 0.8Pu. 

The ultimate (maximum) axial load capacity increased 
with more rounded and stocky sections, from Specimens R0 
through R4 in Group 1, partly due to an enlarged 
cross-section and partly due to better confinement effect, as 
shown later. It was found to increase with the amount of 
FRP reinforcement in Group 2.   

The load-deformation and load-strain relations are 
shown in Figs. 4 and 5, respectively, for Group 1 and 2 
specimens. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 4  Group 1 Specimens: (a) Axial Deformation,   
(b) Longitudinal Steel Strains, (c) Transverse FRP Strains 

(a) 

(b) 

(c) 

RC31 RC32 

RC41 RC42 

Table 2  Test Results 

Figure 3  Group 2 Specimens after Tests 
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1. Group 1 Specimens: For all specimens, the average 
axial deformation (based on readings from transducers 
placed in front and at the back of specimen) increased with 
the applied load at almost the same rate up to 1000 kN, as 
shown in Fig. 4(a).  Thereafter, the larger the cross-section 
and hence axial stiffness, the smaller was the axial 
deformation, and the higher was the axial load capacity.  
Specimens R2 and R4 exhibited good ductility at failure.   

 Specimen R3 did not exhibited good deformation 
ductility, probably due to faulty transducer readings as the 
load-strain relations in Figs. 4(b) and (c) show otherwise. 
  Fig. 4(b) shows that the longitudinal steel 
reinforcement yielded (at 0.267% strain) before the 
maximum load was reached in each specimen.  Fig. 4(c) 
shows that the transverse FRP strains reduced from R0 to R4, 
for a given load level.   
 The figure also shows that the average transverse FRP 
strains were in the order of 0.2% in R0, R1 and R2 with 
section aspect ratios of 3.68 and 4.63, and about 0.4% in the 
case of R3 and R4, which had section aspect ratios of 2.12 
and 2.67, indicating the significant effect of section aspect 
ratio. 
  
2. Group 2 Specimens: Fig. 5(a) shows that a higher 
amount of transverse FRP reinforcement led to higher axial 
load capacity (that is, RC32 versus RC31, and RC42 versus 
RC41).  The column stiffness was not much affected while 
the post-peak deformation capacity was increased, especially 
in the case of RC32 compared with RC31.  The 
longitudinal reinforcing bars were found to yield before the 
peak load was reached in RC31 and RC32, but not in RC41 
and RC42. 
   Figs. 5(b) and (c) show that with one ply of carbon 
fiber sheet, the transverse FRP strains were about 0.1% 
(RC31 and RC41).  With two plies of fiber sheet, the 
transverse FRP strains were about 0.3% for RC32 and 0.2% 
for RC42.  The results are consistent with those Group 1 
specimens which were bonded with two plies of glass fiber 
sheets (see next section). 
 
3.3  Peak Axial Stress and Deformation Ductility  

The peak axial stress is defined as (Pu – Asfy) / (0.85Ac), 
where Pu = ultimate (maximum) load; As = area of internal 
longitudinal steel reinforcement; fy = yield strength of steel 
reinforcement; and Ac = area of cross-section.  Dividing the 
peak axial stress by the concrete cylinder strength fc’ gives 
the normalized axial strength, which measures the 
confinement effect of the bonded transverse FRP system. 

The deformation ductility index, u/y, is defined as the 
ratio of the axial deformation at a post-peak load of 0.8Pu or 
at ultimate failure, whichever occurs first, to that at first yield 
of longitudinal steel reinforcement or at Pu, whichever 
occurs first.  The normalized axial strength and 
deformation ductility index are indicated in Table 2.  

 
1. Normalized Axial Strength: Fig. 6(a) shows that the 
normalized axial strength increased from R0 to R4.  The 
increase in axial load capacity due to FRP reinforcement was 
36% for a re-profiled elliptical section (R4) compared to 
13% for the non-profiled rectangular section (R1).  Thus, a 
more rounded re-profiled section led to higher confined 
concrete strength. 
 The normalized axial strength was also found to 
increase with a higher amount of FRP reinforcement, as 
shown in Fig. 6(b).  However, it decreased with a higher 
section aspect ratio. 

(a) 

(b) 

(c) 

Figure 5  Group 2 Specimens: (a) Axial Deformation; and
FRP Strains in (a) RC31 and RC32, (b) RC41 and RC42 
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2. Deformation Ductility: The deformation ductility 
indexes obtained from the load-deformation curves (as 
indicated in Table 2) do not show any clear relation with the 
section shape, partly because of faulty transducer readings as 
mentioned earlier.  However, they appear to increase with 
FRP amount and decrease with larger section aspect ratio.   
 
3. Transverse FRP Strains: The strain in the transverse 
fiber sheets gives an indication of the lateral confining 
pressure and is an important parameter in determining the 
confinement effect.  Fig. 7 shows the average transverse 
FRP strains at ultimate (maximum) load for specimens with 
two plies of fiber sheets, that is, R1, R2, R3, R4, RC32 and 
RC42.  The transverse FRP strain, fs, decreases linearly 
with the section aspect ratio, and is given by: 
 

         bhfs /0979.05996.0(%)            
(1) 

 
where h/b is the section aspect ratio, and which may be 
approximated by: 

           bhfs /1.06.0(%)                
(2) 

 
That is, the transverse FRP strain decreases from a value of 
0.4% [as specified by ACI Committee 440 (2008)] for a 
section aspect ratio of 2, to a value of 0.1% for a section 
aspect ratio of 5.  

 

 

 

 

 

 

 

 

 

 

 
 

 
4.  CONCLUSIONS 
 

Tests were carried out on rectangular RC columns 
re-profiled as elliptical-rectangular, elliptical and 
capsule-shaped cross-sections. Results indicated that the 
axial load capacity increased not only because of an enlarged 
cross-section, but also because of a better confinement effect 
in a more rounded cross-section.  The deformation capacity 
did not show a distinct relation with the cross-section shape, 
but appeared to decrease with high cross-section aspect ratio, 
defined as the ratio of the larger to the smaller cross-section 
dimensions. The transverse FRP strains at ultimate load were 
found to decrease from 0.4% for a section aspect ratio of 2 to 
0.1% for an aspect ratio of 5.  
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Figure 6  Normalized Axial strength 

Figure 7  Transverse FRP Strain at Ultimate Load for 
Specimens with 2 Plies of Fiber Sheets 
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Abstract:  In many reinforced concrete (RC) structures built in USA in the 1970’s and earlier, lap splices in column 
longitudinal reinforcement were based on compression loads only. The length of those splices and the amount of 
transverse reinforcement are inadequate if the lap splices are subjected to tension or if deformation capacity is needed 
during an earthquake event. Confining RC columns using carbon fiber reinforced polymer (CFRP) may provide a 
solution for improving lap splice behavior. The purpose of the paper will be to present a method for rehabilitation of 
poorly detailed lap splices using FRP jackets and anchors. The performance of FRP strengthened columns will be 
compared with the procedures in ASCE 41-06, Seismic Rehabilitation of Existing Buildings, a USA national consensus 
standard based on performance-based seismic rehabilitation methodology.   

 
 
1.  INTRODUCTION 
 

In many RC structures built in the 1970’s and earlier in 
USA, lap splices in column longitudinal reinforcement were 
based on compression loads only. The length of those splices 
and the amount of transverse reinforcement are inadequate if 
the lap splices are subjected to seismic loading or if 
deformation capacity is needed. 

In seismic loading, the performance of the structure 
may be unsatisfactory. Jacketing of RC columns using CFRP 
may provide a solution for improving lap splice behavior. 

However, CFRP jacketing of rectangular columns is not 
as efficient as it is for circular columns because CFRP 
jackets can not confine a rectangular section as effectively as 
a circular section. Except for lap splices located at the 
corners of a rectangular column, splitting caused during load 
transfer by lap splices of bars away from the corner will not 
be restrained by the CFRP jacketing.  However, the 
effectiveness of CFRP jacketing in rectangular columns 
could be improved using CFRP anchors. A CFRP anchor 
consists of a roll of CFRP sheet inserted into the concrete 
and splayed out over the CFRP jacket in a fan shape.  The 
CFRP anchors cross the potential splitting plane involving 
multiple bars and help facilitate load transfer for the column 
bars lapped away from a corner. 

The purpose of this paper is to present experimental 
results of columns with the lap splice region strengthened 
using CFRP jackets and anchors. Three rectangular (460 mm 
x 910 mm) columns were fabricated and strengthened by 
CFRP anchors with or without CFRP jackets. Column 1 was 
tested as-built under monotonic loading, and Column 2 and 

3 were tested after strengthening with CFRP under cyclic 
loading.    

 Based on the test results, modeling parameters and 
acceptance criteria consistent with  the nonlinear procedure 
of ASCE 41-06, Seismic Rehabilitation of Existing Building. 
 
2.  EXPERIMENTAL INVESTIGATION 
 
2.1  Test Specimens 

The geometry and dimensions of the test specimens are 
provided in Figure 1. The longitudinal bars in the column 
and the bars from the footing were lap spliced above the 
construction joint between the column and the footing. All 
the spliced longitudinal bars were #8 (25 mm diameter) and 
the length of the lap splices was 610 mm. In the lap spliced 
region, transverse reinforcement was provided by #3 (10 
mm diameter) bars at 405 mm spacing with the first tie at 
100 mm from the footing.  Design of columns was based 
on provisions of the ACI 318-63 which required 24db (db, 
bar diameter) minimum tension lap splice length. The 
current ACI 318-08 requires around 47db for the Class A 
splice of Grade 60 (414 MPa, tensile yield strength) #8 bars 
in the 27.6 MPa concrete.  
 
2.2  Material 

The jackets and anchors were fabricated using the same 
CFRP material. The CFRP material was unidirectional and 
had no tensile capacity transverse to the carbon fibers. The 
nominal material properties as reported by the manufacturer 
are as follows:  Ultimate tensile strength: 986 MPa; 
Ultimate rupture strain: 0.01; Tensile modulus: 95,800 MPa; 
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Laminate thickness: 1 mm. The measured properties of this 
CFRP material were consistent with the specified properties 
obtained from the manufacturer.  

Design compressive strength of concrete was 27.6 MPa. 
The measured compressive strengths of concrete on the day 
of the test were 31.7 MPa (Column 1) and 38.6 MPa 
(Column 2 and 3).   

Grade 60 (414 MPa, tensile yield strength) 
reinforcement was used for the longitudinal (#8, [25 mm]) 
and transverse (#3, [10 mm]) reinforcement.  The measured 
tensile yield strength of longitudinal reinforcement was 434 
MPa and that of transverse reinforcement was between 455 
MPa and 510 MPa.  
 

 

 
2.3 Test setup and instrumentation 
 The test setup and loading configuration are shown in 
Figure 2. The footing was fixed to a strong floor by threaded 
rods and lateral load was applied to the column at 2740 mm 

from the top of the footing. The lateral load was applied 
using a 665 kN hydraulic actuator with 305 mm stroke.  
The load was measured using a 445 kN load cell.  
Displacement at the load point was measured using two 
linear string transducers and was used in calculating the drift 
ratio of the column under the lateral loading. Drift ratio 
corresponds to measured displacement using these 
transducers divided by the height of the loading location 
from the top of the footing (2740 mm). Footing 
displacement was insignificant so no adjustment was 
necessary for the lateral displacement. The measured 
displacement at the tip of the column was used as the lateral 
displacement of the column. 
 

 

 
2.4 Loading Program 
 The loading history suggested by Krawinkler (1996) 
was selected for the cyclic loading test.  Because a pilot 
specimen (Column 1) was tested under monotonic loading, 
the yield displacement was obtained before the cyclic 
loading test. The yield displacement was 33 mm and 
corresponded to a drift ratio of 1.2 %. The amplitude of 
cyclic loading was based on the yield displacement. The 
amplitude of displacement in the first 3 cycles was 50 % of 
the yield displacement and in the second 3 cycles was 75 % 
of the yield displacement. The amplitude of displacement in 
the third 3 cycles was the same as the yield displacement.  
After the yield displacement was reached, the incremental 
increase in displacement was equal to the yield displacement. 
Deflections increased up to the stroke limit of the hydraulic 
actuator.  
 
2.5 Rehabilitation methods 
 Different rehabilitation methods were used on the east 
and west face of a column to evaluate more variables of the 
rehabilitation methods with CFRP. 
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Figure 1  Geometry and dimensions for test specimens 
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Figure 2  Test setup 
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CFRP Jacket   
Column 1: No CFRP jackets were applied to Column 1.  
 
Column 2: The CFRP jackets for Column 2 is shown in 
Figure 3. One layer of CFRP was used to confine the lap 
spliced region (Two 305 mm wide CFRP sheets were used). 
The CFRP sheet was overlapped by 130 mm on one side 
face of column after wrapping (Fully wrapped CFRP jacket).  
 
Column 3: It was assumed that 305 mm wide walls existed 
on the north and south face. The walls were even with the 
west face of the column. Therefore, the CFRP jackets could 
not be wrapped around the column. One layer of CFRP 
covered the east face and 150 mm of the north and south 
face up to the wall. The short sides of the jacket were 
anchored by four CFRP anchors (Partial CFRP jacket). On 
the west face, one layer of CFRP was applied to the face 
before applying the anchors to provide a more uniform 
distribution of confining force from the anchors but this 
sheet by itself did not provide any confinement to the splices. 
Figure 4 shows the jacket details. 
 
 The concrete surface of a column where CFRP jackets 
were applied was ground to remove cement paste. The 
corners of all the test columns were also rounded to a 50 mm 
radius to make a smooth transition of CFRP around a corner. 
 

Table 1  Rehabilitation methods 
 

CFRP anchor 

Specimen Test Condition 
CFRP 
jacket 

No. of 
CFRP 

anchors, 
(A) 

Diameter 
of  

anchor 
hole,  
mm 

Width of 
CFRP in 

an anchor,
mm 
(B) 

Total width
of CFRP 
anchors, 

mm 
(AxB) 

Column 1 
(fc’ = 32 MPa) 

As-built 
(Monotonic loading) 

     

West 
Fully 

wrapped 
8 19  180 1440  

Column 2 
(fc’ = 39 MPa) 

Strengthening 
(Cyclic loading) 

East 
Fully 

wrapped 
16 13 90 1440  

West None 20 16 130 2600  
Column 3 

(fc’ = 39 MPa) 
Strengthening  

(Cyclic loading) 
East Partial 16 13 90  1440  

 
CFRP anchor 
  A CFRP anchor (shown in Figure 3) consists of a roll 
of CFRP, which was fabricated by cutting a specified width 
of a CFRP sheet and inserting it into a 230 mm deep hole 
drilled into the concrete .The CFRP protruding from the hole 
was splayed out over the CFRP jackets. The anchors were 
installed on at least one side of every lap spliced longitudinal 
bar except for the corner bars. A summary of CFRP anchor 
application in the test columns is shown in Table 1 and the 
geometry of CFRP anchors in the tested columns is shown in 
Figures 3 and 4. 
No anchors were applied to Column 1. For Column 2, the 
total width of material in the CFRP anchors in both sides of 
column was the same. However, 16 anchors were applied to 
the east face while 8 anchors were applied to the west face.  
The width of CFRP sheet in each anchor in the west side 
was twice that in the east side. The geometry of CFRP 
anchors on the east face of Column 3 was identical to that of 

Column 2. However, 20 CFRP anchors were applied to the 
west face of Column 3 since there was no confinement 
provided by wrapping a sheet around a corner. 
 
 

 

 
2.6 Test results 
 Different rehabilitation methods were used on the east 
and west face of a column to evaluate more variables of the 
rehabilitation methods with CFRP. 
 
Figure 5 and 6 show drift ratio vs normalized load responses.  
The lateral load applied to the test columns was normalized 
using the computed nominal strength (250 kN) of the 
column.  The nominal strength was calculated using the 
design strength of the concrete and reinforcement. Column 1 
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Figure 3 Rehabilitation method, Column 2 

Figure 4  Rehabilitation method, Column 3 
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was tested as-built under monotonic loading to determine the 
strength of the test specimen without strengthening. The 
response of Column 1 is plotted with the cyclic responses of 
Column 2 and 3 in Figure 5 and 6. 
 
 

 

 
 A summary of the column test results is shown in Table 
2. In Column 1, a brittle splice failure occurred before the 
nominal strength of the column was reached. A sudden drop 
in strength was observed at a drift ratio of 1.1% and the 
measured peak strength did not reach the nominal strength 
of the column. However, the failure mode of the columns 
after strengthening was yielding of tension reinforcement. 
Significant improvement of strength and deformation 
capacity under cyclic loading was observed on the east (16 
anchors, fully wrapped jackets) and west (8 anchors, fully 
wrapped jackets) faces of Column 2 after strengthening with 
CFRP. The strength increased by 42 % for the east face and 
by 41 % for the west face after strengthening compared with 
the as-built strength of Column 1. The drift ratio 
corresponding to the peak strength of Column 2 was 3.6 % 
on the east face and 2.4 % on the west face.  Improvement 
of strength and deformation capacity was also observed on 
the east (16 anchors, partial jackets) and west (20 anchors, 
no jackets) faces of Column 3 after strengthening with 
CFRP under cyclic loading. The strength increased by 42 % 

for the east face and by 44 % for the west face after 
strengthening compared with the as-built strength of Column 
1. The drift ratio corresponding to the peak strength of 
Column 3 was 3.6 % for the east face and 2.4 % for the west 
face.   

 
Table 2  Summary of test results 

 

Specimen Test Condition 
CFRP 
jacket 

No. of 
anchors 

Measured 
peak 

strength, 
P/Pn 

Drift at 
measured 

peak 
strength 

Peak 
Drift 

Column 1 As-built   0.96*  1.1 %  

West 
Fully 

wrapped 
8 1.35 2.4 % 

3.3 % 
at yield 

load 
Column 2 Strengthening

East 
Fully 

wrapped 
16 1.36 3.6 % 

4.8 % 
at yield 

load 

West None 20 1.38  2.4 % 
3.6 % 

at yield 
load 

Column 3 Strengthening

East Partial 16 1.36  3.6 % 
3.6 % 

at yield 
load 

*splice failure 

 
3.  APPLICATION OF THE TEST RESULTS TO 
ASCE 41 PROCEDURE  
 
3.1  Introduction to ASCE 41 Procedure 

ASCE 41-06, Seismic Rehabilitation of Existing 
Buildings, and its supplement 1 have been widely used in 
the USA for analysis and rehabilitation design of existing 
buildings in which poor performance is expected during 
major earthquakes. The documents provide guidelines for 
mathematical modeling and performance evaluation of 
existing and new structural components.  

In the ASCE 41-06 nonlinear procedure, a cyclic 
backbone curve is used to simulate nonlinear behavior of 
structural components (Figure 7). A backbone curve 
provides, in a simplified manner, the key nonlinear behavior 
characteristics of a structural component such as strain 
hardening, strength degradation and residual strength. To 
construct backbone curves of different structural concrete 
components, ASCE 41-06, Chapter 6 provides modeling 
parameters (MPs) based on the expected deformation 
capacity beyond yield of a structural concrete component (a, 
b and c in Figure 7). A sample of the parameters is shown in 
Table 3. Based on loading, strength and detailing conditions 
of a structural component, different MP values are provided 
in the table. Deformations associated with various 
performance states that are listed as acceptance criteria (AC) 
are also provided in these tables, and include maximum 
deformations to satisfy Immediate Occupancy (IO), Life 
Safety (LS) or Collapse Prevention (CP) of a building. A 
typical existing concrete member resisting seismic loads, 
such as a beam, column, shear wall or coupling beam, has a 
corresponding table of MPs and AC values. This table also 
reflects nonlinear behavior characteristics of concrete 
components designed using current ACI 318 building code 
provisions.  

Figure 5 Drift ratio vs normalized load, Column 2 

Figure 6  Drift ratio vs normalized load, Column 3 

-1.5

-1.0

-0.5

0.0

0.5

1.0

1.5

-6.0% -4.0% -2.0% 0.0% 2.0% 4.0% 6.0%

Drift ratio %

P/Pn

Pn=250 kN 
West, 8 anchors 

East, 16 anchors 

Splice failure, Column 1 

-1.5

-1.0

-0.5

0.0

0.5

1.0

1.5

-6.0% -4.0% -2.0% 0.0% 2.0% 4.0% 6.0%

Drift ratio %

P/Pn

Pn=250 kN 

East, 16 anchors 

West, 20 anchors

Splice failure, Column 1

- 738 -



 

 
 

 
3.2  Development of Modeling Parameters for 
Strengthened Columns 

Cyclic backbone curves were obtained from the test 
results of the strengthened columns. Values of MPs and the 
AC were selected based on the procedures in ASCE 41-06 
Section 2.8. Figure 8, 9 and 10 illustrate the procedure to 
determine MPs and AC from existing cyclic test results.  

Envelopes were based on the cyclic force-deformation 
curves as shown in Figure 8. Two envelopes were obtained 
from each cyclic column test. The force-deformation curve 
of the companion as-built column (Column 1) without 
rehabilitation is also shown in Figure 9 for reference. Each 
envelope from the strengthened columns was approximated 
by a series of linear segments and normalized by the 
calculated yield strength, Py, based on the measured strength 
of the concrete and steel reinforcement. The initial (elastic) 
stiffness of the normalized curve was selected based on the 
recommendations in ASCE 41. MPs and AC were selected 
as shown in Figure 10 for the strengthened columns using 
techniques consistent with ASCE 41-06 Section 2.8.8. 
Different AC are required to be generated if the component 
is classified as either a primary or secondary component. A 
primary component is a structural component that is required 
to resist seismic forces in order for a structure to achieve the 
selected performance level while a secondary component is 
not required to resist seismic forces. In Figure 10, AC for 
primary components are marked on the backbone curves 
assuming that the test columns would be part of the primary 
system resisting earthquake loads. The MP and AC values of 
the test columns are summarized in Table 4. 
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A

B
(Yield Point)

C
(Peak Strength)

D
(Residual strength)

E
(Peak deformation)

a
b a, b & c: Modeling Parameters

c

a
b a, b & c: Modeling Parameters

aa
bb a, b & c: Modeling Parameters

cc

IO, LS & CP: Acceptance Criteria
 IO: Immediate Occupancy
 LS: Life Safety
 CP: Collapse Prevention

IO LS CP IO, LS & CP: Acceptance Criteria
 IO: Immediate Occupancy
 LS: Life Safety
 CP: Collapse Prevention

IO LS CP

Table 3 Example of ASCE 41-06 Modeling Parameters 
and Acceptance Criteria Table 

Column 2 

Figure 8  Envelope of Cyclic Response 

West, 8 anchors 

East, 16 anchors 

East, 16 anchors 

West, 20 anchors

Column 3 

Column 2 

Figure 9  Approximation of Cyclic Envelope 

Column 3 

Py 

Py 

-1.5

-1.0

-0.5

0.0

0.5

1.0

1.5

-6.0% -4.0% -2.0% 0.0% 2.0% 4.0% 6.0%

Drift ratio %

P/Pn

0.00

0.25

0.50

0.75

1.00

1.25

1.50

0.0% 1.0% 2.0% 3.0% 4.0% 5.0% 6.0%

Drift ratio %

P/Pn
Column 1
Column 3-West , no jacket and 20 anchors
Column 3-West, Linearized
Column 3-East , partial jacket and 16 anchors
Column 3-East, Linearized

- 739 -



 

 

 
 

Table 4  MP and AC Values from the Test Results 
 

Modeling parameters 
Acceptance criteria for primary 

component, drift ratio 
Specimen 

a,  
drift ratio 

b,  
drift ratio 

c *IO LS CP 

Column 2, West 2.1 % 3.1 % 0.28 1.1 % 2.5 % 3.3 % 

Column 2, East 3.6 % 3.7 % 0.27 1.1 % 3.6 % 3.7 % 

Column 3, West 2.5 % 2.8 % 0.26 1.1 % 2.7 % 3.0 % 

Column 3, East 2.4 % 3.7 % 0.21 1.1 % 2.7 % 3.6 % 

** ASCE 41-06, 
Inadequate splicing 

0.0 % 1.2 % 0.22 0.0 % 0.0 % 0.0 % 

*IO corresponds to the deformation at which permanent damage occurred. 

** Based on steel reinforcement ratio confining the lap splice region. 

 
4.  CONCLUSIONS  
 

Rectangular column specimens were designed based 
on provisions of ACI 318-63 and tested as-built or after 
rehabilitation. A brittle splice failure occurred in the as-built 
columns. However, after rehabilitating the columns using 
CFRP jackets and anchors, the failure mode changed from a 
brittle splice failure to yield of column reinforcement and the 
strength and deformation capacity were improved under 
cyclic loading. Findings from the column splice tests can be 
summarized as follows: 

 

1. Strength and deformation capacity improved 
more when the column was strengthened by a combination 
of CFRP jackets and anchors than when strengthened by 
CFRP anchors with a CFRP face sheet. 

2. A decrease in the number of CFRP anchors did 
not reduce the strength of the splice if the width of CFRP (i.e. 
quantity) material used in the anchors was maintained. 
However, the deformation capacity was improved by using a 
greater number of anchors. 

3. The rehabilitation method using partial CFRP 
jackets or a CFRP sheet on one face can be applied to a 
column with walls. Such rehabilitation improved the 
deformation capacity less than when using fully wrapped 
CFRP jackets. However, the same improvement in the 
strength was achieved using partial jackets.  

4. The MP and AC values improved significantly 
compared with the recommended values in ASCE 41 for 
columns with inadequate splices.  
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Abstract:  Cyclic loading during an earthquake affects on the bond behavior between reinforcing bar and concrete. The 
final goal of this study is to investigate the effect of corrosion on the bond behavior between reinforcing bar and concrete 
subject to cyclic loading. First, accelerated corrosion tests were carried out for the reinforced concrete specimens and 
positive and negative cycle loading tests were performed for all the specimens. The results of loading tests indicate that 
the maximum bond stress of corroded specimens around corrosion less than 2% is higher than that of non-corroded 
specimens, and the specimens without corrosion cracks show small influence due to the corrosion under cyclic loading. 

 
 
1.  INTRODUCTION 
 

An appropriate maintenance management system has 
been required with the deteriorated of existing reinforced 
concrete (RC) structures. For the rational operation in the 
maintenance of the structures, it is required to evaluate the 
residual mechanical performance of the deteriorated structures 
appropriately. In the analysis for these structures, not only the 
material deterioration itself but also the interaction between 
concrete and steel reinforcing bar should be considered. In this 
point of view, the bond property is very important. One of the 
problems in the bond property of RC structures is corrosion of 
reinforcing bar. The bond stress due to the significant 
expansion pressure by the corrosion products decreases when 
the steel corrosion occurs in the RC structures (Fang, 2006). 
Herein, the bond property between the reinforcing bar and 
concrete is greatly affected by cyclic loading during an 
earthquake (Morita and Kaku, 1975). The final goal of this 
research framework is to comprehend the bond property 
between reinforcing bar corrosion and concrete under 
cyclic loading experimentally. 
 
 
2.  TEST PROGRAMS 
 
2.1  Specimens 

The schematic diagram of the specimen is shown 
in Figure 1 and the specified mix of concrete used is 
shown in Table 1. The size of the specimen is a cube of 
150 × 150 × 150 mm, and the D16 reinforcing bar is 
arranged at the center of the square section. The test program 
consisted in a total number of 16 RC specimens. To avoid 

the disorder of bond condition on the concrete edge, the 
bond in 55mm from the concrete edge side was removed by 
wrapping the vinyl tape around the reinforcing bar. The 
measurement area was in the range of 40 mm at the center. 
Only this area was located at the corrosion area of the 
corrosion specimen. In this study, a concrete with a designed 
compressive strength of 30 N/mm2 was obtained. Maximum 
size of coarse aggregate was 20 mm. Early-strength Portland 
cement was used with an air entraining agent (Pozzolith 
No.70) in the concrete mixes.  

The experimental case is shown in Table 2. The 
experimental parameters were the degree of corrosion and 
the level of cyclic. In the degree of corrosion of the 
corrosion specimen, the ratio of cross-sectional loss of 
reinforcing bar was the range 0% (un-corroded specimen) 
and between 0.4% and 9.7%. The level of cyclic was 
subjected to three types of once, three and ten times. Still, 
the way of loading is explained later. 

 
 
 

 

 (a) Section view (b) Side View in the  
middle section 

Figure 1  Schematic Diagram of The Specimens: 
all dimensions in mm 
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Gmax 
(mm) 

W/C 
(%) 

s/a 
(%) 

kg/m3 ml/m3

W C S G AE 
20 64.9 48 179 278 884 945 552 

 
Table 2  Experimental Case 

Specimens ID Corrosion (%) Number of cycle
No.1~No.3 

0 
1

No.4~No.7 3
No.8 10
No.9 0.4 

3 No.10 1.5 
No.11 1.8 
No.12 3.8 
No.13 0.2 

10 No.14 0.4 
No.15 1.5 
No.16 9.7 

 
2.2  Accelerated Corrosion Tests 
    In this study, accelerated corrosion tests were 
performed to corrode the reinforcing bar of the corroded 
specimen within a short time. The schematic diagram of the 
electrolytic corrosion test is shown Figure 2. To corrode only 
the bonded area, the reinforcing bar on concrete inside was 
covered with vinyl tape excluding 40 mm of the center in the 
measurement area and the reinforcing bar point under the 
specimen was applied by epoxy resin. The specimen was 
soaked in electrolytic solution (5% sodium chloride, NaCl 
by the weight of water). The reinforcing bar was set as an 
anode and the stainless plate was as a cathode. Then the 
amount of corrosion was managed by weld time. 
    After loading tests, reinforcing bar was taken from the 
demolished RC specimens. To remove the corrosion product 
on the reinforcing bar, the reinforcing bars were immersed in 
the 10% solution of diammonium hydrogen citrate at room 
temperature for 1 day. After removing the corrosion products, 
reinforces were divided into samples with the length of 
40mm. Then the ratio of cross-sectional loss of reinforcing 
bar due to corrosion is defined as a ratio of the weight-loss 
of corroded reinforcing bar from its initial weight to that of 
non-corroded reinforcing bar. Therefore, the amount of 
corrosion can be estimated by using Eq. (1) as follows, 

 

100×
Δ

=
w
wC

 

(1) 

where, Δw: weight difference between the samples of 
non-corroded and corroded reinforcing bars (g/mm), w: 
weight of non-corroded reinforcing bar (g/mm) 
 
2.3  Loading Tests 
    The positive and negative cyclic loading tests were 
performed for all pullout specimens. The servo motor drive 
screw type test machine was used for loading test. Then the 
screw was carved for the edge of the loading side exposure 
reinforcing bar of the pullout specimen, and it was 
connected with the crossing head of the servo motor drive 
screw machine. The schematic diagram of the loading test is 
shown in Figure 3. 

Figure 3  Loading Test Setup 
 
Loading in direction of pulling out is defined as positive, 
while that in the opposite direction is defined as negative. 
The machine was moved by 1.5mm/min and controlled at 
the speed of the testing cross head. Here since the 
displacement by reinforcing bar slip couldn’t be controlled 
on account of test machine. The tests were performed by 
setting the control displacement moving reinforcing bar; the 
test machine displacement at the cross head. The test 
machine displacements were set to 0.2mm, 0.5mm, 1.0mm, 
2.0mm and 3.0mm. The influence on bond stress subject to 
cyclic loading in same reinforcing bar will be considered in 
the future. 
 
 
3.  TEST RESULT AND DISCUSSION 
 
3.1  Corrosion Test Result of Reinforcing Bar 
    The amount of cross-sectional loss of reinforcing bar is 
shown in Table 2. Various amount of corrosion can be seen 
as this table. Then the photos of reinforcing bar after 
electrolytic test are shown Figure.4. The corrosion condition 
of bond area of reinforcing bar indicates that shown, the 
corrosion around corrosion rib is concentrated. This is 
because the corrosion action became active by bleeding 
water around rib. The bars in No.12 and No.16 specimens 
had pitting corrosion.  

Table 1  Mixture Proportion 

Figure 2  Electrochemical Corrosion System 

 

 

Pullout specimen

Displacement measurement

- 742 -



 

 

 
 

 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 

 
 
 
 
 
 
 

 
 
 
 
 
 

 
 
 
 
 
 
 

 
 
 
 
 
 

 
 

Figure 4  Corroded Reinforcing Bars 

 
 
 

 
  
  

 

(b) No.10 (Corrosion 0.5%) 

(c) No.11 (Corrosion 1.8%) 

(d) No.12 (Corrosion 3.8%) 

(e) No.13 (Corrosion 0.2%) 

(f) No.14 (Corrosion 0.4%) 

(g) No.15 (Corrosion 1.5%) 

(h) No.16 (Corrosion 9.7%) 

Figure 5  Reinforcing Bar Slip-Bond Stress Relationships

(a) No.1 (1 loading cycle) 
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  (b) No.4 (3 loading cycles) 
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(c) No.11 (3 loading cycles) 
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(d) No.14 (10 loading cycles) 
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3.2  The Results of Loading Tests 
3.2.1  Bond Stress-Reinforcing Bar Slip Relationships 
     The relationships between reinforcing bar slip and 
bond stress of No.1, No.7, No.11, No.14 and No.16 
specimens are shown in Figure 5, respectively. Here the 
bond stress τ and the reinforcing bar slip S can be estimated 
by using following expressions. 

 
 

 
where, τ: bond stress, P: the axial tension acting reinforcing 
bar (N), D: the diameter of reinforcing bar (D16： D = 
15.9mm), l: the measurement area (Corrosion area in case of 
corrosion specimens =40mm) 
 
 
 
where, S: the reinforcing bar slip (mm), ①～③ : the 
displacement measured by displacement gage ①～③ 
(mm) as shown in Figure 6. 
   For the bond stress of the vertical axis, an upward load 
(the direction of pulling) was defined as positive, while 
downward load (the direction of compressing) was defined 
as negative. For the reinforcing bar slip of the cross axis, the 
displacement of upward was defined as positive, while that 
of downward was defined as negative. Still, value of ② 
and ③  fixed in loading was so small compared with 
displacement measured by ①. So they were ignored in this 
time. 

Figure 6  Displacement Measurement Setup 
 
 
3.2.2  The States of Bond Surface of Concrete after 
Loading Tests  
    After loading tests, the specimens were demolished and 
then the measurement area was visually observed. The 
photos are shown Figure 7. The bond surface of specimens 
in more than tree loading cycles seems to be smooth surface. 
The concrete between adjoining transverse ribs of 
reinforcing bar resisted the slip deformation, and the fracture 
surface of concrete was finally formed as connecting at a tip 
of transverse rib to the adjoining rib. Still, the crack along 
reinforcing bar was observed in only No.16 (Corrosion 
9.7%) of corroded specimens before loading test. 

 
 
 
 
 
 
 
 
 
 
 
 
  

Dl
P

π
τ= (2)

)
2

( ③②
①

+
−=S (3)

 

  

  

(a) No.1 (Corrosion 0%, 1 loading cycle) 

(c) No.8 (Corrosion 0%, 3 loading cycles) 

(d) No.11 (Corrosion 1.8%, 3 loading cycles) 

(e) No.16 (Corrosion 9.7%, 10 loading cycles) 

Figure 7  Concrete Surface After the Pullout Loading Test

(b) No.7 (Corrosion 0%, 3 loading cycles) 
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①
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3.2.3  Arrangement of Test Results 
The bond stress - reinforcing bar slip relationships of 

No.10 (ten loading cycles) is shown in Figure 8 as one 
example of the results. The point ① and ② shown in 
Figure 8 are of bond stress at the constant machine 
displacements of 0.2mm and 0.5mm, respectively. Similarly, 
the points ③，④ and ⑤ are defined as those of 1.0, 2.0 
and 3.0 mm, respectively. In addition, the points (1), (2), … 
(10) are of loading cycles in each test machine displacement, 
respectively. Here, it should be note that ① shows that the 
displacements of reinforcing bar slip are smaller than the 
input displacements of test machine. This is because of the 
bond stress in initial loadings didn’t deteriorate and the 
bottom of reinforcement bar didn’t slip same as input 
displacement of test machine. In fact, this test was 
performed using a controlling test machine displacement 
including an elastic deformation of force application’s 
reinforcing bar except measured area since the compulsion 
displacement by reinforcing bar slip couldn’t be controlled. 
Hereafter, the test results are arranged and discussed by the 
control displacement moving reinforcing bar; the test 
machine displacement. 
 
3.2.4  Influence by Difference of Corrosion Level 
    The relationship between corrosion level and the 
maximum bond stress of 3 and 10 loading cycles’ specimens 
is shown in Figure 9. The maximum bond stress around 
corrosion 2% was the highest of all beside the maximum 
bond of small corroded specimens higher than that of 
non-corroded specimens. This is because of an expansion 
pressure due to the corrosion products and the bond stress 
increases by reaction force of surrounding concrete. On 
other hand, the maximum bond stress around corrosion 10% 
was the lowest of all since the corrosion crack in concrete 
occurs causing the expansion pressure of significant 
corrosion products when corrosion level greatly increases. 
 

 
3.2.5  Influence by Difference of Cyclic Level 

The relationship between corrosion and the bond stress 
at the test machine displacement 0.2mm, 0.5mm, 1.0mm, 
2.0mm and 3.0mm is shown in Figure 10. The parameter 
compared with is the difference in the number of cyclic 
loading. The specimen of ten loading cycles indicates the 
maximum bond stress at 1.0mm and finally the reinforcing 
bar in this specimen was slipped out at 2.0mm. This 
behavior is caused due to the bond deterioration under cyclic 
loading due to the bond cracking along with the reinforcing 
bar. 

Figure 8  Bond Stress-Reinforcing Bar Slip Relationship of No.10 
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3.2.6  Influence by Difference between Corrosion Level 
and The Level of Cyclic Loading 

The relationships between cyclic loading level and the 
decreasing ratio of bond stress at 0.2mm and 1.0mm are 
shown in Figure 11 and 12, respectively. Here the decreasing 
ratio of bond stress is defined by using Eq. (4) as follows, 
 
 
 
 
where, τi-N : the test machine displacement i mm and the 
bond stress of the Nth cycles, τi-1: the test machine 
displacement i mm and the bond stress of the first cycle, i: 
the test machine displacement (i = 0.2, 1.0 mm), N: load 
cycle number (N = 1, 2…10, during 10 times loading cycle) 
    When the machine applied a constant displacement, 
from Figures 10 and 11, the change of the bond stress can be 
confirmed as the number of cycles is increased. The 
experiment shows that the bond stress does not decrease at 
0.2mm of the test machine displacement as shown in Figure 
11 while the bond stress of No.15 (Corrosion 1.5%) 
increases and of No.16 (Corrosion 9.7%) decrease slightly. 
Consequently, it is found that the bond of corroded 
specimens doesn’t deteriorate when the slip of reinforcing 
bar is relatively small.  

At 1.0mm of the test machine displacement, the bond 
stress of No.16 in which the corrosion crack occurs before 
the loading decreases greatly. On other hand, No.8, No.12 
and No.14 without the occurrence of the corrosion crack 
behave similar each other during the cyclic loading. 
Therefore specimens without corrosion crack have a little 
influenced by corrosion even when the number of cyclic is 
increased. 
 
 
4.  CONCLUTIONS 
 
    The positive and negative cyclic loading tests were 
performed for all pullout specimens in which the ratio of 
cross-sectional loss ranges between 0.2% and 9.7%. The 
conclusions obtained in present study are as follows; 
(1) The maximum bond stress of corroded specimens around 

2% of the corrosion loss is higher than that of 
non-corroded specimens while of corroded specimen 
with the corrosion crack decreases significantly.  

(2) The bond stress of corroded specimens at 0.2mm of the 
test machine displacement does not decrease as the 
number of cycles is increased. 

(3) The bond stress of specimens having corrosion cracks at 
1.0 mm of the test machine displacement decreases as 
the number of cycles is increased. On the other hand, 
specimens without corrosion crack have a little influence 
by corrosion when the number of cyclic increases. 

 
 
 
 
 

Figure 11  Decreasing Ratio of Bond Stress at 0.2mm 

Figure 12  Decreasing Ratio of Bond Stress at 1.0mm  
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Abstract: Steel reinforced concrete (SRC) short beams are used as a structural member having a shear span to effective 
depth ratio of not exceeding 2.0 as well as for the application to frame structures. There is, however, a peculiar problem in 
the analysis of SRC short beams; the variety of supporting condition for SRC short beams induces various failure modes. 
The goal of this research is to identify the shear failure mechanism as well as the load capacity of RC short beams. To 
tackle with this objective, the research has focused on internal strain distributions of the RC short beams under external 
loading. Based on experimental results, this paper concluded the failure mode and the loading capacity of RC short beams 
associated with supports condition.  

 
 
1.  INTRODUCTION 
 

Concrete encased steel (steel reinforced concrete: SRC) 
short beams are widely used as a structural member having 
shear span to effective depth ratio between 1.0 and 2.5 as 
well as for application to beams, frame structures. Civil 
engineers in Japan have considered the shear-load capacity 
of SRC beams loaded under the simple-supported condition, 
and the shear compression failure with principle 
compressive stress flows from the load point to supports 
after the occurrence of diagonal cracks. There is, however, a 
peculiar problem in the analysis of SRC beams; the variety 
of supporting method for SRC beams subjected to the 
seismic force induces various moment diagrams. For 
example, the moment diagram in simple-supported SRC 
beams shows the symmetry with respect to the middle of the 
span under vertical loading. On the other hands, the beam 
used for frame structures shows the anti-symmetry moment 
diagrams under the seismic loading. Because the failure 
mechanism is corresponding to the moment diagram, the 
shear-load capacity of SRC beams is strongly depending on 
types of infrastructures as Watanabe et al. (2010). A few 
studies have explained and predicted the failure mode of 
SRC beams, which was influenced by the support condition. 
The difference in failure modes between predicted and 
experimental results has caused a large safety factor in the 
design of shear-load and deformation capacities of SRC 
structures. 

The goal of this research is to identify the shear failure 
mechanism of SRC short beams in frame structures 
subjected to the seismic loading. The target of this paper is 
the short beam, of which load capacity is affected by the 

supports condition. Based on results of experiment and finite 
element method (FEM), this paper describes the failure 
mode and the shear-load capacity of SRC short beams 
associated with the supporting condition, steel-frame 
dimension, and the transverse reinforcement ratio, rw. 
 
2.  EXPERIMENT AND ANALYSIS PROGRAMS 
 
2.1  Specimen Fabrication 

Figure 2 illustrates the scheme of tested SRC short 
beam. The test span with length of 2a=800, 1200 mm was 
sandwiched by two stabs with the length of b at both sides. 
The effective depth (d) of 400 mm, and the beam width of 
300 mm. Table 1 summarized specifications of specimens:. 

地震波地震波地震波

Figure 1 Frame structure subjected to seismic force. 

Moment diagram 
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The transverse reinforcement ratio pw = Aw / b s, where Aw: 
cross-section area of one transverse reinforcement, b: beam 
width, and s: space of transverse reinforcement, was 0.0, 
0.22 or 0.84 %. The average compressive strength of 
cylindrical specimens (fc’) was 24.5-66.4 N/mm2 at the 
loading test. Specimens were longitudinally reinforced by 
four deformed PC tendons of 25 and 29 mm in diameter. 
Stirrups with nominal diameter of D10 were arranged with 
the interval of 100 or 160 mm. Specimens were cast with 
different the steel-frame ratio of the beam, which was 
calculated as (As+Ar) / Ac, As: steel-frame cross-section, Ar: 
cross-section of longitudinal rebar, Ac: cross-section of tested 
beam, cross-section area ratio between steel-frame and 
longitudinal rebar, (As / Ar), b, flange width, fc’. RC beams 
having no steel-frame were also cast as DB400 to DB604. 
The specimen detail at the test span was the identical with 
RC specimen. 

Three-axis strain gauges were installed inside the 
specimens to calculate the direction and the magnitude of 
principle strain. The gauges were attached on the surface of 
the acrylic rod with an interval of 100 mm, and embedded at 
the center of the cross-section to measure the strain of 

concrete. 
The depth of steel-frame flange and longitudinal rebar 

are similar in the conventional SRC beams. Dimension of 
steel-frame was decided in order to obtain the web yielding 
of steel-frame.  

 
2.2  Loading Test 

Four-point bending test was conducted to apply the 
anti-symmetry moment diagram to the test span. Steel plates 
with 250 mm width were placed at the loading point and 
supports. A set of deflection gauges was installed to measure 
the relative displacement between both stabs of the beam. 
The applied load was measured by using load-cells at 
loading points and supports. Strain gauges were pasted on 
the surface of longitudinal reinforcements and stirrups at its 
middle height and the diagonal line as shown in Figure 2. 

During the loading test, strain of longitudinal rebar and 
specimen surface were measure. 3-axis gauges were 
arranged on the surface of acrylic rod to measure the 
principal strain of concrete between flanges. 3-axis gauges 
were also attached on surface of steel-frame at the middle 
height.  

300 300

2a
4800

45
0

75
0

a

a
200 200 a-a 

Figure 2 Specimen detail (unit: mm). 

Steel-fram
Longitudinal rebar 

Stirrup 

Moment-diagram b

50

45
050

Table 2 List of specimens. 

Diameter,
Ratio(%)

Yield
strength
(N/mm2)

Diameter
(Space,

mm)

Ratio
(%)

Yield
strength
(N/mm2)

Dimension
(Ratio%)

Yield
strength
(N/mm2)

SRC400 25.6 ― ― ―

SRC404 24.5 D10 (100) 0.48 379

SRC600 27.4 ― ― ―

SRC604 28.1 D10 (100) 0.48 379

SRC402NL 34.4
250×250×9×14

(5.12)
7.37

SRC402NS 32.6
250×113×9×14

(3.36)
5.62

SRC602NL 29.0

SRC602HL 66.4

DB400 28.6 ― ― ―

DB404 27.3 D10 (100) 0.48 390

DB600 30.3 ― ― ―

DB604 27.8 758 D10 (100) 0.48 390

a
(mm)

400

1.5

0.22
D25

(2.53)
968

721D29
(4.28)

332

―

387D10 (160)

300 400

1.0

1.5

400

600

Specimen a /d
f' c

(N/mm2)
b

(mm)
d

(mm)

1.0

1.0

1.5

300

400

600

400

600

400

400

244×175×7×11
(4.11)

334

Steel
ratio
(%)

Steel-frameLongitudinal rebar

D29
(4.28)

970

Stirrup

――

250×250×9×14
(5.12)

7.92

7.37

bw: cross-section width, d: effective depth, a: shear-span, f’c: compressive strength of concrete, Shape of steel-frame: 
height × flange width × web thickness ×flange thickness (mm) 
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3.  EXPERIMENTAL RESULTS AND DISCUSSIONS 
 
3.1 Crack Distributions 

Figure 3 indicates the crack propagation of failed 
specimen. Cracks were classified as the flexural crack, 
flexural-shear cracks at both end of test span, diagonal crack 
penetrated through the whole span, and horizontal cracks 
along the longitudinal rebars. Shear force at the initiation of 
flexural-shear cracks, Vcrack, was listed in Table 2.  

When specimens with a/d=1.0, SRC expressed some 
diagonal cracks with minor horizontal cracks along the 
longitudinal rebar. Different from DB400, the existence of 
steel-frame prevented from the initiation of the horizontal 
crack. The specimen with a/d=1.5 had some of the 
horizontal crack even in SRC. It was, however, minor in 
SRC602HL: compressive strength was higher. Diagonal and 
horizontal cracks of SRC600 would be distributed compared 
with the DB600.  

After web of steel-frame was yielded at first in all SRC 
beams, the load reached the maximum. Figure 3(g) showed 
top surface of SRC specimen, which had some cracks along 
the edge of steel-frame flange. It means that concrete 
between flanges was separated, and  

 
3.2 Shear-load capacities 
(1) Effect of Stirrup Ratio 

The shear-load capacities of SRC400 and SRC404, or 
SRC600 and SRC604 were compared to understand the 
effect of stirrup. Figure 4 describes shear load - relative 
displacement relationship: the displacement between stabs as 
Figure 5. are Table 2 lists the maximum shear-load, Vmax, 
measured before the relative displacement reached 30 mm. 
Figure 4 indicates that Vmax of SRC404 was 1.2 times of Vmax 

Table 2 List of experimental results. 

V crack V hoop V sweb V max V y V max

(kN) (kN) (kN) (kN) (kN) /V y

SRC400 ― 205 ― 453 526 1222 0.37
SRC404 0.48 231 426 567 629 1410 0.40
SRC600 ― 185 ― 432 464 1013 0.43
SRC604 0.48 139 516 509 534 1203 0.43

SRC402NL
250×250×9×14

(5.12)
233 621 668 858 1676 0.40

SRC402NS
250×113×9×14

(3.36)
293 635 844 912 1676 0.50

SRC602NL 185 536 648 668 1454 0.45
SRC602HL 331 561 872 920 1555 0.56

DB400 ― 185 ― ― 381 ― ―
DB404 0.48 225 468 ― 544 ― ―
DB600 ― 145 ― ― 250 ― ―
DB604 0.48 190 385 ― 440 ― ―

300
1.0

―
1.5

300
1.0

244×175×7×11
(4.11)

1.5

400
1.0

0.22

1.5
250×250×9×14

(5.12)

Specimen
b

(mm)
a /d

p w

(%)
Steel dimension

(Ratio, %)

 
Vcrack: Shear force at the initiation of inclined cracks at test-span end, Vhoop: Shear force at stirrup 
yielding, Vsweb: Shear force at steel-frame yielding, Vmax: maximum of shear force (relative 
displacement ≤ 30 mm), Vy: calculation results by Eq. (1) 

(e) SRC402NS (11mm)

(c) SRC402NL (12mm)

(a) SRC400 (12mm) (b) SRC600 (20mm) 

(f) SRC602HL (22mm) 

(d) SRC602NL (22mm) 

Figure 3 Cracks distribution 

(i) Cracks on top-surface (SRC604) 

(g) DB400 (Vmax) (h) DB600 (Vmax) 
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of SRC400 (difference: 103 kN), and Vmax of SRC604 was 
1.15 times of Vmax of SRC600 (difference: 70 kN).  

The shear carried by stirrups according to the truss 
analogy was calculated as 188kN. The experimental data 
obtained as the difference were smaller that the calculation. 
(2) Effect of Shear Span-Effective Ratio, a/d 

The value of Vmax in SRC400 and 3, SRC404 and 4, or 
SRC402NL and 602NL were compared. Figures 4 and 6 
show that Vmax was decreased with the increase in a/d.  
(3) Effect of Compressive Strength of Concrete 

The comparison of Vmax in SRC602NL and 602HL 
were obtained in Figure 7 and Table 2. The value of Vmax in 
SRC602HL was 1.38 times larger than that of SRC602NL.  
(4) Effect of Flange Width 

Figure 8 compares the shear load-relative displacement 
relationship of SRC402NL and 402NS. The flange width of 
SRC402NL was 250 mm, and SRC402NS was 113 mm. 
The flange of SRC402NS was shorter by cutting the 
identical one of SRC402NL. Figure 8 shows that steel-frame 
web of SRC402NL was yielded at the shear-load of 668kN, 
then the shear-load increased with the increase in the 
displacement. On the other hans, the steel-frame web of 
SRC402NS was yielded at the shear-load of 844 kN, then 
the shear-load decreased with the increase in the 
displacement. The Vmax of SRC402NL was larger even the 
amount of stirrups was smaller.  

Figure 9 describes the minimum principal strain of 
concrete by using the acrylic rod. The strain of concrete was 
measured between upper and lower flanges (Inside), and the 
outside area of flange region (Outside). The strain in external 
area was increased continuously after the flexural cracking 
around the shear-load of 250 kN. The magnitude of strain 
was different between the internal and external regions. 
There seemed to be two different stress flows.  

Minami et al. (1985) concluded that the load-carrying 
mechanism of SRC member by five compressive struts as: 
1) the truss analogy, 2) the arch analogy, 3) the arch analogy 
in upper and lower covers of concrete, 4) the arch analogy 
by concrete between flanges, and 5) the truss analogy by 
steel-frame. The shear-load capacity is calculated as the 
summation of load capacity of each strut. According to the 
arch angle to the horizontal axis, the contribution of 3) and 
4) are minor. When the flange width was small, the cross 
section area of “2) the arch analogy” become large. And this 
induced that Vmax of SRC402NS is larger than that of 
SRC402NL.  
(5) Effect of Support Condition 

RTRI (2002) and Murata et al. (1999) proposed eq.(1) 
based on the experimental results: Vmax of SRC subjected to 
simply supported condition.  

 
Vy = Vc + Vw + Vs   (1) 

 
where, 

Vc  : shear carried by concrete, 
= f (a/d) · fc1/3 · βd · βp · b · d, 

f (a/d) = 0.76 (a/d)-1.166, 0.5 ≤ a/d ≤ 2.5, 
βd  = (1000/d)1/4  ≤ 1.5, 

Figure 4 Effect of pw and a/d on shear force-relative 
displacement relationships. 

: before test
: after test 

A B

Relative 
displacement = A-B 

Figure 6 Effect of a/d on shear force-relative 
displacement relationships. 

Figure 5 Definition of relative displacement. 

Figure 7 Effect of f’c on shear force-relative 
displacement relationships. 
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βp   = (100 · pc)1/3   ≤ 1.5, 
Vw  : shear carried by stirrups, 

= (Aw · fwyd /sr) · z, 
Vs  : shear carried by steel-frame, 

=α· fvy · tw · Zs,  
a = 2.7 + 0.16k - 0.68(a/d) ≤ 2.5. 
 

sr: stirrup spacing, Zs: web height of steel-frame, k: 
steel-frame ratio (%). Table 2 listed Vy calculated by 
Equation (1). All cases in SRC specimens with the identical 
component indicates Vmax < Vy. Equation (1) is not adequate 
to evaluate the Vmax. 
(6) Effect of Steel-frame Existence 

Figure 10 shows the shear load-relative relationships of 
specimen with and without steel-frames. The stiffness after 
the generation of flexural shear cracks as Table 2 was 
affected by the existence of steel-frame. The steel-frame was 
effective to increase in Vmax of specimen with no stirrups.  
 
4 Finite Element Analysis 
4.1 Objectives 

As stated in Figure 9, the minimum principle strain 
measured inside or outside the specimen did not show 
identical. Authors analyzed the difference as well as the 
bond between concrete and steel-frame by using finite 
element method: DIANA.  

 
4.2 Outline  

Figure 11 shows an example of elements distribution. 
Whole span and half of cross-section width of the specimen 
was discretized. Four-node quadrilateral isoperimetric plane 
stress elements in a two dimensional configuration were 
adopted for a concrete. Steel-frame was modeled by 
shell-elements. The reinforcement elements were modeled 
for internal bonded reinforcing bars to have the perfect bond 
with concrete. The stress transfer between steel-frame and 
concrete was expressed by setting a series of interface 
elements with Coulombs’ row, friction coefficient of 0.4, and 
bond strength of 0 N/mm2. Parabolic model and the tension 
softening model proposed by Hordijk (1991) were utilized 

Figure 8 Effect of flange width on shear force-relative 
displacement relationships. 

Figure 9 Dvelopement of minimum principle strain 
(SRC402NS). 

Figure 10 Effect of steel-frame on shear force-relative displacement relationships. 
(a) a/d=1.0 (b) a/d=1.5 
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as the concrete constitutive model for compression and 
tension. According to RTRI (2004) and Nakamura and Higai 
(1999), the fracture energy for demonstrating the softening 
curve was calculated by Eqs. (2)(3) as follows:  

 
GFc=8.77 f’ck

1/2  (N/mm)   (2) 
 
GFt=1/100·(dmax) 1/3 ·f’ck

1/3 (N/mm)  (3) 
  

where,  f’ck: the designed compressive strength of concrete 
(N/mm2) and dmax: the maximum size of coarse aggregate 
(mm). Two stabs at both ends of the test span were assumed 
to be a perfect elastic body having the elastic modulus of Ec. 
The stress-strain relationship of rebar was expressed as 
bi-linear. The rotating crack model was used for expression 
of cracked concrete element. The strength of material is 
following the experimental data.  
 

Figure 12 Comparison between analysis and experimental results. 

      (a) SRC400            (b) SRC402 NL            (c) SRC602NL 

Figure 13 Minimum principle stress distribution at steel-frame yielded. 
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Figure 14 Effect of bond between steel-frame and 
concrete.  
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4.3 Analysis Results 
(1) Shear load-relative displacement relationship  

Figure 12 compares the shear load-relative 
displacement relationship of SRC404, SRC402NL, and 
SRC602NL. The analysis results demonstrated the 
experimental curves before sudden displacement increment 
with various a/d, flange width, and stirrup ratio.  

Figure 13 shows the minimum stress distribution at the 
web concrete of: (a) the external surface, (b) the internal 
surface attached on the steel-frame surface. The stress on the 
external surface was concentrated on the line between the 
loading point and support. The internal surface also 
indicated the localization on the line. The magnitude was, 
however, smaller than that of external surface at the middle 
of the test span. The tendency of the difference between 
inside and outside was corresponding to the experimental 
results obtained in Chapter 3(4). According to the existence 
of steel-frame, the stress was not uniform in the 
cross-sectional direction. It implies that the width of 
steel-frame flange affected both stress flows, which is related 
to the shear-load capacity.  
(2) Effect of bond between concrete and steel-frame  

The bond between concrete and steel-frame was usually 
neglectable. AIJ (2003) has considered steel-frame and 
concrete can carry the load separately, and calculated the 
shear-load capacity by summarizing both steel-frame and 
reinforced concrete strength. On the other hands, the 
chemical bond supposed to generate between steel-frame 
and concrete in early age, even it will be disappeared 
gradually.  

In order to examine the bond effect, the stiffness of the 
interface element was controlled as zero, or extremely high. 
The target was SRC404 having a/d =1. Figure 14 confirms 
the effect through the shear load-relative displacement 
relationship. The difference of shear-load capacity is 31 kN, 
it would be corresponding to the maximum difference by the 
bond. The stiffness of the curves changed at the shear-load 
of around 300 kN.  
 
5 CONCLUSIONS 
 
(1) The shear-load capacity was increased by the increase 

in the stirrup ratio and the compressive strength of 
concrete, or the decrease in a/d and the steel-frame 
flange width. 

(2) The difference of support conditions leaded to be the 
difference in crack distributions as well as the 
shear-load capacity. The shear-load capacity of SRC 
beams under the anti-symmetry condition was smaller 
than that of SRC beams under the simple-support 
condition. The contribution of stirrups on shear-load 
capacity of SRC beams obtained in these specimens 
was larger than that of SRC beams subjected to the 
simple-supported condition.  

(3) Based on experimental and analytical results, the 
existence of steel-frame induced the stress not uniform 
in the cross-sectional direction. It implied that the width 
of steel-frame flange affected both stress flows, which 

was related to the shear-load capacity. 
(4) The effect of bond between concrete and steel-frame on 

the shear-load capacity was small at SRC with a/d =1.  
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Abstract:  This paper investigates the behavior of High Performance Fiber-reinforced Cement-based Composite 
(HPFRCC) materials reinforced with mild steel and tested under direct tensile loading. Unlike traditional fiber reinforced 
concrete, ductile HPFRCC materials can carry tension to strains greater than the yield strain of reinforcing steel and 
exhibit distributed compression damage with little to no spalling. The unique properties of HPFRCCs provide enhanced 
ductility, damage resistance and energy dissipation in structural systems under extreme loads yet our ability to model their 
response based on fundamental material behavior characterization remains difficult. Two large-scale reinforced specimen 
designs tested in pure tension have been validated and the results for two different HPFRCC materials are presented.  
Tensile stiffening tests conducted to date show that multiple cracking leads to both distributed yielding and hardening in 
the reinforcement. More consistent results have been achieved with prismatic specimens.  Understanding of the 
interaction between the HPFRCCs and steel reinforcement through experimental testing will be used to develop robust 
constitutive models applicable to different types of structural components under multiple loading conditions. 

 
 
1.  INTRODUCTION 
 

In the last two decades there has been a significant 
number of experimental studies on the different properties of 
high performance fiber-reinforced cement-based composites 
(HPFRCCs) and its interaction with reinforcing steel such as 
enhanced ductility and energy dissipation capabilities. A 
tension-stiffening effect provided to the reinforcement by the 
ductile HPFRCC in tension and flexure has been observed in 
several experimental studies (e.g., Fischer & Li 2002, Blunt 
& Ostertag 2009) as the ductile HPFRCC materials carry 
tension beyond the yield strain of mild steel reinforcement. 
This strain compatibility between the HPFRCCs and the 
mild steel results in better strain distribution in the steel, 
controlled damage under sustained cyclic loading and higher 
ductility levels at relatively large composite deformations.  

Several analytical models have been developed to 
predict or simulate the behavior of these materials when 
tested under different loading conditions but the lack of 
models based on material constitutive laws is limiting the 
use of HPFRCC materials in structural applications.  
Research is being conducted by the authors to develop 
robust analytical models and design guidelines to facilitate 
the implementation into practice of reinforced, high 
performance fiber-reinforced cement-based composites 
(HPFRCCs) subjected to cyclic loading.  This paper 
presents a comparison of two types of tension-stiffening 
experiments useful for reinforced HPFRCC characterization. 
 
 
 

2.  TENSION STIFFENING EXPERIMENTS 
 
2.1  Materials 

Four different cementitious materials are studied in this 
research; a normal weight concrete, an Engineered 
Cementitious Composite (ECC), a Hybrid Fiber reinforced 
Concrete (HyFRC) and a Self-consolidating Hybrid Fiber 
reinforced Concrete (SC-HyFRC). 

The concrete mix contained Type I/II Portland cement, 
water, fine aggregate with fineness modulus of 3.2 and 
coarse aggregate with 9.5mm maximum size aggregate. The 
ECC mix has no coarse aggregate and contained 2% PVA 
fibers (by volume), type II/V Portland cement, Class F fly 
ash, silica sand (0.13mm particle size), water, 
super-plasticizer and a viscosity modifying admixture 
(VMA).  The mixture proportions for 1 m3 are also given in 
Table 1. 

In addition to the materials contained in the concrete 
mix, the HyFRC also includes a combination of PVA and 
steel fibers of varying sizes resulting in a total fiber addition 
of 1.5% (by volume) and superplasticizer (SP) with the mix 
proportions shown in Table 1 for 1 m3. The SC-HyFRC is a 
modified version of the HyFRC of increased strength. To 
increase the workability, the longer 60 mm steel fibers from 
the original HyFRC mixture were removed, the fine 
aggregate to coarse aggregate ratio was increased, fly ash 
was partially substituted for some of the Portland cement, 
the super-plasticizer amount was increased to improve 
workability and a viscosity modifying admixture was used 
to eliminate segregation. 
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bridging was observed after between 0.3 and 0.9% for all of 
the ECC specimens tested. No splitting cracks were 
observed on any of the specimens. 

The HyFRC and SC-HyFRC specimens had an average 
load at first cracking of 32.5kN and 31kN, respectively. The 
cracking strength of the mix in tension was 1.9MPa for the 
HyFRC and 1.8MPa for the SC-HyFRC. These specimens 
also showed some multiple cracking (between 3-5 cracks 
along the gauged length) with crack localization occurring at 
0.25% for both specimens as observed with the ECC.  
Unlike the ECC, when the reinforcement began to strain 
harden the additional cracks began to open again and 
splitting cracks formed along the reinforcement.  The 
average displacement at failure was 57mm for both the 
HyFRC and SC-HyFRC specimens.  

No more fiber bridging was observed after 2.5% strain 
in the HyFRC specimens and 2% in the SC-HyFRC.  The 
lower strain in the SC-HyFRC at which fiber bridging was 
exhausted was expected given the lack of long fibers in the 
SC-HyFRC. 
 
 
5.  CONCLUSIONS AND FUTURE WORK 
 

Two large-scale tension-stiffening test set-ups have 
been design and validated on two types of high performance 
fiber-reinforced cement-based composite (HPFRCC) 
materials.  The prismatic specimen set-up proved to be 
more robust than the dogbone set-up.  With the dogbone 
set-up accurate measurements were difficult to achieve with 
the collar, which attached to the specimen in locations where 
cracking could eventually occur. 

Multiple cracking was observed in all reinforced 
HPFRCC specimens tested here.  It has been verified that, 
under tensile loading, yielding of the bar occurred 
simultaneously with the multiple cracking and the yielding 
was spread along the bar, as has been observed in previous 
research at low strains (Fischer & Li, 2002). Strain 
hardening in the steel also appears to be well distributed 
along the bar, which is attributed to the multiple cracking 
and perhaps slight narrowing of the bar away from the 
matrix due to the Poisson effect. Once one dominant crack 
had formed, the specimens continued to deform to large 
displacements with deformations occurring in multiple 
locations in the HyFRC and SC-HyFRC specimens.  In 
several ECC specimens, shrinkage cracking was observed 
and should be well characterized for accurate estimations of 
tensile stiffening provided to the reinforcement by the 
HPFRCC materials.  

These testing results along with confined HPFRCC 
compression testing and basic material property 
characterization of tension, flexure and compression are 
being used to develop robust constitutive models for steel 
reinforced HPFRCC materials.  These models are being 
validated on large-scale experimental data and will be 
further validated on recent seismically-designed bridge pier 
experiments using ECC and HyFRC in regions of high 
moment and shear. 
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Abstract:  In recent years, super high-rise buildings (>500m) are developing very quickly and become an important 
frontier of civil engineering. The collapse resistance of super high-rise buildings subjected to extremely strong earthquake 
is a critical problem that must be intensively studied. This paper builds up a nonlinear finite element model of the tallest 
building in China, Shanghai Tower (632 m), and proposes the modeling method and failure criteria for different structural 
elements. The dynamic characters of this building are then analyzed, and the possible failure modes and collapse 
processes due to earthquakes are predicted, as well as the corresponding collapse mechanism. This work will be helpful in 
collapse prevention and the seismic design of super high-rise buildings. 

 
 
1.  INTRODUCTION 
 

Since the completion of the world’s first super high-rise 
building, Taipei 101 (total height exceeding 500 m) in 2004, 
a new wave of competition with respect to the design and 
construction of super high-rise buildings has started. For 
example, the Burj Khalifa, 828 m high, completed in 2010, 
is currently the tallest building in the world. With the rapid 
economic development of China, the development of super 
high-rise buildings is also very rapid. Currently, there are 
more than 3 super high-rise buildings higher than 600m 
under construction in mainland China. Super high-rise 
buildings promote the development of new structural 
systems and novel mega-structural components. However, it 
is difficult to study these new systems and components using 
traditional experimental research methods. Therefore, the 
seismic safety of super high-rise buildings and their collapse 
resistances to extreme ground motions has become an 
important and urgent research topic. 

The shaking table test is a traditional method used to 
evaluate the global seismic performance of new structural 
systems (Lu, 2002; Zou et al, 2006; Li et al, 2006; Mao et al, 
2010). However, none of the structures in these shaking 
table tests collapsed, i.e., it was difficult to understand the 
collapse process and corresponding mechanism from these 
shaking table tests. In 2007, a collapse test of a 1:4 scale 
3-story, 1-span RC frame was performed by Huang and Gu 
(2007). In 2008, a collapse test of a 4-story steel moment 
resisting frame was conducted using the three-dimensional 
shake table facility of E-Defense to evaluate the structural 
and functional performance of the building under 

design-level ground motions (Yamada et al, 2008; Suita et al, 
2008). The safety margin against collapse subjected to 
extremely strong ground motions was also evaluated. The 
research outcomes indicated that the failure mode of the 
building when subjected to 100% Takatori ground motion 
records was a weak story failure mode in the first story, 
which was induced by deterioration in the strength of 
columns due to local buckling at the top and bottom of the 
columns. Lindt et al (2010) performed a collapse test of a 
full-scale, 6-story, light-frame wooden building on the 
shaking table of E-Defense. It demonstrated that the wooden 
structure had an excellent seismic performance with only 
slight damage caused even subjected to an earthquake of 
2,500-year return period. Wu et al (2009) also conducted a 
collapse test of a non-ductile concrete frame using a shaking 
table in 2009. Although great progress has been achieved in 
earthquake-induced collapse resistance researches using 
shaking table tests, only scaled multi-story buildings or 
full-scale low rise buildings can be tested on shaking tables. 
It is very difficult to study the seismic collapse resistances of 
super high-rise buildings using conventional shaking table 
tests. 

Alternatively, numerical simulation is gradually playing 
an important role in the study of seismic performance and 
collapse resistance. Based on the finite element (FE) code of 
LS-DYNA, Lu and Jiang (2001) developed an FE model to 
simulate the progressive collapse of WTC in New York. Pan 
et al (2004) presented a numerical study on the dynamic 
responses of the tallest building in Singapore and compared 
the FE results with 21 field measurements of the structural 
response to far-field ground motions. The predicted roof 
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displacement of the structure agreed well with the field 
observations. Pekau and Cui (2006) developed a distinct 
element method (DEM) program to simulate the 
earthquake-induced collapse of a 20-story, 3-span 
precast-panel shear wall structure. The results indicated that 
if the design of this precast-panel shear wall satisfies seismic 
requirements, it will automatically meet the ductility 
demands of progressive collapse prevention. Fan et al (2009) 
constructed an FE model of Taipei 101 and analyzed its 
seismic performance. Their research indicated that the super 
high-rise building, which has a mega-frame system, has 
sufficient safety margins and it satisfies the design 
requirements for the Maximum Considered Earthquake. 

Many numerical simulations on the seismic behavior of 
high-rise buildings have been reported in the literature, but 
most of these studies are conventional elasto-plastic analyses. 
The entire process of simulating structural seismic response, 
including yielding, hardening and collapse, has rarely been 
reported, especially for super high-rise buildings. This paper 
builds up a nonlinear finite element model of the tallest 
building in China, Shanghai Tower (632m). The dynamic 
characters of this building are analyzed, and the possible 
failure modes and collapse processes due to earthquakes are 
predicted, as well as the corresponding collapse mechanism. 
This work will be helpful in collapse prevention and the 
seismic design of super high-rise buildings. 
 
 
2.  OVERVIEW OF SHANGHAI TOWER 
 

Shanghai Tower, located in Lujiazui, Shanghai, is a 
multi-functional office building (Figure 1). The total height 
of the main tower is 632m, and the structural height is 580m. 
This building contains 124 stories. A hybrid 
lateral-force-resisting system (Figure 2) referred to as 
“mega-column/core-tube/outrigger” was adopted for the 
main tower. The details of this system are described briefly 
as follows: 

(1) The main part of the core-tube is a 30m by 30m 
square RC tube. The thickness of the flange wall of the tube 
at the bottom is 1.2m, and decreases with the height of the 
tube and reduces to 0.5m at the top. Similarly, the thickness 
of the web wall decreases from 0.9m at the bottom to 0.5m 
at the top. According to the architectural functional 
requirements, the four corners of the core-tube are gradually 
removed above Zone 5. Finally, the core-tube becomes 
X-shaped at the top (Mao et al, 2010; Ding et al, 2010). 

(2) The mega-column system consists of 12 
shaped-steel reinforced concrete columns with a maximum 
cross-sectional dimension of 5,300 mm×3,700 mm (Ding et 
al, 2010). 8 mega-columns extend from the bottom to the top 
of the building, and the section size gradually reduces to 
2,400mm×1,900mm at the top. 

(3) The outrigger system, located at the mechanical 
stories, consists of circle trusses and outriggers with a total 
height of 9.9 m. All of the components of the outriggers are 
composed of H-shaped steel beams. 

 
Figure 1 Location of the 3 super high-rise buildings in 

Shanghai 

 
Figure 2 Sketch of lateral force resisting system of Shanghai 

Tower 
 
 
3.  FINITE ELEMENT MODEL 
 

Based on the general-purpose finite-element program 
MSC.MARC, the nonlinear FE model of Shanghai Tower is 
built up using the material constitutive laws, element models 
and elemental failure criteria proposed by Tsinghua 
University. Thus, the special requirements of the collapse 
simulation of super high-rise buildings subjected to strong 
earthquakes. Four element types are used in this model: the 
spatial beam elements used for the external frames and 
outriggers, the multi-layer shell elements used for the shear 
walls and the mega-columns, the truss elements used for the 
rebar and the shaped-steels, and membrane elements for the 
floor slabs. The details are described in the following 
subsections. 
 
3.1  Material Constitutive Laws 

In this work, the material-based constitutive law was 
adopted for all components to simulate the nonlinear 
behavior and failure under the complex stress state during 
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the collapse process (Lu et al, 2009). The main materials 
used are concrete and steel. The von Mises yielding criterion 
and the isotropic hardening rule were adopted for the 
concrete, and uniaxial compressive stress-strain relationship 
(Jiang et al, 2005) is shown in Figure 3. The smeared crack 
model was adopted for concrete under tension (Jiang et al, 
2005). Similarly, the von Mises yielding criterion-based 
plastic constitutive model was adopted for the steel. The 
model proposed by Wang et al (2007) with four stages was 
adopted for the backbone curve of the stress-strain 
relationship as shown in Figure 4. 
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Figure 3  Normalized stress-equivalent plastic strain 

relationship for concrete in compression 
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Figure 4  Stress-strain relationship of steel 

 
3.2  Core Tube 

The multi-layer shell element (Figure 5) proposed by 
Lu et al (2009) was adopted to model the core-tube, which 
considers the bending and shear coupling both in-plane and 
out-plane. The accuracy and efficiency of the multi-layer 
shell element model for application to shear walls (Men et al, 
2006; Lin et al, 2009; Miao et al, 2009). The FE models of 
typical core-tubes are shown in Figure 6. 
 

 

Figure 5  Multi-layer shell element 

  

 
Figure 6  FE models of typical core-tubes: (a) the junction 
of Zone 4 and Zone 5 and (b) the junction of Zones 6 and 7 

 
3.3  Outrigger, External Frame and Other Components 

The external frame, outrigger and steel tower at the top 
are constructed with H-shaped steel beams and simulated 
using a fiber-beam element model. To ensure computational 
accuracy, each segment of the cross-section (i.e., the flange 
and web) is divided into 9 fibers. In total, therefore, there are 
27 fibers in each section. The fiber-beam element model has 
been widely used in the elasto-plastic analysis of earthquake 
engineering, and its accuracy has been verified for many 
times (Spacone et al, 1996; Qin and Zhang, 2005; Wu and 
Zhou, 2005; Miao et al, 2008). 
 
3.4  Mega-columns 

One of the interesting components in Shanghai Tower 
is the mega-column system, which includes 12 
mega-columns, among them 8 extend to the top, and the 
remaining 4 end at Zone 5. These mega-columns are 
constructed with shaped-steel reinforced concrete, and a 
typical cross-section is shown in Figure 7(a). The area of this 
section is nearly 20m2 and has a steel ratio of 6.22% and a 
reinforcement ratio of 1.16%. The dimensions of these 
mega-columns are so large that they go far beyond the 
general conception of “columns”, and the reinforcement and 
steel in the columns significantly confine the mechanical 
behavior of the concrete. Hence, the traditional fiber-beam 
element model cannot meet the computational accuracy. 
Meanwhile, the computational workload would be too big if 
solid elements were adopted for the mega-columns in the 
analysis of the whole structure. A multi-layer shell 
element-based simplified model was proposed for the 
mega-columns as shown in Figure 7(c). Numerical 
simulations of the mega-columns under pure compression, 
pure bending, bending with compression in one direction 
and bending and compression in the biaxial direction etc. 
were conducted to evaluate the simplified model. Details of 
the load cases are shown in Figure 8. The proposed 
simplified method can predict the nonlinear behavior of the 
mega-columns with acceptable tolerance compared to the 
detailed FE model. Therefore, the proposed simplified 
model of the mega-columns can be used in the global 
structural seismic response analysis. Finally, the complete 
FE model of Shanghai Tower is shown in Figure 10. 

(a) (b) 
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(a) typical cross section of mega-column 
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(b) detailed FE model of mega-column 
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(c) simplified FE model of mega-column 

Figure 7  Typical cross-section of mega-column and 
detailed and simplified FE models 
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(a) biaxial bending at the axial load ratio equal to 0.45 
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(b) correlation between the maximum axial force and 
maximum bending moment under 2:1 biaxial bending 

(strong axis) 
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(c) correlation between the maximum axial force and 

maximum bending moment under 1:1 biaxial bending (weak 
axis) 

 
Figure 9 The whole FE model of Shanghai Tower 

 
3.5  Failure Criteria 

Collapse is a very complicated process in which the 
structural components reach their load capacities and the 
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entire structure changes from a continuum system into 
discrete parts through structural fracturing and element 
crushing. This process can be simulated using elemental 
deactivation technology, where the failed elements are 
deactivated when a specified elemental-failure criterion is 
reached. Shell, beam and truss elements are included in the 
FE model of Shanghai Tower, and different elemental-failure 
criteria are adopted for different elements. For the 
multi-layer shell model, each element has at least 11 layers 
(the number of layers depends on the specific situation of the 
actual reinforcement), and each layer has 4 Gaussian 
integration points. If the principal compressive strain at any 
integration point in a layer (either concrete or steel) exceeds 
0.1 or the principal tensile strain exceeds 0.2, the stress and 
the stiffness of this layer are deactivated, meaning that this 
layer no longer contributes to the stiffness computation of 
the whole structure. If all the layers of a shell element are 
deactivated, then the element is considered fully deactivated 
from the model. Similarly, for the fiber-beam element model, 
each element has 27 fibers in its cross section and 2 Gauss 
integration points along the length. If the equivalent plastic 
strain at all fibers exceeds the ultimate tensile strain, which is 
equal to 0.2, then this element is considered to have failed 
and is fully deactivated from the model. For truss elements, 
each element has 1 Gauss integration point. If the equivalent 
plastic strain at the integration point exceeds the ultimate 
tensile strain of 0.2, then this element is deactivated and 

removed from the complete model (CECS230, 2008). 
 
 
4.  COLLAPSE PROCESS AND MECHANISM 
ANALYSIS 
 

After careful design and evaluation, the safety of 
Shanghai Tower subjected to the Maximum Considered 
Earthquake has been ensured (Ding et al, 2010). However, to 
further understand the collapse process and mechanism of 
super high-rise buildings, the intensity of ground motions is 
scaled until the structure collapses. Although such a large 
earthquake is unlikely to happen in Shanghai, it will be 
helpful to understand the mechanical properties of super 
high-rise buildings given the predicted collapse modes and 
mechanism. 
 
4.1  Basic Dynamic Properties 

Before the collapse is simulated, modal analysis is 
conducted, and the first 30 modes are calculated. The first 9 
free vibration periods and modal properties are shown in 
Table 2. The fundamental period of Shanghai Tower is 9.83s 
in direction X and 9.77s in direction Y, which are both far 
beyond the range of 6s specified in the design response 
spectrum in the Chinese Code for the Seismic Design of 
Buildings (GB50011, 2010).  

 
Table 2  The first 9 free vibration periods of Shanghai Tower 

 T1 T2 T3 T4 T5 T6 T7 T8 T9 

Gravity 
load (ton) 6.85105 

Period (s) 9.83 9.77 4.09 3.57 3.52 1.97 1.67 1.66 1.22 

Modal 
property 

First-order 
translation 
in X 
direction 

First-order 
translation 
in Y 
direction 

First-order 
torsion 

Second-order 
translation 
in X direction

Second-order 
translation 
in Y direction 

Second-o
rder 
torsion 

Third-order 
translation 
in X 
direction 

Third -order 
translation 
in Y direction 

Third 
-order 
torsion 

 
 
4.2  Seismic Collapse Subjected to One Directional 
Ground Motion 

The widely used ground motion recorded at El-Centro 
station in the USA in 1940 (referred to as “El-Centro” 
hereafter) was chosen as a typical example of ground motion 
input. The normalized acceleration time history of the 
eastwest components of El-Centro ground motion and its 
elastic response spectrum with 5% damping ratio are shown 
in Figure 11. The peak ground acceleration (PGA) is scaled 
to 19.6 m/s2, which is 6.4 times larger than the actual ground 
motion intensity and then used as input for the FE model in 
the X direction. Because limited data can be found for the 
damping ratio of long period structures subjected to strong 
earthquakes, the 5% damping ratio proposed is adopted in 
the analysis. The final collapse mode is shown in Figure 12. 
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(b) Elastic response spectrum with 5% damping ratio 
Figure 11  Normalized acceleration time history and elastic 

response spectrum with 5% damping ratio of El-Centro 
 

The roof displacement response of Shanghai Tower 
when subjected to El-Centro ground motion is shown in 
Figure 13. Former modal analysis indicates that the 
fundamental periods in the X and Y directions are so long 
that the corresponding seismic loads are very small. 
Therefore, the failure of this super high-rise building is 
dominated by higher modes especially the third translational 
free vibration mode. Therefore, as the structure approaches 
collapse, the deformation mode is similar to that in the third 
translational free vibration mode. The mass center of the 
structure above the failure region does not have very 
significant displacement, and therefore the main collapse 
mode of Shanghai Tower is vertical “pan-cake” collapse, 
rather than lateral overturning.  

Collapse region

Deformation scaling 
ratio equal to 0

Detail of collapse region

Deformation scaling 
ratio equal to 1  

(a) Collapse mode subjected to El-Centro (PGA=19.6m/s2) 

Collapse region

Deformation scaling 
ratio equal to 1  

(b) Collapse mode subjected to Shanghai artificial ground 
motion in biaxial direction (PGA=9.8m/s2) 

Figure 12  Collapse modes for different ground motions 
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Figure 13  Horizontal roof displacement response of 

Shanghai Tower subjected to El-Centro (PGA=19.6m/s2） 
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(a)  distribution of horizontal displacement along the height 
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(b) distribution of drift ratio between adjacent outriggers 

Figure 14  The distribution of drift ratio between adjacent 
outriggers 

 
Obviously, when subjected to El-Centro ground motion 

in the X direction, Shanghai Tower is mainly damaged in 
Zones 5, 6 and 7. Finally, collapse occurs in Zone 5, and the 
entire structure breaks into two parts. It can be clearly seen 
that Zone 5 is a potentially weak part, where structural 
collapse can be initiated. More attention should be paid to 
this area during the design. During the collapse process, 
damage first occurs in the coupling beams, which are the 
first defense line of the structure against earthquake, and 
these damages will dissipate some seismic energy. After the 
failure of the coupling beams, the shear wall of the core-tube 
and the mega-columns begin to fail. Only when both the 
shear walls and the mega-columns are damaged to a certain 
extent in the same section, will the collapse propagate to the 
entire structure. Therefore, it can be concluded that the initial 
yield parts obtained using traditional nonlinear dynamic 
analysis may not coincide with the actual collapse regions. If 
some improper enhancement measures are performed on 
those initial yield parts, e.g., the coupling beams, then the 
energy dissipation capacity of the components may not be 
fully developed, possibly resulting in an unfavorable design. 
Therefore, a collapse analysis is an important part of 
structural seismic response analysis. 
 
 
6.  CONCLUSIONS 
 

After the 2008 Wenchuan earthquake in China, the 
collapse resistance capacity of buildings became an 
important issue that should be considered in seismic design. 
In this paper, a nonlinear FE model of Shanghai Tower, a 
super high-rise building (632m), was constructed using the 
general-purpose, finite-element program MSC.MARC, and 
its collapse process under extreme strong earthquakes were 
successfully predicted. Based on the collapse simulation, the 
following conclusions are obtained: 

(1) Based on the FE method, the collapse simulation of 
complex buildings can be achieved using the proper element 
models, material constitutive laws and elemental-failure 

criteria. 
(2) For the mega-columns of Shanghai Tower, the 

proposed simplified method can predict their global 
nonlinear behavior.  

(3) Through collapse simulation of the structures, the 
collapse process and mechanism can be predicted, and 
potential weak parts can be identified. 

(4) Generally, super high-rise buildings have greater 
redundancy and a number of alternative load paths; in 
addition, the ground motion has great uncertainty. Therefore, 
there may be several possible collapse modes for super 
high-rise buildings. Further study is required regarding how 
to select ground motions more rationally for collapse 
analysis. 
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Abstract:  Gravity-load-designed (GLD) reinforced concrete (RC) buildings generally constitute a major portion of existing 
building stocks in many countries, even in those with high seismicity.  As evidenced in past earthquakes, the seismic 
performance of such buildings varies greatly.  This paper focuses on assessing the seismic vulnerability of typically found 
GLD RC buildings.  Important architectural and structural features of buildings associated with their seismic vulnerability are 
first identified and called “seismic vulnerability factors (SVF’s)”.  They are, for example, some building geometric parameters, 
structural system, arrangement pattern of masonry infilled walls, configuration irregularities, concrete and rebar strengths, and 
certain non-ductile reinforcement details.  Comprehensive SVF surveys are then conducted on more than 3,000 buildings in 3 
major cities of Bangladesh. A statistical analysis of survey data provides necessary information to identify and describe typical 
GLD RC buildings. 3D-nonlinear computational models for buildings with different combinations of SVF factors are created 
using the OpenSees software.  These models are capable of simulating nonlinear cyclic force-deformation relationships and 
various failure modes of GLD RC components.  Based on analysis results, effects of various SVF’s on seismic performance of 
GLD RC buildings are determined.  Fragility functions for typical GLD RC buildings are finally developed and applied in the 
HAZUS-MH software for seismic loss estimation studies. 

 
 
1.  INTRODUCTION 
 

Gravity-load-designed (GLD) reinforced concrete (RC) 
buildings generally constitute a major portion of existing 
building stocks in many countries, even in those with high 
seismicity. These buildings are known to be seismically 
vulnerable. This is because the design and construction of 
GLD RC buildings usually violate all of the seismic design 
principles, i.e. they possess configuration irregularities, 
non-ductile reinforcement detailing, and poor member 
proportioning. Nevertheless, as evidenced in past earthquake 
events, the seismic performance of GLD RC buildings 
varies greatly. 

This paper focuses on assessing seismic vulnerability of 
GLD RC buildings commonly found in existing building stocks. 
The seismic vulnerability is described in terms of capacity curves 
and fragility functions. Important structural and architectural 
features of buildings associated with their seismic vulnerability 
are identified and called “seismic vulnerability factors (SVF’s)”. 
Comprehensive SVF surveys are then conducted on more than 
3,000 buildings. The survey data are used to formulate generic 
buildings, numerical representatives of those typically found in 
the field. Nonlinear computational models for the generic 
buildings are constructed and analyzed in the OpenSees software. 
Finally, the analysis results are used to develop representative 
capacity curves and fragility functions for typical GLD RC 
buildings. 

2. BUILDING SURVEYS AND STATISTICS  
 
In order to characterize existing GLD RC buildings, 

comprehensive SVF surveys were conducted in 3 major cities of 
Bangladesh: Dhaka (DK), Chittagong (CG), and Sylhet (SL).  
Though these cities are located in seismic prone areas, GLD RC 
buildings constitute a major population of existing building 
stocks. A statistical analysis was performed on the survey data to 
identify typical GLD RC buildings and the variations in their 
design/construction. 

The SVF surveys were divided into 2 parts in order to 
accommodate different data collection schemes. The first 
part—Side Sidewalk surveys (see Figure 1) was performed to 
collect visually observable and easily measurable SVF’s, e.g. 
number of stories and average span between adjacent columns. 
A survey team, which consists of around 10 engineering students, 
was sent to randomly selected buildings in each study area to 
inspect and record SVF’s. To ensure the quality of data, a 
comprehensive training was provided to the teams and, 
additionally, a data checking was performed regularly after day 
works. In total, more than 1,000 buildings were surveyed in each 
city. The second part—Document surveys was implemented to 
obtain SVF’s which require more complicate data acquisition 
methods, e.g. amount of reinforcement and material strength. 
Construction drawings and material testing reports were 
gathered, respectively, from related local government offices and 
university laboratories. Well trained structural engineers were 
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then assigned to extract required data from these documents. 
Depending on the availability of documents, the numbers of data 
obtained in different cities were varied from hundreds to 
thousands samples. After these two parts of SVF surveys were 
executed, a reasonable statistical analysis on GLD RC buildings 
and their characteristics was able to be carried out. 

Definitions, descriptions, and statistical interpretations 
of selected SVF’s are given as follows. 

 
• Primary Lateral Force Resisting System: The primary 
lateral force resisting system of GLD RC buildings is 
characterized by following factors: type (moment frame, shear 
wall, masonry infilled frame, or slab-column frame), height (or 
number of stories), and footprint shape (rectangular, L, T, H, etc.). 
Statistics of these parameters are given in Table 1, where it can 
be clearly observed that most existing GLD RC buildings in the 
three cities are 1 to 6 stories high, rectangular footprint, masonry 
infilled frames. 

 
• Basic Configuration: The basic configuration of GLD RC 
buildings is described by number of bays and typical span 
lengths in two orthogonal directions. Statistics of these 
parameters reveal that the majority of GLD RC buildings in all 
study areas exhibit 2 by 3 bays with 12 ft. typical span lengths in 
both directions. Table 2 shows an example of the statistical 
distribution for number of bays while those for typical span 
lengths are given in Figure 2.  

 

• Configuration Irregularities: In modern seismic design 
theory, configuration irregularities are strictly prohibited to avoid 
concentration of seismic demand. Conversely, these irregularities 
are very common in GLD RC buildings. The configuration 
irregularities considered in this study include: taller 1st story (TL), 
unsymmetrical arrangement of infill walls on ground floor (UI), 
heavy overhang (HO), vertical setback (VS), short/captive 
columns (SC), pounding possibility (PP), mezzanine floors (MF), 
and sloping ground (SG). Percentages of buildings with each type 
of configuration irregularities are shown in Figure 3. To get more 
insight into configuration irregularities, their severity should be 
quantified. Two mostly found configuration irregularities are 
considered here. (1) Unsymmetrical arrangement of infill walls 
on ground floor, which causes torsional demand under 
earthquake excitation, is generalized into 4 patterns as shown in 
Figure 4, the statistics of which are given in Table 3. It can be 
observed that open front (3-side bounded open space ground 
floor) is the most common type of UI. It is noted that such 
arrangement is usually adopted for commercial purpose. (2) 
Heavy overhang, a portion of floors above ground level 
extending beyond building footprint, is another cause of torsional 
irregularity and is quantified by overhanging length. The 
statistical distribution of overhanging length is given in Figure 5. 
 
• Frame Members: Cross section dimensions, amount of 
longitudinal and transverse reinforcement, and typical 
reinforcement detailing for beams and columns were 
surveyed and analyzed. The cross section dimensions of 
beams and columns measured directly from the field are 

found to be correlated with certain building parameters as 
illustrated by Figures 6 and 7. The amount of reinforcement 
in beams and columns extracted from construction drawings 
are shown in Table 4. 

 
• Material Strength: In-situ compressive strength of 
concrete, tensile yield strength of reinforcement, and 
compressive strength of masonry prism were extracted from 
laboratory testing reports. Statistics of material strengths are 
given in Table 5. 
 
 
3. NONLINEAR MODELING 

 
The lateral force resisting system of GLD RC buildings 

consists primarily of frame members (beams and columns), 
beam-column joints, and masonry infilled walls. Nonlinear 
computational models for these GLD RC components are 
required in seismic performance evaluation. The 
development of these nonlinear models are described here in 
this section. The developed models are capable of simulating 
force-deformation relationships and modes of failure 
typically experienced by GLD RC components. OpenSees, 
an open source finite element software platform, developed 
by the Pacific Earthquake Engineering Research Center 
(PEER), is chosen as a computational platform for model 
implementations. 
 
3.1 Frame Members 

A 3D nonlinear model for GLD RC frame members 
illustrated in Figure 8 is proposed. The model is divided into 
two distinct zones: plastic hinges and elastic region. Finite 
element formulation for the former is discussed below while 
later is simply modeled using conventional 3D linear elastic 
frame element. 

The internal force resisting system of plastic hinges is 
decomposed into 3 sub elements: concrete body, longitudinal 
reinforcement, and shear resisting mechanisms. For 
modeling “concrete body”, traditional fiber element 
formulation is followed with two modifications: (1) perfect 
bond assumption is relaxed and, thus, concrete and 
longitudinal reinforcement are separately considered, (2) 
end-point numerical integration scheme is chosen in order to 
avoid numerical instability and to force integration weight 
equals to pre-specified plastic hinge length.  

The later allows softening behavior to be simulated in a 
controlled manner. The plastic hinge length is calculated 
following an empirical equation proposed by Park and 
Paulay (1992). Concrete02, a hysteretic material model 
available in OpenSees, is adopted to describe the uniaxial 
stress-strain behavior of concrete fibers.  

For modeling “longitudinal reinforcement”, only axial 
displacement is taken into consideration, i.e. dowel action is 
neglected. It is further assumed that relative displacement 
between rebar and concrete along the elastic region is 
negligible (perfect bond). Therefore, the axial displacement 
varies linearly from that at rebar node to zero at the inside 
end of the plastic hinge. The same numerical integration 
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scheme as that for concrete body model is also adopted here 
for the same reasons. The hardening steel model is used to 
describe response of reinforcement. For modeling “shear 
resisting mechanism”, the flexure and shear deformations 
are assumed to be kinematically uncoupled, and the shear 
force-deformation of plastic hinge is simply simulated using 
nonlinear springs in two orthogonal directions. The 
hysteretic model proposed by Suthasit and Warnitchai 
(2008) is adopted. 

To validate the proposed model, experimental test 
results under reversed cyclic loadings reported in literature 
were chosen, and numerical analyses of the test specimens 
were performed using the model. By comparing analytical 
and experimental force-displacement relationships, it was 
confirmed that the proposed model is capable of simulating 
such relationships as well as the corresponding failure 
modes to desired accuracy. Figures 9 and 10 show examples 
of such comparison for cantilever GLD RC column 
specimens subjected to quasi-static reversed cyclic loading 
tests [Worakanchana, 2002]. 
 
3.2 Beam-Column Joints 

Subjected to earthquake excitation, a beam-column 
joint deforms primarily into modes including (1) bond 
slippage between reinforcement passing through the joint 
and surrounding concrete, and (2) shear deformation of 
concrete body, so-called joint shear deformation. A 3D 
nonlinear model for beam-column joints accounted for the 
above deformation modes is proposed. For sake of clarity, a 
2D illustration is given in Figure 11. It should be noted that 
this 2D model can be easily expanded into 3D. 

In order to simulate bond slip deformation, individual 
reinforcement is discretized into smaller segments, each of 
which is represented using anchored bar model proposed by 
Limkatanyu and Spacone (1992). This is a displacement 
based element, governing equation of which is found by 
enforcing compatibility equation between reinforcement and 
surrounding concrete. To define the relationship between 
bond force and slip displacement, generalized local 
stress-slip model developed by Eligehuasen et al (1993) is 
adopted. 

To simulate the deformation of concrete body, the shear 
deformation of beam-column joint zone is converted into an 
equivalent rotational deformation represented by a rotational 
spring (see Figure 11). Hysteretic relationship for the 
rotational spring is adopted from Suthasit and Warnitchai, 
(2008). 

The proposed model is validated with experimental test 
results in the literature. Figure 12 shows an example of 
comparison between force-displacement relationships of 
beam-column (cruciform) specimen subjected to quasi-static 
cyclic loading tests [Cheejaroen, 2004]. 
 
3.3 Masonry Infilled Walls 

To simulate the contribution of masonry infill walls to 
the bounding frame, the equivalent strut approach is adopted 
[FEMA, 1997]. In this case, an infill wall is modeled using 
two concentric, diagonal struts. The effective cross sectional 

area of the struts is computed following the recommendation 
of FEMA-357 [FEMA, 2000]. Concrete02 is adopted as 
hysteretic material model for the struts, in which the 
maximum stress is set equal to the compressive strength of 
masonry prism. After the strut fails, the resisting force is 
assumed to be degraded linearly to 20% of maximum value. 
Beyond this point, constant resisting force is assumed. 
 
 
4. DEVELOPMENT OF CAPACITY CURVES AND 

FRAGILITY FUNCTIONS FOR GLD RC BUILDING 
 
In city-scale earthquake loss estimation studies, 

capacity curves and fragility functions are essential elements 
for describing the seismic vulnerability of buildings and 
other structures. A capacity curve is a generalized 
relationship between lateral resisting force and displacement 
of structures. It is noted that the capacity curve in this 
context does not represent the lateral force resisting behavior 
of individuals but a group of buildings with similar seismic 
characteristics. A fragility function defines the probability of 
these buildings being in or exceeding a particular damage 
state for a given seismic intensity/response measure. 
Provided that the response spectrum of ground shaking (or 
demand spectrum) and the capacity curve are known, the 
median spectral displacement for a group of buildings can be 
determined (see detailed description in FEMA, 1999). The 
median spectral displacement is then used as an input 
seismic response measure to a set of fragility functions for 
various damage states to probabilistically describe the 
seismic damage of the group of buildings. 

This section describes the development of capacity 
curves and fragility functions for GLD RC buildings in the 
study areas. The development is based on survey statistics 
and numerical analyses. In the first step, several generic 
buildings are formulated to represent various typical 
buildings found in the study areas. Then, numerical models 
for these generic buildings are constructed using nonlinear 
models previously discussed. Seismic performance analyses 
are then performed on these models. The analysis results are 
finally used for the development of capacity curves and 
fragility functions. 
 
4.1 Generic Buildings 

It is well accepted that the seismic performance of GLD 
RC buildings is primarily governed by “type” of lateral force 
resisting system and building height. Therefore, GLD RC 
buildings in the study areas are classified based on these 
parameters. According to the survey statistics, the lateral 
force resisting system of GLD RC buildings is mostly 
masonry infilled frame. As a result, the others are excluded 
from this study. With respect to building height, it is 
common to classify buildings into low-rise (1 to 3 stories), 
mid-rise (4 to 7 stories), and high-rise (more than 7 stories). 
However, the survey statistics indicate that most of GLD RC 
buildings in the study areas are 1 to 6 stories high. Therefore, 
only two categories of buildings are considered: low-rise 
(1-to-3 stories) and mid-rise (4-to-6 stories) masonry infilled 
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frames. 
To determine variations in the seismic performance of 

existing buildings, one should have numerical models which 
cover all possible combinations of SVF’s. However, such an 
approach would results in excess amount of numerical 
analyses. It is therefore considered that a large variation of 
GLD buildings can be approximately represented by a set of 
particular combinations of SVF’s.  Each combination is 
called a generic building model.  The chosen SVF’s for 
defining these models are: number of stories, infill wall 
configuration on ground floor, presence of heavy overhangs, 
and presence of mezzanine floors. Noted that these SVF’s 
are obtained from sidewalk surveys, of which the number of 
samples is quite large and, consequently, the statistical 
weights for various combinations of these SVF’s can be 
reliably identified. To fully describe the generic building 
models, other SVF’s are taken equal to median values as 
indicated by the survey statistics. The generic building 
models for low- and mid-rise GLD RC buildings are 
summarized in Tables 6 and 7. 
 
4.2 Capacity Curves 

Push-over analysis is performed on each generic 
building model to obtain the relationship between roof drift 
and base shear. The shape of lateral force distribution used in 
the analysis is taken equal to that of inertia force for the 1st 
vibration mode. After the analysis, the roof drift and base 
shear are converted into spectral ordinates and, thus, the 
capacity curve is obtained. These curves for various generic 
building models are shown by thin lines in Figure 13 and 14. 

In order to obtain representative capacity curves for 
GLD RC buildings in different cities, the capacity curves of 
various generic building models are combined through 
weighted average method. The statistical weights are taken 
equal to the frequency occurrence derived from the survey 
results as shown in Table 8. The representative capacity 
curves are shown by thick lines in in Figures 13 and 14. 
 
4.3 Fragility Function 

Fragility function can be described mathematically by 
Eq. 1, where  is the probability of being in or 
exceeding a particular damage state, , given the specified 
spectral displacement of buildings, ,  is the standard 
normal cumulative distribution function, and  and  
are the median value and standard deviation of the natural 
logarithm of  for the damage state  respectively. 

 

 
(1) 

 
In this study, the damage states are classified into four 

levels: slight, moderate, extensive, and complete. This 
classification is adopted from HAZUS [FEMA, 1999], an 
analysis platform for earthquake loss estimation, to which 
the developed capacity curves and fragility functions are 
later applied. Based on HAZUS, the building is said to be in 
a particular damage state when the maximum story drift in 

the structure exceeds the limits given in Table 9. These 
damage state criteria are also adopted here. 

In order to define fragility functions, in addition to the 
damage state criteria,  and  are required. These 
parameters are computed as follows. (1) Based on the 
damage state criteria, spectral displacements of generic 
building models at which different damage states occur are 
extracted from the results of push-over analyses. (2) The 
relative frequencies shown in Table 8 are taken as statistical 
weights for the corresponding spectral displacements. As a 
result, the cumulative distributions of logarithm of spectral 
displacement for different damage states can be plotted as 
shown in Figure 15 for examples. (3) A theoretical standard 
log-normal cumulative distribution curves are then fitted to 
the data as shown by thick lines in Figure 15. From these 
best-fitted curves,  and  are determined and 
presented in Table 10. 

It is important to note that the value of  shown in 
Table 10 represents the variations due only to those of 
structures. Fragility functions, however, should also include 
the effects of ground motion variations and other 
uncertainties. FEMA (1999) recommends the value of  
which accounts for all uncertainties. The authors found that 
the contribution of structural variations to the overall value 
of  recommended by FEMA (1999) is comparable to 
those shown in Table 10. As a result, the values of  
recommended by FEMA (1999) are adopted to describe the 
fragility functions of GLD RC buildings. The plots of 
fragility functions for low- and mid-rise GLD RC buildings 
are given in Figure 16. 
 
 
5. CONCLUSION 

 
A methodology for developing capacity curves and 

fragility functions for defining seismic performance of 
existing gravity-load-designed (GLD) reinforced concrete 
(RC) buildings is proposed. Three seismic prone cities of 
Bangladesh, in which GLD RC buildings constitute major 
population, are chosen as the study areas. The methodology 
first identifies local building design/construction practice of 
the study areas through comprehensive building surveys. 
Based on statistical analysis of the survey data, typical GLD 
RC buildings are identified and classified into two 
categories: low- and mid-rise masonry infilled frames. To 
account for variations in seismic performance within each 
category, a set of generic building models with different 
combinations of seismic vulnerability factors are created and 
numerically modeled in OpenSees. Structural and 
nonstructural components of buildings are carefully modeled 
to ensure the reliability. A 3D pushover analysis is performed 
on each building models. The analysis results are used to 
develop capacity curves and fragility functions of GLD RC 
buildings. These are capacity curves and fragility functions 
have been successfully applied to the HAZUS-MH software 
to for seismic loss estimation for the study areas.  
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Table 1 Statistics: primary lateral force resisting system. 
Numbers shown indicate percentage out of survey samples. 

 

City 
Type of System Number of Stories Footprint Shape 

MIF* others 1-to-6 7+ rectangle Others 

DK 92.4 7.6 93.4 6.6 85.6 14.4 

CG 98.7 1.3 98.8 1.2 86.5 13.5 

SL 91.8 8.2 99.8 0.2 75.0 25.0 

*MIF denotes masonry infilled frame 

 
 

Table 2  Statistics: number of bays (for Dhaka).  
Numbers shown indicate percentage out of survey samples. Darker 

color indicates more percentage. Percentages of buildings with 
x-by-y bays and vice versa are lumped.   

  No. of bays along front side 

No
. o

f b
ay

s a
lon

g s
ide

wa
y 

1 2 3 4 5 6 7 8 

1 0.0 0.0 0.8 0.2 0.6 0.2 0.6 0.0 

2 
 

1.8 19.9 10.4 15.9 2.0 2.0 0.2 

3 
  

13.1 11.3 7.0 2.6 0.8 0.6 

4 
   

2.8 3.2 1.0 0.2 0.0 

5 
    

1.2 0.8 0.4 0.0 

6 
     

0.2 0.0 0.0 

7 
      

0.0 0.0 

8 
       

0.0 

 

 
Table 3  Statistics: arrangement of masonry infilled walls. 

Numbers shown indicate percentage out of survey samples.  
City FI* CI* OI* BI* Others 

DK 17 19 18 24 22 

CT 16 17 25 24 18 

SL 15 23 21 26 15 
*These indicate fully, corner, open front, and boundary infill (see Figure 2.3) 

 
Table 4  Statistics: amount of longitudinal reinforcement 

Cities 

Beams Columns

Upper Rebar (%) Lower Rebar (%) Main Rebar (%) 

Mean S.D. Mean S.D. Mean S.D. 

DK 0.72 0.22 0.60 0.17 1.94 0.79

CG 0.93 0.23 0.46 0.10 2.18 0.79 

SL 0.73 0.34 0.46 0.18 2.12 0.85 

 
 

Table 5  Statistics: material strength. 
Numbers shown indicate percentage out of survey samples.  

1fc’ (MPa) 2
Fya (MPa), Grade-60 3fm’ (MPa) 

Mean S.D. Mean S.D. Mean S.D. 

23.0 7.4 455.0 47.3 4.5 - 
1in-situ compressive strength, 2actual yield strength, 3masonry prism strength 
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Table 6  Architectural features of generic buildings 

Model No. Of 
Stories 

No. Of 
Bays 

Span Length in ft.  
(x by y) 

Infill 
Wall 
Type 

OH 
Length 

(ft.) 

For Low-Rise 

1A 1 3 x 2 (12,12,12) x (10,10) FF 0.0 
1C FF 3.0 
2A 

2 3 x 2 (12,12,12) x (10,10) 

FF 0.0 
2B FF 3.0 
2C PF 0.0 
2D PF 3.0 
3A 

3 5 x 2 
(12,12,8,12,12)  

x (12,12) 

FF 0.0 
3B FF 3.0 
3C PF 0.0 
3D PF 3.0 

For Mid-Rise 

4A 4 4 x 3 (15,10,15) x (12,12) BF 0.0 
4B BF 3.0 
4C CF 0.0 
4D CF 3.0 
5A 5  3 x 2 (14,8,14) x (12,12) BF 0.0 
5B BF 3.0 
5C CF 0.0 
5D CF 3.0 
6A 6 3 x 2 (16,16,12) x (16,16) BF 0.0 
6B BF 3.0 
6C CF 0.0 
6D CF 3.0 

 
 

Table 7  Structural features of generic buildings  

Model 
Beams Columns 

B x H 
(in) 

Top 
Rebar 

Bottom 
Rebar 

STR 
B x H 
(in) 

Rebar STR 

For Low-Rise 

1A 10 x 16 4DB16 3- 
DB16 

DB10 
@6’’ 

12 x 12 8DB16 DB10 
@6’’ 1C 

2A 

10 x 16 4DB16 
3- 

DB16 
DB10 
@6’’ 

12 x 12 8DB16 
DB10 
@6’’ 

2B 
2C 
2D 
3A 

10 x 16 4DB16 
3- 

DB16 
DB10 
@6’’ 

12 x 12 8DB16 
DB10 
@6’’ 

3B 
3C 
3D 

For Mid-Rise 

4A 

10 x 16 4DB16 3DB16 
DB10 
@6’’ 

12 x 12 8DB16 
DB10 
@6’’ 

4B 
4C 
4D 
5A 

10 x 16 4DB16 3DB16 
DB10 
@6’’ 

12 x 12 8DB16 
DB10 
@6’’ 

5B 
5C 
5D 
6A 

10 x 18 4DB16 3DB16 
DB10 
@6’’ 

14 x 14 
12DB1

6 
DB10 
@6’’ 

6B 
6C 
6D 

 

 

Table 8  Relative frequencies for Generic Building Models 

Low-Rise Mid-Rise 

Model DK CG SL Model DK CG SL 

1A 3.68 22.53 28.99 4A 11.12 18.73 25.00 

1C 0.47 5.35 6.61 4B 5.64 15.94 18.42 

2A 15.86 22.84 21.10 4C 7.23 6.33 9.87 

2B 5.63 14.67 12.62 4D 6.85 8.02 11.18 

2C 11.02 5.66 5.52 5A 8.85 10.22 8.55 

2D 6.48 4.19 4.54 5B 5.23 9.37 7.89 

3A 17.58 10.01 9.37 5C 8.58 6.45 5.92 

3B 10.00 7.65 5.72 5D 8.55 9.37 9.21 

3C 16.72 3.77 2.56 6A 4.25 3.53 0.66 

3D 12.58 3.35 2.96 6B 3.15 2.07 1.32 

    6C 15.89 5.11 1.32 

    6D 14.66 4.87 0.66 

 

 

Table 9  Story drift limits (adopted from HAZUS) 

Type of Frame Story Drift Limit (%) 

Minor Moderate Severe Collapse 

w/o infill walls 0.40 0.64 1.60 4.00 

with infill walls 0.24 0.48 1.20 2.80 

 

 

Table 10  Median estimates and standard deviation of 
log-normal distribution for building spectral displacement at 

different damage states. 
 

Damage 
States 

Dhaka Chittagong Sylhet 

Median S.D. Median S.D. Median S.D. 

Slight 0.45 0.32 0.33 0.35 0.32 0.36 

Moderate 0.82 0.19 0.71 0.23 0.68 0.23 

Extensive 1.72 0.15 1.51 0.17 0.48 0.17 

Complete 3.51 0.19 3.11 1.14 3.10 1.13 

(a) low-rise 

Damage 
States 

Dhaka Chittagong Sylhet 

Median S.D. Median S.D. Median S.D. 

Slight 0.67 0.31 0.57 0.34 0.54 0.33 

Moderate 1.11 0.14 1.04 0.14 1.01 0.13 

Extensive 1.72 0.15 1.51 0.17 1.49 0.17 

Complete 4.37 0.21 3.99 0.21 3.94 0.21 

(b) mid-rise 
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(a) comprehensive training 

 

(b) visual inspection 

 

(c) data checking 

 

Figure 1  Survey Photos 

 

 

     (a) Front-side 

 
     (b) Sideway 

Figure 2  Statistics: typical span lengths 

 

Figure 3  Statistics: configuration irregularities 

 

  
(a) fully infill (FI) (b) corner infill (CI)

  
(c) open front infill (OI) (d) boundary infill (BI)

 

Figure 4  Generalized Patterns of Masonry Infill Walls 
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Figure 5  Statistics: overhanging length 

 

 
Figure 6  Correlation between beam depths and span length 

 
Figure 7  Correlation between characteristic dimension of 
1st story columns (square-root of cross sectional area) and 

the product of tributary area and number of stories. 
 

Figure 8  Frame Member Model 

 

 

Figure 9  Comparison between experimental and analytical 
lateral force displacement relationships of GLD RC column 

specimen failing in shear mode 
 

Figure 10  Comparison between experimental and 
analytical lateral force displacement relationships of GLD 

RC column specimen experiencing lap-splice failure 
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Figure 11  Beam-Column Joint Model 

 

 

(a) experiment 

 

(b) analysis 

 
Figure 12  Comparison between experimental and 

analytical lateral force displacement relationships of GLD 
RC beam-column (cruciform) specimen. 

 

Figure 13  Capacity curves for low-rise GLD RC buildings 
 

 

Figure 14  Capacity curves for mid-rise GLD RC buildings 

 
(a) low-rise 

 
(b) mid-rise 

 
Figure 15  Cumulative distribution function of building 

spectral displacement (Sd) for moderate damage state 
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(a) Low-Rise/ Dhaka 

 
(b) Low-Rise/Chittagong 

 

(c) Low-Rise/Sylhet 

 

(d) Mid-Rise/Dhaka 

 
Figure 16  Fragility Functions 

 

(d) Mid-Rise/Chittagong 

 

(d) Mid-Rise/Sylhet 

 

Figure 16 (Continued)  Fragility Functions 
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Abstract:  The use of Buckling Restrained Braces (BRB) for enhancing the performance of the buildings is gaining 
wider acceptance. This paper presents the first application of these devices in a major high rise building in the Philippines. 
A 50-story residential reinforced concrete building tower with ductile core wall laterally braced with BRB system is 
investigated. The detailed modeling and design procedure of buckling restrained brace system is presented for the optimal 
design against the two distinct levels of earthquake ground motions; serviceable behavior for frequent earthquakes and 
very low probability of collapse under extremely rare earthquakes. The stiffness and strength of the buckling restrained 
brace system are adjusted to optimize the performance of the structural system under different levels of earthquakes. 
Response spectrum analysis is conducted for Design Basis Earthquake level and Service level response spectra while 
nonlinear time history analysis is performed for the evaluation against collapse during extremely rare events. The case 
study results show the effectiveness of buckling restrained braces in terms of seismic force demand in the structural 
system and seismic deformation demands. 
 

 
 
1.  INTRODUCTION 

 

Buckling restrained braces (BRBs) are widely used 

in seismic design and retrofitting of buildings, especially 

in United States and Japan. The effective use of buckling 

restrained braces enhances the performance of the 

structural system under severe earthquakes (Dutta and 

Hamburger 2011).  

In this case study, BRB system is utilized as the first 

time for the design of 50-story tower, located in Makati 

City, Philippines. The case study building is 166.8-meter 

tall reinforced concrete residential building, standing on 

the one-level podium, with the tower plan area of 34.5 m 

x 26 m. Reinforced concrete bearing walls, gravity 

columns and post-tensioned (PT) flat slabs are used in 

gravity load resisting system. The typical plan and 

elevation view are shown in figure 1 and figure 2, 

respectively. The typical story height of the building is 3.1 

m. 

The lateral load resisting system consists of 

reinforced concrete bearing wall coupled with outrigger 

columns, connected by the BRBs (as shown in figure 3) 

along the weak axis direction (as shown in figure 1). 

Sixteen BRBs are used, in which each BRB is connected 

in between two floors. Eight BRBs are located in between 

19
th
 and 23

rd
 floor and remaining eight BRBs are located 

in between 43
rd
 and 47

th
 floor. The BRBs are 

manufactured by Star Seismic Inc. The building has 

3½-story of below grade parking, resting on the mat 

foundation. The tower consists mainly of residential units, 

and a terrace and amenity deck. The ground level 

contains retail and back of the house space. The total 

project area is approximately 79,000 gross square meters. 

This building was the first building with application of 

BRBs for lateral load resisting system in Philippines. 

In this paper, the overall procedure for the 

performance based design of tall buildings is described. 

In the following section, application of BRB is explained 

followed by seismic performance objective, design 

criteria, and acceptable limits for the project are described. 

Moreover, several modeling techniques are explained and 

finally results are presented from nonlinear time history 

analysis. 

 

 

2.  APPLICATION OF BRBs 

 

Conventional earthquake resistant structural systems 

depend on the strength and ductility to control seismic 

responses. In this strategy, seismic energy is absorbed by 

the formation of plastic hinges in the specifically 

designed regions such as plastic hinge at the base of the 
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wall and at the ends of the coupling beams. These regions 

should be able to deform into an inelastic range and 

sustain reversible cycles of plastic deformation without 

degrading strength and stiffness to a level which could 

harm the stability and integrity of the structure. However, 

the structure may suffer structural and non-structural 

damage to an extent that it may not be economically 

repairable (Ahmed 2011). 

To avoid this, another strategy which incorporates 

energy dissipating devices in the structural system to 

reduce the inelastic energy dissipation demand on the 

framing system was developed. In this strategy, as the 

structural components may remain elastic during an 

earthquake, the structural and non-structural damage may 

be considerably reduced. BRBs are one of the promising 

options to use as the energy dissipating devices (Ahmed 

2011).  

BRBs are commonly made from encasing a core 

steel cross-shape or flat bar member into a steel tube 

casing and confined by infill concrete. The core and infill 

concrete are decoupled by the un-bonding material to 

prevent the interaction between them. Accordingly, the 

axial load of the brace is transmitted by the steel core only, 

while the casing through its flexural rigidity provides the 

proper lateral support against flexural buckling of the 

core. The steel core member is designed to resist the axial 

forces with a full tensile or compressive yield capacity 

without the local or global flexural buckling failure. BRB 

in a frame structure typically consists of the BRB itself, a 

length of steel member that is stronger than the BRB, and 

stiff end regions consisting of gusset plates and the 

beam-column joint region. 

BRBs have been used successfully in number of 

projects in Japan and United States including retrofitting 

of the existing buildings and new buildings construction 

to reduce the seismic induced responses (Ahmed 2011).  

 

 

Figure 1  Typical Floor Plan of Tower 

 

  

Figure 2  Sectional View 

 

 

Figure 3  BRB Locations in Plan 

 

3.  SEISMIC PERFORMANCE OBJECTIVES 

 

The specific seismic performance objectives are 

defined for the design of the case study building against 

three levels of earthquake hazards. These performance 

objectives are based on the Los Angeles Tall Buildings 

Structural Design Council (LATBSDC 2008) for the 

performance based design of tall buildings (Fry et al. 

2010)  

 

1. Frequent/Service Level Earthquakes (50% of probability 

of exceedance in 30 years with 43-year return period): 

The structure should remain essentially elastic with minor 

damage to structural and non-structural elements, 

remaining serviceable after earthquakes.  

 

2. Maximum Considered Earthquake Level (2% of 

probability of exceedance in 50 years with 2475-year 

return period): Substantial damage to the structure is 

allowed, potentially including significant degradation in 

the stiffness and strength of the lateral force resisting 

system. The building may be on the verge of partial or 

total collapse. The structure may not be technically 

Minor dir. 

Major dir. 

Y 

X 

BRBs (19th floor - 23rd floor) 

BRBs (43rd floor – 47th floor) 
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practical to repair and is not safe for re-occupancy. 

In addition, in order to maintain the design of the 

building to the level of conventional design code, the 

design of the building is also considered for Design Basis 

Earthquake (DBE) Level (As defined by ASCE 7-05, 

Section 11.4): Moderate structural damage is allowed in 

which extensive repairs may be required. However, it 

should be noted that this level of design is omitted from 

LATBSDC (2008) guidelines. 

 

 

4.  OVERALL DESIGN PROCEDURE 

 

Three phases are involved in the overall design 

procedure to meet the performance objectives; 1) 

Preliminary Design, 2) Service Level Evaluation and 3) 

Collapse Prevention Level (MCE level) Evaluation. 

 

1. Preliminary Design: In this phase, elastic response 

spectrum analysis and design are performed in 

accordance with the code based design approach by using 

appropriate load factors and strength reduction factors 

against the gravity loads, wind load and seismic load. 

Appropriate initial sizes of buckling restrained braces are 

used in the analysis. Site specific response spectrum for 

DBE level is used for the preliminary design phase. 

Structural components to be remained elastic are 

designed by applying the appropriate amplification 

factors.  

 

2. Service Level Evaluation: Primary response 

characteristics such as story drift, coupling beam and 

shear wall demand to capacity ratios are checked against 

the demands resulting from the response spectrum 

analysis using site specific service level response 

spectrum with 43-year return period (50% of probability 

of exceedance in 30 years). The required capacities of 

buckling restrained braces are determined so that they 

remain elastic under the service level earthquakes. 

 

3. Collapse Prevention Level Evaluation: Design 

verification is performed by nonlinear response history 

analysis (NLRHA) against the MCE level earthquakes 

with 2475-year return period (2% of probability of 

exceedance in 50 years). Seven pairs of site specific 

ground motions are used to conduct the nonlinear 

response history analysis. Average of demands from 

seven ground motions approach is used for design 

evaluation at MCE level. The preliminary design is 

modified as required in order to meet the acceptance 

criteria. 

Coupling beams, core wall flexural response and 

buckling restrained braces are checked in anticipation of 

nonlinear response while core wall shear, diaphragms, 

basement walls, foundations and columns are checked to 

remain essentially elastic during the nonlinear response 

history analysis. 

 

4.  SEISMIC PERFORMANCE CRITERIA 

 

4.1  Service Level 

The expected responses of building components to 

fulfill the performance objective at Service level 

earthquake are shown in the Table 1. 

 

Table 1 Performance Criteria for Service Level Earthquake 

 

Item Value 

Story drift 0.5 percent 

Coupling beams (conventional 

shear reinforcement)) 

Shear strength  to remain 

essentially elastic 

Core wall flexure Remain essentially elastic 

Core wall shear Remain essentially elastic 

BRBs Remain elastic  

 

4.2  Maximum Considered Earthquake Level 

The expected responses of building components to 

fulfill the performance objective at MCE level earthquake 

are shown in the Table 2. 

 

Table 2 Performance Criteria for MCE Level Earthquake 

 

Item Acceptable Value 

Story drift 3 percent  

Coupling beam rotation (diagonal 

shear reinforcement) 

0.06 radian rotation limit  

Coupling beam rotation 

(conventional longitudinal 

reinforcement) 

0.025 radian rotation limit  

Core wall reinforcement axial 

strain 

Rebar strain = 0.05 in tension 

and 0.02 in compression  

Core wall concrete axial strain Concrete Compression Strain 

= 0.004 + 0.1 ρ(fy / f’c) 

Core wall shear and basement 

walls 

Average shear demand times 

1.3   

 

 

4.  FINITE ELEMENT MODELING 

 

A complete full three-dimensional finite element 

model is created which includes the tower and the whole 

podium. For the evaluation of nonlinear response of the 

building under MCE level earthquakes, the flexural 

response of core wall, slender coupling beams and slab 

outrigger beam; the shear response of deep coupling 

beams and the axial load response of BRBs are modeled 

with nonlinear force-deformation behavior. 

 

4.1  Analysis Tools 

The modeling and analysis of building for evaluation 

and design at Service Level earthquake and DBE level 

are carried out in ETABS 9.5 computational platform. An 

elastic model is created with the specified material 
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properties and appropriate stiffness modifiers for the 

structural components. For the MCE level performance 

evaluation, nonlinear three-dimensional model is created 

in PERFORM-3D (Version 4.0.4) computational 

platform. 

 

4.2  Nonlinear Modeling of Buckling Restrained Braces 

PERFORM-3D-“BRB compound component” is 

used to model the BRBs. The BRB compound 

component has three parts; 1) BRB basic component, 

which incorporate the nonlinear behavior  (inelastic 

deformation) of BRB 2) Elastic bar basic component, 

which corresponds to the BRB steel outside the main 

inelastic zone, and 3) Stiff end zone, with a specified 

length and a cross section area that is a multiple of the 

elastic bar area. The end zone accounts for the gusset 

plates at both ends of the member. The backbone curves 

used for the modeling of BRB is shown in figure 4. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
Figure 4  Assumed Backbone Curve for Buckling-Restrained 

Braces 

 

The coefficients Ry, ω, and β are estimated based on the 

properties of the BRBs provided by Star Seismic Inc. The 

initial stiffness (Ko) of the BRB is estimated based on cross 

sectional properties and material properties by AsE/L ( where 

As cross sectional area of Steel, E is Young’s modulus of 

Elasticity of steel, and L is the effective length of the brace in 

inelastic behavior i.e. approximately 70% of the pin to pin 

BRB length).  

 

4.3  Nonlinear Modeling of Ductile Core Wall 

Orakcal and Wallace (2006) present several modeling 

techniques for ductile reinforced concrete wall. Fiber 

modeling technique is used to model the nonlinear flexural 

behavior of the core wall. For the given wall cross-section , 

quantity of longitudinal reinforcement, and transverse 

reinforcement the modeling of wall involves: 1) diving the 

wall cross-section into concrete (unconfined and confined) 

fibers and reinforcement fibers; 2) selection of appropriate 

constitutive models for concrete and steel; and 3) providing 

appropriate boundary conditions(Orakcal and Wallace 2006, 

Wallace 2007). 

PERFORM-3D shear wall element is used to model the 

nonlinear behavior of core wall. Two parallel fiber sections 

are used to model the shear wall section. The first fiber 

section consists of only uniformly distributed steel (steel 

only) and the second fiber section consists of both concrete 

and boundary zone steel reinforcement. For the uniformly 

distributed steel, auto-size fiber elements are used whereas 

for latter one, fixed size fiber elements are used. The height 

of fiber element is modeled as floor height at every floor 

level except at podium level, where wall is discretized into 5 

elements along the longitudinal axis of the tower. Shear 

behavior in the wall is modeled with elastic material 

properties. 

 

4.4  Nonlinear Modeling of Coupling Beams 

In this building, two types of coupling beams are 

present. First one is deep beam having span to depth ratio of 

1.9 (span/depth < 4), and second one is slender beam having 

span to depth ratio of 4.3 (span/depth > 4). Since deep beams 

are dominated by shear behavior, they are modeled as shear 

deformation controlled behavior while the slender beams are 

modeled as flexural deformation controlled behavior. 

The modeling of coupling beams were carried out by 

procedure described in Wallace (2007) and Wallace et al. 

(2009).The deep coupling beam is modeled with elastic 

frame section with a nonlinear shear hinge located at the mid 

span of the element. The capacity of the shear hinge is 

calculated based on the diagonal reinforcements. The elastic 

stiffness of the deep beams is reduced to 0.16EIg. The 

effective stiffness calculation is based on the dimension and 

required ductility (Wallace et al. 2009). The ultimate 

capacity is taken as the 1.33 times of the yielding capacity.  

The slender coupling beam is modeled with two 

moment hinges, located at the ends of the beam. The 

capacity of the moment-curvature hinges are calculated 

based on the longitudinal reinforcements provided in the 

beams. The deformations capacities are used in accordance 

with ASCE 41-06 for the flexural coupling beams. The 

elastic stiffness of the slender beams is reduced to 0.5EIg 

(ASCE 41-06). 

 

4.5  Nonlinear Modeling of Slab Outrigger Beams 

In the tower portion, the floor is modeled as rigid floor 

diaphragm. The slab is not modeled as area elements in the 

tower. However, equivalent “slab outrigger beams” are used 

in the model in order to determine the nonlinear response of 

post-tensioned slab, interaction with core wall and columns. 

Slab outrigger beams are modeled with nonlinear hinges at 

both the ends of the beam (as shown in figure 5). 

Moment-curvature type hinge is used to model nonlinearity 

in the slab-beam. The moment capacity of the slab beam is 

calculated based on the reinforcement in the slab. The 

nonlinear properties of the moment hinges were matched to 

the study of Klemencic et al. (2006). The post-tensioning 

effect is considered in the calculation of the flexural yielding 

capacity of the slab. However, the performance of the 

moment hinges is not specifically reviewed. 
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At the podium and basements level, the slabs are 

modeled without rigid floor diaphragm. Slabs in the podium 

and basement are modeled using linear shell elements. The 

elastic flexural stiffness of the slabs and equivalent 

slab-beams are reduced to 0.5EIg. 

 
Figure  5 Slab Outrigger Beams in Plan 

 

4.5  Modeling of Foundation 

To simulate the soil-structure interaction effects, 

retaining walls in the basement were also modeled with 

elastic linear shell element and surrounding soil was 

modeled with nonlinear springs. The properties (force and 

deformation) of nonlinear springs are estimated from the 

geotechnical soil report provided geotechnical consultant. 

Though the lateral resistance of soil was considered, the 

damping of the soil on the sides of the basement wall was 

neglected in the study. In terms of boundary condition, the 

base of the core wall was modeled as pin connection (i.e. 

without rotational restrained), base of the columns are 

modeled as fixed and soil springs are fixed along their main 

axis. The modeled was subject to the 7 sets of ground 

motions at the base of the mat foundation and average 

response was computed. The ground motions are used from 

Geotechnical earthquake engineering site specific study 

report available for this project. 

  

 

5.  DETAILED DESIGN OF BRB SYSTEM 

 

5.1  Design of Buckling Restrained Braces 

 

The typical BRBs system used in the building is 

shown in figure 6. Initial sizing of the BRB was carried 

out based on the wind and seismic loading, with the 

worse condition from seismic loading for DBE level 

earthquake. After nonlinear analysis for MCE level 

earthquake, the size of the BRBs was adjusted for the 

optimal performance and to control the story drift. The 

stiffness of the BRB was adjusted by varying 

cross–sectional area and effective length of steel core. 

The stiffness was adjusted in such a way that the stiffness 

of BRB at the floor is higher than the story stiffness in 

that floor. Relatively high stiffness of bracing leads to 

attract higher seismic demand on the BRB caused to early 

yielding than reinforced concrete core wall. Moreover, 

yielding of BRB serves as energy dissipation and 

provides the higher ductility to core wall system as well.  

 

5.2  Detailed Connection Design 

Detailed connection design of BRB system is carried 

out in accordance with AISC 360-05 and ACI 318-08. 

Gusset plate connection with BRBs is designed to satisfy 

the dimensional requirements for the pin-connected 

members in accordance with AISC 360-05, Section D5. 

Pin hole in the gusset plate is located midway between 

the edges of the member in the direction normal to the 

applied force. The width of the plate at the pin hole is 

provided which is not less than 2beff + d and the minimum 

extension, a, beyond the bearing end of the pin hole, 

parallel to the axis of the member, is not less than 1.33 x 

beff. Where, beff = 2t + 16, mm but not more than the 

actual distance from the edge of the hole to the edge of 

the part measured in the direction normal to the applied 

force(d is pin diameter (mm) and t is  thickness of the 

plate (mm)) 

In gusset plate design, gusset plates are modeled 

separately and the maximum design yield force of BRB is 

applied. Linear analysis is conducted and the stresses in 

the gusset plate are checked against the expected yield 

stress of the plate. The buckling of the gusset plate under 

the compressive loading is also checked based on the 

critical buckling strength of the plate. 

Steel studs that restrained the gusset plate embedded 

in the concrete are designed against the shear demand in 

accordance with ACI 318-08. Steel strength of the studs, 

concrete breakout strength and concrete pryout strength 

are checked to ensure the net force from the studs is 

transferred to the concrete. 

Furthermore, the load path of net vertical force from 

the gusset plate to the steel column (embedded in the 

reinforced concrete outrigger column) and then from the 

steel column into the concrete column is checked based 

on the capacity of each element. The axial capacity of the 

drag element is also checked to transfer the horizontal 

component of the force from the BRB. 

 

 
Figure 6  Buckling Restrained Brace System 

 

 

BRB 

Drag Element 

Outrigger Column 

Drag Element 
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6.  ANALYSIS RESULTS 
 
6.1  Modal Analysis 

The natural periods of the building are 5.75 s and 
4.86 s in principal directions with 0.40 and 0.42 modal 
participating mass ratios. The first three mode shapes of 
the building are shown in figure 7. The first and second 
mode are dominated in lateral deformation in Y and X 
respectively and third mode is in torsional deformation. 

  

 Mode 1 Mode 2 Mode 3 
Figure 7  Mode Shapes 

 
6.2 Base Shear 

The base shear is compared between DBE level 
response spectrum analysis and average of MCE level 
nonlinear response history analysis in the Table 3. The 
base shear is calculated above the podium level and 
considered the tower portion only. The seismic weight of 
the tower above the podium level is 616,900 kN. The 
design base shear (shear calculated above the podium) is 
approximately 3.5% and 3.8% in each principal direction, 
which is higher than the minimum limit of 3%, set by the 
LATBSDC-2008 guidelines. Furthermore, the dynamic 
base shear calculated from the average of seven time 
histories is approximately two times higher than the 
design base shear, which is typical in high rise buildings. 
 

Table 3 Base Shear Comparison 
 

Load Cases Base Shear 
(KN) 

% of Seismic 
Weight 

DBE (major dir.) 21,012 3.56 

DBE (minor dir.) 22,691 3.84 

MCE (major dir.) 47,892 7.76 

MCE (minor dir.) 46,462 7.53 

 
6.3 Story Shear and Story Moment 

Story shears and story moment distributions are 
plotted along the height of the building and shown in 
figure 8 and figure 9, respectively. The story shear at the 
basement level is generally decreased in most of the time 
history except some time histories where the story shear 
has increased. This may happen due to the irregular 
distributions of basement walls and supports i.e, soil 
springs at the back of the basement walls.  Furthermore, 
abrupt change in shear demand at the mid-height of the 

tower in y-direction is due to the BRBs. BRB cause 
reduction in seismic shear demand however little effects 
in story moment demand. 
 

 

(a) Along X-axis (Major dir.) 

 
(b) Along Y-axis (Minor dir.) 

 

Figure 8  Plot of Story Shear: (a) in X ; (b) in Y 
 

 

(a) About Y-axis (Minor dir.) 

 
(b) About X-axis (Major dir.) 

 

Figure 9  Plot of Story Moment: (a) about Y;(b) about X 
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6.4  Story Drift 

In the preliminary investigation, the story drifts are 

checked at MCE level without using BRBs. Then, the 

BRBs are applied in the model and the story drifts are 

rechecked. One advantage is that BRB system reduces 

the story drift of the building in the principal minor 

direction. The maximum story drifts envelopes for both 

principal directions are less than 3% which is acceptable 

limit against MCE level earthquakes as shown in figure 

10. 

 

 

(a) Along X-axis (Major dir.), 

 

(b) Along Y-axis (Minor dir.) 

 

Figure 10  Plots of Story Drift: (a) along X; (b) along Y 

 

6.5  Ductility of Buckling Restrained Braces 

In order to evaluate the response of BRBs and 

performance level, the ductility of buckling restrained 

braces is checked against the acceptable limit. Firstly, the 

strain for each BRB is extracted from each analysis and 

average ductility demand is calculated. It is found that all 

BRBs have average ductility demand less than 9, which is 

the maximum allowable ductility demand for primary 

braces components mentioned in ASCE 41-06. 

 

6.6  Axial Strain in Core Wall  

The flexural capacity of shear wall is evaluated in 

terms of the yielding of vertical steel and crushing of 

concrete materials. The strain in steel fiber fibers and 

concrete fiber fibers are checked against the acceptable 

strain limits. The compression strain of MCE analysis is 

increased by 2 times and compared with the acceptable 

limit. From the results, all the strains are within the 

acceptable limit. Furthermore, the comparison of before 

and after the application of BRBs shows that the moment 

and shear demands are reduced in the core wall after 

application of buckling restrained braces, especially in the 

principal minor direction. 

 

6.7  Effectiveness of BRB system 

 

Since the buckling restrained braces are yielded 

significantly at MCE level earthquakes, the design base 

shear is reduced compared to the building without BRB 

system. Especially, moment and shear in the core wall is 

reduced remarkably due to the utilization of BRB system. 

Furthermore, the story drifts in the principal minor 

direction are improved after the application of BRB 

system.  

 

 

7.  CONCLUSION 

 

The buckling restrained braces system is used as first 

time in the primary lateral force system of the high-rise 

building in Philippines. The design and application of 

buckling restrained braces are initiated into local 

structural engineering practice. The buckling restrained 

braces combined with ductile core wall systems lead to a 

better performance for tall buildings for reducing base 

shear and controlling deformation. There will be 

potentials of the application of BRB system as a part of 

the primary lateral load resisting system in the future 

high-rise building projects in Philippines. 
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Abstract:  The school buildings are an important building that necessarily requires seismic design because it is used for 
refuge facilities of people during earthquake. In Korea, however, the only school buildings constructed after 2000 began 
to be applicable to seismic design. Thus, the school buildings which were constructed more than 10 years ago did not 
adopted a seismic design, all school building built before year 2000 are vulnerable for earthquake. Accordingly, seismic 
retrofit is currently in progress yearly for school buildings built before year 2000 in Korea  
This study aims to evaluate seismic safety for the school buildings that were built prior to the implementation of seismic 
design, and to provide suitable seismic strengthening method. The school buildings are rather excellent in seismic 
performance as masonry wall is arranged to transverse direction. On the other hand, as masonry wall is arranged up to 
mid-height of column on longitudinal direction, it may create shear failure at the column because column is constrained 
by masonry wall. Therefore, the estimate of seismic safety of the school buildings must properly consider the 
confinement effect of column surrounding masonry wall and propose modeling that enables to accurately describe 
nonlinear shear behavior to figure out its validity. 

 
 
1.  INTRODUCTION 
 
1.1 Background 

Since school buildings are to be used as disaster shelter 
facilities during natural disasters such as earthquake events 
and typhoons, it is important to ensure the necessary safety 
in case of earthquake events. In Korea, since seismic design 
has been implemented in school buildings built after the year 
2000, school buildings that were built before 2000 do not 
achieve seismic design requirements. Considering the life 
and property losses resulting from the recent occurrences of 
earthquake events in many regions of the world, the seismic 
retrofit of conventional gravity load design buildings is 
urgently needed in Korea as well. 

In Korea, the guidelines for the seismic performance 
evaluation and seismic retrofit of existing school buildings 
built prior to the implementation of seismic design have 
been prepared. The seismic retrofit is currently in progress 
yearly for school buildings built before 2000 in Korea. 
Accurate evaluation approaches for the evaluation of seismic 
performance in detail have not been completed. Therefore, it 
is thought that the development of seismic performance 
evaluation methods and strengthening methods that are 
befitting of the current situation in Korea is a priority. 

 
1.2 Objectives 

The objective of this research is to investigate the 
seismic performance levels of existing school buildings 
constructed prior to seismic design implementation. 

Additionally, by understanding the effects of various 
factors needed for nonlinear seismic analysis of reinforced 

concrete school buildings, this study attempts to provide the 
basis for future seismic performance evaluations. 
 
2.  STRUCTURAL ANALYSIS MODEL 
 
2.1 Characteristics of School Buildings 

As shown in Figure 1, school buildings that are being 
built in Korea are mostly of a straight-line shape that takes 
advantage of natural lighting and ventilation via positioning 
the classrooms in the south and corridors in the north. 
School buildings are constructed of reinforced concrete rigid 
frames. Since classrooms are composed of masonry walls in 
the transverse direction, the resistance force against lateral 
force is high; in contrast, since there are restraining effects 
on columns exerted by masonry walls that are mid-height of 
columns in the longitudinal direction, shear failures in the 
columns are induced in earthquake events. Therefore, 
extensive damages are expected to occur in the longitudinal 
direction during an earthquake.  

 
2.2 Analytical Model 

The school building selected as this study’s subject is a 
middle school building in the City of Busan. There are 5 
stories in the building, and it has 2 spans in the transverse 
direction as shown in Figure 2 and in the longitudinal 
direction it is composed of a number of spans over 
uniformly spaced columns (4.5m between adjacent columns). 
The concrete used in the building is as follows: the specified 
strength, fck = 24MPa; and the reinforcing bars fy = 400MPa. 
The section dimensions of the members of columns and 
girders and the reinforcement arrangement are shown in 

- 787 -



 

 

Figure 3 and Figure 4, respectively. The weight of each story 
is shown in Table 1.  

The structural walls were modeled with compression 
only truss elements, and for the mid-height masonry walls in 
the longitudinal direction, simulation parameters were 
adjusted using a method that properly selects the rigid end 
zone length. In this study, the variations of analysis results 
based on the difference in rigid end zone lengths were 
observed.  

Column members were modeled with fiber frame 
elements. Girder members were analyzed with the both ends 
concentrated plastic hinges. In addition, for girder members, 
the bending strength and shear strength of the cross-section 
were calculated by considering the effective widths of slabs. 
The stress-strain relationship of the concrete material used in 
columns was divided into cover concrete and core concrete 
as shown in Figure 5, and the material properties were set. 
The hysteresis model for the plastic hinges in both ends of 
the girder is shown in Figure 6. 

 
2.3 Feasibility of the analytical model 

School buildings are vulnerable in the longitudinal 
direction in earthquake events.  

Surveying damage state of damaged school buildings 
up to now are shown the outstanding restraining effects 
resulting from the wrapping of the bottoms of columns by 
the mid-height structural walls of columns in the 
longitudinal direction.  

As such, it could be ascertained that shear failures occur 
in columns of the upper parts of mid-height structural walls 
in the longitudinal direction.  Hence, it is important to 
evaluate the seismic performance in the longitudinal 
direction and also accurately verify the feasibility of 
modeling for nonlinear seismic response analysis in the 
longitudinal direction. For this, by using a modeling method 
that simulates the restraining effects exerted on the columns 
by mid-height walls positioned in the longitudinal direction, 
the rigid end zone length of columns can be expressed. It 
would be feasible to model the restraining effects of 
mid-height walls in actual structures by properly adjusting 
the rigid end zone length of columns in beam-column rigid 
joints.  

In dynamic analysis, the natural period of a structure 
can be expressed as a function of whole stiffness and mass 
of a structure. As such, the natural period of a structure is an 
important indicator for verifying the validity of the analytical 
model. Since the structural mass in a structure considers only 
the dead load and a part of live load, relatively accurate 
calculations can be attained, and its variations are not too 
large. However, since the overall rigidity of a structure is 
determined by the relevance of the joints and member 
dimensions of structural components, it is very sensitive to 
variables such as modeling of joints, sizes of member 
sections, length of members, etc. Therefore, the validity of 
nonlinear analysis models is verified by considering the 
changes in natural frequency, which is dependent on the 
analytical model of a structure, as follows; 
(i)Modeling based only on beam-column moment frames 

without considering masonry walls. 
(ii)Consider 50% of the height of mid-height structural walls 

as the rigid end zone length. 
(iii)Consider 100% of the height of mid-height structural 

walls as the rigid end zone length. 
Table 2 shows the 1st mode natural period in the 

longitudinal direction of the structure in accordance with 
each of the above models.  

As can be seen in the table 2, it can be ascertained that 
the natural period of the modeling that was done with a 
consideration given to mid-height structural walls is about 
50% shorter than that of the analysis modeling done with 
bare rigid frame. 

It can be ascertained that the structural rigidity is 
increased as a result of mid-height walls, and it can be 
verified that this almost matches the characteristics of 
general rigid frames suggested by the seismic design code, 
as well. Through the cases of seismic damage in Japan, too, 
it can be determined that about 50% of the actual height of 
mid-height walls exert restraining effects on the columns. 
Therefore, for the seismic performance evaluation of school 
buildings, it is valid to consider that the restraining effects 
exerted on columns by mid-height walls in the longitudinal 
direction are about 50%. In this study, this analytical model 
was used to conduct nonlinear response analysis. 

 
3. STATIC AND DYNAMIC RESPONSE ANALYSIS 
 
3.1 Static Pushover Analysis 

In a nonlinear static response analysis, the lateral force 
distribution along the height of the building increased lateral 
forces with a lateral loading shape that was the same as the 
1st mode of elasticity. Figure 7 shows the story shear force - 
story drift relationship that was obtained by increasing the 
floor lateral forces until the roof lateral displacement reached 
33 cm (roof lateral drift angle 0.02rad). It can be seen in the 
Figure that yielding state was reached in all stories, and the 
base shear force was about 7200kN at the yielding states.   

Figure 8(a) shows the distribution of plastic hinges 
when the roof lateral displacement is 16.5 cm (roof lateral 
drift angle=0.01rad). It can be ascertained in the Figure that 
yielding hinges occurred in the both end of 2nd - 4th floor 
girder members, and that bending yielding occurred in some 
of the column members in the lower part of the 1st story.  

 
3.2 Time History Response Analysis 

Time history response analysis is conducted by using 
the El Centro 1940 NS component as input ground motion. 
The seismic intensity of the input ground motion was 
adjusted until the roof lateral displacement of 16.5 cm 
(maximum inter-story drift=0.01rad) was obtained. Figure 9 
shows the comparison of maximum story displacement 
profiles and maximum inter-story drift profiles with the 
static analysis results. In the figure, for the maximum story 
displacement profiles, the results of static and dynamic 
seismic response analysis show almost the same response 
distribution. However, maximum inter-story drift profiles 
show higher dynamic response values in the lower stories. This 
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(a)  C1 
350x500mm 

   10-D19 
   D10@150 

(a)  G1 
350x600mm 

   6-D22 
   D10@200 

(b)  G2 
350x400mm 

   4-D22 
   D10@200 

(a)  G3 
250x400mm 

   4-D22 
   D10@200 

(a)  G4 
400x600mm 

   6-D25 
   D10@200 

is due to the fact that a dynamic analysis, as compared to static 
analysis, causes dynamic effects in the lower stories.  

Figure 8(b) shows the distribution of plastic hinges 
based on the dynamic seismic response analysis. This shows 
almost the same distribution of plastic hinges as the static 
response analysis shown in Figure 6. It is thought that a 
similar distribution of plastic hinges is shown because the 
response analysis was made with input seismic intensity 
adjusted to make the roof horizontal displacement the same.  

 
4. Concluding Remarks 
 

Through a nonlinear response analysis, the following 
conclusions were derived based on the results of evaluating 
the seismic performance of school buildings in Korea that 
were built before the implementation of seismic design.  
1) For the analytical model of a structure, evaluating the 
validity of modeling using the natural period of a structure is 
deemed to be proper. 
2) For the validity of a nonlinear response analysis, it is 
important to select a proper analytical model.    
3) In the analysis model for columns and girders, it is 
necessary to consider the rigid end zone length of rigid 
joints.   
4) For school buildings, proper modeling for structural 
mid-height walls is needed, and it is deemed effective to 
conduct modeling using the rigid end zone length of 
columns.  
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Table 1  Floor Weight 1 

Floor No. Weight(kN) 

RF 5236 

2F~5F 7342 

 
Table 2 the 1st mode natural period in the longitudinal direction 

Analysis Parameters Period(sec) 

Bare Frame 0.6996 

Consider 50% of the height of mid-height 

structural walls as the rigid end zone length 
0.5745 

Consider 100% of the height of mid-height 

structural walls as the rigid end zone length 
0.5062 

 
 
 

 

Figure 3  Column Section and Bar Arrangement 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

(b)  C2, C3 
250x400mm 

   8-D19 
   D10@150 

(c)  C5 
400x500mm 

   12-D22 
   D10@200 

(d)  C6 
400x400mm 

   8-D22 
   D10@200 

Figure 4  Girder Section and Bar Arrangement 

Figure 5  Stress-Strain Relationship of Concrete 
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Figure 1  Plan View of School Building 

Figure 2  Floor Framing Plan of School building 

Figure 6  Hysteresis model in Beam hinges Figure 7 Relationship of Story Shear Force-Story Drift  
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Figure 8  Distribution of Plastic Hinges 

(a) Distribution of Plastic Hinges by Pushover Analysis 

(b) Distribution of Plastic Hinges by Seismic Time History Analysis 

Figure 9  Distribution of Story Response Results 

(a)Maximum Story Displacement (b) Maximum Inter-Story Drift 
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Abstract:  Attaching advanced lateral force resisting system from outside the existing buildings has been a well accepted 
technique to enhance the seismic performance of these buildings in Japan. The newly-added system needs to be firmly fastened 
to the existing one. In this paper, the results of an experimental test on the shear strength of concrete interface with both 
post-installed anchors and prestressing steel rods is reported. The interface is critical for fastening a precast prestress frame to an 
existing reinforced concrete building. Various combinations of post-installed anchors and prestressing rods were tested to prove 
that it is appropriate to add up the contribution of the two components to obtain the total shear strength of the interface. In 
addition, the applicability of this technique to existing building with very low strength concrete was examined. An equation of 
estimating the shear strength of interface with both post-installed anchors and prestressing steel rods is proposed. 

 
 
1.  INTRODUCTION 
 

The seismic performance of old buildings in Japan, 
especially of those built before 1981 is usually inadequate to 
meet the requirement of the current seismic design provisions so 
that a large amount of existing buildings need to be 
seismically retrofitted to be better prepared for the next major 
earthquake. Following the 1995 Kobe earthquake and the 
enforcement of the Act on Promotion of Seismic Retrofitting 
of Buildings, seismic inspection and retrofit of existing 
buildings have been widely carried out in Japan. The effect of 
this continuing effort during the past 15 years has been proved by 
the most recent M9.0 Tohoku-Pacific earthquake. The observed 
building damage due to the ground shaking of this earthquake 
was not severe and not proportionate to the intensity of this 
earthquake. One of the most commonly used retrofit methods for 

reinforced concrete (RC) buildings is to attach a precast 
prestressed concrete (PCaPC) frame from outside the existing 
buildings so that the two form an integral system to resist the 
lateral action of earthquakes (Fig. 1, JBDPA (2001)).  

Connecting slabs are generally used to connect the newly 
added PCaPC frame to the beams in the existing RC building. 
Either post-installed anchors or prestressing steel rods can be 
used to provide the shear capacity of the interface between the 
existing beam and the connecting slab as suggested by JBDPA 
(2002). This kind of retrofit has become favorable mainly 
because they can be carried out without suspending the 
occupancy of the building. In addition, they generally do not 
impair any opening on the facade. The PCaPC frame, which 
consists of precast concrete beam and columns compressed 
together by prestressing strands, could also provide additional 
self-centering capacity to the system to make the building more 
resilient. In this study, it is proposed to use both the 
post-installed anchors and the prestressing steel rods for the 
connection and the combined shear strength of the interface is 
investigated through an experimental program on the connecting 
slab. 

In real structures, such a connecting slab may be subject to 
a complicated combination of shear, compressive and tensile 
stress due to the eccentricity. In the current experiment, 
however, only in-plane shear action is considered. Furthermore, 
this kind of retrofit is generally applicable to concrete whose 
compressive strength σB is higher than 18MPa. There are, 
however, buildings made of concrete with lower strength. It is 
also of interest to investigate if the retrofit method is also 
applicable to buildings with very low strength concrete.  

Figure 1  Attached PCaPC Frame for Retrofit 

RC Building

PCaPC Frame

Connecting Slab
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2.  METHOD OF EVALUATING INTERFACE SHEAR 
STRENGTH 

 
The shear strength of the connecting interface may come 

from (1) dowel action of the joint reinforcing bars; (2) friction 
on the interface and (3) bond of the concrete interface. The 
total shear strength of a connecting slab may, however, not be 
equal to the sum of these components because they are not 
obtained at the same slip in shear (JBDPA, 2002; Nakano and 
Matsuzaki, 2001). The bond would be quickly lost even with 
very small slip at the interface while the dowel action is not likely 
to take effect until some considerable slip occurs. In the whole 
process of shearing, the friction may always exist without much 
variation. Because the bond strength of the concrete interface 
may highly depend on the condition, such as the roughness, of 
the surface and it will be quickly lost with any considerable slip, 
it is preferred not to take it into account in the design of the 
connection. Instead, it is regarded as safety margin. Thus, the 
other two components, i.e., the contribution of the dowel action 
and that of the friction, may be readily summed up for the overall 
shear strength of the interface because the friction exists all the 
time. This is to be proved by the experiment in this study. 

In the design method recommended by JBDPA (2002), the 
shear contribution of the prestressing rods is evaluated as the 
friction force, Qfr, calculated by Eq. 1, while that of the 
post-installed anchor evaluated as a dowel action, which is 
dependent on the shear displacement, or the slip, of the interface. 
A slip of 2 mm, which is the allowable slip for the interface as 
required by JBDPA (2002), is assumed in this study at which the 
dowel action of the anchors is evaluated. Shear strength of the 
post-installed anchors, Qa, can be calculated by Eq. 2. Qa is 
the smaller of aQa1 and aQa2 while aQa1 in Eq. 2-1 is the 
strength when the anchor fractures in shear at the concrete 
interface and aQa2 in Eq. 2-2 is the strength when the concrete 
surrounding the anchor is crushed. 

 

0nPQ pfr   (1)

 
where pn is the number of prestressing rod; μ is the 
coefficient of friction; η is the effectiveness ratio of prestress; 
P0 is the initial prestressing force a rod. 
 

 21,min aaaaasa QQnQ   (2)

yesaa aQ  7.01  (2-1)

esBcaa aEQ  4.02  (2-2)

 
where an is the number of post installed anchor;  S is a 
reduction factor; sae is the sectional area of a post installed 
anchor; σy is the yield strength of post installed anchor; Ec is 
the Young’s modulus of concrete; σB is the compressive 
strength of concrete. 

It is assumed that the ultimate strength of post installed 
anchor steel is 1.2 times its yield strength and hence 0.7y in 
the right hand side of Eq. 2-1 represents the ultimate shear 
strength of anchor steel. 

As recommended by JBDPA (2002), either Eq. 1 or Eq. 2 
should be used to evaluate the interface shear strength when 
post-installed anchors or prestressing rods are used for the 
connection. No method is provided in JBDPA (2002) to estimate 
the interface shear strength with both the prestressing rods and 
the post-installed anchors 
 
 
3.  EXPERIMENTAL PROGRAM 
 
3.1 Specimens 

Ten full-scale specimens were tested, each consisting of 
a PCaPC beam, a connecting slab and a RC beam. The 
PCaPC beam represents the newly attached frame and the 
RC beam represents the existing RC building. The tested 
connecting slabs, or more specifically the connecting interface, 
can be classified into three categories: (1) that with only 
prestressing rods at 0.5Py prestressing force (Specimens No. 
1 and 2); (2) that with only post installed anchors (Specimens 
No. 3 and 4); (3) that with both post installed anchors and 
prestressing rods (Specimens No. 5 to 10). The major 
parameters and material properties of the specimens tested 
are listed in Table 1 and the configuration of the three 
categories of specimens are shown in Fig. 2. In each category, 
the concrete strength of the existing RC beam is selected as a 
parameter. For Specimen No.1, 3, 5, 7 and 9, the nominal 
concrete strength B of the RC beam is 10MPa while for 
Specimen No.2, 4, 6, 8 and 10) it is 18MPa. 

Table 1  Parameters of Specimen and Material Properties 

Yield
Strength

Young's
Modulus

Yield
Strength

Young's
Modulus

Compressive
strength

Young's
Modulus

Compressive
strength

Young's
Modulus

Compressive
strength

Young's
Modulus

P 0 F c p σ y p E s (×105) a σ y a E s (×105) σ B E c (×104) σ B E c (×104) σ B E c (×104)

kN MPa

No.1 ○ － 106 10 56.0 4.14 24.6 3.49 8.9 2.06
No.2 ○ － 106 18 52.9 4.03 25.8 3.08 17.1 2.67
No.3 － ○ － 10 56.5 4.16 24.8 3.45 9.0 2.08
No.4 － ○ － 18 53.0 4.03 26.3 3.12 17.3 2.68
No.5 ○ ○ 0 10 58.2 4.23 25.3 3.32 9.3 2.16
No.6 ○ ○ 0 18 53.2 4.03 27.4 3.22 17.7 2.70
No.7 ○ ○ 106 10 58.9 4.26 25.5 3.27 9.4 2.19
No.8 ○ ○ 106 18 53.2 4.03 27.5 3.23 17.8 2.71
No.9 ○ ○ 190 10 60.3 4.32 25.9 3.17 9.6 2.25
No.10 ○ ○ 190 18 53.3 4.03 27.8 3.26 17.9 2.71

Material

Specimen

Parameter

RC beam

MPa MPa MPa MPa MPa

PCaPC beam

1241 2.00 401 ―

Connecting slab
Presteressing rod Post-installed anchor

ConcreteSpecified
design

strength of
RC beam

Prestressing
rod

Post-installed
anchor

Connecting bars
Initial

prestress per
bar
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The level of prestressing force per rod is adopted as another 
parameter in the third category. The prestressing force per rod 
was taken to be 0, 0.5Py and 0.9Py for Specimen No.5 and 6, No. 
7 and 8, No. 9 and 10, respectively. Prestressing rods 17 
(Type B, SBPR 930/1080) provided by JIS G 3112 are used. 
Grout was injected into the sheath for the prestressing rod after 
the prestress was released.  

Deformed rebars D16 (SD345) provided by JIS G 3112, 
and film tube type-organic anchors for the post installed 
anchors. 
 
3.2 Testing method 

Depending on the estimated shear strength of the 
specimens, two loading setups were used (Fig. 3). Type-A 
employed a single oil jack while Type-B used two. The 
specimen was installed vertically with the RC beam at the 
bottom. Shear force is applied at the concrete interface. 
Cyclic loading with increasing amplitude was carried out. The 
load history is shown in Fig. 4. Before the bond failed, the 
loading was controlled by force. The increment of force 
amplitude was first a fraction of the estimate shear strength of the 
interface addQ, then 100kN after the load exceeded the estimate 
strength addQ. After the bond failed, the loading was shifted to 
displacement control and the maximum slip used was 10mm. 

The total load acting on the interface was taken as the sum 
of measured load in the 1000kN oil jack and that in the 500kN 
oil jack for Type-B setup. Displacement between the 
connecting slab and the RC beam was measure. This measured 
displacement might also have included the shear deformation of 
the RC connecting slab itself because the transducer was 
installed on the connecting slab several centimeter above the RC 
beam’s top surface. However, this shear deformation should be 
less than 0.1mm at 1000kN shear force assuming that the 
connecting slab remains elastic. Therefore, it is deemed that the 
measured displacement is close enough to the slip at the interface, 
especially when the interface behavior after the failure of the 
bond is concerned.  
 

 

PCaPC
Beam

Prestressing Rod

Connecting
Slab

RC beam

2090

10
50

45
0

65
0

1925

400

700

200

Post-Installed Anchor

70
0

1925
95 1700 130

25
0

20
0

25
0

250 400 200 200 400 250

450 800 450

Prestressing Rod

Post-Installed Anchor

2090

10
50

45
0

65
0

1925

400

700

200

PCaPC
Beam

Post-Installed Anchor

Connecting
Slab

RC beam

70
0

1925
95 1700 130

25
0

20
0

25
0

250 400 200 200 400 250

Post-Installed Anchor

Figure 2 Dimensions and Reinforcement of Specimens 

(c) With both Post Installed Anchors and Prestressing Rods 

(b) With only Post Installed Anchors 

(a) With only Prestressing Rods 
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Stage: I: Force control with load increment of a fraction of the estimated strength Q. 

Stage: II: Force control with 100kN load increment 

Stage: III: Displacement control, 10mm maximum slip 

Figure 4  Loading History 
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Table 2  Experimental and Predicted Shear Strength of Interface 

No.1 No.2 No.3 No.4 No.5 No.6 No.7 No.8 No.9 No.10

8.9 17.1 9.0 17.3 9.3 17.7 9.4 17.8 9.6 17.9

Maximum shear
force Q max  (kN)

888 922 772 719 821 983 899 1390 1200 1372

Shear force at +2mm
Q +2mm  (kN)

211 ― 253 241 537 254 573 594 852 998

Shear force at -2mm
Q -2mm  (kN)

282 ― 17 30 291 494 704 294 1078 698

ave Q ±2mm  (kN) 246 ― 135 136 414 374 638 444 965 848

Q fr  (kN) 119 119 ― ― 0 0 119 119 203 203

Q a   (kN) ― ― 121 168 125 168 126 168 130 168

Proposed Q add (kN) 193 236 185 284 273 414 378 515 458 585

Results of Experiment

Specimen

Concrete compressive
strength of RC beam (MPa)

JBDPA(2002)

 
 
 
4.  TEST RESULTS AND DISCUSSIONS 
 
4.1 Shear force-slip relationship 

Shear force versus slip relationship is shown in Fig. 
5. The data of Specimen No.2 was not obtained because the 
test of No.2 was stopped immediately after the failure of the 
bond of the interface. Characteristic loads, namely the 
maximum shear force, Qmax, and the shear force 
at mm2 slip, Q+2mm, and Q-2mm, are also marked in Fig. 5 
and listed in Table 2, where the concrete strength σB of the 
RC beam is also listed. 

The stiffness of all specimens is high before the 
failure of the interface bond (Fig. 5). When the bond failed, 
the strength of most specimens underwent a sudden loss and 
a considerable slip occurred. The specimen No. 9 seems an 
exception, which maintained stable strength even with 
considerable slip. It might have been the result of a large 
friction. Further studies are required to make it clear.  

As can be seen in Table 2, Q-2mm of Specimen No. 3 
and 4 is much lower than their Q+2mm. It may be caused by 
the crushing of the concrete around the post installed 
anchors when the slip suddenly increased due to the brittle 

failure of the bond. Other specimens also exhibited different 
Q-2mm and Q+2mm. In the following discussion, the average 
value of the two, denoted as aveQ±2mm, is used. 

It is also worth noting that the shear strength is not so 
much different between specimens with B = 18MPa and 
10MPa concrete strength for the RC beams. From the result 
of this experiment, it seems that the concrete strength of the 
existing RC beam has little effect on the interface shear 
strength.  
 
4.2 Shear strength evaluated by design method 

Shear strength predicted by the design method in Eqs. 
1 and 2 are compared with the test results in Table 2. As 
recommended by JBDPA (2002), the reduction factorS is 
taken as 0.7 and the coefficient of friction μ is 0.5. The 
effective ratio of prestress, η, in those equations should 
represent the prestress loss due to the creep and drying 
shrinkage of concrete. In case of this experiment, the test 
was carried out within three months after the specimens 
were cast before any considerable loss of the prestress 
could take place due to the creep or drying shrinkage of 
the concrete. So it is believed appropriate to make η equal to 

1~3: Specimen (1: PCaPC beam, 2: Connecting slab, 3: RC beam) 4: 1000kN jack, 5: 500kN jack, 6: Screw jack, 7: Out of plane constraint
(a) Type-A (b) Type-B 
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Figure 3  Loading Setup 
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1.0, rather than the recommended value of 0.85 in JBDPA 
(2002). Test strength of the steel and the concrete, as listed 
in Table 1, are used in the calculation. 

Only prestressing rods were used in Specimen 1 and 
2 to strengthen the connecting interface. It would be 
appropriate to use Eq. 1 to estimate their shear strength 
after the interfacial bond fails. As mentioned above, the 
test of Specimen No. 2 was prematurely stopped and thus 
the post-peak strength was not obtained. For Specimen 
No.1, however, it is obvious that Eq. 1 may over 
underestimate its shear strength. The friction force 
calculated by Eq. 1 is less than half of the test result. 
Though it may be partly due to an underestimate of the 
coefficient of friction of the interface, it is not likely the sole 
reason of the underestimation because a coefficient of 

friction of greater than 1.0 would be required to match the 
test result. Actually, note that the prestressing rods were 
bonded by grout in this specimen. The prestressing rods 
themselves were very likely to be able to provide some 
shear capacity by dowel actions.  

For Specimen No. 3 and 4, only the post-installed 
anchors were employed in the interface. Their post-peak 
shear strength may come primarily from the dowel action 
of the anchors. Although some friction may also have 
existed in the interface due to the weight of the concrete 
block and steel jigs above the interface, it was only 
marginal. By comparing with the test result, it is seen that 
the shear strength calculated by Eq. 2 agrees quite well 
with the test results, aveQ±2mm, of Specimen No. 3 and 4.  
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5.  PROPOSED METHOD OF EVALUATING 
INTERFACE SHEAR STRENGTH 
 

Since no recommendation is provided in JBDPA (2002) 
to estimate the interface shear strength with both the 
prestressing rods and the post-installed anchors, an equation 
of doing this is proposed Eq. 3.  
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where pa is the sectional area of a single prestressing 

rod; Py is the yield strength of a prestressing rod. 
 
The shear strength, addQ in Eq. 3 is the sum of Qfr in Eq. 

1, Qa in Eq. 2 and an extra term, pQ, representing the dowel 
action of the prestressing rods. pQ is evaluated as the 
smaller of pQa1 and pQa2, the same manner as evaluating 
the shear strength of the post-installed anchor in Eq. 2. For 
post-installed anchor steel, a pure shear stress state can be 
readily assumed to estimate its shear strength from its 
direct tensile yield strength. For prestressing rod steel, 
however, a combined tensile and shear stress state has to 
be considered when calculating its shear strength because 
the prestressing rods are usually carrying considerable 
initial axial force when it is subject to shear force. In the 
light of this, the middle term on the right hand side of Eq. 
3-1 is adopted to take into account the influence of the 
prestress on the shear strength of the prestressing rods. It 
is derived by assuming that the yield surface of 
prestressing rod steel follows the von Mises criterion. In 
addition, the reduction factor S in Eq. 2 is taken as 1.0 in Eq. 
3.  

The shear strength predicted by Eq. 3, addQ, is compared 
in Table 2 as well as in Fig. 6 with aveQ±2mm from the test 
results. The estimated strength generally agrees well with the 
test results as can be seen in Fig. 6. It indicates that it is 
appropriate to add the shear strength contributions of the 
post installed anchor and the prestressing rods. It is also 
worth mentioning that adequate safety margin should be 
guaranteed when estimating the interface shear strength by 
Eq. 3 in design practice because large variation is observed in 
the test results.  

 

 
6.  CONCLUDING REMARKS 
 

The following findings are obtained through the 
experiment and the above discussions. 

(1) Shear force versus slip relationship of the interface 
was observed in the experiment. Although the bond of the 
interface exhibited very brittle failure, the strength provided 
by the dowel action of the interface reinforcement and the 
friction force is quite stable. 

(2) The proposal equation works well in predicting the 
interface shear strength with either post-installed anchors or 
prestressing rods or both. It also indicates that the shear 
strength of the connecting slab at 2mm interface slip can be 
appropriately estimated by the sum of the contribution of the 
post installed anchors and the prestressing rods.  

(3) In this experiment, the compressive strength of 
RC beam representing the existing RC building has little 
effect on the interface shear strength. 
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Abstract: Reinforced concrete rigid frame structures generally have a corner column jointed with two beams in
orthogonal directions, and longitudinal bars in those beams anchor in the column, which part is exterior joint. If plastic
hinges are designed at the beam ends for ductile frame system, the longitudinal bars need to yield and capacities of the
anchorage and strength of the exterior joint must be evaluated. An objective of this experimental study is to examine a
stress transfer mechanism in the corner column and beams joint, which the flexural strength of the column is a little larger
than that of the beams. Three corner column and beams joint specimens of almost half scale are prepared for tests, and are
subjected to static cyclic loads. As results, it can be said that strength at the joint can be evaluated by traditional method:
the joint can fail under large displacement even if the joint has 1.5 times larger strength than the beams: the longitudinal
bars in a perpendicular beam can effect as anchorage reinforcements: stiffness against torsion around column axis
declines after the damage at the connection.

1. INTRODUCTION

Reinforced concrete rigid frame structures generally
have a corner column jointed with two beams in orthogonal
directions, and longitudinal bars in those beams anchor in
the column, which part is exterior joint. If plastic hinges are
designed at the beam ends for ductile frame system, the
longitudinal bars need to yield and capacities of the
anchorage and strength of the exterior joint must be
evaluated. However, experimental studies on the reinforced
concrete corner column and beams joints subjected to
bi-directional loads are limited, and specimens in a rare
studies had quite higher flexural strength in a column than
beams at the connection. When the exterior joint of the rigid
frame is subjected to lateral load, a compressive strut of
concrete is formed. And the longitudinal bars in the beams,
which are anchored in the joint, are recommended to cross
the compressive strut in the joint. However, the anchorage of
longitudinal bars may be out of the compressive strut when
the exterior joint is subjected to bi-directional loads;
therefore there is a fear that actual strength of the beam may
be the lower than calculation. A rational design method is
necessary, which can evaluate performance of anchorage,
effects of transverse bars in the joint, and torsion moment at
the joint.

An objective of this experimental study is to examine a
stress transfer mechanism in the corner column and beams
joint when the beams yield in flexure, which the flexural
strength of the column is a little larger than that of the beams.
Three corner column and beams joint specimens of almost

half scale are prepared for tests, and are subjected to static
cyclic loads. The each of the specimens has a column of a
story height and two beams of half a span. The beams are
jointed at the center of the column width. The column has
300 x 300 mm square section, and is subjected to shear load
in diagonal direction. The two beams have width of 150 mm
and depth of 300 mm, respectively, and are subjected to
vertical load mutually in the other direction. Calculated
flexural strengths of columns are about 1.15 times larger
than those of beams in the three specimens. Parameters of
the tests were diameter of longitudinal bars in the beams,
which deformed bars of D13 and D16 were employed, and
ratio of calculated shear strength of joint part to calculated
flexural strength of the beam, which the aimed ratios were
0.7 and 1.5. The calculated shear strength of joint isn’t taken
effect of transverse bars in the joint into account; therefore
the strength is shear resistance of concrete. The stress
transfer mechanism in the corner column and beams joint
were considered based on the test results.

2. EXPERIMENTAL PROGRAM

2.1 Dimension of Specimens and Loading Setup
In this test, three specimens, which were corner

column and beams joints, were prepared. As shown in
Figure 1, all of them had identical column and beam sections
those were 300 x 300 mm and 150 x 300 mm, respectively.

Figure 2 and Figure3 show loading setup and
measuring system for the specimens, respectively. The
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specimen was subjected to lateral load and vertical forces
were acted on the beams at supporting point of roller. the
supporting plane of beams is 850 mm apart from a loading
plane of a column. The column was applied lateral load and
axial load with actuators. A story drift displacement and
rotation around a column axis were measured with
displacement transducers. Strain gages were pasted on
longitudinal bars at the fix end section in one side of the
column and one side of the beam, and square shaped
transverse bars in the joint on the centers of four sides. The
strain gages on the longitudinal bars in the column and the
beam were located 25 mm apart from a beam face and a
column face, respectively.

2.2 Parameters and Loading Plan
Table 1 and Table 2 show detail of the specimens and

mechanical properties of deformed bars. Concrete strengths
were about 34 N/mm2. Figure 4 shows parameters of this
experiment. The detail of joint in Table 1 shows arrangement
of reinforcements and anchorage length of longitudinal bars
in the beams.

The parameters of the tests were diameter of
longitudinal bars in the beams and ratio of calculated shear

strength of joint part to calculated flexural strength of the
beam. Therefore arrangements of longitudinal bars in the
beams were different to adjust the ratios of the calculated
strengths, which the specimens EXJ-D1, EXJ-D2, and EXJ
-D3 had ratios of 0.72, 1.46, and 1.65, respectively. The
shear strength of the joint were calculated according to AIJ
Guidelines (AIJ 1999) that was not taken an effect of shear
reinforcements into account and was an elliptical
interpolation of two calculated shear strengths of the joint in
planes of structures perpendicular to each other. The

Figure 1 Dimension of Specimen [EXJ-D3]
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deformed bars in the beams of the specimens EXJ-D1, EXJ
-D2, and EXJ-D3 were D13, D16, and D13, respectively.
The specimen EXJ-D2 had thicker longitudinal bars in the
beam than the other two specimens.

The calculated flexural strengths of columns were
about 1.15 times larger than those of beams in the three
specimens. In order to adjust this ratio constant axial loads
acted on the columns were different among the three
specimens. The calculated strength of the column was
reduced to 0.85 times lower than the strength around
principal axis of the R/C column section (AIJ 1999). Ratios
of transverse bars in the columns and beams of the
specimens were designed not to fail in shear against flexural
strength in the each member according to AIJ Standard (AIJ

Table 1 Detail of Specimens

Table 2 Mechanical Properties of Deformed Bar

Name of Deformed Bar D4 D6 D10 D13 D16

Nominal Section Area

[mm2]
14.05 31.67 71.33 126.7 198.6

Yield Strength

[N/mm2]
357* 347* 336 353 317

Tensile Strength

[N/mm2]
490 475 491 505 466

Yong's Modulus

[x104 N/mm2]
21 19 17 19 19

*: 0.2% offset method

Name of specimens

F C
*1 [N/mm2]

s T
*2 [N/mm2]

E C
*3 [N/mm2]

Part Column Beam Column Beam Column Beam

Section

Longitudinal bar

(p g
*4, or, p t

*5)
8-D13
(1.1%)

2x8-D13
(2.7%, 2.8%)

12-D10
(0.95%)

2x3-D16
(1.8%, 1.6%)

12-D10
(0.95%)

2x4-D13
(1.3%, 1.3%)

Shear reinforcing bar

(p w
*6)

-D6@50
(0.42%)

-D4@50
(0.75%)

-D6@100
(0.21%)

-D6@100
(0.42%)

-D6@100
(0.21%)

-D4@100
(0.37%)

Axial load [kN]

(axial load ratio*7)

302
(0.1)

-
109

(0.035)
-

78.5
(0.025)

-

Reinforcing bar
in joint

Detail of joint [mm]

EXJ-D1 EXJ-D2 EXJ-D3

2.6 x 104 2.5 x 104 2.6 x 104

33.6 34.7

2.7

34.9

2.5

*7: ratio of axial load divided by product of section area and F C

*1: compressive strength of concrete cylinder, *2: splitting tensile strength of concrete, *3: 1/3 secant modulus of concrete

3.3

*4: gross reinforcement ratio of column, *5: tensile reinforcement ratio of beam, *6: shear reinforcement ratio

2x -D6

Figure 4 Parameters
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2010).
The specimens were subjected to cyclic loading as

shown in Figure 5. Turns of loading path were numbered
with parentheses. Allowable strengths in Figure 5 were
calculated according to AIJ Standard (AIJ 2010).

3. TEST RESULTS

3.1 Specimen EXJ-D1
Figure 6 shows relationship between shear load on

column and story drift. As shown in this Figure, at a story
drift of 0.01 rad, the specimen showed the larger resistance
than calculated shear strength of the joint. The peaks of load
in both positive and negative side of displacements followed
yielding of longitudinal bars in beams at story drifts of -0.02
rad and 0.03 rad. After that, the specimen didn’t keep its
strength under larger displacement, and hysteresis loops
were narrow and pinching. Figure 7 and Figure 8 show
rotation around a column axis and strains of shear
reinforcements in the joint, respectively. In Figure 8,
horizontal axis expresses time history, and a label in lower
axis means the loading path that numbers are corresponded
with Figure 5, and a label in upper axis means story drift
when their amplitudes increased. The strains reached about
0.5% at a point of loading path of (6) that corresponded to a
story drift of -0.02 rad. Shear cracks on a surface of the joint
became more visible at this moment. Then the specimen
showed large rotation around the column axis, and the joint
considerably damaged as shown in Figure 9. It can be said
that failure of EXJ-D1 was resulted from damage at the
joint.

3.2 Specimen EXJ-D2
As shown in Figure 10, which is shear load on the

column and story drift curve, strength of this specimen
showed good agreement with calculated flexural strength of
beam. The specimen showed large area of hysteresis loops
up to cyclic displacement of 0.02 rad. After that, the
hysteresis loop became narrower. This change corresponded
with increasing of rotation around the column axis and
strains of shear reinforcements in the joint, as shown in
Figure 11 and 12. Finally, decrease of the lateral load
followed increase of the rotation around the column axis,
and the joint considerably damaged as shown in Figure 13. It
can be said that EXJ-D2 yielded in flexure of the beams, and
its failure was resulted from damage at the joint under large
displacement.

3.3 Specimen EXJ-D3
Figure 14 shows shear load on the column and story

drift curve of EXJ-D3. The specimen showed good
agreement with calculated flexural strength of beam and
good hysteresis loops to the end of loading. Figure 15 and 16
show rotation around the column axis and strains of shear
reinforcements in the joint, respectively. The rotation around
the column axis was less than 0.01 rad, and the strains of
shear reinforcements were less than 0.5 % until cyclic story
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Figure 10 Shear Load on Column – Story Drift Curve
[ EXJ-D2 ]

Figure 11 Rotation around Column Axis [ EXJ-D2 ]

Figure 12 Strain of Shear reinforcements in joint
[ EXJ-D2 ]

Figure 13 Photo after the Test [ EXJ-D2 ]
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displacement of amplitude of 0.04 rad. As shown in Figure
17, damages at the joint are slight. It can be said that
EXJ-D3 yielded in flexure of the beams, and showed typical
restoring force characteristics of flexural yielding.

4. CONSIDERATIONS

4.1 Evaluation of Strength
As mentioned above, the strengths of specimens EXJ

-D2 and EXJ-3 can be evaluated by calculation of flexural
strength of beam, and the specimens showed their strength at
the story drift of about 0.01 rad.

Regarding the strength of specimen EXJ-D1, the
maximum value was resulted by yield of longitudinal bars in
beam. However, large deformations were needed to reach
the maximum those were 0.03 rad in positive side and -0.02
rad in negative side. Moreover, the failure of this specimen
was resulted from damage at the joint.

It is necessary to examine the strength of EXJ-D1
from the viewpoint of structural design. Specifically, the
following points must be considered; damages at the joint
are undesirable: calculation of the shear strength of the joint
is not taken effects of shear reinforcements into account (AIJ
1999 and AIJ 2010): it is better to evaluate the strength of
column-beam joint assembly at almost the same deformation
level as the other type of failures such as flexural failure of
beam or column. Considering deformation at the moment
when the specimens EXJ-D2 and EXJ-D3 yielded in flexure,
the story drift of 0.01 rad can be an index for evaluating
strength of the column and beam joint specimens in this test.
And, at this moment, the damage at the joint was slight
because the strains of shear reinforcements were less than
0.2 % that meant almost elastic range. Moreover, the strains
considerably increased under larger displacement than 0.01
rad. It is appropriate to compare the resistance at 0.01 rad
with calculated shear strength of the joint, and those showed
good agreement as shown in Figure 6. Therefore, it can be
said that the strength of the joint part can be evaluated by
traditional method that is an elliptical interpolation of two
calculated shear strengths of the joint in planes of structures
perpendicular to each other.

4.2 Influence of Thick Deformed Bar
The specimens EXJ-D2 and EXJ-D3 had almost the

same calculated strength of beam and ratios of calculated
strength strengths of joint and column to calculated strength
of beam (see Figure 4). The parameter for these two
specimens was diameter of deformed bars in the beams. The
deformed bars in EXJ-D2 were thicker than those in EXJ
-D3 (see Table 1 or Figure 4). The specimens EXJ-D2 and
EXJ-D3 had the ratios of calculated strength of joint to beam
of 1.46 and 1.65, respectively.

The restoring force characteristics were almost agreed
between these specimens until cyclic displacements of 0.02
rad amplitude. After that, the strains of shear reinforcements
in the joint and rotation around the column axis of EXJ-D2
increased as shown in Figures 11 and 12, which narrowing

and pinching of hysteresis loops were followed. And then
the joint considerably damaged as shown in Figure 13. It can
be said, when deformed bars of large diameter are employed
for longitudinal bars in beam, the joint can damage under
large cyclic displacement even if calculated shear strength of
the joint is 1.5 times lager than calculated flexural strength
of the beam.

4.3 Behavior after Damage at Joint
As mentioned above, the maximum strength of EXJ

-D1 was resulted from yielding of longitudinal bars in beams.
However, at this moment, the story displacement was large
that was 0.03 rad in positive side, and the strains of shear
reinforcements in the joint were large and the joint obviously
damaged. The tension longitudinal bars in each beam was 8
deformed bars of D13, and shear reinforcements in the joint
and the column, which were square hoops of D6 deformed
bar, were short to resist tension of the longitudinal bars by
itself. It can be considered that longitudinal bars in a
perpendicular beam can effect as anchorage reinforcements
against tension of longitudinal bars in the other beam.

The significant results were shown in this experiment
that the damage at the joint causes a considerable lowering
of stiffness against torsion around the column axis. Because
the corner columns were located apart from the center of
stiffness against torsion on floor plans in general, the
lowering of stiffness against torsion around the column axis
can result unexpected large displacement by a torsion
response of a frame structure.

5. CONCLUSIONS

Three corner column and beams joint specimens were
prepared for static cyclic loading tests, which the beams
were jointed to the column perpendicular to each other. The
columns and the beams had square and rectangle sections,
respectively. Lateral load was applied on the column in
diagonal direction of the column section as the two beams
were subjected to vertical force mutually in the other
direction. The parameters of the test were diameter of
longitudinal bars in the beams and ratio of calculated shear
strength of joint part to calculated flexural strength of the
beams. The calculated flexural strengths of columns were
about 1.15 times larger than those of beams in these three
specimens. As results, the following conclusions could be
found.
1. Strength of a joint part can be evaluated by traditional
method that is an elliptical interpolation of two calculated
shear strengths of the joint in planes of structures
perpendicular to each other.
2. When deformed bars of large diameter are employed
for longitudinal bars in beam, the joint can damage under
large cyclic displacement that makes hysteresis loops narrow
even if calculated shear strength of the joint is 1.5 times
lager than calculated flexural strength of the beam.
3. Longitudinal bars in a perpendicular beam can effect as
anchorage reinforcements against tension of longitudinal
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bars in the other beam.
4. The damage at the joint causes a considerable lowering
of stiffness against torsion around a column axis.
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Abstract:  Seismic response and damage of concrete filled steel tube frame (CFT frame) under strong ground motion 
are calculated by the numerical analysis method. The damage ratios of crack and local buckling of CFT column and 
H-section beam, which are closely related to the collapse of CFT frame, are obtained in relation with the 
column-over-design factor and the strength ratio of CFT column. On the basis of the calculated results, the strength ratio 
limits of CFT frame are investigated to prevent local buckling and steel tube crack of CFT column in relation with the 
ultimate state design conditions which are the column-over-design factor of CFT frame, the maximum velocity of input 
ground motion and the compression strength of filled concrete. 

 
 
1.  INTRODUCTION 
 

It is well known that the concrete filled steel tube 
column (CFT column) is ductile and useful member as 
earthquake resistant element. In some case, however, CFT 
column fractures because of the cracking of steel tube while 
under strong seismic load. This fracture is brittle and 
predicted to be worked to collapse of CFT frame. From this 
reason, seismic response collapse and crack damage of CFT 
frame, which is composed of CFT columns and H-section 
beams, have been investigated. Seismic response collapse of 
multi-story CFT frame is closely related to the fracture of 
structural members, especially to fracture of columns 
(Saisho & Goto 2004, Goto & Saisho 2010). Therefore, the 
restoring force characteristics and fracture mechanism of 
CFT column caused from steel tube crack have been studied, 
and restoring force model and fracture condition of it were 
obtained (Saisho & Goto 2001). 

According to the damages of recent severe earthquakes, 
H-section beams of multi-story steel frame have cracked. 
From this reason, the crack of H-section beam that is 
connected with CFT column of CFT frame should not be 
disregarded for both the crack of CFT column and the 
collapse of CFT frame. Therefore, the fracture condition and 
the damage ratio equation of H-section beam have been 
proposed on the basis of the very low-cycle fatigue failure 
(Goto 2010, Goto & Saisho 2010). 

In this study, using these two crack analysis (crack of 
CFT column and H-section beam), seismic response and 
strength ratio limit of CFT frame are investigated in relation 
with the ultimate state design conditions which are the 
column-over-design factor of frame, the maximum velocity 
of input ground motion and the compression strength of 

filled concrete to prevent the local buckling and crack of 
CFT column subjected to strong seismic load. 
 
 
2.  SEISMIC RESPONSE ANALYSIS METHOD 
 
2.1  Multi-Story CFT Frame Model 

In the dynamic collapse analysis of CFT frame, the 
multi-story plane frame is assumed to be composed of the 
rigid panel zones of beam-column connection and the 
axially elastic members with elastic-plastic hinges at both 
ends as explained in Figure 1 (Saisho & Goto 2004). The 
mass of frame is concentrated in every panel zone and 
distributed uniformly in it. The displacement of frame can be 
expressed only by the rotation (θi, i: number of panel zone), 
the horizontal displacement (ui) and the vertical 
displacement (wi) of every rigid panel zone.  

 

 ui 
θi

wi

Rotation between 
frame deformations (θi, ui, wi) 
and member deformation (iφj) 

ui

wi

iφ1

iφ2
iφ3

iφ4

θi

 

 
 

Figure 1. Multi-story CFT frame model for numerical 
analysis. 
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The viscous damping of frame is expressed by the 
Rayleigh Damping in which the damping factors of the first 
mode (h1) and the second mode (h2) are assumed to be h1 = 
0.02 and h2 = 0.02. 
 
2.2  Restoring Force Model of CFT Column 

The restoring force model of elastic-plastic hinge is 
obtained on the basis of the dynamic loading tests of CFT 
column (Saisho & Goto 2001). According to the test results 
the non-dimensional restoring force (M/Mu) of CFT column 
until the local buckling of steel tube is approximated by the 
Tri-linear model whose skeleton curve is explained in Figure 
2 (a). After the local buckling of steel tube, it is expressed by 
the Clough model (Clough & Johnston 1966) as shown in 
Figure 2 (b). The stiffness ratios at the plastic range in 
Figures 2 (a)-(b) are given as K1/K0 = 0.2, K2/K0 = 0.001 
which are approximated on the basis of the test results 
(Saisho & Goto 2001). The restoring force models 
mentioned above are defined by the non-dimensional 
restoring force (M/Mu) in which the ultimate bending 
strength (Mu) changes at every moment by the varying axial 
force of CFT column. Accordingly the restoring force model 
can simulate the effect of varying axial force of CFT 
column. 

 
2.3  Crack and Local Buckling of CFT column 

From the cyclic loading tests of CFT column it is shown 
that the steel tube of CFT column cracks and fractures as 
shown in Figure 3 (a) when the accumulated plastic strain of 
steel tube becomes to be equal to the critical value (αεf).  

 

M/Mu 

K0/K0 

K1/K0 

K2/K0 

My/M

1 

-1 

-4 -2 0 2 4 6 

φ/φu 

K2/K0M/Mu 

φ/φu5 -5

-1 

K0/K0 
Kr/K0

(K1/K0=0.2, K2/K0=0.001) 
(a) Before local buckling 

(K2/K0=0.001, Kr/K0: unloading stiff.)
(b) After local buckling

1

 
 
 

(b) Local buckling(a) Steel tube crack  

From this result the crack condition of CFT column is 
expressed by Equation 1 (Saisho & Goto 2001). From the 
cyclic loading tests of CFT column it is shown that the steel 
tube of CFT column cracks and fractures as shown in Figure 
3 (a) when the accumulated plastic strain of steel tube 
becomes to be equal to the critical value (αεf). From this 
result the crack condition of CFT column is expressed by 
Equation 1 (Saisho & Goto 2001). 

 
∑ ∑ =+ fTTC αεεε  

 
where εT : the plastic tension strain of steel tube in the 
tension stress side, εTC : the plastic tension strain due to the 
local buckling deformation of steel tube in the compression 
stress side. α (= -0.3ρ + 5.0) : constant expressed by the 
strength ratio of filled concrete to steel tube ρ (= σcAc/σuAs, 
Ac, As : sectional areas of concrete and steel tube 
respectively, σc : compression strength of filled concrete, 
σu : tensile strength of steel tube), εf : fracture elongation of 
steel tube, Σ : summation of plastic strain under cyclic load. 

From Equation 1, the crack damage ratio of CFT 
column (cDcr) is expressed by Equation 2. 

 

fTTCcrc D αεεε /)(∑ ∑+=  

 
As shown in Equation 1, the local buckling of steel tube 

(Fig. 3 (b)) is closely related to the steel tube crack. The 
local buckling condition is obtained on the basis of the upper 
bound theorem of the limit analysis (Saisho et al. 2004). The 
damage ratio of local buckling (cDlb) is decided by the use of 
critical deformation (cδlb) that corresponds to the CFT 
column deformation for the steel tube to buckle locally. 

 

lbcptcpcclbc D δδδ |/| −=  

 
where cδpc - cδpt is the amplitude of plastic deformation of 
CFT column. 

By the use of Equations 2-3, the local buckling and the 
steel tube crack in the restoring force of CFT column 
mentioned above are decided. 
 
2.4  Restoring force model of H-Section beam 

The H-section beam of multi-story CFT frame is also 
expressed by the axially elastic member with the 
elastic-plastic hinges at both ends as shown in Figure 1. The 
restoring force of the elastic-plastic hinge is decided by the 
Tri-linear model shown in Figure 4 in which the restoring 
force characteristics are given by the full plastic moment 
(Mp) and the ultimate bending strength (bMu) of H-section 
beam. The strain hardening behavior of H-section beam 
affects the seismic response and collapse of CFT frame 
under strong ground motion. Accordingly the strain 
hardening of H-section beam in the model can not be 
neglected. It is given by the value K1 which is obtained by 
assuming H-section beam is approximated by two-flange 
section member. 

Figure 2. Restoring force models of CFT column

Figure 3. Steel tube crack and local buckling of CFT column.

(2)

(3)

(1)
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where y (= σy/σu) and u (= εu/εy) mean the yield stress ratio 
and the ultimate tensile strain ratio respectively. 

 
 

2.5  Crack and Local Buckling of H-Section Beam 
When strong alternating repeated load is applied to the 

H-section cantilever beam, flange buckles locally and after 
that cracks (Fig. 5) even if the fracture at the welded joint is 
avoided. According to the dynamic loading tests of 
H-section cantilever beam, the crack fracture of H-section 
beam is considered as the very low-cycle fatigue behavior 
and assumed to be approximated by the Palmgren-Miner 
rule (Goto 2010, Goto & Saisho 2010). From the 
Palmgren-Miner rule, the damage ratio is given by the 
accumulation of the each cycle damage (Dowling 2007). 
Therefore, the crack damage ratio of H-section beam (bDcr) 
in each instant under random repeated load can be expressed 
by Equation 5. 

 

∑=
j fj

crb N
D

1
 

 
where Nfj means the number of cycle to fracture under j-th 
cycle load and Nf is approximated by the Coffin-Manson 
relationship as shown in Equation 6. 

 

c
ffpa N )2(εε =  

 
where εpa : the plastic strain amplitude of H-section beam 
flange buckled locally (Goto & Saisho 2010), εf : fracture 
elongation, c : material modulus. 

The local buckling condition of flange at the beam end 
is obtained on the basis of the upper bound theorem of the 
limit analysis (Goto 2010). The damage ratio of local 
buckling (bDlb) is decided by the use of critical deformation 
(bδlb). 

 

lbbptbpcblbb D δδδ |/| −=  

 
where bδpc - bδpt is the amplitude of plastic deformation of 
H-section beam. 

 
2.6  Input Ground Motion 

To calculate the seismic response and damage of CFT 
frame, El-Centro (California 1940), Taft (California 1952), 
Hachinohe (Aomori, Japan 1968), JMA-Kobe (Kobe, Japan 
1997) are used as input ground motion. These time histories 
of acceleration and acceleration response spectra are shown 
in Figures 6-7 respectively. 

 
2.7  Design of Multi-Story CFT Frame 

CFT frames to be calculated in this study are the 15- 
CFT frames to be calculated in this study are the 15-story 
3-bay frames and 7-story 3-bay frames. They are designed 
under the following conditions. 

i) The distribution of story shear strength ratio is 
decided by the Japanese design code. The base shear 
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Figure 4. Restoring force model of H-section beam.

Figure 5. Crack and local buckling of H-section beam.

Figure 6. Time-histories of input ground motions.
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strength coefficient CB (= Q1/W, Q1: ultimate shear force of 
the first story, W: weight of frame) of 15-story frame and 
7-story frame are also decided by the design code and they 
are CB = 0.25 and CB = 0.40 respectively. The frame strength 
is calculated by the limit analysis assuming the collapse 
mechanism of frame with plastic hinges at every beam-end 
and the upper and lower column-ends in the top story and 
the first story. 

ii) The column-over-design factor (rc) of every 
beam-to-column connection except for the highest story is 
the same and they are rc = 1.0 - 6.0. 

iii) The strength ratio of filled concrete to steel tube ρ (= 
σcAc/σuAs, Ac, As : sectional areas of concrete and steel tube 
respectively, σc : compression strength of filled concrete, 
σu : tensile strength of steel tube) affects the restoring force 
characteristics of CFT column strongly (Saisho & Goto 
2001). From this reason the strength ratios (ρ) of all CFT 
columns are assumed to be the same and they are ρ = 0.5 - 
16.0 in this study. 

iv) Every H-section beam of multi-story frame satisfies 
the critical conditions of the width-to-thickness ratio of 
flange (b/tf) and web (h/tw) and the lateral buckling 
parameter (Lbh/Af). They are b/tf = 5, h/tw = 71 and Lbh/Af = 
375 (b : half width of flange, h : depth of beam, tf, tw : 
thicknesses of flange and web respectively, Af : sectional 
area of flange, Lb : beam length). 

All CFT frames are designed under the conditions 
mentioned above and another condition that any dimension 
of steel tube and H-section are available. 

The story-height of every CFT frame is 4.0 m and the 
span lengths of outer span and inner span are 8.0 m and 6.0 
m respectively. The weight of each story is 2000 kN. The 
yield stress (σy) and the tensile strength (σu) of steel tube and 
H-section beam are σy = 340 N/mm2 and σu = 440 N/mm2. 
The fracture elongation (εf) of steel tube and H-section beam 
is εf = 0.20. The compression strength of filled concrete (σc) 
is σc = 30, 60, 120 N/mm2.  

Some results of designed CFT frames are shown in 
Figure 8 (a)-(b) in which there are diameter (D) of CFT 
column, depth (H) of H-section beam at the first story and 
natural period (T) of CFT frame. The design conditions of 
CFT frames are quite different among them. But every 
diameter (D) of CFT column and depth (H) of H-section 
beam is practical dimension and the natural periods (T) of 
15-story frames and 7-story frames are almost constant  
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respectively. From these designed frames it is ascertained 
that the design method of multi-story CFT frame is useful. 

 
 
3.  SEISMIC RESPONSE AND DAMAGE RATIO 
 
3.1  Effect of Column-Over-Design Factor on 
Maximum Damage Ratios of CFT Frame 

The damage distributions of CFT frames under 
JMA-Kobe are shown in Figure 9 (a)-(b). The damages of 
CFT frame are the rotation of elastic-plastic hinge (φ), the 
local buckling damage ratios of CFT column (cDlb) and 
H-section beam (bDlb) and the crack damage ratios of CFT 
column (cDcr) and H-section beam (bDcr). These damage and 
damage ratios are expressed by the length of thick lines 
perpendicular to the axis of column and beam. The 
numerical values in the figures explain the damage or 
damage ratios of CFT column in the first story and the 
highest story. 

To show the effect of the column-over-design factor (rc), 
the calculations in these figures are carried out under the 
condition of rc = 1.0 and rc = 3.0. Although all CFT frames 
are designed under the same design condition on the 
ultimate story shear strength, the strength distribution along 
the story and the strength ratio of filled concrete to steel tube 
(ρ), we can see the remarkable differences of the damage 
ratio distribution among the CFT frames. In the CFT frame 

Figure 7. Response spectra of input ground motions.

Figure 8. Dimensions of members (D, H) and natural periods 
(T) of designed CFT frames (σc = 60 N/mm2). 
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of rc = 1.0 (Fig. 8 (a)), many CFT columns buckle locally 
and high crack damage ratios of CFT column appear. On the 
other hand, the local buckling of CFT column does not 
appear in the CFT frame of rc = 3.0 (Fig. 8 (b)). Therefore, 
the crack damage ratios of CFT columns are low. 

The relations between the column-over-design factor 
(rc) and the maximum damage ratios of CFT frame under 
JMA-Kobe and Hachinohe (Hachinohe wave is amplified to 
the same spectrum intensity with JMA-Kobe) are explained 
in Figure 10 (a)-(b). These figures show the maximum 
elastic-plastic hinge rotation (φ)m, the maximum local 
buckling damage ratios of CFT column (cDlb)m and 
H-section beam (bDlb)m and the maximum crack damage 
ratios of CFT column (cDcr)m and H-section beam (bDcr)m. 

According to Figure 10 (a)-(b), the complicated 
differences due to the design conditions are observed but the 
maximum damage ratios of local buckling and steel tube 
crack of CFT column increase monotonically in almost case 
with the column-over-design factor (rc) decreases.  

 

Figure 9. Damage distributions of CFT frame under strong
ground motion (JMA-Kobe) 
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Figure 10. Effect of the column-over-design factor (rc) on
the maximum damages of CFT frame (ρ = 3.0, σc = 60
N/mm2) under strong ground motion. 
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Especially, it is observed (cDcr)m-value increases remarkably 
when the local buckling of CFT column occurs ((cDlb)m = 
1.0). On the other hand, the maximum crack damage ratio of 
H-section beam tends to increase with the 
column-over-design factor (rc), however, the H-section beam 
does not crack even if rc = 6. From these results, it is shown 
that the maximum damage ratios of CFT column are clearly 
affected by the column-over-design factor (rc). 

 
3.2  Effect of Strength Ratio of Filled Concrete to Steel 
Tube on Maximum Damage Ratios of CFT Frame 

The damage distributions of CFT frames under 
JMA-Kobe are shown in Figure 9 (c). These calculated 
frames differ only in the strength ratio of filled concrete to 
steel tube (ρ) with CFT frames in Figure 9 (a). Other design 
conditions which are the ultimate story shear strength, the 
strength distribution along the story and the 
column-over-design factor (rc) and input ground motion are 
the same. According to these results, we can see the 
remarkable differences of the damage ratio distribution 
among the CFT frames, especially the damage ratios of CFT 
column. As comparing with CFT frames with ρ = 3.0 (Fig. 9 
(a)), many CFT columns buckle locally and high crack 
damage ratios of CFT column appear in CFT frames with r 
= 11.0 (Fig. 9 (c)). 

To show the effect of the strength ratio of filled 
concrete to steel tube (ρ) on the maximum damage ratios of 
CFT frame ((φ)m, (cDlb)m, (bDlb)m, (cDcr)m, (bDcr)m), seismic 
response analyses of CFT frames with variable ρ-values are 
carried. Figure 11 (a)-(b) shows the some calculated results 
as examples. According to Figure 11 (a)-(b), the complicated 
differences are observed. But the maximum damage ratios 
of local buckling and steel tube crack of CFT column 
increase monotonically with the strength ratio of filled 
concrete to steel tube (ρ). It is also observed that the upper 
bounds of ρ-value not to occur the local buckling and the 
steel tube crack of CFT column exists and these bounds are 
strongly affected by the column-over-design factor (rc). 

 
3.3  Limit Value of Strength Ratio of Filled Concrete to 
Steel Tube 

To avoid the local buckling and steel tube crack of CFT 
column subjected to strong seismic load, the design 
condition limits of the strength ratio of filled concrete to 
steel tube (ρlb, ρcr) are investigated. Figure 12 (a)-(b) shows 
the lower bounds of strength ratio of filled concrete to steel 
tube in case the local buckling of CFT column occurs (ρlb). 
The input ground motions are amplified the maximum 
velocity (Vm) to Vm = 1.0 or 1.5 m/sec. According to Figure 
12 (a)-(b), ρlb-value increases with the column-over-design 
factor (rc) monotonically and linearly in each ground motion. 

Figure 13 (a)-(b) shows the lower bounds of the 
strength ratio of filled concrete to steel tube in case the steel 
tube crack of CFT column occurs (ρcr). According to Figure 
13 (a)-(b), ρcr-value also tends to increase with the 
column-over-design factor (rc). However, ρcr-values are 
affected by the ground motion because of the duration of 
ground motion and the number of cyclic load (Hachinohe 
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wave has long duration and many load cycles). 
Figure 14 shows the effect of compression strength of 

filled concrete (σc). Input ground motion is JMA-Kobe (Vm 
= 1.0 m/sec). ρlb-values are strongly affected by sc-value. 
But the diameter-to-thickness ratio are almost same value in 
each rc-value because the local buckling condition of CFT 
column is relative to diameter-to-thickness ratio strongly 
(Saisho et al. 2004). On the other hand, ρcr-values are almost 
constant. 

 
 
4.  CONCLUSIONS 

Seismic responses and damages of many CFT frames 
under strong ground motions have been analyzed and it is 
pointed out that not only the ultimate story shear strength 
and the shear strength distribution but also the 

Figure 11. Effect of the strength ratio of filled concrete to 
steel tube (ρ) on the maximum damages of CFT frame (σc

= 60 N/mm2) under JMA-Kobe. 
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column-over-design factor (rc) and the strength ratio of filled 
concrete to steel tube (ρ) affect both damage ratios of the 
local buckling and the steel tube crack strongly. 

To prevent the local buckling and the steel tube crack of 
CFT column, the lower bounds of the strength ratio of filled 
concrete to steel tube in case these damages occur (ρlb, ρcr) 
are investigated quantitatively. From these results, although 
both ρlb-value and ρcr-value vary according to the 
column-over-design factor (rc), the input ground motion, the 
compression strength of filled concrete (σc), the strength 
ratio of filled concrete to steel tube should be less than 1.0 to 
prevent the local buckling and steel tube crack of CFT frame 
under strong ground motion. 
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Abstract: This paper compares the reversed-cyclic lateral load behavior of five 0.40-scale “hybrid” panelized precast 
concrete wall test specimens and the behavior of a sixth precast specimen designed to emulate monolithic cast-in-place 
reinforced concrete shear walls. All six specimens had identical overall geometry and were constructed by placing 
rectangular precast panels (with or without perforations) across horizontal joints. The lateral resistance at the joints of the 
hybrid walls was developed using a combination of mild steel bars [Grade 400 (U.S. Grade 60)] and high-strength 
unbonded post-tensioning (PT) strands, whereas the “emulative” system used only mild steel reinforcement. In each 
specimen, the mild steel bars crossing the base joint were designed to yield and provide energy dissipation, with the 
unbonded PT steel in the hybrid walls also providing self-centering to reduce the residual lateral displacements of the 
structure after a large earthquake. The paper summarizes the measured performance of the walls focusing mostly on 
global response parameters. The results demonstrate the potential for the use of hybrid precast walls as “special” 
reinforced concrete shear walls in high seismic regions while also discussing important detailing considerations for the 
reinforcement at the base. Limitations for the use of the emulative system in seismic regions are also revealed. 

 
 
1.  INTRODUCTION AND BACKGROUND  

 
As described in Smith et al. (2011a,b,c), the hybrid 

precast wall system investigated in this research utilizes a 
combination of mild [i.e., Grade 400 (U.S. Grade 60)] steel 
bars and high-strength unbonded post-tensioning (PT) 
strands for lateral resistance across horizontal joints. Under 
the application of lateral loads into the nonlinear range, the 
primary mode of displacement in these walls occurs through 
gap opening at the horizontal joint between the base panel 
and the foundation, allowing the wall to undergo large lateral 
displacements with little damage. Upon unloading, the PT 
steel provides a restoring force to close this gap, thus 
reducing the residual lateral displacements of the wall after a 
large earthquake. The use of unbonded tendons delays the 
yielding of the PT strands and reduces the tensile stresses 
transferred to the concrete (thus reducing cracking) as the 
tendons elongate under lateral loading.  

In comparison with the hybrid walls, the emulative 
specimen investigated in this paper uses only mild steel 
reinforcement (with no PT steel) to imitate the behavior of 
monolithic cast-in-place reinforced concrete shear walls. In 
both systems, the mild steel bars crossing the base joint are 
designed to yield in tension and compression, providing 
energy dissipation through the gap opening/closing behavior 
under reversed-cyclic lateral loading. A pre-determined 
length of these energy dissipating (E.D.) bars is unbonded at 
the bottom of the base panel (by wrapping the bars with 

plastic sleeves) to reduce the steel strains and prevent 
low-cycle fatigue fracture.  

The hybrid precast wall system offers high quality 
production, relatively simple construction, and excellent 
seismic characteristics by providing self-centering to the 
building as well as energy dissipation to control the lateral 
displacements. Despite these desirable characteristics, hybrid 
precast walls are classified as non-emulative structures since 
their behavior is different than the behavior of conventional 
cast-in-place reinforced concrete shear walls. Thus, 
experimental validation is required by ACI 318 (2008) and 
ACI ITG-5.1 (2007) prior to the use of these structures in 
seismic regions of the United States. Limited previous 
studies on hybrid walls are available [Rahman and Restrepo 
(2000), Holden et al. (2001), Kurama (2002), Kurama 
(2005)]; however, these investigations have not generated 
the experimental validation to satisfy the requirements of 
ACI ITG-5.1. Furthermore, concrete shear walls often 
feature perforations to allow for windows and doors to be 
incorporated into the building system. Previous research on 
perforated precast concrete walls is extremely limited [Allen 
and Kurama (2002), Mackertich and Aswad (1997)]. This 
paper focuses on addressing these knowledge gaps. 

The emulative system tested in this research is also not 
directly permitted by ACI 318, since unlike the requirements 
for a monolithic cast-in-place reinforced concrete structure, 
the longitudinal mild steel reinforcement is lumped near the 
ends of the wall (i.e., there is no distributed steel crossing the 
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horizontal joints over the entire wall length). The use of 
lumped reinforcement as compared with a distributed bar 
arrangement provides ease of placement during field 
erection; however, experimental validation is required before 
its use in practice. In accordance with this need, this paper 
provides measured evidence to evaluate the suitability of 
both tested wall systems for seismic regions. 
 
2.  TEST SETUP AND SPECIMEN PROPERTIES 

 
The test set-up and procedure conformed to the 

requirements of ACI ITG-5.1. Each wall specimen was 
designed based on a 4-story prototype wall within a 
prototype parking garage structure located in Los Angeles, 
CA. The specimen design satisfied the guidelines and 
requirements of ACI ITG-5.2 (2009), ACI-318, and ASCE 7 
(2005). More information on the overall design of the walls 
can be found in Smith and Kurama (2009), Smith et al. 
(2011a), and Smith et al. (2011b). A discussion of the design 
of the panel perforations can be found in Smith et al. 
(2011c). 

2.1  Overall Geometry and Test Configuration 
Schematic drawings of the test set-up for each 

specimen and photographs of two representative wall 
specimens are shown in Figure 1. The solid hybrid walls are 
referred to as Specimens HW1, HW2, and HW3 while the 
perforated hybrid walls are referred to as Specimens HW4 
and HW5. The solid emulative specimen is referred to as 
Specimen EW. 

Each test was conducted at 0.40-scale, which satisfies 
the minimum scaling limit of ACI ITG-5.1. The specimens 
featured two wall panels: the base panel representing the 1st 
story of the structure and the upper panel representing the 2nd 
through 4th stories, thereby satisfying the ACI ITG-5.1 
requirement for testing multi-panel walls (such that an upper 
panel-to-panel joint as well as the base-panel-to-foundation 
joint are evaluated). The 0.40-scale wall length, lw, was 
243-cm (96 in.), base panel height, hpb, was 145-cm (57.5 
in.), and wall thickness, tw, was 15.9-cm (6.25 in.). It was 
possible to test the upper story panels of the 4-story 
prototype wall as a single panel since the joints between the 
upper panels were designed to have no nonlinear behavior 

Figure 1  Test Configuration: (a) Photograph of Solid Specimen HW3, (b) Schematic of Solid Specimens HW1, HW2 
and HW3, (c) Schematic of Solid Specimen EW, (d) Photograph of Perforated Specimen HW4,  
(e) Schematic of Perforated Specimen HW4, and (f) Schematic of Perforated Specimen HW5 
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and no gap opening. The lateral load was applied 3.66-m 
(12-ft) from the wall base (near the resultant location of the 
1st mode inertial forces), resulting in a wall base moment to 
shear ratio of Mb/Vb=1.5lw. An external downward axial 
force [534-kN (120-kips) for Specimen HW5 and 325-kN 
(73-kips) for all other specimens] was applied at the center 
of the top of each specimen to simulate the service-level 
tributary gravity loads acting on the prototype structure 
during an earthquake (assumed to be 1.0 times the service 
gravity load plus 0.25 times the unreduced service live load). 
The larger external axial load in Specimen HW5 was due to 
an alternate column configuration for the prototype building, 
resulting in a larger tributary area and corresponding gravity 
load for the prototype wall. 

 
2.2  Reinforcement Details 

The reinforcement details for the six specimens are 
depicted in Figures 2 and 3 (shop drawings courtesy of the 
Consulting Engineers Group, Inc., Texas, USA) and the 
important features of the walls are listed in Table 1. The 
main differences between the specimens include: 

 The area and location of the PT steel tendons;  
 The area and location of the E.D. steel bars; 
 The unbonded length of the E.D. steel bars, which 

influences the maximum bar strains and energy 
dissipation; 

 The continuity detail of the E.D. bars across the 
base joint, which featured either ACI 318 Type II 
mechanical splice connections or continuous 
reinforcement into the foundation (i.e., the 
development length of the E.D. bars projected 
beyond the bottom of the base panel and were 
grouted into corrugated metal ducts cast into the 
foundation); 

 The detailing of the confinement steel 
reinforcement at the wall toes (i.e., confined region 
length, confinement hoop spacing, and distance of 
the first hoop from the bottom of the base panel); 

 The presence of rectangular openings in the wall 
panels, which were placed in a symmetrical layout 
with respect to the wall centerline. Note that the 
perforations in the upper panel represented those in 

the 2nd story. The perforations in the 3rd and 4th 
stories of the prototype wall were not modeled 
since they would be less critical than the lower 
story perforations. 

 
3.  MEASURED BEHAVIOR OF SPECIMENS 

 
Figure 4 shows the reversed-cyclic lateral displacement 

history used in the testing of the wall specimens, with three 
repeated cycles at each displacement increment. The wall 
drift, ∆w (positive with the wall displaced southward), was 
measured as the relative lateral displacement of the wall 
between the lateral load location and the foundation divided 
by the height to the lateral load. For the given wall 
dimensions, the prescribed “validation-level” drift per ACI 
ITG-5.1 for each specimen is ∆w =2.30%.  

From Figure 4, it can be seen that Specimens HW1 and 
EW failed to reach the validation-level drift. While 
Specimens HW2 and HW5 reached the validation-level drift, 
neither specimen was able to sustain three loading cycles 
without losing excessive strength. In comparison, Specimens 
HW3 and HW4 were subjected to the entire required drift 
history without failure. Specimen HW3 was able to sustain 
two cycles at the validation-level drift followed by a greater 
drift cycle of ∆w =±2.95%. Specimen HW4 was able to 
sustain three cycles at the validation-level drift followed by 
an additional set of three cycles at a maximum drift of ∆w 
=±3.05%. The overall performance and failure mechanism 
of each specimen are discussed below in more detail. 

 
3.1  Lateral Load versus Displacement Behavior 

Figure 5 shows photographs of the six wall specimens 
during the final positive loading cycle of the displacement 
history (note the gap opening along the base joint at the 
north end of each wall). Figure 6 shows the measured base 
shear force, Vb versus wall drift, ∆w behavior of the walls.  

Specimen HW1 was able to sustain three cycles at a 
maximum positive wall drift of ∆w=+1.90% and a maximum 
negative drift of ∆w=-1.55% prior to failure due to the 
crushing of the confined concrete at the toes (see Figure 5a). 
The compressive strength of the concrete used in the base 
panel  of  this  wall  did      not  achieve  the  specified design 

Table 1  Specimen Properties 

Spec. 
No. 

Size of Panel 
Perforations 

PT Tendons E.D. Bars Confined Region 

No. of strands 
and diameter  

1fpi/fpu 
Eccentricity

2ep (cm)  
Size 

Eccentricity
2es (cm) 

Unbonded 
Length (cm)

smss 
Continuity 

at Base 

4lh 
(cm) 

5sh 
(cm)

6sbot 
(cm)

HW1 - 3 – 1.27 cm 0.54 ±23 No. 19 ±7.5, 15 25 0.64 Spliced 40 8.3 5.0 

HW3 - 3 – 1.27 cm 0.54 ±23 No. 19 ±7.5, 15 25 0.61 Spliced 40 8.3 1.9 
HW3 - 3 – 1.27 cm 0.54 ±28 No. 19 ±8.9, 19 38 0.48 Continuous 40 7.6 1.9 

HW4 36 x 51 cm 3 – 1.27 cm 0.54 ±28 No. 19 ±8.9, 19 38 0.49 Continuous 47 6.4 1.9 

HW5 43 x 51 cm 2 – 1.27 cm 0.54 ±14 No. 22 ±23, 86 25, 40 0.85 Continuous 47 6.4 1.9 
EW - - - - No. 22 ±79, 91, 104 56 0.73 Spliced 20 8.3 1.9 

1fpi=average initial strand stress; fpu=design ultimate strength of strand (1862 MPa); 2measured from wall centerline; sm=maximum expected (design) 
E.D. bar strain at ∆w =2.30%; εss=strain at maximum (peak) strength of E.D. steel from monotonic material testing; 4confined region length 

(center-to-center of bar); 5confinement hoop spacing (center-to-center of bar); 6first hoop distance from bottom of base panel (to center of bar) 
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Figure 2  Base Panel Details (Elevation View): (a) Specimen HW1, (b) Specimen HW2, and (c) Specimen HW3 
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Figure 3  Base Panel Details (Elevation View): (a) Specimen HW4, (b) Specimen HW5, and (c) Specimen EW 
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strength [33-MPa (4.8-ksi) test-day strength compared to the 
specified design strength of 41-MPa (6.0-ksi)]. Furthermore, 
during the casting of the specimen, the first confinement 
hoop was placed at a significant angle with the bottom edge 
of the base panel, resulting in a large region of unconfined 
concrete at the bottom of the base panel [at the east face of 
the south end of the panel, the first hoop was located 
11.4-cm (4.5-in.) from the bottom rather than the design 
location of 5.0-cm (2.0-in.)]. While not as extreme as the 
south toe, the hoop placement at the north toe was also 
misaligned. This misalignment of the confinement hoops, 
combined with the low unconfined concrete strength of the 
critical base panel, resulted in the failure of the wall at a 
lower drift than the validation-level drift of ∆w=±2.30% that 
the wall was designed to achieve.  

The failure of the wall can be seen in the hysteretic 
behavior in Figure 6a, as the specimen sustained a 20% 
strength loss in the positive direction during the ∆w =+1.90% 
drift cycles. The damage to the wall was limited to the base 
panel, with no concrete cracking or crushing in the upper 
panel and no significant gap opening or horizontal slip in the 
upper panel-to-panel joint. Note that the specimen was 
loaded in a slightly unsymmetrical manner due to the 
movement of the foundation beam during the test; however, 
all data has been corrected to isolate the wall response from 
this foundation movement. 

Modifications to the concrete mix as well as the 
fabrication and placement of the confinement cages were 
implemented in Specimen HW2 based on the observed 
performance of Specimen HW1. Specimen HW2 was 
ultimately subjected to three fully reversed displacement 
cycles at the ∆w=±2.30% validation-level drift. However, 
failure of the specimen occurred earlier during the 

∆w=±1.55% drift cycles due to pull-out of the E.D. bars from 
the ACI 318 Type-II mechanical splice connectors placed 
inside the foundation. The loss of energy dissipation (but not 
the restoring capability) in Figure 6b is evidence of the 
failure of the mild steel. Note that the same mechanical 
connectors with similar splice grout strengths were used in 
Specimen HW1. A possible reason for pull-out of the E.D. 
bars to occur in Specimen HW2 but not in Specimen HW1 
is the higher concrete strength of the base panel in Specimen 
HW2 [44-MPa (6.5-ksi) versus 33-MPa (4.8-ksi) on test 
day], which decreased the neutral axis depth at the base joint 
and increased the corresponding E.D. bar strains at the same 
drift level. As with Specimen HW1, the damage to 
Specimen HW2 was limited to the base panel, with no 
concrete cracking or crushing in the upper panel and no 
significant gap opening or horizontal slip in the upper 
panel-to-panel joint (see Figure 5b). 

Based on the observed pull-out failure in Specimen 
HW2, the E.D. bars in Specimen HW3 were designed using 
full development length grouted into the foundation beam 
instead of Type-II mechanical splice connections. As a result, 
Specimen HW3 was able to sustain two fully-reversed drift 
cycles at ∆w=±2.30% (i.e., the validation-level drift) 
followed by a greater drift cycle of ∆w=±2.95%. While 
crushing of the confined concrete was observed at the wall 
toes (see Figure 5c), the total strength loss at the completion 
of the drift history required by ACI ITG-5.1 was less than 
20%, thus satisfying the strength loss limit for validation. As 
observed in the previous hybrid walls, damage was limited 
to the base panel. Figure 6c shows that the specimen 
demonstrated full re-centering capability while also 
providing excellent energy dissipation. 

 
Figure 4  Wall Drift History: (a) Specimen HW1, (b) Specimens HW2,  

(c) Specimen HW3, (d) Specimen HW4, (e) Specimen HW5, and (f) Specimen EW 
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Specimen HW4 was essentially identical to Specimen 
HW3 except for the addition of perforations within the wall 
panels. As shown in Figure 6d, the specimen sustained three 
cycles at the validation-level drift followed by an additional 
set of three cycles at a maximum drift of ∆w =±3.05%. As 
the case with Specimen HW3, the total strength loss in 
Specimen HW4 at the completion of the drift history was 
less than 20%, thus satisfying the ACI ITG-5.1 requirement 
for validation. As shown in Figure 5d, the damage to the 
wall was mostly concentrated in the base panel, consisting of 
distributed cracks predominately in the horizontal chord 
members (both above and below the perforations) and in the 
center vertical chord (in between the perforations). Cover 
spalling was observed at both wall toes; however, crushing 
of the confined concrete was only beginning to develop 
during the last set of drift cycles. Limited cracking in the 
upper panel was observed, concentrated at the corners of the 
perforations. Based on the similarities between the 
load-displacement behaviors of Specimens HW3 and HW4 
(see Figures 6c and 6d), the presence of the panel 
perforations did not significantly impact the global behavior 

of the structure, thus validating the design of the panel 
reinforcement around the perforations (Smith et al. 2012). 

Specimen HW5 incorporated larger perforations than 
Specimen HW4. In addition, the ratio of PT steel to E.D. 
steel was modified to increase the contribution of the E.D. 
steel to the total base moment strength of the structure. 
Finally, the E.D. steel was distributed along the length of the 
wall rather than concentrated near the wall centerline. 
Failure of the wall occurred during the first cycle of ∆w 

=-2.30% as the specimen sustained a strength loss greater 
than 20% (Figure 6e). The failure occurred due to the uplift 
of the wall from the foundation (i.e., a gap formed along the 
entire base joint when the wall was returned to ∆w=0%), 
which resulted in the loss of self-centering as well as the 
subsequent buckling of the E.D. bars in compression and 
out-of-plane displacements of the wall base during 
unloading. Prior to failure, the observed concrete cracking in 
Specimen HW5 was similar to that in Specimen HW4 (see 
Figure 5e). 

The emulative wall (Specimen EW), which was tested 
to provide a baseline comparison with the hybrid walls, 

Figure 5  Observed Damage: (a) Specimen HW1 at 3rd Cycle of ∆W =+1.90%, (b) Specimen HW2 at 3rd Cycle of +2.30%, 
(c) Specimen HW3 at 1st Cycle of +2.95%, (d) Specimen HW4 at 3rd Cycle of +3.05%,  

(e) Specimen HW5 at 1st Cycle of +2.30%, and (f) Specimen EW at 3rd Cycle of +1.15% 
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failed after three drift cycles to ∆w=±1.15%. While the crack 
widths in the wall panels generally remained small (see 
Figure 5f), the cracking was considerably more extensive 
than in the solid hybrid walls and extended high into the 
upper panel. Failure of the specimen occurred relatively 
early due to the uplift of the wall from the foundation 
(similar to but larger than that observed in Specimen HW5), 
which resulted in excessive horizontal slip at the base joint 
together with large strength and stiffness degradation. Under 
load reversal with increasing slip, the concrete around the 
E.D. bars crossing the base joint began to deteriorate due to 
the shear force transfer from the bars to the surrounding 
concrete, eventually resulting in localized splitting of the 
base panel around the bars. No significant slip or gap 
opening was observed in the upper panel-to-panel joint. 

 
3.2  Energy Dissipation 

The primary source of energy dissipation in the walls 
was the yielding of the mild steel reinforcement (i.e., E.D. 
bars) over the unbonded length of the bars at the base joint. 
To quantify the amount of energy dissipation, ACI ITG-5.1 
uses the energy dissipation ratio, β, which is defined as “the 
ratio of the measured energy dissipated by the test module 
during reversing cyclic displacements between given 
measured drift angles to the maximum theoretical energy 
that can be dissipated for the same drift angles.” ACI 
ITG-5.1 requires that β be not less than 0.125 at the 
validation-level drift. 

 Figure 7 shows the measured energy dissipation ratio, 
β of the six specimens plotted against the wall drift. The last 
cycle for each drift level was used to calculate β. It can be 
seen that all specimens except for Specimen HW2 satisfied 

the ACI ITG-5.1 minimum β requirement at moderate drift 
levels and continued to exceed the minimum limit until the 
end of the test. Specimen HW2 did not satisfy the ACI 
ITG-5.1 minimum β at the end of the test and, after the drift 
cycles to ∆w=1.15%, the energy dissipation of the wall 
rapidly decreased due to the E.D. bar pull-out.  

As expected, the perforated hybrid walls (Specimens 
HW4 and HW5) demonstrated smaller energy dissipation 
than the solid hybrid walls. This can be attributed to the 
increased shear deformations of the wall panels due to the 
presence of the panel perforations, resulting in smaller gap 
opening displacements across the base joint (i.e., vertical 
size of gap) and, in turn, less E.D. steel deformations and 
strains as compared to the solid walls. 

Also as expected, Specimen EW demonstrated larger 
energy dissipation than the solid hybrid specimens. About 
40% of the base moment strength of the solid hybrid walls 
was provided by unbonded PT steel, which remained mostly 
linear-elastic during the test and did not contribute 
significantly to the energy dissipation. The emulative wall 
(designed for a similar base moment strength) replaced this 
PT steel with additional E.D. bars, resulting in larger energy 
dissipation but smaller self-centering. 
 
3.3  Wall Uplift 

The vertical displacement at the top of the wall, which 
is related to the gap opening along the horizontal joints, can 
be used to estimate the uplift (or axial elongation) of the test 
specimens. Figure 8 shows the residual axial elongation 
(upwards positive) measured at the centerline of each wall at 
the same elevation as the applied lateral load after unloading 
to ∆w=0% from each drift series. The accumulation of this 

Figure 6  Measured Base Shear Force Versus Wall Drift Behavior: (a) Specimen HW1, (b) Specimen HW2,  
(c) Specimen HW3, (d) Specimen HW4, (e) Specimen HW5, and (f) Specimen EW 
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residual elongation represents a reduction or loss of the 
self-centering of the system. In Specimens HW1, HW2, 
HW3, and HW4, the axial elongation did not start to 
accumulate until the ∆w=±1.55% drift cycles, which 
coincided with the initiation of PT stress losses. Among 
these four walls, the largest elongations occurred in 
Specimen HW3, where the maximum residual elongation 
upon unloading from the validation-level drift (∆w=±2.30%) 
was 0.07-cm (0.03-in.). This small amount of uplift did not 
affect the performance of the walls in any undesirable way.  

In Specimen HW5, the axial elongation started earlier 
(during the ∆w=±1.15% drift cycles) and the maximum 
residual elongation at the validation-level drift was almost 
twice as large [0.12-cm (0.05-in.)]. This increased uplift is 
related to the reduced self-centering in the wall (from the PT 
force plus the gravity load) due to the increased contribution 
of the E.D. steel to the total base moment strength. Once the 
E.D. bars yielded in tension, the restoring force was not 
sufficient to yield the bars in compression and return to 
essentially zero elongation upon unloading. Over successive 
loading/unloading cycles with increasing wall drift, the 
residual tensile deformations in the bars resulted in the 
complete uplift of the structure, overcoming the downward 

restoring force. This undesirable behavior ultimately caused 
out-of-plane displacements of the wall base during 
unloading and subsequent buckling of the E.D. bars in 
compression, leading to the failure of the wall. 

The emulative wall (Specimen EW) accumulated 
significantly greater axial elongations as compared to the 
hybrid walls, beginning from the ∆w=±0.27% cycles, with a 
maximum uplift of 0.61-cm (0.24-in.) after the last cycle to 
∆w=±1.15%. The large uplift of the emulative system is 
related to the lack of PT steel, which resulted in an even 
smaller restoring force (provided only by the applied gravity 
load) than in Specimen HW5. The axial elongations of 
Specimen EW accumulated very rapidly (see Figure 8), 
ultimately leading to the failure of the wall due to excessive 
horizontal slip at the base joint, with large strength and 
stiffness degradation. 
 
4.  SUMMARY AND CONCLUSIONS 
 

This paper compares the measured lateral load 
behaviors of six 0.4-scale precast concrete shear wall 
specimens, including three solid hybrid walls, two perforated 
hybrid walls, and one solid emulative wall. The results 
demonstrate the potential for the use of hybrid precast 
concrete walls as special reinforced concrete shear walls in 
high seismic regions, while also revealing the ability of the 
system to incorporate panel perforations, a common feature 
to allow for windows and doors into the building system. 
The following summary and conclusions can be made based 
on the experimental results:   

 The hybrid wall specimens demonstrated 
capability for full re-centering while also providing 
large energy dissipation due to the combination of 
unbonded post-tensioning (PT) steel with yielding 
mild steel (E.D.) reinforcement across the 
horizontal base-panel-to-foundation joint. 

 Damage to the solid hybrid walls was limited to the 
base panel, consisting of crushing of concrete at the 
wall toes and minor cracking.  

 The use of ACI 318 (2008) Type II splice 
connections for the E.D. bars is not recommended 
for high seismic regions. In comparison, hybrid 
walls with fully-developed E.D. bars through 
grouted connections into the foundation were able 
to sustain the prescribed lateral drift demands. 

 For the concrete confinement to be effective, the 
first hoop at the wall toes should be placed as close 
to the bottom of the base panel as possible. 

 The damage to the perforated hybrid specimens 
was also concentrated in the base panel, consisting 
of cover concrete spalling at the wall toes and 
distributed cracking in the horizontal and vertical 
chords around the perforations. Minor concrete 
cracking extended into the upper panel, primarily 
at the corners of the perforations.  

 The panel perforations did not significantly affect 
the global lateral load versus displacement 
behavior of the structure.  

 

Figure 8  Wall Uplift at Base-Panel-to-Foundation Joint 

Figure 7  Energy Dissipation 
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 While the emulative wall demonstrated increased 
energy dissipation, the lack of post-tensioning 
resulted in unsatisfactory re-centering, leading to 
excessive uplift, horizontal slip, and strength and 
stiffness degradation. These walls are not 
recommended for high seismic regions unless a 
reliable amount of tributary gravity load exists to 
fully close the gap at the base. 

 The ratio of PT steel to E.D. steel is a very 
important design property in hybrid walls. 
Undesirable behavior similar to the emulative wall 
that was tested can occur in hybrid walls if the 
restoring force from the PT steel and applied 
gravity load is not sufficient to fully close the gap 
at the base. 
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Abstract:  This paper presents the experimental result aiming to study the behavior and ductility of belled pile 
reinforced with high-strength steel bars under cyclic loading. The influence of axial load on flexural behavior of the 
concrete belled piles reinforced with high-strength steel bars was drawn from the experimental test result: 1) the absence 
of axial load cause fracture of the longitudinal reinforcements on the tensile side. This fracture is due to lower elongation, 
compared with conventional steels, of high-strength steel bars after yielding; 2) the high-strength longitudinal 
reinforcement of the piles experienced buckling and fracture under large axial load, when strength degradation occurred 
in the hysteresis. The yield deformation of the pile with high-strength steel bars under large axial load was larger than that 
of the pile under small axial load, which caused by domination of a rotation at hinge region. The rotation was enhanced 
by lower axial load and lower concrete strength and decreased cracks distribution at the part of the pile except hinge 
region; 3) the effective stiffness can be estimated by the existing equation considering equivalent rectangular 
cross-sectional area to circular area, although the specimen in large axial load shows under-estimations. 

 
 
1.  INTRODUCTION 
 

In recent years, the belled pile has been used for mid- 
or high-rise reinforced concrete buildings in expectation of 
its high-axial load capacity. Although the concrete pile is one 
of primary structure of building, calculation of ultimate 
strength is not required by AIJ (1999) and ACI 543R-00 
(2000), and the provisions for strength design of concrete 
piles given by ACI 543R-00 (2000) were developed using 
strength design principles from ACI 318-95 (1995). The 
design of adequate ultimate structural capacity must be 
necessary to ensure the sufficient seismic capacity in term of 
strength, ductility, and durability.  

Reinforcement congestion and poor concrete 
placement, which are common problems found in belled pile 
using conventional steel bars. The use of high-strength steel 
as longitudinal or transverse reinforcement is one solution to 
solve the problems. Nagae et al. (2000) studied the pile 
reinforced with high-strength transverse reinforcement, and 
reported that increasing of shear strength, and the pile has 
large flexural capacity. Hibino et al. (2011) conducted 
experimental tests of concrete belled pile reinforced with 
high-strength longitudinal steel bars under isolated axial 
compression, and evaluated the flexural capacity of the piles. 

To investigate the effect of axial compression, this 
paper presents flexural behavior of belled pile reinforced 
with high-strength steel bars, and experimental tests were 

carried out. These tests provided the flexural behavior under 
combined various axial and flexural loading, and assessment 
of their effective stiffness. 
 
 
2.  EXPERIMENTAL TEST PROGRAM 
 
2.1  Test specimens 

Series of piles reinforced with high-strength steels 
bars to investigate seismic performance focusing flexural 
behavior under constant axial load assuming the axial load 
during earthquakes.  

A summary of the main properties of the specimens is 
shown in Table 1. There are two series specimens with 
different concrete strength. The geometric properties of the 
specimens are shown in Figure 1, and they were fabricated 
as 1/5-scale pile assuming application in mid-story 
reinforced concrete building, and twenty D10 high strength 
longitudinal reinforcements and 5.1 mm size diameter of 
high strength spiral web reinforcements with 50 mm pitch 
spacing were used. The constant axial compression load: 
407.4 kN; 814.8 kN; 1222.2 kN, were applied to the 
specimen, and each load was determined by assuming 
conditions of the piles at a corner end during earthquake 
according to the calculation provided by AIJ (1999). The 
shear span-to-depth ratio, M/VD=2.5 was constant for all the 
specimens, which was assumed by Chang’s method (Chang 
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1937) whose N value is 3 in condition that a pile head was 
fixed. The compressive strengths of concrete were targeted 
as 24 MPa for L series specimen and 36 MPa for M series 
specimen. The material properties of steel and concrete were 
shown in Table 2 and Table 3, respectively, and stress-strain 
relationship of the reinforcements are shown in Figure 2. 
The steel of D10 and U5.1 has about 7 % elongation ratio 
which is much lower than that of conventional steels. 
 
2.2  Test setup 

Bi-directional cyclic loading tests were conducted using 
the test rig shown in Figure 3. The cyclic lateral load applied 
by cantilever system with horizontal jack who are installed 

in the bottom of the frame. Vertical jacks who have two pin 
hinges at both ends are installed in the top of the frame to 
apply a constant axial load at the top of the pile. The reaction 
block installed on top of specimen can be rotated in 
accordance with the deflection and rotation of the pile, and 
connects specimen and vertical jacks rigidly. A slider is 
placed between a reaction block and the frame to free 
horizontal movement of the pile during lateral cycling 
loading while maintaining the vertical load. The plus and 
minus beside arrow symbol shown in Figure 3 represents the 
loading direction. The tests were controlled by deflection 
angle, R obtained from the horizontal displacement divided 
by shear span length (875 mm). The loading history was as 
follows: R=±1/400×1, R=±1/200×2, R=±1/100×2, 
R=±1/67×2, R=±1/50×2, R=±1/33×2, and R=±1/25×1. After 
the last loading, the positive direction monotonic load 
applied to the specimen MS until a fracture of longitudinal 
reinforcement. 
 

Table 1  Properties of test specimens 

Specimen 
D, 

mm M/VD 

Longitudinal 
reinforcement 

Transverse 
reinforcement Axial load, P

 kN 
σ0, 

 MPa 

Concrete 
Strength, 

MPa 
σ0/fc

Series ID 
Reinforcing 

bar 
ρst, %

Reinforcing 
bar 

ρt, %

L 

LN 

350 2.5 
20-D10 

(SPR785) 
1.5 

U5.1@50 mm 
(SBPD1275) 

0.26

0 0 

24 

0 
LL 407.4 4.23 0.17
LS 814.8 8.47 0.34
LU 1222.2 12.7 0.51

M 
MN 0 0 

36 
0 

ML 407.4 4.23 0.12
MS 814.8 8.47 0.24

Note: D is pile diameter, M/VD is shear span-to-depth ratio, ρst is ratio of total area of longitudinal reinforcement to gross 
concrete area, ρt is ratio of area distributed transverse reinforcement to gross concrete area perpendicular to that reinforcement, 
and σ0 is effective stress on cross section. 

1000

60
0

26
2

30
0

57
5

Figure 1  Geometric properties of test specimen 
 (unit: mm) 

350

35
0

Table 2  Concrete characteristics 

Type 
fc' 

MPa 
ft' 

MPa 
Ec 

MPa 
24 22.2 1.98 27200 
36 46.5 3.02 32400 
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(b) Transverse reinforcement (U5.1, SBPD1275) 
Figure 2  Stress-strain relationship of reinforcements 

(a) Longitudinal reinforcement (D10, SPR785) 

Table 3  Steel characteristics 
Type fy' 

MPa 
fsu 

MPa 
Es 

MPa No. Strength 
D10 SPR785 885 931 194000 
5.1 SBPD1275 1378 1448 174000 
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2.3  Test results  
The observed crack drawings are shown in Figure 4. 

The drawings are development elevation, and the solid and 
broken lines represent the cracks of positive and negative 
direction loading, respectively. 

The first bending cracks were observed at the pile fixed 
end, afterward the cracks were spread upward with an 
increasing of shear force and then shear cracks increased 
with an increasing of deformation. The shear cracks of the 
specimen LN in the absence of load spread finer than that of 
the other specimens, which indicate that the rotation of the 
hinge region dominated in deflection which enhanced by 
small axial load.  

Comparisons between the measured lateral load versus 
deflection ratio are shown in Figure 5. The broken line on 
the figure indicates the predictions by fiber section analysis 
whose stress-strain characteristics of concrete defined by e 
function method listed in Table 4. Square, circle, triangle and 
diamond symbols are drawn at the points where concrete 
crushing at the fixed end, flexural yielding of longitudinal 
reinforcements, peak shear strength and fracture of 
reinforcements, respectively.  

The observed and predicted shear strength in failure 
after flexural yielding and fracture mode for the piles are 
summarized in Table 4. The cyclic loading of all the 
specimens shows that large flexural ductility after the 
deflection angle of 0.02 rad in compared with the pile having 
conventional steel bars; however, small strength degradation 
is observed after fracture of reinforcement for the specimen 
LN, LS, MN and MS. The tension fracture observed in the 
specimen LN and MN in the absence of axial load, and the 
tension fracture after buckling was observed in the specimen 

LS and MS in the large axial load. This fracture is due to 
lower elongation, compared with conventional steels, of 
high-strength steel bars after yielding. The flexural yielding 
of the specimens occurred around R=1/100 before 
compression failure of concrete except the specimen LS due 
to the large axial load. The predictions of the specimen are 
almost agreed with the peak shear strength, Vp, and the peak 

Figure 3  Test setup 
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Figure 5  Experimental lateral load-displacement 
relationship 

Figure 4  Crack patterns of the piles after failure 

(c) LS(b) LL (a) LN 

Table 4  Summary of test results 

Specimen
Vp, 
kN 

Vmax, 
kN Vmax 

/Vp 
Fracture

mode Pos. 
direction

Neg. 
direction 

LN 162 168 -177 1.09 Tension 

LL 185 188 -209 1.13  

LS 190 209 -249 1.31 Buckling

LU 175 212 -272 1.55 Buckling

MN 179 177 -184 1.03 Tension 

ML 219 213 -242 1.11  

MS 248 237 -296 1.19 Buckling
Note: Vp is prediction, Vmax is peak strength and fracture 
mode is tension (Tension) or tension after buckling 
(Buckling). 
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shear strength was increased with an increasing of the axial 
load. 

Obtained effective stiffness, EIe is shown in Table 5. 
The effective stiffness, EIg is defined by a diagonal line 
connecting between origin and the point at flexural yielding 
on force-displacement envelope as shown in Figure 7. The 
Δy and EIg represent the displacement at flexural yielding 
and effective stiffness, respectively. The effective stiffness of 
the specimen with 36 MPa strength of concrete is higher 
than that of the specimen with lower concrete strength, and 
the stiffness decreases with an increase of axial load for the 
specimen L series, and vice versa for the specimen M series, 
which indicates that lower strength concrete under large 
axial load reduced the stiffness and large axial load with 
higher strength concrete increased the stiffness. 
 
2.4  Strains on longitudinal reinforcements 

Measured peak strain of reinforcement at the peak of 
loading cycle of R=1/400, R=1/200, R=1/100, R=1/67 and 
R=1/33 are shown in Figure 7. The strain data is measured 
by strain gauges installed on longitudinal reinforcements 
arranged at both ends (tension and compression side) in the 
end of each cycle. The vertical axis represents the position of 
the strain from the pile fixed end, which is illustrated in 
Figure 1 with red square symbols, and the dashed line 
represents the yielding strain. The positive and negative 
value means tension and compression, respectively.  

The tension strain at the fixed end of the specimen MN 
yielded at the cycle of R=1/67, and after the cycle the strain 
increased more than 20000 μ. On the other hand, for the 
specimen MS, the strain yielded at R=1/67; however, the 
strain of opposite side reinforcement almost reached to 
yielding strain by compression, and then the strain at the 

cycle of R=1/33 extremely increased on compression side at 
the height of 130 mm, which indicates that the steel 
experienced buckling and the result agree with the test. 

Photo 1 shows the fractured reinforcement taken by 
drilling after the loading. Photo 1(a) and (b) are the 
reinforcement fractured by tension and tension after 
buckling, respectively. The fracture surface is different: the 
steel of the specimen MN is constricted in the middle; and 
the steel of the specimen LS has sharply cut surface. Photo 2 
shows a detail of buckling. The buckling occurred at the 
second spacing of hoops from the fixed end which height is 
about 130 mm as same as the position of the strain data 
shown in Figure 7(b). 
 
2.5  Contribution of components to total displacement 

The total displacement of the pile, ΔH can be defined as 
follows. 

, ,H H pile H hinge        (1) 

where ΔH, pile is the pile deformations attributable to flexure, 
ΔH, hinge is the hinge deformations, and ΔH, slip is the lateral 
displacement of a pile due to bar slip as defined in Figure 8. 
The hinge region was defined as 0.75D (262.5 mm) height 

(a) MN 

Figure 7  Peak strain of reinforcement 

(b) MS 

R＝1/400
R＝1/200
R＝1/100
R＝1/67
R＝1/50
R＝1/33

200

Strain (×103μ)

Po
si

tio
n

(m
m

)

-300

-200

-100

0

100

200

300

400

-20 -15 -10 -5 5 10 15

0

R＝1/400
R＝1/200
R＝1/100
R＝1/67
R＝1/50
R＝1/33

-300

-200

-100

0

100

200

300

400

-20 -15 -10 -5 5 10 15 20

Strain (×103μ)

Po
si

tio
n

(m
m

)

Photo 1  Fractured 
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Table 5  Effective stiffness 

Specimen 
Vy, 
kN 

Ry, 
rad 

Δy, 
mm 

EIe, 
kN/mm

LN 142 0.013 11.5 12.3 
LL 165 0.014 12.3 13.4 
LS 202 0.020 17.6 11.5 
LU 202 0.025 20.7 9.8 
MN 124 0.009 8.1 15.4 
ML 192 0.013 11.1 17.3 
MS 220 0.013 11.3 19.5 

Note: Vy is shear strength at flexural yielding, Ry is 
deflection angle at flexural yielding, Δy, is displacement at 
flexural yielding, and EIe is effective stiffness. 
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from the fixed end.  
Total displacement ΔH is defined as follows. 

 , , , ,

, ,

frame V pile R V pile L

H H pile T
pile

l

L

  
        (2) 

where ΔH,pile,T is deformation at the top of the specimen, lframe 
is distance from the loading height to the top of the specimen, 
ΔV,pile,L and ΔV,pile,R are vertical deformation caused by rotation 
of the specimen, and Lpile is span between the point of ΔV,pile,L 
and ΔV,pile,R. The rotation caused by the deformation of the 
hinge region, θhinge is obtained by following expression. 

, , , ,V hinge R V hinge L
hinge

hingeL


 
   (3) 

where ΔV,hinge,L and ΔV,hinge,R are vertical deformation, and 
Lhinge is span between the point of ΔV,hinge,L and ΔV,hinge,R. 
Hence, the hinge deformation attributable to flexure, Δhinge is 
derived as follows assuming the pile has a linear variation in 
curvature over the height of the hinge. 

 ,H hinge hinge frame hingel a l      (4) 

where a is shear span (875 mm), and lhinge is height of hinge 
region (0.75D). 

The lateral displacement of the pile due to slip of the 
reinforcing bar is given by following equation integrating the 
triangular strain diagram using measured strain as shown in 
Figure 8. 

      ,

s

H slip slip frame frame
t

l a l a
c d j


    

 
  (5) 

where θslip is rotation at the end of the pile, εs is strain of 
reinforcing bar in footing, c is neutral axis calculated by 
ΔV,hinge,L and ΔV,hinge,R assuming Navier’s hypothesis on 
assumption that which is the same at the fixed end, dt is 
distance between tensile end and rebar’s position, and j is 
distance from the position of ΔV,hinge,R to pile end. Note that 
the deformation, Δslip is considered till before a cycle when 
reinforcement yielded and after the cycle the displacement 
was assumed as constant.  

The lateral displacement of the hinge region due to in 
flexure, ΔH,hinge,flex is given by following expression. If the 
deformation, ΔH,slip is larger than the deformation, ΔH,hinge, the 
deformation, ΔH,hinge,flex is assumed to be zero. 

, , , ,H hinge flex H hinge H slip      (6) 

The deformation attributable to the pile in flexure, ΔH,pile is 

obtained by Eq. (1) assuming that slip of reinforcing bar in 
pile is not cause. 

Figure 9 shows contribution of components to total 
displacement on the peak of each loading cycle. The total 
displacement on each loading cycle represents target 
displacement of the cycle. The deformation, ΔH,pile is almost 
constant after the cycle of 1/100 when the longitudinal 
reinforcement yielded for all the specimens, although that of 
the specimen MN is smaller than that of the specimen LN, 
consequently the deformation, ΔH,slip is constant, and the 
deformation of the hinge region, ΔH,hinge,flex dominated after 
yielding. The deformation, ΔH,slip of the specimen LN is 
larger than that of the specimen LU and MN due to the 
absence of axial load, and the deformation, ΔH,hinge,flex of the 
specimen LU is larger than the other specimen because of 
the compression failure of concrete in hinge region due to 
large axial load. Then, the rotation was enhanced by lower 
axial load and lower concrete strength and decreased cracks 

Figure 8  Definition of deformations 
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distribution at the part of the pile except hinge region. 
 
 
3.  ASSESSMENT OF EFFECTIVE STIFFNESS 
 

The ratio of effective stiffness, EIe to gross-section 
stiffness, EIg of reinforced concrete column including 
circular and octagonal cross sections accounting for the 
flexibility due to flexure, shear, and bar slip was proposed by 
Elwood et al. (2009) as follows. 

0.45 2.5
1.0 and 0.2

1 110

g ce

bg

P A fEI
d DEI
D a


  

     
  

    (7) 

where Ag is gross cross-sectional area of column, db is  
nominal diameter of longitudinal bars, and the db/D can be 
approximated as 1/24 for bridge columns and 1/18 for 
building columns. Standard for Structural Calculation of 
Reinforced Concrete Structures (1999) provides the ratio of 
effective stiffness for rectangular column as follows. 

2

00.043 1.64 0.043 0.33e

g c c c

EI a d
n

EI D f D


  

       
 (8) 

where n is modular ratio (Es/Ec), ρ is ratio of tension 
reinforcement to gross sectional area, ρ=ρst/4, Dc is column 
height, and d is distance from tension reinforcement to 
compression side. To apply the effective stiffness for the pile 
for circular column, equivalent column height, De=D/2√π, 
can be substituted for column height, Dc, and for the 

parameters in Eq. (8), equivalent rectangular cross-sectional 
area to circular area is considered. 

Figure 10 shows comparison of the ratio of the 
measured effective stiffness ratio and the ratio determined by 
Eq. (7) and Eq. (8). The white and black colored symbols 
represent the ratio calculated by Eq. (7) and Eq. (8), 
respectively. The estimated gross-section stiffness, EIg can 
be approximated as follows, and experimental effective 
stiffness, EIg is defined based on the point on the measured 
force-displacement envelope that corresponded to the force 
and displacement at first yield.  

3

1

3

g

c g

EI
a a
E I GA



 

  
 

       (9) 

where I is moment of inertia of section about centroidal axis, 
κ is shape index, G is modulus of transverse elasticity, and 
Ag is gross cross-sectional area of column.  

In the absence of axial load, the effective stiffness is 
under-estimation for both equations. Meanwhile, the other 
specimens are over-estimation. The magnitude of the over- 
and under-estimations can reach up more than 50%. Figure 
11 shows comparison of the calculated effective stiffness 
obtained multiplying Eq. (7) and (8) by Eq. (9). Eq. (7) 
result gives under-estimation; however, Eq. (8) result shows 
good agreement with experimental results except the 
specimens, LS and LU, which are under-estimation of 
experiment. The under-estimation of the specimens is due to 
the large axial load. Considering the good agreement of the 
effective stiffness between estimation and experiment as 
shown in Figure 11, disagreement of the ratio of effective 
stiffness shown in Figure 10 attributes to the reduction of 
experimental elastic stiffness due to crack.  
 
 
4.  CONCLUSIONS 
 

This paper presents the experimental result aiming to 
study the behavior and ductility of belled pile reinforced 
with high-strength steel bars under cyclic loading. The 
influence of axial load on flexural behavior of the belled 
piles reinforced with high-strength steel bars was drawn 
from the experimental test result as shown in followings. 

The ultimate strength of the piles with high-strength 
steel bars can be designed using fiber section analysis. All 
test piles reinforced with high-strength reinforcement have a 
sufficient flexural ductility in compared with the pile having 
conventional steel bars. 

The absence of axial load causes fracture of the 
longitudinal reinforcements on the tensile side. This fracture 
is due to lower elongation, compared with conventional 
steels, of high-strength steel bars after yielding. 

The high-strength longitudinal reinforcement of the 
piles experienced buckling and fracture under large axial 
load, when strength degradation occurred in the hysteresis. 
The yield deformation of the pile with high-strength steel 
bars under large axial load was larger than that of the pile 
under small axial load, which caused by domination of a 

Figure 10  Comparison of estimated and experimental 
ratio of effective stiffness to the gross-section stiffness 

Figure 11  Comparison of estimated and experimental 
effective stiffness 
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rotation at hinge region. The rotation was enhanced by lower 
axial load and lower concrete strength and decreased cracks 
distribution at the part of the pile except hinge region. 

The effective stiffness can be estimated by the existing 
equation considering equivalent rectangular cross-sectional 
area to circular area, although the specimen in large axial 
load shows under-estimations. 
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Abstract: In existing structural designs, slab stiffness has not considered at structural design of coupling beam. Because 
slab effect has not confirmed in structural engineering and results of study is not clear. But a few studies has been 
performed to verify slab effect until now. Today flat plate slab structure is used for saving story height and various plan in 
a lot of buildings. So it is useful of saving story height to apply slab effect in design of coupling beam. In this paper, slab 
stiffness effect of SRC coupling beams is discussed in flat plate slab structural system. And it is compared with coupling 
beam of shortening beam depth by position change of steel in SRC coupling beam. The result is verified through FEM 
modeling using commercial computerize analysis program and theoretical calculation. 

 
 
1. INTRODUCTION 
 

Coupled shear walls are effective in maintain the lateral 
stability of buildings under wind or earthquake loading. 
Coupling beam is an essential structural member to reduce 
the bending moment of a coupled wall as well as their 
energy dissipation capacity. A lot of research has been 
conducted on various proposed alternative design in RC, 
Steel, SRC coupling beam and behavior of coupling beam 
and wall. A lot of study was conducted about connection 
design and behavior of RC, steel, SRC coupling beams. 
However, it was not still clear about application of stiffness 
effect in coupled shear. In this paper, slab stiffness effect of 
SRC coupling beams is discussed in flat plate slab structural 
system. And it is compared with coupling beam of 
shortening beam depth by position change of steel in SRC 
coupling beam. The result is verified through FEM modeling 
using commercial computerize analysis program and 
theoretical calculation. 

 
2. SHEAR STIFFNESS AND BENDING RIGIDITY 
COMPARISON CONSIDERING SLAB STIFFNESS 

Figure 1. SRC 500X500(steel beam 350X350X12X19) 

Figure 2. SRC 440X500(steel beam 350X350X12X19) 

 

Figure 3. SRC 750X500(steel beam 588X300X12X20) 

 

Figure 4. SRC 690X500(steel beam 588X300X12X20) 

This is the summary of properties for theoretical 
calculation. Size of RC beam is 500X500, 440X500, 
750X500, 690X500 and size of steel beam is 
350X350X12X19, 588X300X12X20. Width of slab is 
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1460mm, Depth of slab is 210mm, 230mm, 250mm. And 
Elastic Modulus of concrete is 2749600t/m2, Elastic 
Modulus of steel is 20904000t/m2, Shear Elastic Modulus of 
concrete is 1178063t/m2, Shear Elastic Modulus of steel is 
8040000t/m2 

 

Table 1. Shear stiffness and Bending rigidity of SRC 

beam(440X500) 

specimen 
SRC 440X500 

No slab slab 
(210mm) 

slab 
(230mm) 

slab 
(250mm) 

Shear 
stiffness 

(comparison) 

398989 636487 659106 681725 

100% 159.52% 165.19% 170.86% 

Bending 
rigidity 

(comparison) 

18248.1 108572 117646 126720 

100% 594.98% 644.70% 694.43% 

 

Table 2. Shear stiffness and Bending rigidity of SRC beam 

(500X500) 

specimen 
SRC 500X500 

No slab slab 
(210mm) 

slab 
(230mm) 

slab 
(250mm) 

Shear 
stiffness 

(comparison) 

434331 671829 694448 717066 

100% 154.68% 159.89% 165.10% 

Bending 
rigidity 

(comparison) 

22812.4 143217 149816 161915 

100% 627.80% 656.73% 709.77% 

 
Table 3. Shear stiffness and Bending rigidity of SRC beam 

(690X500) 

specimen 
SRC 690X500 

No slab slab 
(210mm) 

slab 
(230mm) 

slab 
(250mm) 

Shear 
stiffness 

(comparison) 

561202 798699 821318 843937 

100% 142.32% 146.35% 150.3803 

Bending 
rigidity 

(comparison) 

46156.5 242203 269699 294445 

100% 524.74% 584.31% 637.93% 

 
Table 4. Shear stiffness and Bending rigidity of SRC beam 

(750X500) 

specimen 
SRC 750X500 

No slab slab 
(210mm) 

slab 
(230mm) 

slab 
(250mm) 

Shear 
stiffness 

(comparison) 

596544 834041 856660 879279 

100% 139.81% 143.60% 147.40% 

Bending 
rigidity 

(comparison) 

56880 283447 313693 343938 

100% 498.32% 551.50% 604.67% 

 

3. MODELING PLAN 
 

Modeling size of SRC coupling beam and beam depth 
change of SRC coupling beam is shown in Fig 5, 6, 7. 

 

Figure 5. Modeling size of SRC coupling beam 
 

Figure 6. Beam depth change of SRC coupling beam 

Figure 7. A side size of coupling beam 

 

3.1 MODELING PROPERTY 
 

Compressive ultimate strength of concrete is 30MPa, 
Tensile ultimate strength of concrete is 5MPa, Poisson’s 
ratio is 0.167, Young’s modulus of concrete is 25,798MPa, 
Density of concrete is 2400kg/m3. And Tensile yield 
strength of steel is 500MPa, Compressive yield strength of 
steel is 330MPa, Tensile yield strength of steel is 250MPa, 
Poisson’s ratio of steel is 0.3, Young’s modulus of steel is 
209,040MPa, Density of steel is 7850kg/m3 (SM490TMCP).  
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3.2 ANALYSIS METHOD 
 

The load applied in modeling is within elastic load 
range. The model is 3D FEM using Ansys program. Vertical 
displacement of Z direction was set up zero on boundary 
condition of top part. and bottom part was fixed on boundary 
condition. Mesh of steel, steel bar, concrete is divided each 
other and all group was set up as bonded.  

 

3.3 FINITE ANALYSIS MODELING VERIFICATION 
 

It was investigated similar experimental body for 
verification of modeling analysis method. and it was 
compared with results of load-displacement. the paper 
compared with test results is 'Hysteretic Behavior by 
Embedment Length of SRC Coupling Beams in High-Rise 
Building, KSMI conference in 2006'. It was verified with 
results of load-displacement within elastic load range. And 
modeling analysis method was appeared suitable. 

FFiigguurree  99..  ssppeecciimmeenn  ffoorr  vveerriiffiiccaattiioonn  ooff  ffiinniittee  eelleemmeenntt  mmooddeelliinngg  

FFiigguurree  1100..  llooaadd--ddiissppllaacceemmeenntt  rreessuulltt  ccoommppaarriissoonn  ooff  ccoouupplliinngg  

bbeeaamm  ffoorr  FFEEMM  vveerriiffiiccaattiioonn  

 
4. TEST RESULT 
 

4.1 LOAD-DISPLACEMENT 
 

As evaluated load-displacement analytical result, it 
appeared the more increase thickness of slab is, the more 
decrease displacement ratio is. 

 

TTaabbllee  55..  ..  llooaadd--ddiissppllaacceemmeenntt  rreessuulltt  

 

 

 

specimen 

Maximum 
allowable 

load 
(ton) 

No 
slab 

slab 
(210mm) 

slab 
(230mm) 

slab 
(250mm) 

SRC 
440X500 233.4 7.43 6.53 6.43 6.31 

SRC 
690X500 510.7 8.00 7.76 7.73 7.68 

FFiigguurree  1111..  llooaadd--ddiissppllaacceemmeenntt  rreessuulltt  ggrraapphh 

  

4.2 SLAB STIFFNESS EFFECT 
 

As compared with stiffness of slab, stiffness effect of 
SRC coupling beam (440X500) with slab thickness of 210, 
230, 250mm is better than stiffness effect of SRC coupling 
beam (500X500) with no slab. And stiffness effect of SRC 
coupling beam (690X500) with slab thickness of 210, 230, 
250mm is better than stiffness effect of SRC coupling beam 
(750X500) with no slab. 

SSRRCC  ccoouupplliinngg  bbeeaamm  mmooddeelliinngg  

wwiitthh  ssllaabb 
SSRRCC  ccoouupplliinngg  bbeeaamm  

mmooddeelliinngg  wwiitthhoouutt  ssllaabb 

FFiigguurree  88..  FFiinniittee  eelleemmeenntt  mmooddeelliinngg  

EExxppeerriimmeennttaall  sseettttiinngg SSeeccttiioonn  ffiigguurree  aanndd  ssiizzee 

llooaadd--ddiissppllaacceemmeenntt  rreessuulltt  

ggrraapphh 

MMoommeenntt--rroottaattiioonn  aannggllee  rreessuulltt  

ggrraapphh 

mmooddeelliinngg llooaadd--ddiissppllaacceemmeenntt  rreessuulltt  iinn  eellaassttiicc  rraannggee 

- 835 -



 

 

FFiigguurree  1122..  SSttiiffffnneessss  eeffffeecctt  ffoorr  ssllaabb  tthhiicckknneessss  

 

TTaabbllee  66..  ssttiiffffnneessss  eeffffeecctt  ffoorr  ssllaabb  tthhiicckknneessss  

 
4.3 MOMENT-ROTATION ANGLE 

 

As evaluated moment-rotation analytical result, 
moment-rotation effect of SRC coupling beam (440X500) 
with slab thickness of 210, 230, 250mm is better than 
moment-rotation effect of SRC coupling beam (500X500) 
with no slab. And moment-rotation effect of SRC coupling 
beam (690X500) with slab thickness of 210, 230, 250mm is 
better than moment-rotation effect of SRC coupling beam 
(750X500) with no slab. 

 

TTaabbllee  77..  ccoommppaarriissoonn  ooff  mmoommeenntt--rroottaattiioonn  aannggllee 

 

 

speci
men 

Allowable 
moment 

Radian(ɵ)  
No slab slab 

(210mm) 
slab 

(230mm) 
slab 

(250mm) 
SRC 
440X
500 

210.1 
ton.m 

0.0082 
(ɵ= 

0.470) 

0.0072 
(ɵ= 

0.413) 

0.0071 
(ɵ= 

0.407) 

0.0070 
(ɵ= 

0.399) 
SRC 
690X
500 

459.6 
ton.m 

0.0089 
(ɵ= 

0.508) 

0.0086 
(ɵ= 

0.494) 

0.0086 
(ɵ= 

0.492) 

0.0085 
(ɵ= 

0.489) 

FFiigguurree  1133..  MMoommeenntt--rroottaattiioonn  aannggllee  rreessuulltt  ooff  SSRRCC  444400xx550000  

 

FFiigguurree  1144..  MMoommeenntt--rroottaattiioonn  aannggllee  rreessuulltt  ooff  SSRRCC  775500xx550000 

  

5. SUMMARY AND CONCLUSION 
 

The results obtained allow the following conclusions to 
be drawn : 

 
1) As evaluated load-displacement analytical result, it 

appeared the more increase thickness of slab is, the more 
decrease displacement ratio is. 

 
2) As compared with stiffness of slab, stiffness effect of 

SRC coupling beam (440X500) with slab thickness of 210, 
230, 250mm is better than stiffness effect of SRC coupling 
beam (500X500) with no slab. And stiffness effect of SRC 
coupling beam (690X500) with slab thickness of 210, 230, 
250mm is better than stiffness effect of SRC coupling beam 
(750X500) with no slab. 

 
3) As evaluated moment-rotation analytical result, 

moment-rotation effect of SRC coupling beam (440X500) 
with slab thickness of 210, 230, 250mm is better than 
moment-rotation effect of SRC coupling beam (500X500) 
with no slab. And moment-rotation effect of SRC coupling 
beam (690X500) with slab thickness of 210, 230, 250mm is 
better than moment-rotation effect of SRC coupling beam 
(750X500) with no slab. 

 
4) It appeared to need more examination for beam 

depth reduction by slab stiffness effect through nonlinear 
analysis and experiment was necessary in the future, 
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Abstract:  The necessary studies results are shown in order to define the executive project of seismic rehabilitation of a 
23-story RC building located in the soft-soil area in Mexico City; built in the early 60´s in Tlatelolco. Such Tower is 
united with the foundation of II, III and IV buildings known as Short Buildings. The Tower building has 86.30 meters 
height. Differential settlements measures made in the Tower since its construction in 1964, confirmed its tendency to the 
inclination in the South-West direction; the 30th September 1965, when the Tower construction was finished, the 
inclination magnitude was of 32 centimeters in the South-West corner; nowadays it presents a inclination of 100 
centimeters. As a final result of the structural security revision of the actual state (serviceability performance level 
controlled the design), the conceptual project of the necessary rehabilitation was defined in order to give an additional 
structural security margin regarding the actual state: a site spectrum with a 250 yr return period was used for calculating 
demands, inter-story drift was used as a performance index (0.004), and additional 150-t-capacity control piles (30) were 
provided to preclude further tilting and to increase the factor of safety against collapse due to overturning moment. 

 
 
1.  INTRODUCTION 

 

1.1  Features of the building 

Tower and Shorter Buildings constitute the Tlatelolco’s 

Universitary Cultural Center, CCUT (see Fig. 1). Built in the 

early 60´s in Tlatelolco to house the Ministry of Foreign 

Affairs (SRE) in México City.  It is located in the soft-soil 

seismic zone, according to the 2004 Mexico City’s Building 

Code, RDF-04 and 1966 Mexico City Building Code, 

RDF-66, original project. Building Tower is united in its 

foundation with the Short Buildings, situation that was 

opportune and essential in its resistance to avoid the possible 

overturning. Tower and Shorter Buildings have a common 

basement, at -3.60 m in accordance to the level of sidewalk. 

Tower (building I) is a structure of reinforced concrete with 

41.87 meters and 18.35 m length at the East-West and 

North-South directions, in that order, and 86.30 m height, 

with a basement, ground level and 23 stories. Figure 2 shows 

structural details principal in elevation. Support members of 

slabs in short direction, from first story, are beams of 

structural steel of opening web (trusses), with length of clear 

span= 17.15 m. Figure 3 shows structural details principal 

for typical floor plan of the building Tower.  Foundation 

box rests on 156 skin friction piles of diameter, 50 cm, sink 

to 25 m length under the general level of soil; basement 

retaining walls have 7.30 m depth. Building II of Short 

Buildings has 1 story and buildings III and IV have 2 stories. 

Foundation equilibrium of the whole Tower and Shorter 

Buildings was calculated with the differential between the 

total weight of the building Tower and the unloading of soil 

for the excavate, 156 skin friction piles of the Tower, and the 

ballast of mass concrete placed under the foundation slab of 

the Short Buildings. Tilting performance of Tower is a result 

of its eccentricity in the whole complex and to the 

differences of soil compressibility, which bearing capacity 

diminishes from North to the South, which is increased by 

the aquifers overexploitation of zone. 

 

 
 
 
 
  

 

 

 

 

 

 

 

 

 

Figure 1 Tower and Shorter Buildings view, located in the 

soft-soil area of the Mexico City 

 

 

1.2  Building tower performance in the 1985 Mexico    

City earthquake 

Building Tower suffered some damages: 1) cracking in 
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Figure 2  Structural principal details in elevation 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3  Typical floor plan of the Tower 
 

concrete boundary elements of the walls and in some 
coupling beams for line 12; 2) severe damages in infill walls, 
and detachment of the cover marble plates; 3) cracking in 
concrete wall at basement level for line 6 (lines G-6 & H-6’), 
that links the building Tower with the building II of Short 
Buildings; 4) tilting increased 3-to-4 cm; 5) collapse of the 
communication bridge between Tower and Building II of 
Short Buildings, in the first story. The grade beams of the 
union between the Tower and Shorter Buildings didn’t show 
damages (see Fig. 4). Boundary elements and coupling 
beams (for line 12) were strengthened with steel jackets; 
walls were jacketed at the basement level (line 6). 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 4  Foundation plan of the whole complex (grade  

beams) 

 
1.3  Tilting and differential settlements performance 

and addition to Tower foundation 
Since its construction (1964), the building Tower has 

tilted to the South-West (see Fig. 5). In October 1964 ballast 
of sand was placed in the foundation of the zones North and 
East, and 25 electro-mechanical piles in the South-West zone. 
Nevertheless, the settlements continued and a year later 
other 48 electro-mechanical piles were placed. In September 
1965, when the Tower was finished, the maximum tilting 
was of 32 cm in the S-W corner. Differential settlements of 
Tower continued: 64.4 cm in March 1977 and 77.9 cm in 
December 1983. From June 1991 to August 2005 several 
bombed and infiltration wells were operated, provoking 
settlements in the North side of the whole complex, creating 
a reduction of the settlements in the South side of the Tower. 
Tilting measurement, 12.4 cm, in the buildings II, III and IV 
show that those tend to the South side. At present, tilting of 
the building Tower is 100 cm. In 1987 made the addition to 
Tower foundation adding also an over-load of 2 ton/m2  in 
the Short Buildings. Figure 6 shows the location plan of the 
foundation piles existing (156 skin friction piles-original 
foundation, 25 electro-mechanical piles-rehabilitation 
October 1964, 48 electro-mechanical piles-rehab Jan. 1966, 
52 100- and 150-t control piles, 1987) and structural details 
of addition to box foundation of Tower (1987). 
 

Basement slab of 
Tower (12 cm) 

Grade beams: 300 cm x 50 & 60 cm 

Foundation 
slab for 
Shorter 
buildings 
(thickness of 
20 & 45 cm) 
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Figure 5  Tilting performance of building Tower  

 (September 1965 to August 2005) 

 

 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 6 Location plan of the foundation existing and 

addition to Tower foundation (1987) 

 

 

2.   DESIGN CRITERIA  

 

Three-dimensional structural analysis of isolated Tower 

with addition to Tower foundation (case A), and whole 

Tower and Shorter Buildings (case B), with the influence of 

the foundation box from -6.60 m to +0.70 m were performed.  

Figure 7 shows views of the structural model of case B, and 

tilting direction of building Tower to the South-West.  In 

order to include asymmetrical performance due to the 

inclination in respect to the vertical, the seismic forces were 

multiplied by [1+5Qf], where f= 0.011587 is the tilting (at 

present, roof drift is 100 cm) divided between the height, 

86.30 m, and Q= seismic performance factor= 2 (ductility 

factor). Lateral and torsion vibration periods measurement of 

whole Tower and Shorter Buildings allowed to gauge the 

structural models of computer. Dominant period of soil 

motion (TS) measurement resulted of 1.9 to 2.0 seconds; 

interest site correspond to a soft-soil area. The limit states of 

service (interstory drifts) and failure (strengths) conditions of 

whole Tower and Shorter Buildings were reviewed. With the 

2004 Mexico City’s Building Code (RDF-04), great 

magnitude responses were obtained. In order to represent in 

an adequate form the seismic effects of the site, according to 

the real conditions of the big foundation box of the whole 

Tower and Shorter Buildings, Aviles site spectrum with the 

effects of soil-structure interaction with a 250 yr return 

period was calculated, with rigid base; maxim inelastic 

spectral ordinate was 0.10, practically equal to the maxim 

ordinate of RDF-66 Code, 0.104. To be sure that the whole 

Tower and Shorter Buildings could count  with an 

additional structural safety margin against collapse due to 

overturning moment, regarding the original project, site 

inelastic spectrum was modified for a cS= 0.15, with flexible 

base condition.  Elastic spectral modal dynamic analysis, 

elastic and inelastic step-by-step dynamic analysis (under 

time histories SCT and SRE of 1985 Mexico City 

earthquake), and non-linear static Push-over analysis for 

lines H= K, 6 and 12 of building Tower, considering 

nominal strengths and over-strength effects were performed. 

The calculations were performed under: -Design spectrum of 

RDF-66 (original structural project with a seismic 

coefficient, cs= 0.104: structure type 2-walls with cs= 0.08 

and a safety factor of 1.3-group A); -Design spectra of 

Principal Body (soft-soil area IIIb) and Appendix A (Ts= 2 

seconds), with Seismic Norms of 2004 Mexico City 

Building Code (RDF-04), group B and Q= 2. -Aviles site 

spectrum with soil-structure interaction effects, for cs= 0.104 

and rigid base. -Aviles site spectrum, but scaled for cs= 0.15 

and flexible base. -Elastic and inelastic (= 2) spectra under 

time history SCT. - Elastic and inelastic (= 2) spectra under 

calculated time history at SRE for the 1985 event. 

Resistance to seismic forces of the building Tower was 

calculated and the conceptual project of the necessary 

rehabilitation was defined to give an additional structural 

safety margin, regarding the real state, against collapse due 

to overturning moment. 

 

 

3.  SOME ANALYSIS AND DESIGN RESULTS 

 

Figure 8 shows the elastic and inelastic acceleration 

design spectra of RDF-66 (original project) y RDF-04 Codes, 

Aviles original (cS= 0.10) and modified (for cS= 0.15) 

spectra, and response spectra under time histories SCT and  
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156  SKIN FRICTION PILES (ORIGINAL FOUNDATION) 

25  ELECTRO-MECHANICAL PILES (REHAB OCT. 1964) 

48  ELECTRO-MECHANICAL PILES (REHAB JAN. 1966) 

15  100- AND 150-t CONTROL PILES (1987)  
 

37  100- AND 150-t CONTROL PILES (1987)  
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Figure 7 Three-dimensional views of the whole complex) 

and tilting direction of building Tower 

 

 

SRE, for damping ratio of 5% of critical, and the location of 

the fundamental periods of vibration (X, Y) for case B 

(whole Tower and Shorter Buildings). To review the limit 

state of service with Seismic Norms (RDF-04), the interstory 

drift angle was compared versus permissible limits 0.012 

(Principal Body) and 0.004 (Appendix A), for non-structural 

elements unlinked condition. Collapse condition was 

checked with the Appendix A,  comparing the interstory 

drift angle versus the allowable value of 0.010, for the case 

of walls combined with frames of reinforced concrete and 

restricted ductility (Q=1 or 2). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 8  Design spectra of 2004 Mexico City Building 

Code (RDF-04) and RDF-66, Aviles original and 

modified spectra, response spectra under time 

histories SCT and SRE, and location of 

fundamental periods of vibration of the whole 

complex 

 

 

3.1  Vibration periods 

Table 1 compares the vibration periods calculated 

(without and with rigid base) of the whole complex versus 

the vibration periods measurements; they are lower in the 

transverse direction (“Y”), in which the tilting to the 

South-West dominates. Figure 9 shows deformed view of 

fundamental periods of vibration of whole Tower-Shorter 

Buildings with flexible base (T1X= 2.28 s, T1Y=2.06 s, 

T1=1.26 s). 

 

 Table 1 Vibration periods of the whole Tower and Shorter 

Buildings 

Direction Mode 

Ti  

calculated * 

(seconds) 

Ti 

measurement ** 

(seconds) 
Rigid 

base 

Flexible 

base 

X 

(Longitudinal) 

1 2.10  2.28  2.28 – 2.56 

2 0.88  1.33  - 

Y 

(Transverse) 

1 1.93  2.06  2.05 

2 0.62  0.92  - 



(Torsion) 

1 1.24  1.26  1.28 

2 0.53  0.88  - 

   *  Three-dimensional analysis of whole Tower and Shorter   
Buildings, from project information. Soil-structure 
interaction and structure damage are accounted 

   **  Results from vibration measurements 

 

 

3.2 Interstory drifts angle  

Figure 10 shows interstory drifts angle of the whole 

complex from modal dynamic analysis under design spectra 

RDF-66 and 2004 Mexico City Building Code (for 

Appendix A, collapse condition), and Aviles original (cs= 

0.10 with rigid base) and scaled (cs= 0.15, without and with 

flexible base) inelastic spectra. Responses are lowers in the 

transverse direction (Y); under RDF-66 spectrum satisfies 

the permissible limit of service condition (0.004), and under 

2004 Mexico City Code (for Appendix A) exceed 

considerably the permissible limits of service (0.004) and 

collapse (0.010) conditions. Responses under Aviles scaled 

spectrum, are inferior to the permissible limit of service 

condition (0.004), but exceed the collapse limit (0.010). 
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Figure 9  Deformed view of fundamental periods of 

vibration of whole Tower-Shorter Buildings 

with flexible base  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 10  Maximum interstory drift angle (service and 

collapse conditions) for whole Tower and 

Shorter Buildings under design spectra of 

RDF-04 (for Appendix A) and RDF-66, and 

Aviles spectra 

T1X= 2.28 s

T1Y= 2.06 s
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3.3  Overturning moments 

The calculation of the foundation overturning moments 

of the isolated Tower with addition of foundation box (case 

A) and of the whole Tower and Shorter Buildings (case B), 

earthquake in the transverse direction (Y), confirms that the 

results under design spectrum of RDF-04 (for Appendix A) 

are 2.68 times bigger than the Aviles’ site spectrum ones: 

cases A and B, under RDF-04 Code, 265,000 t-m and 

295,000 t-m; case B, under Aviles site spectrum, 110,000 

t-m (see Fig. 11).  

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 11  Overturning moments (flexible base) of isolated 

Tower with addition of foundation box (case A) 

versus whole Tower and Shorter Buildings 

(case B) from modal dynamic analysis under 

design spectrum of Appendix A, Seismic 

Norms of RDF-04 and Aviles inelastic 

spectrum (cs= 0.10), Q= 2, earthquake Y 

 

 

4.  INELASTIC DYNAMIC SEISMIC ANALYSIS 

 

Figure 12 show the SCT and SRE records. Lines H, 6 

and 12 were checked. For line 12, three cases were 

accounted, according to additional strengthening placed in 

1987 in the concrete boundary elements of the walls and in 

some coupling beams: case I: original project; case II: 

additional strengthening in the walls and ends of the 

coupling beams (real state); case III: similar to case II, but 

strengthening in the clear span of coupling beams. 

 

 

 

 

 

 

 

 

 

 

 

Figure 12 1985 record at SCT vs. calculated time history at 

SRE for the 1985 event 

4.1  Global ductility maximum demands, G 

Global ductility maximum demands are inferior under 

time history SRE for over-strength effects (see Table 2). The 

responses were: line H (SCT, 4.60 and SRE, 3.10), line 6 

(SCT, 1.79 and SRE, 1.45) and line 12 (case I: SCT, 4.59 

and SRE, 4.07; case II: SCT, 4.29 and SRE, 3.37; case III: 

SCT, 2.69 and SRE, 2.44).  

 

 

Table 2  Global ductility maximum demands (G) for lines 

H, 6 and 12 from inelastic dynamic analyses under time 

histories SCT EW-85 and SRE EW-85 
 

 
 
 
 
 


Y     Lateral displacement for first plastic hinge 

MAX INEL   Maximum lateral displacement from inelastic dynamic analyses 
 

  

4.2  Base shear force – roof lateral displacement curves  

Figure 13 shows base shear force–roof lateral 

displacement curves for lines H, 6 and 12 (cases: I and II), 

elastic and inelastic performance (with over-strength effects) 

under time history SRE. Lines H, 6 and 12 show an 

important dissipation of energy by inelastic performance 

effects. 

 

 

5.  NON-LINEAR STATIC PUSH-OVER ANALYSIS 

 

5.1  Base shear force–roof lateral displacement curves  

Non-linear responses of lines H, 6 and 12, for 

over-strength effects, include the force distributions under 

spectral modal dynamic analysis and under inelastic 

step-by-step analysis. The next cases were studied: 1.- The 

mechanism of collapse was calculated; 2.- It was checked 

that the local ductility maximum demands (L) in the girders 

and walls didn’t exceed 35 and  20, respectively, or 

interstory drifts were lower than the permissible limit of 

collapse condition (0.010). Figure 14 compares the 

responses of the inelastic step-by-step analysis under time 

history SRE, and non-linear static Push-over analysis of 

lines H, 6 y 12 (case II). Seismic-resistance of lines 6 and 12 

tends to be smaller.  Push-over analysis with force 

distribution under spectral modal dynamic analysis adjusts to 

the inelastic step-by-step performance. 
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Y 
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SCT EW-85 

H 60.19 11.39 5.28 68.61 14.92 4.60 

6 66.40 27.80 2.39 62.08 34.64 1.79 

12 (case I) 55.84 12.82 4.36 56.36 12.27 4.59 

12 (case II) 62.72 15.81 3.97 70.06 16.31 4.29 

12 (case III) 60.71 19.89 3.05 65.91 24.47 2.69 

SRE EW-85 

H 50.12 12.63 3.97 53.38 17.20 3.10 

6 42.75 28.06 1.52 50.08 34.48 1.45 

12 (case I) 50.08 12.62 3.97 53.47 13.14 4.07 

12 (case II) 56.90 15.68 3.63 57.88 17.17 3.37 

12 (case III) 53.17 20.54 2.59 57.50 23.57 2.44 
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Figure 13  Base shear force–roof lateral displacement 

curves for lines H, 6 and 12 (cases I and II) 

from elastic and inelastic dynamic analysis 

(SRE 1985) considering over-strength effects 

 

 

6.   CONCLUSIONS 

 

Principal problem of the building Tower performance is 

associated to the plumbline. Vibra- tion periods show that 

the longitudinal direction has less lateral stiffness. Original 

project designed on 1963 accomplished the requirements on 

safety of 1966 Mexico City Building Code. Whole complex 

performance under 2004 Mexico City Building Code shows 

responses of great magnitude; building Tower effects in the 

1985 Mexico City earthquake were inferior, due to the 

phenomenon of radiation and dissipation of energy in the big 

foundation box of 5,000 m
2
 area and 7.30 m depth of the 

whole complex. Site spectrum calculated with soil-structure 

interaction effects was scaled for seismic coefficient cs= 0.15, 

with flexible base.  

Rehabilitation considerations will be: 1) Macro-braces 

in T-direction + belts in L-direction to give additional lateral 

stiffness; 2) Additional 150-t-capacity control piles (30) will 

be provided to preclude further tilting and to increase the 

factor of safety against collapse due to overturning moment, 

in the zone of the addition to Tower foundation; 3) Build in 

the foundation box (N+0.70 m to N-6.60 m) additional 

reinforced concrete walls (5) of thickness 60 cm in the first 

bays of lines 6 and 12, respectively, from line H of Tower 

until Short Buildings; and,  4) to strengthen all the girders 

of lines H, K and 12 of the building Tower with Carbon 

Fiber Reinforced Polymer (CFRP), to increase the moment 

and shear strength. 
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Figure 14  Base shear force–roof lateral displacement 

curves for lines H, 6 and 12 (case II) from 

Pushover analysis (cases 1 and 2) and 

inelastic dynamic analysis (SRE 1985) 
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Abstract:  The Rapid Visual Screening (RVS) procedure of FEMA154/ATC21 utilizes a methodology based on a 
“sidewalk survey” of a building, where a building is inspected from the exterior in order to quickly determine if the 
building is probably adequate for the earthquake forces it is likely to experience, or whether there may be reasonable 
doubts as to the building’s seismic performance.  The RVS yields a Basic Structural Hazard Score (S) which may be 
used to identify, inventory, and rank buildings that are potentially seismically hazardous. Buildings that will be subjected 
to a more detailed inspection are usually determined based on cut-off value of the RVS score. To further refine the use of 
RVS specially in prioritizing important buildings like schools and hospitals for a more detailed inspection and possible 
retrofitting, a two-dimensional approach is proposed wherein a dual criteria is used to classify buildings based on the RVS 
score and an importance or non-structural hazard criterion. Survey results on school buildings and hospitals in Metro 
Manila are presented to illustrate the proposed classification procedure. Through this approach, decision makers can be 
guided in prioritizing buildings which have higher vulnerability to earthquakes and requiring immediate detailed 
investigation. 

 
 
1.  INTRODUCTION 
 

The problem of possible hazards brought about by 
earthquakes such as building collapse and loss of lives, 
especially in major urban metropolis like Metro Manila, 
must be addressed by city planners, building officials and 
structural engineers.  Although our present structural 
design codes may have incorporated special provisions for 
the earthquake resistant design of new buildings, there is still 
a danger for possible collapse or life-threatening damage in 
existing buildings, especially the old and deteriorated ones.  
Buildings with large occupancy such as schools and 
buildings which are essential after an occurrence of an 
earthquake such as hospitals and other emergency service 
facilities must be checked urgently on their expected 
performance against major earthquakes.  Civil and 
structural engineers must address the need of assessing the 
seismic safety of buildings, possibly for retrofitting or 
strengthening. 

Given the large number of existing buildings in the 
metropolis, it is clear that seismic upgrading cannot be 
advanced simultaneously. It is thus important that a brief 
method of seismic screening of buildings be done to 
determine which buildings are at greatest risk, and hence 
must be given priority in detailed evaluation and possible 
retrofitting. The Rapid Visual Screening (RVS) procedure of 
FEMA154/ATC21 is  a simple method which has been 
used and adapted as a brief screening method in the US, 
Canada and other countries. The RVS utilizes a 
methodology based on a “sidewalk survey” of a building 
where a Basic Structural Hazard Score (S) is used to identify, 
inventory, and rank buildings that are potentially seismically 

hazardous. Buildings that will be subjected to a more 
detailed inspection are usually determined based on cut-off 
value of the RVS score. To further improve the use of RVS 
specially in prioritizing important buildings like schools and 
hospitals for a more detailed inspection, a two-dimensional 
approach is proposed wherein a dual criteria is used to 
classify buildings based on the RVS score and an importance 
or non-structural hazard criterion.  

 
The two-dimensional approach is applied to two types 

of important buildings – school and hospital buildings. The 
criterion used for the school buildings is the presence of 
non-structural hazards. On the other hand, bed capacity is 
used for hospital buildings. Through this approach, buildings 
with the highest seismic vulnerability are identified based on 
the dual criteria. These buildings are then prioritized for a 
more detailed inspection to assess their seismic performance 
and structural integrity. After a detailed inspection, 
appropriate seismic retrofitting and strengthening can be 
undertaken on these buildings. 
 
 
2.  RAPID VISUAL SCREENING 
 

The Rapid Visual Screening Procedure (RVS) utilizes 
a methodology based on a “sidewalk survey” of a building, 
where a building is inspected from the exterior in order to 
quickly determine if the building is probably adequate for 
the earthquake forces it is likely to experience, or whether 
there may be reasonable doubts as to the building’s seismic 
performance. Detailed methodology and supporting 
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background information are contained in a publication, 
FEMA-154 (2002) and a supporting document 
FEMA-155(2002). The FEMA-154 is a modified and 
updated version of the ATC-21(1988). A modified version of 
the RVS data collection form is shown in Table 1 and the 
usage is summarized below: 
 

1. Identify the building type and the corresponding basic 
score. The data collection form in Table 1 was modified 
showing only the building types common in the Philippines 
under high seismicity. The building types are Steel 
moment-resisting frame (S1), Steel braced frame (S2), Steel 
frame with cast-in-place concrete shear walls (S4), Concrete 
moment-resisting frame (C1) and Concrete shear wall (C2). 
The basic score reflects the estimated likelihood of a typical 
building type sustaining major damage in its corresponding 
seismic environment (low, medium or high seismicity).. The 
basic scores have been determined so that a seismically good 
building has a high value, and a potentially weak or 
hazardous building has a low value.   

 
2. Identify on the basis of visual inspection those significant 
factors that would modify the seismic performance of the 
building. The Performance Modification Factor (PMF) 
either has a positive or negative effect on the final score. The 
modifiers that have a positive effect on the building are 
Mid-Rise, High-Rise and Post Benchmark.. The negative 
score modifiers are  Vertical irregularity, Plan irregularity, 
Pre-Code and Soil type C,D and E. Description of the 
various PMFs can be found in FEMA154 and 155. ATC-21 
has more PMFs compared to FEMA154. 

 
3. Subtract (or add) the PMF values from the Basic 
Structural Hazard score, to arrive at a final RVS score.  
The final RVS score (S) is a finding as to whether the 
building should or should not be subjected to more detailed 
investigation as to its seismic adequacy based on a cut-off 
score. FEMA154 suggests 2.0 as a cut-off score. 

 
3. TWO-DIMENSIONAL CLASSIFICATION 

 
Because of limitations in budget and time, there is a 

need to refine the prioritization of buildings that will be 
subjected to detailed investigation. Using the RVS score 
only based on the cut-off score and rank produces a large 
number of buildings especially if the population of buildings  
inspected is large. To rationalize the prioritization, a second 
criterion is proposed so that a two-dimensional classification 
of buildings based on risk, vulnerability and priorities can be 
done. The second criterion that may be used depends on the 
type or function of the building. For important and essential  
structures like hospitals, schools and government buildings, 
a criterion can be defined by decision makers. Possible 
criteria that maybe used are hospital bed capacity for 
hospital buildings, occupancy or population for government 
buildings or school buildings or non-structural condition or 
hazards for public buildings. 

 
Using the RVS score as the first criterion (Y) or 

vertical axis and the second criterion (X) as the horizontal 
axis, a two-dimensional scatter plot can be derived based on 
the X-Y scores of the buildings. Cut-off points for X and Y 

Table 1. A Modified RVS Data Collection Form 
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criterion should be decided. A cut-off score of 2.0 for the 
RVS score may be adopted as suggested in FEMA-154. 
Based on the X-Y cut-off scores, the plot (Figure 1) can be 
divided into four quadrants based on priority for detailed 
inspection: (a) QI – Very Low Priority, (b) QII – Low 
Priority, (c) QIII – Medium Priority, and (d) QIV – High 
Priority. Buildings belonging to QIV have the highest 
priority for further detailed investigation and should be given 
immediate attention.  

 
 
 
 
 
 
 
 
 
 
 
 
Figure 1. Two-Dimensional Classification 
 

4. SURVEY OF BUILDINGS 
 
4.1 School Buildings 
 
 In a study by Cammayo (2007), a brief survey of 150 
public school buildings was conducted using the RVS 
(ATC-21 version) method as shown in Figure 2. A 
nonstructural condition evaluation which was used as the 
second criterion was also conducted. The non-structural 
(NS) score for each building based on the existence (NS=1) 

or not (NS=0) of the NS hazard was used as the second 
criterion. The NS hazards considered were: (a) Fire hazard, 
(b) Minor concrete cracks, (c) Dilapidated ceiling/roofing, 
(d) Minor electrical wiring problems, (e) Broken windows, 
(f) Poor ventilation, and (g) Repainting. An NS value = 1 is 
assigned for each nonstructural hazard for each building. 
The NS score is simply the sum of the NS values for each 
NS hazard (e.g. an NS score = 7 is given if all seven NS 
hazards exist in a building). The cut-off score used in the 
study is NS = 2 meaning that a building with two or more 
nonstructural hazards should be given a higher priority for 
detailed inspection and/or repair. On the other hand, the 
cut-off score for the RVS used was 2.0 meaning buildings 
with an RVS score less than or equal to 2.0 should be given 
higher priority. 

Figure 3 presents the resulting 2D plot of the points 
corresponding to the RVS and NS scores of the school 
buildings inspected. Based on the classification, 23 of the 
buildings belong to the high priority quadrant (QIV) while 
there are 28 in QIII, 28 in QII and 71 in QI. The QIV school 
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Figure 3. 2D Plot for the School Buildings Survey 

 

Figure 4. Location of School Buildings 
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buildings should be subjected to a detailed seismic 
inspection. The locations of the buildings belonging to QIV 
are shown in a map in Figure 4. The location is an important 
factor that can be used as a parameter by decision makers 
later if budget constraints require that seismic detailed 
inspection and retrofitting be done on selected buildings only. 
Soil condition and student population are possible 
parameters that may considered in the selection. 
 
4.2 Hospital Buildings 
 
Baluyut et al (2008) conducted a survey of 22 hospital 
buildings in Metro Manila. The RVS based on the FEMA 
154 was used. The hospital buildings surveyed are mid-rise 
and high rise of the type C1(Concrete Moment Resisting 
Frame), C2 (Concrete Shear Wall) and C3 (Concrete Frame 
with unreinforced masonry fill). Based on the RVS survey 
15 out of 22 have a final RVS score less than or equal to 2.0. 
To further refine the prioritization, a second criterion 
corresponding to the bed capacity of the hospitals is used. 
The higher the bed capacity the higher will be the losses or 
deaths in case of a building collapse. A cut-off score of 200 
hospital beds is adopted for the 2D classification. Table 2 
shows the summary of the RVS scores and bed capacity for 
hospital buildings.  

 Figure 5 presents the 2D classification of the hospital 
building survey. The highlighted data in  Table 2 are those 
belonging to QIV.  Hospital buildings H-05, H-16 and 
H-08 are the three hospital buildings that need immediate 
detailed inspection and possible seismic retrofitting. These 
buildings have a medium to high bed capacities: 1334 for 
H-05, 1200 for H16 and 450 for H-08. The common 
characteristics of hospital buildings belonging to QIV are 

“pre-code buildings” or buildings designed before the 
enforcement of seismic codes, existence of either a plan or 
vertical irregularity and poor soil type. These factors have 
detrimental effects on the buildings during earthquakes and 
thus must be subjected to more detailed seismic inspection.  

 
 
5.  CONCLUSION 
 

Using the RVS with a second criterion rationalizes the 
prioritization of buildings that will be subjected to detailed 
seismic inspection. Decision makers can be guided by using 
the  two-dimensional approach. This 2D approach was 
illustrated in a survey of two types of important buildings – 
school and hospital buildings. The second criterion used for 
the school buildings was the presence of non-structural 
hazards and bed capacity for hospital buildings.  Buildings 
belonging to the high priority quadrant or QIV must be 
prioritized for a more detailed inspection to assess their 
seismic performance and structural integrity. After a detailed 
inspection, appropriate seismic retrofitting and strengthening 
can be undertaken on these buildings. 
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Table 2. Hospital Building Survey Scores 

Hopspital RVS Score Bed Capacity
H-01 4.1 82
H-02 -0.3 200
H-03 2.3 200
H-04 2.3 150
H-05 0.0 1334
H-06 0.0 300
H-07 0.7 50
H-08 -0.9 450
H-09 -0.8 150
H-10 1.6 50
H-11 0.6 200
H-12 2.8 149
H-13 2.6 150
H-14 4.3 100
H-15 1.7 300
H-16 1.2 1200
H-17 -0.3 250
H-18 1.2 350
H-19 1.7 30
H-20 1.2 150
H-21 2.2 100
H-22 0.7 20  
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Abstract:  A lot of buildings were damaged by severe shaking during the Tohoku Pacific Earthquake occurred on March 
11, 2011. Some R/C school buildings investigated by authors after the earthquake were indicated in this paper. All of them 
were located in Ibaraki Prefecture, and shaken by the ground motion of intensity VI (JMA scale) during the earthquake. 
One of them was a junior high school’s building built in 1964 ~ 1965. The structural damage level was estimated as 
“moderate”. Others were two buildings belonging to an elementary school, the north building built in 1974 and the south 
one built in 1975. Those structural damage levels were judged as “minor”. Investigated structural damages of those 
buildings were reported in comparison to seismic performance estimated by the Seismic Safety Evaluation method. 

 
 
1.  INTRODUCTION 
 

On March 11, 2011, a huge earthquake, The 2011 
Tohoku Pacific Earthquake, hit Japan strongly. Terrible 
damages were occurred by the tsunami and seismic shaking 
of the earthquake at the large area of East Japan, and lots of 
buildings were collapsed or damaged severely. It is what is 
called The Great East Japan Earthquake.  

In order to confirm safety about school buildings at the 
disaster-stricken region, the damage inspection project was 
conducted by initiative of AIJ (the Architectural Institute of 
Japan) and MEXT (the Ministry of Education, Culture, 
Sports, Science and Technology). Authors investigated 
structural damages of several schools’ buildings in Ibaraki 
Prefecture located in about 300 km southwest from the 
epicenter as a part of the inspection project.  

The investigated structural damages about one R/C 
building of a certain junior high school and two buildings of 
a certain elementary school are reported in this paper. Those 
buildings were damaged by seismic shaking of the event. 
Results of the Seismic Safety Evaluation of those buildings 
are also included in this paper in order to discuss the seismic 
performance of those damaged buildings. 
 
 
2.  OBJECTIVE SCHOOLS 
 

The objective junior high school and elementary school 
are located in the mid west area of Ibaraki Prefecture. 
Although the area was far away over 300 km from the 
epicenter as shown in Figure 1, very strong ground motions 
were recorded during the earthquake. Waveforms of 
recorded ground accelerations at an observation point of 

K-NET by NIED (National Research Institute for Earth 
Science and Disaster Prevention) near the objective schools 
are shown in Figure 2. The maximum acceleration was 290 
cm/sec2 in the EW direction. Response acceleration spectra 
of those recorded motions were calculated with damping 
factor h=5% as shown in Figure 3. It was guessed that strong 
seismic lateral force was loaded by the earthquake to 
low-rise or medium-rise buildings in this area, because high 
accelerations were shown in the short period around 0.2 ~ 
0.6 sec. in both horizontal directions. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

N
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Figure 1  Map of Japan and the epicenter 
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Objective R/C buildings’ data, investigated structural 
damages and results of the Seismic Safety Evaluation of 
each school are described in the following chapters. 
 
 
3.  CASE OF JUNIOR HIGH SCHOOL BUILDING 
 
3.1  Building’s Information 

The site and the circumference environment of the 
junior high school are shown in Figure 4. It was supposed 
that the ground condition of the site was not firm because the 
site was just in a riverside. The seismic intensity of JMA (the 
Japan Meteorological Agency) was estimated as 6 upper 
around this area. The objective R/C building is the North 
bldg. which data is summarized in Table 1. The North bldg. 
suffered remarkable structural damage by the earthquake, 
while the South bldg. (R/C frame structure built in 1966 ~ 
1972) shown in Figure 4 had only slight damage. Photo 1 
shows the North bldg. viewed from a northwest.  
 
3.2  Investigation of Seismic Damages 

The structural damage investigation of the building was 
carried out with reference to the guideline proposed by 
JBDPA (the Japan Building Disaster Prevention Association) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(2005). The guideline is containing criteria of damage class 
for R/C structural members and the judgment procedure for 
damage level of a building. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

gym 
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Figure 4  Site and Layout of the Junior High School  

Table 1  Data of North Bldg. at the Junior High School 

Built year 1964 ~ 1965 

Building area 2,752 m2 (the 1st floor; 914 m2) 

Structure  R/C frame with seismic wall 

Stories  3 with penthouse (floor height; 3.5m)

Foundation  Piles (supposedly) 

Material property unknown 

 

Photo 1  North Bldg. of the Junior High School 
viewed from Northwest 

Figure 3  Response Acceleration Spectrum of 
Recorded Ground Motion  
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Figure 2  Waveform of Recorded Ground Acceleration 
near the Objective Schools (K-NET by NIED) 
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In the procedure, damages on R/C members, mainly 
columns and walls, of a building were checked respectively 
in order to determine the damage class according to the 
criteria as shown in Table 2. The damage level of the 
building is judged by Table 3 depending on the Residual 
Seismic Capacity; R, which calculated from counting of 
damage classes of members for each direction of all stories. 

The 1st floor plan of the building is shown in Figure 5 
with the damage class of each column. Columns were 
particularly damaged in the X direction as same as a typical 
school building, because almost no walls existed in the X 
direction while many seismic walls existed in the Y direction. 
The damage was the most severe at the 1st floor in this 
building. Especially in the frame C, one column damaged as 
IVS , and 3 columns were damaged as VS , it expressed the 
shear failure. Photo 2 shows the column of the damage class 
VS (1F-C-8), and Photo 3 shows the column of the damage 
class IVS (1F-C-13), respectively. It was guessed that short 
columns attached spandrel walls in the frame C as shown in 
Photo 1 were brought the severe damage. This building was 
judged as the moderate damage due to R-value as shown in 
Table 4 in the X direction. 
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Table 2  Damage Class for R/C Structural Member 

Damage class Observed damage of member 

I Only hair cracks ( ≤ 0.2mm width) 

II Clear cracks (0.2 ~ 1mm width) 

III 
Remarkable cracks (1 ~ 2mm width) 
with some spalling of covering concrete 

IV 
Severe cracks ( > 2mm width) and 
exposing of rebar due to spalling of 
covering concrete 

V 
Vertical deformation with buckling of 
rebar and crushing of concrete 

 

Table 3  Damage Level and Residual Seismic Capacity

Damage level Residual seismic capacity; R 

No-damage R  =  100  (%) 

Slight damage 95  ≤  R  <  100  (%) 

Minor damage 80  ≤  R  <  95  (%) 

Moderate damage 60  ≤  R  <  80  (%) 

Severe damage R  <  60  (%) 

Collapse R  =  0 

 

Figure 5  The 1st Floor Plan of North Bldg. with Damage Class of Columns at the Junior High School 

X 

Y 

IF

damage class (→ Table 2)

F ; flexure crack
S ; shear crack 

Photo 3  Column of Damage 
Class IVS (1F-C-13) 

Photo 2  Column of Damage 
Class VS (1F-C-8) 

Table 4  R-value and Damage Level of North Bldg. 
in the X Direction 

Floor R (%) Damage level 

3 94.1 

2 79.7 

1 71.7 

Moderate damage 
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3.3  Discussion by The Seismic Safety Evaluation 
The Seismic Safety Evaluation is the most popular 

method to estimate the seismic performance of existing 
buildings in Japan. The standard for the Seismic Safety 
Evaluation for R/C buildings proposed by JBDPA (2001) 
was applied in this paper.  

The seismic safety of a building is judged by comparing 
the seismic index; IS and the required seismic index; IS0 in 
the Seismic Safety Evaluation. If Eq. (1) is satisfied, the 
building is considered as safe against the earthquake 
supposed in the standard. IS and IS0 are calculated by Eq. (2) 
and Eq. (3), respectively. 
 

      IS  ≥  IS0  (1) 
      IS = E0 · SD · T  (2) 
      IS0 = ES · Z · G · U  (3) 

 
Where, IS ; seismic index,  IS0 ; required seismic index,  
E0 ; basic seismic factor,  SD ; shape factor, T ; deterioration 
factor, ES ; basic required seismic factor, Z ; zoning factor, 
G ; ground factor, U ; importance factor 
 

There are three stages in the Seismic Safety Evaluation. 
The higher stage is more detail and accurate however it takes 
much more calculations. The 1st stage is the easiest method 
used as quick safety check. This stage requires easy 
calculations using sectional area of vertical members. In the 
2nd stage, the flexure and shear strength of vertical members 
should be determined while beams are assumed rigid. The 
2nd stage is suitable for weak-column type buildings. The 
3rd stage is suitable for weak-beam type buildings, because 
the collapse mechanism of each frame should be considered. 
Eq. (4) is also satisfied for the safe judgment of the building 
in the 2nd and 3rd stages. 
 

      CTU · SD  ≥  0.3· Z · G · U  (4) 
 
Where, CTU ; accumulated strength index in ultimate point 
 

The 1st stage of the Seismic Safety Evaluation was 
employed for this building, because there was no detail 
structural data, such as material properties, reinforcing 
arrangement and so on, unfortunately. The result of the 
Seismic Safety Evaluation is shown in Table 5. IS0 was set to 
0.8 as shown in the table. IS -values in the Y direction were 
greater than ones in the X direction, because many seismic 
walls existed in the Y direction. The minimum value of IS 
was 0.19 in the X direction of the 1st floor. It was indicated 
that IS values in the X direction had a visible agreement with 
the structural damage distribution as shown in Figure 6. 
 
 
4.  CASE OF ELEMENTARY SCHOOL BUILDINGS 
 
4.1  Buildings’ Information 

The objective elementary school was located in the 
plain of a valley, which were about 10 km southeast of the 
junior high school. The site and circumstance environment 
are shown in Figure 7. The seismic intensity of JMA was 

estimated as 6 minor around this area. Since the ground 
condition of the site was not firm, all of major buildings in 
the school were supported with piles in the foundation.  

The North bldg. and the South bldg. shown in the 
Figure 7 and Photo 4 were investigated by authors. Those 
buildings were connected by corridors installed expansion 
joints. Both buildings’ data are summarized in Table 6. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 5  Result of the Seismic Safety Evaluation (the 1st stage) 
about North Building at the Junior High School 

Direction Floor E0 SD T IS Judge

X 3 0.80 0.81 0.8 0.52 NG 

 2 0.50   0.32 NG 

 1 0.29   0.19 NG 

Y 3 2.33 0.81 0.8 1.51 Safe

 2 1.50   0.97 Safe

 1 0.88   0.57 NG 

   IS0 = 0.8 ( ← ES = 0.8 (for the 1st stage), Z = G = U = 1.0) 

Figure 6  Relationship of R and IS about North Bldg. 
in the X direction 
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Figure 7  Site and Layout of the Elementary School  
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4.2  Investigation of Seismic Damages 

Structural damages of those buildings were investigated 
as same as the junior high school. The 2nd floor plan of the 
North bldg. and the 1st floor plan of the South bldg. are 
shown in Figure 8 with the damage class of each column. 
Each building had remarkable damages in the X direction on 
the floor drawn in the figure. Rehabilitation works had been 
done to seriously cracked members in both buildings at the 
investigation time. Several short columns had serious shear 
cracks in the X direction at the frame J of the North bldg. 
and at the frame C of the South bldg.. Photo 5 shows the 
repaired column of the damage class IIS  in the 2nd floor of 
the North bldg. (J-7), while Photo 6 shows a steel jacketed 
column of the damage class IIIS  in the 1st floor of the South 
bldg. (C-8). The damage class was judged with checking  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
photographs taken before the rehabilitation work. Residual 
Seismic Capacity; R and the damage level in the X direction 
of each building are shown in Table 7. Both of them were 
judged as the minor damage in the X direction.  
 
4.3  Discussion by The Seismic Safety Evaluation 

The 2nd stage of the Seismic Safety Evaluation was 
applied to both buildings. The results are summarized in 
Table 8 about the weaker direction X. The shortage of 
seismic capacity in all floors was clarified as “NG”. The 
minimum IS -value was in the 2nd floor of the North bldg. 
and in the 1st floor of the South bldg., corresponding to the 
minimum R -values in Table 7. The relationship of R and IS 
about both buildings are shown in Figure 9. Clear 
coincidence was not obtained in this case.  

Table 6  Data of Buildings at the Elementary School 

 Built year 
North bldg.; 1974 
South bldg.; 1975 (the 3rd story was added in 1980) 

Building area 
North bldg.; 3,284 m2 (the 1st floor; 1,203 m2) 
South bldg.; 2,775 m2 (the 1st floor; 1,158 m2) 

Structure  R/C frame with seismic wall 

Stories  3 with penthouse (floor height; about 3.7 m) 

Foundation  PC Piles (300 or 350mm diameter, 10m length) 

Material property 
Concrete; FC =20.5 (N/mm2) 
Reinforcement; SD295 and SR235 

 

Photo 4  Objective Buildings of the Elementary School viewed from Southeast 

The North bldg.The South bldg. 

Photo 6  Steel Jacketed Column of Damage 
Class IIIS  (South Bldg., 1F-C-8)

Photo 5  Repaired Column of Damage 
Class IIS  (North Bldg., 2F-J-7)

Table 7  R-value and Damage Level of the Elementary School Buildings 
in the X Direction 

 North Bldg. South Bldg. 

Floor R (%) Damage level R (%) Damage level

3 92.1 90.3 

2 90.0 92.1 

1 92.1 

Minor damage 

89.2 

Minor damage
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5.  CONCLUSIONS 
 

Concerning three R/C school buildings injured by The 
2011 Tohoku Pacific Earthquake, seismic performance was 
discussed with investigated structural damages and results of 
the Seismic Safety Evaluation in this paper. 
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Figure 8  Damage Class of Columns at the Elementary School 
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[ North Bldg. (X direction) ] 

Floor E0 SD T IS CTU ･SD Judge

3 0.59 0.90 0.96 0.51 0.67 NG 

2 0.43 0.90  0.37 0.49 NG 

1 0.55 0.90  0.47 0.61 NG 

  IS0 = 0.7 ( ← ES = 0.7 (for the 2nd stage), Z = G = U = 1.0) 

X 

Y 

(a) The 2nd Floor Plan of North Bldg. 

(b) The 1st Floor Plan of South Bldg. 

[ South Bldg. (X direction) ] 

Floor E0 SD T IS CTU ･SD Judge

3 0.74 0.84 0.96 0.60 0.46 NG 

2 0.71 0.84  0.58 0.60 NG 

1 0.67 0.67  0.45 0.47 NG 

 

Table 8  Result of the Seismic Safety Evaluation (the 2nd stage) about the Elementary School in the X Direction 

Figure 9  Relationship of R and IS about North and 
South Bldg. in the X direction 
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Abstract:  The September 2009 Sumatra earthquake occurred in the Indian Ocean off of western Sumatra in Indonesia. 
a number of large concrete buildings were damaged in Padang; some of these buildings were non-engineered while some 
were engineered. This study focused on a public building named Badan Pengawasan Keuangan Dan Pebangunan that is 
located in the center of Padang. We performed static non-linear analysis of the building using a 3D frame model and the 
seismic performance of the building was examined based on the seismic codes and standards in Indonesia. Hysteresis 
curve was obtained considered brittle columns modeled by taking their flexible and rigid portions into account. So the 
actual base shear coefficient of the building 0.1 was obvious, the building should have been retrofitted and strengthened 
because the building did not have sufficient lateral strength to meet the code. 

 
 
1.  INTRODUCTION 
 

The September 2009 Sumatra earthquake occurred in 
the Indian Ocean off of western Sumatra in Indonesia. The 
major shock had a magnitude of 7.5 and large aftershocks 
occurred the next day. Several Japanese institutes jointly 
surveyed and studied the aftereffects starting October 15.  

They reported that a number of large concrete 
buildings were damaged in Padang; some of these buildings 
were non-engineered while some were engineered. 

Given the nature of the damage in their report, the AIJ 
Disaster Committee started a disaster survey. The mission 
for the team was to ascertain the characteristics of the 
damaged concrete buildings and masonry buildings often 
built there. 

The survey planned (1) to collect data on structural 
details and damage to buildings, (2) to analyze the 
relationship between those details and that damage based on 
the data, (3) and to ascertain an overview of the details of 
and damage to masonry buildings. The mission took place 
from December 13 to 20, 2009. 

 
 

2.  RESEARCH SIGNIFICANT 
In association with the second of the team’s missions 

mentioned above, this study focused on a building they 
examined as part of their mission and performed static 
non-linear analysis of the building using a 3D frame model.  

First, collapse mechanism and failure mode for the 
building were determined by checking the results of the 

survey with the results of non-linear analysis.  
Then, the seismic performance of the building was 

examined based on the seismic codes and standards in 
Indonesia. 

 
 

3.  BUILDING 
This study focused on a public building named Badan 

Pengawasan Keuangan Dan Pebangunan (BPKP) that is 
located in the center of Padang.  

Figure 1 shows a basic plan of the building and the 
elevation of building frame #4. The building has four 6-m 
spans in the X direction and seven 6-m spans in the Y 
direction, and the story height ranges from 4.65 to 4.00m.  

  

Figure 1  Plan (unit mm) 
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Figure 2 shows sections of columns and girders. Data 
were collected by measurement and rebar exploration 
because seismic safety data and some building plans and 
geometrics were not kept. 

The section of the main column is 550-mm square for 
the first and second floors and 450-mm square for the third 
to fifth floors. The first portion of column had 16 pieces of 
D19 rebar and D10 hoops at intervals of 150 mm while the 
second portion had 12 pieces of rebar and similar hoops. T 

he section of main girder was assumed to be 300 by 
500 mm with 6 pieces of D19 rebar in the top reinforcement 
and 3 pieces in the bottom reinforcement and D10 stirrups at 
intervals of 200 mm based on data from the survey and 
some building plans and geometrics. 

Photo 1 shows the exterior of the building. Some of 
walls have collapsed after the earthquake. The building has a 
wood gable roof, and only the weight of the wooden portion 
was considered in this analysis. 

The survey of damage found that both exterior brick 
walls and interior brick walls were damaged and had 
collapsed. Some of the walls that were restrained by the 
concrete frame are surmised to have resisted the earthquake, 
but these walls were not firmly anchored to the concrete 
frame. Their properties in an earthquake are unclear at this 
point, so only their weight was considered in this analysis. 

For rebar strength, rebar that was D19 or larger in 
diameter was assumed to be SD345. Concrete strength was 
considered to be 42N/mm2 based on the data. 

 
 

4.  ANALYSIS 
Figure 3 shows models of the structure. The model of 

the columns has elasto-plastic multi springs at the top and 
bottom of the column and shear deformation is considered. 
The model of the girder has an elasto-plastic flexural spring 
at both ends and shear deformation is considered. 

Photo 2 shows the damage to a column in the building. 
Brittle columns shown in Photo 2 were modeled as shown 
Figure 4 by taking their flexible and rigid portions into 
account. 

  

 

 

 

Photo 1  Facade 

Before the earthquake After the earthquake 

Figure 2  Column and girder list (unit mm) 
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Figure 3  Elevation and #4-frame model (unit mm) 
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Figure 4  Frame  model 
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Photo 2  Shear failure at the top of a column 

A tri-linear model was used for multi springs and 
flexural springs; springs had hysteretic characteristics given 
their cracks. A bi-linear model was used for shear springs 
that were assumed to be elasto-plastic, but their status 
post-peak was not considered. Bars per 1 m of slab 
accompanying a girder were taken into account for the 
ultimate flexural strength of girders. 

The 3D frame model of the building has been pushed 
over in this static non-linear analysis. The focus here is on 
the X direction of the building since many of the brittle 
columns were observed in that direction. 

 
 

5.  RESULTS OF ANALYASIS AND DISCUSSION 
 
5.1  Hysteresis curve of a model not taking the rigid 
portion of columns into account 

Figure 5 shows the hysteresis curve of the model when 
the rigid portion of columns is not taken into account. 
Moment plastic hinges were formed at both ends of the 
girders in the model. 

The story shear force on the first floor was 6,419 kN, 
and the analysis was stopped when the deformation angle for 
the second floor reached 0.03. The base shear coefficient for 
the first floor was 0.15 because the weight of the first floor 
was 41,560 kN. 

 
5.2  Hysteresis curve of a model taking the rigid portion 
of columns into account 

Figure 6 shows the hysteresis curve of the model when 
the rigid portion of columns is taken into account. Moment 
plastic hinges at the ends of girders and shear plastic hinges 
at the columns were formed in the model. 

The analysis did not consider status post-peak, so the 
shear force carried by shear-yielding columns was 
incrementally reduced based on hysteresis curve, because 
the columns were brittle. 

Maximum story shear force for the first floor was 
4,263 kN, and the analysis was stopped when the 
deformation angle for the second floor reached 0.013. The 
base shear coefficient was 0.1. 

 
5.3  Moment and hinge diagram 

Figure 7 shows moment and hinge diagrams of frame 
#4, when the rigid portion of columns was taken into 
account. The shear force carried by columns was almost the 
same because each column had almost the same lateral 
stiffness. 

As mentioned above, moment plastic hinges were 
formed at the ends of the girders and some of columns. 

Figure 8 shows moment and hinge diagrams of frame 
#4, when the rigid portion of columns was taken into 
account. The shear force carried by the column at #F in the 
second floor and the columns at #E and F in the third floor 
was greater because columns with a rigid portion had greater 
lateral stiffness. 

  

Figure 5  Hysteresis curve 
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Figure 6  Hysteresis curve considered brittle columns 
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 Both moment and shear plastic hinges were formed at 
the ends of the girders and some of the columns. This 
collapse mechanism roughly coincides with the results of the 
site survey. 

 
5.4  Hysteresis curve 

Figure 9 shows the designed base shear and hysteresis 
curve based on results of analysis. The hysteresis curve for 
the first floor is represented in section 5.1 and 5.2, and the 
tri-linear model represents Indonesian building codes. 

A building should be designed with the designed base 
shear coefficient in the code by an elastic model. The 
building seemed to have ultimate lateral strength based on 
the code because the base shear coefficient reached 0.15 in 
the analysis that did not take the rigid portion of columns 
into account. 

However, the Indonesian building code proposes a 
base shear coefficient that is half of that in the Japanese 
building code given the fact that the ultimate base shear 
coefficient is 0.3 or greater in the Japanese code. 

The actual base shear coefficient of the building was 
0.1 because the collapse mechanism indicated by the 
analysis that take the rigid portion of columns into account 
coincided with the results of the damage survey. The 
building should have been retrofitted and strengthened 
because the building did not have sufficient lateral strength 
to meet the code. 
 

 

 
6.  CONCLUSIONS 
 
1. A damaged building at the September 2009 Sumatra 

Earthquakes was surveyed and analyzed by static 3 
dimension non-linear model. 

2. A model taken flexible portion and rigid portion into 
account was proposed. 

3. The building not taking brittle columns into account had 

Figure 8  Moment diagram and hinges for #4 frame 

considered flexible portion of column 

Figure 7  Moment diagram and hinges for #4 frame 

Q 

M 

M 

N
 

M
 

Q
 

M
 

Shear yielding 

Flexural yielding 

Unit : kN， kN･m 

 
Figure 9  Design base shear and analysis result 
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sufficient lateral strength in the Indonesian code. 
4. The building taking brittle columns into account didn’t 

have sufficient lateral strength in the Indonesian code, 
because of having brittle columns. 

5. The building should have been retrofitted and 
strengthened because the building did not have 
sufficient lateral strength to meet the Indonesian code. 
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Abstract:  Two earthquakes hit Van city of Turkey and its surrounding areas on October 23 and November 9, 2011. The 
magnitudes of these two earthquakes were 7.1 and 5.6, respectively. These earthquakes caused more than 600 casualties, 
much more injuries and a remarkable number of structural collapses and damages leading significant impacts on the daily 
life and economical situation of the city. In this paper, after a brief outline of the earthquake characteristics, observed 
structural damages are outlined for reinforced concrete and masonry structures. Then some recommendations are 
presented based on the observed damages for reduction of losses against potential future earthquakes. Furthermore, some 
issues related with the post-earthquake disaster management are also discussed.  

 
 
1.  INTRODUCTION 
 

An earthquake of magnitude 7.1 hit Tabanlı district of 
Van city on October 23, 2011. After few days, on November 
9, 2011, another earthquake of magnitude 5.6 hit Edremit 
district of Van. Thousands of aftershocks were also recorded 
in the area after the first and second main shocks. While the 
first earthquake caused more than 600 casualties, the second 
earthquake caused approximately 50 casualties. While the 
magnitude of the first earthquake is remarkably higher than 
the second one, the ground accelerations caused by two 
earthquakes were not much different in the center of Van city. 
Therefore, the structural damages increased remarkably in 
the center of Van city after the second earthquake. The 
relatively low number of casualties after the second 
earthquake is attributed to the fact that almost all residents of 
Van city were living in tents or have already immigrated to 
surrounding cities because of enormous number of 
aftershocks and disruption of daily life, even though their 
buildings have not suffered any significant damage due to 
the first earthquake. In this paper, the observations of the 
authors, right after the second earthquake, on observed 
structural damages are outlined. The observations cover the 
structural damages in Erciş district, where the damage was 
very high after the first earthquake, Van city center, and 
some villages in the north of Van city center, most of which 
were devastated by the first earthquake. In addition, basic 

features of the seismicity of the area, the characteristics of 
earthquake, and the general characteristics of ground 
conditions in the region are summarized.  
 
 
2.  SEISMICITY OF THE REGION 
 

The seismic risk map of Turkey as prepared by Ministry 
of Public Works and Settlement is shown in Figure 1 
(AFAD). In this figure, Van city is marked with a circle. The 
close-up view of Van city and its surroundings are presented 
in Figure 2 (AFAD). According to Gulkan et al. (1978), Van 
and its surroundings have been hit by a number of major 
earthquakes in recent history. Some relatively recent seismic 
events are presented by Akyuz et al. (2011) based on the 
sources of KOERI (Kandilli Observatory and Earthquake 
Research Institute). These are 1903 Malazgirt, 1941 Erciş 
and 1976 Muradiye-Çaldıran earthquakes. The magnitudes 
of these earthquakes are reported as 6.7, 5.9 and 7.5, 
respectively by Akyuz et al. (2011). In the same report, the 
numbers of casualties are given as 450, 600 and 9232, 
respectively. Referring the studies of McKenzie (1972) and 
Sengor et al. (2008); Akyuz et al. (2011) and Onen et al. 
(2011) reported that the Eastern Anatolia Region (East Part 
of Turkey) is actively deforming due to compression caused 
by the northward collision of Arabia towards Eurasia. 
According to Eren et al. (2011), Anatolian Block moves to 
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west 20 mm annually. A representative drawing of this 
action as given by Onen et al. (2011) is shown in Figure 3.  
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1  Seismic risk map of Turkey 
(http://www.deprem.gov.tr/sarbis/shared/DepremHaritalari.aspx) 

 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 2   Seismic map of Van (AFAD) 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 3  Collision of Arabia towards Eurasia 

(taken from Onen et al. (2011)) 
 
 
3.  CHARACTERISTICS OF THE EARTHQUAKES  
 

During the first earthquake, no reliable recording could 
be obtained in the center of Van. The closest station to the 
epicenter was Muradiye station. The distance between 
Muradiye station and the epicenter is 46 kms according to 
KOERI (2011a). According to KOERI (2011a), the peak 
ground accelerations measured at Muradiye station are 195 
cm/s2 and 167 cm/s2 in NS and EW directions, respectively, 
and the vertical component of the ground acceleration is less 
than 0.1 g. The same report states that the peak ground 

accelerations in the order of 0.6 g and peak velocities of 50 
cm/s may have been experienced in the epicentral regions of 
the earthquake, considering site-dependent ground motion 
characteristics. The report also mentions that these levels of 
ground motions are not yet confirmed through the evidences 
of structural damages. For the second earthquake, according 
to the report of KOERI (2011b), only two stations in Van 
recorded the seismic event, the rock-site station and soil-site 
station. According to KOERI (2011b), the rock-site records 
may have some problems. In addition, according to the 
records obtained at the soil-site station, the maximum 
horizontal ground accelerations measured in E-W and N-S 
directions are in the order of 0.27 and 0.20 g, respectively, 
whereas the maximum vertical component of ground 
acceleration is about 0.10 g. 

 

Figure 4   Ground acceleration records for the second 
earthquake (KOERI, 2011b) 

(http://www.koeri.boun.edu.tr/depremmuh/deprem-raporlari/
Van_Eq_aftershocks1.pdf) 

 
It is important to point out that while the magnitude of 

the second earthquake is remarkably smaller than the first 
one, the ground accelerations in the center of Van city are 
higher for the second earthquake, particularly in EW 
direction. This statement is also validated strongly through 
interviews with people, who experienced both earthquakes 
and structural damages observed after both earthquakes. 
 
 
4.  STRUCTURAL DAMAGES  
 
4.1  Buildings in Villages 

In villages, most houses and buildings are either 
unreinforced masonry or confined masonry. Almost all of 
these buildings in villages are non-engineered. The materials 
used in wall construction are stone, adobe blocks, clay bricks 

Horizontal and vertical grids: 0.05 g, 5 s 

Horizontal and vertical grids: 0.2 g, 5 s 
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and more commonly low-weight hollow core concrete 
blocks (briquette). Some examples of these construction 
materials and houses built with these materials are shown in 
Figures 5 and 6, respectively. It should be noted that in many 
cases, various combinations of these materials are used 
together as shown in Figure 7. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  
 
 
 
 
 
 
 
 
 

Figure 5   Masonry blocks used in unreinforced masonry 
houses; an adobe block (top figure), and two different types 

of briquettes (bottom figures) 
 

As seen in Figures 6 and 7, other than poor quality of 
materials and workmanship, typical weakness for most of 
these unreinforced masonry housing units is the insufficient 
diaphragm action and connections of structural walls at the 
corners. When there is a good diaphragm, such as a concrete 
slab and when the connections of walls at the corners of the 
building are properly detailed, and when the sizes of the 
openings are small, even unreinforced masonry 
constructions can exhibit a satisfactory performance. It 
should be noted here that most of the casualties in villages 
were due to collapse of unreinforced masonry houses with 
heavy roofs constructed with a thick soil layer over the wood 
beams as shown in Figure 8.  

It should be noted that the observed mortar type is 
generally clay mud mixture with some organic fibers for the 
erection of adobe blocks and briquettes, whereas low quality 
cement mortar is also seen in some stone or briquette walls. 
 
4.2  Buildings in City Center and Erciş District 

In center of Van and Erciş district there are many 
reinforced concrete buildings. The number of stories of such 
buildings may be up to 14 stories in Van city center. On the 
other hand, mostly, the reinforced concrete structures are 
four to six stories of frames, where as relatively newer 

buildings can commonly reach up to eight stories, mostly 
with a structural system of frames and shear walls.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 6   Different damages of unreinforced masonry 
structures; briquette walls (top), adobe block walls (middle), 

stone walls (bottom) 
 

The materials used in these reinforced concrete 
structures are generally plain round reinforcing bars and 
hand-mixed concrete until 2000s. After early 2000s, the 
utilization of ready-mixed concrete and deformed 
reinforcing bars has become more common. 
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Figure 7   Combined use of adobe blocks and briquettes 

 
 
 
 
 
 
 
 
 
 

 
Figure 8   Total collapse of an unreinforced masonry house 

with briquette walls and soil roof 
 

The average concrete compressive strength obtained 
from 112 cores taken from 23 structures in and around Van 
is 16.8 MPa with a standard deviation of 7.3 MPa. It should 
be noted that these 23 structures were built between 1976 
and 2005, and 16 of these buildings were constructed 
between 1989 and 2001. Among buildings from which 
concrete cores were taken, the concrete quality was 
remarkably higher for the buildings constructed around or 
after mid-2000s. 

Few coupon tension tests were also carried out on the 
specimens taken from the collapsed structures. The 
mechanical characteristics of reinforcing bars were generally 
in agreement with related code requirements. 

Some typical structural damages and causes of these 
damages are summarized below. Irregular design of 
structural systems is among common and major causes of 
structural damages and failures, particularly when material 
characteristics are also poor and when the details of 
reinforcement are also not proper. Among these structural 
system deficiencies; irregular stiffness distribution in 
elevation and plan (including soft stories) is seen to be as a 
major irregularity causing significant damage. The high level 
of axial loads on relatively small size columns causing 
extremely high compression stresses when compared to 
axial strength of columns close to member capacity is 
observed to be another major deficiency.  
On the other hand, some quite regular buildings also 
experienced significant damages due to construction 

mistakes. One remarkable example is the school building 
shown in Figure 9, which was damaged severely due to 
weak beam-column joints in terms of shear strength and 
anchorage of beam bars (Figure 9, middle photos) 
irrespective of its regular structural system. In addition, it 
should be mentioned that the stiffness of the ground storey 
of the structure is apparently not sufficient. Furthermore, the 
shear capacity of the columns is not enough due to large 
spacing of transverse bars, and low quality of concrete, in 
addition to small cross-sections of columns. In Figure 9 
(bottom photos), the aggregates of roughly 100 mm 
diameter and 90-degree hooks of stirrups with a length of 
approximately 30-40 mm and spacing around 250 mm can 
be seen. These features of the structural members are good 
indicators of poor shear capacity of columns. The similar 
weakness of joints in terms of insufficient anchorage of 
beam longitudinal bars and shear strength was also observed 
in another school building (Figure 10), which was collapsed 
totally. 
 
 
 
 
 
 
 
 
 
 
 
 
 
    
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 9   General appearance and damages of a school 
building constructed about 30 years ago 
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Figure 10  Beam-column joint of one of the few totally 

collapsed school buildings 
 

As seen in Figure 10, low quality of concrete and 
insufficient anchorage of top and bottom beam bars are main 
deficiencies together with absence of transverse reinforcing 
bars in the joint core. 

Some other typical deficiencies of reinforced concrete 
structures are demonstrated with the photos given in Figure 
11. In Van, typically plain round longitudinal column 
reinforcing bars are connected through overlapped joints at 
the levels of slabs and foundation. While related regulations 
do not permit straight overlapped connections of plain 
reinforcing bars subjected to tensile effects, in many cases, 
no hook was seen at the overlapped connections of column 
longitudinal bars (Figure 11). On the other hand, since 
overlap lengths were generally at the order of 50 times bar 
diameter, the damages were not generally associated only 
with the loss of bond at the overlap zones.  

Another common deficiency is the insufficient 
transverse bars as demonstrated in Figure 11, with large 
spacing such as 250-300 mm, absence of cross-ties to 
provide sufficient confinement for concrete and to provide 
sufficient resistance to buckling of longitudinal bars. Ninety 
degree hooks as short as roughly 20 mm can be seen in 
Figure 11. 

The rectangular cross-section of the columns is also 
observed to be among weaknesses. When the column is in 
rectangular shape, it is weak in one direction, while it is 
strong in the other direction. In addition, the connection of 
beams and columns in the weak direction of the column 
becomes problematic due to difficulty of anchoring within 

the small dimension of the column and low shear strength. 
When one dimension of the joint is small in plan, the 
reinforcement detailing and installation, and concrete casting 
also become more difficult causing construction deficiencies 
both in terms of reinforcement and concrete in the most 
critical parts of the structural system, which are the 
connections of beams and columns. 

 
 

  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
       
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
       

 
Figure 11  Compression and shear failure of a column 

 
While generally relatively older structures experienced 

severe damages and collapses, some new structures are 
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observed to be heavily damaged. An example of this type of 
building, which was heavily damaged while it was under 
construction, is shown in Figure 12. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  

Figure 12 Heavily damaged new building while it was 
under construction 

 
It should be noted that the live loads and finishing loads 

as well as the loads due to leveling concrete were not acting 
on this six-storey building. It is also worth to further note 
that ready-mixed concrete and deformed reinforcing bars 
were used as main construction materials. The damages of a 
shear wall and a corner column are shown in Figure 13. 
These damages are linked with irregular plan of the 
structural system, which resulted with higher shear demands 
on the outermost frame of the building, where the damaged 
members shown in Figure 13 were located. The damage was 
remarkably less in other parts of the building. Furthermore, 
the damages of the vertical structural members in this axis 
were not only in the plane of the members, but also in the 
out-of-plane direction (weak direction) of the members 
(Figure 14). 
 
4.3  Damages to Mosques and Minarets 

There are masonry and reinforced concrete mosques 
and minarets in the earthquake-affected area. Both types of 
mosques and particularly minarets experienced damages in 
different extents. While the damages of mosques were 
generally less with respect to minarets, many minarets 
collapsed partially (Fig. 15).  
 
 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 13 Heavily damaged new building while it was 
under construction 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 14 Out-of-plane damage of the shear wall 
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Figure 15 Damages to Minarets and Mosques  
 

In Figure 15, a partially-collapsed reinforced concrete 
minaret is shown (top photo). The minaret has been 
constructed at mid-1970s and remarkably, the compressive 
strengths of the cores taken from the collapsed parts of the 
minaret were around and over 30 MPa. According to 

observations, the failure has occurred at the height at which 
the cross-section and longitudinal reinforcement of the 
minaret were changed (reduced) abruptly. The sudden 
change in stiffness and strength are believed to play a 
dominant role on the partial collapse. 
 The damages on a reinforced concrete mosque in Erciş 
can be seen in the middle and bottom photos given in Figure 
15. As seen in these photos, both reinforced concrete 
columns and walls between the columns were damaged 
severely, particularly around the window openings. The 
unintentional stiffness increase due to presence of 
non-structural walls is deemed to be responsible of the shear 
damages of the columns. 
 
4.4  Damages to Non-structural Members 

Many buildings suffered from damages to 
non-structural walls. While sometimes walls themselves 
were damaged (Figure 16) or toppled out-of-plane, 
sometimes the improper arrangement of walls caused 
damages to reinforced concrete members either because of 
formation of short columns (Figure 17) or because of 
irregularities that they caused.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
          
  
 
 
 
 
 
 
 
 
 
 
 
     

Figure 16 Damages to Non-structural members 
 

It is important to highlight that many important 
structures (eg. hospitals, schools, etc.) were out-of-service 
because of only non-structural damages. Therefore, 
measures for reduction of damage of non-structural 
members seem extremely important. 
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Figure 17  Short column damage as a result of improper 
arrangement of non-structural walls  

 
 
5.  INFORMATION ON DISASTER MANAGEMENT 
AFTER THE EARTHQUAKES 
 
 During the first earthquake, no reliable seismic 
recording could be made in the center of Van. This was due 
to malfunctioning of a station in Van city center during the 
earthquake. Therefore, valuable data could not be obtained. 
This consequence highlights the importance of proper 
maintenance of strong ground motion measurement device 
and facilities before the earthquake in terms of preparedness 
stage of disaster management.  
 Another important deficiency in the recovery phase was 
the damage assessment. The assessment procedure took a 
long time causing many people live in tents for a long time. 
The delayed damage assessment also caused immigration of 
many people to other cities (about 300.000 people according 
to newspapers and televisions). It is clear that this weakness 
in damage assessment caused a significant negative impact 
on the daily lives of city residents and economic situation of 
the city. Another concern observed in the field about damage 
assessment was the incorrect and inconsistent damage 
assessments made probably by relatively inexperienced staff. 
Surprisingly, the assessment of damages of even important 
structures such as hospitals, schools and mosques could not 
be completed properly and timely. Similar observations 
about the deficiency of damage assessment system were also 
made after earthquakes such as Adana (1998) and Simav 
(2011) earthquakes. 
 An equally important problem of disaster management 
system was the uncoordinated and inefficient distribution of 
humanitarian aids during response phase. The distribution of 
tents and other supplies were done without keeping accurate 
records. This caused an unfair distribution causing social 
problems.  
 

 
6.  CONCLUSIONS 
 

Information about the seismicity of the 
earthquake-affected region and the basic characteristics of 
two earthquakes are compiled and presented briefly. Then 

the structural typologies mostly encountered in the area are 
outlined together with the structural and non-structural 
damages caused by two earthquakes. Three major lessons 
learnt in terms of structural and non-structural performances 
and disaster management system are explained below. 

1) Buildings designed and constructed with a minimum 
amount of engineering service could sustain such 
earthquakes without experiencing structural damages or 
experiencing only slight structural or non-structural damages. 
The seismic performance of these structures can be 
considered as immediate occupancy level. 

2) Many buildings experienced only non-structural 
damages, namely damages of non-structural walls, because 
of the low quality materials and workmanship, and poor and 
improper connection details with the structural system. The 
non-structural damages can cause misinterpretations of the 
damage levels of the buildings for ordinary people. 

3) Proper, quick and reliable assessment of structural 
damages is of major importance. If this kind of assessment 
system can not be established properly, this may cause 
further increase of damages, casualties and economic losses, 
as well as degradation of public trust to official institutions. 
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Abstract:  A magnitude of 8.8 earthquake, the fifth largest earthquake in instrumental history as of 2011, occurred at 
3:34 A.M. on February 27, 2010 local time off coast of the central Chile. The epicenter of the earthquake was just 
offshore from the Maule Region. The Maule region experienced a direct hit with intense shaking of duration of at least 
100 seconds and peak horizontal and vertical ground accelerations were over 0.6 g. According to the Ministry of Interior 
of Chile, over 800,000 individuals were directly affected through death, injury and displacement including 521 deaths. In 
addition, more than a third of a million buildings were damaged to varying degrees with several cases of total collapse of 
major structures. The authors investigated damaged buildings two months after the earthquake to record structural 
damage of buildings. This paper, describes a numerical analysis on a reinforced concrete residential building in Viña del 
Mar City to simulate its damage. Pushover analysis and time history dynamic analysis was conducted but unfortunately 
the shear failure mode observed in the field was not simulated properly. 

 
This paper was reprinted from the 2011 World Congress on Advances in Structural Engineering and Mechanics 

(ASEM'11+) Seoul, Korea, 18-22 September, 2011 (pp. 4372-4383) after making minor changes. 
 
1 INTRODUCTION 

 
On February 27, 2010, at 3:34 am local time, a 

magnitude of 8.8 earthquake occurred off coast of the central 
Chile. The epicenter of the earthquake was at 35.909°S, 
72.733°W just offshore from the Maule Region as shown in 
Fig. 1. In the region of strongest ground shaking, ground 
accelerations exceeded 0.05g for over 120 seconds. Over 
twelve million people were estimated to have experienced 
Modified Mercalli intensity VII or stronger shaking 
including five Chilean major cities. At least 521 people were 
killed, 56 missing, about 12,000 injured, 800,000 displaced 
and at least 370,000 houses, 4,013 schools, and 79 hospitals 
damaged or destroyed by the earthquake and tsunami. The 
total economic loss in Chile was estimated as 30 billion US 
dollars. 

Viña del Mar is one of the major cities damaged by 

the earthquake and the pseudo velocity response spectra for 

5% damping in this area is shown in Fig. 2 (JAEE 2010). A 

relatively large peak value of 150 cm/s can be seen at 

periods of 0.5s and 0.7s. A residential building in Viña del 

Mar (Called Building F hereafter) was damaged in this 

earthquake. The damage was recorded at site two months 

after the earthquake and its causes were investigated using 

nonlinear numerical analyses. 

 
2 General Information of Building F 

 
The information of Building F is taken from Univ. of 

Illinois Report (Wood 1985). Building F is a 14 story 

reinforced concrete building constructed in 1978 and 

experienced the 1985 Chile earthquake. Building F was 

damaged and retrofitted later. 

Its plan and elevation are shown in Fig. 3. The 

structural system consists of structural walls with flat slab in 

both longitudinal and transverse directions. Structural walls 

are coupled by relatively deep beams at several locations. 

Shear wall thickness was 300 mm (1st-4th Floor), 250 mm 

(5th-9th Floor), 200 mm (10th-Roof). Longitudinal and 

shear reinforcement of the walls is 1% and 0.2% respectively. 

Slab thickness is 130 mm through the height. The structural 

walls are arranged almost symmetrically in plan with the 

exception of some staggered openings. The foundation is a 

mat type and seven meters below the grade. 
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Fig. 1 Affected area in Chile Earthquake 2010 

(USGS 2010) 
 

 
Fig. 2 Pseudo Velocity Response Spectra (h=0.05) in 

Viña del Mar (JAEE 2010) 
 

Table 1 Amount of walls 
Wall

length, Lw

(m)

Wall length
ratio,

Lw/Afloor

(1/m)

Wall area,

Sw (m2)

Wall area
ratio,

Sw/Afloor

89.9 0.0967 25.51 0.0274
93.2 0.1002 26.28 0.0283  

 
Table 2 Period and mode shape of first three modes 

considering link beams 

Mode
Period

 (second)
Mode Shape

1st 0.731 X-direction translation
2nd 0.697 Torsion
3rd 0.562 Y-direction translation  

Reinforcing steel type ‘A63-42H’ has the yield and 

tensile strengths of 412 and 617 N/mm2, respectively. 

Nominal compressive strength of concrete is reported as 300 

kgf/cm2 for 150cm cubic specimens and this is equivalent to 

25.0 N/mm2 for an ordinary cylinder with 100 mm in 

diameter and 200 mm high. 

Total weight of the building was computed as 138 MN, 

total area of shear walls of first floor as 54.69 m2 and the 

axial force ratio of vertical structural components, N/Afc’, as 

0.102. Typical floor area is 930 m2 and wall ratio in X and Y 

direction is shown in Table 1. The period and mode shape of 

first three modes of the building considering link beams are 

shown in Table 2 

Figure 4 shows the damaged location on the first floor 

and the numbers correspond to those in Table 3. The 

structural walls along the central corridor in longitudinal 

direction failed in shear either in the basement or first floor. 
 

3 NUMERICAL Modeling 

 

The building was modeled with a frame analysis 

program “STERA3D” (Saito 2010). The slab was assumed 

to be rigid in axial direction and have no flexural stiffness. 

Vertical live load was assumed 3000 N/m2 (Typical), 1000 

N/m2 (Roof), 1000 N/m2 (Partition wall) and 1000 N/m2 

(Finishing). The stress-strain relation of concrete is a bilinear 

model with slope 0.001Ec beyond f’c and that of steel is an 

elasto-plastic model. 
 

4 Analytical results of static pushover analsys 

 
Most shear walls in the longitudinal direction 

(X-direction) failed in shear at the basement or first floor as 

shown in Fig. 4. Hence, the static push-over analysis was 

carried out in X-direction. "Ai Distribution", which is 

specified in the Japanese code (MLIT 2008), was employed 

to describe the vertical distribution of seismic lateral loading. 

The load – displacement relation from the pushover 

analysis is shown in Fig. 6. Two curves represent results for 

models with and without considering link beams. The model 

without link beams was computed to compare the lateral 

load carrying capacity with that obtained from the virtual 

work theory based on the identical beam sidesway 

mechanism shown in Fig. 5(b). Since the capacities of two 

models (model without link beams and model in Fig. 5(b)) 

are almost similar, the model without link beams is 

considered right. Then more realistic model, which is a 

model with link beams, were analyzed to obtain the base 

shear coefficient at the maximum capacity of nearly 0.24. 

Epicenter 

Viña del Mar 

STL 
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(a)  First floor plan 

 
(b) Elevation 

 
Fig. 3 Configuration and dimensions of Building F (Wood 1985) 

X

 

     Y 

- 873 -



 
 

Fig. 4 Damaged locations on the first and basement floors 
 
 
 

Table 3 Damage description 

Location Damage description 

1, 2, 3 Wall edge crushed in the vertical direction and vertical reinforcing bars buckled. 

4 Cover spalling due to compression in the vertical direction. Minor damage. 

5 Cover is about to spall due to compression in the vertical direction. Minor damage. 

6 Shear cracks next to a window opening. 

7, 8, 10 
Walls failed in shear. Supplemental walls on two faces constructed after 1985 EQ came out due to 

insufficient anchorage. 

9 A plastic hinge formed at the north side of an external staircase at each floor. 

11 
Wall edge crushed in the vertical direction. Many vertical reinforcing bars were lap-spliced to make 

congestion and concrete was not well consolidated. Windowpanes were broken. 

12 Wall has horizontal cracks. 

13, 14 Finishing mortal spalled. 

15 Windowpanes were completely taken out probably due to heavy damage. 

16 Finishing mortal spalled. Added column crushed in compression near the ground. 

17 The wall behind the elevator has multiple diagonal shear cracks. 

18 Wall edge crushed in the vertical direction near the ground. Vertical reinforcement at edge buckled. 

19 Finishing mortal closed to the ground spalled. 

 
 

 

X

 

     Y 

B01 B02 

B01 and B02 located 
in the basement and 
the other numbered 
components located 
in the first floor. 
Damage #09 can be 
seen from the2nd to 
the top floor as well.
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2nd

1st

3rd

4th

5th

13th

14th

Roof

Ai

Slab

Plastic
Hinge

Shearwall

 
    (a) Seismic lateral load distribution   (b) Frame model of Building F and the formation  

    employed the Japanese  Ai distribution   of failure mechanism 
 

Fig. 5 Model of external force and structural system 
 

 
Fig. 6 Results of static pushover analyses and virtual work theory (North bound loading) 
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The lateral load capacity based on shear failure of 

walls was computed with two types of shear capacity 

formulae by AIJ (AIJ 1997) and JBDPA (JBDPA 2005). The 

shear capacities of contributing shear walls were added to 

obtain the total shear capacity. The base shear coefficient at 

the maximum shear capacity was 0.63 and 0.44 for Eqs. (1) 

and (4), respectively. AIJ formulae is: 

 

 1
cot tan 1

2u w w s sy w wa BV t l p t l v      

     (1) 

where 

wa
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l

h
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h
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2cot1


   (3) 

and σB is the compressive strength of concrete, σsy the yield 
strength of web reinforcement and σsy = 400 MPa when σsy ≤ 
400 MPa, tw the thickness of shear wall, ps the web 
reinforcement ratio of shear wall, hw the height of shear wall 
and may be taken as the story height. Then, ϕ is the angle of 
concrete compression strut and cotϕ was assumed 1.0, lwa 
and lwb are the equivalent shear wall depths for truss and arch 
mechanisms, respectively. 
     JBDPA formula is: 

 
  eeewyse

Cte
su jbp

lQM
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 0
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12.0/

18068.0


     (4) 

 
where pte is longitudinal bar ratio in tension edge column of 
shearwall, Fc is the compressive strength of concrete, 
M/(Q·l) is shear span ratio of shear wall, pse is the effective 
stirrup ratio, σwy is the reliable strength of web reinforcement, 
σ0e is the axial load ratio of shear wall, be is the effective 
width of shear wall, je is the effective depth of shear wall 

As shown in Fig. 6 the base shear coefficient for beam 

sidesway mechanism with link beams was 0.24 while base 

shear coefficient for shear failure of all shear walls was at 

least 0.44. Therefore, the flexure failure mode should 

dominate. However, the shear failure of walls occurred in 

longitudinal direction in reality. The difference was 

considered to be due to the dynamic effects. 

 

5 Dynamic ANALYSIS 

 
The strong motion data of the station near Viña del 

Mar City is not available when the analysis was conducted. 

The nearest station with available data is STL station in 

Cerro Santa Lucia located approximately 100 km southeast 

of Viña del Mar (Fig.1). The strong motion data at STL 

station is shown in Fig.7. The pseudo acceleration and 

velocity response spectra for 5% damping by STL station 

data are shown in Fig. 8. Three components, North-South, 

East-West and Vertical, were used in the dynamic analysis 

simultaneously. The numerical model with link beams 

constructed in push-over analysis in Fig. 5 was used in the 

dynamic analysis.  

The dynamic response base shear coefficient and roof 

drift ratio relation is plotted together with the pushover 

analysis backbone curve in Fig. 9. The dynamic paths almost 

stay within the backbone curves in both directions. 

The distribution of the maximum story drift ratio is 

shown in Fig. 10 and the maximum story shear force 

normalized by the total weight, Qi,max/W, is shown in Fig. 

11. The story drift ratio distribution in X-direction is uniform 

and the mode shape in X-direction is probably dominated by 

the first mode. Smooth distribution of the maximum story 

shear force also justifies this speculation. However, the story 

drift ratio in Y-direction shows the possibility of higher 

mode or torsional effects although the similarly smooth 

distribution of the maximum story shear force shows the 

dominance of the first mode. 

The maximum story shear normalized by the floor 

axial force, Qi,max/Wi, is shown in Fig. 12. Figure 12 also 

has the Japanese Ai distribution by equating the base shear 

value. The dynamic distribution is close to the static Ai 

distribution in both directions. If the dynamic distribution is 

dominated by the curve in Fig. 12 for most of the shaking, 

the flexure dominant deformation results similar to the static 

pushover analysis leading to the beam side sway failure 

mechanism. Hence, the shear failure mode observed on site 

was not simulated at this moment. Further study is needed to 

simulate the observed damage. 

 

 

6 CONCLUSIONS 

A damaged building in Viña del Mar was modeled in 

the nonlinear static and dynamic frame analysis program and 

the basic property such as the fundamental mode shape and 

their periods, lateral load carrying capacity based on a static 

pushover analysis. However, the observed shear failure in 

longitudinal direction was not properly simulated. Near field 

strong motion data, soil condition, the proper modeling of 

slabs  may be necessary to accurately simulate the damage. 
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Fig. 7 Strong motion data at STL station, Cerro Santa Lucia 

(www.strongmotioncenter.org) 
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(a)  Pseudo Acceleration    (b)  Pseudo Velocity 

Fig. 8  Response Spectra (h=0.05) by STL station data 

 

      

(a)  X (Longitudinal) direction    (b)  Y (Transverse) direction  

Fig. 9 Base shear coefficient (Q/W) and roof drift ratio relation 
 

      

(a)  X (Longitudinal) direction    (b)  Y (Transverse) direction  

Fig. 10 Distribution of the maximum story drift ratio 
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(a)  X (Longitudinal) direction    (b)  Y (Transverse) direction  

Fig. 11 Distribution of the maximum story shear force normalized by the total weight 

      

(a)  X (Longitudinal) direction    (b)  Y (Transverse) direction  

Fig. 12 Distribution of story shear normalized by the floor axial force 
 

 
Acknowledgements: 

The authors express their sincere thanks to Prof. Bonelli, 

(Univ. of Santa Maria), Prof. Cruz (Catolica Univ.) and Prof. 

Wallace (UCLA) for providing valuable information. 

 
References: 

AIJ (1999) “AIJ structural design guidelines for reinforced concrete 

buildings based on inelastic displacement concept”, 

Architecture Institute of Japan. (in Japanese) 

JAEE, Japan Association for Earthquake Engineering (2010) “2010 

Chile Earthquake Investigation Team (Earthquake Engineering 

Group Architecture) damage report” (Japanese) 

JBDPA, The Japan Building Disaster Prevention Association 

(2005) “Standard for Seismic Evaluation of Existing 

Reinforced Concrete Buildings, 2001 and Guidelines for 

Seismic Retrofit of Existing Reinforced Concrete Buildings, 

2001 and Technical Manual for Seismic Evaluation and 

Seismic Retrofit of Existing Reinforced Concrete Buildings, 

2001” Translated by Building Research Institute     

MLIT (2008) “The building standard law of Japan” The Ministry of 

Land, Infrastructure and Transport, Tokyo, Japan. 

Saito T, (2010) “The Users’ Manual of STERA3D, Structural 

Earthquake Response Analysis 3D, version 5.5” Building 

Research Institute 

USGS (2010) “Magnitude 8.8 - OFFSHORE BIO-BIO, CHILE”, 

U.S. Geological Survey, National Earthquake Information 

Center 

Wood S. L., Wight J. K., Moehe J. P., (1985) “The 1985 Chile 

Earthquake; Observations on Earthquake- Resistant 

Construction in Viña del Mar” Civil Engineering Studies, 

Structural Research Series No.532, U. of Illinois 

Wallace J. W., Moehe J. P., (1989) “The 1985 Chile Earthquake; 

An Evaluation of Structural Requirements for Bearing Wall 

Buildings” Earthquake Engineering Research Center, Report 

No. UCB/EERC-89/05, U. of California at Berkeley 

- 879 -





JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

Influence of modelling of beam-to-column connections on seismic performance 
of precast industrial buildings 

 
 

Marco Valente1) 
 
 

1) Assistant Professor, Dept. of Structural Engineering, Politecnico di Milano, Italy 
valente@stru.polimi.it 

 
 

Abstract: This study was developed within a research project concerning the seismic performance assessment of new or existing 
precast structures and reports some relevant results of numerical analyses performed on precast industrial buildings subjected to 
earthquake excitation. Some critical points of the numerical modelling of such structures were addressed and discussed with 
particular reference to the study of beam-to-column connections with steel dowels. Analytical models based on results of 
experimental tests carried out within the research project were developed to reproduce the behaviour of beam-to-column connections 
with steel dowels. The models were extended to consider the effects of different parameters and correlated well with experimental 
results. The influence of numerical modelling of beam-to-column connections was investigated analyzing the seismic performance of 
a reference precast industrial building and comparisons with models with simple pinned beam-to-column connections were 
performed. Results of the numerical investigations showed that the plastic demand on columns decreased due to the energy 
dissipation contribution of beam-to-column connections, especially for medium-high seismic intensity levels. The building was able 
to withstand stronger seismic excitations, beyond the design earthquake, dissipating significant amount of energy through inelastic 
behaviour.  

 
 
 
1. INTRODUCTION 
 
Precast reinforced concrete structures are widely used 
for industrial buildings in seismic regions. The type 
and the response of the connections are crucial for the 
behaviour of the entire system, mainly under 
earthquake excitations. This study reports some 
relevant results of numerical analyses performed on a 
precast industrial building subjected to earthquake 
excitations. Accurate numerical models were created in 
order to simulate the seismic response of the reference 
precast industrial building and nonlinear dynamic 
analyses with different seismic intensity levels were 
performed. Some critical points of the numerical 
modelling were discussed with particular reference to 
the study of beam-to-column connections with steel 
dowels. Analytical models based on results of 
experimental tests carried out at the National Technical 
University of Athens (NTUA) were developed for 
beam-to-column connections with steel dowels. The 
models were used for global analyses of precast 
industrial buildings to evaluate the effects of numerical 
modelling of beam-to-column connections on the 
seismic response. Global and local behaviour of the 
building was analyzed and comparisons with models 
with simple pinned beam-to-column connections were 
performed. 

In detail, the main aims of this study were: a) the 
development and calibration of analytical models for 
beam-to-column connections with steel dowels; b) the 
evaluation of the influence of numerical modelling of 
beam-to-column connections on the seismic response 
of precast industrial buildings; c) the seismic 
assessment of precast industrial buildings when 
subjected to stronger seismic excitation, beyond the 
earthquake design, investigating the behaviour of 
beam-to-column connections and the damage level at 
the columns base.  
 
 
2. EXPERIMENTAL TESTS AND 
ANALYTICAL MODEL 
 
Within the Safecast research project experimental tests 
were carried out on beam-to-column sub-assemblages 
at the Laboratory for Earthquake Engineering of the 
National Technical University of Athens (NTUA), 
Safecast Report (2011). The specimens consisted of a 
beam and a column element and the mechanical 
connection was provided by steel dowels. The dowels 
were grouted at the beam side with non-shrinking 
concrete and were fastened on top. The beam was 
sitting on the column through a rubber pad. The 
general layout of a test specimen is shown in Figure 1. 
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Figure 1. General layout of a specimen tested at the 

National Technical University of Athens. 
 
 
The main objective of the tests was to investigate the 
behaviour of several improvements of the beam-to-
column connections under monotonic and cyclic purely 
shear loading. The column elements were very short in 
order to prevent bending deformation during the tests. 
The length of the beam element was equal to the 
minimum required by the experimental setup. The 
force was applied at the level of the joint, through a 
special device that ensured the application of the force 
in the longitudinal axis only and no moment was 
applied at the joint. 
In the test specimens considered in this study the 
connection consisted of 2Ø25 dowels and the concrete 
cover of the dowels was 10 cm. The specimens were 
tested in monotonic push, monotonic pull and cyclic 
loadings.  
On the basis of the results of the experimental tests, an 
analytical model was proposed in order to describe the 
behaviour of beam-to-column connections with steel 
dowels for global analyses of precast buildings.  The 
analytical model was developed and based on the 
expressions and results reported by Tassios (1989), 
Soroushian (1986, 1987) and Vintzeleou (1987). The 
model allows to define the behaviour of beam-to-
column connections by means of bilinear force-
dispalcement curve for monotonc loading and trilinear 
force-dispalcement curve for cyclic loading. The 
model, calibrated and verified on the basis of the 
experimental results, considers the effects of different 
parameters (dowel diameter, geometry of connection, 
material properties). 
Figure 2 shows the analytical bilinear curve for the two 
monotonic tests, push and pull, in case of connection 
with 2Φ25 dowels. The theoretical curve approximates 
well the experimental results in the elastic and plastic 
ranges. The maximum force in the pull-direction was 
significantly smaller than in the push-direction due to 
the failure of the concrete cover in the front side of the 
beam.  
Figure 3 shows the analytical trilinear curve compared 
to the experimental results of the cyclic tests. A good 
agreement can be observed in terms of stiffness, 
maximum load and softening branch up to collapse. As 
expected, the response was not symmetric in the push- 

and the pull-direction, because the resistance in the 
pull-direction was reduced due to the small cover of the 
dowels. 
 

 
Figure 2. Force - displacement relationship: 

comparison of analytical and experimental results  for 
monotonic tests 

 

 
Figure 3. Force - displacement relationship: 

comparison of analytical and experimental results  for 
cyclic tests  

 
 
The models were extended and validated considering 
other types of specimens with different characteristics 
(number, diameter and cover of the dowels). Good 
correlation with experimental results was obtained, 
confirming the effectiveness of the model.   
 
3. CASE STUDY BUILDING AND 
NUMERICAL MODELLING 
 
Some reference existing buildings, representative of 
typical structural solutions for precast industrial 
buildings built in Italy, were modelled and analyzed 
under earthquake loading. This study presents and 
discusses the relevant results of numerical analyses 
performed on a precast industrial building, designed 
according to Italian Standard (2008) for a peak ground 
acceleration ag=0.16g and soil type B. Concrete C45/55 
and steel B450C were used for the design. The plan 
and the elevation views in the longitudinal and 
transversal direction of the building are shown in 
Figures 4 and 5.  Details of a typical column cross-
section are reported in Figure 6.  
The building presents a regular structural scheme with 
a rectangular plan: the longitudinal side is equal to 
33.1m and the transversal one is equal to 39.5m. The 
square columns (60cm x 60cm), whose height is equal 
to 6.7m, are connected by prestressed RC beams, 
parallel to the longitudinal direction, with I-shaped 
constant section. The length of the prestressed beams is 
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8.1m. Elements with V-shaped constant section are 
located on the main beams. Their length is 19.5 m and 
represents the roof of the building. The connections 
between the main beams and the columns consisted of 
2Φ25 steel dowels. 
 

 
Figure 4. Plan view of the building 

 
 

 
 

 
Figure 5. Elevation view of the building: longitudinal 

and transversal direction 
 
 

 
Figure 6. Details of a typical column cross-section 

 
 
The case study building was numerically modelled 
using both the general purpose finite element code 
Strauss and the nonlinear dynamic analysis software 
Ruaumoko, widespread used in academic research. 
Two different modelling approaches were employed 
and two complementary models were developed by 
using the two codes.  

A distributed inelasticity model was created by using 
the code Straus in order to describe more accurately the 
continuous structural characteristics of reinforced 
concrete members. Simple geometrical and material 
characteristics were required as input data. The spread 
of material inelasticity both along the member length 
and within the member cross-section allowed an 
accurate estimation of the structural damage 
distribution even in the highly inelastic range, but the 
analyses were very time-consuming.  
The nonlinear dynamic analysis software Ruaumoko, 
(Carr, 2006), based on a lumped plasticity approach, 
was used to reduce computational effort. Material 
nonlinearity was assumed concentrated in plastic 
hinges localized at the edges of the elements. The 
Modified Takeda hysteresis behaviour was adopted for 
moment-rotation curves for inelastic springs. The 
hysteretic law was calibrated referring to moment-
curvature relationships considering for each column the 
axial load due to gravity loads. A bilinear idealization 
of the curves was defined according to the “equal 
energy” concept. An elastic-plastic curve with strain 
hardening was adopted for steel; concrete was 
modelled according to the constitutive relationships 
proposed by Mander, taking into account the 
confinement effects provided by the transverse 
reinforcement. The plastic hinge length was determined 
by the expression suggested by Paulay and Priestley 
(1992). 
A schematic view of the numerical model developed 
for the case study building and notation of some 
reference columns are presented in Figure 7. 
 

 
Figure 7. Numerical model of the building and notation 

of columns 
 
 
Two variants of the model of the building were 
developed, hereafter named as models M1 and M2. 
The first model M1 presented simple pinned beam-to-
column connections. In the second model the beam-to-
column connections were modelled using spring 
elements. The force-displacement relationships adopted 
to model the behaviour of the beam-to-column 
connections were derived from the analytical models 
calibrated and validated with the experimental tests 
carried out at the Technical University of Athens. The 
Takeda hysteresis rule, implemented in Straus and 
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Ruaumoko codes, was adopted to reproduce the cyclic 
behaviour of the beam-to-column connections.  
 
4. NONLINEAR DYNAMIC ANALYSES 
 
Bidirectional nonlinear dynamic analyses with 
increasing intensity levels were performed on the two 
models M1 and M2. Artificial ground motion records 
with 20s duration were generated by using the code 
SIMQKE in order to match the Eurocode 8 response 
spectrum (type 1, soil B). Figure 8 shows the 
longitudinal and transversal components of an artificial 
record, with peak ground acceleration equal to 0.4g, 
used in the analyses. The large number of cycles is a 
common characteristic of artificially-generated 
motions. 
 

 
 

 
Figure 8. Two orthogonal components of an artificial 

record 
 

 
Figure 9 shows the maximum top displacement in the 
longitudinal direction (direction y) for the two models 
at different seismic intensity levels ranging from 0.1g 
to 0.4g. In case of low seismic intensity level larger 
displacements are observed for the model M2; on the 
contrary, a reduction of 11% is registered for 0.4g 
seismic intensity level. 
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Figure 9. Maximum top displacement for the models 

M1 and M2 at different seismic intensity levels 

 
 
The maximum axial forces acting on some reference 
columns of the two models at 0.4g seismic intensity 
level are presented in Figure 10. The maximum value 
of the axial force is registered for the internal column 
C24. A  maximum reduction equal to 13% was 
registered for the external columns C16 and C28 of the 
model M2. 
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Figure 10. Maximum axial force of the columns for the 

models M1 and M2 at 0.4g seismic intensity level 
 
 
The Demand-to-Capacity Ratio (DCR), i.e. the ratio 
between the chord rotation demand and chord rotation 
capacity, was used to evaluate the damage level of 
columns. The maximum rotation demand was obtained 
by numerical analyses and the rotation capacity was 
computed according to Eurocode 8 Part 3.  
Figure 11 shows the maximum DCR values for some 
reference columns of the two models at 0.4g seismic 
intensity level. High DCR values close to 0.8 can be 
observed for some columns of the model M1. 
Significant decreases of the DCR values are registered 
for all the columns of the model M2, with. maximum 
reductions of 30% for the external columns C18 and 
C30. Numerical results suggest that the building 
exhibits high levels of ductility, dissipating significant 
amount of energy through inelastic behaviour. The 
maximum DCR values confirm that the building is able 
to withstand stronger seismic excitations, beyond the 
design earthquake. 
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Figure 11. Maximum DCR values for the columns of 
the models M1 and M2 at 0.4g seismic intensity level 
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Figure 12 shows the energy dissipated by the models 
M1 and M2 (columns and beam-to-column 
connections) for different seismic intensity levels. The 
total energy dissipated by the structure is larger for the 
model M2, but the plastic demand on columns is lower 
for the model M2. A considerable reduction (equal to 
20%) of the energy dissipated by columns is observed 
at 0.4g seismic intensity level due to the large 
contribution of the beam-to-column connections. The 
reduction of plastic demands on columns increases as 
the seismic intensity level increases.  
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Figure 12. Energy dissipated by the models M1 and 
M2 (columns and connections)  at different seismic 

intensity levels 
 

 
The behaviour of the beam-to-column connections of 
the model M2 was examined at 0.4g seismic intensity 
level. Figures 13 and 14 report the maximum 
displacement and force values achieved in some 
significant connections of the model during seismic 
excitation, for push and pull directions. Numerical 
results show that the contribution of the connections is 
mainly influenced by their position in the model. The 
external connections significantly entered into the 
plastic range, while a large part of the internal 
connections  remained in the elastic range. It can be 
noted that all the connections didn’t achieve failure, 
even for 0.4g seismic intensity level. 
 

 
Figure 13. Maximum displacement and force values for 
some springs of the model M2 at 0.4g seismic intensity 

level: push direction 
 

 
Figure 14. Maximum displacement and force values for 
some springs of the model M2 at 0.4g seismic intensity 

level: pull direction 
 
 
In the model M2 the formation of the first plastic hinge 
was delayed compared to the model M1. During time-
history analysis with artificial accelerogram with 20 
seconds duration, the first plastic hinge occurred after 
3.9 seconds in the model M1 and after 4.2 seconds in 
the model M2. Moreover, after 5 seconds all the 
columns of the model M1 presented plastic hinges at 
the base, while in the model M2 some columns were 
still in the elastic range. 
  
 
5. CONCLUSION 
 
The main results of a numerical study on the seismic 
response of a precast industrial building subjected to 
earthquake excitations were presented. Analytical 
models developed on the basis of experimental tests 
carried out at the NTUA were used to simulate the 
behaviour of beam-to-column connections with steel 
dowels for nonlinear dynamic global analyses. The 
models were extended to consider the effects of 
different parameters and correlated well with 
experimental results. The effects of numerical 
modelling of beam-to-column connections on the 
seismic response of a precast industrial building were 
investigated and comparisons with the model with 
simple pinned beam-to-column connections were 
performed. 
The use of refined models of beam-to-column 
connections significantly decreased plastic strain 
demands at the column base and a reduction of the 
damage level was observed for the columns of the 
building compared to the case of model with simple 
pinned beam-to-column connections. The building 
exhibited high levels of ductility, dissipating significant 
amount of energy through inelastic behaviour. The 
Demand-to-Capacity Ratio values showed that the 
building was able to withstand stronger seismic 
excitations, beyond the design earthquake. The energy 
dissipation contribution of the connections was mainly 
influenced by their position in the model. The external 
connections presented significant inelastic 
deformations, while a large part of internal connections 
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remained in the elastic range. It can be noted that all 
the connections didn’t achieve failure the collapse 
limit, even for 0.4g seismic intensity level. 
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Abstract:  Most industrial and nuclear facilities rely on reinforced concrete structural walls as their primary seismic 
lateral-force-resisting components. These walls commonly have an aspect ratio smaller than 0.5 and are designed to be 
thick for radiation shielding as well as blast and fire protection. The combination of a squat and thick wall geometry 
results in a very high wall stiffness and strength. However, there is a significant amount of uncertainty associated with the 
behavior of these walls under earthquake loading, their failure modes, and their expected strengths and deformation 
capacities. Hybrid simulation is an effective experimental method to examine these issues: it enables simulation of the 
seismic response of squat and thick shear walls without the need to recreate the, often very large, mass associated with the 
rest of the prototype structure. In this paper we will present the development and verification of a new method for hybrid 
simulation of the earthquake response of stiff specimens using a high-precision displacement encoder. This method was 
implemented for hybrid simulation of seismic response of two large-scale squat reinforced concrete shear walls. The 
simulation results are presented. 

 
 
1.  INTRODUCTION 
 

Most industrial and nuclear facilities are low-rise 
reinforced concrete buildings with a large footprint. 
Generally, their structural walls are used as the primary 
seismic lateral-force-resisting components. In nuclear 
structures, the walls are designed to have as few openings as 
possible to prevent radiation leaks. This design is also typical 
in industrial structures to simplify construction; few entry 
points and windows are required. Thus, the result is long 
walls with a relatively short height. Nuclear walls are 
designed to be thick for radiation shielding as well as blast 
and fire protection. Similar thick walls are also found in 
industrial structures. The combination of a squat and thick 
wall geometry results in a high initial wall stiffness. Most 
design codes define squat walls to have aspect ratio ≤ 2.0. In 
nuclear structures, this aspect ratio is commonly ≤ 0.5. The 
squat geometry of these walls causes them to fail in shear or 
sliding shear. These failure modes are not preferred since 
they can occur suddenly and after very little elastic 
deformation. 

Though the safety of nuclear and industrial structures is 
critical, there is a large amount of uncertainty associated 
with the expected strengths and behavior of squat shear 
walls. In current design code equations, there is large scatter 
in the ratios of predicted squat wall strength to actual wall 
strength. In the worst cases, the design code overpredicts the 
strength by a factor of 3 (Gulec 2005). The source of this 
poor understanding is that the high stiffness of the walls 
makes large scale dynamic testing difficult. This project 

seeks to improve the safety and reduce costs of nuclear 
power plants and industrial structures through better 
understanding of stiff squat wall behavior obtained through 
large-scale hybrid simulation of the response of such walls 
to earthquake excitation. This required the development of a 
new testing method, suitable for a stiff specimen. 
 
 
2.  ENCODER CONTROL FOR HYBRID 
SIMULATION OF A STIFF SPECIMEN 
 

The hybrid simulation tests involved applying varying 
levels of a ground motion excitation to a simplified hybrid 
model of a typical nuclear power plant structure. This hybrid 
model was a combination of a physical squat shear wall 
specimen with a computer model (the representation of the 
mass of a Candu Reactor). Implementing the mass in the 
numerical model allowed for the tested wall’s dynamic 
motion to match that of the entire structure without having to 
physically add mass to the wall. The authors considered 
numerically modeling the remaining lateral force resisting 
system of the building (the other shear walls). This approach 
was determined to be too risky since the outcome of the 
simulation depends on the accurate estimate of the stiffness 
of the numerically modeled walls. If the walls that were 
analytically modeled were stiffer than the physical specimen, 
they would not fail and would take all the force when the 
specimen began to soften. Alternatively, if the analytical 
walls were softer than the physical specimen, they would fail 
too early and overload the specimen. 
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A typical hybrid simulation approach using 
displacement control is summarized in Figure 1. Because of 
the high stiffness of the walls tested in this study, the 
displacement control method required implementing new 
techniques. 

 
Figure 1  Hybrid Simulation in Displacement Control 

 
The earthquake accelerations are recorded at discrete time 
steps. At each step, the acceleration is sent to the finite 
element model and entered into the equation of motion, 
which represents the structural behavior. The equation of 
motion for the hybrid model is discretized in time and given 
as Eq. (1) below:  

 

       1,111 )(   igiii uMBuRuCuM   (1) 

where M is the mass hybrid model matrix, C is the viscous 
damping hybrid model matrix, and R is the nodal restoring 
forces vector, assembled from the restoring forces from the 
physical and the computer portions of the hybrid model. u  
is a vector of displacements at each degree of freedom, u  
is a vector of the velocities at each degree of freedom, and 
u  is a vector of the accelerations at each degree of freedom. 
B  is the ground acceleration transformation matrix and 

gu  is the vector of recorded ground accelerations. 
A numerical integration technique is used to solve the 

equation of motion for a target displacement that the 
physical test specimen (the shear wall) must move to. The 
actuator in the laboratory applies this target displacement to 
the physical specimen and the load cell records the restoring 
force. This restoring force is entered into the governing 
equation, and then the equation of motion is re-solved at the 
next time step. This process repeats throughout the duration 
of the ground motion as the system response is recorded. 

The software used for the hybrid simulation included 
finite element software, Open System for Earthquake 
Engineering Simulation (OpenSees 2012), and hybrid 
simulation framework, Open-source Framework for 
Experimental Setup and Control (OpenFresco 2012), both 
developed at Berkeley. OpenFresco uses a client-server 
architecture, and it facilitates the communication between 
the client and server. A client is typically defined as the finite 

element model of the structure and the server as the control 
system in the laboratory driving the physical specimen. 

Since the shear walls of interest in this study are very 
stiff, a small increment in displacement corresponds to a 
large increment in force. An example of this scenario is 
shown in the Figure 2. 

 

Figure 2  Example Force-Deformation Behavior for a Stiff 
Specimen 

 
Large-scale models of squat walls are stiff and strong: 
testing to failure often requires forces in excess of 2,224 kN 
(500 kips), which in turn requires use of one very large 
actuator or a system of two or more conventional 979 kN 
(220 kips) actuators. In order to move the specimen 
smoothly from step to step, large force increments must be 
avoided. A large force increment could cause the specimen 
to suddenly change its failure mode or fail completely. This 
could produce misleading results since the change in 
specimen behavior would be a result of a poorly-controlled 
simulation instead of a realistic real-world behavior. Another 
possible problem with a stiff specimen is that small 
displacement errors will lead to significant force errors in the 
simulation, and possibly to instability of the simulation setup. 
Thus, conventional displacement control hybrid simulation 
is very difficult or even impossible to use in this scenario. If 
the specimen is extremely stiff, the required displacement 
increment to achieve a reasonable-size force increment may 
become so small that it is on the order of the tolerance that 
the laboratory system can control. The stiff squat shear walls 
have not been previously studied dynamically at large scale 
because it is difficult to conduct a displacement-controlled 
test. This problem can be overcome by using a very high 
precision displacement encoder to feedback displacements 
in the PID loop. The nees@berkeley Equipment Site 
acquired a displacement encoder with a step resolution of 10 
microns (0.0004 in). It was successfully included in the 
actuator control loop to feedback small enough displacement 
increments to create smooth loading of the squat wall 
specimen. 
 
 
3.  TEST SPECIMENS 
 

Two nominally identical squat reinforced concrete shear 
walls were tested at the nees@Berkeley laboratory. The 
shear wall specimens were 20 cm (8 in) thick models of a 
prototype 1 m (36 in) thick structural wall typically found in 
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nuclear power plant structures. The walls were 3 m (10 ft) 
long and 1.65 m (5 ft, 5 in) tall to the height of the actuator 
axis (aspect ratio 0.54). They had a 0.67% horizontal and 
vertical wall reinforcement ratio with bars placed in two 
curtains. The concrete mix design had a target compressive 
strength of 34.5 MPa (5000 psi). The first wall tested is 
shown in Figure 3. The blue steel plate is used to distribute 
the load from the actuator (located on the right side of the 
wall, shown in Figure 3) across the top of the wall. The 
encoder for displacement feedback is shown at the top of the 
specimen. It is attached to a reference frame on the back side 
of the wall, which is embedded in the foundation. In addition 
to traditional instrumentation including strain gages and 
Novotechnic potentiometers, Krypton system targets were 
used on a portion of the front side of the wall to monitor 
displacements in the surface plane. 
 

 

Figure 3  Wall 1 Specimen 
 

The numerical portion of the hybrid model was a 
simple added mass, modeled using OpenSees and 
OpenFresco. The mass was adjusted to match the period of a 
typical nuclear structure. This period was chosen to be 0.14 s 
based on a model of a Candu Reactor created by Yin-Nan 
Huang (Huang and Whittaker 2008, Huang et al 2009). The 
site considered was a Western US rock site at Diablo 
Canyon Nuclear Power Plant in San Luis Obispo County, 
CA, USA. Huang obtained the Design Basis Earthquake 
(DBE) spectrum for this site from the Nuclear Regulatory 
Commission (NRC). He matched 30 ground motions to the 
DBE spectrum over a wide range of periods using seed 
motions from the PEER NGA Database. Since the period 
would elongate as the wall was damaged during the hybrid 
simulation, the ground motion that best matched the DBE 
spectrum in the 0.14 s to 0.3 s range of periods was selected 
for the hybrid simulation. This motion was the 1999 Kocaeli, 
Turkey motion. 
 
 
4.  TEST PROCEDURE 
 

First a stiffness test was performed on each wall. A very 
small saw-tooth displacement-controlled motion was 
imposed, with forces limited to +/-444.8 kN (+/-100 kips). 
Because of the high stiffness of the wall, the forces were 
initially very difficult to control and fluctuated within 

+/-444.8 kN (+/-100 kips). The stiffness was found to be 
about 840.6 kN/mm (4800 kips/in). This value was used to 
determine the appropriate mass in the numerical model to 
achieve the period of 0.14 s. 

Next, free vibration tests were performed to assess the 
damping in the system due to errors in the control loop and 
to determine the appropriate velocity for the simulation. The 
forces were also kept below +/-444.8 kN (+/-100 kips) for 
these tests. Since the clevises of the actuator slip slightly on 
load direction reversal, the simulation was conducted using a 
constant actuator velocity model in order to limit control 
errors. A velocity of 0.254 mm/s (0.01 in/s) was selected. 
With this velocity, the free vibration exhibited just about 0 
damping. Thus, the desired 2% damping was implemented 
directly in the numerical model. 

The first wall was tested using increasing levels of the 
ground motion as follows: an operational basis earthquake 
(OBE), a DBE, and a beyond design basis earthquake 
(BDBE), followed by a DBE aftershock. The second wall 
was tested first under an OBE, followed by a BDBE, 
followed by two DBE aftershocks. At the end of both 
simulations the walls had lost most of their strength. The 
authors decided that it would not be safe to perform further 
ground motion simulations. Instead, the walls were broken 
using quasi-static cyclic motions to displacements of +/-2.54 
cm (+/-1 in) and then +/-3.81 cm (+/-1.5 in). The OBE, DBE, 
and BDBE ground motion levels were chosen based on the 
expected behavior of a nuclear structure in these events. The 
OBE motion targeted about 1/3 of the yield force, the DBE 
motion targeted about 2/3 of the yield force, and the BDBE 
motion targeted pushing the wall beyond peak strength. The 
results of a cyclic test of a squat wall specimen with the 
same design parameters performed at University of Buffalo 
were used to determine the target force levels for the ground 
motions. A single-degree-of-freedom oscillator model was 
developed in OpenSees to help predict the wall behavior for 
different earthquake scaling. This model worked well for the 
essentially elastic response range, but proved unreliable after 
the wall began to accumulate damage. At this point, it was 
difficult to predict what level of ground motion would give 
the desired behavior. In the first wall, the DBE motion 
applied was smaller than desired. The motion was scaled up 
and the test was repeated to achieve the desired response. 
Then the BDBE motion was chosen as 3*DBE. The same 
scaling values were used for the second wall and gave the 
appropriate responses. Scaling factors for the 1999 Kocaeli, 
Turkey earthquake record are summarized in Table 1. 
 

Table 1  Ground Motion Scaling Factors 
Wall 1 GM 
Sequence 

Scaling 
Factor 

Wall 2 GM 
Sequence 

Scaling 
Factor 

OBE 0.05263 OBE 0.05263 
DBE 1 0.1407 BDBE 0.4221 
BDBE 0.4221 DBE 1 0.1407 
DBE 2 0.1407 DBE 2 0.1407 
 

The encoder successfully provided high precision 
displacement feedback. It was attached at the top of the wall, 
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at mid-length, directly above the line of the actuator. It was 
mounted to a reference frame which was embedded in the 
foundation, so only the wall displacements were captured 
(not movement of the foundation relative to the laboratory 
floor). 
 
 
5.  RESULTS 
 

In the first wall, the force-drift ratio behavior was 
asymmetric. The authors suspected this was the result of the 
nature of the ground motion and not something asymmetric 
about the test setup. In order to confirm this, the ground 
motions were reversed for the second wall test. In the 
force-drift ratio plots shown in Figure 4, the sign of the 
forces and drift ratios in the second wall were negated to 
facilitate comparison between Wall 1 and Wall 2. 
 

 
Figure 4  Wall 1 and Wall 2 Force-Drift Comparison 

 
The behavior of Walls 1 and 2 in the BDBE motion are very 
similar. In Wall 2, the BDBE motion was applied directly 
following the OBE, whereas in Wall 1, the sequence was 
OBE-DBE-BDBE. Wall 2 behaved as expected with a 
slightly higher force and a slightly smaller drift ratio since it 
was stiffer than Wall 1 at the time this motion was applied. 
The sudden drop in force when the direction of the actuator 
changes is due to the slip in the actuator’s clevises. When the 
actuator is pushing the specimen, the clevis gaps are closed. 
When the direction of motion changes, first the clevis gaps 
must open and then the specimen begins to move. As the 
clevis gaps are opening, the force on the wall is decreasing 
but the wall itself is not yet moving. 

The failure pattern exhibited in both walls was minor 
diagonal shear-induced cracking distributed throughout the 

wall web during the OBE and the DBE (for Wall 1). The 
failure pattern exhibited during the BDBE motion in both 
walls is shown in the following photo sequence from Wall 1, 
shown in Figure 5. 
 

 
Figure 5  Wall 1 Failure Sequence 

 
In the BDBE motion, the walls exhibited a mixture of shear 
(diagonal cracking) behavior and flexural (horizontal 
cracking) behavior. The flexural behavior was only present 
for a brief time. As the flexural cracks along the base joined 
from the left and the right side, the wall began to slide along 
that crack surface. The dowel-action resistance of the 
reinforcement crossing the sliding surface was small, 
resulting in a sliding shear failure mode. 
 
 
6.  CONCLUSIONS AND FUTURE WORK 
 

Displacement control hybrid simulation using a 
high-precision encoder for displacement feedback is an 
effective way to perform large-scale hybrid testing of stiff 
specimens. This new method is useful to address the 
shortcomings in understanding the dynamic behavior of 
these types of specimens. The behavior of the squat walls 
obtained by hybrid simulations presented in this study will 
be compared to quasi-static cyclic test data for squat wall 
specimens with the same design parameters tested at 
University of Buffalo to determine whether quasi-static 
cyclic testing effectively captures the dynamic behavior of 
stiff squat walls. 
 
 
Acknowledgements: 

Support for this project was provided by NSF NEES-R grant 
CMMI-0829978.  Any opinions, findings, and conclusions 
expressed herein are those of the author(s) and do not necessarily 
reflect the view of the National Science Foundation. 
  

- 890 -



 

 

References: 
Gulec, C. K. (2005), “Ultimate Shear Strength of Squat Rectangular 

Reinforced Concrete Walls,” MS Thesis, Department of Civil, 
Structural and Environmental Engineering, State University of 
New York at Buffalo, Buffalo, NY. 

Huang, Y.N. and Whittaker, A. S. (2008), “Performance Assessment 
of Conventional and Base-Isolated Nuclear Power Plants for 
Earthquake and Blast Loadings,” Technical Report 
MCEER-08-0019, University at Buffalo, State University of 
New York. 

Huang, Y. N. et al. (2009), “Assessment of Base-Isolated Nuclear 
Structures for Design and Beyond-Design Basis Earthquake 
Shaking,” Technical Report MCEER-09-0008, University at 
Buffalo, State University of New York. 

OpenFresco. (2012), “Open Framework for Experimental Setup 
and Control,” http://openfresco.neesforge.nees.org. 

OpenSees. (2012), “Open System for Earthquake Engineering 
Simulation,” http://opensees.berkeley.edu. 

 

- 891 -





JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

EXPERIMENTAL RESEARCH ON SEISMIC BEHAVIOR OF POST-RETROFIT 
EARTHQUAKE-DAMAGED FRAME JOINT 

 
 

Chao Zhang1), Da G. Weng2), Jing D. Xia3), and Xi L. Lu4) 
 
 

1) PhD. Candidate, State Key Laboratory for Disaster Reduction in Civil Engineering, Tongji University, Shanghai, China 
2) Professor, State Key Laboratory for Disaster Reduction in Civil Engineering, Tongji University, Shanghai, China 
3) Master, State Key Laboratory for Disaster Reduction in Civil Engineering, Tongji University, Shanghai, China 

4) Professor, State Key Laboratory for Disaster Reduction in Civil Engineering, Tongji University, Shanghai, China 
2009_zhangchao@tongji.edu.cn, wdg@tongji.edu.cn, xiajingde@polycn.com, lxlst@tongji.edu.cn 

 
 

Abstract:  Since Wenchuan Earthquake occurred on 12th May 2008, more attentions have been drawn to seismic repair 
and retrofit of earthquake-damaged RC frame joints, especially for the buildings retrofitted by using energy dissipation 
devices, sometimes only the added dampers and braces are definitely not enough. In most cases, the related beam-column 
joints also need to be repaired or strengthened additionally, and therefore some countermeasures need to be explored and 
prepared. Here in this paper, combining with practical application of energy dissipation devices to seismic retrofit of 
damaged RC school buildings, a steel-enveloped approach is proposed to repair and strengthen the earthquake-damaged 
frame joints, with non-shrink cement grouting material or structural adhesive to make the interface disposal. To verify the 
feasibility and reliability of such retrofit strategy, a pseudo-static experimental study is conducted based on three full-scale 
RC frame joints, which are pre-damaged firstly and then repaired by the enveloped steel plates with different thickness 
and different interface disposal measures. In the end, through the comparative research on seismic behavior of original 
and post-retrofit frame joints, an appraisal procedure is proposed for this retrofitting approach to assess its practical 
retrofit effect. 

 
 
1.  INTRODUCTION 
 

In recent years, strong earthquakes occurred frequently 
around the world, such as 2008 Wenchuan 8.0Ms 
Earthquake in China, 2009 Indonesia 7.9Ms Earthquake, 
2010 Haiti 7.3Ms Earthquake, 2010 Chile 8.8Ms Earthquake, 
2011 Tohoku Pacific 9.0Ms Earthquake in Japan, etc. These 
destructive earthquakes resulted in tremendous breakage and 
collapse of buildings, among which, examples of damaged 
beam-column joints are common in earthquake-damaged 
RC frame structures, as shown in Figure 1.  

 

 

 

 

 

 

 

 

 

 

In post-earthquake relieving and reconstruction stage, 
seismic appraisal and retrofit towards those repairable 
disaster-stricken buildings shall be urgently conducted, so as 
to ensure their subsequent normal operation or seismic 
safety as soon as possible. Under this circumstance, it is 
necessary to do research on seismic repair or retrofit strategy 
for earthquake-damaged RC frame joints. And besides, with 
the upgrade of some seismic design codes (e.g. Chinese code 
for seismic design of buildings was revised after 2008 
Wenchuan earthquake), the current seismic capacities of 
damaged/existing RC frame joints may be not enough to 
meet their new requirements, hence some enhancement 
measures must be prepared for such frame joints in this case. 
Furthermore, as to the RC frames retrofitted by using energy 
dissipation devices, the corresponding beam-column joints 
connected with dampers or braces are also needed to be 
strengthened additionally (Weng et al. 2010, 2011).  

Pursuant to this, a series of seismic retrofit strategies 
were proposed and developed to repair or strengthen the 
earthquake-damaged/existing RC frame joints in the past, 
such as enlarging concrete section method, bonding steel 
method, gluing fiberglass reinforced plastics (FRP) method, 
sticking carbon fiber reinforced plastics (CFRP) method, etc. 
while the corresponding experimental investigations were 
conducted recently by many researchers (Tsonos 2008, 
Pimanmas and Chaimahawan 2010, Yen and Chien 2010, Figure 1 Damage of RC Frame Joints in the Earthquake 
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Sadowski et al. 2010, Niroomandi et al. 2010, Mahini and 
Ronagh 2010, Le-Trung et al. 2010, Al-Zubaidy et al. 2012) 
to validate above retrofitting methods. 

Combining with a practical retrofit project, which is an 
earthquake-damaged RC school frame retrofitted by using 
viscous dampers and braces (Zhang et al. 2011), a 
steel-enveloped approach is proposed to repair the damaged 
joints and to strengthen the joints connected with dampers or 
braces. While in this paper, the focus is on seismic repair of 
earthquake-damaged joints, and a testing study is conducted 
to illustrate the feasibility and reliability of this approach, as 
well as the discussion on its retrofitting effect. 
 
 
2.  STEEL-ENVELOPED APPROACH 
 

The steel-enveloped approach proposed in this paper is 
to repair or strengthen the RC frame joint with enveloped 
steel plates throughout the floor slab, which are expanded 
along the column direction and beam direction, respectively. 
As shown in Figure 2, it is also noted that the gaps between 
internal beam-column joint and external steel jacket shall be 
filled with free grouting material or structural adhesive in 
light of practical design requirements.  

 

 

 

 

 

 

 

 

 

 

 

 

 
 

For earthquake-damaged frame joints, the retrofitting 
process based on this steel-enveloped approach contains the 
following four steps: (1) knocking off the broken concrete 
and cleaning the surfaces of beam-column joint; (2) cladding 
steel plates around the beam-column joint and welding them 
to a whole steel jacket; (3) sealing the gaps between internal 
frame joint and external steel jacket with different filler; (4) 
maintaining within the curing period, which is usually 28 
days for non-shrinkage cement-based grouting material, and 
14 days for structural adhesive. 

In fact, the key points for this steel-enveloped approach 
are the parameter design of added steel jacket and the 
interface disposal measures to gaps, which are referred to the 
aforementioned Step (2) and Step (3), respectively. 

Generally, design parameters of added steel jacket 
include the thickness and cover lengths along beam and 
column direction. In which, the cover lengths are usually 
determined with comprehensive consideration of the actual 
damage region and strength demand of beam-column joint, 
while the thickness is mainly designed according to the 
requirements of bearing capacity. Besides, it is noteworthy 
that the strengthened beam-column joint with enveloped 
steel plates is a very limited area in the whole RC frame. 
Hence the reinforcement to joint area shall be coordinated 
with other parts of the frame, and actually it is deemed to be 
controlled by the suitable parameters of added steel jacket 
(e.g. the thickness and the cover length). 

After cladding the enveloped steel plates to joint area, 
the corresponding beams and columns are divided into two 
parts, with or without steel jacket. While in practical design, 
bearing capacities of these two parts are required to satisfy 
their respective strength demands, and therefore design of 
added steel plates are conducted to shoulder the extra 
seismic effect (e.g. combination of bending moment, shear 
force, etc.) on beam and column, respectively. To illustrate 
such design principle of add steel jacket, a diagram of planar 
beam-column joint system is given in Figure 3. 

 

 

 

 

 

 

 

 

 

 

 

For instance, to make design of added steel plates on 
the beam, supposed that the maximum bending moment in 
both parts without and with steel jacket is at section A and 
section B, respectively, as shown in Figure 3. Thus, based on 
Chinese code for seismic design of buildings (GB 50011- 
2010), the combination of seismic effect, which is 
considered as dominating, with other load effects on the 
beam can be determined by Equation (1): 

 

G GE Eh Ehk Ev Ehv w w wkS S S S Sγ γ γ ψ γ= ⋅ + ⋅ + ⋅ + ⋅ ⋅    (1) 

 
Where S is combination value of inner forces (e.g. bending 
moment, shear force, axial force); γG, γEh, γEv and γw are 
partial factors of gravity load, horizontal seismic action, 
vertical seismic action and wind load, respectively; SGE is 
effects for representative value of gravity load; SEhk, SEvk and 
Swk are effects for characteristic value of horizontal seismic 
action, vertical seismic action and wind load, respectively; 

Figure 2 Structural details of steel-enveloped frame joint 
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Figure 3 Diagram of planar beam-column joint system  
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ψw is factor for combination value of wind load. All of these 
parameters can be inquired in (GB 50011-2010). 

Besides, according to Chinese standard for seismic 
appraisal of buildings (GB 50023-2009) and technical 
specification for seismic strengthening of buildings (JGJ 
116-2009), the real flexural capacity of the bare beam 
section and the steel-enveloped beam section can be 
calculated by Equations (2) ~ (4): 

 

( )' ' '
0 0 0

1

2y cm y s s
RE

xM f b x h f A h a
γ

  = ⋅ ⋅ ⋅ ⋅ − + ⋅ ⋅ −    
   (2) 

 

0 0.7y y a ayM M A f h= + ⋅ ⋅             (3) 

 
' '

cm y s y sf b x f A f A⋅ ⋅ = ⋅ − ⋅             (4) 

 
Where My0 and My are real flexural capacity of the bare beam 
section and the steel-enveloped beam section, respectively; 
γRE is seismic adjusting factor for loading-bearing capacity of 
structural members; fcm is combination value of bending- 
compression strength for beam, fay is combination value of 
tensile yield strength for added steel plate; fy and 𝑓𝑓𝑦𝑦′  are 
combination values of yield strength for tension and 
compression reinforcing bars, respectively; x is relative 
height of equivalent compression zone, b and h are width 
and height of the beam, h0 is the effective height; 𝑎𝑎𝑠𝑠′  is 
concrete protective thickness of compression zone; As, 𝐴𝐴𝑠𝑠′ , 
Aa are the sectional area of tension steel bars, compression 
steel bars and enveloped steel plates, respectively. 

Moreover, regardless of earthquake-damaged buildings 
or existing buildings, the loss of load-bearing capacity shall 
be taken into account, and the added effect of steel jacket 
shall also be different with different interface disposal 
measures. Pursuant to this, load-bearing capacity of 
post-retrofit structural members using steel-enveloped 
approach from Equation (3) shall be revised as follows: 

 

0y y a ayM M A f hα β= ⋅ + ⋅ ⋅ ⋅             (5) 
 

Where α is degradation effect factor with the consideration 
of structural damage, β is combination coefficient of added 
flexural capacity provided by steel jacket. 

In conclusion, the maximum bending moment at 
section A and section B of the beam can be calculated by 
Equation (1), as assigned to MA and MB, respectively, While 
their real flexural capacity can be acquired based on 
Equations (2) ~ (5). Thus, to concord the maximum bending 
moments with the corresponding flexural capacities, the 
enhancement to section B by cladding enveloped steel plates 
can be specified to a certain area of added steel jacket: 

 
( )0y B A

a
ay A

M M M
A

f h M
α

β
⋅ ⋅ −

=
⋅ ⋅ ⋅

            (6) 

 
Likewise, to make design of added steel plates on the 

column, similar discussions shall be conducted based on the 
balance of shearing force and shearing capacity in different 
column sections. However, considering the principle of 

strong column - weak beam, beams are usually designed to 
be destroyed before columns, hence design of added steel 
jacket is accordingly controlled by the parameter of steel 
plates on beams, and actually, the thickness of steel plates 
along beam and column direction are set to the same value 
for convenience in practical construction. 

It is also noteworthy that the grouting hole and vent 
hole on the added steel jacket shall be reserved in advance, 
while the process of roughing surface and making slope 
shall also be conducted firstly on top surface of the original 
beam, so that the grouting material or structural adhesive can 
be smoothly filled up all the gaps in field construction stage. 
 
 
3.  EXPERIMENTAL PROGRAM 
 

Experimental program in this paper has three stages: 
pre-damage stage (to simulate the real earthquake damages), 
steel-enveloped retrofit stage, and reloading stage. Here the 
pre-damage process was conducted by the member (Li 2011) 
of Professor Lu’s group, who completed a pseudo-static test 
of ten planar beam-column specimens with different 
reinforcement measures. And then three damaged specimens 
were selected to carry out the corresponding steel-enveloped 
retrofit and reloading test, namely, J1-1, J1-4 and J2-2. 
 
3.1  Specimens and material properties 

As to J1-1, J1-4 and J2-2 specimens, Figure 4 shows 
their dimensions and reinforcement details. Here the 
dimensions of beam and column were 250mm×400mm and 
400mm×400mm, respectively. The main and transverse 
reinforcements were deformed bars and plain mild steel, 
respectively, with different diameters as shown in Figure 4. 
It is noteworthy that the little differences among above three 
specimens are the main reinforcements in beam and the 
reinforcing bars in joint core area. To be specific, in the 
beam, four deformed bars with 20mm diameter are used for 
J1-1 and J2-2, and three deformed bars with 25mm diameter 
for J1-4; while in the joint core area, four additional 
deformed bars with 12mm diameter are applied only in J2-2 
specimen, as the X-shaped reinforcing bars seen in Figure 4. 

 

 

 

 

 

 

 

 

 

 

 Figure 4 Information of J1-1, J1-4 and J2-2 specimens  

3   10@100mm

55
0 

m
m

10
00

 m
m

55
0 

m
m

10
00

 m
m

40
0 

m
m

500 mm1050 mm400 mm1050 mm500 mm

20
0 

m
m

15
0 

m
m

150 mm

200 mm

60
0 

m
m

100 mm100mm100 mm

2

2

44

50
m

m
35

0 
m

m

33

1

1

12
0 

m
m

600 mm

120 mm

50 mm

mm

3-3

40
0 

m
m

400 mm

2-2

4-4

1-1

40
0 

m
m

400 mm

250 mm

40
0 

m
m

4   20

8@100mm

40
0 

m
m

250mm

3500 mm

12   25 10@100mm

4   8 Reinforcing Bar

Hanging Hook    18

8mm Steel Plate Jacket

Circular Hole R=35mm

4   8 Reinforcing Bar

Reserved Hole

12   25 

8@50mm

10@50mm

8@50mm 8@50mm8@100mm 8@100mm

10
@

50
m

m
10

@
10

0m
m

10
@

50
m

m
10

@
10

0m
m

44
8 m

m44°

40
0 

m
m

32
0 

m
m

40
0 

m
m

314 mm

4   12
Only for 
J2-2 Specimen

For J1-1 
and J2-2 For J1-4 

3   25

4   20
For J1-1 
and J2-2

3   25
For J1-4 

For J1-1 
and J2-2

4   20

3   25
For J1-4 

For J1-4 
3   25

For J1-1 
and J2-2

4   20

35
00

 m
m

- 895 -



 

 

After pre-damage process, the above three damaged 
specimens are retrofitted by aforementioned steel-enveloped 
approach. Generally, it is evident that the size and thickness 
of enveloped steel plate, as well as the interface disposal 
measures, have great influences on retrofitting effect of this 
steel-enveloped approach. However, since the damaged joint 
ranges of the selected three specimens in this paper are 
similar, the enveloped steel plates along beam and column 
direction are set to the same size for all the three specimens, 
and therefore the retrofitting programs are made based on 
different thickness of enveloped steel plates and different 
interface disposal measures, as listed in Table 1. Here it is 
noted that thickness of added steel jacket is usually assigned 
to 5mm ~ 14mm in practical design, but according to 
aforementioned Equations (1) ~ (6), the thickness of added 
steel jacket for this test is calculated to approximate 6.55 mm 
(i.e. supposed that α=0.9, β=0.65 in this test). 
 
 

Specimens 
Size of Steel Plates Thickness of 

Steel Plate 

Interface Disposal 

Measures Beam dir. Column dir. 

J1-1 600 mm 400 mm 8 mm Non-shrink Cement 

J1-4 600 mm 400 mm 8 mm Structural Adhesive 

J2-2 600 mm 400 mm 5 mm Non-shrink Cement 

Noted: here the enveloped steel plate used in this paper adopts Q235 steel. 

 

Table 2 shows the yield strength and ultimate strength 
of steel used in this test, while the testing properties of 
concrete for the specimens are given in Table 3. 
 
 

Properties 
Reinforcing Bar Steel Plate 

HPB235 ()  HRB235 ()  Q235     

Yield Strength /fyk (fy), MPa 235 (210) 335 (300) 235 (210) 

Ultimate Strength /fstk, MPa 375 455 375 

Noted: 1) fy is combination value, fyk and fstk are characteristic value; 2) the 

ultimate strength of Q235 steel varies from 375 to 500 MPa. 

 
 

Properties Beam Column 

Compressive Strength /fck (fc), MPa 21.4 (15.0) 35.4 (24.7) 

Bending-compression Strength / 

fcmk (fcm), MPa 
22.0 (16.5) 29.5 (21.5) 

Tensile Strength /ftk (ft), MPa 2.08 (1.5) 2.74 (2.0) 

Elastic Modulus /Ec, GPa 30.4 35.0 

Noted: fc, fcm, ft are combination value, fck, fcmk, ftk are characteristic value. 

 

3.2  Testing setup and loading conditions 
Figure 5 shows the testing setup. In this experiment, the 

planar beam-column specimen was framed by a free steel 
mechanism at its four ends of beam and column, 
respectively. Here the footing girder of the mechanism was 
fixed in the base by four bolts and the bottom end of column 

was hinged on this girder. The both ends of beam were tied 
to the mechanism by two hinge supports that allowed free 
horizontal movement to simulate the lateral drift. Moreover, 
to represent existing gravity load on the column, the axial 
load was vertically applied to the top end of the column by a 
hydraulic jack. However, due to the limitation of the 
laboratory condition, the maximum axial load provided by 
hydraulic jack is only 200 kN, which is definitely not enough 
to simulate the real gravity load on the column. As to this 
issue, Quintero-Febres (2001) deemed that the application of 
the column axial load can increase the confinement effect of 
the beam-column joint area up to a certain level and 
therefore result in the increase of joint shear strength. 

In this test, a 1000 kN hydraulic actuator was attached 
to the upper girder of the steel mechanism, and the column 
was pushed and pulled at the top end with incremental 
displacements, which were controlled by the hydraulic 
actuator. Figure 6 illustrated the displacement-based loading 
scheme in this test. Here it is also noteworthy that the 
principle of loading scheme is one loop per loading step 
before the yield point and three loops per loading step after 
the yield point. However, the specific displacement histories 
of J1-1, J1-4 and J2-2 specimens are different actually 
because of their different yield strengths.  

  

 

 

 

 

 
 
 
 
 
 
 
 
 
 

 

 
 
 
 
 
 
 
 
 
 

The data to be collected in this test mainly consist of 
the following aspects: (1) horizontal force and displacement 
of the top end of column, which can be read from the 
transducer in the hydraulic actuator; (2) the relative rotation 
angle of beam and column in joint area, which can be read 

Table 1  Steel-enveloped program for J1-1, J1-4 and J2-2 

Table 2  Properties of steel 

Table 3  Properties of concrete 
Figure 5 Testing setup  

Figure 6 Displacement-based loading schemes 

D
is

pl
ac

em
en

t 
(m

m
)

Loop Numbers
Yield Point N0

+P

0

-P

Reaction Wall
Hydraulic Actuator Hydraulic Jack

Steel Mechanism

Sealing Filler

Beam

Column

Enveloped Steel

Bolt

Reversed Hole
Hinge Support

Base

- 896 -



 

 

from four displacement meters; (3) strains in enveloped steel 
plates, which can be read from 22 strain gauges distributed 
in different faces of the steel jacket. For instance, locations 
of strain gauges in J1-1 specimen are determined based on 
symmetrical principle, as shown in Figure 7, and likewise, 
which are of the same distribution for other specimens. 

 

 

 

 

 

 

 

 

 

 
 
 
4.  TEST RESULTS AND DISCUSSION 
 

To demonstrate the feasibility and reliability of this 
steel-enveloped approach, the comparative analysis of test 
results between post-retrofit specimens and pre-damage 
specimens were conducted for J1-1, J1-4 and J2-2. Here the 
behavior of retrofitted specimens was monitored during the 
reloading test, and the behavior of original specimens was 
recorded by Li (Li 2011) in pre-damage test. 
 
4.1  Hysteretic load-displacement relationship 

Hysteresis curves presenting the relationship of lateral 
loads versus column top displacements for each specimen are 
shown in Figure 8. Here “Original” and “Retrofit” refer to the 
pre-damage specimen and post-retrofit specimen, respectively. 

From Figure 8, it can be obviously seen that yield 
strength and yield displacement of all the post-retrofit 
specimens are significantly increased, compared with the 
original specimens. However, due to the limitation of 
hydraulic actuator (i.e. its maximum stroke is about 200 mm) 
in the laboratory, the exact value of ultimate strength and 
ultimate displacement for the post-retrofit specimens cannot 
be acquired in this test, but according to the hysteretic curves, 
it is rather easy to draw the conclusion that the ultimate 
strength of post-retrofit specimen is much more than that of 
the original specimen. 

Since J1-1, J1-4 and J2-2 specimens were retrofitted by 
different thickness of enveloped steel plates and different 
interface disposal measures, as listed in Table 1, thus based 
on comparison of different hysteretic curves in Figure 8, it is 
concluded that the thickness of enveloped steel plates plays a 
more active role in increasing yield strength and ultimate 
strength of specimens, while different interface disposal 
measures do not. On the other hand, the hysteretic loops of 
original specimens is somewhat fuller than those of 
post-retrofit specimens under the same lateral loads, which 
indicates that the original specimen shoulder more seismic 

energy. But unfortunately, these energies are dissipated at 
the cost of more damages in the joint area, and this is, of 
course, not what people expected in practical seismic design. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Additionally, it is also noteworthy that there are little 
deviations in push test of post-retrofit J2-2 specimen, as seen 
in its upper right area of the hysteretic curve in Figure 8. 
Thus, for rationally comparison, a graph connecting each 
peak point of the lower left area of the hysteretic curve for 
each specimen is shown in Figure 9, which is handled by a 
reversal process and is so-called skeleton-frame curves. 
Actually, it can not only well illustrate the change rule of 
yield strength and ultimate strength for all specimens before 
and after retrofit, but also indicate that the steel-enveloped 
approach has little influence on the initial stiffness of 
specimens. To be specific, as monitored at the loading 
position, the yield strength and ultimate strength of the 
pre-damaged specimens are about 117 kN and 140 kN, 
respectively, when neglecting the differences among J1-1, 
J1-4 and J2-2 specimens. Actually, it is due to these 
similarities that the original specimens can be approximately 
deemed as a benchmark, and which is, of course, the basic 
precondition of the experimental study with different 
parameters in this paper. Secondly, the yield strength is 
increased to about 172 kN, 169 kN and 142 kN for 
post-retrofit J1-1, J1-4 and J2-2 specimens, respectively. The 
ultimate strength of post-retrofit J1-1 and J1-4 specimens are 

     

  
Figure 7 Distribution of strain gauges on steel plates 
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Figure 8 Relationship of lateral load versus top displacement  
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estimated to more than 200 kN, while for J2-2 specimen is 
about 160 kN, as shown in Figure 9.  

 

 

 

 

 

 

 

 

 
 

For further analysis, since the thickness of added steel 
jacket of J1-1 and J1-4 specimens are both 8 mm, which is 
larger than 6.55 mm (i.e. the aforementioned critical value of 
design thickness), thus the load-bearing capacities for these 
two specimens are decided by the flexural capacity of 
section A (as shown in Figure 3). According to Equations (2) 
~ (4) and Tables 1~3, the flexural capacity is calculated to 
221.4 kN·m and 201.4 kN·m for J1-1 and J1-4 specimens, 
respectively. When converted to the lateral forces at loading 
point on the top column, they become 233 kN and 212 kN, 
respectively. Here it is noteworthy that the theoretical values 
are acquired under the hypothesis of α=0.9. And actually, 
which are proved to be approximately similar to 
experimental values (i.e. ≥200 kN).  

However, as to J2-2 specimen, its yield strength and 
ultimate strength are obviously smaller than those of J1-1 
and J1-4 specimens, as shown in Figure 9. Reasons for this 
phenomenon are probably attributed to two points: firstly, 
the thickness of added steel jacket for J2-2 specimen is set to 
5 mm, which is much smaller than that of J1-1 and J1-4 
specimens, as well as the critical design thickness of 6.55 
mm, and therefore its load-bearing capacity is up to the 
flexural capacity of section B (as shown in Figure 3); 
secondly, the original J2-2 specimen suffered severe 
damages in pre-damage stage, as shown in Figure 10 (c), 
which resulted in a greater degradation of the stiffness and 
strength. Thus, for the former reason, it can be concluded 
that the bending moments of original beam and added steel 
jacket at section B are shared by their flexural rigidity ratios 
(i.e. approximately 1.2:1); while for the later reason, the 
degradation effect factor α can be set to 0.6, and in this case, 
the flexural capacity at section B can be finally calculated to 
249.8 kN·m, therefore the corresponding lateral load at 
loading position can be concluded to 161.2 kN. 
 
4.2  Behavior of specimens and failure mode 

Figure 10 shows the photos of all specimens after 
pre-damage test and reloading test. For original specimens 
(Figure 10a, 10b and 10c), a lot of cracks appeared on beams, 
columns and joint areas under incremental cyclic loading. 
However, there were little damages in post-retrofit 

specimens under approximately the same displacement 
loading cases, as shown in Figure 10d, 10e and 10f. Actually, 
for post-retrofit specimens, the joint areas were effectively 
strengthened by steel jackets and therefore performed well in 
reloading test. But the else parts of the specimen were 
reserved without any reinforcement measures, which 
resulted in some damages in the test, particularly on the 
beam surfaces beyond the cover range of added steel jacket, 
cracks were expanded from the existing micro fractures in 
pre-damage loading stage. Thus, as to the whole specimen, 
although ultimate strength and ultimate displacement cannot 
be exactly tested due to aforementioned limitation of the 
hydraulic actuator, it can also be concluded that this 
steel-enveloped approach to seismic retrofit of beam-column 
joint is effective. However, these enhancements won’t be 
unlimitedly increased, because when the strength of joint 
area is improved to a certain degree, the capacities of else 
parts will become the crucial factor in behavior of 
post-retrofit specimen under incremental cyclic loading. 

Actually, the stronger the beam-column joint to be 
strengthened, the greater the restriction from else parts to 
seismic behavior of the specimen. As illustrated by the barrel 
theory, it is just the short board that decides the capacity of 
the whole bucket, that’s probably why the cracks in J1-4 and 
J1-1 specimens are more visible than those in J2-2 specimen, 
as shown in Figure 10d, 10e and 10f. Pursuant to this, in 
practical seismic retrofit of damaged RC frame joint, it is 
quite important to repair or strengthen the beam-column 
joint based on the design principle of strong connection - 
weak component. However, for capacity of the whole frame, 
it is totally unnecessary to enhance the joint area too much 
stronger than other bare parts. 

To further explore the effect of different interface 
disposal measures, the added steel jacket of each specimen 
was cut open after the test, as shown in Figure 11. Here J1-1 
and J2-2 specimens used non-shrink cement grouting 
material to seal the gaps between the internal beam-column 
joint and external steel jacket, while J1-4 specimen used the 
structural adhesive. It can be obviously seen that the 
non-shrink cement grouting materials used in J1-1 and J2-2 
specimens were gradually separated from the added steel 
jacket in the test, as shown in Figure 11a and 11c, while the 
structural adhesive used in J1-4 specimen tightly connected 
the added steel jacket and the damaged joint together into a 
whole, which was hardly separated after the test, as shown in 
Figure 11b. In fact, for J1-1 and J2-2 specimens, it was 
found to be empty through striking the steel jacket when 
loading to a certain displacement in the test. But for J1-4 
specimen, there is not any empty between the added steel 
jacket and the internal damaged joint throughout the test. 
 
4.3  Strain changes on steel plates 

Strains on steel plates are tested to explore the 
distribution regularity of stress and the location of peak 
stress, as shown in Figure 12, so that some enhancement 
measures can be taken for the steel-enveloped approach. 
Here the specific location corresponding to each strain gauge 
for all specimens can be inquired from Figure 7. 

Figure 9 Load envelop versus displacement envelop 
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From Figure 12, it is evident that the relatively larger 
strains on steel plates appeared on the location of strain 
gauges No. 7, 8, 13, 14, 20, and 22. Combining with Figure 
6, these locations are found to be closely adjacent to the core 
area of beam-column joint. Besides, except for the 
catastrophe points at No. 13 and 14 of strain gauges in J1-4 
specimen, the peak strains at No. 20 and 22 locations are 
generally larger than other locations, which indicates that the 
control points of steel plates on the column absorb more 
deformations and forces than those on the beam. Moreover, 
the peak strains of J1-4 specimen are somewhat larger than 
those of J1-1 and J2-2 specimens, which reveal that the 

structural adhesive can well connect the added steel jacket 
and internal beam-column joint, and therefore ensure them 
working together under different loading cases. 
 
 
5.  CONCLUSIONS 
 

For seismic retrofit of earthquake-damaged RC frame 
joints, a steel-enveloped approach is proposed in this paper, 
which mainly contains the installment of enveloped steel 
plates to beam-column joint and the interface disposal 
measures to their gaps. To verify its feasibility and reliability, 
a pseudo-static experimental study is conducted here, and it 
is concluded that the damaged joint can be effectively 
improved and strengthened by using enveloped steel plates, 
such as the enhancement of yield displacement, yield 
strength, ultimate strength, and integrity behavior, etc. 
Pursuant to this, it is evident that this steel-enveloped 
approach can be well applied to make seismic repair of 
earthquake-damaged joints, seismic retrofit of existing joints 
and seismic design of strong joints. 

Figure 10 Photos of specimens after test   

Figure 11 Damages of interface filler after cutting the enveloped steel jacket 

(d) post-retrofit J1-1 specimen  (e) post-retrofit J1-4 specimen  (f) post-retrofit J2-2 specimen   

(a) original J1-1 specimen  (b) original J1-4 specimen  (c) original J2-2 specimen  

(a) post-retrofit J1-1 specimen  (b) post-retrofit J1-4 specimen  (c) post-retrofit J2-2 specimen  

Figure 12 Strain distributions of enveloped steel plates   
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Design principle and calculating equations are proposed 
to determine the design parameters of added steel plates, 
which is well demonstrated by experimental results. Here 
the design parameters involved the thickness and the cover 
length, which should be designed based on the damage case 
of original structural members, as well as their seismic 
demands and load-bearing capacities. 

In this steel-enveloped approach, the thickness of 
enveloped steel plates plays a more active role in increasing 
the yield strength and ultimate strength of original specimens 
while different interface disposal measures do not. However, 
regardless of different thickness of steel plates and different 
interface disposal measures, the initial stiffness of 
post-retrofit specimens are rarely improved compared to 
those of original specimens. 

Due to the restriction from else parts of the specimen 
beyond the cover range of added steel jacket, it is rather 
pointless to excessively reinforce the damaged beam-column 
joint. Actually, when the beam-column joint is strengthened 
to a certain level, the seismic capacity of the whole specimen 
is not decided by the joint core area, but up to the capacity of 
the else bare parts.  

As to the interface disposal measures, the structural 
adhesive is evidently better than the cement-based grouting 
material to connect the internal beam-column joint and 
external steel jacket as a whole, but with more expensive 
price and poorer durability. Accordingly, considering the 
economy and convenience to construction, the cement-based 
grouting material is more commonly used to seal the gaps in 
practical seismic retrofit projects. 
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Abstract:  In this study, an experiment on waterjet roughening technique, a new retrofitting application, was carried on. 
Waterjet technique was applied to the joining surface of specimens, which consist of two parts, existing and retrofitting. 
The aim of the study is to reduce the necessary anchorage bar ratio, by increasing the shear capacity of the joining surface 
by friction resistance. The results are given and compared with not retrofitted control specimen and sufficiently retrofitted 
specimen, which was designed according to manuals. As a result the efficiency of the waterjet technique is shown.  

 
 
1.  INTRODUCTION 
 

As demonstrated by large scale earthquakes in Golcuk 
(1999), Van (2011), Turkey and Tohoku (2011), Japan, 
recent earthquakes showed that retrofitting of the existing 
structural stock is one of the most important study areas for 
structural engineering. Especially in Turkey, the quality of 
the existing building stock is very low. The average axial 
compressive strength of the concrete and the volume 
percentage of the lateral reinforcements of the columns are 
lower than the defined limit values of guidelines. While 
conventional retrofitting methods such as adding shear walls 
or column jacketing are used in Turkey, in Japan, new 
retrofitting methods like FRP based techniques or external 
retrofitting also find application areas. These relatively new 
applications are generally more convenient for the 
inhabitants, easy to apply and time efficient, but more 
expensive on the other hand. 

In this study waterjet technique, in which highly 
pressured water spray is generally used to cut concrete 
blocks or smash the concrete cover to expose the 
reinforcement bars, is introduced as a retrofitting application 
for shear strength enhancement of the external retrofitting 
systems. Waterjet is used to rough the joining surface of the 
existing reinforced concrete frame to create a friction surface 
between existing and retrofitting frames. The main purpose 
of the carried on study is to reduce the amount of anchorage 
bars by the contribution of shear resistance created by 
friction in the joining surface. 

Efficiency of the application is experimented on 
reinforced concrete blocks under pure shear force loading 
before this experimental study conducted. Test results 
showed that friction surfaces contribute effectively to shear 
strength of the joint. Results can be found elsewhere (Hikiji 
et al. 2011).  

2.  TEST PROGRAM 
 
2.1  Materials  

Table 1 shows mechanical properties of the reinforcing 
bars used in the specimens. SD295 type deformed D10 bars 
were used as longitudinal reinforcing bars and SD345 type 
D6 bars were used as lateral reinforcing bars in both existing 
and retrofitting frames of the specimens by different 
configurations. σy, εy, σu and Es in Table 1 are representing 
yield strength, yield strain, ultimate strength and modulus of 
elasticity of the reinforcing bars, respectively. 

 
Table 1 Mechanical Properties of the Reinforcing Bars 

 
Type σy 

(N/mm2) 
εy 

(%) 
σu 

(N/mm2) 
Es 

(kN/mm2) 
D6(SD345) 384 0.19 571 200 
D10(SD295) 353 0.18 525 223 
D13(SD295) 351 0.19 504 187 

 
Table 2 shows the mechanical properties of the steel 

plates, which formed channel or I sections as shown in 
Figure 4. SM490 type steel plates were used with three 
different thicknesses, 6mm, 9mm and 12mm. t values in 
Table 2 represent these thickness values. Steel frames with 
K-braces were connected to retrofitting RC frames by D13 
headed anchor studs.  

Concrete properties for separately cast existing and 
retrofitting frames are shown in Table 3. 20.1 N/mm2 and 
31.3 N/mm2 are axial compressive strengths for the existing 
and retrofitting frames, respectively. Axial compressive 
strength of the existing frame intentionally kept relatively 
weak to form a more realistic case. σB, fctk and Ec in Table 3 
are representing axial compressive strength, tensile strength 
and modulus of elasticity of the concrete. 

- 901 -



 

 

Table 2 Mechanical Properties of the Steel Plates 
 

Type t 
(mm) 

σy 
(N/mm2) 

εy 

(%) 
σu 

(N/mm2) 
Es 

(kN/mm2) 

SM490A 
6 365 0.18 527 207 
9 406 0.20 540 206 
12 367 0.19 492 200 

 
Table 3 Mechanical Properties of the Concrete Batches 

 
Type σB 

(N/mm2) 
fctk 

(N/mm2) 
Ec 

(N/mm2) 
Existing 20.1 1.70 30900 

Retrofitting 31.3 2.46 34100 
 
2.2  Test Setup 

Experiment was conducted with two actuators, which 
applied cyclic shear force to the joining surface of the 
specimens, and two axial jacks, which created the assumed 
existing axial loading to the existing frame columns. Test 
setup can be seen in Figure 1. 

 

 
Figure 1 Test Setup 

 
2.3  Loading 

10% of the axial load capacities of the existing columns 
were steadily applied as an existing axial load. A cyclic 
loading pattern, which increases from ±1/1600rad 
(±0.64mm) to ±1/25rad (±40.7mm) step by step, was used 
for shear force application. Loading cycles are plotted in 
Figure 2.  
 
2.4  Database 

Specimens used in this study are shown in Table 4. Pa 
and K are representing cross-sectional area percentage of the 
anchorage bars to the joining surface area and average 
roughness depth value, respectively. As mentioned before, 
retrofitted specimens have two main frames. Specimen No.2 
can be seen as an example of retrofitted specimens in Figure 
3. The body representing the existing frame has two columns 
with cross-sections 200mmx200mm. These columns have 
SD295 type 8-D10 deformed bars as longitudinal 
reinforcement and SD345 type 2-D6@50 deformed bars as 
lateral reinforcement. Retrofitting frame’s columns have a 
175mmx200mm cross-section. These columns have SD295 

type 4-D10 deformed bars as longitudinal reinforcement and 
SD345 type 2-D6@100 as lateral reinforcement. Details are 
shown in Fig. 4.  

 
Figure 2 Drift-loading cycle pattern 

 
Specimen No.1 is the control specimen of the 

experiment and consists of the existing frame only. 
Parameters of the other four strengthened specimens vary 
depending on the values of specimen No.2, which was 
designed initially according to the Manual for external 
seismic retrofit of existing buildings of Japan (2002). These 
parameters are percentage of the anchorage bars used and 
existence and average depth of friction surface in the joining 
surfaces. As specimen No.1 is the general control specimen, 
No.2 was designed as the target specimen for the others. 
Specimen No.2 has 2.33% anchorage ratio (44-D13) without 
waterjet friction surface. Specimen No.3 was designed and 
cast with approximately 30% of the anchorage ratio of 
specimen No.2, which is 0.69% (13-D13), and waterjet 
friction. Specimen No.4 has the same amount of anchorage 
bars with No.3 without friction surface. Lastly specimen 
No.5 prepared with 0.26% (5-D13) anchorage ratio with 
represents around 10% of the anchorage ratio of No.2 and 
friction surface. Details of anchorage bar configuration and 
friction surface can be seen in Fig.5. In this figure hatched 
areas show the waterjet roughened surfaces.  

 

 
Figure 3 Retrofitted Specimen 
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Figure 4 Dimensions and Reinforcement Details of Retrofitted Specimens 
 

Table 4 Parameters of the Specimens 
 

Specimen 
Pa 
(%) 

Remark 
K 

(mm) 
1 - - - 
2 2.33 Manual - 
3 0.69 0.3xM 1.59 
4 0.69 0.3xM - 
5 0.26 0.1xM 2.15 

 

Figure 5 Joining Surfaces of Existing and Retrofitting 
Frames in Upper Beams 

 
Waterjet application was tested on concrete surfaces 

with different axial compressive strengths and different 
spraying nozzle distances in this and previous studies. In this 
experimental study, waterjet roughening applied on only two 
specimens’ joining surfaces. In specimens No.3 and No.5, 

which have 1.59mm and 2.15mm average friction depth 
values for   their upper beam connection surfaces, 
respectively. The measurement of the depth values were 
made by a laser meter automated for this application. 
Application area was 200mmx1200mm for each specimen. 
Lower beam connections of all specimens have 64-D13 
anchorage bars. 
 
 
3.  RESULTS 

  
In Table 5, the general results of all specimens can be 

seen. In this table Q values represents the maximum, 
minimum, average and calculated values of the lateral 
loading carried by each specimen. As seen in Table 5, all the 
specimens enhanced their lateral load capacities efficiently 
according to control specimen. Although, specimen No.2, 
which was designed according to the code, performed 
weaker than the expected performance. This can be 
explained by the rocking of the retrofitting frame mostly 
because of discontinuity and due to the compressive failure 
of the vertical elements of the steel brace. 

 
Table 5 Parameters of the Specimens 

 

Spe. 
Pa 
(%) 

K 
(mm) 

Q 
(kN) 

max. min.  ave. cal. 
1 - - 138.8 -133.5 136.2  
2 2.33 - 713.9 -688.8 701.4 775 
3 0.69 1.59 633.9 -603.4 618.7  
4 0.69 - 539.5 -512.9 526.2  
5 0.26 2.15 511.9 -536.1 524.0  

 
In control specimen No.1, the yielding of the 

longitudinal bars started in 1/200 cycle. This specimen 
reached its positive and negative peak shear strength values 
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in ±1/50 cycles, which are 138.8kN and -133.5kN, 
respectively. Average value of 136.2kN can be assumed as 
the maximum lateral force carried by existing frame only. 

Specimen No.2 represented the best behavior as 
assumed. Nevertheless, as mentioned before, it did not reach 
the peak value calculated according to the code. In ±1/200 
cycles longitudinal bars of the existing frame columns 
reached yielding point. After the compressive yielding 
started in steel brace, this specimen reached its positive peak 
value in 1/67 cycle as 713.9kN and negative peak in -1/100 
cycle as -688.8kN. The average value is 701.4kN. 

Specimen No.3, which has got only 30% of the 
anchorage amount of the code specimen, is a waterjet 
roughening applied element with an average depth of 
1.59mm. The results obtained from this specimen are very 
promising. The yielding in longitudinal bars of existing and 
retrofitting frames’ columns started in ±1/400 cycles. In 
1/100 cycle, 633.9kN and in -1/100 cycle, -603.4kN were 
obtained as the positive and negative peak values, 
respectively. Obtained average value 618.7kN is 88% of the 
maximum value obtained by specimen No.2. 

   Specimen No.4 has the same amount of the 
anchorage bars with No.3 without waterjet roughening 
application. Yielding of the longitudinal bars of both existing 
and retrofitting frames occurred in ±1/400 cycles. The 
maximum positive and negative values of this specimen are 
539.5kN and -512.9kN, respectively in ±1/100 cycles. 

Specimen No.5, which had only 10% of the required 
amount of anchorage bars, also had waterjet roughening 
with an average depth value of 2.15mm. Just like specimen 
No.4, in this specimen too, yielding had taken place in 
longitudinal bars of retrofitting frames in ±1/400 cycles. In 
existing frame, yielding occurred in ±1/200 cycles. In -1/200 
cycle, the negative peak and in 1/100 cycle, positive peak 
were observed as -536.1kN and 511.9kN, respectively. 

The envelope curves of all specimens in the positive 
loading region can be seen in Fig.6. 

Figure 6 Envelope Curves of Shear Force Total Horizontal 
Displacement Behavior of All Specimens 

 
   Although specimen No.2 gave maximum values 

lower than the calculated values, still has the best results, 
which enhanced the shear capacity of the existing frame 
more than 5 times. In specimens No.3, No.4 and No.5 have 

lower lateral loading resistance than code designed specimen 
No2, but still have an effective attribution around 4 times of 
the existing frame. The reduction caused by the failure of the 
joining surfaces. 

Main idea of this study is to reduce the percentage of 
the required amount of anchorage bars in the joining 
surfaces, so the shear force acted on the joining surfaces 
became more significant. In Table 6, the shear forces directly 
acting on the joining surfaces of waterjet specimens and 
manual specimen are shown.    

   In Table 6, Qj represents the shear force acting on 
the joining surface. These were produced by the help of the 
envelope curves. 

 
Table 6 Shear Force Acting on the Joining Surface 

 
Specimen Pa 

(%) 
K 

(mm) 
Qj 

(kN) 
2 2.33 - 568 
3 0.69 1.59 485 
5 0.26 2.15 397 

 

Figure 7 Relationship of the Waterjet Applied Specimens 
and No.2 Specimen 

 
In Fig.7, experimental results of waterjet applied 

specimens No.3 and No.5, manual specimen No.2 and 
manual calculation for shear strength for joining surface are 
shown according to varying Pa, anchorage ratios. In this 
graphic, friction depths were assumed as same with an 
average value of 1,87mm. According to this and assuming 
that the contribution of the anchorage bars are linear, 
intersection point of the friction line and shear axis gives the 
contribution of the average friction depth to the shear 
resistance. The function of the roughened specimens is given 
in Eq. (1) below.  

 

20873 341jQ Pa= +           ( )kN     (1) 

 
From Eq. (1), corresponding Pa ratio can be calculated 

depending on defined average friction depth. When Eq. (1) 
applied to specimen No.2, to achieve the same shear strength 
of 568kN, Pa value reduces to 1.09%. This means a 
reduction in amount of necessary anchorage more than 50%. 
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3.  CONCLUSIONS 
 

Based on the test results obtained in this experimental 
study, the following conclusions are drawn. 

1. All specimens with external retrofitting 
enhanced their lateral load carrying 
capacities according to control specimen 
efficiently.  

2. Waterjet technique applied specimens 
achieved effective contribution to their 
shear capacities in their joining surfaces. 
With 30% of the necessary anchorage bars, 
Specimen No.3 reached the 88% of the 
capacity of the manual specimen No.2. Also 
the roughening created by waterjet 
technique on the joining surface can be 
controlled depending on concrete axial 
compressive strength and waterjet nozzle 
distance.  

3. In the range of this study and the according 
to the calculations, amount of the anchorage 
bar percentage, Pa can be reduced more 
than 50%. Instead of 2.33% anchorage, with 
1.09% of anchorage bar ratio and a friction 
surface with an average depth value of 
1.87mm, specimen No.2 can transfer the 
same level of lateral loading to the 
retrofitting frames.  
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Abstract:  Rectangular reinforce concrete corbels with very small aspect ratio and uniformly distributed stirrups have 
been used as shear keys to anchor the gusset plate of buckling restrained braces in reinforced concrete buildings. An 
experimental study on the shear resistance of such shear keys is reported in this paper. Two series of shear test of the 
reinforced concrete corbels were carried out. The observed failure is in a very brittle manner, especially for those with 
nominal shear span-to-depth ratio less than 0.1. A strut-and-tie model is proposed to estimate the shear strength of the 
corbels. It gives satisfying estimate for all the specimens in the current test program, except the one with insufficient 
anchor of the stirrups. 

 
 
1.  INTRODUCTION 
 

A continuously braced frame system was introduced as 
an attempt to promote the application of buckling 
restrained braces in newly-built reinforced concrete 
buildings (Sakata et al, 2011; Qu et al, 2011). The proposed 
arrangement of braces and details of fastening the braces to 
the concrete is demonstrated in Figure 1. The buckling 
restrained braces in the adjacent stories share the same 
gusset plate, which is fastened to the concrete 
beam-column joint by prestressing bolts and is kept by a 
pair of reinforced concrete (RC) corbels that are projecting 
from the column surface. In such a manner, the prestressing 
bolts are mainly responsible to resist the horizontal force 
while the RC corbels the vertical one.  

 
The reinforcement shown in Figure 2 is generally 

adopted for such RC corbels, which work as shear keys in 
the proposed system. It consists of a set of uniformly 
distributed stirrups and several framing bar to anchor them. 
The stirrups extend into the concrete column to a certain 

length in order to introduce adequate bond to develop their 
strength.  

These corbels are also featured by its extremely small 
aspect ratio for that the length of the corbel, L, in Figure 2, is 
usually in proportion to the size of the gusset plate. The 
length to height ratio, L/H, of these corbels, may be 
frequently less than 0.5. The current paper is to investigate 
the mode of failure of such RC corbels through experimental 
tests and to estimate its shear strength using strut-and-tie 
models. 

Figure 2  RC corbel for shear key 
 
 
2.  EXPERIMENTAL PROGRAM 
 

Two series of test, namely Series A and Series B, of RC 
corbel specimens with different details, were carried out.  

 
2.1  Specimens 

Specimens in either Series A or Series B have identical 
dimensions, as depicted in Figure 3. Series A specimens 

RC corbel

Gusset plate

RC corbel

BRB 

Figure 1  Continuously braced frame with buckling 
restrained braces 
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have a aspect ratio L/H of 0.3, which leads to a nominal 
shear span-to-depth ratio as small as 0.15, assuming uniform 
pressure on the corbel edge. This ratio for Series B is even 
smaller, about 0.09.  

 
Major properties, including the concrete compressive 

strength, fc’, stirrup yield strength fy, stirrup nominal 
diameter, ds, total number of stirrup legs, nleg, and the ratio of 
anchorage length to nominal diameter of bar, la/ds, of the 
specimens in Series A and B are listed in Table 1.  

A1 is regarded as a control specimen in Series A. The 
other four specimens are design to show the influence of the 
loading histories (A2), concrete strength (A3), amount of 
stirrups (A4) and anchorage of stirrups (A5) on the behavior 
of the corbel.  

 
Table 1  Properties of specimens 

ID Loading 
fc’ 

(MPa) 
fy 

(MPa) 
ds 

(mm) 
nleg la/ds

A1 Two-way cyclic 44.0 347.3 16 8 
A2 One-way cyclic 44.0 347.3 16 8 
A3 Two-way cyclic 40.1 347.3 16 8 
A4 Two-way cyclic 44.0 378.9 13 8 
A5 Two-way cyclic 44.0 347.3 16 

20

4 
B1a Monotonic 20
B1b Monotonic 20
B2a Monotonic 10
B2b Monotonic 

58.2 346 10 

10

27

 
Specimens in Series B were actually taken from the 

tested specimens of subassemblies, each of which ocnsists of 
an RC beam framing into an RC column with connections 
for buckling restrained braces (Qu et al, 2011). Some minor 
cracks were observed on the corbels during the subassembly 
test. However, the influence of this slight damage to those 
corbels on their ultimate strength was considered negligible. 
Each subassembly contains a pair of identical corbels, as can 
be seen in Figure 4(b). The beam in each subassembly has 

been cut off. A total of two such subassemblies were tested 
for their corbels, which give the four corbel specimens in 
Series B. Hence, B1a and B1b are identical and belong to 
the same subassembly, so are B2a and B2b. The only 
difference between B1 and B2 is the amount of stirrups in 
the corbels. 
2.2  Loading setup and measurement 

Series A specimens were subjected to cyclic loading by 
means of two actuators on both sides of the corbel, pushing 
it by turns, as demonstrated in Figure 4(a). Cyclic loading 
was conducted in both directions for all the specimens 
except Specimen A2, for which, the cyclic loading was only 
in a single direction. That is, load to peak and unload to zero, 
and then reload in the same direction.  

For Series B, a self-balanced loading system, as 
depicted in Figure 4(b), was adopted. The loading jig was 
connected to 4 high-strength steel rods, the other ends of 
which were connected with an H steel beam. An actuator 
was installed between the H steel beam, which was resting 
on a roller cushion, and the end of the RC subassembly, 
which was fixed to the ground, pushing the two apart from 
each other and thus pulling the loading jig to impose shear 
force on the corbel. Monotonic loading up to the failure of 
the corbel was applied to Series B specimens.  

 
The shear deformation of each corbel in Series A was 

recorded through six displacement transducers installed 
between half span of the corbel and the top surface of the 
underneath concrete monolith. Their locations are given in 
Figure 3(a). The average of the displacement of the two 
transducers closest to the loading edge was taken as the 
shear deformation of the corbel under that load.  

Two displacement transducers were used to measure 
the slip of each corbel in Series B. They were installed 
between the corner of the loading jig and the underneath 
concrete column, as can be seen in Figure 3(b).  

For both series, the strain of the corbel stirrups was 
recorded through strain gages located at the shear surfaces, 
i.e., the bottom of the corbels. A pair of strain gages was 
adopted for a single leg of stirrups and their average reading 
is taken as the strain of the stirrup leg.  

(a) Series A 

(b) Series B 

Specimen Actuator Actuator 

Actuator 

Roller

Specimen Steel rod 

Figure 4  Loading setup of corbel shear test 

1 2 3 

6 5 4 

1 2 3 

Loading jig 

(a) Series A (b) Series B
Figure 3  Specimen dimensions and location of displacement 

transducers 
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3 EXPERIMENT RESULT 
 
3.1  Series A 

Shear force-displacement curves of Series A specimens 
are depicted in Figure 5. The curves of all the other 
specimens are compared with that of A1 in these graphs to 
show the influence of various parameters. The loading path 
seems to have a surprisingly significant influence on the 
maximum strength of the corbel (Figure 5(a)). The 
maximum strength is reduced by about 25% in the one-way 
cyclic test (A2) compared with that in the standard test (A1). 
Reason for this reduction is still not understood. For A3 and 
A4, it is observed that, as expected, the shear strength of the 
corbels decreases with the reduction in the concrete strength 
or the amount of stirrups (Figure 5(b) and (c)). Specimen A5 
seems to have experienced premature failure due to 
insufficient anchorage of the corbel stirrups. Its shear 
strength is only about 43% of that of A1 (Figure 5(d)).  

The shear strength of the tested corbels is listed in Table 
2 near the end of this paper 

 
 

3.2  Series B 
The load-displacement curves of corbels in Series B are 

depicted in Figure 6.   

  

For all the specimens, the load increases almost linearly 
with the displacement up to a very high level of shear force. 
It is then followed by a sudden brittle failure, which is 
accompanied by the breaking up of the concrete cover. The 
corbels with half amount of stirrups (B2a and b) exhibit only 
about 25% decrease in shear strength as compared with B1a 
and b.  

Figure 7 depicts the failure surface of the specimens, 
above which the concrete cover was destroyed. Before this, 
several minor diagonal cracks also developed primarily 
below the failure surface. These cracks, as well as the 
ultimate failure surface, indicated approximately the 
direction of principle strain in the concrete. Rotation of this 
direction close to the loading edge can be observed. 

 
 

3.3  Strain distribution in stirrups 
 
The strain in the stirrups at the maximum shear force is 

retrieved from the test database and is denoted as εmax. It is 
then normalized by the yield strain εy of the stirrups and is 
depicted in Figure 8. The horizontal axis is the distance to 
loading edge normalized by the height, H, of the corbel. It is 
observed that εmax generally reduces linearly with the 
distance of the stirrup to the loading edge. Several obvious 
exceptions should be noted.  

(1) The strain in the stirrups of Specimen A5 seems to 
have very insufficiently developed, even in those closest to 
the loading edge. It is likely that the stirrups experienced 
premature anchorage failure due to the insufficient 
development length.  

(2) For Series B, the strain in the stirrups closest to the 
loading edge seems to have increased wildly and is much 
greater than that in the following stirrups.  

(3) The εmax to εy ratios of B1a and B1b exhibit a zigzag 

B1a 

B1b 

B2a 

B2b 

Figure 7  Cracks and failure surface of 
Series B specimens 
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distribution along the distance. This is considered the 
consequence of un-uniformly distributed deformation along 
the width of the corbel. It was observed, after the crushed 
concrete cover was removed, that the top horizontal portions 
of the stirrups, especially those close to the loading edge, 
were obviously bent with greater deformation in the middle 
and smaller one at both ends. Figure 9 gives an example of 
Specimen B1a. The gages of the stirrups were always 
attached to the vertical portion of a stirrup, i.e., the farthest 
end from the center. The stirrups of B1a and B1b were such 
arranged that an inner stirrup follow an outer stirrup, as can 
be seen in Figure 9. This may occasion that the strain in the 
inner stirrup becomes greater than that in the outer one, 
which was a little bit closer to the loading edge than it is.  

 
 

 
 
 

4.  STRUT-AND-TIE MODEL 
 
A strut-and-tie model, as shown in Figure 10, is 

adopted to predict the shear strength of the corbels. It is a 
modified version of the strut-and-tie model used by Russo et 
al (2005) in their derivation. The following two major 
modifications are made. 

 
 
(1) By assuming that the shear contribution of the 

strut-and-tie system, which is formed by a concrete strut and 
the primary stirrups close to the loading plate, and that of the 
secondary stirrups are independent, Russo et al (2005) 
proposed a two-term formula to predict the shear strength of 
the corbel. The first term is for the strut-and-tie system and 
the second for the secondary stirrups. However, instead of 
evaluating the dowel action of the secondary stirrups, they 
again assumed a strut-and-tie system consisting of the 
secondary stirrups when evaluating the second term. In such 
a manner, they may have double counted the strength of the 
concrete strut. In this paper, the second term of the formula 
by Russo et al (2005) is removed and the imperial factor of 
0.8 on the first term by data fitting is correspondingly 
abandoned. Thus, Eq. 1 is used herein to evaluate the shear 
strength, Vu, of RC corbels. 
 

θσ cosdu blV =  (1) 
where σd is the softened compressive strength of the 
diagonal concrete strut; b is the width of the corbel; l and θ is 
the depth and inclination angle of the concrete strut, 
respectively.  

All these variables can be explicitly evaluated by Eq. 
2-4 proposed by Russo et al (2005). 
















≥
+

<
+

=
MPa42'for

4001

'8.5

MPa42'for
4001

'9.0

c

c

ct

c

c

c

ct

c

d

f

E

f

f

f

E

f

f

σ
 

(2)

a 

2h/3

Vu 

l

C

T 

θ 

L 

h

Figure 10 Strut-and-tie model 

nlegAs1fy 

0 

0

0.5

1

1.5

2

2.5

3

0 0.2 0.4 0.6 0.8 1
Normalized distance

em
ax

/e
y

B1a
B1b
B2a
B2b

(b) Series B 
Figure 8  Distribution of strain in stirrups

Gage 1 

Gage 2

(a) Series A 

0

0.5

1

1.5

2

2.5

3

0 0.2 0.4 0.6 0.8 1
Normalized distance

em
ax

/e
y

A1
A2
A3
A4
A5

Gage 2

Gage 1 

Figure 9  Bent stirrups of Specimen B1a 

- 910 -



( ) dnnnkdl ⋅




 −+== ss

2
s 2 ρρρ  (3)





















−









−+






+−

=

2

4
11

arctan2

22

k

d

a

k

d

a

θ
 

(4)

where n=Es/Ec, is the ratio of steel and concrete Young’s 
modulus; fct is the tensile strength of concrete; d is the 
effective depth of the corbel and ρs is the primary stirrups 
ratio of the corbel. 

(2) Because the stirrups are uniformly distributed along 
the depth of the corbels, no primary stirrups can be readily 
extinguished from others. As a result, effective d and ρs are 
proposed herein. A linear distribution of stirrup stress is 
assumed. The stirrup stress on the loading edge is assumed 
to be the yield strength, σy, while that on the other end is 0 
(Figure 10). Compared with the measured strain of the 
stirrups at failure in Figure 8, the assumed stress distribution 
is reasonable and conservative.  

With the assumed stirrup stress distribution, the 
effective depth of the tie and the effective stirrup ratio can 
then be calculated by Eq. 5 and 6. 

hd
3
2=  (5) 

bh

An
s

s1leg5.0=ρ  (6) 

where As1 is the cross-section area of a single stirrup leg. 
The shear strengths calculated by Eq. 1-4, denoted as 

Vu,cal, and those obtained in the test are compared in Table 2 
and Figure 11. The calculated results generally agree well 
with the experiment and fall into a 20% error band. An 
exception is specimen A5, whose stirrups sustained 
premature bond-slip failure due to insufficient anchorage. 

 
Table 2 Test and predicted shear strength 

ID Vu,test (kN) Vu,cal (kN) Vu,test / Vu,cal

A1 1713.1 1521.5 1.13
A2 1281.4 1521.5 0.84
A3 1396.8 1455.0 0.96
A4 1307.6 1287.9 1.02
A5 730.5 1521.5 0.48
B1a 1176.3 1053.4 1.12
B1b 1145.6 1053.4 1.09
B2a 796.4 780.3 1.02
B2b 947.8 780.3 1.21

 
 

 
 
 

5.  CONCLUSIONS 
 
The experiment program of evaluating the shear 

resistance of a type of very deep RC corbels is described. 
These corbels may fail in a very brittle manner. This 
suggests that adequate safety margin of shear strength 
should be guaranteed in the design of it as shear keys.  

Based on an assumption of stress distribution in the 
stirrups that is supported by the test data, a strut-and-tie 
model, which is a modified version of a previous model, is 
proposed and proved to give satisfying estimate of the shear 
strength of the specimens in the current test.  
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Abstract:  Previous studies regarding the effect of strong-motion duration on the behavior of reinforced concrete 
buildings indicate that the findings regarding the influence of strong-motion duration on peak damage indicators are not 
consistent.  Most of the previous studies available are based on two dimensional structural models. The objective of the 
present study is to further investigate the influence of earthquake strong-motion duration on structural behavior with three 
dimensional building models.  In this study 4-story and 8-story reinforced concrete frame buildings designed according 
to 2009 IBC and ACI-318-08 for site class D, are subjected to 30 strong-motions with different durations. The influence 
of the spectral amplitude of the ground motions were homogenized by spectral matching to the 5%-damped design 
response spectrum in the time domain.  The results showed that there is no correlation between strong-motion duration 
and displacement based damage measures such as peak inter-story drift and peak roof drift which are currently used in 
most of the seismic design codes.  However, results showed that earthquakes having the same strong-motion duration 
can result in significantly different inter-story drifts even though they are matched to the same target design spectrum. 

 
 
1.  INTRODUCTION 
    
    Studies on influence of strong-motion duration on 
structural responses has become important since, there is no 
conclusive evidence to accept or reject the effect of ground 
motion duration on the behavior of structures.  The 
duration of a strong ground shaking can play an important 
role when stiffness degradation is encountered (Bommer and 
Martinez-Pereira 1999).  Recently many researchers 
studied the effect of strong-motion duration on the behavior 
of concrete structures (Lindt and Goh 2004, Hancock 2006, 
Nanos et al. 2008 and Lin et al. 2010). Most of the previous 
studies available are based on two dimensional structural 
models. The objective of the present study is to further 
investigate the influence of earthquake strong-motion 
duration on structural behavior with three dimensional 
building models.   
   Duration is explicitly taken into account in the HAZUS 
methodology for earthquake loss estimation where the 
methodology recognizes the importance of the duration of 
ground shaking on building response by reducing effective 
damping as a function of shaking duration (FEMA 2003).  
However, most current seismic codes do not consider 
strong-motion duration. If strong-motion duration is an 
important measure, necessary steps should be taken to 
incorporate strong-motion duration in the seismic design of 
structures. 
    A large number of researchers have proposed several 
definitions of strong-motion duration over three decades. 

Bommer and Martinez-Pereira (1999) reviewed nearly 30 
definitions of strong-motion duration. It is important to note 
that when different definitions are used for the same 
accelerograms, significant different durations may result.   
    In the present study the influence of the strong-motion 
duration will be investigated with three dimensional finite 
element models since past studies are based on two 
dimensional models (Hancock, 2006, Nanos et al. 2008, Lin 
et al. 2010). The 4-story and 8-story buildings were designed 
according to the 2009 International Buildings Code (IBC) 
(ICC 2009) and ACI-318-08 (ACI 2008) for seismic 
category D are subjected to 30 accelerograms with 
strong-motion duration ranging from 5 s to 150 s. 
 
 
2.  DEFINITIONS OF STRONG MOTION 
 DURATIONS  

 
A large number of researchers have proposed numerous 

definitions of strong-motion duration over last three decades 
and can be categorized into four generic groups as discussed 
Bommer and Martinez-Pereira (1999).  

• Bracketed Duration 
• Uniform Duration  
• Significant Duration 
• Structural Duration  
It is important to recognize that there is no universally 

accepted definition for strong-motion duration since, 
different definitions may be more or less appropriate in 

- 913 -



 

 

different situations.  In the present study the most widely 
used type of durations, namely significant duration and 
bracketed duration are adopted. SeismoSignal V 4.3.0 
(2012) was used to calculate the strong-motion duration of 
the matched accelerograms.  
 
2.1 Significant Duration  
 Significant duration measures are based on the 
accumulation of the energy in the accelerograms represented 
by the integral of a square of the ground acceleration, 
velocity or displacement.  In the present study integral of 
the ground acceleration is employed which related to the 
Arias intensity (Arias, 1970).  
 

    (1) 
 
    Where AI is the Arias Intensity in units of length per 
time, a(t) is the acceleration-time history in units of g , and 
g is the acceleration of gravity.  The strong-motion duration 
was taken as the time interval between 5 95%−  of the 
Arias intensity curve as proposed by Bommer and 
Martinez-Pereira (1999). 
 
2.2 Bracketed Duration  
    The bracketed duration proposed by Bolt (1979) based 
on the time interval between the first and last acceleration 
excursions greater than a threshold acceleration of the time 
history is used in this study. The value of threshold 
acceleration was selected as 0.1 g since, it shows good 
agreement with 5 95%− significant duration. The one 
disadvantage of this definition is that it completely ignores 
the characteristic of the strong-motion phase (Bommer and 
Martinez-Pereira 1999). However, it seems to be the most 
attractive duration from a practical point of view 
(Kawashima and Aizawa 1989).  
 
 
3 GROUND MOTION SELECTION AND 
 MATCHING  
 
    Thirty ground motion records used by Hancock and 
Bommer (2007) are also used in this study with 
strong-motion duration ranging from 5 s to 150 s.  The 
records were obtained from PEER ground motion database 
(PEER 2012) and COSMOS virtual data centre (COSMOS 
2012). The selection process does not consider any 
seismological characteristics. The selected accelerograms are 
shown in Table 1.  
    Selection and matching of accelerograms are critically 
important in engineering design and assessment, which 
enables the structural response to be determined with greater 
confidence through fewer analyses then if unscalesd 
accelerograms are employed (Hancock et al. 2008).  
    The influence of the spectral amplitude on the behavior 
of the structure is removed by matching the individual 
records in the time domain to the 5%-damped elastic design 
response spectrum (Figs.1 and 2). The matching has been 
done in such a way that the earthquake spectral acceleration 

matches the target spectral acceleration up to a twice of the 
natural period of the tallest structure (8-story) to take 
account stiffness degradation and higher mode effects 
(Hancock et al. 2006). Even though resulting accelerograms 
are very much compatible with the design response 
spectrum, comparisons were made among original and 
matched accelerograms in terms of frequency content as an 
additional verification. The results showed that for, each 
record the frequency content is unchanged due to matching.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.1. Comparison of 5%-damped elastic spectral 
 acceleration for matched ground motions with 
 design response spectrum. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2. Comparison of 5%-damped elastic  displacement 
 spectra for matched ground motions  with design 
 response spectrum. 
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4.  MODELING AND ANALYSIS  
 
4.1 Structural Model 
    In this research 4-story and 8-story reinforced concrete 
frame buildings designed by Pant (2010) according to 2009 
IBC and ACI-318-08 for site class D will be used (Fig. 3).  
These buildings are 2 bay by 2 bay symmetric in plan.  
This is to make sure that no accidental torsion responses are 
affecting the damage parameters.  The floor height is 3.6 m 
and bay width is 6.0 m.  The live load on the each floor is 
3.79 kN/m2 and 1.00 kN/m2 at the roof level. Finite element 
modeling of the structures is carried out using OpenSees 
(2009) by considering both material and geometric 
nonlinearities. The elements are modeled using forced based 
distributed-plasticity fiber elements (Fig. 4).  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 3. Three dimensional views of the buildings; (a) 4-Story 
 (b) 8-Story. 
 
    The concrete and steel material models are chosen to be 
Concrete02 and Steel02, respectively.  The constitutive 
behavior of concrete modeled using the modified Kent and 
Park model (Kent 1971).  For reinforcing steel, the 
constitutive model of Menegotto and Pinto (1973) is used. 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

The modeling of the restraining effect of the slab was 
given careful attention in this study. In general, the nonlinear 
beam column elements with reinforced concrete fiber 
section used in this study can shift their neutral axis during 
analysis. In Contrast, the rigidDiaphragm command 
available in OpenSees will impose zero axial strain on 
elements (along element centerline) in the floor level that 
can lead to overestimation of forces, in order to attain the 
equilibrium of the system (Vesna 2011). Therefore, the 
response of the structure can change drastically. However, 
the floor diaphragm needs to be axially rigid enough to 
assure proper distribution of seismic force to all lateral 
resisting elements.  For that purpose, truss elements with 
10,000 times the typical beam stiffness are used instead of 
rigidDiaphragm command available in OpenSees.  The 
arrangement of the trusses is shown in Fig. 5. The factor 
10,000 was selected in such a way that it will not affect the 
numerical computations while achieving the intended 
purpose. It is important to highlight that the factor, selected 
in this study may not be applicable for other structures. 
Therefore, it is recommended to carry out sensitivity 
analysis, in order to find the suitable values for different 
structures.  

 
  

 
 
 
 
 
 
 
 
 
 
 

 
Nonlinear time history analyses of the structures were 

carried out where the system of equations are solved using 
Newmark method with β = 0.5 and γ = 0.25 along with 
modified Newton-Raphson technique. Stiffness proportional 
damping was used with coefficients calculated based on 1st 

and 3rd fundamental frequencies with a 5% damping ratio. 
The fundamental period obtain for the 4-story and 8-story 
buildings are 0.62 s and 1.34 s respectively.  
 
4.2 Responce Measures 

Many damage measures are available in the literature 
for reinforced concrete structures. The measures of 
maximum response (force or displacement) which are used 
in current seismic design codes are selected as the response 
indicators to investigate the correlation with strong-motion 
duration. 

• Peak roof drift  
• Peak inter-story drift 

12 m  

12 m  

Fig. 4. Fiber based discretization in a reinforced concrete 
 section. 
 

Fig. 5. Arrangement of the rigid trusses to model in-plane 
 restoring affect of slab. 

Integration points 

Steel fibers Confined  
 Concrete fibers 

Unconfined  
 Concrete fibers 

RC section 

= + + 
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    However, different seismic design codes will provide 
different limits for inter-story drift to meet specific 
performance criteria (e.g., The ASCE 7-05 allows maximum 
inter-story drift of 1.5% for occupancy category III).  In 
this study the maximum allowable inter-story drift of 3% 
used to meet collapse prevention requirements (Elnashai and 
Sarno 2008). The peak roof displacement and peak 
inter-story drift are determined directly through the analysis. 
 
 
5. INFLUENCE OF DURATION  
  
    In order to investigate the correlation between 
strong-motion duration and structural behavior, the peak roof 
drifts (Figs. 6 and 7) and peak inter-story drifts (Figs. 8 and 
9) at each floor level were plotted against strong-motion 
duration (SMD) for both 4-story and 8-story buildings. 
    The results showed that there is no correlation between 
peak response indicators and SMD for both 4-story and 
8-story buildings.  However, it is important to note that, the 
earthquakes having same SMD can produce larger drift 
variations (up to 2 times) although they are matched to the 
same design spectrum.  This observation is in agreement 
with the work carried out by the Lin at el. (2010).  This is 
an important consideration since matching to the elastic 
design response spectrum is currently the most widely used 
technique in dynamic analysis of structures. 
    Another important consideration is the minimum 
number of records to be used in inelastic dynamic analysis in 
order to grasp the structural behavior, since the peak 
response can be drastically change for earthquakes having 
similar SMD. Currently, the minimum number of records 
required to be used in inelastic dynamic analysis by various 
design codes are based on the guidance of the 1994 Uniform 
Building Code. The document state that, maximum response 
should be used if three records are used, while average 
response may used if seven or more records are used. 
However, according to Hancock et al. (2008) the code 
drafting committee made this recommendation based on 
what they considered to be reasonable number in design 
office and it has no scientific basis. Other than that, the work 
carried out by Hancock et al. (2008) found that, the number 
of accelerograms required systematically reduces as one 
applies more constraints on the scaling and matching which 
can be potential solution to the problem. However, it may be 
difficult to implement such practice in a design office 
environment.  
    In spite of that, it can observe that the, variation in 
inter-story drifts for 4-story building is within well define 
band while 8-story building shows outliers.  This behavior 
can be explained by the means of higher mode effect on 
8-story building where as the 4-story building governs by the 
1st fundamental period of the structure. 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
6. DISCUSSION AND CONCLUSIONS  
 
    The objective of this study is to investigate the 
correlation between the damage indicators (as discussed in 
Sec 4.2) and strong-motion duration. For that purpose 
4-story and 8-story frames buildings were analyzed for 30 
accelerograms selected to have a range of duration from 5 s 
to 150 s. The accelerograms were matched to the 
5%-damped design response spectrum in order to remove 
the effect of the spectral amplitude on the behavior of the 
structure.  
    The results from the study showed that there is no 
correlation between the displacement based response 
indicators and the strong-motion duration. However 
strong-motions with nearly the same duration can result in 
large variation of drift (more than twice) which is considered 
to be significant even though the strong motions were 
matched to the same target spectrum. This is an important 
consideration since most current seismic codes are likely to 
continue with displacement based damage indicators.  
    Additional research needs to be done on buildings with 
different configurations (e.g, shear wall systems, with 
different heights, etc.) and a larger set of ground motions in 
order to qualify the findings of the present study.  
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Fig. 6. Influence of duration on peak roof drift of   
 4-story building. 
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Fig. 7. Influence of duration on peak roof drift  
 of 8-story building. 
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Fig. 8. Influence of duration on peak inter-story drift of 4-story building. 
 
 
 
 
 
  
 
 
 
 
 
 
 
 
  
 
 
 
 
 
 
  
 
 
 

 
Fig. 9. Influence of duration on peak inter-story drift of 8-story building (typical results for 1st, 3rd, 5th and 8th floor). 
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Abstract: This paper presents a study conducted on the seismic behavior of non-seismically detailed old walls. The 
experimental tests were conducted on reconstructed wall specimens of an existing building. The test specimens had 
longitudinal rebars with short lap lengths. The results of the experimental tests were compared with ASCE/SEI 41-06 
provisions. The response of the walls was dominated by rocking. The peak strength and stiffness of the test specimens 
dropped rapidly and significantly after low-level drift cycles; but the test specimens were able to maintain near constant 
reduced strengths to considerably large drift cycles. The test results indicate that ASCE/SEI 41-06’s provisions for 
determining splice strengths are very conservative, and could lead to overlooking the potential danger of wall 
components failing in shear. ASCE/SEI 41-06 provisions also significantly underestimated the ductility capacity of the 
test specimens. 

 

 

1.  INTRODUCTION 

 

The study presented in this paper is based on walls of 

an existing dual system building, located in Wellington, 

New Zealand. The case study building was built in 1928 

prior to the introduction of seismic resistant design 

requirements in the New Zealand building code for the first 

time in 1935. It has one way moment resisting riveted steel 

frames internally and reinforced concrete (RC) walls 

provided around its perimeter as its lateral load resisting 

systems. An assessment conducted to determine the 

performance of the building during a likely seismic event 

found it to be seismic prone and identified the RC walls as 

the critical structural components (Gebreyohaness, Clifton 

et al. 2010).  

RC buildings built in New Zealand, particularly those 

built prior to 1975, weren’t designed and detailed to undergo 

a ductile mode of failure. During the recent earthquake 

series in Christchurch, New Zealand it was observed that 

these buildings responded undesirably, and in some cases 

collapsed catastrophically. The majority of the deaths in the 

6.3 magnitude Christchurch Earthquake on February 22, 

2011 which claimed 181 lives (New Zealand Police 2011) 

are attributed to the collapse of RC buildings built in 1963 

and in 1986 (IPENZ 2011). Therefore, seismic assessment 

and, if deemed necessary, retrofitting of the structural 

components, preferably without loss of heritage attributes to 

the buildings, are crucial steps towards ensuring life safety 

in future earthquakes. 

Old RC walls built before the introduction of seismic 

design requirements in building design codes are lightly 

reinforced. These walls are characterized by the use of a 

single layer of widely spaced plain round longitudinal and 

transverse rebars located in plan at the mid-thickness plane 

of the walls. When the walls are perforated, two additional 

rebars are carried around the openings. The spandrels are 

not provided with diagonal rebars as the primary 

reinforcement for both flexure and shear, instead they are 

reinforced with longitudinal flexural rebars and transverse 

rebars for shear. The transverse and longitudinal rebars in 

these walls are typically insufficient; the amount of 

longitudinal reinforcement is less than what is required to 

generate a ductile response. The flexural rebars are often 

spliced just above the floor levels in potential plastic hinge 

regions and lack proper end anchorages. There is also lack 

of detailing to contain the concrete in the compression zone 

and to prevent flexural reinforcement buckling. The 

concrete is often low quality and low strength.  

In the absence of boundary frame elements or 

considerable longitudinal rebars near the boundaries, lightly 

reinforced wall components undergo a predominantly 

flexural mode of failure (Greifenhagen and Lestuzzi 2005; 

Ireland, Pampanin et al. 2007), although wall components of 

this type have inferior energy dissipation capacity to 

complying walls and are likely not to achieve a desirable 

level of ductility due to the adopted detailing technique. 

A number of investigations have been conducted by 

researchers on inadequately detailed RC columns, beams 

and beam-column joints; however, studies which assessed 

the impact of the inadequate detailing technique on the 

response of wall components are very limited. The 

experimental investigations conducted on RC wall 

components based on relatively old detailing techniques in 

the past either used deformed rebars, e.g. (Ireland, 

Pampanin et al. 2007; Kuang and Ho 2008; Orakcal, 

Massone et al. 2009); or were doubly reinforced, e.g. 
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(Greifenhagen and Lestuzzi 2005; Ireland, Pampanin et al. 

2007; Kuang and Ho 2008).  

 

 

2.  EXPERIMENTAL PROGRAM 

 

A total of twelve full-scale wall components were built 

in-situ and tested at the Civil Test Hall of the University of 

Auckland as part of a research program envisaged to assess 

the seismic performance of existing buildings in New 

Zealand. Four of the test specimens, which are discussed in 

detail herein, had their longitudinal rebars spliced near their 

bases.  

 

2.1 Description of test specimens 

The actual dimensions and reinforcement configuration 

of walls components found in the case study building were 

used in the construction of the test specimens. The 

thicknesses of the walls in the case study building range 

from 150mm to 230mm. Two of the test specimens were 

subjected to axial loads which are approximately 5% of the 

section capacities. Table 1 summarizes the dimensions of 

the test specimens and the level of axial load applied on the 

test specimens. 

 

Table 1. Test matrix 

Test 

specimen 

lw 

mm 

h 

mm 

t 

mm 
M/Vlw

* 
N 

%Agf'c 

WPS5 1300 2400 150 0.92 0 

WPS6 1300 2400 230 0.92 0 

WPS7 1300 2400 150 0.92 5 

WPS8 1300 2400 230 0.92 5 

*Shear span-to-depth ratio 

 

In the case study building, a single layer of 

reinforcement consisting of 3/8 inch (10mm) diameter plain 

round rebars is provided to all wall types at 305mm centers 

spacing located at their mid-thickness plane in both the 

horizontal and vertical directions. In addition, two 1/2 inch 

(12mm) diameter rebars are carried around all openings. 

The rebars are spliced just above the floor levels with lap 

lengths of 305mm and 457mm for the 10mm and 12mm 

diameter rebars respectively, with no transverse reinforcing 

bar enclosing the lap. The concrete used in this building has 

a mean compressive strength of 21MPa, which was found 

from core samples of concrete extracted from the building. 

Rebar configuration of the four test specimens is presented 

in Fig. 1. 

During the construction of the test specimens a 

concrete compressive strength of 21MPa was targeted to 

reflect the strength of concrete within the existing walls. In 

addition, Grade 300 plain reinforcing bars were used, as 

these are close to the strength of the nominal Grade 240/250 

rebars used during at the time of the construction of the 

building (NZSEE 2006). As presented in Table 2, some of 

the boundary rebars used in the tests were supplied as Grade 

500. This was known after the walls were tested. Material 

properties of the test specimens are presented in Table 2. 

 

 

Figure 1: The test specimens 

 

Table 2. Material properties 

 

Longitudinal 

and transverse 

rebars 

Boundary 

rebars 
Concrete 

Test 

specimen 

fy , fyt 

MPa 

fult 

MPa 

fy 

MPa 

fult 

MPa 

f'c 

MPa 

WPS5 348 487 516 662 29.4 

WPS6 348 487 516 662 24.8 

WPS7 344 456 305 438 21.3 

WPS8 344 456 305 438 22.5 

 

 

2.2 Test setup and Instrumentation 

The wall components were built on RC foundation 

blocks which were then anchored to a strong floor, to 

provide a fixed condition at the base. The foundation blocks 

also provided anchorage to the longitudinal rebars. RC 

blocks were constructed on the top of the test specimens to 

maintain continuity of the longitudinal rebars and to 

facilitate a smooth transfer of gravity and lateral loads to the 

test specimens. Out-of-plane movement of the test 

specimens was prevented using channel section provided on 

both sides and parallel to the top RC blocks (Refer to Fig. 

2).  

The axial loads were applied using four high strength 

bars positioned parallel to the centerline and down the sides 

of the test specimens and anchored to the strong floor. Each 

pair of bar was connected to cross beams, and the cross 

beams were loaded simultaneously using jacks placed 

underneath the cross beams. The jacks were monitored to 

keep the axial loads relatively constant throughout the tests. 

In addition, coil springs were employed at the base of each 

bar underneath the strong floor to prevent the high strength 

bars from contributing to the stiffness/strength of the walls. 

The test specimens were subjected to a double bending 

loading condition using a steel loading beam mounted on 

and anchored to the top RC Block. This loading condition is 

representative as closely as possible to the fixed-fixed sway 

support condition of walls in multi-storey buildings.  
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400 mm

600 mm

1300 mm
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230 mm

150 mm

800 mm

Ø10mm
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(Ø12mm)

2400 mm

boundary bars

(Ø12mm)
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Load cells were employed to measure the magnitude of 

lateral and axial loads applied on the test specimens. The 

horizontal displacement at the top and the lateral 

displacement profiles of the test specimens were monitored 

using rotary potentiometers. Portal gauges were used to 

measure rocking, flexural, shear and sliding deformations at 

the wall-RC loading beam and wall-foundation block 

interfaces. Ten strain gauges per test specimen were 

attached to starter/main longitudinal rebars and transverse 

rebars.  

 

 

Figure 2: Test setup 

 

2.2 Testing procedure 

The wall components were subjected to quasi-static 

cyclic loadings. The loading regime used (refer to Fig. 3) is 

based on the ACI recommended loading sequence for 

assessing performance of new RC structural components 

(ACI 2001). The incrementing sets of three complete 

displacement-controlled reversed cycles shown in were 

applied on the steel loading beam at the mid-height of a 

component being tested using a hydraulic jack mounted on 

the strong wall as shown on Figure 2; unless a premature 

failure has occurred the components were subjected to a 

maximum of 5% drift. 

 

 

Figure 3: Loading regime applied on the test specimens 

 

 

 

4.  OBSERVED BEHAVIOURS AND RESULTS 

 

The inelastic response of all of the test specimens was 

dominated by flexure, which was initially manifested 

through flexural cracks near the top and bottom of the test 

specimens. This was followed by buckling/rupturing of 

longitudinal rebars and spalling of concrete at the extreme 

compression fibers. Minor shear cracks were observed 

during the testings of the thinner test specimens (WPS5 and 

WPS7) near the supports at very low drift cycles (<1%). 

However, these shear cracks closed up, when the test 

specimens underwent drift cycles of more than 1%. For all 

of the test specimens, the shear deformations measured at 

various locations were insignificant. No significant flexural 

deformations were also recorded within the body of the 

panels as well. 

As the testing progressed to intermediate level drift 

cycles (>1%), the flexural cracks became un-symmetric 

about the mid-height of the test specimens, the test 

specimens were rocking about the foundation blocks and the 

cracks at the top nearly closed back (during testing of WPS5 

and WPS6 became almost invisible). This is because the top 

section of the test specimens was not fully restrained against 

rotation, which is the case in actual building for most of wall 

components. At drift levels of more than 1% the top sections 

of the test specimens were undergoing significant rotations 

compared to the bottom sections and initiated an upward 

shifting of the inflection points, which in turn led to larger 

bending moments to develop at the bases of the test 

specimens and damage to be localized at that location. 

The predominantly rocking responses were 

accompanied by significant slips along the splice lengths 

and limited sliding at the wall-foundation block interfaces. 

No sliding took place at the wall-RC loading beam 

interfaces. The 150mm thick walls (WPS5 and WPS7) 

experienced significant crushing and spalling of concrete at 

all corners, while the 230mm thick wall with no axial load 

(WPS6) experienced none and the one with axial load 

(WPS8) experienced relatively limited crushing and spalling 

at the base edges only. 

 

Table 3. Test results 

Test 

specimen 

Vu 

kN 

Drift at Vu 

% 

Vn
*
 

kN 
Vu/Vn 

WPS5 199 0.35 195 1.02 

WPS6 194 0.44 197 0.98 

WPS7 231 0.36 233 0.99 

WPS8 271 0.50 278 0.97 

*Nominal flexural strength determined using ACI 318-05 provisions and assuming the splices 

are able to develop the experimentally determined rebar yield strengths 

 

The experimentally obtained peak strengths and the 

corresponding drifts are presented in Table 3. The walls 

were able to develop 97-102% of the yield strengths 

computed using ACI 318-05 provisions. The calculations 

were made assuming the splices are able to develop the 

experimentally determined yield strength of the rebars. This  
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Figure 4: Lateral force vs top displacement/drift 

response of the test specimens  

 

 

 

 

 

Figure 5: Relative energy dissipation ratios of the test 

specimens  
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Figure 6 Stiffness degradation of the test specimens  

 

 

 

Figure 7: Strength degradation of the test specimens  

 

was confirmed through readings of strain gauges attached to 

the rebars; the readings indicate that the peak strengths were 

reached just after or prior to yielding of the spliced rebars at 

the edges. The peak strengths of the test specimens dropped 

rapidly and significantly after very low level drift cycles 

(Refer to Fig. 4); however, as shown in Fig. 7, the walls 

were able to maintain at least 50% of the peak strength to 

drift levels of up to 3.5%. Fig. 6 presents how the stiffness 

of the test specimens degraded as they were subjected to 

increasing levels of drifts. Immediately after the 1% drift 

mark the stiffness of the test specimens degraded quite 

significantly to less than 10% of the initial stiffnesses and to 

1% of the initial stiffnesses as the drifts get larger. All 

exhibited a low level of energy dissipation capacity (Refer 

to Fig. 5). 

 

 

3.  COMPARISON WITH ASCE/SEI 41-06 

RECOMMENDATIONS  

 

Section C6.7.1 of ASCE/SEI 41-06, Seismic 

Rehabilitation of Existing Buildings (ASCE 2007), 

categorizes the response of RC walls based on aspect ratio. 

According to ASCE/SEI 41-06 walls with an aspect ratio of 

less than 1.5 are considered to be squat and their response is 

controlled by shear. Walls with an aspect ratio of more than 

3 are assumed to be slender and their response is controlled 

by flexure. The response of walls with intermediate aspect 

ratios is considered to be controlled by both flexure and 

shear.  

ASCE/SEI 41-06 refers to Chapter 21 of ACI 318-05 

(ACI Committee 318 2005) to calculate the shear strength 

of existing RC wall components. When determining the 

yield and nominal shear strengths using provisions of ACI 

318-05, ASCE/SEI 41-06 limits strength of rebars to 1.0 

times the specified yield strengths. The nominal 

shear-friction strength of RC wall components across a 

sliding plane perpendicular to shear-friction rebars can be 

determined using provisions of Section 11.7 of ACI 318-05. 

For the flexural strength of RC wall components 

ASCE/SEI 41-06 refers to the basic principles outlined in 

Chapter 10 of ACI 318-05; but it requires using expected 
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yield strengths of the longitudinal rebars instead of specified 
minimum yield strengths. When determining flexural yield 
strengths of walls with no boundary members, ASCE/SEI 
41-06 requires considering only the longitudinal rebars 
within the outer 25% of the wall cross-section; but when 
determining the nominal flexural strengths, it requires 
considering all the longitudinal rebars within the wall 
component cross-section. 

For required development lengths ASCE/SEI 41-06 
refers again to provisions of ACI 318-05. In addition; it 
specifies development lengths for plain round rebars to be 
taken as twice what is required for deformed rebars. When 
the splice lengths of rebars within the existing components 
are found to be inadequate, ASCE/SEI 41-06 requires the 
maximum stress that can develop within the spliced rebars 
to be determined as follows 

 
      fs = (lb/ld)fy (1) 

 
where fs is the splice strength, lb is the provided lap 

length and ld is the required lap length according to ACI 
318-05. 

Table 4 presents comparisons of the provided and the 
required development lengths. As ASCE 41-06’s provisions 
appear to be too conservative, the provided lap lengths were 
compared with an equation recommended in a proposed 
supplement to ASCE 41-06 (Elwood, Matamoros et al. 
2007). The equation which is a modified version of Eq. 1 
and is based on the work of Cho and Pincheira (Cho and 
Pincheira 2006) is: 

 
      fs = 1.25 (lb/ld)

2/3 fy  ≤  fy (2) 

 
Table 4. Ratios of provided and required lap lengths 

 Longitudinal rebar splices 

Test 
specimen 

lb /ld 
*
 

10 

lb /ld 
†
 

12 

lb /ld 
*
 

12 

lb /ld 
†
 

12 

WPS5 0.63 0.92 0.53 0.82 

WPS6 0.58 0.87 0.49 0.77 

WPS7 0.54 0.83 0.76 1.04 

WPS8 0.56 0.84 0.78 1.06 
*ratio of provided and required development lengths according to Eq. 1 
†ratio of provided and required development lengths according to a proposed supplement to 
ASCE 41-06 (Elwood, Matamoros et al. 2007). 

 
The strength of the test specimens calculated based on 

both recommendations are compared with the test results in 
Table 5. As shown in Table 4 and Table 5, both ASCE/SEI 
41-06 and the proposed supplement provisions significantly 
underestimate the actual strength of the splices and therefore 
the peak strength of the test specimens. Similar observations 
were made by studies conducted on RC column test 
specimens with short splices. Melek and Wallace (Melek 
and Wallace 2004) noted that their columns were able to 
develop 97 to 103% of the calculated yield moments, 
although the provided lap lengths were approximately 67% 

of what is required by current standards. Similarly, Cho and 
Pincheira (Cho and Pincheira 2006) reported this approach 
had underestimated the peak load that could have been 
carried by their test specimens by an average of 28% . This 
conservative approach could lead to underestimating the 
flexural strengths and overlooking the potential danger of 
components failing in shear during an earthquake. 

 
Table 5. Measured and calculated yield strengths 

Test 
specimen 

Vu 

kN 
VA/S

*
 

kN 
Vpr

†
 

kN 
Vu/VA/S Vu/Vpr 

WPS5 199 81 150 2.46 1.33 

WPS6 194 72 137 2.69 1.42 

WPS7 231 182 209 1.27 1.11 

WPS8 271 237 263 1.14 1.03 
*Flexural strength based on ASCE/SEI 41-06 
† Flexural strength based on the proposed supplement to ASCE 41-06 (Elwood, Matamoros et al. 
2007). 

 
Moment-curvature backbone curves provided by 

ASCE/SEI 41-06 for flexure dominated RC wall 
components is presented in Fig. 8. Table 6-5 of ASCE/SEI 
41-06 presents recommended values of effective stiffnesses 
corresponding to the secant values at the yield points of wall 
components (point B in Fig. 8). Effective stiffness of 
components dominated by flexure are also permitted to be 
determined using the following yield curvature, θy, equation 
(ASCE/SEI 41-06 Eq. 6.6)  

 
      θy = (My/EI)lp (3) 

The assumed plastic hinge length, lp, is set to be equal 
to half of the flexural depth of the component, but should 
not be less than half of the height of the component under 
consideration. The yield and nominal strengths (points B 
and C respectively) can be determined as discussed above. 
Values of the variables on the curve (a, b, and c) are to be 
determined using Table 6-18 of ASCE/SEI 41-06.  

 

 

Figure 8: Backbone curve for flexure dominated RC 
components (ASCE/SEI 41-06)  

 
A comparison of the test results with ASCE/SEI 41-06 
backbone curves (Refer to Fig. 9) shows that the provisions 
also significantly underestimate the ductility capacity of the 
test specimens. Given that all these tests were undertaken at 
quasi-static rates of loading and that the splice strength 
under seismic-dynamic rates of loading are expected to be  
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Figure 9: Comparison of test results with ASCE/SEI 

41-06 backbone curve  

 

higher, in practice the effects could be more pronounced 

than this testing has indicated. 

 

 

5.  CONCLUSIONS 

 

A study has been undertaken on the seismic behavior 

of existing walls constructed before the introduction of 

seismic design requirements. The experimental tests were 

conducted on reconstructed wall specimens of an existing 

building. The longitudinal rebars of the test specimens were 

spliced near the base of the test specimens. The provided lap 

lengths were too short by current standards. Finally, the 

results of the experimental tests were evaluated and 

compared with current assessment provisions. Based on this 

study the following conclusions are drawn: 

1. When lightly reinforced existing walls with no 

adequately reinforced and confined boundary zones or with 

no boundary frame elements are subjected to seismic loads,  

they exhibit a predominantly rocking response accompanied 

by significant slip along the splice lengths.  

2. This type of walls do not develop distributed flexural 

cracks and have a limited energy dissipation capacity, 

mainly due to provision of less reinforcement than required 

to generate a ductile response and lack of detailing to 

confine the compression zones. 

3. The peak strengths and stiffnesses of these walls 

drop significantly after very low drift cycles; but they are 

able to maintain the reduced strengths to a relatively high 

level drift cycles with no further appreciable strength 

degradations. 

4. Given the provided lap lengths are shorter than what 

is required by ASCE/SEI 41-06, slip along the splice lengths 

at load levels less than that are required to initiate yielding 

of the rebars is expected. However, the spliced rebars were 

able to develop stresses close to the experimentally 

determined yield stresses of the rebars, indicating that the 

strengths of plain round rebar splices are significantly higher 

than those implied by ASCE/SEI 41-06 even under 

quasi-static loading. 

5. The relatively recent recommendations of the 

proposed supplement to ASCE/SEI41-06 also underestimate 

the strength of these splices, but to a lesser extent. Therefore, 

development length equations for plain round rebars need to 

be developed based on a separate study rather than based on 

equations developed for deformed rebars; taking 

development lengths for plain round rebars as twice what is 

required for deformed rebars is possibly too conservative as 

well. 

6. The conservative approach of ASCE/SEI 41-06 

could lead to unnecessary/expensive retrofitting solutions; it 

might also lead to overlooking the potential danger of 

existing wall components failing in shear during an 

earthquake before the actual strength of the splices is 

exceeded. 
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Abstract:  This study investigates the shear resistance of fiber-reinforced concrete (FRC) beams, which is one of 
alternatives for improving seismic performance of structures nowadays since the addition of fibers can enhance the shear 
strength and ductility. The objective of this paper is to evaluate the shear contribution of fibers in FRC beams based on 
the fracture mechanics. FRC beams with stirrups and fibers were tested under four-point loading test and the parameter 
was the material type and length of fibers. Steel fibers with length of 30 mm and 60 mm and polypropylene fibers were 
used. The tension softening curve was used for calculating the force transferred across the diagonal crack from its width, 
which was measured through the image analyzing system. The shear carried by fibers equaled to the stress multiplied by 
the crack surface area. The validity of the evaluation method was verified by comparison with the experimental results. 
This study indicates that the use of tension softening curves is applicable for investigating the stress across the diagonal 
crack of FRC beams.  

 
 
1.  INTRODUCTION 
 

In reinforced concrete (RC) beams, when principal 
tensile stress within the shear span exceeds the strength of 
concrete, diagonal crack initiates and leads the failure of 
beams. This failure always occurs quickly due to the brittle 
behavior of plain concrete in tension. This brittle manner has 
been considered as a serious issue for the safety of society 
especially for Japan, where great earthquake has high 
possibility to occur. One of the ways to converting the brittle 
characteristics of RC beams to ductile one is the addition of 
fibers since not only fibers can resist the formation and 
growth of cracks but also allow to transfer the stress across 
the cracks. Hence, fiber-reinforced concrete (FRC) beams 
have higher shear strength and ductility than conventional 
RC beams (Li 1992 and Watanabe et al. 2010).  

Japan Society of Civil Engineers (JSCE) has proposed 
the design guidelines for steel fiber reinforced concrete 
(JSCE 1999). However, only steel fibers are considered in 
the guidelines since the shear capacity of FRC beams with 
other types of fibers has not been satisfactory clarified. The 
authors (Jongvivatsakul et al. 2011) have proposed the 
evaluation method for the shear carried by steel fibers of 
steel fiber reinforced concrete beams using tension softening 
curves. However, the method has not been validated with 
FRC beams with the other fibers. The main objective of the 
paper is to evaluate the shear contribution of fibers in FRC 
beams considering material type and length of fibers using 
tension softening curves. In this paper, the tensile stress 

transferred across the diagonal crack is examined using the 
relationship of tension softening curves and crack surface 
displacement of diagonal crack, which is the displacement of 
crack in the direction of crack’s movement. The tension 
softening curve is effective to explain the mechanism of 
FRC beams since it presents the post-cracking behavior and 
express the resistance of concrete against crack development. 
The shear contribution of fibers can be obtained from the 
summation of forces transferred across the diagonal crack.  

Three FRC beams with various material type and 
length, which were steel fibers having length of 30 mm, steel 
fibers having length of 60 mm and polypropylene fibers with 
30 mm length, were tested to investigate the shear carried by 
fibers. The effect of each fiber is discussed in this paper. The 
comparison between the experimental values and the 
calculated values is presented for the validation of the 
proposed method. 

 
 
2.  EXPERIMENTAL PROGRAM 
 
2.1   Materials 

The materials used in this study were high-early 
strength portland cement, river sands, coarse aggregates, 
high-performance air-entraining water-reducing agent (1.1% 
by weight of cement), and fibers. Table 1 shows mix 
proportion of concrete. Fiber name and properties of fibers 
used in this paper are summarized in Table 2. Three types of 
fibers were incorporated into concrete included steel fibers 
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with length of 30 mm (SF30) and 60 mm (SF60) and 
polypropylene fibers (PP). The volume fraction of fiber was 
identical as 1.0 % of full volume of concrete in all 
specimens.  
  
 2.2  Specimens 

Figure 1 shows the dimension and reinforcing bar 
arrangement of a FRC beam. The specimens were 
rectangular FRC beams. The shear span (a) was 700 mm 
and effective depth (d) was 250 mm. The shear span to 
effective depth ratio (a/d) was 2.8. The longitudinal 
reinforcement ratio (pw) was 2.7 %. The longitudinal 
reinforcing bars were deformed steel with 25.4 mm of the 
nominal diameter and yield strength of 1006 N/mm2. The 
stirrups with deformed steel of 6 mm in the diameter were 
arranged as the shear reinforcement. The yield strength was 
315 N/mm2. Two round bars with the diameter of 6 mm 
were used as compression bars with the yield strength of  
304 N/mm2. All specimen was controlled to fail in right span 

by providing the less number of stirrups in the right span as 
shown in Fig. 1. Stirrups ratio in the test span (rw) was 
0.30% in all specimens.  

Table 2 presents the experimental cases. Three FRC 
beams were prepared, varying the type of fibers. The 
specimens were named according to the type of fibers used 
in the beams.    

 
2.3  Testing Procedure  

The tests were conducted 7 days after casting. Figure 1 
shows the detailed loading arrangement along with the 
location of loading points and strain gauges. Specimens 
were subjected to a four-point bending with 
simply-supported condition. 

 
2.4  Measuring Items  

During the loading test, measuring items were applied 
load, displacements of mid span and supporting point using 
four transducers, and strain of longitudinal steel bars and 
stirrups. The strain of longitudinal steel bars was measured 
at mid span by strain gauges while the strains of stirrups 
were measured at the locations that diagonal crack was 
expected to occur as shown in Fig. 1.  

Moreover, the crack surface displacement, which is the 
total displacement of crack on the direction of principal 
tensile strain, was measured from the image analyzing 
system developed by Higashi et al. (2009). In order to 
perform the image analysis, red targets with diameter of 5 
mm were attached on the specimen surface with an interval 
of 20 mm. The image analyzing system can investigate the 
coordinate of these targets throughout the test span. As a 
result, the surface strain and crack surface displacement can 
be calculated. During the loading test, photos of the 
specimen were taken by every 5 kN of the shear force by 
using three digital cameras fixed on tripods. A picture of 
loading test is shown in Fig. 2.  

In addition, length and angle of diagonal crack were 
measured from the visible diagonal crack at the peak load by 
using the image processing software. The images taken for 
measuring the crack surface displacements were also used to 
measure the crack length and angle of diagonal crack.  

Table 1  Mix Proportion of Concrete 
Maximum size of Water-cement Sand-aggregate Unit weight (kg/m3) 
coarse aggregate ratio W/C ratio s/a 

Water Cement 
Fine Coarse 

Superplasticizer 
(mm) (%) (%) aggregate aggregate 

20 35 53.1 165 471 917 790 5.2 

Table 2  Properties of Fibers 

Name Type Length 
(mm) 

Diameter 
(mm) 

Aspect ratio 
(l/d) 

Density 
(kg/m3) 

Elastic 
Modulus 
(kN/mm2) 

Tensile 
Strength 
(N/mm2) 

End 

SF30 Steel fiber 30 0.62 48 7850 210 1050 Hooked 
SF60 Steel fiber 60 0.90 65 7850 210 1050 Hooked 
PP Polypropylene 30 1.60.6 - 910 15 470 Straight 

C L 

30
0 

100 700 200 

D6 

D25 

Test span : Strain gauge 
6 

100 
Unit: mm 

Figure 1  Outline of a FRC Beam 

150 

LED 

Specimen 
Three cameras

140 

1800 

Figure 2  Preparation for Image Analyzing System 
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3.  RESULTS AND DISCUSSIONS   
 
3.1  Shear Capacity of FRC Beams and Shear 
Contribution by fibers  

Shear capacity of FRC beams (Vcal) and the shear 
carried by concrete (Vc) can be calculated from Eqs. (1) and 
(2) following the JSCE design guidelines (1999). While 
shear carried by stirrups (Vs) was obtained from Eq. (3).  

 
   sccal VVκV  1            (1) 

  
 dbpd/f.V wwcc  343 100100020   (2) 

 
  /scotθzfAV wyws    (3) 

 
where,  is the coefficient representing the effect of fibers 
(=1.0), fc is the compressive strength of concrete (N/mm2), 
d is the effective depth (mm), pw is the longitudinal 
reinforcement ratio (), bw is the web thickness (mm), Aw is 
the cross section area of stirrups (mm2), fwy is the yield 
strength of stirrups (N/mm2), z is the distance between the 
horizontal compression and tension members (z=7/8d) (mm), 
 is the angle between the diagonal crack and horizontal line 
(degree), and s is the stirrups spacing (mm).  

The experimental value of the shear carried by fibers 
(Vfexp) was investigated by Eq. (4) and experimental value of 
 was calculated by using Eq. (5). 

 
 scexpfexp VVVV      (4) 

 cfexpexp V/Vκ     (5) 

 
Table 3 summarizes the concrete properties, 

information of diagonal crack, calculated shear forces and 
shear forces obtained from the experiment. The shear 
capacity (Vexp) of SF60 was the highest among three 
specimens. The difference of shear carried by concrete (Vc) 
between each specimen was slight since the compressive 
strength of concrete was not significantly varied. Whereas Vs 
was slightly different in each specimen due to the deviation 
of , which was measured as the angle between the diagonal 
crack and the member axis of the specimen. The values of  
are shown in Table 3. Figure 3 shows average strain of 
stirrups in test span. It was observed that stirrups in test span 
were yielded before ultimate load as shown in Fig. 3. PP led 
the early yielding of stirrups before SF30 and SF60. 
Considering the shear carried by fibers, it was found that 
Vfexp of SF60 was the largest resulting in the largest shear 
capacity. The difference of type of fibers caused the different 
shear capacity and also yielding stage of stirrups.  
 
3.2  Load-Deflection Relationship  

Figure 4 shows the relationship between applied load 
and the mid span deflection. The load-deflection response 
was linear prior to cracking. After the initiation of first 
flexural cracking, the load-deflection response changed to 
non-linear behavior. Later, the diagonal crack was observed 
in test span and propagated to loading point and support. In 
the before peak region, the propagation of diagonal crack 
stopped and the slope of load-deflection curve became flat. 

Table 3  Summary of the Calculation and Experimental Results 

Specimen 
Concrete properties Information of diagonal crack Calculation and experimental results 

fc' ft uavg L avg  Vexp Vc Vs Vfexp exp Vfcal Vfexp/Vfcal 
(N/mm2) (N/mm2) (mm) (mm) (°) (°) (kN) (kN) (kN) (kN)  (kN)

SF30 55.3 3.05 0.67 387.3 63.3 36.8 158.8 56.3 41.6 60.8 1.08 72.6 0.84 
SF60 61.9 3.69 1.08 378.3 64.6 38.2 196.3 58.4 39.6 98.3 1.68 96.2 1.02 
PP 57.0 3.14 0.94 428.1 69.2 27.5 170.8 56.9 59.8 54.1 0.95 53.6 1.01 

fc': compressive strength, ft: tensile strength, uavg: average crack surface displacement at the peak, L: total crack length at the 
peak, avg: average angle of principal tensile strain at the peak, : the angle between diagonal crack and horizontal line.  
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Then the diagonal tension failure occurred and concrete in 
compression zone was crushed. The same behavior of 
load-deflection response can be observed in all specimens.  

 
3.3  Diagonal Cracking Behaviour 

One predominant effect of fibers is to resist the growth 
and propagation of crack. A distinguished diagonal crack 
was observed in specimens. The behavior of the diagonal 

crack and the tensile stress transferred across this crack is a 
crucial point. In order to investigate the diagonal cracking 
behavior, specimens were divided into 15 elements with a 
height of 20 mm corresponding to the interval of targets of 
the image analysis as shown in Fig. 5. Crack surface 
displacement (ui), length (Li), angle of principal tensile strain 
(i), and angle of a diagonal crack (i) of each element were 
investigated based on the pictures taken at peak load.  
(1)  Crack surface displacement (u) 

Figure 6(a) presents the value of u along the height of 
diagonal crack at the peak load. Unlike the flexure crack, the 
diagonal crack surface displacement was larger at around the 
middle height of specimens compared with the u at the top 
and the bottom of specimens because there was compression 
zone at top of specimens and restraint by longitudinal 
reinforcing bars at the bottom fiber. Table 3 shows the 
average value of crack surface displacement (uavg) of 
diagonal crack in the region of interest. The region of 
interest was from the height below the compression zone 
until the tip of the diagonal crack in the tension zone, which 
was the same position with the location of tensile bars (Fig. 
5). The compression zone was the height of specimens from 
the top fiber to the location of neutral axis at the peak. The 
neutral axis was calculated from the displacements of targets 
obtained through the image analysis. The region of interest is 
shown in Fig. 6(a).  

The result showed that uavg of SF60 was the widest 
because ui around top fibers showed larger value than SF30 
and PP. The reason of this behavior is because the number of 
steel fibers having length of 60 mm was much less than the 
number of steel fiber having length of 30 mm and PP in the 
specimen since the volume of fiber was kept at 1.0% in all 
beams.   
(2)  Diagonal crack length (L) 

The crack length (L) is the length of a diagonal crack in 
the region of interest. PP provided longer diagonal crack 
length than specimens with steel fibers (SF30 and SF60) as 
shown in Table 3 since the diagonal crack of PP near bottom 
fiber had low inclination of crack.    
(3)  Angles of principal tensile strain () and diagonal crack () 

The angles of principal tensile strain (i) and diagonal 
crack (i) were measured at the same position with ui. Table 
3 presents the average value of i in the region of interest. 
avg did not change significantly among these specimens. On 
the other hands,  of SF60 was larger than the others. 
 
 
4.  SHEAR CONTRIBUTION OF FIBERS USING 
TENSION SOFTENING CURVES   
 
4.1  Tension Softening Curves  

Tension softening curve, which is one of the fracture 
mechanics parameters, is the effective tool for converting 
crack surface displacement to tensile stress since it presents 
relationship between tensile stress and crack opening 
displacement in the fracture zone. 
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The curves were obtained from the bending tests of 
notched beams conducted according to the standard of Japan 
Concrete Institute (JCI) (2003). The tension softening curves 
of three types of fibers are shown in Fig. 7. Table 4 lists the 
compressive strength and fracture energy of concrete of 
those notched beams. By using a least-square data-fitting 
procedure based on solution of an inverse, the shape of 
bilinear curves of tension softening diagram can be proposed 
as shown in Table 4.  

As seen in Fig. 7, the tension softening behavior was 
different depending on type of fibers. The fiber reinforced 
concrete with 30-mm steel fiber provided the highest peak 
stress and can resist the highest stress in the early stage of 
post-peak region. However, after u reached about 0.15 mm, 
the tension softening curve of 60-mm steel fibers can 
transfer the highest stress in the post peak region. It is 

because the great number of SF30 helped to resist the stress 
in the early stage of cracking. Nevertheless, the 60-mm steel 
fibers showed better post peak behavior when u was wider 
that 0.15 mm. The synthetic fiber, which is polypropylene in 
this paper, resisted the lowest stress comparing with steel 
fibers at the same crack opening.        
 
4.2  Proposed Evaluation Method   

The shear carried by fibers was investigated using 
tension softening curves. Calculation procedures of the shear 
carried by fibers in this study are shown in Fig. 8. The crack 
surface displacement of each element was converted to the 
tensile stress transferring along the diagonal crack by using 
the relationship of tension softening curves listed in Table 4. 
The results of tensile stress along the height of diagonal 
crack at peak load are shown in Fig. 6(b). The larger stress 
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Table 4  Properties of Notched Beams and Expression of Tension Softening Curves 

Type 
Properties of notched beams 

Expression Compressive strength 
(N/mm2) 

Tensile strength 
(N/mm2) 

Fracture energy 
(N/mm) 

SF30 56.6 4.1 3.26 
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PP 58.8 3.9 3.02 
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Figure 7  Tension Softening Curves 
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could be resisted at top and bottom parts of specimens due to 
the smaller crack surface displacement. SF60 can resist the 
highest stress across the diagonal crack resulting in the 
largest Vfexp, whereas PP resisted the relatively low stress 
across the diagonal crack. 

By considering the force acting at a diagonal crack in a 
FRC beam due to the effect of fibers (Fig. 5), the shear force 
carried by fibers is equal to the stress multiplied by the 
area of crack surface normal to direction of . The vertical 
component of force with consideration of  is the shear 
carried by fibers (Vfi). The stress and shear forces were 
calculated for element by element. As seen in Fig. 5, the 
force along the diagonal crack is obtained from the portion 
below the compression zone to the tip of diagonal crack in 
the tension zone and this zone is called the region of interest 
as mentioned before. The summation of forces in region of 
interest is the shear carried by fibers. Consequently, the shear 
carried by fibers (Vfcal) can be expressed as follows 
(Jongvivatsakul et al. 2011): 

 

   



n

i
iiiwifcal βθβLbσV

1
isin90cos    (6) 

 
where, n is number of elements in the region of interest 
(n=11),  i is the tensile stress of element i (N/mm2), Li is the 
length of diagonal crack of element i (mm), i is the angle of 
principal tensile strain of element i (degree), and i is the 
angle of diagonal crack of element i (degree). 

Table 3 summarized the result of calculated shear 
contribution of fibers (Vfcal) using Eq. (6) and the 
experimental value (Vfexp) given by Eq. (4). Figure 9 presents 
the comparison of the experimental results and calculated 
values. The mean value of the experimental value to 
calculated value of the shear carried by fibers was 0.96 with 
the coefficient of variation (C.V.) of 10.7%. Therefore, it can 
be implied that the proposed method can evaluate the shear 
carried by fibers of FRC beams. This method can be used 
even the material types and length of fibers were varied 
since the tension softening curve can reflect the 
characteristic of each fiber. The applicability of tension 
softening curves to examine the stress transferred across the 
diagonal crack of FRC beams was proved. However, due to 
the limitation of number of specimens in present study, a 

number of specimens with various types of fibers should be 
tested in the future in order to validate the applicability of the 
proposed method.   
 
 
5.  CONCLUSIONS 
 

In this study, three FRC beams with stirrups and various 
types of fibers were tested to evaluate the shear contribution 
of fibers using tension softening curves. The volume fraction 
of fibers was 1.0% to concrete volume in all specimens and 
amount of stirrups was 0.30%. Base on the results, the 
following conclusions were obtained.  
1)   Shear capacity of FRC beams with 60-mm steel fiber 

was the largest comparing with 30-mm steel fiber and 
polypropylene because 60-mm steel fiber revealed the 
highest shear contribution by fibers. 

2)   The crack surface displacement of FRC beams around 
the middle height of specimens was larger than those 
at top and bottom fibers because there was the 
compression zone at the top fiber and restraint by the 
longitudinal steel bars at the bottom fibers. Specimen 
with 60-mm steel fibers yielded the widest the crack 
surface displacement at the peak load. 

3) The stress transferred across the diagonal crack was 
investigated using the relationship of tension softening 
curves and crack surface displacement. The intensity 
of stress transferred across the diagonal crack at the 
peak load can be ranked from the highest intensity as 
beam with 60-mm steel fiber, beam with 30-mm steel 
fiber and beam with polypropylene, respectively. 

4) The evaluation method of shear contribution of fiber 
was presented. The calculated shear carried by fibers 
showed good correlation with experimental results 
even various material type and length of fibers.  
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Abstract:  The improvement of seismic performance of infrastructures can be satisfied by the application of developed 
Ultra High Strength Fiber Reinforced Concrete (UFC). UFC is one of the cementitious materials which has outstanding 
properties, such as more than 200 MPa compressive strength, high ductility and durability. The permanent formwork for 
RC structures is one of the applications of UFC. However, the research on the performance of the UFC permanent 
formwork is insufficient. The objective of this research is to investigate the shear behavior of RC beams using U-shaped 
UFC permanent formwork. Experimental parameters were presence of shear keys and screwed bolts, thickness of UFC 
permanent formwork and presence of stirrups. A RC beam without UFC formwork was also prepared as a reference 
specimen. The specimens were subjected to 4-point bending. The experimental results indicated that UFC permanent 
formwork enhanced shear capacity of RC beams. Moreover, shear capacity increased with increasing in thickness of UFC 
formwork. However, it was not proportional to thickness of UFC formwork. In addition, the shear resistance mechanisms 
were investigated. By using UFC formwork with shear keys and screwed bolt, UFC formwork intercepted widening of 
diagonal crack inside RC by shear keys and screwed bolt. 

 
 
1.  INTRODUCTION 

 

In order to mitigate the seismic risk and social damage, 

the improvement of seismic performance of infrastructures 

is required. Since 1995 Great Hanshin earthquake, the 

standards specifications of Japan Society of Civil Engineers 

(JSCE) for seismic design of reinforced concrete structures 

(2002) has started to be revised. As a result, in order to 

prevent the shear failure in reinforced concrete (RC) 

members which is well known as brittle behavior, many 

structures have required a large amount of shear reinforcing 

bars and concrete became difficult to be filled up in casting. 

This demand can be achieved by the utilization of recently 

developed Ultra High Strength Fiber Reinforced Concrete 

(UFC). UFC is an advanced cementitious material which has 

outstanding properties, such as more than 200 MPa 

compressive strength, high ductility and durability (Katagiri 

et al. 2002). Kakei et al. reported that shear carrying capacity 

of UFC beams significantly enhanced by bridging effect of 

steel fibers contained in UFC (Kakei et al. 2004). 

 Thus, newly-construction methods of UFC have been 

developed and started to be used. The permanent formwork 

for RC structures is one of the applications. The definition 

for permanent formwork derived from CIRIA C558 is, the 

permanent formwork is a structural element of whatever 

material that is used to contain the placed concrete, mold it 

to the required dimensions and remain in place for the life of 

the structure (Wringley 2001). Shirai et al. reported that UFC 

formwork left in-place increased durability against chloride 

attacks, abrasion, and impact wear (Shirai et al. 2008). 

However, the research on the mechanical performance of the 

UFC formwork is insufficient. Also considering the 

relatively outstanding mechanical properties, UFC 

permanent formwork may improve the load bearing 

capacity.  

Because of the above point of view, this study explored 

construction method for RC beams using UFC permanent 

formwork. Therefore, the purpose of this paper is to 

investigate the mechanical performance of RC beams failing 

in shear with an U-shaped UFC permanent formwork. 

Four-point bending tests of RC beams using U-shaped UFC 

permanent formwork were carried out. The U-shaped UFC 

permanent formwork with shear keys and screws and bolts 

system which provided to fix the UFC permanent formwork 

to the inside reinforced concrete were introduced. Shear 

capacities, crack patterns and failure mechanism were 

investigated.                       

 

 

2.  EXPERIMENTAL PROGRAMS 

 

2.1  Experimental Parameters and Specimens 

The testing variables and specimen’s name are shown 
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in Table 1. The three parameters were selected in order to 

investigate the shear behavior of RC beams using UFC 

permanent formwork. Series I considers the effect of shear 

keys at the internal surface between UFC formwork and 

inside RC and presence of bolts. Series II is for the effect of 

formwork thickness. And series III is for the presence of 

stirrups.  

Figure 1 shows dimension, reinforcing steel bar 

arrangement and cross section of all specimens in series I. 

Figure 2 shows the detail of shear keys used for UFC 

formwork. Ref is the reference specimen in which UFC 

U-shaped formwork is not used. 

In series II, total cross section of the specimen was 

same, but the thickness of UFC formwork was increased to 

30 mm in UFC30-KB specimen in both sides and bottom 

part. 

In series III, the size of the specimen was same as series 

I, and shear keys and bolts were provided. The stirrups were 

provided in UFC20-KB-r, with stirrup ratio was 0.28 % and 

spacing was 240 mm.  

 

2.2  Materials 

The self-compacting concrete was used in this 

experiment, and detail of mix proportion is summarized in 

Table 2. The materials used in the concrete mixes were 

high-early strength cement, lime stone powder, fine 

aggregates, coarse aggregates, viscosity improver and 

superplasticizer, which was high-performance air entrained 

(AE) water reducing agent. The designed compressive 

strength of 7-day age concrete was 35 N/mm2. 

The longitudinal reinforcing bars used in this research 

were deformed steel bar with 22 mm nominal diameter. The 

yield strength was 1026 N/mm2. The deformed steel bar of 

10 mm in diameter was arranged as compression 

reinforcement. The yield strength was 339 N/mm2. 

Mix proportion of UFC formwork is shown in Table 3. 

The steel short fibers with 0.2 mm diameter and 15 mm 

length were used. The volume fraction of steel fibers in all 

specimens was 2.0. 

   

2.3  Specimen Fabrication 

The specimen consists of two parts. One is U-shaped 

Figure 1 Specimens detail 
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Table 2 Mix proportion of concrete 

Gmax W/C Unit weight (kg/m3) 

[mm] [%] W C L S G SP V 

13 57 165 292 249 718 857 4.38 0.25 

W:Water, C:Cement,  L:Lime stone powder, S:Sand, 

G:Coarse Aggregate,  SP: superplasticizer, V:Viscosity improver 

 

Figure 2 Detail of UFC formwork and shear keys  
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Table 3 Mix proportion of UFC 

Flow 
(mm) 

Unit weight (kg/m3) 

Water 
Premix 
binder 

Steel 
fiber 

Water reducing 
agent  

260±20 180 2254 157 24 

 

Name 
Thickness Internal Screw rw 

Series 
(mm) Surface and Bolt (%) 

Ref - - - 0 - 

UFC20-K 20 Keys - 0 
I 

UFC20-SB 20 Smooth Provided 0 

UFC20-KB 20 Keys Provided 0 I, II, III 

UFC30-KB 30 Keys Provided 0 II 

UFC20-KB-r 20 Keys Provided 0.28 III 

 

Table 1 Experimental series 

 

 

{2} {3} {1} 

Stirrups (UFC20-KB-r) 

Meaning of the specimen’s name: UFC20 – S B 

Formwork thickness  Bolt & screw Internal surface 
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UFC permanent formwork which is fabricated in advance. 

The other is, reinforced concrete which is cast in the 

formwork to make a structural component. For example, in 

case of UFC20-KB, after UFC formwork has been already 

fabricated, reinforcing bars were arranged and put in UFC 

formwork, then, screws and bolts were provided. Location 

of the screws and bolts are shown in Fig. 1. After that 

concrete was cast and cured for 7 days.    

 

2.4  Loading Method 

Specimens were subjected to a four-point bending with 

load applied to both the UFC and RC at the same time. To 

satisfy the simple supporting condition, Specimens were 

placed on the roller supports. Teflon sheets and grease were 

inserted between the specimen and supports in order to 

prevent the horizontal friction. At loading points on the top 

surface of the specimen, after the application of gypsum, 

steel plates with 50 mm width, steel rollers and load 

distribution beam were placed. 

 

2.5  Measurement items 

During the loading test, the applied load was measured. 

Mid-span deflection was measured using transducers. Strain 

gauges were used for measuring concrete on the top fiber at 

mid-span. The opening width between concrete and UFC 

formworks was measured by using π gauges. Moreover, the 

strain gauges were attached at top edge of UFC formworks 

and RC to check the compatibility between UFC and 

concrete at support and mid of shear span in the longitudinal 

direction of the beam. 

 

 

3.  EXPERIMENTAL RESULTS AND DISCUSSION 

 

3.1  Increase rate of shear capacities  

Table 4 shows mechanical properties of concrete and 

UFC, and the result of loading tests. From Table 4, 

specimens can be arranged as UFC20-K, UFC20-SB and 

UFC20-KB in order of ratio of shear capacity with 2.42, 

2.58 and 2.78, respectively. It indicates that using the 

Table 4  Mechanical properties of concrete and UFC, and the result of loading tests  

Mechanical properties 

of concrete 

Material properties 

of UFC 

Results of loading test 

Name 

Compressive 

Strength, 
f'c 

(MPa) 

Tensile 

Strength, 
ft 

(MPa) 

Compressive 

Strength, 
f'c_UFC 

(MPa) 

Tensile 

Strength, 
ft_UFC 

(MPa) 

Shear 

Capacity, Vu 
(MPa) 

ratio of shear 

capacity 

Ref 32.8 2.1 - - 69.0 1.0 

UFC20-K 36.6 2.7 191.5 13.9 167.3 2.42 

UFC20-SB 33.5 2.5 192.6 11.4 177.9 2.58 

UFC20-KB 40.36 2.14 184.2 11.9 192.0 2.78 

UFC30-KB 36.24 2.19 181.8 12.0 223.5 3.24 

UFC20-KB-r 36.44 2.69 170.5 12.4 213.8 3.10 
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U-shaped UFC formworks on the cross section of RC beams, 

the shear capacity increased drastically. The shear capacity 

of the beam with providing screws and bolts was larger than 

that with providing shear keys.  Furthermore, the shear 

capacity of the beam with shear keys and providing screws 

and bolts was the largest. 

  

3.2  Load-deflection relationship and crack patterns 

Figure 3 shows the relationship between load and the 

mid-span deflection. Figure 4 shows the crack patterns 

observed after the loading tests. For specimens with UFC 

formwork, the crack patterns of both UFC and inside RC 

part are shown. After the loading test, UFC formwork was 

removed and diagonal crack of inside RC part was observed. 

The bold lines in Fig. 4 represent the critical cracks. 
In the Ref specimen, the first flexural crack occurred 

when the load was 45 kN. The diagonal crack propagated 

when the load was 138 kN as shown in Fig. 4(a).  

In UFC20-K specimen, the flexural cracks initiated 

when the load was 90 kN. When the load reached to the 

peak, the inclined crack located from the support to loading 

point propagated and widened as shown in Fig. 4 (b1). 

In UFC20-SB specimen the first flexural crack 

occurred when the load was 95 kN. When the load reached 

to the peak (355.9 kN), a number of cracks occurred in the 

UFC formwork, and those cracks were connected from bolt 

to bolt as shown in Fig. 4(c1). Figure 4(c2) shows the 

diagonal crack of inside RC part. The critical crack 

penetrated from bolt to bolt and then to the loading point and 

looks very different from those in UFC. 

In UFC20-KB specimen, flexural cracks on the UFC 

formwork appeared when the load was 82 kN. When the 

load reached to the peak (384 kN), the critical diagonal crack 

was propagated and widened, and the crushing of UFC 

under the loading point occurred as shown in Fig. 4(d1). 

Figure 4(d2) shows the diagonal crack of inside RC part. It 

seems that the diagonal crack of inside RC part occurred at 

the same location of that in the UFC permanent formwork. 

 

 3.3  Shear Resisting Mechanism 

The shear resisting mechanisms of UFC20-K, 

UFC20-KB and UFC20-SB were different because of the 

effect of shear keys at the internal surface and effect of 

screws and bolts. The shear resistance mechanism in 

UFC20-K and UFC20-KB specimen are explained below. 

In UFC20-K specimen, although a diagonal crack 

occurred, but UFC on the side of the RC part prevented the 

widening of the diagonal crack, then the interlock action 

became effective, therefore, shear forces could be increased. 

After that, since the load increased until 0.9Pmax, the opening 

width between RC and UFC formwork increased drastically 

at 0.9Pmax as shown in Fig. 5, and the UFC formwork and 

RC part showed different behavior after 0.9Pmax as shown in 

Fig. 6. After that, the load reached to the peak and failure 

occurred. 
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For UFC20-KB, as shown in Fig. 7, strain at the top 

surface at the mid of shear span of RC part and UFC 

formwork showed similar values. So, it can be said that the 

beam have compatibility until the test finished. It is noted 

that the opening width between RC and UFC formwork was 

very small as shown in Fig. 8.  Firstly, a diagonal crack 

initiated in RC part, however, failure did not occur because 

UFC on the sides of the RC part prevented the opening of 

the diagonal crack and the aggregate interlock in RC part 

could be remained. After that, as the load increased, the 

diagonal crack in RC part attempted to widen and UFC 

formwork was still resisting by forces, which were generated 

at the top and bottom of bolts and from the shear key 

interface. As a result, many cracks were observed on the 

UFC formwork as shown in Fig. 4(d1). Then, the main 

diagonal crack on UFC occurred at 0.7Pmax but load was still 

increasing, while the opening width of diagonal crack was 

increasing as shown in Fig. 9.  Then, the load reached to 

peak and failure occurred.  

 

3.4  Effect of Permanent Formwork’s Thickness  

The influence of thickness of UFC formwork is 

discussed based on the experimental results of Ref, 

UFC20-KB and UFC30-KB specimens in series II. 

From Table 4, specimens can be arranged as 

UFC20-KB and UFC30-KB in order of ratio of shear 

capacity with 2.78 and 3.24 percentages, respectively. And 

also Fig. 10 shows that with replacement percentages of 

UFC formwork per total cross section area of beams 

increased with 0, 22.9 and 33.6 %, shear capacity were 69, 

192.0 and 223.5 kN, respectively. It indicates that shear 

capacity of RC beams with using UFC U-shaped permanent 

formwork increased drastically with increasing in thickness 

of formwork but it is not proportional.     

In UFC30-KB specimen, the failure pattern was same 

as observed in UFC20-KB specimen. The shear resisting 

mechanisms of UFC30-KB was also same as observed in 

UFC20-KB specimen as already explained. Therefore, even 

if thickness of formwork increased, shear keys and screws 

and bolts system could contribute the compatibility and 

enough bonding between UFC formwork and RC part. 

  
3.5  Effect of presence of stirrups 

Figure 11 shows the load-deflection relationship of Ref, 

UFC20-KB and UFC20-KB-r specimen. From Table 4, in 

order of ratio of shear capacity, specimens can be arranged 

as UFC20-KB and UFC20-KB-r with 2.78 and 3.10 

percentages, respectively. The crack patterns of UFC 

formwork and RC part in UFC20-KB-r was similar to those 

observed in UFC20-KB shown in Fig. 4(d1) and (d2). 

Moreover, the cracking process of UFC20-KB-r was similar 

to UFC20-KB and UFC30-KB as explained before. 

Figure 12 shows the relationship between load and 

stirrup strain of UFC20-KB-r specimen. Stirrup {1}, {2} and 

{3} are corresponding to those in Fig. 1. Strain of stirrup {1} 

and {2} reached yielding strain before the peak load, but 

stirrup {3} did not reach the yielding strain at that time. It 

indicates that after stirrups yielded, the opening of diagonal 

crack was resisted by UFC formwork, and UFC permanent 

formwork was still carried the load until the peak load.                 

 
 
4.  INVERSTIGATION ON SHEAR CARRIED BY 

UFC U-SHAPED PERMANENT FORMWORK 

 
      The shear carried by UFC permanent formwork was 

investigated. The shear capacity of RC beams using UFC 

U-shaped permanent formwork was assumed to be the 

contributions from shear carried by concrete, stirrups and 

UFC formwork. The calculation method for UFC formwork 

is discussed in this chapter. 
 

4.1  Shear Carried by UFC Permanent Formwork 

Observed in the Experiment 

The shear carried by UFC formwork was calculated by 

subtracting the shear carried by concrete and stirrups from 

the total shear capacity obtained from the loading test as 

calculated from Eq. (1) 
 

scuUFC VVVV                         (1) 

 

where, VUFC  is the shear carried by UFC formwork, Vc is 

the shear carried by concrete, Vs is the shear carried by 

stirrups. 

In this research, the shear carried by concrete was 

obtained by Eq. (2)  

 

(2)  

 

where, Vc is shear capacity of normal RC beam without 

stirrups (kN). 
The shear carried by stirrups was calculated using 

stirrup strain measured by strain gauges.  

 

Table 5 Shear carried by UFC formwork observed in the experiment and obtained in the calculation 

Specimens 

Thickness of 

UFC, t 

(mm) 

Angle, 

θ 

(°) 
 

tensile stress, UFC 

(N/mm
2
) 

VUFC-exp 

=Vexp-Vc-Vs 

(kN) 

VUFC-cal 

(kN) 

Exp/Cal 

 

UFC20-KB 20 22.1 3.8 127.3 118.8 1.07 

UFC30-KB 30 21.0 5.0 160.9 156.3 1.03 

UFC20-KB-r 20 25.3 4.0 102.7 103.0 1.00 
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4.2  Shear Carried by UFC Permanent Formwork 

Obtained in the Calculation 

The shear carried by UFC formwork was 

computationally obtained based on a simplified shear 

carrying model, as shown in Fig. 13. The crack length of 

permanent formwork and the angle of diagonal crack are 

represented by l and θ, respectively. Therefore, the shear 

carried by UFC formwork based on this model is given by 

Eq. (3). 

 





tan

2 dt
V UFC

UFC


                 (3)  

     

where, t is the thickness of UFC permanent formwork, 

and d is effective depth. 

The tensile stress (σUFC) was determined by the 

diagonal crack width measured by using π-gauge and using 

the tension softening curve of UFC measured by Kakei et al. 

(Kakei et al. 2003).  

 

4.3  Result of the Calculation 

Table 5 summarizes the results of experimentally 

observed and computationally obtained shear carried by 

UFC formwork by Eq. (1) and Eq. (3), respectively. In all 

three specimens, the ratio of experimentally observed shear 

carried by UFC formwork to computationally obtained value 

shows good agreement. Thus, the model shown in Fig. 13 

was able to give a reasonable result. This is because the 

diagonal crack on both UFC formwork and RC part was 

located to almost the same position, and also the diagonal 

crack width of UFC was measured. And also it is indicated 

that thickness of UFC formwork greatly affected the shear 

carried by UFC formwork. On the other hand, in case of 

specimens with stirrups, the significant effect on shear 

carried by UFC formwork was not observed.   

 

 
5.  CONCLUSIONS 

 
(1) The shear capacity of RC beams using UFC U-shaped 

permanent formwork with shear keys and bolts 

increased drastically. This is because UFC permanent 

formwork carried shear force and resisted the opening 

of diagonal crack in RC part. 

(2) Shear resisting mechanisms of RC beams using UFC 

U-shaped permanent formwork with shear keys and 

bolts were investigated. By using shear keys and 

screwed bolt system, sufficient compatibility behavior 

between UFC and RC could be formed. And UFC 

formwork intercepted widening of diagonal crack inside 

RC by shear keys and screws and bolts.  

(3) With increasing in thickness of UFC formwork, shear 

capacity of RC beams increased. However, it was not 

proportional to thickness of UFC permanent formwork. 

(4) By providing the stirrups, the shear capacity of RC 

beams with using UFC permanent formwork increased. 

This is because both UFC permanent formwork and 

stirrups intercepted widening of the diagonal crack.  

(5) The shear carried by UFC formwork failed in diagonal 

tension was investigated by using stress obtained from 

the tension softening curve. The computational values 

showed good agreement with the experimental values. 
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Abstract:  The utilization of recently developed high strength materials can satisfy the need for improving the 
seismic performance of infrastructures. However, in case of reinforced concrete (RC) beams, the combination of thin 
web T- or I-shaped cross section and high strength shear reinforcing bars will lead to an uncommon type of shear 
failure known as the diagonal compression failure. This research gathered and analyzed the previous experimental 
results by various researchers regarding to the influence of various parameters on diagonal compressive capacity of RC 
beams. Finally, a simple empirical equation for predicting the diagonal compressive capacity of RC beams was 
proposed. The proposed equation has adequate simplicity and provides an accurate estimation of the diagonal 
compressive capacity of RC beams than the existing equations. 

 
 
1.  INTRODUCTION 
 

In order to mitigate the seismic mega-risk and build 
a safe society for next generations, infrastructures 
nowadays are required to have high seismic performance. 
This demand can be satisfied by the utilization of the 
recently developed high strength materials, e.g. high 
strength concrete with the compressive strength (f′c) 
greater than 100 N/mm2 and high strength reinforcing 
bars with the yield strength (fy) greater than 685 N/mm2. 
Because of their high strength properties, cross-sectional 
area of bridge girders can be reduced which resulting in 
the reduction of dead load transferred into substructure. 
However, in case of reinforced concrete (RC) beams, the 
combination of thin web T- or I-shaped cross section and 
high strength shear reinforcing bars will lead to an 
uncommon type of shear failure known as the diagonal 
compression failure. It is caused by the crushing of web 
concrete prior to the yielding of stirrups. This type of 
failure is hazardous because of its brittle behavior. 

The research on the mechanism of diagonal 
compression failure is insufficient since it is usually 
avoided. The current design equations for the diagonal 
compressive capacity of RC beams of Japan Society of 
Civil Engineers Standard Specifications for Concrete 
Structures-2007 (JSCE 2007) “Design” only considers 
the effect of compressive strength and limits the 
applicability to concrete with f′c up to 50 N/mm2. A new 
equation for diagonal compressive capacity is required.  

Besides, there are limited studies on diagonal 
compression failure in high strength RC beams except 
for by Kobayashi et al. (2009) and by the authors 

(Tantipidok et al. 2011). The effect of f′c, stirrup ratio 
(rw), shear span to effective depth ratio (a/d), flange 
width to web width ratio (bf/bw) and effective depth (d) 
on the diagonal compressive capacity was evaluated. In 
this paper, the previous experimental results were 
gathered and analyzed in order to propose a simple 
predictive equation for the diagonal compressive 
capacity of RC beams. Finally, the accuracy of the 
existing equations was verified and compared to the 
proposed equation in order to evaluate its validity. 
 
 
2.  REVIEW OF THE EXISTING EQUATIONS 
FOR DIAGONAL COMPRESSIVE CAPACITY 
 
2.1  The Equation by Placas and Regan 

Placas and Regan (1971) proposed an empirical 
equation for evaluating the diagonal compressive 
capacity as the following:  

 

 
dbfrV wcwPlacas ')21.004.1( +=  (1) 

 
Factors involving the diagonal compressive capacity in 
this equation are f′c and the stirrup ratio, rw (%). 
Although there is no upper limit of f′c stated in this 
equation, the experimental evidences used to derive this 
equation approximate 35 N/mm2. 
 
2.2  JSCE Standard Specifications 
 

 
dbfV wcJSCE '25.1=  (2) 
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In JSCE Standard, only f′c is considered as the 
influential parameter of diagonal compressive capacity. 
Because this equation was originally proposed for 
application to normal strength cocnrete, it is only valid 
for concrete with f′c not exceeding 50 N/mm2. 

 
2.3 Eurocode2 1992-1-1:2004 

In Eurocode 2 (2004), the strut inclination method 
based on a truss model was used to design members with 
shear reinforcement. Designers can select the values of 
angle of concrete strut (θ) freely from 21.8° to 45°. In 
this paper, to study the most extreme cases, θ was 

assumed to be 45°. Hence, the maximum shear capacity 
which can be sustained by the member, limited by 
crushing of the compression struts, becomes the 
following:  

 

 
dbvfV wcEC '45.02 =  (3) 

 
where; v is a coefficient that takes into account the 
increase of fragility and the reduction of shear transfer by 
the aggregate interlock with the increase of f′c. It may be 
taken to be 0.6 for f′c ≤ 60 N/mm2 and the minimum 
between 0.9-(f′c/200) and 0.5 for f′c > 60 N/mm2. 

 

Figure 1 Dimensions and re-bar layout of beam specimens. 
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Table 1 Experimental results by Kobayashi et al. (2009) and Tantipidok et al. (2011) 

Specimen 
f'c 

[N/mm2] 
rw

 

[%] 
s 

[mm] a/d bf/bw β avg
*1

 

[°] 
Vexp

*2
 

[kN] Specimen f'c 
[N/mm2] 

rw
 

[%] 
s 

[mm] a/d bf/bw β avg
*1

 

[°] 
Vexp

*2
 

[kN] 

A06-s1601) 32 0.63 
160 

3.0 

6.25 

32 59.4 C2-s1601) 115  160 

3.0 

6.25 

35 96.6 

A1-s1601) 33.4 1.0 40.0 58.6 C3-s601) 98.2 3.0 60 - 144.9 

A2-s801) 35.8 2.0 80 35.5 61.6 C4-s451) 99.1 4.0 45 33 167.6 

A3-s551) 35.0 2.9 55 33 61.7 C2-ad351) 109.6 2.0 90 3.5 39.5 122.7 

A2-ad401) 32.0 2.0 

80 

4.0 37.4 68.1 C2-ad401) 104.3   4.0 45 121.1 

A2-ad451) 34.9 2.0 4.5 35 67.0 D-s601) 133 3.0 60 

3.0 

41.7 162.0 

B2-s801) 73.8 2.0 

3.0 

27 114.5 D-s902) 131 3.5 90 40.7 129.3 

B3-s551) 61.5 2.9 55 - 107.8 D-s1602) 128 2.0 160 28.7 110.1 

C1.2-s1502) 105 1.2 150 38.8 102.7 E-s601) 165 3.0 60 34 192.1 

C1.5-s1202) 101 1.5 120 40.5 108.0 D-f1502) 130   3.75 39.8 159.9 

C1.8-s1002) 107 1.8 100 36.7 134.3 D-f5002) 135   12.5 47 161.4 

C2-s901) 102 
2.0 

90 31 137.0 C-s100L2) 108 2.2 100 6.25 33.7 288.7 

C2-s501) 110 50 36.5 168.5   
1) Kobayashi et al. (2009), 2) Tantipidok et al. (2011), *1 average crack angle in B-region at peak load, *2 diagonal 
compressive capacity 
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3. EQUATION PROPOSAL 
 
3.1  Review and Analysis of Previous Results  

The outline of the specimens and previous 
experimental data by Kobayashi et al. (2009) and 
Tantipidok et al. (2011) are provided in Table 1 and 
Figure 1, respectively. It was reported that because of 
insufficient confinement effects provided by stirrups, the 
localization of compressive stress in struts occurred. 
Thus, s was prominent, rather than rw, for evaluating the 
diagonal compressive capacity in range of s from 45 mm 
to 160 mm. The diagonal compressive capacity linearly 
decreased with larger s regardless of its diameter. The 
greater effect of s was observed in higher strength 
concrete; hence, the effect of f′c and s was interrelated. 

The effect of a/d from 3.0 to 4.5, bf/bw from 3.75 to 12.5 
and d from 220 mm to 319 mm had almost no influence 
on the diagonal compressive capacity of RC beams.  

The experimental results were further analyzed. 
From the pictures taken at the peak load, the crack angle 
of a crack (βi) was measured at the middle height of the 
web. The example of βi measurement of a crack is 
presented in Figure 2. The average of βi of cracks in 
B-region (βavg) will be used in the later discussion since it 
was observed that the crushing area, which is 
corresponding to the failure region, were mostly found in 
B-region (the portion outside the distance approximately 
d away from the loading point and supports). Figure 3 
illustrates the relationships between βavg and f′c, rw, s and 
a/d. It can be seen that the values of βavg are scattering in 
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the range between 27 to 47 degrees. A clear tendency 
between βavg and each factor influencing the crack angle 
cannot be observed. The average value for all specimens 
of βavg is 36.6 degrees with the coefficient of variation 
13.5%. 

 
3.2  Development of the Equation 

A free body diagram cut at a web in vertical 
direction is illustrated in Figure 4. The forces acting on 
the cutting surface are:  

1) Compressive force of concrete fiber (C′) 
2) Diagonal compressive force of strut in web (D′) 
3) Tensile force of longitudinal reinforcement (T) 

Considering the equilibrium in a vertical direction, the 
shear force, V must be resisted by the vertical component 
of D′. Since it is difficult to determine the exact width of 
compressive struts from experiments, this research 
assumes a uniform distribution of diagonal compressive 
stress in web. Subsequently, the diagonal compressive 
stress in web, σ2 is equal to D′/(bw·jd·cosθ). With the 
assumption that the diagonal compressive force causes 
the failure of the member without yielding of stirrups, the 
following expression can be obtained. 

 
 θθσθ sincossin' max2maxmax jdbDV w==   (4) 
 
where; Vmax is the shear force carried at web crushing 
stage. θ is the angle of inclination of concrete struts to 
the longitudinal reinforcement. σ2max is the critical 
compressive stress in the web concrete. 

With the use of trigonometry, Eq. (5) is proposed 
based on Eq. (4). 
 

 θσ 2sin
2

1
max2max jdbV w=  (5) 

 
The σ2max of the diagonally cracked concrete tends 

to be less than compressive strength of the same concrete 
obtained in a standard cylinder test since cracked 
concrete is subjected to tensile strains in the direction 
perpendicular to the compression (Vecchio and Collins 
1986).  In this paper, an appropriate formula for σ2max 

was empirically generated by using the trends of the 
experimental results reviewed in section 3.1. The data 
indicated that f′c and s had a major effect on the diagonal 
compressive capacity, whereas the influence of a/d, bf/bw 
and d was insignificant. Hence, only the effect of f′c and s 
was taken into account in the development of predictive 
equation. The relationship between the diagonal 
compressive capacity and s demonstrated the linear 
inverse variation. The effect of f′c and s was interrelated 
and the diagonal compressive capacity increased as f′c 
increased with the different increment ratio depending on 
the value of s. The 3-D expression of vexp-f′c-s 
relationship (vexp=Vexp/bwd) was used to formulate a 
function of the σ2max having the minimal variation and 
corresponding to the relationship observed in the 
experiments. Also, the σ2max was considered to have 
adequate simplicity and was developed through a 
surface-fitting technique as the following equation:  
 

cfs
')

6.79
54.4(max2 −=σ  (6) 

 
where; f′c and s are in N/mm2 and mm, respectively. 
The residual plot of vexp- f′c -s demonstrated in Figure 5 
manifests the good accuracy of the fitting surface.  

As for the angle of compressive strut (θ), this study 
assumed it to be the same as that of the average crack 
angle in B-region (βavg). Even though it is widely 
accepted that the angle of compressive strut is variable; 
however, it was chosen to be constant in this research 
since an obvious tendency of βavg cannot be discovered as 
explained in section 3.1. From this reason, θ was chosen 
to be constant in this research even though it is widely 
accepted that it should be variable. The average value for 
all specimens of βavg (36.6°) was selected as the constant 
value of θ. By substituting Eq. (6) into Eq. (5), jd = 
(7/8)d as recommended in JSCE (2007) and θ = 36.6°, 
the diagonal compressive capacity is given by the 
following equation.  

 

 dbfsV wccal ')
190

9.1( −=  (7) 

Figure 5 Residual plot of vexp-f’c-s 
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where; f′c and s are in N/mm2 and mm, respectively. The 
applicable range of this equation are 45 mm ≤ s ≤ 160 
mm, 0.6% ≤ rw ≤ 4%, 19 N/mm2 ≤  f′c ≤ 165 N/mm2, 
3.75 ≤ bf/bw ≤ 12.5 and 2.5 ≤ a/d ≤ 4.5. 

It is noted that, in the case that s exceeds 361 mm, 
the term in the parenthesis will become a minus value. 
However, most of the design standards allow the 
maximum stirrup spacing to be not larger than 300 mm. 
Therefore, the mentioned case will not occur in practice.  

  
3.3  Accuracy of the Equations and Their Applicability 

The experimental results of the total of 35 beams 
including Tantipidok et al. (2011), Kobayashi et al. 
(2009), Rangan (1991) and Leonhardt et al. (1963) were 
gathered (see Table 2). In order to clarify the 
applicability of existing equations presented in the 

Chapter 2 to high strength concrete, the equations were 
applied beyond its limitation of compressive strength. All 
specimens had f′c from 19 to 165 N/mm2 and were 
reported to fail in the diagonal compression failure. The 
ratio between the shear capacity from experiments and 
results obtained by the equation were calculated. The 
average of these ratios (avg.) with a coefficient of 
variation (C.V.) is presented in Figure 6. 

Figure 6(a) compares the diagonal compressive 
capacity from test results with those obtained by the 
equation by Placas et al. (1971) (Eq. (1)). The average of 
Vexp/VPlacas equals to 0.95 with a C.V. of 17.2%. It implies 
that Placas’s equation can evaluate an average value of 
the diagonal compressive capacity including the case of 
f′c > 100 N/mm2. On the contrary, this study revealed that 
the evaluation for rw is not appropriate and this equation 

Table 2 List of detail of the specimens and results of Rangan (1991) and Leonhardt et al. (1963) 

Specimen 
f'c 

[N/mm2] 
bf

 

[mm] 
bw

 

[mm] 
d 

[mm] 
a/d pw

*1 

[%] 
As

*2 
[mm2] 

fy 
[N/mm2] 

rw
 

[%] 
φd

*3 
[mm] 

s 

[mm] 
fwy

*4
 

[N/mm2] 
Vexp 
[kN] 

I11) 36.5 

400 

74 

563 2.5 

8.4 

3480 455 

2.7 12 

50 485 

453 

I21) 30.2 1.5 9 371 

I31) 31.2 63 9.8 3.2 12 369 

I41) 35.7 64 9.7 1.8 9 416 

TA12) 20.6 

960 150 375 3.3 4.7 2640 
408 

1.3 12 

113 

426 335 

TA22) 20.6 0.86 10 425 301 

TA32) 19.1 0.59 8 417 272 

TA132) 23.7 1.29 12 426 343 

TA142) 23.7 0.86 10 425 333 

TA152) 23.2 390 0.59 8 417 292 
1) Rangan (1991), 2) Leonhardt et al. (1963), *1 longitudinal reinforcement ratio (=100As/(bwd)), *2 nominal 
diameter of longitudinal bar, *3 diameter of stirrups, *4 yield strength of stirrup. 
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exhibits large variation as C.V. = 17.2 %. In addition, for 
the data of the authors, Eq. (1) overestimates the diagonal 
compressive capacity in most of the cases while it 
underestimates in the other’s data. Despite the 
application of Placas’s equation within its applicable 
compressive strength, the equation does not provide 
comparatively higher accuracy as the average is 0.98 
with C.V. of 16.9 %. 

JSCE standard specifications (2007) demonstrate 
the average of Vexp/VJSCE = 1.14. Figure 6(b) indicates 
that JSCE equation underestimates the capacity in almost 
all specimens. The specifications may be conservative 
because of safety reason. In the same way as Placas’s 
equation, the results calculated by Eq. (2) shows large 
variation as C.V. = 18.4%. Evaluating the accuracy of 
JSCE standard within its limitation of concrete strength, 
the average of Vexp/VJSCE = 1.09 with C.V. of 21.0 % is 
obtained. It also gives slight difference of accuracy.  

Similarly, the accuracy of the Eurocode 2 (2004) is 
shown in Figure 6(c). The average of Vexp/VEC2 is 0.77 
with a C.V. of 27.6 %. The selection of 45-degree θ 
results the prediction by Eurocode 2 in severe 
overestimatation, especially in the case of high strength 
concrete. Likewise, Eq. (3) does not consider the 
presence of stirrups. Thus its result gives huge scattering. 
Afterwards, the prediction of Eurocode 2 within its cover 
range of f′c is assessed. The average is 0.82 with C.V. of 
24.1 %. Eq. (3) performs better in this range of 
application; however, its accuracy is unsatisfactory. 

From the reasons mentioned above, the current 
equations are not accurate enough to evaluate the 
diagonal compressive capacity of RC beams, especially 
in high strength concrete. Besides, the evaluation for rw 
in the existing equations is not appropriate as explained 
in section 3.1.  

Subsequently, the validity of the developed equation 
(Eq. (7)) was established by the comparison between the 
predictions from the proposed equation with the 
experimental results. The accuracy of the proposed 
equation was evaluated. The average of Vexp/Vcal is 1.0 
with a coefficient of variation of 10.5%. The proposed 
equation offers a better correlation with this set of data 
and can predict diagonal compressive capacity accurately 
compared to the other existing equations. 

It should be noted that, as the proposed equation is 
an empirical type, it can be applied only in the range of 
the study. This equation can be implemented to beams 
with f'c from 19 to 165 N/mm2, rw in the range from 0.6 to 
4%, s in the range from 45 to 165 mm, bf/bw from 3.75 to 
12.5, a/d from 2.5 to 4.5, d from 220 to 563 mm and bw 
from 40 to 150 mm. In addition, it is required that 
yielding of stirrups must not occur.  

As for stirrup arrangement, the proposed equation 
covers both one-legged stirrup, as used in this study and 
the study of Rangan (1991), and two-legged type, as used 
by Leonhardt et al. (1963). As for practice approach to 
real structures, stirrup spacing may exceed the applicable 
range of the proposed equation. In JSCE standards 

(2007), shear capacity of box section beams can be 
considered as the same as beams with bw equal to the 
total web widths of box section beams. In this sense, the 
proposed equation can also be extended to box section 
beams. Further investigation, however, is required to 
validate the applicability of the proposed equation to 
these cases.  

In conclusion, the proposed equation has adequate 
simplicity with wider range of application and provides a 
high accuracy on the prediction of diagonal compressive 
capacity of RC beams than the other existing equations. 

 
 

4.  CONCLUSIONS 
 

Based on the experimental results, a predictive 
equation considering the compressive strength of 
concrete and the stirrup spacing for evaluating diagonal 
compressive capacity of RC beams was developed. The 
proposed equation has sufficient simplicity and provides 
higher accuracy (avg.=1.00) and lower variation 
(C.V.=10.5%) on the prediction of diagonal compressive 
capacity of RC beams. The proposed equation can be 
implemented to beams with the compressive strength: 
19-165 N/mm2, stirrup ratio: 0.6-4%, stirrup spacing: 
45-165 mm, flange width to web width ratio: 3.75-12.5, 
shear-span to effective depth ratio: 2.5-4.5, effective 
depth: 220-563 mm, web width: 40-150 mm and both 
one-legged and two-legged stirrups. 
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Abstract:  The rigid-framed railway bridges constructed after 1995 Kobe earthquake contain large amount of steel 
rebars in beams and columns resulting an over congestion at the beam column joints. In this study, an attempt was made 
to reduce the over congestion at the beam-column joints through partial replacement of steel rebars by using steel fibers. 
This paper presents the experimental results of one-sixth scaled T-joint and knee joint specimens which are constructed 
according to the existing rigid-framed railway bridges in Japan. Displacement controlled cyclic load was applied to 
investigate the performance of the specimens after reducing steel rebars and adding steel fibers. The test results showed 
that the cracks were reduced in steel fiber reinforced concrete specimens and strength reduction caused by lowered 
amount of longitudinal and shear rebars in beam and column was restored upon adding steel fibers thereby reducing the 
over congestion at the beam-column joints. 

 
 
1.  INTRODUCTION 
 

During severe earthquakes in past few decades, lots of 
structures suffered huge damages due to failure of 
beam-column joints which triggered extensive research to 
study the behavior of joints under seismic loads. Based on 
these studies, most of the countries revised the seismic codes 
and significant improvements were implemented due to 
which large amount of steel reinforcements with special 
detailings in beams and columns became mandatory 
resulting in over congestion particularly at the beam-column 
joints. Such over congestion imparts difficulty in concrete 
casting and also may cause the formation of honeycombs 
inside the joints. Use of steel fiber reinforced concrete 
(SFRC) can be effective in reducing over congestion at the 
joints as it is capable of not only improving the strength and 
ductility of concrete but also bond and anchorage between 
concrete and rebars. The effects of steel fibers on enhancing 
the flexural capacity, ductility and energy absorption 
capacity are more pronounced for the lightly reinforced 
concrete beams (Oh (1992)). In addition, increasing the steel 
fiber volume fraction in concrete increases shear strength, 
deformation capacity and reduces crack spacing and sizes 
(Kwak et al (2002)). Besides, some efforts have been made 
to reduce the shear reinforcements in beam-column by using 
SFRC joints (Bayasi and Gebman (2002)). The experimental 
results of SFRC beam-column joints also claimed the 
increase in shear capacity, ductility, bond capacity and better 
energy-dissipation. However, almost no efforts have been 
made in order to reduce the longitudinal rebars in 
beam-column joints.  

In Japan, large amount of steel rebars can be found in 
the beams and columns of rigid-framed railway bridges 
(Figure 1) which were constructed after 1995 Kobe 
earthquake. Particularly at the beam-column joints due to a 
large amount of longitudinal steel rebars from beam and 
columns with hooks at the end of longitudinal rebars and 
joint shear reinforcements, the over congestion becomes 
eminent. Hence, with the motive of reducing amount of 
longitudinal and shear steel rebars in the beam-column joints, 
this study was conducted. This study focused on the failure 
mechanism, crack patterns, load-displacement relationships, 
energy dissipation and stiffness degradation to understand 
the structural behavior of beam-column joints with and 
without steel fibers.  
 
2. FRACTURE MECHANISM OF SFRC 
 

The tensile resistance of conventional concrete is 

Figure 1  Rigid-framed railway bridge 
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rapidly lost after the formation of cracks and hence, the 
tensile strength of concrete is usually neglected. Besides, the 
shear failure of conventional concrete is brittle in nature. The 
addition of steel fibers in concrete contributes in increase of 
tensile strength and flexural strength which cannot be 
ignored in the calculations. It also prevents the brittle failure 
of concrete. The load resisting mechanism of SFRC is 
illustrated through an idealized cracked section under 
flexural load as shown in Figure 2. Based on the stresses and 
resultant forces, the concrete section can be divided into 
three zones; viz. compression zone, uncracked tension zone 
and cracked tension zone. Similarly, in cracked tension zone, 
there exist three more sub-zones: aggregate interlocking 

zone, fiber bridging zone and traction free zone. The 
uncracked tension zone can fully participate in resisting 
tensile load and in aggregate interlocking zone due to 
formation of micro cracks, fiber-matrix debonding initiates 
which slightly affects the tensile resistance. The partial pull 
out of fibers from concrete causes reduction in tensile load 
resisting capacity of fiber bridging zone and the tensile 
resistance of SFRC are completely lost in traction free. 
Similarly, the fiber bridging and the intact steel fibers in the 
matrix play a great role in increasing the shear strength of 
concrete members. The brittle shear failure of concrete 
members is prevented mainly because of fiber bridging 
(Minelli and Vecchio (2006)). 
 
3.  TEST SETUP AND INSTRUMENTATION  
 

Figure 3 shows a 1/6-scaled beam-column joint 
specimens. The T-joint corresponds to half of the column 
heights above and below the intermediate link beam and a 
half of the intermediate link beam span and the knee-joint 
corresponds to a half of the column height and a half of the 
top beam span of a rigid-framed railway bridge. The 
material properties, specimen dimensions, detailing of steel 
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rebars etc. were chosen based on the existing railway bridges 
in Japan. The considered existing bridge was designed 
following the Japanese Code, “Design Standards for 
Railway Structures and Commentary (Concrete Structures)” 
(Railway Technical Research Institute (2004)) and is 
referred as a prototype structure. In order to obtain concrete 
strength same as in the prototype structure, the concrete mix 
design was done following the procedure given in JSCE 
(2002a). The mix proportion and concrete strength are 
shown in Table 1. The cross-sectional size of columns were 
250 mm × 250 mm in both T-joint and knee-joint specimens 
and the cross-sectional sizes of intermediate beam in T-joint 
specimens and top beam in knee-joint specimens were 168 
mm × 200 mm and 250 mm × 330 mm, respectively.  

The amount of steel rebars in beam and column of the 
control specimens, TJ-ED and KJ-ED, were provided 
according to the existing bridge, where, TJ and KJ stand for 
T-joint and knee Joint and ED stands for Existing Design. 
The amount of steel rebars and its properties are tabulated in 
Table 1. All the steel rebars including longitudinal and shear 
rebars were of size D6 (nominal diameter of 6.35 mm) 
having yield strength of 325 N/mm2. The arrangement of 
steel rebars in beams and columns are shown in Figure 3. In 
all the 22 numbers of column rebars of TJ-ED and KJ-ED, 
180° hook were provided at the end of rebars. In beam top 
and bottom rebars of TJ-ED, 90° hook with hook extension 
of 11φ (φ is rebar diameter) were provided while in top 

rebars of KJ-ED, out of 11 rebars, 3 rebars with 180° hook, 3 
rebars with 90° hook having hook extension 35φ, 3 rebars 
with 90° hook having hook extension 15φ and 2 rebars 
without hook were provided. All the 9 numbers of beam 
bottom rebars in KJ-ED were provided with 90° hook 
having hook extension of 3φ. No hooks were provided in the 
side face rebars. All the hook types and length of hook 
extension were decided as per reinforcement detailing of the 
existing railway bridge. The hoops in the columns of TJ-ED 
and KJ-ED were spaced at 85 mm. The stirrups in the beams 
of TJ-ED and KJ-ED were spaced at 70mm and 110 mm, 
respectively.  

In other six specimens, TJ-0 TJ-1.0, TJ-1.5, KJ-0, 
KJ-1.0 and KJ-1.5, amounts of rebars were reduced such 
that 1.2c bM M ≈  in T-joints and 1.2b cM M ≈  in 
knee-joints, where, bM  is the flexural strength of a beam 
and cM  is the flexural strength of a column. The calculated 
flexural capacities of beams and columns are shown in 
Figure 4. The numbers in the designation of specimens 
represents the percentage of provided steel fibers in the 
specimens. Hence, 0 refers to no steel fiber and 1.0 and 1.5 
refer to 1.0% and 1.5% of hooked end steel fibers by volume 
had been added in concrete. In the columns of T-joints and 
knee-joints, the number of longitudinal rebars were reduced 
to 16 numbers and 20 numbers. No reduction of rebars were 
made in T-joints while 2 rebars without hooks were reduced 
from beam top rebars and a rebar was reduced from beam 

Table 1  Material properties and amount of steel reinforcements 
Percentage of steel (%) 

Column Beam Specimen 
'

cf  
(N/mm2) 

 

Steel 
fiber 
(%) 

 

Longitudinal 
rebar size 

Stirrup 
size 

Hoop 
size

Yield 
strength 
(N/mm2)

Tensile 
strength 
(N/mm2) Longitudinal 

reinforcement Hoop Longitudinal 
reinforcement Stirrup

Prototype 
TJ 

30.0 0 D32 D16 D16 * * 0.99 0.57 1.4 0.64 

TJ-ED 33.2 0 D6 D6 D6 325 470 1.11 0.65 1.58 0.51 
TJ-0 32.5 0 D6 D6 D6 325 470 0.81 0.46 1.58 0.51 

TJ-1.0 23.3 1.0 D6 D6 D6 325 470 0.81 0.46 1.58 0.51 
TJ-1.5 30.0 1.5 D6 D6 D6 325 470 0.81 0.46 1.58 0.51 

Prototype 
TJ 

30.0 0 D32 D16 D16 * * 0.99 0.57 0.92 0.28 

KJ-ED 33.2 0 D6 D6 D6 325 470 1.11 0.65 0.97 0.29 
KJ-0 31.8 0 D6 D6 D6 325 470 1.01 0.42 0.80 0.20 

KJ-1.0 28.9 1.0 D6 D6 D6 325 470 1.01 0.42 0.80 0.20 
KJ-1.5 30.1 1.5 D6 D6 D6 325 470 1.01 0.42 0.80 0.20 

Table 2  Percentage reduction of steel rebars 

Specimen TJ-0, TJ-1.0, 
TJ-1.5 

KJ-0, KJ-1.0, 
KJ-1.5 

Column longitudinal rebar 27.0% 9.1% 
Hoops 29.2% 29.2% 

Beam longitudinal rebar No reduction 17.4% 
Stirrups No reduction 31.3% 

No reduction : Rebars provided as per existing design 
TJ-ED TJ-0 KJ-ED KJ-0
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Figure 4  Calculated flexural capacities
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bottom rebars of knee-joints. The hook extension in the 
beam bottom rebars of knee joints were increased to 12φ 
which is the minimum extension of hook required by JSCE 
standard specifications for concrete structures “structural 
performance verification” (JSCE (2002b)). The spacing of 
hoops in T-joints and knee-joints were increased to 120 mm 
and stirrups in knee-joints were spaced at 160 mm. The 
percentage reduction of rebars in the specimens are shown in 
Table 2.  

A structural framework was arranged to conduct the 
experiments. Since the ratio of applied axial load in the 
columns to the capacity of the column of the prototype 
structure was around 0.02, the influence of vertical load was 
assumed to be insignificant compared to the lateral load, the 
axial load in the column was ignored. A horizontal cyclic 
load was applied in the column of T-joints and at the end of 
the beam of knee-joints (Figures 3(a) and (b)) through a 
displacement controlled 200 kN capacity actuator. The 
amplitude of applied displacement was varied from 0.5 mm 
to 80 mm (Figure 5). Each displacement amplitude was 
exerted for 3 cycles. In order to record and understand 
structural behavior such as strains and deformations under 
cyclic loading, adequate measurement system, as shown in 
Figures 3(a) and (b), was installed in the experimental setup. 
The strain gauges were installed on both horizontal and 
vertical reinforcements at the beam-column joint. Also, in 
column and beam longitudinal rebars, strain gauges were 

attached at a distance of effective depth of column and beam, 
respectively from the corresponding faces. The horizontal 
displacements at various locations of a specimen were 
measured by using displacement transducers. Transducers 
were attached in the steel column and hinge support as well, 
so that the displacement of supports can be monitored. If 
supports are displaced, correction in displacement at other 
locations can be considered. 
 
4. EXPERIMENTAL RESULTS 
 
4.1  Crack Pattern and Failure Mode 

The crack patterns observed in the specimens by the 
end of the tests are shown in Figure 6. In T-joint specimens, 
cracks were mainly concentrated in the beam causing the 
formation of plastic hinges in the beam at the junction of 
beam and column of the specimens TJ-ED, TJ-1.0 and 
TJ-1.5. However, comparatively few cracks were observed 
at the joint. On reducing number of rebars, the confinement 
effect at the beam-column joint decreased due to which 
diagonal cracks were propagated in the joints of TJ-0. After 
addition of steel fibers the formation of cracks in the joints 
drastically diminished. Because of the loss of cover concrete 
at the junction of a beam and a column and the presence of 
intact bond between concrete and rebar in the beam-column 
joint, the beam rebars buckled at the junction of a beam and 
a column of TJ-ED, TJ-1.0 and TJ-1.5. In TJ-0, there was no 
buckling of beam rebars because the entire bottom beam 
rebars and two numbers of top beam rebars were pulled out 
due to the bond deterioration and straightening of the hooks 
at the end of rebars. Hence, TJ-0 was considered to be failed 
due to anchorage failure. The addition of steel fibers also 
improved the bond between rebars and the surrounding 
concrete as a result, even after the reduction of rebars, only 
four corner beam rebars and one bottom rebar were pulled 
out in TJ-1.0 and TJ-1.5, respectively (Figure 7). In TJ-ED, 
three beam rebars were ruptured whereas no rupture of 

Figure 6 Crack patterns after the loading test
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rebars took place in TJ-0. Out of fifteen rebars in the beam, 
eight rebars in TJ-1.0 and seven rebars in TJ-1.5 were 
ruptured. The rupture of rebars illustrated that TJ-1.0 and 
TJ-1.5 failed in flexure. The least amount of cracks in TJ-1.5 
among all specimens and less number of ruptured rebars in 
TJ-1.5 compared to TJ-1.0 confirms that the response of 
TJ-1.5 was comparable to all other specimens. 

In the knee-joint specimens without steel fibers (KJ-ED 
and KJ-0) significant numbers of inclined cracks were 
observed in the joint. The reduction of cracks in the joint of 
KJ-1.0 and KJ-1.5 showed the effectiveness of steel fibers in 
controlling cracks. In addition, plastic hinges were formed 
both in the beam and the column of KJ-ED and KJ-0 while 
after the addition of steel fibers even though the rebars were 
reduced, the formation of plastic hinge was limited to the 
column in KJ-1.0 and KJ-1.5. From the maintenance and 
restorability view point, the formation of plastic hinges in 
the top beams are not desirable in the railway bridges 
(Ishibashi and Tsukishima (2007)). In this regard, it can be 
said that the performance of KJ-1.0 and KJ-1.5 were better 
than that of KJ-ED. All the beam bottom rebars in KJ-ED 
were pulled out because of insufficient hook extension of 3φ 
leading to the anchorage failure. Only the increase in hook 
extension to 12φ could not stop the anchorage failure after 
reducing rebars in the beam and the column in KJ-0. The 
combination of the increasing hook extension to 12φ in the 

beam bottom rebars and the addition of steel fibers altered 
the failure mode from the anchorage failure to the flexural 
failure. On comparing the concrete damages in KJ-1.0 and 
KJ-1.5, it can be seen that excessive concrete was spalled off 
in KJ-1.5. In KJ-1.0, on repeating cyclic displacements, the 
beam slided over the column along with the joint rotation, 
smearing the concrete at the cracked section and shearing the 
column rebars as shown in Figure 8(a). However, in KJ-1.5, 
cover concrete was spalled off due to buckling of column 
rebars (Figure 8(b)) and the core concrete was crushed 
because of high compression on the cracked section, 
consequently more concrete damage became apparant in the 
column of KJ-1.5 than that in KJ-1.0. In KJ-1.0 fourteen out 
of twenty and in KJ-1.5 ten out of twenty column rebars 
were ruptured. Hence, it can be said that the response of the 
specimens TJ-ED and TJ-1.5 were comparable and KJ-1.5 
showed enhanced performance over KJ-ED in terms of 
crack patterns and damage. 

  
4.2  Load Displacement Relationship 

The relationship between recorded load and 
corresponding applied displacement at the column of 
T-joints and at the end of beam of knee-joints during the 
cyclic loading is expressed in terms of load-displacement 
curve and is shown in Figure 9. The displacement was 
considered as positive when the specimen was pulled 
towards the actuator and vice-versa. The envelope curves 
along with some important points are also presented. The 
experimental results of all the specimens are summarized in 
Table 3. Figure 8 shows that the pinched hysteresis loops 
and gradual stiffness degradation was common in all the 
specimens. The formation and opening of cracks, the bond 
deterioration along the beam and column londitudinal rebars, 
anchorage failure and buckling of rebars were mainly 
responsible for the pinching effects. TJ-0 and KJ-ED 

Shearing of  
rebars 

Buckling of  
rebars 

Load Load 

Figure 8  Fracture mechanism 
(a) KJ-1.0 (b) KJ-1.5 

Anchorage failure Rebar rupture 

KJ-ED: Rebar pullout 

(b) Damage at the column external face of knee-joints

KJ-0: Rebar pullout KJ-1.0: Rebar rupture KJ-1.5: Rebar rupture 

(a) Damage at the column external face of T-joints
TJ-ED: No pullout TJ-0: Rebar pullout TJ-1.0: Rebar pullout TJ-1.5: Rebar pullout 

Figure 7  Damage observed at the column external face of specimens by the end of tests 
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exhibited the most severe pinching effect compared to other 
specimens due to premature bond and anchorage failure.  

Although the amount of steel reinforcements were 
reduced in TJ-0 compared to TJ-ED, in contrary to the 
expectation, the peak load of TJ-0 increased to 23.02 kN. 
The partial bond restoration caused by the joint distortion 
and the strain hardening of tensile steel rebars caused the 
increase in load capacity of TJ-0. As shown in Figure 10, on 
exerting positive load, only the beam top rebars were able to 
resist the load and the beam bottom rebars slipped away 
from the external face of column without offering resistance 
to the load. During the application of negative load, partial 
bond restoration took place because of the compressive force 
induced from the joint distortion and prevented the slip of 
rebars enabling the rebars to resist the load and as a result, 

the load capacity of TJ-0 became higher. Besides, in other 
T-joint specimens, due to the buckling of beam rebars, the 
strength inherently diminished resulting lesser load capacity 
than that of TJ-0. The avoidance of anchorage failure 
indicated that the addition of 1.0% of steel fibers after 
reduction of steel rebars increased the bond capacity in 
TJ-1.0 but could not impart in increasing the peak load in the 
negative loading cycle. However, the peak load in both 
positive and negative loading cycle exceed those of TJ-ED 
after the addition of 1.5% of steel fiber in TJ-1.5. 

The sharp decrease in load was observed in both of the 
specimens without steel fibers (KJ-ED and KJ-0) after the 
anchorage was failed and such sudden reduction of load can 
be disastrous during seismic events where applied loads are 
instantaneous. The elimination of anchorage failure and 

Figure 9  Load-displacement relationship 
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delay in concrete spalling of KJ-1.0 and KJ-1.5 compared to 
that of KJ-ED indicated the improvement in bond strength 
and anchorage of steel rebars due to addition of steel fibers 
despite the amount of rebars in KJ-1.0 and KJ-1.5 were 
lesser than that in KJ-ED. On comparing the 
load-displacement curve of knee joints (Figure 9(b)), it is 
clear that the load capacity of KJ-1.5 was higher both in 
positive and negative loading than that of KJ-ED. Hence, it 
can be said that even if certain amount of steel rebars are 
reduced, the strength deficit can be restored by adding 1.5% 
volume fraction of steel fibers. The performance of KJ-1.0 
was not satisfactory as the load capacity was marginally 
inferior to KJ-ED. The post peak behavior of KJ-ED and 
KJ-0 are quite similar. The load capacity suddenly dropped 
in positive loading after the occurrence of anchorage failure 
and load capacity became almost constant afterwards. 
However, the drastic drop in the load did not occur in 
negative loading cycle even after anchorage failure. As 
shown in Figure 11, after the anchorage failure, the beam 
bottom rebar could easily slip when positive displacement 
was applied. On contrary, on applying negative displacement, 
the bond was restored to some extent in the beam bottom 
rebars as the rebars were gripped by compressive force in 
concrete which prevented the slip of rebars and participated 
in resisting load resulting in maintaining the load capacity. 
The gripping of beam bottom rebars was mainly attributed 
by the significant plastic rotation of beam-column joint 
which was possible due to the formation of wider cracks 
along the beam and column. Gradual decrease in load due to 

buckling and rupture of column rebars was observed after 
the peak in KJ-1.5. Gradual decrease in load is more 
reasonable than the sudden drop in load. Hence, the 
performance of KJ-1.5 can be considered as satisfactory. The 
comparable load-displacement response of TJ-1.5 and 
KJ-1.5 over TJ-ED and KJ-ED illustrated the effectiveness 
of steel fibers to reduce over congestion at the joints through 
supersiding certain amount of steel rebars with 1.5% of steel 
fibers. 

 
4.3  Energy Dissipation and Stiffness Degradation 

The relationship between cumulative energy dissipation 
and applied displacement in T-joint and knee-joint 
specimens is shown in Figure 12. The energy dissipation 
capacity of each specimen can be obtained by computing 
external work, eW  which refers to the area enclosed by the 
load-displacement curve and is given by; 
 

W
e

= P dx  (1) 

 
where, P  is a load, x  is an applied displacement. An 
energy dissipation indicates the capability of structures to 
disperse energy through yielding mechanism with 
satisfactory performance in the inelastic range. The cracking 
of concrete, bond deterioration and yielding and buckling of 
rebars cause the energy dissipation in the structures. The 
energy dissipation capacity of both T-joint and knee-joint 

Rebar in tension

(a) Positive loading 

Load Load 

Rebar movement Rebar in tension 

Figure 10  Sequence of rebar movement in TJ-0 

(b) Negative loading 

Rebar movement 

Figure 11  Opening and closing of cracks in KJ-ED 

80 mm 
displacement

-80 mm 
displacement 

Table 3  Comparison of experimental results
 TJ-ED TJ-0 TJ-1.0 TJ-1.5 KJ-ED KJ-0 KJ-1.0 KJ-1.5 

First cracking load 11.2 kN 9.6 kN 10.1 kN 8.7 kN -17.2 kN -12.6 kN -24.1 kN 13.7 kN 
Displacement at 
yielding of rebars 

10 mm 15 mm 10 mm 10 mm 12 mm 10 mm 12 mm 10 mm 

Load at yielding of 
rebars 

16.5 kN 17.6 kN 16.0 kN 16.8 kN -43.9 kN 22.4 kN 25.1 kN -40.7 kN 

Load at the peak 18.1 kN -23.0 kN 18.4 kN 22.1 kN -46.9 kN -45.7 kN -46.1 kN -48.4 kN 
Displacement at 
concrete spalling 

30 mm 25 mm 20 mm 40 mm 25 mm 25 mm 30 mm 35 mm 

Pullout of beam 
rebars  

No 
pullout 

All bottom 
rebars  

Corner 
rebars 

1 bottom 
rebar 

All bottom 
rebars  

All bottom 
rebars  

No pull 
out  

No pull 
out 

Rebar rupture 3 out of 
15 

beam 
rebars 

No rupture 8 out of 
15 

beam 
rebars 

7 out of 
15 beam 
rebars 

No rupture No rupture 14 out of 
20 

column 
rebars 

10 out of 
20 

column 
rebars 

Failure mode Flexural Anchorage Flexural Flexural Anchorage Anchorage Flexural Flexural 
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reduced upon reducing the amount of steel rebars. Among 
all the T-joint specimens, TJ-1.0 dissipated the least energy 
and the performance of KJ-0 was severe among knee-joints 
in terms of energy dissipation. The energy dissipation 
capacities of the control specimens (TJ-ED and KJ-ED) and 
the specimens with 1.5% of steel fibers (TJ-1.5 and KJ-1.5) 
were almost indentical. 

The relationship between the stiffness and the applied 
displacement is shown in Figure 13. The stiffness is 
estimated by computing the slope of the line joining the peak 
load and zero load at half cycle of each displacement 
amplitude. It can be seen that the stiffness degradation of 
TJ-ED and TJ-1.5 are analogous which indicates that if 1.5% 
of steel fibers are added in concrete after reducing certain 
amount of steel rebars, there is almost no variation in the 
stiffness between them. Since the numbers of cracks were 
comparatively less and the anchorage capacity in KJ-1.5 was 
sound enough, KJ-1.5 showed the least stiffness degradation 
in the pre-peak region. However, in the post peak region, the 
stiffness impaired and manifested analogous stiffness 
degradation to other specimens. Resembling energy 
dissipation and comparable stiffness degradation observed in 
the control specimens (TJ-ED and KJ-ED) and the 
specimens with 1.5% of steel fibers (TJ-1.5 and KJ-1.5) 
confirmed that the use of steel fibers can be a better option to 
substitute steel rebars in beam-column joints and reduce the 
over congestion. 
 
5.  CONCLUSIONS 
 

Eight one-sixth scaled T-joint and knee-joint specimens 
were constructed. The control specimens were prepared 
following the existing design of railway bridge in Japan and 
in other six specimens rebars were reduced and steel fibers 
were added. Based on the experimental results following 
conclusions are drawn: 
(1) The addition of steel fibers changed the failure mode 

from anchorage failure to flexural failure. 
(2) The addition of 1.5% of steel fibers can restore the 

strength deficit caused by the reduction of the 
longitudinal and shear rebars in beam-column joints. 

(3) The decreased shear cracks in the joints indicated the 
shear enhancement due to addition of steel fibers in 
concrete.  

(4) In knee-joint, to prevent anchorage failure combination 

of increased extnesion of hooks and addition of steel 
fibers were necessary. 

(5) The formation of plastic hinge in the top beam of 
knee-joint could be avoided upon using steel fibers. 
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Abstract:  Seismic performance of masonry infilled RC frame structure is conventionally evaluated based on 
diagonal compression struts caused in masonry panels. In this study, a simple model to define the strut widths 
is proposed. A compression strut was replaced by a uniformly distributed force along the diagonal direction 
of an RC frame. The infill/frame contact length can be defined by solving two equations, i.e. static 
equilibriums related to the compression strut force and the lateral displacement compatibility. Consequently, 
the equivalent strut width was presented as a function of the infill/frame contact length. 
A series of structural tests was conducted using RC frames with/without brick masonry infill representing a 
typical RC building with/without nonstructural masonry infill in Indonesia to verify the validity of the 
proposed method. As a result, good agreements were observed between the experimental and analytical 
results on lateral stiffness and strength, which means that the performance curves of boundary frame as well 
as infill can be evaluated based on the proposed method. 

 
 
1.  INTRODUCTION 
 

A large number of reinforced concrete buildings over the 
world are constructed with masonry infill used as partition 
walls. However, the presence of masonry infill is usually 
neglected in seismic design calculations of building 
structures assuming it as a nonstructural element. It has been 
obvious from several past studies that the presence of 
masonry infill had significant effects on overall behavior of 
moment-resisting frame structures. Therefore, masonry infill 
is conventionally modeled by a diagonal compression strut 
to evaluate its structural effects. Several conservative and 
analytical equations have been proposed to estimate 
effective strut widths, as reported by e.g. Paulay and 
Priestley (1991), and El-Dakhakhni et al. (2004). Most of 
them replaced infill panels by diagonal single- or three-strut 
models with pin joints. 

A simple method to define the strut widths was proposed 
in this study. A series of structural tests was also conducted 
using RC frames with/without brick masonry infill to verify 
the validity of the proposed method. The specimens 
represent a typical RC building with/without nonstructural 
masonry infill in Indonesia, which is an 
earthquake-damaged building investigated by the authors 
after the 2007 Sumatra earthquakes (Maidiawati and Sanada 
2008). This paper mainly focuses on comparisons between 
experimental and analytical results. 

2.  ANALYTICAL INFILLED FRAME MODEL  
 

This study targets an RC one-bay infilled frame with a 
fixed base and a rigid beam, as shown in Figure 1(a), 
representing a multi-story infilled RC frame where the beam 
flexural deformation is constrained by infill. The masonry 
infill wall was replaced by a diagonal compression strut 
having the same thickness and the same material properties 
as those of the infill panel. The compression strut was 
represented by a uniformly distributed force along the 
diagonal direction of the RC frame, as shown in Figure 1(b). 
As a result, the distributed force along the column height, 
which acts on the bottom of compressive column, is given 
by Eq. (1).  

 

θ2cos.. mh ftC =    (1) 

 
where, Ch: uniformly distributed force along column height, 
as shown in Figure 1(b), t: thickness of infill, fm: 
compressive strength of infill, θ: inclination angle of strut, as 
shown in Figure 1(a).  

Separations should be caused between the bounding 
frame and infill under a column flexural deformation and an 
infill shear deformation, as shown in Figure 1(a). In this 
study, the contact length between the frame and infill was 
derived as follows. 
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Figure 1 Modeling of Masonry-Infilled Frame 

 
Assuming that the column bottom yields in flexure, the 

yield moment is briefly calculated by Eq. (2) based on the 
JBDPA standard (2005). 

 









−+=

c
ytu FDb

N
DNDaM

..
1..5.0...8.0 σ   (2) 

 
where Mu: flexural strength of column, at: total 
cross-sectional area of tensile reinforcing bars, σy: yield 
stress of longitudinal reinforcement, D: column depth, N: 
axial force, b: column width, Fc: compressive strength of 
concrete. 

The moment distribution along the column height is 
obtained by Eqs. (3) and (4) in the cases of 0≤y≤h

s

 and h
s

≤  
y ≤h, respectively.  
 

( ) 2..2/1. yCyQMyM huuc +−=  (3) 

 

( ) 2..2/1... shshuuc hCyhCyQMyM −+−=  (4) 

 
where, hs: frame/infill contact height, and Qu: shear force at 
column bottom. 

The lateral displacement of frame is produced by double 
integrals of Eqs. (3) and (4). Consequently, the lateral 
displacement of column in the cases of 0≤y≤h

s

 and h
s

≤ y≤h 
is shown by Eqs. (5) and (6), respectively.   
 

( ) ( )432 ..24/1..6/1..2/1
1

yCyQyM
EI

y huuc +−=δ   (5) 

 

( )

)..24/1..6/1...4/1

...6/1..6/1..2/1(
1

4322

332

shshsh

shuuc

hCyhCyhC

yhCyQyM
EI

y

−+

−+−=δ
   (6) 

 
where, EI: bending stiffness. 

In Eqs. (3) to (6), Qu is given by Eq. (7) when assuming 
the rotation of zero at the column top. However, this 
assumption can be applied only to frames with stiff beams. 
 

2

32

3
..

.
2

h

hC

h

hC
hC

h

M
Q shsh

sh
u

u +−+=  (7) 

On the other hand, the lateral deformation of infill, 

δi
 was defined by Eq. (8) under a uniform shear strainφ . 

Substituting y=h for Eq. (6), the distribution of lateral 
displacement of infill along the height is given by Eq. (8). 
Moreover, the other intersection height between lateral 
displacements of column and infill can be evaluated by 
solving Eq. (9), as shown in Figure 2. The figure means that 
the intersection height should be equal to hs. The unknown y 
was iteratively obtained after the condition was satisfied (the 
intersection height = hs). In this study, Newton Rapson 
method was used for finding y. The procedure mentioned 
above is resumed in the flowchart in Figure 3. 

 

( ) ( )
y

h

hy
yy c

i

=== δφδ .  (8) 

 

( ) ( )yy ic δδ =        (9) 

 
Q QQ

hs hs y

iδ cδ

 
    (a) Infill   (b) Column     (c) Infilled Frame 

Figure 2 Lateral Displacement Compatibility along 
Column Height  

 
Figure 3 Flowchart for Identifying the Frame/Infill 
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The width of compression strut, which is shown in Figure 
1, is defined as a function of the infill/frame contact height 
by Eq. (10). 

 

     θcos2 shw =     (10) 

 
3. EXPERIMENT FOR VERIFICATION 
 

To experimentally clarify the validity of the proposed 
method, a series of structural tests was conducted on RC 
frames with/without brick masonry infill which represent a 
typical RC building with nonstructural masonry elements 
damaged due to the 2007 Sumatra earthquakes, Indonesia, as 
shown in Photo 1 and Figure 4. The experimental program 
and results have been reported in Maidiawati et al (2011), 
which is summarized in the following.  

 

 
Photo 1 Damaged Building due to the 2007 Sumatra 

Earthquakes 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4 Ground Plan with the First Story Column Details 

of the Damage Building 
 
3.1 TEST SPECIMENS 

Two 1/2.5 scale RC one-bay frame specimens were 
prepared: one bare frame (BF) and the other infilled with 
masonry bricks (IF). Figure 5 shows the configuration and 
bar arrangements of BF specimen. 

A brick masonry wall was extracted from the building in 
Photo 1, as shown in Photo 2, and it was transported to 
Toyohashi University of Technology, Japan. The transported 

wall was installed in the IF specimen to complete the infilled 
frame specimen, as shown in Photo 3. Mortar was applied 
between the bounding frame and inserted wall, as shown in 
Figure 6. The mechanical properties of concrete, mortar, and 
reinforcements used for the specimens are shown in Table 1. 
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Figure 5 Detailed Drawing of BF Specimen 
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Figure 6 Detailed Drawing of IF Specimen 
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Photo 2 Preparation of Brick Wall Specimen 

 

  
Photo 3 Installation of Brick Wall 

 
Table 1 Material Properties 

Concrete 

Material age 
Compressive 

strength 
Tensile 
strength Specimen 

Day N/mm2 N/mm2 
BF 44 19.6 1.89 
IF 37 20.6 1.96 
IF 

(mortar) 
42 40.8 3.33 

Reinforcing bar 
Yield 

strength 
Tensile 
strength 

Young’s 
modulus Bar number 

N/mm2 N/mm2 N/mm2 
φ 9 355 440 2.02×105 
φ 4 583 631 2.14×105 

 
3.2 TEST METHODS 

The specimens were subjected to a constant vertical load 
of 183.4 kN (≈ 0.24 x column sectional area x compressive 
strength of concrete) based on the estimated weight of the 
upper floors. Then, reversed cyclic lateral loads were applied 
to the specimens by using drift angle R (rad.), ratio of lateral 
displacement to column height, to control incremental 
loading. When the specimens failed, however, loading was 

stopped. The schematic representation of the experimental 
set-up and the lateral loading history are shown in Figures 7 
and 8, respectively. The shear span to depth ratio (= hw/lw 
illustrated in Figure 7) of the specimens was maintained at 
0.75 throughout the tests so that lateral loads were applied at 
an assumed second floor height of 1200 mm. 
 

 

Figure 7 Schematic View of Test Set-up 
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Figure 8 Lateral Loading History 

 
3.3 TEST RESULTS 

Figure 9 compares the lateral force vs. drift ratio, R 
relationships between the specimens. The maximum lateral 
strengths of 36.8 kN and 174.0 kN were observed at 2.0% 
and 0.5% drift ratios for BF and IF specimens, respectively. 
The deformation capacities, which were defined as a 
deformation where a post-peak strength dropped to 80% of 
the peak strength, were 2.8% and 1.6% for BF and IF 
specimens, respectively. After installing the non-structural 
brick infill, strength increased to 4.7 times, but ductility 
decreased to about half. The infill contribution was extracted 
from both figures, as shown in Figure 10, which was 
obtained by calculating the difference between lateral forces 
at each load step (at the same drift ratio). In this study, the 
envelop curve was simulated by the proposed analytical 
method in the following. 
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a) BF Specimen 
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b) IF Specimen 

Figure 9 Lateral Force–Drift Ratio Relationships of 
Infilled Frames 
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Figure 10 Lateral Force-Drift Ratio Relationship of Infill 

 

4. VERIFICATION OF ANALYTICAL MODEL 
 

According to the analytical method proposed in this 
study, the frame/infill contact height, hs, was evaluated to be 
253.9 mm, as shown in Figure 11(a). The performance curve 
of infill was evaluated based on the strut width obtained by 
Eq. (10). The elastic lateral stiffness, K and ultimate lateral 
strength, Q of infill were calculated by Eqs. (11) and (12), 
respectively. 

 

θ2cos
..

d

twE
K m=                 (11) 

 
θcos.sCQ =                       (12) 

 
however, 
 

ms ftwC ..=  

 
where, Em: elastic modulus of infill (= 750fm) based on 
Paulay and Priestley (1991), d: diagonal length of frame, Cs: 
compressive force in strut representing infill (Figure 1(a)), t: 
thickness of infill, and fm: compressive strength of infill. 

The evaluated lateral stiffness and strength of infill is 
compared to the experimental result in Figure 10. It exhibits 
a good agreement between the envelope of experimental 
result and the performance curve from the proposed method. 

Moreover, the proposed method can identify the 
distributions of bending moment and shear force along the 
column height, as shown in Figure 11. This figure indicates 
that the bending moment and shear force were 10.5 kN.m 
and 75.0 kN at the column bottom, respectively. This means 
that the installed infill increases not only the strength of 
overall frame but also local bending moment and shear force 
acting on the column. Therefore, due to column shear failure, 
the deformation capacity of IF specimen was much lower 
than that of BF specimen.  

 
 

10.5 kN.m 75.0 kN

4.6 kN3.05 kN.m

253.9 mm 253.9 mmhs

h

Ch

 
    (a)           (b)          (c) 

Figure 11 Identified hs and Stress Diagram 
((a) Forces on column, (b) Moment diagram, and (c) Shear 

force diagram) 
 
 
 

Mu 
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5. CONCLUSIONS 
 

A simple method to evaluate the infill contributions in 
masonry infilled RC frames was proposed and verified 
through the author’s past experiment. The proposed method 
can be summarized as follows. 
1. An infill panel is replaced by a diagonal compression 

strut where a uniformly distributed force is assumed.   
2. Contact length between column and infill is evaluated 

based on lateral displacement compatibility under 
column flexural and infill shear deformations. 
Compression strut width is obtained from the evaluated 
contact length. 

3. Elastic lateral stiffness and ultimate lateral strength of 
infill are evaluated based the strut width. Moreover, it 
also gives local increases of bending moment and shear 
force at bounding columns.   

Consequently, a good agreement was observed between 
the experimental and analytical results. This means that the 
performance curve of infill can be represented based on the 
proposed method. 
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Abstract:  Damage in the bridge columns occurred in the plastic hinge region which is subjected to large flexural 
deformation resulting in the deterioration of column strength. This is due to the initiation of compressive failure which 
causes concrete crushing and spalling. Furthermore, damage of cover concrete can lead to the buckling of longitudinal 
bars. In order to enhance the seismic performance of bridge columns, Ultra-high-strength Steel-Fiber-Reinforced 
Concrete (UFC) with ultra-high compressive strength of approximately 180MPa is implemented at the column base to 
prevent the compression failure. In this study, analytical investigation on the implementation of UFC to Type I (RC-UFC) 
and Type II (PC-UFC) columns were conducted. RC-UFC column is conventional reinforced concrete column using UFC 
precast segments at the plastic hinge. PC-UFC is hollow column using UFC precast segments with post-tension. 
Compared with conventional reinforced concrete column, RC-UFC and PC-UFC performed much better under different 
loading conditions based on the analytical results. 

 
 
1.  INTRODUCTION 
 

It was always observed in the past earthquakes that 
damage in reinforced concrete bridge columns occurred at 
the column base. Although different types of failure of 
bridge columns were observed, the sequence of damage is 
similar for those columns. The most notable observations, in 
sequence of occurrence, were cracking of cover concrete, 
yielding of longitudinal bars, spalling of cover concrete, 
fracture of tie bars, buckling of longitudinal reinforcements 
and fracture of longitudinal reinforcements. It indicates that 
delaying or preventing the compression failure of the cover 
concrete may result in enhancing the ductility capacity of a 
column. Therefore, the idea of implementation of concrete 
with extremely high compressive strength at the plastic 
hinge of column was brought out. It was proposed by 
Yamanabe et al. (2008) to replace the conventional concrete 
at the plastic hinge with ultra-high-strength steel-fiber 
reinforced concrete (hereafter referred to as “UFC) which is 
one of innovative materials with highly advanced 
mechanical properties, superior physical characteristics and 
unprecedented ductility.  

In 2009, two reinforced concrete columns UFC-1 and 
UFC-2 using UFC at the column base were constructed to 
clarify their seismic performance by Huang, S. et al. The 
specimen configuration and details are shown in Figure 1. In 
both columns, UFC precast jackets were set at the column 
base to replace cover concrete. Brass mesh was set between 
UFC jackets in both columns as a crack-inducing 

mechanism so that plastic hinge mechanism can be formed 
in the core concrete. 

Both columns were subjected to bilateral loading 
based on displacement control under a constant axial load of 
160kN. Circular orbit was used for bilateral loading 
displacement with an increment of 0.5% drift until columns 
failed. Although the brass mesh was set to facilitate opening 
between UFC jackets, most joints between UFC jackets did 
not open during the experiments. Failure occurred at the 
footing rather than the expected region with UFC jackets.  

Having learned from the lessons of the previous 
research, two types of columns using UFC precast jackets 
were proposed. Type I, RC-UFC column, is a conventional 
reinforced concrete column using UFC precast jackets at the 
plastic hinge. Type II, PC-UFC column, is a hollow column 
using UFC precast jackets with post-tension. Type I column 
(RC-UFC) is a modified version of a column by Wang et al. 
In Wang’s model, separations between UFC jackets were not 
constrained and outer layer of longitudinal bars were 
unbonded in UFC jackets to make separations open more 
freely after being deformed. However, the interaction 
between UFC jackets and core concrete were not taken into 
consideration with the assumption that a plane of UFC and 
RC remains as a plane after deformation. In this study, the 
interaction between these two materials was clarified by 
employing interface elements at the interface between UFC 
jackets and RC section. To effectively utilize the ultra 
-strength of UFC, another conceptual column, Type II 
column (PC-UFC) was proposed.
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(a) Reinforcement (c) UFC Precast Jackets 

(b) Cross-Section (d) Brass Mesh 

 
 
In this study, the seismic performance of the RC-UFC 

and PC-UFC under the loading conditions of pushover and 
hybrid loadings was clarified based on fiber element 
analysis.  
 
 
2.  DESIGN OF UFC JACKET PIERS 
 

Both columns were scaled down by the geometrical 
scale of 6/35. The materials used in both columns are precast 
UFC segments, conventional concrete and steel bars. From 
the lesson learned from Huang’s experiment, the surface of 
footing was designed to be UFC to prevent extensive 
damage. The longitudinal reinforcements were designed to 
be continuous from the footing to the column top, while it 
was unbonded from UFC segments in the UFC section but 
bonded with conventional RC in RC section. 

Concrete with design strength of 27MPa was used in 
footing and the section above the footing. The steel bars 
used are SD345 with diameter 6mm. SD295 steel bar with 
diameter 4mm was used for tie bars. From 100mm below 
the footing surface to 600mm above the footing surface, 
UFC precast segments were set bonding with the 
conventional RC inside. The material properties are shown 
in Table 1. The configuration and dimensions of RC-UFC 
and PC-UFC columns are shown in Figure 2. 
 
 

3.  MODELING AND IDEALIZATIONS 
 

Fiber element analysis is a developed numerical 
approach for structural nonlinear analysis. In this study, the 
element was subdivided into longitudinal fibers as shown in 
Figure 3. In both columns, only the longitudinal steel bars 
bonded with concrete were modeled as fiber elements. The 
unbonded longitudinal steel bars penetrating UFC segments 
were idealized as truss elements. The purpose of setting 
these reinforcements is to make the separations between 
UFC jackets open more freely. Moreover, the unbonded bars 
were designed to increase the capacity of dissipating energy 
in the columns. 
 
 
 
 
 
 
 
 
 
 
 

Based on the basic assumption that plane sections 
remain plane and normal to the longitudinal axis in fiber 
element analysis, all fiber strains and stresses act parallel to 
this axis. Since the reference axis is fixed, this indicates that 
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Figure 1  Specimen configuration and details (Huang, S., 2010) 

Material Standard
Elastic

Modulus
(MPa)

UFC - 45,000

Concrete C27 26,500

Longitudinal
Bars

SD345-D6 200,000

Table 1  Material Properties 
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(a) Reinforcement of RC-UFC (b) Reinforcement of PC-UFC (c) Setup of PC cable 

 

 

(d) A-A cross section (e) B-B cross section (f) C-C cross section 

 
 

the geometric centroids of the sections form a straight line 
that coincides with the reference axis. In this study, central 
nodes which represent centroids of sections were modeled 
differently due to the absence of core concrete in UFC 
jackets in PC-UFC model. 

In RC-UFC model, from the column base to the top of 
UFC section, 2 sets of nodes were modeled; RC nodes 
which simulate the RC core in the UFC segments, and UFC 
nodes which are to simulate the opening between UFC 
jackets. As shown in Figure 4, central nodes of RC and UFC 
section are at the same location. The RC nodes were linked 
by RC fiber elements continuously from the footing until the 
beam elements at the top. Since the UFC precast segments 
are separated with each other, two central nodes which 
represent the centroids of the i+1 th and the i th UFC 
segmental lower and top plane, respectively. 

 

  

(a) A-A cross section (b) B-B cross section 

 

(c) C-C cross section 

Figure 3  Section Discretization 

 
The element deformations consist of three components; 

the displacement of RC and UFC segments and the 
interaction between them, which produces displacement 
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Figure 2  Configuration and Dimensions of RC-UFC and PC-UFC Columns (Unit: mm) 
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Figure 4  Central Nodes of RC and UFC Section in 
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compatibility. The transverse displacement perpendicular to 
the column axis is the same for concrete and UFC segments 
but vertical relative slipping between the two components 
produces a bond effect at the interface. The displacement of 
two adjacent points in the concrete core and UFC segments 
are calculated based on the axial and flexural deformation of 
their axis: 

 

u u ud d w                  (1a) 

 

c c cd d w                  (1b) 

 
in which, d is deformation of plane, w is width of column; 
d and  are the axial and rotational deformation of axis. 
The subscripts u and c are their values for UFC segments 
and concrete, respectively. The displacements of UFC 
segment and concrete are shown in Figure 5. 

 

 
 

The difference between two displacements cause the 
slipping as 

 

( )d d d wc u c ub             (1c) 

 
For the purpose of evaluating the slipping between 

UFC jackets and concrete, the spring elements which are 
used to model the interface interaction were arranged along 
the interface on the top plane of UFC segments. The 
idealization of linking of UFC segments and RC section is 
shown in Figure 6. Since the torsion was neglected in this 
analysis, the central node of UFC segments were linked to 
the one of RC section with rigid ‘zero-length’ tensional 
springs. Also, the lateral displacement between concrete core 
and UFC segment was constrained by ‘zero-length’ spring 
horizontally. 

The coordinates of two nodes linked by joint element 
which is called ‘zero-length’ spring are the same. The joint 
elements were idealized by nonlinear spring elements which 
do not take any tension force but with excessively large 
compressive stiffness. 

The interface elements were also modeled by 
‘zero-length’ springs with nonlinear property. Two sets of 
nodes with the same coordinates were linked with RC and 

UFC central node by rigid beam, respectively, as shown in 
Figure 7. The nonlinear properties of joint elements and 
interface elements are shown as Figure 8. In PC-UFC 
column, since the UFC section is hollow, the interface 
elements were not employed, but the joint elements were the 
same as that used in RC-UFC column. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 

 
 
 
 
 

The interface elements were also modeled by 
‘zero-length’ springs with nonlinear property. Two sets of 
nodes with the same coordinates were linked with RC and 
UFC central node by rigid beam, respectively, as shown in 
Figure 7. The nonlinear properties of joint elements and 

w

Core 

Concrete 
UFC UFC 

uc
bd

ud
cd

Figure 5  Kinematics of RC-UFC Sections RC-UFC Model

Interface Element 

Joint Element 

Central node of RC section

i+1 th UFC lower plane 

i th UFC Top plane 

i th RC section 

Central node of UFC lower plane 

Figure 6  Setup of Interface Elements and Joint Elements

Node for interface 
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Node for joint element 

Lower central node 

(a) UFC Element 

Central node Rigid beam 

Node for 

interface element 

(b) RC Element 

Figure 7  Nodes for Joints and Interface Elements 
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interface elements are shown as Figure 8. In PC-UFC 
column, since the UFC section is hollow, the interface 
elements were not employed, but the joint elements were the 
same as that used in RC-UFC column. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

In this study, the stress-strain hysteresis of concrete 
used is based on the work by Hoshikuma and Kawashima et 
al (1997). Unloading and reloading hysteresis used are 
idealized based on a model by Sakai and Kawashima (2000). 
The longitudinal reinforcement was idealized by the 
modified Menegotto-Pinto model which takes account of 
Bauschinger effect (Menegotto and Pinto 1973, Sakai and 
Kawashima 2003). 

 
 

4. EVALUATION OF DUCTILITY CAPACITY 

BASED ON PUSHOVER ANALYSIS 
 

Unilateral pushover analysis was conducted assuming a 
displacement increment of 0.137mm at the effective height 
of 1370mm from the column base. The analytical results of 
both columns are presented in Figure 9. 

It is obvious that the lateral force of PC-UFC is 30% 
larger than that of RC-UFC at 10% drift. It should be noted 
that slipping between UFC jackets and core concrete 
occurred. The vertical relative displacement at the lowest 

UFC jacket is shown as Figure 10. At the 6% drift, the 
dislocation of RC plane and UFC plane is shown in Figure 
11. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 9  Force-displacement Relation at Loading Point 
 
 
 
 
 
 
 

Figure 10  Dislocation of RC Plane and UFC Segment at 
Top Plane 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 11  Slipping at the Lowest UFC Jacket at 6% drift 
 

  

(a) RC-UFC (b) PC-UFC 

Figure 12  Stress-strain Hysteresis of Extreme 
Compression Fiber at 25mm Level (10% drift) 
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(a) RC-UFC (b) PC-UFC 

Figure 13 Stress-strain Hysteresis of Extreme Compression 
Fiber at 25mm Level (10% drift) 

 

 
(a) RC-UFC (b) PC-UFC 

Figure 14  Stress-strain Hysteresis of RC Cover at Extreme 
Compression Fiber at 625mm Level (10% drift) 

 

  

(a) RC-UFC (b) PC-UFCc 

Figure 15  Stress-strain Hysteresis of Unbonded Bars  
(10% drift) 

 
Several possible vulnerable locations, such as column 

base and connection between RC section and UFC section, 
need to be examined. As shown in Figure 12, 13 and 14, the 
stress-strain hysteresis of extreme compressive fiber at 10% 
drift indicates that no compression failure occurred at above 
mentioned locations in both columns. Meanwhile, the 
outmost longitudinal reinforcing bars on tensile side at above 
mentioned locations yielded as shown in Figure 15. The 
opening between UFC jackets in both columns at 10% drift 
is shown in Figure 16. The main openings of RC-UFC 
occurred from the column base to the height of 100mm and 
the connection between RC section and UFC section. 
Compared with RC-UFC, the main opening of PC-UFC 
concentrated only at the column base. 
 
 
 

 
Figure 16  Opening between UFC Jackets in Two columns 

at 10% Drift 
 
 

5. EVALUATION OF DUCTILITY CAPACITY 

BASED ON HYBRID LOADING ANALYSIS 
 

NS and EW components of the ground acceleration 
recorded at JR Takatori Station during the 1995 Kobe 
earthquake were used as input ground motion, which is 
shown in Figure 17. The dominant period is 1~2s; the 
spectrum amplitude around the dominant period is about 4 
(m/s). A constant vertical force of 86.1kN was applied at the 
top of column. 
 

 

(a) EW Component 

 

(b) NS Component 
Figure 17  JR Takatori Station Ground Motion Recorded 

during 1995 Kobe Earthquake 
 

Since the SW direction is the direction with the largest 
response, the extreme fiber in SW direction at above 
mentioned possible vulnerable locations were examined. 
The response displacement of the two columns under the 
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100% NS and EW Takatori ground motions is shown in 
Figure 18. It shows that the response displacement of 
PC-UFC is larger than that of RC-UFC. The stress-strain 
hysteresis of extreme fiber at SW direction is shown in 
Figure 19, which indicates that the stress of PC-UFC is 
greater than that of RC-UFC. Nevertheless, the peak stresses 
did not reach the compression strength of UFC in the two 
columns, which indicates that the compression failure at the 
column base was prevented by using UFC jackets. As shown 
in Figure 20 and Figure 21, the UFC cover in SW direction 
is still in the elastic range, but the RC cover at 625mm level 
suffered slight damage in terms of cracking. 

In RC-UFC and PC-UFC columns, the unbonded 
longitudinal bars in SW direction were examined. As shown 
in Figure 22, the unbonded bars yielded but the peak strains 
in both columns are much smaller than the rupture strain of 
20%. It should be noted that the peak strain of PC-UFC 
column is almost 2 times than that of RC-UFC. 

 

 

Figure 18  Response Displacement at Loading Point 
 

 

(a) RC-UFC (b) PC-UFC 

Figure 19  Stress vs. Strain of UFC Cover at 25mm from 
the Base 

 

(a) RC-UFC (b) PC-UFC 

Figure 20  Stress vs. Strain of UFC Cover at 575mm from 
the Base 

(a) RC-UFC (b) PC-UFC 

Figure 21  Stress vs. Strain of RC Cover at 625mm level 

 

  

(a) RC-UFC (b) PC-UFC 

Figure 22  Stress vs. Strain of Unbonded Bar in SW 
 

 
Figure 23  Maximum Separation between UFC Segments 

in Two Columns 
 

The maximum separations in both columns are shown 
in Figure 23. The openings of RC-UFC mainly concentrated 
in the region from the column base to 100mm from the base 
and connection between RC section and UFC section. 
However, the openings in PC-UFC mainly concentrated at 
the column base. 
 
 

5 CONCLUSIONS 
 

The use of ultra-high-strength steel-fiber -reinforced 
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concrete can enhance the seismic performance of bridge 
columns. Based on the results presented, the following 
conclusions were deduced. 
 
a) In two columns, under the drift up to 10%, UFC segment 
crushing was prevented with the use of UFC because of high 
compressive strength. 
 
b) In the UFC-RC column, the interaction between UFC 
segments and core concrete influences the performance of 
bridge column significantly. The performance of bridge 
column will be overestimated if the interaction between 
these two materials is ignored. 
 
c) To further exploit the strength of UFC, applying post 
tension such as in the PC-UFC column investigated here, 
can further enhance the seismic performance compared with 
RC-UFC column. In addition, openings at separations will 
be concentrated at the column base. 
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Abstract:  Unreinforced masonry (URM) structures are seismically vulnerable with a little or no ductility, resulting in 
extensive collapses and consequently loss of lives and properties in earthquake events. Currently, several methods are 
being applied for the seismic retrofitting of URM structures and some are under study process.  High Performance Fiber 
Reinforced Cement Composites (HPFRCC)-also known as Engineered Cementitious Composites (ECC) and Strain- 
Hardening Cement-based Composites (SHCC) - with multiple fine cracks is a cement-based composite material exhibits 
a strain-hardening tensile stress-strain behavior. Improving the low tensile strength, strain-softening and brittle behavior 
of URM walls by such a ductile strain-hardening material was the main motivation of this research. For evaluating the 
efficiency of ECC retrofit on URM, two series of tests were conducted on masonry specimens such as uniaxial 
compression and shear triplet tests.  As a result, it was found that the shear resistance and stiffness of specimens were 
increased significantly by ECC retrofitting. Also this technique changed the brittle failure mode of URM to a ductile one 
along with a high deformability. Therefore ECC retrofitting can be considered as a suitable method which improves 
ductility and lateral in-plane resistance of URM walls. 

 
 
1.  INTRODUCTION 

 
Unreinforced masonry (URM) structures have shown 

low lateral resistance and ductility in earthquake events and 
should be seismically retrofitted. The main purpose of URM 
retrofitting is to improve the earthquake resistance and 
prevent its brittle failure. Currently, several methods are 
being applied for the seismic retrofitting of URM structures 
and some are under study process. The philosophies of these 
techniques are improvement of strength and deformability or 
the combination of both. Their approaches are mainly based 
on the failure mechanisms of URM structures. 

Unreinforced masonry walls are one of the most 
vulnerable parts of URM structures. Their weak seismic 
in-plane and out-of-plane response are known as the most 
important reason of the major URM damages and failures. 
Many researchers around world have conducted static and 
dynamic experiments to grasp the structural behavior of 
URM wall and examined some strengthening methods to 
improve its seismic performance. The results of these studies 
have been reported frequently for some retrofitting 
techniques such as the use of fiber reinforced polymers 
(FRP). In spite of the improvements exhibited by these 
methods, there are some limitations and disadvantages on 
the application of them. 

High Performance Fiber Reinforced Cement 

Composites (HPFRCC)–refers to as Engineered 
Cementitious Composites (ECC), Strain-Hardening 
Cement-based Composites (SHCC) and bendable 
concrete-with multiple fine cracks is a cement-based 
composite material with a strain-hardening tensile behavior 
and an excellent capability to control the width of crack (Li 
2003, JSCE 2008). This composite material has shown a 
high strain capacity and can absorb and dissipate high 
amounts of energy (Mechtcherine and Sculze 2005). 
Improving the low tensile strength, strain-softening and 
brittle behavior of URM walls by such a ductile 
strain-hardening material was the main motivation of current 
research work. The effect of ECC retrofitting on the 
structural performance of the existing URM walls should be 
studied through small-scale and full scale testing of the 
retrofitted wall specimens. Small-scale tests on the ECC 
retrofitted masonry wall specimens could save the time, 
labor and consequently the overall experiment cost.  

Kyriakides and Billington (2008) studied ECC 
retrofitting for concrete frame-infill masonry walls. They 
conducted a series of experiments in order to examine the 
impact of a thin layer of ECC applied to masonry infill wall 
as well as when it is applied on a masonry wall bounded by 
a non- ductile reinforced concrete frame. The study results 
showed that ECC can help keep unreinforced masonry walls 
in tact to large lateral drifts, adding significant ductility to the 
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structural system under cyclic loading.  
The effect of ECC mixture components on its retrofit 

functionality for masonry walls was studied by Bruedern et 
al. (2009). The test results showed that the shear load 
bearing capacity and the energy absorption capacity of 
masonry increased by the application of a thin ECC layer. 

Maalej et al. (2010) studied the ECC retrofitting for 
URM walls under impact loading. The quasi-static loading 
test results showed that the ECC-strengthening system 
improves the out-of-plane resistance of masonry walls 
significantly. Moreover with the use of ECC overlay, 
fragmentations due to impact were also reduced 
significantly. 

Also Lin et al. (2010) conducted some in-plane and 
out-of-plane tests on the ECC retrofitted masonry specimens 
and examined a two story URM building shotcreted with 
ECC in New Zealand. As a result of out-of-plane tests, an 
increase in maximum load of 1.6 times the strength of the 
bare wall was observed when ECC retrofitting was applied 
on the compression surface and an increase of 13.2 times 
when it was applied on the tension side. 

In this paper, due to the high tensile strength and  
strain-hardening behavior of ECC and low tensile strength 
and strain-softening behavior of masonry on the other hand, 
the efficiency of this retrofitting method for URM walls was 
investigated through an experimental study. The structural 
performance of the retrofitted masonry wall was evaluated 
through tests on URM specimens such as prism and triplets. 
However improvements of characteristics observed in small 
size tests, can be validated by full-size tests. 
 
 
2.  EXPERIMENTAL APPROACH 

In order to understand the retrofit capability of ECC on 
URM structures, uniaxial compression and shear triplet tests 
were conducted on the wall specimens. The results of such 
an experimental study are necessary to predict the structural 
behavior of bare and retrofitted masonry wall and 
consequently the whole URM structure. 

Two types of specimens were constructed and tested 
such as unretrofitted (refers to as U specimens) and 
retrofitted (refers to as R specimens). Comparison between 
these two test result data was used to evaluate the retrofit 
efficiency.  

Basic material properties of masonry components and  
ECC mortar are necessary to grasp the behavior of the 
retrofitted masonry. Mechanical characteristics such as 
strength and stress-strain relationship of masonry unit bricks, 
bed joint mortar, masonry prism, masonry shear triplets and 
ECC overlay mortar were obtained through testing as it is 
discussed in following parts.  

 
2.1  Characterization of ECC  

ECC mortar was used for surface retrofitting in this 
study. The mechanical properties of ECC mortar depends on 
the mechanical properties of its constituents such as fiber 
cement, super plasticizer (SP) and some other additives. The 
material properties of these components play an important 

role in the effective utilization of ECC composite. However 
in present study only the properties of ECC mortar (and not 
the components) were investigated based on the mixture 
plan provided by the producing company. Information about 
the effect of ECC components on its overall performance 
could be found on other research works (Li 2003, Li 2008 
and Kanda et al. 2003).  

Some tests were conducted on ECC mortar to find the 
specific weight, mortar flow, compressive and flexural 
strength, ultimate tensile strain, modulus of elasticity and 
Poisson’s ratio. Compression and three-point bending tests 
were conducted on the cylindrical and prism samples of 
ECC mortar. Specific weight and compressive strength of 
ECC mortar was measured as 1.64 g/cm3 and 24.6 N/mm2, 
respectively. Mechanical properties of ECC mortar are 
shown in Table 1. 

Compressive and tensile stress-strain diagram of it are 
shown in Figures 1 and 2, respectively. Also the compressive 
strength versus time diagram of the mortar is shown in 
Figure 3. Due to the existence of fiber cement in ECC mortar, 
a very slow failure mode along with a high ultimate tensile 
strain was observed. However it must be mentioned that the 
mortar mixing process and its workability and treatment 
method are different of usual cement mortars. So there is a 
need to experienced workers to deal with especially in case 
of shotecrete on the wall surface as it was reported by Lin et 
al. (2010).   
 
2.2  Properties of Masonry Brick 

In order to find out the mechanical parameters of 
masonry unit brick such as modulus of elasticity, 
compressive and flexural strength nine plain masonry unit 
bricks (without holes) were tested with the average size of 
210 mm x 110 mm x 60 mm. Six units out of them were 
tested under uniaxial compression in two directions, parallel 
(namely UBV1-UBV3) and normal (namely UBH1-UBH3) 
to bed joint mortar. Also three unit bricks were tested under 
three-point bending (namely UBB1-UBB3).  

The loading sides of bricks were capped using a 
rapid-hardening cement mortar in order to provide a uniform 
force application surface. Then they were subjected to 
compression and three-point flexural test in a compression 
testing machine under a force control manner. Two strain 
gauges were pasted on the both sides of each compressive 
specimen to obtain the deformational properties and in case 
of the bending specimens; strain gauge was pasted on the 
bottom tension surface of brick as shown in Figure 8.  

The average modulus of elasticity of the bricks (UBH 
series) was calculated as 17.7 GPa from the test results and 
the average compressive strength of bricks under 
compression normal and parallel to bed joint was 64.5 and 
89 N/mm2, respectively. Properties and compressive 
stress-strain diagram of unit brick tests are shown in Table 2 
and Figure 4, respectively. 
 
2.3  Properties of Bed Joint Mortar  

 
In order to reach more realistic results from the study, 
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bed joint mortar was prepared with a 28 days compressive 
strength as low as the one being used in common masonry 
construction in earthquake-prone regions (about 10 MPa). 
This mortar was prepared by mixing of cement, sand, light 
weight silica powder blended with proportion of 1:6.5:1, 
respectively. Also w/c ratio was chosen equal to 130%. In 
order to measure the material constants of bed joint mortar 
such as compressive and tensile strength, compression and 
three-point bending tests were conducted on the cylindrical 
and prism samples, respectively. Deformational data was 
obtained by using two strain gauges for each cylindrical 
sample in both horizontal and vertical directions. In case of 
the flexural specimens, strain gauge was pasted on the 
tension side of the prism.  

Specific weight and compressive strength of bed joint 
mortar was calculated as 1.96 g/cm3 and 10.0 N/mm2 
respectively. Mechanical properties of bed joint mortar are 
shown in Table 3. Compressive and tensile stress-strain 
diagrams of bed joint mortar are shown in Figures 5 and 6, 
respectively.  

 
2.4  Masonry Test Specimens 

The masonry specimen types which tests were 
conducted on are shown in Table 4 and Figure 7. Two series 
of masonry specimens were constructed such as triplet  
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Figure 1  Compressive Stress-Strain Diagram of ECC Mortar

and prism. Each series was consisted of both unretrofitted 
and retrofitted specimens. Also in order to grasp the effect of 
ECC overlay on the unit masonry brick, retrofitted unit 
bricks were also tested.   

Nine triplet specimens were constructed to obtain the 
shear effect of ECC retrofit. Three out of them (namely 
10RT1-10RT3) were retrofitted by ECC mortar in both sides 
with thickness of 10 mm and the other three ones (namely 
20RT1-20RT3) were retrofitted in a similar way but with 
thickness of 20 mm. Three specimens (namely UT1-UT3) 
were left unretrofitted as control ones.  

Nine masonry prism specimens were made with the 
height to length ratio about 1.6 to find out the compressive 
effect of ECC treatment. Three of these specimens (namely 
10RP1-10RP3) were retrofitted by ECC mortar in both sides 
with thickness of 10 mm and other three ones (namely 
20RP1-20RP3) were retrofitted with 20 mm thick mortar. 
Three specimens (namely UP1-UP3) were left bare. Also 
nine retrofitted unit brick specimens were provided. Six 
specimens out of them were retrofitted in parallel (namely 
RBV1-RBV3) and normal (namely RBH1-RBH3) 
directions to bed joint mortar and the other three ones 
(namely RBB1-RBB3) were retrofitted for three-point 
flexural test as shown in Figure 8. 

In all specimens, the thickness of bed joint mortar was  
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Figure 3  Compressive Strength versus Time 

         Diagram of ECC Mortar 
 Figure 2  Tensile Stress-Strain Diagram of ECC Mortar 
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kept about 10 mm. All specimens were cured after 
construction for at least 28 days. Then they were retrofitted 
in both sides and cured again. The retrofitted triplet and 
prism specimens are shown in Figure 9. 

 
 

3.  TEST PROCESS 
In the following parts procedure of the conducted tests on 
each series of specimens is described. 
 
3.1  Tests on Masonry Unit Bricks 

Two series of masonry unit bricks were provided such 
as bare and retrofitted. In each series, three specimens were 
tested by the application of compressive force normal to bed 
joint. The other three specimens were subjected to normal 
force parallel to bed joint and three were tested under 
three-point bending test. Arrangement of strain-gauges is 
shown in Figure 8. 
 
3.2  Tests on Shear Triplet  

Four displacement transducers were used to catch the 
deformational response of triplet specimens under a force 
control loading manner. A 19 mm thick steel plate and two 
35 mm thick steel plates were used as the force application 
surface and base supports, respectively. Their arrangement is  
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 Table 2  Properties of Masonry Unit Brick 
 
 

Length Width Height

209.9 99.06 59.83 1262 59.541
209.01 98.42 59.14 1452 69.244
210.49 99.69 59.86 1386 64.796
209.82 112.84 59.21 2434 100.851
210.61 120.23 59.17 2234 86.549
210.14 114.7 58.6 1954 79.528

UBH2
UBH3

Pmax(kN) 

UBH1

Sample no.
Dimensions (mm)

RBH2
RBH3

RBH1

σmax(MPa) σmax(ave) 

64.53

88.98

 
 
 
 
 
 

Figure 4  Compressive Stress-Strain Diagram  

         of Masonry Unit Brick (UBH Series)

 
 
 

shown in the Figure 9(a). 
 
3.3  Tests on Prism Specimens 

 Masonry prism specimens were tested under 
compression normal to bed joints in a force control way. To 
ensure uniform pressure, steel plates are set on the top and 
bottom sides of the prisms. The strain along the axis of the 
loading was measured using two displacement transducers 
on both shorter sides of the specimens as shown in Figure 
9(b).  

 
 
4.  TEST RESULTS AND DISCUSSION 

Test results are discussed in three parts such as masonry 
unit brick, shear triplet and prism tests. Failure mode and 
ultimate load, behavioral data such as stress-strain diagram 
and other mechanical characteristics are used as a basis to 
evaluate the effectiveness of the retrofitting method. 
 
4.1  Masonry Unit Brick Tests 

Both bare and retrofitted unit brick specimens were 
failed in a vertical splitting mode of brick along with the 
buckling of ECC overlay in the retrofitted ones. However as 
it was observed, buckling of ECC overlay was occurred 
prior to brick failure. Compressive strength of both bare and  
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Figure 5  Compressive Stress-Strain Diagram  

         of Bed Joint Mortar  
Figure 6  Tensile Stress-Strain Diagram of Bed Joint Mortar 
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retrofitted bricks is shown in Figure 10 which shows an 
increase about 38% in the retrofitted bricks.  
 
4.2  Shear Triplet Tests 

Bare triplet specimen was failed through departing of 
brick and bed joint mortar at a very low displacement. It can 
be explained as a result of weak bed joint mortar and low 
bond strength between brick and mortar interface. 
Symmetrically developing cracks were observed in failure 
mode of the retrofitted triplet specimens. This shows that 
ECC retrofitting increases homogeneity in masonry as a 
heterogeneous composite element. Also it decreased stress 
concentration by preventing unsymmetrical failure mode. 
The Failure modes of triplet specimens are shown in Figure 
11.  

Shear stress-strain diagram of both bare and retrofitted 
specimens are shown in Figure 12. 

As a result of calculation, ECC retrofitting increased the 
shear modulus of triplet significantly. The amount of shear 
modulus for bare specimen (UT1) (1.82 GPa) increased to 
3.76 and 3.47 GPa for the retrofitted ones with ECC overlay 
of thickness 10 mm (10RT1) and 20 mm (20RT1) 
respectively. This is an increase about 106% and 91% in 
shear modulus which is shown in Figure 14. Shear strength 
of unretrofitted triplet (UT1) increased from 0.47 MPa to 
1.42 and 1.65 MPa for retrofitted ones with 10 (10RT1) and  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 Table 3  Mechanical Properties of Bed Joint Mortar
 H 

 
(a) 

 
 
 
 
 
 
 
 
 

20 mm (20RT1), respectively. This is shown in Figure 13 
which shows a significant increase about 203% and 251% in 
shear strength. 

Detachment of ECC overlay from brick surface was 
observed in some retrofitted specimens with ECC thickness 
of 20mm. However in some others, vertical tension cracks 
were observed in side bricks before detachment which leads 
to splitting of them. 
 
4.3  Prism Tests 

Failure mode in bare prism specimen was represented 
by vertical tensile cracks parallel to the loading direction.  

They appeared mostly on the longer sides of prism as 
shown in Figure 15.  

In case of the retrofitted specimens, due to the 
confining effect of ECC overlay, failure condition was 
similar to buckling behavior.  

Moreover, it was observed that in case of ECC overlay 
of 20 mm thickness, detachment of ECC overlay from brick 
surface was started before the above mentioned buckling 
behavior. 

Compressive stress-strain diagram of both bare and 
retrofitted prism specimens are shown in Figure 16 which 
shows that the compressive behavior of bare prism can be 
divided to two zones with elastic modulus of 2.56 and 12.5 
GPa. Retrofitted prisms showed elastic modulus as 11.4 and  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7  Masonry Specimens  

        (a) Masonry Prism  (b) Masonry Triplet  

Table 4  Masonry Specimen Types 

W 

D

H 

W 

D

(b)

157
1.96
12.3
0.158
10.0Compressive Strength (MPa)

Flow (mm)
Specific Weight (g/cm3)
Elastic Modulus (GPa)

Poisson's Ratio

UBH1
UBH2
UBH3
RBH1 49
RBH2 49
RBH3 49
UT1 42

10RT1 42
20RT1 42
UP1 42

10RP1 42
20RP1 42341.00

58.60
98.49
119.60
136.00
340.50
338.20

213.20
100.20
121.70
138.40

Height (H)
59.83
59.14
59.86
59.21
59.17
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20

Prism
0
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  Type Name

Triplet

Dimensions (mm)
Width (W)

209.90

ECC Thickness (mm) Age (day)

Brick

0
0
0
10

Depth (D)

10
10
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17.4 for 10 mm (10RP1) and 20 mm (10RP2) ECC overlays 
which show an increase about 345% and 580%. 

The comparison between compressive strength of bare 
and unretrofitted prisms are shown in Figure 18. Also it was 
found out that retrofitting with 10 mm and 20 mm layers 
results in a very low increase in compressive strength.  

It can be explained by this fact that in the retrofitted 
prisms major part of compressive load is resisted by ECC 
overlay which buckled before the collapse of the whole 
specimen and resulted in lower compressive strength of the 
specimen.  

Therefore no significant improvement was observed in 
compressive strength of the masonry prism. 
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Figure 10  Compressive Strength of Masonry Unit Bricks 

 

 

 

 

 

 
(a) 

 

 
Figure 11  Failure Mode of Masonry Triplet Specimens 
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Figure 8  Retroftted Masonry Unit Bricks  

     (a) RBH Specimen  (b) RBV Specimens  

   (c) RBB Specimens 

 

 
Figure 12  Shear Stress-Strain Diagram of Masonry Triplet Specimens
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 Figure 9  Retrofitted Masonry Specimens  

         (a) Triplet Specimen  (b) Prism Specimens  
 

 

 

 

 
Figure 13  Shear Strength of Masonry Triplet Specimens 
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Figure 17  Maximum Compressive Load carried by      

          Masonry Prism Specimens  
Figure 14  Shear Modulus of Masonry Triplet Specimens 
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Figure 15  Failure Mode of Masonry Prism Specimens 

Figure 16  Compressive Stress-Strain Diagram of  

          Masonry Prism Specimens  

Figure 18  Compressive Strength of Masonry 

          Prism Specimens  
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5.  CONCLUSION 
 
By comparing the compressive, shear test results and 

the failure mode of unretrofitted and retrofitted specimens, 
following conclusion remarks were found out: 
1. Shear resistance and ductility of triplet specimens were 
increased significantly. For Shear strength, the increase was 
about 203% and 251% for ECC retrofit overlays of 
thickness 10 mm and 20 mm, respectively. 
2. Shear modulus of triplet showed an increase about 106% 
and 91% for ECC overlays of thickness 10 mm and 20 mm, 
respectively. 
3. ECC retrofitting changed the brittle failure mode of the 
URM to a ductile and developing failure which means better 
energy dissipation behavior and deformability. 
4. Symmetric developing cracks in the failure mode of shear 
triplet test showed that ECC retrofitting increases the 
homogeneity in URM as a composite material. Also it 
decreased stress concentration and makes it easy to predict 
the possible failure pattern of masonry. 
5. Elastic modulus of masonry prism increased about 345% 
and 580% for ECC overlays of thickness 10 mm and 20 mm, 
respectively.  

Due to significant improving effect of ECC on shear 
behavior of specimens, it can be considered as a suitable 
retrofitting method for URM walls. 

As next phases of this research, the validated analytical 
models will be used for development of design constitutive 
models. Also considering the high tensile strength and 
energy dissipation improvement capability of this technique, 
static out-of-plane and dynamic tests on specimens with 
bigger size are needed to evaluate the out-of-plane and 
damping impact.  
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Abstract:  This paper describes recent progress in the development of design criteria for braced-frame systems that 
employ controlled rocking and energy dissipating fuses to limit structural damage and minimize residual drifts.  The 
systems consist of steel braced frames that are designed to remain essentially elastic (and undamaged) while rocking off 
their foundations, with replaceable energy dissipating fuses and restoring action provided by high-strength 
post-tensioning bars or strands.  Seismic design criteria address are organized around three limit states, characterized by 
(1) initiation of system rocking and fuse yielding, (2) onset of yielding in post-tensioning system and associated loss in 
self-centering ability, and (3) onset of fractures in fuses and post-tensioning that can precipitate collapse.  The proposed 
models and design criteria are supported by analyses and test data, including results of a large-scale rocking-frame test 
conducted at E-Defense, which was conducted as part of a US-Japan program on steel structures.  

 
 
1.  INTRODUCTION 
 

This paper builds on research previously reported by 
the authors and collaborators from Japan to develop and 
validate controlled-rocking design concepts for steel braced 
frames that provide enhanced performance over 
conventional seismic resisting systems (Deierlein et al. 
2011).  The design concepts and overall behavior of the 
rocking frames have been validated through analyses and 
laboratory testing, including large-scale quasi-static cyclic 
tests conducted in the United States (Hajjar et al. 2010) and 
shake table testing conducted at the E-Defense facility in 
Japan (Deierlein et al. 2010).  In this paper, design 
equations and criteria for the seismic design of 
controlled-rocking systems are presented. For more 
complete details of the research, including background to the 
criteria summarized here, readers are referred to reports by 
Eatherton and Hajjar (2010) and Ma et al. (2011a, b). 
 
2.  OVERVIEW OF DESIGN CONCEPT 
 

Referring to Figure 1, the controlled-rocking frame 
consists of a steel braced frame, whose columns rock off the 
foundation due to lateral loading induced by earthquake 
ground motions. Resistance to overturning is provided by a 
combination of post-tensioning tendons, a yielding fuse, and 
tributary dead loads on the frame (note, dead load forces are 
not shown in Figure 1). The systems developed and tested in 
our research utilized high-strength (Fu =1,860 MPa) 7-wire 

strands for the post-tensioning, and fuses consisting of either 
steel shear plates with butterfly-shaped yielding links (Ma et 
al.. 2011a) or buckling-restrained braces. The rocking frame 
is designed and detailed to remain essentially elastic under 
severe earthquake motions using conventional brace-frame 
construction details.   

The configuration shown in Figure 1 is a single rocking 
frame with the post-tensioning and fuse located along the 
centerline of the frame.  Other configurations are possible, 
such as where the post-tensioning and/or fuses can be 
located along the column lines.  Another alternative is a 
dual-frame system, consisting of two adjacent rocking 
frames, where fuses are located between two frames and 
deformed in shear due to relative vertical motion of the 

Figure 1 Diagram of forces acting on rocking frame 
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adjacent columns. While the discussion in this paper focuses 
on the single frame configuration shown in Figure 1, the 
equations can be readily adapted to other configurations. 

As shown in Figure 1, the overturning resistance 
depends on the forces developed in the post-tensioning and 
fuses, multiplied by their respective lever arm to the rocking 
column base.  The idealized base moment versus lateral 
drift response is shown in Figure 2, where it is assumed that 
the frame is very stiff relative to the rocking base and that 
the lateral frame drift is proportional to the rocking rotation. 
As indicated, the rocking frame and post-tensioning exhibit 
nonlinear elastic response (Figure 2a), while the fuse 
exhibits hysteretic energy dissipating response (Figure 2b).  
The combined response (Figure 2c) results in the so-called 
“flag shape” hysteresis response where the structure 
self-centers to vertical after the lateral load is removed. 
Significant uplifting and yield initiation on the initial loading 
cycle occurs at point b, though in subsequent cycles the 
structure will uplift sooner and dissipate less energy, 
following the dashed line between points f-h and i.   The 
relative contributions of the yielding fuse to the elastic 
post-tensioning dictate the amount of energy dissipation and 
the self-centering capability. 

 
3.  ROCKING FRAME MODEL PARAMETERS 

 
3.1  Equilibrium and Stiffness Equations 

Referring to Figure 2, several key design parameters are 
(1) the nominal yield strength at point b, (2) the peak 
displacement and associated moment resistance at point c, 
and (3) the self-centering ability, which relates to the height 
of flag, relative to the maximum moment.   

The nominal yield strength (point b) is calculated by the 
following equation as the sum of uplift resistance provided 
by the initial post-tensioning force, the tributary dead load, 
and the nominal yield strength of the fuse: 

 , 	 , ∑      (1) 

 
where fpt,o is the initial presstress, Apt is the area of 
prestressing tendons, Vfs,y is the nominal yield strength of the 
fuse, PDL is the tributary dead load at each floor, and ePT, efs 
and eDL are the respective eccentricities.  In the frame 
configuration shown in Figure 1, the eccentricity for all three 
contributions is equal to half of the frame width. 

The self-centering (SC) index, which describes the ratio 
of the PT frame system (Figure 2a) to the yielding fuse 
(Figure 2b) is given by the following: 

 , 	∑ , 	 (2) 

In theory, assuming that there is no loss in the initial 
prestressing and no hardening in the fuse, a self-centering 
ratio of SC equal to 1 would be the minimum required to 
statically self-center the system.  This would correspond to 
a case where the height of the flag (Mflag in Figure 2c) is 

equal to the nominal yield moment, My.  While 
self-centering is desirable, too large of a self-centering ratio 
(e.g., SC much greater than 1) will have a negative impact 
by limiting the energy dissipation provided by the fuses.  
 Calculation of the displacement and resisted moment at 
the peak point c is important to check for the maximum 
force and deformation demands in the post-tensioning, fuses, 
and the braced frame.  A method to determine the 
maximum drift based on the ground motion shaking 
intensity is described later in Section 2.3.  Assuming that 
the deformation at point c, i.e., the drift ratio c/h, is known 
and that deformations at point b are small enough to be 
neglected, then the peak moment, Mc, can be calculated as: 

 	 ⁄   (3) 

 	     (4)

 	 ,     (5) 

where, Ept is the effective elastic stiffness of the 
post-tensioning, Lpt is the length of the post-tensioning, kfs,sh 
is the strain hardening stiffness of the fuse, and the other 
terms are as defined previously. 
 
3.2  Displacement Demand 
 Since the stiffness of the rocking frame changes 
dramatically upon uplift and yielding, the initial stiffness and 
initial period are not representative of the dynamic 
characteristics for calculating large inelastic displacements.  
Of the various strategies to determine the inelastic 
displacements, one that seems to work well for rocking 
systems is based on calculating spectral displacement 
demands using an effective rocking stiffness. As shown in 
Figure 3, the effective rocking stiffness, Keff, is based on the 
secant stiffness Ks, determined at the target uplift rotation, 
modified by the factor .  Given the spectral acceleration 
demands, and assuming that the frame is dominated by rigid 
body rocking action (i.e., that elastic deformations of the 

Figure 2  Idealized base moment versus drift response of 
rocking frame components 
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braced frame are small), then the rocking angle ( uplift= /h) 
can be calculated as follows:   

 
∑ 	        (6) 

where Sa(Teff) is the spectral acceleration demand at the 
effective vibration period, wi seismic weight (mass) at each 
floor, hi is the height of each floor above the base, and Keff  is 
the effective vibration stiffness.  The effective period, Teff , 
at which the spectral acceleration demand is defined is 
calculated by the following: 

 2 ∑
        (7) 

As shown in Figure 3, the effective stiffness Keff is 
determined based on the secant stiffness, Ks, relating the 
rocking overturning moment resistance to the uplift rotation 
at the target rotation.  Studies of archetypical rocking 
frames at moderately large uplift rotations (on the order of 
0.02 to 0.03 radians) and with reasonable energy dissipation 
(see next section) indicate the effective vibration stiffness is 
about twice the secant stiffness. Considering that the 
effective vibration period is inversely proportional to the 
square root of stiffness, the period based on the effective 
stiffness is about two-thirds of that calculated using the 
secant stiffness. 
 Note that since uplift rotation and the spectral demand 
(Equation 6) are co-dependent on the secant stiffness used to 
determine the vibration effective period (Equation 7), the 
calculation of uplift demand generally requires an iteration.  
This can be accomplished by (1) assuming a value of target 
uplift rotation, (2) evaluating the effective stiffness and 
effective period for the assumed target rotation (Figure 3 and 
Equation 7), (3) evaluate the spectral acceleration at the 
effective period, Sa(Teff), and (4) calculate the resulting uplift 
rotation (Equation 6) and compare to the assumed value.  
Usually, this requires about two iterations before converging 
to a consistent uplift rotation. 

 
3.4  Energy Dissipation 
 As illustrated in Figure 4, self-centering systems will 
have inherently less energy dissipation than more 
conventional systems with fuller hysteresis loops.  Shown 
in Figure 4 is a moment versus uplift hysteresis response of a 
rocking frame system tested at E-Defense.  The amount of 

energy dissipation depends on the relative strength of the 
yielding fuse to the post-tensioned rocking frame and the 
amount of degradation in the fuse.  The plot in Figure 4 is 
for a system with thick (non-degrading) fuses.  The plot is 
circumscribed by the hysteretic plot (shown in red) of an 
idealized bi-linear system with an elastic stiffness and 
strength equal to the rocking system. 
 For precast post-tensioned rocking walls, ACI 
ITG-5.1-07 (ACI 2007) recommends a minimum energy 
dissipation capacity based on a minimum ratio of 1/8 
(12.5%) between areas of the hysteresis loop for a 
self-centering system and an idealized elastic plastic system.  
This minimum ratio is intended to ensure that the rocking 
system will respond similarly (i.e., with comparable 
deformation demands) as a conventional system.  For the 
example shown in Figure 4, which is typical of many of the 
rocking frame tests, the area ratio is about 30%, which is 
more than twice the recommended minimum of ACI 
ITG-5.1-07.  Tests conducted at E-Defense of a rocking 
frame with a degrading fuse and a dissipated energy area 
ratio of about 18% experienced drift demands that were 
about 25% larger than demands in a system with an energy 
dissipation ratio of 30%. Thus, the E-Defense data suggest 
that the minimum area ratio should be about 20% (1/5) to 
maintain comparable shaking demands to conventional 
systems, which is a bit larger than recommended by ACI 
ITG-5.1-07.  

 
 
4.  ROCKING FRAME MODEL PARAMETERS 
 
 Rocking frames must be designed with sufficient 
strength, stiffness, and ductility to provide serviceable and 
safe performance under varying earthquake ground motions. 
Referring to the idealized rocking system response plot in 
Figure 5, the rocking frame system design parameters can be 
related to two basic limit states, which involve evaluation of 
(1) the required uplift and initial yield strength, My, and (2) 
the deformation demands and capacities under large ground 
motions.  A third limit is related to preservation of 
self-centering action to control residual drifts.  

Figure 4 Energy dissipation in rocking frame (a) 
thick fuse, and (b) thin degrading fuse 
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Uplift and Yield Strength Limit:  As described 
previously through Equation 1, the system uplift and yield 
strength, My, can be calculated as a function of the tributary 
gravity load, the initial post-tensioning, and the fuse yield 
strength. To provide initial yielding performance that is 
comparable to other seismic force resisting system, it is 
proposed to require that the initial uplift and yield strength 
be at least equal to that for other ductile seismic force 
resisting systems, such as ductile moment frames or 
buckling restrained braced frames. According to US practice, 
the minimum required strength could be calculated using a 
response modification factor of R=8, whereby the equivalent 
elastic forces from the Design Basis Earthquake (DBE) are 
reduced to design force levels.   
 Beyond for providing the required minimum strength, 
the post-tensioning and fuse strengths should be chosen to 
ensure a self-centering ratio SC (Equation 2) that is greater 
than or equal to 1.  Essentially, the lower limit on SC 
controls the minimum amount of post-tensioning, relative to 
the fuse strength.  The maximum ratio of post-tensioning to 
fuse strength is controlled by the need to maintain sufficient 
energy dissipation (Figure 4), which limits the upper bound 
of the SC ratio to about 1.5.  
 Aside from the requirement for a minimum My 
comparable to other systems, additional strength may be 
required to control the maximum deformations.  This point 
is described further in the next section. 
  Deformation Limit:  As described in Figure 3 and 
Equations 6 and 7, the deformation demands on the rocking 
system can be calculated based on the seismic mass and 
geometry of the building, the spectral acceleration demand at 
the first-mode period (Sa(Teff)), and the effective secant 
stiffness, Keff.  Referring to Figures 1 and 3 and Equations 3 
to 5, the secant stiffness in turn depends on the yield strength, 
My, and the hardening stiffness provided by the 
post-tensioning and fuse, Kpt and Kfs, respectively.  
Therefore, the strength and stiffness of the post-tensioning 
and fuses are important design variables in controlling the 
deformation demands on the system. 
 As shown in Figure 5, at the deformation limit, the 
deformations should be controlled so as to avoid the onset of 
degradation, which could arise due to fracture or other 
damage to the post-tensioning, fuse, or the main structural 
members of the rocking frame. Yielding of post-tensioning 
prior before the deformation limit is generally not advised, 
except where the post-tensioning system has reliable 
ductility, such as with high-strength bars.  
 In US practice, it is becoming common to check for the 
onset of significant degradation to deformations associated 
with ground motions at the Maximum Considered 
Earthquake (MCE) intensity, which has a return period on 
the order of 1,000 to 2,500 years.  This could be done by 
using MCE level spectral accelerations in Equation 6. 
 Some of the limit states that must be assessed at the 
deformation limit include: (1) displacement capacities of 
rocking column bases, (2) force and strain demands in the 
post-tensioning system, (3) force and strain demands in the 
structural fuses, and (4) displacement compatibility and 

capacities and required strengths of the floor diaphragm and 
collector beams.  In addition, the braced frame should be 
designed to remain essentially elastic and undamaged at the 
deformation limit of the rocking frame.  This requires 
capacity design of the braces and frame members to resist 
the forces imposed on the frame at the deformation limit, 
based on the maximum rocking resistance (Mc) developed at 
the base.  
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Abstract:  This paper presents new strategies for the design of braced and unbraced frame structures that include 
concrete-filled steel tubes or steel reinforced concrete beam-columns as part of the seismic force resisting system. The 
paper first highlights experimental tests conducted on concrete-filled steel tube beam-columns subjected to cyclic biaxial 
bending plus axial compression. These tests provide new data for slender composite beam-columns that complement 
existing worldwide data. Corroborating analyses using a new mixed finite element beam formulation for composite 
members are presented. New approaches are then introduced for analysis and design of composite beam-columns, 
including determination of appropriate values of the flexural rigidities of composite beam-columns for use in 
second-order elastic analysis. The proposed stability assessment is based on Direct Analysis procedures, where member 
and frame stability are accounted for using reduced member rigidities and either directly modeling initial imperfections or 
including notional horizontal loads in lieu of calculating member effective length. Validation of these new approaches for 
design is made through comparison with worldwide experimental tests on composite members. 

 
 
1.  INTRODUCTION 
 

Composite frames have been shown to be a sensible 
option for use as the primary lateral resistance system of 
building structures; and in many cases offers significant 
advantages over other lateral resistance systems (Hajjar 
2002). However, there is a notable lack of quantitatively 
justified guidance for design of these structures. Specifically, 
little guidance is available regarding the value of stiffness 
that should be used in elastic analyses of composite frames, 
the recently developed direct analysis method for stability 
design of steel structures (AISC 2010) has not been 
validated for use with composite structures, and there is little 
data to justify the structural system response factors (i.e., R, 
Cd, and o) given in the specifications for seismic design of 
composite frames. This paper presents experimental and 
analytical work conducted as part of a NEES research 
project to build core knowledge on the behavior of 
composite columns and to develop rational design 
recommendations.  
 
 
2.  FULL SCALE SLENDER CFT BEAM-COLUMN 
EXPERIMENTS 

 
2.1 Test Specimens 

The specimens in the experimental program were 

selected to be both relatively slender in length and in 
width-to-thickness ratio. Few specimens with these attributes 
have been tested in prior research as noted in experimental 
databases (Leon et al. 2005, Goode and Lam 2011). In total, 
eighteen specimens were tested with variations in steel tube 
shape and size, length, and concrete strength (Table 1).  

The tests were conducted at the Multi-Axial 
Sub-Assemblage Testing (MAST) facility at the University 
of Minnesota. The MAST system (Figures 1 and 2) consists 
of a stiff steel crosshead connected to 4 vertical actuators and 
2 actuators in both horizontal directions, allowing 6 DOF 
control of the crosshead. Thick plates were welded to the 
ends of the specimens. The bottom plate rigidly connected 
the specimen to the strong floor and the top plate rigidly 
connected the specimen to the crosshead. Through control of 
crosshead different end conditions could be simulated, most 
often a fixed-free (K=2) condition was enforced.  

The axially stiff yet flexurally compliant CFT 
beam-column specimens were a unique challenge to control. 
The axial strength of some of the specimens exceeded the 
vertical capacity of the system (5,900 kN) and the specimens 
retained strength at the lateral displacement capacity of the 
system (406 mm) although they were often being held in an 
unstable configuration by the crosshead. The specimens 
were subjected to a variety of successive load histories, 
providing a wealth of data useful for developing design 
recommendations and calibration of advanced nonlinear 
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computational models.  
The first load case subjected the specimens to 

concentric axial load. Most specimens were held in a 
fixed-free (K=2) configuration [specimens 1-C5-18-5 and 
18-C5-26-12 were held in a fixed-fixed (K=1) configuration]. 
Specifically, lateral forces and bending moments at the 
crosshead were force controlled to zero, while the specimen 
was loaded in axially in displacement control until the 
critical load was reached. The twist DOF was held in 
displacement control to zero due to the low torsional 
stiffness of the specimens.  

 
 

Table 1  Test Matrix 

 
 
 
 
The second load case subjected the specimens to 

combined axial compression and uniaxial bending. This was 
achieved with vertical force control at a specified load and 
displacement control of the lateral DOFs. Again, most 
specimens were held in a fixed-free (K=2) configuration 
with bending moments at the crosshead were force 
controlled to zero [specimens 1-C5-18-5 and 18-C5-26-12 
were held in a fixed-fixed (K=1) configuration]. The third 
load case maintained the same control as the second load 
case, but subjected the specimen to combined axial 
compression and biaxial bending.  

Additional latter load cases were conducted, subjecting 
the specimens to torsion or alternate end conditions. Full 
details of the test program including these load cases and 
discussions on wet concrete effects are presented elsewhere 
(Perea 2010).  

 

Figure 1  Specimen 1-C5-18-5 Before Testing 

 

Figure 2  Specimen 1-C5-18-5 During Testing 

 
 
 
 

Specimen D  or H B t f' c F y L

(mm) (mm) (mm) (MPa) (MPa) (mm)

1-C5-18-5 141 --- 3.15 37.9 383 5,499

2-C12-18-5 324 --- 5.92 38.6 337 5,499

3-C20-18-5 508 --- 5.92 40.0 328 5,525

4-Rw-18-5 508 305 7.39 40.7 365 5,537

5-Rs-18-5 508 305 7.39 40.7 365 5,537

6-C12-18-12 324 --- 5.92 91.0 337 5,499

7-C20-18-12 508 --- 5.92 91.0 328 5,534

8-Rw-18-12 508 305 7.39 91.7 365 5,553

9-Rs-18-12 508 305 7.39 91.7 365 5,553

10-C12-26-5 324 --- 5.92 54.5 335 7,950

11-C20-26-5 508 --- 5.92 55.8 305 7,995

12-Rw-26-5 508 305 7.39 56.5 406 7,957

13-Rs-26-5 508 305 7.39 57.2 383 7,969

14-C12-26-12 324 --- 5.92 80.0 383 7,963

15-C20-26-12 508 --- 5.92 80.0 293 7,976

16-Rw-26-12 508 305 7.39 80.7 381 7,957

17-Rs-26-12 508 305 7.39 80.7 380 7,963

18-C5-26-12 141 --- 3.15 80.7 383 7,941
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2.2 Experimental Results 
Typical results from load case 2 are shown in Figure 3. 

These results are from one axial load level, two cycles were 
performed. From these results, limit points (points on 
beam-column strength interaction surface) can be identified 
as the peak first order moment, or peak lateral load. It is 
noted that the second order moment continued to rise since 
the cross-section strength has not yet been reached and 
specimen was held in an unstable configuration by the 
displacement control of the crosshead. For each specimen, 
and each axial load level, a limit point was identified. The 
limit points for the specimens are presented in Figure 4 
along with the design interaction diagram constructed using 
the plastic stress distribution method and points A, C, and B 
(AISC 2010). Since the ratio of axial load at point A (the 
pure axial strength) to the axial load at point C (a point axial 
load and moment equal to the pure bending strength) differs 
among the specimens, the range of interaction diagrams is 
shown with dashed lines and the average interaction diagram 
is shown as a solid line.  

 
 

 

Figure 3  Determination of the Limit Point 

 
 
The results of load case 2 also allow for an evaluation 

of the effective elastic stiffness (EI) of the composite section. 
The slope of force-deformation response (e.g., Figure 3) 
following load reversals was recorded (the very stiff 
response at the load reversal is attributed to friction in the 
loading system; care was taken to exclude these effects from 
the slope measurements). The recoded slope is then 
compared to an equivalent slope obtained from an elastic 
second-order analysis of a cantilever column with the same 
length and axial load. For each slope measured from the 
experimental data, a value of stiffness (EI) was determined 
such that the slope from the elastic analyses is equal to that 
from the experimental results. These results are normalized 
assuming that the contribution of the steel section is equal to 
its gross properties (EsIs) as described in Equation (1) 

 

   /measured s s c cC EI E I E I   (1) 

 

The parameter can be regarded as the concrete 
contribution, a value of C = 1 would indicate that both the 
steel and concrete are contributing their full gross section 
properties to the flexural stiffness while a value of C = 0 
would indicate that the concrete does not contribute at all to 
the flexural stiffness. The values of C obtained from load 
case 2 ranged from 0.30 to 0.45 with an average value of 
approximately 0.40 (Perea 2010). 

 
 

Figure 4  Second-Order Limit Points  
 

 
3. MIXED FINITE ELEMENT MODELING OF 

COMPOSITE FRAME SYSTEMS 

Frame analyses using distributed plasticity 
beam-column elements strike a favorable balance of 
computational efficiency and accuracy. Additionally, mixed 
formulations (defined here as treating both element 
displacements and stress resultants as primary state 
variables) allow for accurate modeling of both geometric 
and material nonlinearities. Tort and Hajjar (2010) 
developed a three-dimensional mixed beam element for the 
analysis of composite frames that include rectangular 
concrete-filled steel tube members, validating against a large 
number of experimental tests of composite members and 
frames. This finite element was adapted and further 
validated against an additional sets of experimental tests on 
circular concrete-filled steel tube members (Denavit and 
Hajjar 2012) and steel reinforced concrete members 
(Denavit et al. 2011).  

The formulation relies on accurate constitutive relations 
to achieve accurate results. Numerous uniaxial constitutive 
relations have been proposed for composite members (e.g., 
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El-Tawil and Deierlein 1999; Sakino et al. 2004). Typically, 
the relations are unique to the member type (i.e., SRC, 
RCFT, CCFT) because of differences in behavior, namely 
different confinement of the concrete, different residual 
stresses patterns, and different susceptibility to local 
buckling (which is often modeled as a material response). 
Different models use different assumptions and methods of 
calibration, but they generally strive to mimic the response 
of short concentrically loaded columns.  

As part of the mixed beam formulation, a family of 
accurate uniaxial cyclic material models have been 
developed and reported by Tort and Hajjar (2007) for RCFTs, 
Denavit and Hajjar (2012) for CCFTs, and Denavit et al. 
(2011) for SRCs. The constitutive relation for the concrete 
core is adapted from the rule-based model of Chang and 
Mander (1994). The tensile branch and the cyclic rules were 
used without changes. However, the compressive branch 
was altered to reflect the state of confinement existing in the 
composite members. The steel model is based on the 
bounding-surface plasticity model of Shen et al. (1995). The 
model is used without modifications for the wide flange 
shapes within SRC sections; however, several modifications 
were made to model the behavior of the cold formed steel 
tubes in CFT sections. To model the built-in residual stress 
from cold-forming, an initial plastic strain is assumed. Local 
buckling is assumed to initiate when a certain critical strain 
has been reached. For compressive strains greater than the 
local buckling strain, the response is assumed to be a linear 
descending branch followed by a constant residual stress 
branch. 

To validate the models, a large number of comparative 
analyses were performed (Tort and Hajjar 2007, Denavit and 
Hajjar 2012, Denavit et al. 2011). Sets of experimental data 
covering a wide variety of material properties, geometric 
properties, and loading configurations assembled. The 
slender beam-column tests described in this work were 
included in the validation study. Example results, comparing 
experimental and computational response of load cases 1 
and 2 of specimen 11-C20-26-5, are shown in Figure 5.  
 

 

4. STABILITY ANALYSIS AND DESIGN OF 

COMPOSITE FRAME SYSTEMS 

The direct analysis method of stability design 
established within the AISC Specification for Structural 
Steel Buildings (AISC 2010) provides a straightforward and 
accurate way of addressing frame in-plane stability 
considerations (White et al. 2006). In this method, required 
strengths are determined with a second-order elastic analysis 
where members are modeled with a reduced stiffness and 
initial imperfections are either directly modeled or 
represented with notional lateral loads. The method allows 
for the computation of available strength based on the 
unsupported length of the column, eliminating the need to 
compute a K factor. The validity of this approach for steel 
structures has been established through comparisons 
between fully nonlinear analyses and elastic analyses 

(Surovek-Maleck and White 2004). However, to date, no 
appropriate reduced elastic stiffness values have been 
developed nor has the methodology in general been 
validated for composite members. 

 
 

 

Figure 5  Validation Results (Specimen 11-C20-26-5) 

 
 
In order to address these current needs in design, a large 

parametric study is being been conducted. The study focused 
on two related aspects of stability design. First is the 
development of an effective elastic stiffness, EIelastic, for use 
in frame analyses with composite beam-columns. Second is 
the development and validation of Direct Analysis 
recommendations for strength design of composite systems 
as presented in detail in Denavit et al. (2012), the parametric 
study consists of comparisons between results from fully 
nonlinear analyses and elastic analyses on a set of 
benchmark frames. The fully nonlinear analyses are 
performed using the mixed beam finite element described 
above with the exception that simpler constitutive relations 
are selected to better correspond to assumptions common in 
the development of design recommendations.  

The results of the study indicate that the Direct Analysis 
method can be extended to composite members with 
judicious selection of the elastic flexural stiffness and design 
interaction curve. One proposed option for the elastic 
flexural stiffness, EIelastic, for CFT members is given in 
Equation (2) (Denavit et al. 2012). This value is subject to 
the stiffness reductions described within the Direct Analysis 
method. 

 

 30.75elastic s s c cEI E I C E I   (2) 
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The design interaction curve for a beam-column based 
on the plastic stress distribution method was shown to be 
suitable a majority of structures. This diagram is constructed 
with three anchor points: Point A, the pure axial strength; 
Point B, the pure bending strength; and Point C, a point axial 
load and moment equal to the pure bending strength (AISC 
2010).  

 
4.1 Experimental Validation of the Design Methodology  

Since the design methodology was developed based on 
computational results, it is useful to validate the proposed 
recommendations against experimental data. The slender 
beam-column tests presented above are well suited for a 
comparison since second-order effects were significant and 
the specimens were well instrumented. Both strength and 
stiffness comparisons can be made using the results from 
load case 2.  

The factor, 0.75C3, applied to the gross flexural stiffness 
of the concrete component in the elastic flexural stiffness 
expression given in Equation (2) is comparable to the factor, 
C, in Equation (1). The factor, 0.75C3, ranges from 0.52 to 
0.58 for all of the slender beam-column specimens, where 
C3 is computed with Equation (3). As stated above, the 
average value of C measured from load case 2 was 0.40. 
However, noting the significant scatter of the experimental 
results, the value proposed for design compares well to the 
experimental results.  

Further comparisons are shown in Figures 6 through 9, 
where the limit points identified in load case 2 are plotted 
with interaction curves obtained using fully nonlinear 
analyses and the proposed design methodology for a subset 
of the specimens. The blue squares are the second-order 
internal forces at the limit point. Eight limit points were 
identified for each specimen in load case 2, one for each half 
cycle at each axial load level. The blue circles are the 
first-order applied forces at the limit point; the first-order 
moments are calculated as the product of the specimen 
length and the applied lateral load at the top of the 
beam-column.  

The red interaction curves were developed using the 
same fully nonlinear model as employed to develop the 
design recommendations (Denavit et al. 2012) with the 
exception that measured initial out-of-plumbness was used 
in lieu of the nominal initial out-of-plumbness of L/500. A 
series of non-proportional analyses were performed at 
different axial load levels identifying the limit point as when 
the lowest Eigenvalue reached zero. The dashed curve 
represents the second-order internal forces and the solid 
curve represents the first-order applied forces.  

The black dashed line is the design interaction curve 
constructed from Points A, C, and B (AISC 2010) with K=1 
as specified in the Direct Analysis method. The black solid 
line is the first-order applied force interaction diagram. This 

curve is constructed by determining the applied loads that 
result in internal forces on the design interaction curve when 
modeled as prescribed by the Direct Analysis method (i.e., 
elastic second-order analysis, reduced elastic stiffness, and 
additive notional loads) with the exception that the notional 
loads were selected to represent the measured initial 
out-of-plumbness. The grey solid curve is the first-order 
applied force interaction diagram using nominal notional 
loads.  

At both the second-order internal force level and the 
first-order applied force level, the fully nonlinear analysis 
and design methodology correspond well to the 
experimental results. The second-order internal forces are 
generally underestimated by the design interaction curve and 
better represented by the fully nonlinear analysis; this is due 
in part to the “bulge” in the interaction diagram near the 
balance point being neglected in the design interaction 
diagram.  

The initial imperfections of the specimens are seen to 
have a significant effect at the first-order applied force level. 
The initial out-of-plumbness of specimen 8-Rw-18-5 
(L/121) was greater than nominal, the effect of this can be 
seen in the lack of symmetry of the experimental and 
analytical results (Figure 8). The points that appear 
unconservative (i.e., blue circle inside the grey solid curve) 
are accurately captured when the notional load was adjusted 
to represent the measured imperfections, indicating that the 
lower strengths are primarily due to the greater than nominal 
initial imperfections.  

 
 

5.  CONCLUSIONS 
Experimental and analytical work performed as part of 

a current NEES project has been presented. A series of 
full-scale slender beam-column tests were performed, 
subjecting CFTs to a wide range of loading. Axial 
compression-bending moment limit points and effective 
elastic stiffness were identified. A mixed beam finite element 
formulation specific to steel-concrete composite members 
was developed and utilized to develop stability design 
recommendations. One option for a proposed stability 
design methodology, developed in an ongoing study, was 
validated against the experimental results, indicating that 
safe and accurate results can be obtained using the Direct 
Analysis method with steel-concrete composite members.  
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Figure 6  Strength Comparisons (Specimen 4-Rw-18-5) 

 

Figure 7  Strength Comparisons (Specimen 5-Rs-18-5) 
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Abstract:  Buckling restrained braces (BRBs) are widely used in seismic countries as ductile seismic-resistant elements 
and energy dissipating elements. One of the key limits of BRBs is overall flexural buckling, and they are required to 
exhibit stable hysteresis under cyclic axial loading with out-of-plane drifts, their stability under such conditions being 
essential. However, many researches are indicating that there are risks of overall buckling including connections before 
the BRBs yield. In this paper, the stability conditions of BRBs including their connections are discussed based on cyclic 
loading tests with out-of-plane drifts, and a unified simple equation for evaluating their stability is proposed. 

 
 
1.  INTRODUCTION 

In recent years, buckling restrained braces (BRBs) have 
been widely used in seismic countries, such as Japan, U.S., 
China and Taiwan. as ductile seismic-resistant elements and 
energy-dissipating elements (Fig.1). These braces are 
expected to exhibit stable hysteresis under cyclic axial 
loading with out-of-plane drifts, and their stability under 
such conditions is essential. However, many researches has 
indicated that there are risks of overall buckling including  
connections before the braces yields, when plastic hinges are 
introduced at the ends of the restrainer (Fig.2). In this paper, 
the stability conditions of BRBs including their connections 
are discussed and an equation evaluating such conditions is 
proposed. Cyclic axial loading tests of BRBs with initial 
out-of-plane drift are carried out, and the validity of the 
proposed equation is confirmed. 

 
2. STABILITY CONDITION FOR BRBs INCLUDING 
CONNECTIONS 

In AIJ Recommendation for Stability Design of Steel 
Structures (2009), two concepts for BRB design to sustain 
stability including connections are indicated, as shown in 
Fig.3. 

 
1) Plastic hinges are allowed at the restrainer ends, and the 
stability conditions are given for the restrained part and 
connections individually. 
2) Bending moment transfer is expected at the restrainer 
ends, and composite stability of the restrained part and 
connections is confirmed. Pin-ends are included in this type. 
 
For concept 1), the following equations are proposed by 
Kinoshita et.al. (2007). 
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For the stability of the restrained part, 
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For the stability of connections, 

  2
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   (2)  

where, My
B: bending strength of the restrainer; ar: expected 

imperfections; sum of a (restrainer imperfection), e (axial 
force eccentricity), and sr (clearance between core and 
restrainer); Ncu：maximum axial force of core plates, 
normally estimated 1.2-1.5 times of yield force including 
hardening; NB

cr：Euler buckling strength of the restrainer; 
JEIB：Bending stiffness of the connections; and L0：
connection length.  
Eqs.(1) and (2) are based on the following two assumptions. 
a) Bending moment transfer abilities of the restrainer are not 
expected, and the hinges at the restrainer ends are modeled 
as pins without any bending strength, because the core plates 
are considered to be fully yielded under axial force. 
b) The ends of the connections are rigidly fixed against 
rotation. 

To satisfy condition b), very stiff gusset plates are required. 
For example, a stiffened gusset plate as in Fig.4 (c) is 
essential. Moreover, preventing the rotation of the beam 
where BRBs are connected, stiffening beam in out-of-plane 
directions are required as shown in Fig.5. The other design 
concept of BRBs is the transfer of bending moment at the 
restrainer ends, and confirmation of the stability of the 
restrained part and the connections compositely as shown in 
Fig.3(b). Tekeuchi et.al (2009) indicated that the restrainer 
ends can transfer the bending moment up to the bending 
strength of the restrainer or stiffened core section, if the 
stiffened ends of the core plates are inserted into the restrainer 
by more than two times the core plate width (Lin>2 Bc in 
Fig.6). Then, they produce an initial imperfection ar=a+e+ 
(2sr/Lin)ξL0, and the process of overall buckling can be 
described by a simple model, as shown in Figure 7.  

As in the figure, the BRB is modeled as a bending 
element with rotational springs KRg (KRg=0 for pin-ends) at 
both ends and initial imperfection ar. When the bending 
moment reaches the bending strength of the restrainer ends 
Mp

r, the brace collapses. Firstly, the ends of the connections 
are assumed to be rigid (KRg=∞) and out-of-plane 
deformations of the connections in the mechanism phase are 
assumed to be cosine curves as follows; 

0 0

1 cos
2

r
r

a xy y
L L


 

  
    

   
 (3) 

Then the strain energy stored in both connection is; 
0

2 4 22
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  (4) 

The rotation angle of the plastic hinges is; 
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ady y
dx L L


 

     (5) 

 

Figure 4 Connections with various stiffness 

 
 
 
 
 
 
 
 

Figure 5 Rotation stiffener around connections 
 
 
 
 

Figure 6 Bending Moment Transfer at Restrainer End 

    
Figure 7 Assumed Process of Overall Buckling 
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Then the plastic strain energy stored in the hinges are 
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The axial deflection is 
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The work done is 
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with the principle of stationary total potential energy, 
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Approximating 8/π2 as 1, we obtain the following. 
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As similar calculation can be carried out in an asymmetrical 
mode as shown in Fig.7(b), as follows. 
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When =0.25, it can be approximated as follows: 
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When Mp
r=0 and ar<<yr, Eq.(15) approaches Eq.(2). As 

indicated by Eqs.(11) and (15), the overall buckling strength 
is determined by the asymmetrical mode when the ends of 
the connections are rigidly fixed.  
 Next, consider rotational stiffness KRg. as in Fig.8. Define 
normalized rotational stiffness Rg as follows: 

0Rg
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K L
EI





  (16) 

As in Fig.8, additional deformation by the rotation of the end 
spring is defined as yrs.  As yre become equivalent to yrs 
when Rg=3, the strain energy stored in the springs is 
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The spring rotation Δθs, plastic hinge rotation Δθr, and axial 
deformation can be expressed as follows: 

 
     (a) Symmetrical   (b) Asymmetrical  (c)One-side 

Figure 8 Overall Buckling with Rotational Springs  
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Then the energy stored in the springs and hinges and the 
works done, respectively, can be evaluated, 
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In the above equation, 
r
p

r r

M
N
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 (25) 

when the connection ends are pinned (Rg=0). On contrary, 
Eq.(11) can be restored whenRg=∞. Hence Eq.(24) covers 
symmetrical buckling strength for various rotational stiffness 
from pin-ends to rigid-ends. 

Collapse
mechanism 

Imperfection 

Plastic 
hinge 



N 

kRg

Mp
r 

ar+yr

- 991 -



 

 

Asymmetrical strength can be derived by similar process. 
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Similarly, strength for one-side buckling mode as shown in 
Fig.8(c) can be derived as follows. 
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Eqs.(26) and (27) approaches Eq.(25) when Rg=0 and 
Eq.(15) whenRg=∞, also covering asymmetrical buckling 
strength for various rotational stiffness. Eq.(27) gives 
slightly lower values than Eq.(26). Eqs.(24), (26) and (27) 
all indicate that as the axial force decreases the out-of-plane 
displacement yr increases. When the elastic axial force and 
out-of-plane displacement relationship reach this condition, 
the brace is considered to have collapsed. 
  Elastic buckling strength with rotational springs can be 
approximated by the following relation: 
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where, 0
L Rg Rg

L
K

EI
   

Using this equation, the relationship between the axial force 
N and out-of-plane displacement ar+yr can be expressed as 
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cr
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y
N N
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Figure 9 Additional Bending Moment by Out-of-plane Drift 

Figure 10 Load-Deflection Relationship 

Substituting / ( )B
r r cry a N N  into Eq.(26), the required 

bending strength My
r can be derived as follows: 
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 (30) 

When the structure deforms out-of-direction, additional 
bending moment is distributed as in Fig.9. The initial bending 
moment at the restrainer end M0

r can be estimated as;  

0 0(1 2 )r
RgM K    (31) 

where, φ0 is expected story drift in an out-of-plane direction. 
Bending moment strength at restrainer ends are considered 
to be reduced by this initial moment. 
Consequently, the stability condition under the expected 
maximum axial force Ncu can be expressed as follows, with 
the condition that the cross point of Eqs.(28) and (31) in 
Fig.10 exceeds Ncu. 

 0 1
r r rr
y cu crB

cu cr

a
M M N N

N N
  


 (34) 

where, 
My

r :Yield bending strength of restrainer ends 
M0

r: Initial bending moment at restrainer ends [Eq.(30)] 
ar: Initial imperfections =a+e+ (2sr/Lin)ξL0 
Ncu: Expected maximum axial force of BRB 
    =Yield force multiplied by hardening factor 
NB

cu: Elastic overall buckling strength [Eq.(27)] 
Nr

cr: Buckling strength caused by connections using the 
following equivalent slenderness ratio. 
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where Nr
cr must satisfy the following limit: 

0
g
p Rgr
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(36) 

Mp
r: Bending strength of stiffened core plate at outside of the 
restrainer 

To satisfy Eq.(33), two approaches can be used.  
i) Decrease M0

r and Nr
cr, by decreasing Rg, and provide 

enough bending strength My
r at the restrainer end. This 

concept corresponds to transferring bending moment at 
the restrainer ends. [Fig.3(b)].  

ii) WhenRg is large, the left part of Eq.(33) becomes 
small or negative, so satisfy Eq.(33) by designing Nr

cr 
larger than Nr

cr. This concept corresponds to allowing 
hinges at the restrainer ends. [Fig.3(a)]. 

As above, Eq.(33) covers both design concepts discussed in 
Fig.3. 
 
3.  CYCLIC LOADING TEST OF BRB WITH OUT 
-OF-PLANE DISPLACEMENT 

To confirm stability including the connections, cyclic 
loading tests of the BRB with out-of-plane displacement are 
carried out. The test configuration with specimens is shown  
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             Figure 13 Loading Program 

 
 
 
 
 
 
 

Table 1  Test Matrix

Table 2 Initial Imperfection Angle 
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(%

)

Cycle

Specimen L in (mm) s r (mm)  c (rad)
MRL2.0S1 180 1 0.01
MRL2.0S2 180 2 0.02
MRL1.0S1 90 1 0.02
MRL1.0S2 90 2 0.04
MRL0.5S1 45 1 0.04
MRL0.5S2 45 2 0.09

L in s r A c  cy  ry K Rg  JEI  L 0  'L 0

(mm) (mm) (mm2) (N/mm2) (N/mm2) (Nmm) (Nmm2) (Nmm2) (mm) (mm)
MRL2.0S1 1 385.8
MRL2.0S2 2
MRL1.0S1 1
MRL1.0S2 2
MRL0.5S1 1
MRL0.5S2 2
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Figure 12 Test Specimens

Figure 11 Cyclic Loading Test Setup
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in Figs.11 and 12, the loading program are shown in Fig.13, 
and the test matrix is shown in Table 1. The core plate is 
JIS-SN400B (average yield strength: 270MPa) 12mm thick 
and 90mm wide, the restrainer is box section of 125mm 
square and 2.3mm thick. The insert length of the stiffened 
part of the core plate into the restrainer Lin can be 180mm, 
90mm, 45mm, which is 2.0 times, 1.0 times and 0.5 times of 
the core width, respectively. In addition, the clearance 
between the core plate and the restrainer is varied from 
1.0mm to 2.0mm, and 6 different specimens are tested. The 
specimen is labeled as MLB-(Insert ratio)-S-(Clearance). 
The gusset plates are the same in all specimen and have a 
rather small rotational stiffness (Rg≈0.04). 
Before the test, out-of-plane deformation equivalent to the 
story drift of 1% radian is applied to each specimen, andthen 
axial cyclic deformation equivalent to 3% of the plastic 
length of the core plate is applied. This normalized axial 
strain is roughly equivalent to in-plane story drift angle. The 
hysteresis loops obtained for each specimen are shown in 
Fig.14 to Fig.19. 
 
(1) MRL2.0S1 (Fig.14) 
This specimen showed stable hysteresis up to 12 cycles of 3% 
normalized strain, then out-of-plane instability appeared. This 
performance is considered to be satisfactory for energy 
-dissipation braces. 
 
(2) MRL2.0S2 (Fig.15) 
This specimen with slightly larger initial imperfection than 
previous one, showed stable hysteresis until 3 cycles up to 3% 
normalized strain, then out-of-plane instability appeared.  
 
(3) MRL1.0S1(Fig.16) 
This specimen reached the yield strength of the core plate and 
showed stable hysteresis up to the 2nd cycle of 1.0% 
normalized strain, then experienced overall buckling hinged at 
the restrainer ends. 
 
(4) MRL1.0S2(Fig.17) 
This specimen showed a hysteresis loop for only one cycle of 
0.5% normalized strain, then experienced overall buckling 
hinged at the restrainer ends. 
 
(5) MRL0.5S1, MRL0.5S12(Figs.18,19) 
These specimens have the largest initial imperfection angle 
and smallest bending strength at restrainer ends. They 
experienced overall buckling at the first compression, and 
could not last until the compressive yield of the core plate. 
Hence these specimens were not satisfactory for use as 
"buckling restrained braces". 
 
These test results indicate that the stabilities of BRBs are 
strongly affected by the insert length ratio and clearance, 
which is expected from the proposed Eq.(33). In the following, 
each specimen is evaluated using Eq.(33). For the evaluation, 
bending strength of each specimen at the restrainer ends Mp

r 
needs to be estimated. Takeuchi et.al (2009) proposed the 
following equations for the tested types of BRB: 
 
 
 

 (a) Force-Deformation (b) Force-Angle 
Figure 14 MRL2.0S1 

 (a) Force-Deformation         (b) Force-Angle 

 (a) Force-Deformation (b) Force-Angle 
Figure 15 MRL2.0S2 

 (a) Force-Deformation (b) Force-Angle 
Figure 16 MRL1.0S1 

 (c) Buckling (d) Buckling Zone 
Figure 17 MRL1.0S2 
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(37)

 

The bending strength cannot exceed the value of 

min( , )r
y r ry j jyM Z Z   (38) 

which is the lesser of the bending strengths of the restrainer 
and stiffened core plate sections. The study indicates that My

r 
is decided by Eq.(37) when the insert length ratio exceeds 
around 2.0. The obtained values of My

r in each specimen are 
summarized in Table 3. 
   The conditions for each specimen are evaluated using 
Eq.(33), and the results are summarized in Table 4. Out of 
six specimens, only MRL2.0S1 satisfies the condition, for 
which safety values given by 

 0( )
1

r r rr
y cu crB

cu cr

aM M N N
N N

 
   

 

is 1.36. The safety ratio of MRL2.0S2 is 0.74, which is 
slightly unsatisfactory from Eq.(33). All other specimens have 
much lower values, which indicate that the overall stability is 
not guaranteed at all. In total, the given safety values seem to 
estimate the performance of each specimen obtained in the 
cyclic loading tests and therefore are considered to be valid. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 18 MRL0.5S1 

 (a) Force-Displacement (b) Force-Angle 
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Figure 20 Axial Force vs. Out-of-plane Displacement 
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Fig.20 shows the measured axial force-displacement 
relationships compared with the equations discussed in Sec.2. 
The test results well agree well with the proposed equations. 
 
4.  CONCLUSIONS 
The overall stabilities of BRBs are discussed and confirmed 
by cyclic loading test with out-of-plane displacement. The 
conclusions reached are summarized as follows. 
1) The stability conditions for BRBs can be expressed by a 
single equation using a simple hinge model with end springs. 
This equation covers both design concepts of BRBs discussed 
in AIJ recommendation 2009. 
2) In the cyclic loading tests, specimens with lesser insert 
length at the restrainer ends experience overall buckling 
before achieving stable hysteresis, which is not satisfactory as 
the standard performance of a BRB. In contrast, specimens 
with larger insert length showed stable hysteresis up to 3% 
3) The proposed equation explains well the performance of 
each specimen, and is considered to be valid. 
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Abstract:  Large-scale shake table tests were performed at E-Defense to examine the out-of-plane stability of 
buckling-restrained braces (BRBs). Two planar specimens were subjected repeatedly to a near-fault ground motion with 
increasing magnitude. The specimens comprised a single-bay, single-story steel frame and a pair of BRBs placed in a 
chevron arrangement. The specimens were not braced at the brace-to-beam intersection in order to produce a condition 
where the BRBs were susceptible to out-of-plane instability. Standard BRBs were used in Specimen 1, while unique 
BRBs with a flexible segment at each end of the steel core were used in Specimen 2. A stability model proposed by 
Koetaka and Kinoshita (2009) predicted the BRBs in Specimen 2 to be controlled by out-of-plane buckling. Specimen 1 
exhibited excellent behavior. Specimen 2 exhibited stable behavior until the BRBs failed due to out-of-plane buckling. 
The buckling mode involved severe kinking deformation at both ends of the BRBs and severe twisting of the beam at the 
BRB-to-beam intersection. The compression measured in the BRBs of Specimen 2 exceeded the predicted critical 
strength by 56 to 68% and exceeded the yield strength by 17 to 26%. Therefore, the buckling model may be used to 
estimate the minimal bracing requirements for steel frames with chevron BRBs. 

 
 
1.  INTRODUCTION 
 

The stable and predictable cyclic behavior of 
buckling-restrained braces (BRBs) has been demonstrated 
by numerous tests (e.g. Saeki et al. 1995; Black et al. 2004). 
However, recent large-scale, system-level tests indicate that 
the performance of BRBs can be affected significantly by 
interaction with the surrounding frame elements and 
detailing of the bracing connection. For example, tests by 
Mahin et al. (2004) and Roeder et al. (2006) suggest that 
local buckling and distortion of framing elements associated 
with large drifts can cause severe out-of-plane rotation of the 
gusset plates. Tests by Chou and Chen (2009) suggest that 
the stable inelastic behavior of BRBs can be compromised 
by out-of-plane buckling of the gusset plates.  

Meanwhile, researchers in Japan 
including Tembata et al. (2004) and 
Takeuchi et al. (2004) noted the need to 
address out-of-plane stability of BRBs 
independently from framing action or 
gusset plate buckling. In particular, BRBs 
placed in a chevron arrangement (also 
referred to as “inverted-V” arrangement), 
shown in Figure 1(a), require special 
attention. In the U.S., the AISC Seismic 
Provisions (2005b) require both flanges of 
the beam to be braced at the 
BRB-to-beam intersection unless the 
beam provides the required brace 

horizontal strength, Pbr, and stiffness, , defined as follows:  

0.01 																																						 1  

β
1

0.75
8

																																	 2  

In the above equations, Pr is the required compressive 
strength of the BRB, Lb is the distance between the bracing 
point and point of intersection of the BRBs, and 0.75 is the 
resistance factor. Because equations (1) and (2) are taken 
from nodal bracing requirements for columns, it is not clear 
how these equations address the out-of-plane stability of 
BRBs noted in the Japanese studies.  

Previously, Tembata et al. (2004) and Kinoshita et al. 
(2007) derived a comprehensive set of analytical solutions to 

Figure 1  Buckling Model
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the out-of-plane stability problem of BRBs based on the 
buckling model illustrated in Figure 1(b), and validated the 
solutions with static, cyclic loading tests. Takeuchi et al. 
(2004) and Kinoshita et al. (2008) investigated the rotational 
stiffness of BRBs and its bracing connections, respectively, 
acknowledging these stiffness values to be key factors that 
control the out-of-plane stability of BRBs. Koetaka and 
Kinoshita (2009) provide a review of the Japanese literature 
and propose general design criteria to control out-of-plane 
buckling of BRBs. 

A research program was conducted to confirm the 
design criteria proposed by Kinoshita et al. (2007) under a 
dynamic loading condition, and to examine how BRBs may 
behave after out-of-plane instability occurs. Large-scale 
shake table tests were conducted at 
E-Defense, a three-dimensional, large- scale 
earthquake testing facility maintained and 
operated by the National Research Institute 
for Earth Science and Disaster Prevention 
(NIED) of Japan. This paper describes the 
shake-table test program and its key findings. 
 
 
2.  TEST PLAN 
 
2.1  Specimens 

Two braced frame specimens were 
tested in this program. Figure 2(a) shows the 
specimen comprising a built-up wide-flange 
beam, two cold-formed square-HSS columns, 
and a pair of BRBs. The 4.15-m span and 
2.10-m height corresponds to a 70%-scale 
building structure. After Specimen 1 was 
tested, the BRBs were replaced by a new pair 
of BRBs to prepare Specimen 2. The 
through-diaphragm detail was used to 
achieve rigid beam-to-column connections. 
The bracing connections adopted the 
standard Japanese detail that welds the fin 
plates directly to the beam. The beam is 
provided with stiffeners at the BRB-to-beam 
intersection to control local distortion of its 
web. The columns were rigidly connected to 
the shake table via stiff base beams. Table 1 
lists the Japanese Industry Standards (JIS) 
designation and measured mechanical 
properties for each material used to fabricate 
the specimen. The specified minimum yield 
strength is 235, 295, and 325 MPa, 
respectively, for SN400, BCR295, and 
SM490 steel. At the top side of the specimen, 
each end of the beam was connected to the 
test-bed system (described later) through a 
pin-ended load cell. The specimen was 
laterally braced along the columns and beam 
at discrete locations indicated in Figure 2(a) 
by “×” marks. No bracing was provided at 
the middle segment of the beam (between 

points B and D) to intentionally reduce the torsional and 
translational restraint at the BRB-to-beam intersection.  

The two specimens were nominally identical except for 
the BRBs. As shown in Figures 2(b) and (c), the BRBs used 
a 74×12 mm plate for the steel core and a square-HSS 
125×125×2.3 mm casing filled with mortar for the 
buckling-restraining system. Unlike most standard BRB 
products, no capping plate was placed at either end of the 
casing. The key difference between the BRBs was the 
embedment length of the stiffened segment inside the steel 
casing. While Specimen 1 used a standard embedment 
length adopted in the Japanese practice (Figure 2(b) 
indicates 110 mm), Specimen 2 used a shorter embedment 
length (Figure 2(c) indicates 30 mm). The BRBs were 
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Figure 2  Test specimen: (a) elevation and out-of-plane bracing points; 
(b) BRBs in Specimen 1; and (c) BRBs in Specimen 2.  

(Dimensions in mm). 

Material 
JIS  

designation

Yield  
Strength 
(MPa) 

Tensile  
Strength 
(MPa) 

Elongation 
(%) 

Steel core (12 mm) SN400B 297 421 35 
Beam flange (9 mm) SN400B 327 456 27 
Beam web (6 mm) SN400B 376 472 29 

Column (9 mm) BCR295 434 518 19 
Gusset plate (12 mm) SM490A 315 441 32 

Table 1  Material Properties
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oriented with the flat plate steel core parallel to the plane of 
the frame. The parallel orientation is more commonly 
adopted than the orthogonal orientation, and represents a less 
favorable condition for out-of-plane stability of BRBs. 
Because rotational stiffness at the end of the BRB is 
developed by bearing between the stiffened segment and 
mortar, and the steel core itself possesses limited rotational 
stiffness, the shorter embedment length in Specimen 2 was 
expected to promote out-of-plane instability of the specimen. 
In other words, the stability model in Figure 1(b) is valid for 
Specimen 2 but it is not valid for Specimen 1. Out-of-plane 
buckling of BRBs was not expected for Specimen 1. 

Assuming that instability of the BRB would not occur, 
a simple, rigid-plastic analysis using the measured material 
properties estimated the lateral strength of the specimen to 
be 798 kN, at which stage the BRBs and underlying moment 
frame provide 58 and 42%, respectively, of the lateral 
strength. 

 
2.2  Stability Design Check 

The out-of-plane buckling strength of the BRBs in 
Specimen 2 may be estimated using the equations proposed 
by Kinoshita et al. (2007). The spring constants KH and KR 
shown in Figure 1(b) are determined by the weak-axis 
bending stiffness and torsional stiffness, respectively, of the 
beam. Elastic analysis assuming the beam to be simply 
supported at the intermediate bracing points (B and D in 
Figure 2) and fixed at the face of the columns (A and E) for 
weak-axis bending and torsion, leads to KH = 6,070 kN/m 
and KR = 260 kN·m/rad. These values and the dimensions 
shown in Figure 1 lead to an out-of-plane buckling strength 
Pcr = 197 kN, which is below the yield strength of the steel 
core based on the measured yield strength, Py = 264 kN. The 
specimen violates the design criteria by Kinoshita et al. 
(2007) and Koetaka and Kinoshita (2009) which require Pcr 
to exceed Py. 

Meanwhile, using Pr = 1.5Py and Lb = 1.5 m, the 
minimal bracing requirements defined by Equations (1) and 
(2) is Pbr = 3.9 kN and  = 2,810 kN/m. Because Pbr is very 
easily exceeded by the weak-axis bending strength of the 
beam and KH is more than double of , the AISC Seismic 
Provisions do not require lateral bracing at the middle of the 
beam. In other words, neither specimen violates the stability 
requirements in the AISC Seismic Provisions. 

 
2.3  Test Procedure 

The specimens were subjected to ground shaking at the 
E-Defense facility using the “test bed” system developed by 
Takeuchi et al. (2008). The test beds are multi-purpose 
devices that supply horizontal mass (69.4-metric ton for this 
project) to the specimen while adding minimal lateral force 
resistance. The test beds permitted only planar motion of the 
planar specimen. At the top, the test bed was connected to 
each end of the specimen, with a load cell placed in both 
load paths. The test bed was also used to anchor the 
out-of-plane bracing indicated in Figure 2(a). The scaling 
rules are summarized in Table 2 where  indicates the 
scaling factor for length. For this test,  = 0.7, and time and 

stress were not 
scaled.  

The East- 
West component 
of the JR Takatori 
motion from the 
1995 Kobe 
earthquake was 
introduced in the 
direction parallel 
to the primary plane of the specimen. This motion is 
characterized by a peak acceleration of 6.6 m/s2 and strong 
velocity pulses. Figure 3 shows the response acceleration 
spectrum obtained for 2 to 10% of critical damping ( = 0.02 
to 0.1). The spectral response for  = 0.05 was between 17 
and 23 m/s2 for periods between 0.15 and 0.4 seconds, while 
the natural vibration period of the specimen was predicted as 
0.2 sec. Therefore, the JR Takatori motion was twice as large 
as the design basis (Level 2) earthquake in Japan. The shake 
table tests were conducted by introducing the motion 
repeatedly with increasing amplification. Specimen 1 was 
tested with nine excitations between 14 and 120% of the JR 
Takatori EW motion. Specimen 2 was tested with seven 
excitations between 14 and 150% of the JR Takatori EW 
motion.  

 
2.4  Instrumentation 

Load cells were used to measure the story shear. 
Displacement transducers were used to measure the story 
drift and the out-of-plane deformation of beam and BRBs. 
The force distributions in the beam, columns, and BRBs 
were evaluated based on strain gauges placed at selected 
sections of the beam and columns. Elongation of the BRB 
steel core was measured from the change in relative distance 
between the end of steel casing and connection region of the 
BRB. Data was collected at a rate of 1,000 Hz. All data was 
passed through a low-pass filter to eliminate frequency 
content above 50 Hz. 
 
 
3.  TEST RESULTS 

Based on unidirectional white noise excitation, the 
natural vibration period was determined as 0.18 sec for 

Parameters Scaling Factor 

Length  0.7 
Mass  0.7 

Acceleration  0.7 
Time 1 1 
Force  0.5 

Velocity  0.7 
Stress 1 1 
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Table 2  Scaling Rule

Figure 3  Response spectra for JR Takatori EW motion
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Specimen 1 and 0.19 sec for Specimen 2. The period was 
equivalent to that of a single or two story building. The 
damping ratio was evaluated as  = 0.03. Damping was 
produced primarily by friction in the linear bearings 
supporting the test bed (Takeuchi et al. 2008). 

Both specimens exhibited very similar response up to 
the 70% motion. Figure 4 shows the story shear versus drift 
ratio response of the two specimens to the 100 and 120% 
motions. The drift ratio was evaluated as the relative 
displacement measured between the beam and column base 
divided by the story height of 2.1 m. Specimen 1 exhibited 
very stable and ductile behavior even under the largest 120% 
motion, developing a maximum drift of 0.014 radians and 
leaving a residual drift smaller than 0.001 radians. Minimal 
yielding was observed in the framing members after testing 
of Specimen 1 was completed. On the other hand, Specimen 
2 experienced substantial degradation in elastic stiffness 
during motions 100% and larger, and recorded a maximum 
drift ratio of 0.016 radians during the 100% motion and 
0.032 radians during the 120% motion. Figure 5 shows the 
maximum drift and residual drift measured from each 
motion. Very similar response was obtained from the two 
specimens under motions up to 70%. The 100% and larger 
motions caused minimal damage to Specimen 1 but severe 
damage to Specimen 2. While the 150% motion produced 
extremely large drifts ranging between –0.06 and 0.025 
radians, the residual drift after this motion was fairly small at 

–0.012 radians. 
Figure 6 shows photographs of Specimen 2 taken 

between the 120 and 150% motions. Figure 6(a) views the 
elevation of the specimen from an angle. Kinking 
deformation is seen at the top and bottom ends of both BRBs, 
between the spliced gusset plate connection and steel casing. 
The kink rotation angle is notably larger at the top end of the 
BRB than at the bottom end, and the direction of kink 
rotation is opposite between the top and bottom. Permanent 
torsional deformation is seen in the beam. Figure 6(b) is a 
close-up view of the middle portion of the beam and the top 
ends of the two BRBs. The close-up view indicates that the 
kinking deformation of the BRBs is accommodated by 
twisting of the beam. The deformation in the photos agrees 
with the buckling deformation shown in Figure 1(b), but is 
dominated by rotation of the hinges and associated with 
negligible translation. Although not visible in the photos, the 
steel casing was bulged outward at the side which the 
stiffeners bore against. It is reminded that instability of 
Specimen 2 was promoted by lack of restraint at the 
BRB-to-beam intersection and lack of out-of-plane 
rotational stiffness at both ends of the steel core. 

Figure 7 further compares the two specimens from the 
100% motion, plotting the elongation of the BRB steel core, 
and kink rotation at the top and bottom ends of the BRB, 
respectively, against the BRB tension. For Specimen 2, the 
figures indicate four time steps which correspond to instants 
when deformation increased rapidly. The response is shown 
for the West BRB which was placed on the closer side as 
viewed in Figure 6. The behavior of the East BRB was 
roughly symmetric to the West BRB. Positive rotation is 
taken in the counter-clockwise direction as viewed in Figure 
6. The broken horizontal lines indicate the yield strength of 
the steel core based on the measured yield strength, Py = 264 
kN. The solid horizontal lines indicate the critical BRB 
strength, Pcr = 197 kN, which applies only to Specimen 2. 
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The maximum measured tensile and compressive force was 
1.24 and 1.19Py, respectively, for Specimen 1 and 1.22 and 
1.17Py, respectively, for Specimen 2.   

Figure 7(a) shows that the stable cyclic performance 
expected of BRBs was observed in Specimen 1 but not 
observed in Specimen 2. In Specimen 1, the BRB steadily 
developed larger forces with elongation and produced 
minimal kink rotation in the BRB. On the other hand, the 
BRB in Specimen 2 developed severe out-of-plane 
deformation after exceeding its predicted buckling strength 
and yield strength. The compressive strength of Specimen 2 
reduced substantially after undergoing two substantial 
compression excursions following Steps 1 and 3. Figure 7(b) 
indicates that very large kink rotation formed at the top and 
bottom ends of the BRB, in opposite directions, and with the 
top end developing twice the rotation as the bottom. While 
residual kink rotation was present after the 70% motion, the 
100% motion caused a very large residual rotation of 0.22 
radians at the top and 0.09 radians at the bottom. 
Interestingly, the kink rotation increased in the same 
direction when the West BRB developed compression (Steps 
1 and 3) and when the opposite East BRB developed 
compression (Steps 2 and 4). Therefore, it seems that the 
BRB in tension did not effectively control the out-of-plane 
instability of the BRB in compression.  

Specimen 2 was subjected to two further motions after 

the 100% motion had caused severe buckling deformation to 
the BRBs. As plastic deformation accumulated in the beam 
and BRBs during the 100% and subsequent motions, the 
compressive strength of the BRBs gradually decreased. 
Meanwhile, the BRBs developed the same tensile strength 
that was developed during the 100% motion. After the 150% 
motion, the mortar was crushed at the end of the steel casing 
and the steel casing was deformed presumably due to the 
contact. However, no distress was found in the bracing 
connections. No fracture was visible in the steel core at the 
location of severe kinking deformation. 

 
 

4.  OBSERVATIONS 
 

The simple buckling model proposed by Kinoshita et al. 
(2007) and shown in Figure 1(b) predicted the occurrence of 
out-of-plane buckling of BRBs in Specimen 2. Buckling 
deformation was not present until the critical strength Pcr and 
the yield strength Py was exceeded. The maximum measured 
BRB compression was 1.68Pcr for the East BRB and 1.56 
Pcr for the West BRB. Consequently, although the prediction 
was conservative, the equations by Kinoshita et al. (2007) 
may be used to estimate the buckling strength for BRBs 
where the buckling model in Figure 1(b) is justified. The 
local damage observed at the edges of the steel casing 
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indicates that the steel core developed appreciable rotational 
stiffness as it bore against the buckling-restraining system. 
The rotational stiffness produced by this bearing mechanism 
may have contributed to the increase in buckling strength 
over the predicted strength Pcr. 

Figure 7(a) suggests that the stable inelastic behavior of 
BRBs was lost once out-of-plane buckling occurred. On the 
other hand, Figure 4 shows that Specimen 2 maintained 
appreciable energy dissipation capacity during the 100 and 
120% motions. After the BRBs had buckled, a large portion 
of the input energy was dissipated by the underlying 
moment frame and inelastic torsion of the beam, and less 
substantially by the BRBs. The secondary energy dissipation 
mechanism of the BRBF and the resiliency of the BRBs 
should be appreciated. However, considering that severe 
beam torsion can cause significant damage to nonstructural 
elements and the concrete slab, and makes replacement of 
BRBs impossible (a detrimental drawback when the BRBs 
are implemented as supplemental energy dissipation 
devices), the out-of-plane buckling deformation of BRBs 
demonstrated in Specimen 2 should be avoided. 
 
 
5.  CONCLUSIONS 
 

Large-scale shake table tests were conducted to study 
the out-of-plane stability of BRBs placed in a chevron 
arrangement. Two chevron BRBF specimens were 
repeatedly subjected to a unidirectional ground motion with 
increasing amplification. Both specimens implemented 
oddities from the Japanese practice to promote instability of 
the BRBs: no lateral bracing was provided at the 
BRB-to-beam intersection and steel caps were not provided 
at the ends of the steel casing. In addition, the BRBs in 
Specimen 2 had an unusually short embedment length of the 
stiffened segment inside the steel casing. The buckling 
model previously proposed by Tembata et al. (2004) and 
Kinoshita et al. (2007) was used to predict the out-of-plane 
buckling strength of BRBs. Key findings from this study are 
summarized in the following. 

1) As predicted, the BRBs in Specimen 1 did not buckle. 
This specimen exhibited excellent seismic behavior. This 
result suggests that out-of-plane buckling of BRBs may 
be avoided by embedding the stiffened segment of the 
steel core sufficiently deep inside the steel casing. 

2) Specimen 2 exhibited excellent behavior until the BRBs 
failed due to out-of-plane buckling. The buckling mode 
involved severe kinking deformation at both ends of the 
BRBs and severe twisting of the beam at the BRB-to- 
beam intersection. The measured BRB compression 
exceeded the predicted critical strength by 56 to 68% and 
exceeded the yield strength by 17 to 26%.  

3) The resiliency of BRBs enabled stable energy dissipation 
of Specimen 2 even as the buckling deformation 
progressed to an extreme extent. Nonetheless, 
considering the damage expected to nonstructural 

elements and the concrete slab, out-of-plane buckling is 
not a preferred limit state for BRBs. 
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Abstract: This work presents the mechanics, tests, and finite element analysis results of a proposed steel dual-core 
self-centering brace (SCB) with a flag-shaped re-centering hysteretic response under cyclic loads. Axial deformation 
capacity of the brace is doubled by serial deformations of two sets of tensioning elements arranged in parallel. The 
mechanics and cyclic behavior of the brace are first explained, followed by testing of a 5350-mm long dual-core SCB to 
evaluate its cyclic performance. The brace achieves excellent performance up to a drift of 2.5% with a maximum strain of 
1.3% in the tensioning elements and maximum axial load of 1300 kN. Finite element analysis is then conducted on the 
specimen to further verify the mechanics and hysteretic responses observed in the test. Finite element analyses are also 
performed on 16 dual-core SCBs to perform a parametric study. Nonlinear time history analyses are conducted on six 
braced frames to obtain seismic demands under both design and maximum considerable levels of earthquake motions. 
SCB frames generally exhibit a smaller peak interstory drift and residual drift than buckling-restrained braced frames do. 

 
 
1.  INTRODUCTION 
 

A buckling-restrained braced frame (BRBF) is 
considered as a good seismic-resisting braced system 
because a buckling-restrained brace (BRB) can yield in 
tension and compression without global buckling (Uang and 
Nakashima 2003, Chou and Chen 2010, Chou and Liu 2011). 
Despite numerous tests demonstrated satisfactory seismic 
performance of BRBs, the BRBF under earthquakes is prone 
to residual lateral deformation over the building height due 
to low post-yield stiffness and concentrated energy 
dissipation in braces (Uang and Kiggins 2003). Previous 
works have demonstrated the effectiveness of applying 
post-tensioning (PT) technology in structural members to 
reduce the residual lateral deformation of bridges and 
buildings under seismic loading (Ricles et al. 2001, 
Christopoulos et al. 2002, Chou et al. 2006, Chou and Chen 
2006). Static or dynamic tests on a post-tensioned 
self-centering (SC) moment frame that uses PT steel tendons 
to compress beams against columns further determine their 
satisfactory SC properties and energy dissipation (Chou and 
Chen 2010, 2011).  

This work describes the mechanics and seismic 
responses of a novel dual-core self-centering brace (SCB), 
which applies post-tensioning (PT) technology in the brace 
to reduce the restraint from columns and slabs (Chou et al. 
2008, Chou and Chen 2010), as well as the residual drift of 
structures. A dual-core SCB consists of conventional steel 
bracing members, energy dissipative devices, and two 
tensioning element sets that are in a parallel arrangement. 

Compared to the previous work by Christopoulos et al. 
(2008), using two cores and two tensioning element sets in 
the proposed SCB reduces strain demands on the tensioning 
elements, making it possible to adopt tendons with a low 
elastic strain capacity without sacrificing deformation 
capability of the brace. A 5350-mm long dual-core SCB, 
fabricated by a local steel fabricator, is tested at the National 
Center for Research on Earthquake Engineering (NCREE), 
Taiwan, with those results presented in this paper. The 
dual-core SCB specimen is subjected to two cyclic loading 
tests with an increasing amplitude and a 15-cycle fatigue 
loading test with a fixed amplitude (1.5% drift). The 
specimen performs well up to an interstory drift of 2.5% 
without structural damage and provides stable energy 
dissipation capacity with SC properties. The maximum 
strain in the tensioning element is 1.3%, and the maximum 
axial load in the brace is 1300 kN. Additionally, finite 
element analysis is conducted on the specimen to perform a 
correlation study and then a parametric study to evaluate the 
effects of tensioning element types, initial PT force, and 
friction force on the cyclic performance of the brace. Finally, 
three steel braced frames with different heights are designed 
using two bracing members, SCBs and BRBs. The frames 
are also examined through nonlinear time history analyses 
under two suites of 10 earthquake ground motions that are 
representative of design based earthquake (DBE) and 
maximum considered earthquake (MCE) levels. The 
nonlinear time history analyses of these braced frames 
evaluate seismic demands and the performance of BRBFs 
and SCBFs under earthquakes.  
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2.  MECHANICS OF A DUAL-CORE SCB 
 
2.1  Proposed Dual-Core SCB 

Figure 1 shows the proposed dual-core SCB, which 
consists of three steel bracing members, two PT element sets, 
energy dissipation devices, and end plates. Three steel 
bracing members are designated as the first core, second 
core, and outer box; all members of the same length are 
positioned with spacers. Two end plates on each end of the 
dual-core SCB are configured to interact with tensioning 
elements and bracing members. Two sets of 22-mm 
diameter E-glass fiber reinforced polymer (FRP) tendons 
placed in the second core and outer box tube are 
post-tensioned to compress bracing members against end 
plates and anchored with nuts to the outer and inner end 
plates. An energy dissipative device, which is located at the 
one end of the brace, is activated by the relative motion 
induced between the first core and outer box.  
 
2.2  Kinematics and Mechanics 

Figure 2 presents the kinematics and hysteretic response 
of the dual-core SCB. Once the activation load, Fdt, of a 
dual-core SCB is exceeded, the inner end plate moves in 
opposite directions with respect to the outer end plate, 
resulting in a brace deformation twice that of the tendon 
elongation δ (Figure 2(a)). The activation load, Fdt, is 
expressed as   

f
in

dt FnTF +=
2

  (1) 

where Tin is the initial PT force in one tendon, Ff is the 
frictional force of the energy dissipative device, and n is the 
total number of tendons. Stiffness of the dual-core SCB 
changes from the initial axial stiffness of these bracing 
members to the postelastic stiffness, as determined by the 
axial stiffness of tendons and second core: 
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tt

pt
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2
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2
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where K2c is the axial stiffness of the second core and Kt is 
the axial stiffness of one tendon. The elongation in each 
tendon set δ causes the axial deformation of 2δ in the 
dual-core SCB. The brace returns to its original position 
when the load is removed (Figure 2(b)). 
 
 
3.  CYCLIC LOADING TESTS OF A DUAL-CORE 
SCB 
 

Figure 3 shows the test setup, which included one red 
box column pin-supported to the laboratory floor and 
attached to two 1000-kN hydraulic actuators. The dual-core 
SCB specimen is subjected to two cyclic loading tests with 
an increasing amplitude (AISC 2005) and a 15-cycle fatigue 
loading test with a fixed amplitude (1.5% drift). The 
dual-core SCB developed stable energy dissipation and 
self-centering property up to an interstory drift of 2% during 

the first test. No damage in PT elements or steel bracing 
members was found throughout the test. The specimen was 
then tested at a fixed drift of 1.5% for 15 cycles; a 
completely repeatable flag-shaped response with a low 
residual drift was observed in the test (Figure 4(a)). 
Following its successful performance after a 15-cycle test, 
the specimen was reloaded with AISC loading protocol up to 
an interstory drift of 2.5% with a satisfactory flag-shaped 
response (Figure 4(b)). The test was stopped after 
completing two cycles of an interstory drift of 2.5%; no 
damage in PT elements or steel bracing members was found 
throughout this test. The maximum strain in the PT elements 
calculated by the displacement transducers positioned at the 
brace end was 1.3% near the ultimate strain of 1.47% (Table 
1), indicating the potential failure of PT elements for drifts 
beyond 2.5%. The maximum actuator force was nearly 1000 
kN which corresponded to the axial force in the dual-core 
SCB of 1300 kN. Test results of additional dual-core SCB 
specimens can be found elsewhere (Chou and Chen 2011). 
 
 
4.  FINITE ELEMENT ANALYSES 
     
4.1 Specimen Model 

A specimen described in the previous section was 
analyzed for a correlation study using the computer program 
ABAQUS (2009). Material nonlinearity with the von Mises 
yielding criterion was considered in the steel bracing 
members. A tendon made of E-glass FRP was modeled with 
only linearly elastic properties. Figure 5(a) shows a 
three-dimensional model of the specimen after assembly. 
Axial displacement obtained from the test was used as a 
controlling parameter in the finite element analysis. When 
the axial force in the brace exceeds the activation load, the 
inner and outer end plates begin to move with respect to the 
bracing members as observed in the test. Figure 5 (b) shows 
that the specimen during the first cyclic test performs as the 
finite element analysis. 
 
4.2 Parametric Study  
     This work also evaluates the cyclic performances of 
dual-core SCBs with different structural characteristics by 
modeling 16 dual-core SCBs through use of the computer 
program ABAQUS (2009). All models have the same steel 
member size as that of the specimen; the parameters include 
material type of tendons (Table 1), diameter of tendons, 
initial PT force, and friction force. Figure 6 shows the effects 
of friction force and initial PT force on the hysteretic 
responses of dual-core SCBs. Figure 6(a) shows that a large 
friction force causes both large energy dissipation and 
residual displacement if the friction force exceeds the initial 
PT force . When the initial PT force is increased, the residual 
displacement becomes zero, maintaining full re-centering 
property (Figure 6(b)). More finite element analysis results 
of dual-core SCB models can be found elsewhere (Chou and 
Chen 2012). 
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5.  SEISMIC RESPONSES OF BRACED FRAMES 
WITH BRBS AND SCBS 
 
 5.1 Six Braced Frames     
Cyclic pushover analyses and nonlinear time-history 

analyses were performed on six braced steel frames and two 
brace types (BRBs and SCBs) by using the computer 
program PISA (Tsai and Lin 2003). The analyses focused on 
evaluating the effects of BRBs and SCBs on the seismic 
performance of braced frames. Six frames with the same 
plan and different elevations were assumed to be located on 
stiff soil in Los Angeles, California. The design followed the 
equivalent static force procedure of IBC (2000). A force 
reduction factor R of 8, an overstrength Ω0 of 2.5 and a 
deflection amplification factor Cd of 5 were used for BRBFs. 
Capacity design rules were applied for the beams and 
columns when considering the expected maximum tensile 
and compressive forces in the BRB. Figure 7 shows the 
beam, column, and BRB core sizes, in which the BRBF and 
SCBF had the same member sizes except for braces. Each 
brace in the SCBF was adjusted to match the cyclic peak 
response of the corresponding BRB in its post-yield range.  

Parameters for modeling the BRB in the computer 
program PISA were calibrated based on the test result of the 
BRB conducted earlier (Chou et al. 2011). Moreover, the 
hysteretic behavior of the SCB was modeled using two axial 
truss elements acting paralelly. One truss had a bilinear 
elastic response to produce self-centering properties, while 
the other had an elastoplastic hysteresis response to simulate 
energy dissipation of the friction device. Combining these 
two responses leaded to the nonlinear response of the 
dual-core SCB (Figure 2(b)). 

An ensemble of 10 strong ground motions was 
selected from earthquake records recorded in either 
California or Taiwan. The records were free of forward 
directivity effects (near-field effects) and were recorded for 
soil types C or D, generated by earthquakes of moment 
magnitude ranging from 6.7 to 7.3. Each record was scaled 
to minimize the square of error between its 5% damped 
response spectrum and the target spectrum, which represents 
the design spectrum for design-basis earthquake (DBE) level. 
Table 2 lists the ground motion data for each record. 
 
5.2 Seismic Responses of SCBFs and BRBFs 

The maximum interstory drift and residual drift along 
the building height are two indices to characterize the 
seismic performance of frames. Time history analyses for 
the 6-story frames under the Chi-Chi (TCU-074) ground 
motion with PGA of 0.57g are first presented. In the 
TCU-074 motion, although the SCB responds symmetrically 
both in tension and compression, the BRB responds with a 
slightly larger elongation than compression, leading to a 
minor residual drift in the frame (Figure 8). This behavior 
can be overcome by using the SCB to provide restoring 
forces to the frames. The maximum interstory drifts of the 
BRBF are generally larger than those of the SCBF, which is 
similar to the trends as shown in the mean (m) values of the 
maximum interstory drift of both frames under the DBE and 

MCE records (Figure 9). Residual drifts along the building 
height are much larger in BRBFs than those in SCBFs 
(Figure 10). 

 
 

6.  CONCLUSIONS 
This work presents the mechanics, tests, and finite 

element analysis results of a new steel dual-core 
self-centering brace (SCB). A validation test is conducted on 
a 5350-mm long dual-core SCB with tensioning elements 
made of 22-mm diameter E-glass FRP. The specimen under 
cyclic loading shows a good flag-shaped hysteresis response 
with a maximum interstory drift of 2.5%. The maximum 
axial load in the specimen is 1300 kN, and the maximum 
axial strain in the tensioning elements is 1.3%. The 
elongation capacity of the proposed dual-core SCB is 
doubled by serial deformations of two tensioning element 
sets. The dual-core SCB can incorporate low elongation 
capacity of tendons as tensioning elements without 
sacrificing its deformation capability. The finite element 
model accurately predicts the flag-shaped response as under 
the cyclic test. For multi-story frames equipped with BRBs 
or SCBs as an earthquake-resisting mechanism, the SCBF 
generally performs superior to the BRBF in terms of a small 
interstory drift and residual drift. 
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Table 1 Material properties of tensioning element 

Tendon 
Type 

Diameter 
(mm) 

Elastic 
Modulus 

(GPa) 

Yield/Ultimate 
Strength 
(MPa) 

Yield/ 
Ultimate 

Strain (%) 
Steel 

Strand 
15.2 208 1600 0.77 

E-Glass 
Fiber 

28.7 43 442 1.04 

22.2 45 657 1.47 

Carbon 
Fiber 

12.7 141 1643 1.17 

 
Table 2 Earthquake records 

Earthquake Record Station 
PGA(g) 

DBE MCE 

Chi-Chi 
TCU 074 Nanguang Elementary School 0.38 0.57 
TCU 039 Tunglo Elementary School 0.41 0.62 

Landers 
JOSHUA 22170 Joshua Tree 0.41 0.62 

IND 090 12026 Indio-Coachella Canal 0.4 0.6 

Loma 
Prieta 

AND 360 1652 Anderson Dam 0.5 0.75 

STG 090 58065 Saratoga-Aloha Ave 0.56 0.84 

Northridge 
CAST 360 24278 Castaic-Old Ridge Rt. 0.4 0.6 

CNP 196 90053 Canoga Park-Topanga 0.47 0.71 

Superstition 
Hills 

ICC 090 1335 El Centro Imp. Co. Cent 0.46 0.69 
WSM 180 11369 Westmorland Fire St. 0.38 0.57 

 

 

 
 

(a) Overall View 
 

 
(b) Section View 

Figure 1 A proposed dual-core SCB 
 
 
 

 
 

(a) Brace Kinematics 
 
 
 
 
 
 
 

(b) Force versus Displacement Relationship 
 
Figure 2 Kinematics and hysteretic response of a proposed 

dual-core SCB 
 
 

 
 
 
 
  
 
 

 
 

Figure 3 Deformation of a dual-core SCB (2.5% drift)  
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(a) 15-Cycle Loading Test (1.5% Drift)  

 
 
 
 
 
 
 
 
 
 
 

(b) Second Cyclic Test (2 cycles per drift) 
  

Figure 4 Hysteresis responses of dual-core SCB specimen 
 

(a) Finite Element Model 
 
 
 
 
 

 
 
 
 
 

(b) Comparison between First Test and Analysis 
Figure 5 Test and finite element analysis results 

 

 
 
 
 
 
 
 
 

 
(a) Friction Force Effects 

 
 
 
 
 
 
 
 

 
        

 
(b) Initial PT force Effects 

Figure 6 Effects of friction force and initial PT force on 
dual-core SCB responses 

 
 
 
 
 
 
 
 
 

 
 

Figure 7 BRBF and SCBF elevation 
 

(a) Brace Response          (b) Floor Response 
Figure 8 Six-story frames in TCU074 motion (MCE) 

 

Figure 9 Mean maximum drift 

 Figure 10 Mean maximum residual drift 
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Abstract:  The authors have proposed new evaluation indicator WF for H-shaped steel beams. This indicator takes 
stress distribution within H-shaped beams and coupled instability of the web and flanges into consideration. The purpose 
of this study is to generalize WF to various types of structural steel. In this paper, authors clarify interactions between 
plastic deformation capacity and material properties of H-shaped beams, explain the adaptation validity of WF, and 
establish sets of WF for limitation value of width-thickness ratio or depth-thickness ratio. As a result, authors found that 
WF successfully evaluated plastic deformation capacity of H-shaped beams generally regardless of types of steel. 

 
 
1.  INTRODUCTION 
 

It is commonly known that plate slenderness ratio 
(width-thickness ratio or depth-thickness ratio) is a major 
factor in determining plastic deformation capacity and 
maximum strength of H-shaped steel beams. A number of 
studies on revealing the relationship between plate 
slenderness ratio and performance of H-shaped beams have 
been conducted. All kinds of design codes of steel structure 
are established based on these results as well as various 
design philosophies. 

Consequently, plate slenderness ratio is severely 
restricted especially in a region of large depth-thickness ratio. 
This is mainly because the behavior of those beams tends to 
be determined by coupled local buckling and no easy 
evaluation method for such beams was available. 

However, recent researches have proposed normalized 
slenderness ratio WF which is based on theoretical analysis 
of coupled local buckling. Conducting loading tests with one 
type of structural steel those researchers conclude that WF 
applies to H-shaped beams even with large depth-thickness 
ratio. WF is also a more rational indicator than any other 
evaluation method since it is developed considering cyclic 
loading effect. 

 This study is intended to generalize WF to various 
kinds of structural steel. In this paper, authors review the 
theory of WF and reconstruct it into a more generalized 
format. Also loading tests are conducted to H-shaped beams 
made of two different types of steel aiming at clarifying 
interactions between plastic deformation capacity and 
material properties of H-shaped beams and explaining the 
adaptation validity of the revised WF. 

2.  DEVELOPMENT OF THE NORMALIZED 
SLENDERNESS RATIO 
 
2.1  Modification of Evaluation Formula for Elastic 
Buckling Strength 

Recent work by Ikarashi and Wang (2008) presents 
Equation 1 for the limitation value of plate slenderness, 
which is intended to prevent buckling of H-shaped steel 
members before the moment of a force reaches Mp at the end 
of the beams. This value is more versatile than the limitation 
value presented in the current criterion recommended by 
Architectural institute of Japan (2010). Note that some of the 
following symbols are different from those in the original 
paper. 

 
 

 (1) 
 
 

 (2) 
 
 

 (3) 
 
 

where d = the depth of web plate; tw = the thickness of web 
plate; b = half the width of flange plate; tf = the thickness of 
flange plate; σyw = yield stress of web; σyf = yield stress of 
flange; E = Young’s modulus; Aw = sectional area of web; Af 
= 2btf = sectional area of flange; λw = aspect ratio of web; 
and β = bending incline (0 ≤ β ≤ 2; β = 0: symmetric 
bending; and β = 2: ant-symmetric bending). 
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Equation 1 is formulated from the multi-cubic 
approximation curve of the limitation value based on 
evaluation of elastic local buckling strength which takes 
stress distribution in an H-shaped beam as well as coupled 
instability of the web and flanges into consideration. In the 
process of the approximation, the limitation value is 
classified statistically by variable α, which is closely related 
to stress distribution. 

Figure 1 shows the limitation curves where the thinner 
lines indicate limitation values based on theoretical analysis 
and the thicker lines indicate the approximation curves 
obtained from Equation 1. As Figure 1 shows, the 
approximation curve is defined as it includes point (0.6, 3) in 
order to ensure safety. 

Variable k in Equation 2 means the upper limit value of 
physical web slenderness ratios and varies according to α in 
Equation 3. As mentioned, α is formulated in light of the 
effect of web slenderness ratios and other physical 
parameters. The smaller α of a beam is the larger bending 
load the beam can bear. Conversely, the larger α of a beam is 
the larger shear load the beam can bear. Accordingly, when α 
< 1/6, post buckling mode will be flange buckling. When 1/6 
≤ α ≤ 1/2, the mode will be coupled buckling. When α > 1/2, 
the mode will be web buckling. 

Previous work by Ikarashi and Wang (2010) proposes 
the normalized slenderness ratio WF based on the limitation 
curve mentioned above and examines the relationship 
between WF and plastic deformation capacity of H-shaped 
beams. As Figure 2 shows, on a plane where the x-axis 
represents plate slenderness of flanges and the y-axis 
represents that of webs, suppose a straight line from the 
origin through point A, whose coordinates are obtained from 
plate slenderness ratios of an H-shaped beam, and point B, 
which is the intersection of this line and the line obtained 
from Equation 1. If the x-coordinate and y-coordinate of 
point B are respectively called BTF and BTW, WF can be 
represented as follows: 

 
 (4) 

The research examines the adaption validity of WF, finds 
that BTF and BTW should be adjusted in order to ensure 
safety, and proposes the multi-quadratic approximation 
curve of limitation values. 

In this paper, the authors propose the revised limitation 
value with different coefficients by taking into consideration 
the results from Chapter 3 and define WF as Equation 4 and 
Equation 5. Figure 3 shows the comparison of the limitation 
curves where the thinner lines indicate limitation values 
from theoretical analysis and the thicker lines indicate the 
approximation curves from Equation 5. 

 
 

 (5) 
 
 

 (6) 
 
 

where symbols are the same as in Equations 1-3. 
In the process of formulating Equation 1, the 

imperfection of plate physical properties and material is 
included in its parameters, but the effect of cyclic loading on 
strength deterioration is not considered. Assuming this effect 
and referring to the test results of the research by Ikarashi 
and Wang (2010), the approximation curve deriving from 
Equation 5 is defined as a multi-quadratic curve which 
includes the points nine-tenths of the point in common and 
nine-tenths of the y-axis intercept on Equation 1. This means 
that deformation capacity of a beam under cyclic loading 
will be about nine-tenths of the performance under 
monotonic loading. Also since the approximation curve is 
formulated as an ellipse centered at the origin of an x-y 
coordinate system with its major axis along the x-axis, it is 
easy to use the formula and to compare the formula with the 
current criterion. At the same time, this arrangement makes 
Equation 5 a part of the series of structural design that uses 
the structural rank of plate slenderness ratios. 

As mentioned above, normalized slenderness ratio WF 
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developed in this paper is given by Equation 4, 5 and can be 
obtained as 

 
 

 (7) 
 
 

where k and α are the same as in Equations 3, 6. Following 
is an examination of the adaptation validity of the above 
formula. 
 
2.2  Evaluation of Maximum Strength 

Figure 4 shows definitions of maximum and 
approximate yield strength. Maximum strength (Qmax) is the 
maximum of shear load, and approximate yield strength 
(EQy) is defined in two different ways. If a hysteresis curve 
has a second slope, the approximate yield point is defined as 
the intersection of the lines extending from the first and 
second slopes. If a hysteresis curve has no second slope, the 
approximate yield strength is the same as the maximum 
strength. 

Figure 5 shows the relationship between normalized 
slenderness ratio WF given by Equation 7 and approximate 
yield strength (EQy) obtained from loading tests. The y-axis 
represents normalized values, which are calculated as EQy 
divided by full plastic strength Qp or Qps. Qp is the shear load 
acting when a beam on the edge bears the full plastic 
moment, and as shown in the work by Ikarashi and Wang 
(2010), Qps is the full plastic shear load that assumes the 
shear decline influenced by the interaction of bending 
moment and shear load. Those data points in Figure 5 are 
taken from previous works by the authors (Ikarashi and 
Wang 2010, Suzuki et al. 1977, 2001, Yoda et al. 1989) as 
well as the results from the tests in the next chapter. The 
black data points indicate the results of cyclic loading tests 
and the white data points indicate those of monotonic tests. 
Most of the black points are above the white ones. Figure 5 
supports an idea that beams with WF ≤ 1 are supposed to 
bear the full plastic moment according to the definition of 
WF. Also, since full plastic strength to yield strength ratio of 
H-shaped beams in practical use is about 0.9, beams with 
WF of 1.2 or less will reach their yield strength. 

In addition, Figure 6 shows the relation between WF 

and normalized maximum strength. The explanatory notes 
are the same as in Figure 5. Test results are distributed 
almost linearly across the line WF = 1. It seems plausible 
that WF can be used to evaluate the maximum strength. 
Equation 8 represents the evaluation formula for the 
maximum strength. This approximation formula is useful 
not only to beams with plastic buckling but to beams with 
elastic buckling before reaching their full plastic strength. 

 
 (8) 

 
 
 
3.  ADAPTAION VALIDITY OF NORMALIZED 
SLENDERNESS RATIO 
 
3.1  Loading Tests 

The procedure of loading tests in this paper is the same 
as that in the work by Ikarashi and Wang (2010). Figure 7 
shows the form and physical parameters of test specimens. 
Loading tests were conducted to a cantilever beam subjected 
to a half beam in structural frame until the strength degrades 
enough while controlling the displacement of the beam end. 
Loading program is shown in Figure 8 where δy = the yield 
displacement; δp = elastic displacement corresponding to Mp. 

In order to examine local buckling behavior of test 
specimens, lateral deformation was restricted to avoid 
overall buckling. Test specimens were manufactured with 
SM490 and H-SA700 steels. Especially, specimens with 
H-SA700 have their end 200 mm upper from the end plate 
and they also have cover-plates on the flanges to reinforce 
their end around. This prevents specimens from breaking at 
the welded parts since the material strength for welding is 
much lower than H-SA700. 

Specimens with different web and flange slenderness 
ratios and different material properties are listed in Table1. 
Material properties are listed in Table 2. Specimens with 
SM490 and H-SA700 are described by M(d/tw)_(b/tf) and 
H(d/tw)_(b/tf) using nominal values of plate slenderness 
ratios. Most of the loading tests are conducted cyclically, and 
some tests are carried out monotonically to the specimens. 
Names given to these specimens have m at the end. The 
geometric parameters of specimens are decided so that they 
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satisfy WF ≤ 1. Web plate slenderness ratios adapted in this 
paper are almost on or over the current limitations 
recommended by Architectural institute of Japan (2010). 
Numbers in Table 1 and data points in the subsequent figures 
are given by measured values. 
 
3.2  Cyclic Test Results 

Hysteresis curves obtained from cyclic loading tests 
conducted to specimens with WF ≤ 1 in this paper are stable 
in the plastic region. In the following examinations, skeleton 
curves transformed from the cyclic test results are mainly 
concerned. Although loading program is slightly different, 
results of recent work by Ikarashi et al. (2009) in which 
loading tests with H-SA700 are conducted are also taken 
into consideration. 

Figure 9 shows all skeleton curves obtained from the 
results. Note that Figure 9a shows the results on SM490 and 
Figure 9b shows those on H-SA700. Specimen types and 
their WFs are also presented in these figures. Deformation at 
maximum load with a smaller WF tends to be larger 
basically. However, this tendency is not necessarily true to 
H-SA700. This is because plastic deformation capacity is 

determined not only by plate slenderness but also by other 
parameters. If the plate slenderness ratio of a beam is small 
enough to avoid local buckling, the plastic deformation 
capacity will be largely affected by the tensile capacity 
related to the material properties. Also the effect of the weld 
cannot be ignored. In fact, specimen H31_5.2 broke at the 
welded part as Figure 10 shows. Accordingly designing a 
beam with a small plate ratio does not always lead to larger 
deformation capacity but especially in the case of high 
tension steel, this design can cause degradation of 
deformation capacity. Other works by the authors (Suzuki et 
al. 1996, Sato and Ono 2006) have warned this point. 

Figure 11 shows comparisons between a monotonic 
loading result and a cyclic loading result and its skeleton 
curve. Figure 11a shows the test result of a specimen with a 
larger plate slenderness ratio and WF and Figure 11b shows 
that of a specimen with a smaller ratio and WF. As Figure 
11a shows, there is little difference in the plastic deformation 
capacity between the monotonic curve and skeleton curve 
when the WF is larger. On the other hand, when the WF is 
smaller, the difference is larger and deformation capacity 
under monotonic tests exceeds deformation capacity under 
cyclic tests. 
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Accordingly, as far as steel structures are concerned, 
only monotonic results seem insufficient for evaluating 
plastic deformation capacity and establishing structural 
grades. It is appropriate to take both monotonic and cyclic 
results into consideration. This is the reason why the revised 
limitation value for evaluating plastic deformation capacity 
has a degradation factor of 0.9 in it. This degradation 
accounts for the reduction in strength affected by cyclic 
loading. 
 
3.3  Factor for Plastic Deformation Difference 

This section examines hysteresis differences, especially 
in plastic deformation, depending on steel type by using 
numerical analysis. Material properties adapted to the 
analysis are stress-strain relationships from tensile tests. The 
test results of SM490 and H-SA700 are in this paper, those 
of SS400 are included in Ikarashi et al. (2009), and those of 
HT590 and SM570Q are included in Suzuki et al. (1995). 
Figure 12 shows three comparison charts of hysteresis 
curves of specimens with almost the same WFs while all αs 
are 0.34. Beams with α = 0.34 are likely to exhibit coupled 
buckling behaviors. All of the analyses are conducted to 
monotonic loading modes. Difference in plastic deformation 
of specimens with smaller WFs tends to be more influenced 
by steel type and become larger. However, this difference in 
plastic deformation between SS400 and SM490 is rather 
small and this seems to be true between SN400 and SN490 
as well. 

Figure 13 shows nondimensional stress-strain 
relationships where both x-axis and y-axis are normalized by 
yield strength and yield strain. As Figure 13 shows, the 
stress-strain relationship of SS400 corresponds to that of 

SM490 in the plastic region beyond the yield point. This 
correspondence explains the small difference between the 
two steel types in plastic deformation. Accordingly, as far as 
structural steel for plastic design is concerned, WF can be 
used uniformly for evaluating deformation capacity and 
restricting plate slenderness ratios regardless of steel types. 
 
3.4  Structural Classification with WF 

This section proposes evaluation formula of plastic 
deformation capacity and classification of plate slenderness 
by adapting WF, referring to test results of this paper and 
other works by the authors (Ikarashi and Wang 2010, 
Ikarashi et al. 2009, Suzuki et al. 1977, 1995, 2001, Yoda et 
al. 1989). Figure 14 shows the relation between WF and 
plastic deformation capacity given by Equation 9 for all 
types of steel. 

 
 (9) 

 
where δmax = plastic deformation resulting from monotonic 
tests or skeleton curves obtained from cyclic tests at 
maximum load, Eδp = elastic displacement calculated as Qp 
divided by elastic stiffness from test results. 

Symbol μm means monotonic test results represented by 
white data points in Figure 14, while μcs means cyclic ones 
represented by black data points. Several results of cyclic 
tests are represented in two plots both positive and negative 
ways if possible. Shapes of the data points indicate the types 
of steel. Data points with cross marks (+) represent test 
specimens with their web slenderness to flange slenderness 
ratio between 3 and 6. Previous work by Ikarashi and Wang 
(2010) has pointed out that beams with this range tend to 
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show coupled buckling behaviors and plastic deformation 
capacities of such beams are likely to be the lowest among 
beams with the same WF.  

As mentioned, since all of the test results with different 
steel types are plotted at once in Figure 14, plastic 
deformation is different to some extent among beams with 
the same WF. However, lower bound of plastic deformation 
capacity can be evaluated by Equation 10 expressed with the 
solid curve in Figure 14. 

 
 (10) 

 
Also as represented in Figure 14, Equation 10 helps to 

establish classifications of plate slenderness ratio. This 
classification is set and divided into three ranks according to 
the current criterion recommended by Architectural institute 
of Japan (2010) where plastic deformation capacities of 0, 2, 
and 4 are chosen to the restriction values. Each rank is given 
a name: rank P-I-1 under WF ≤ 0.65, rank P-I-2 under 0.65 < 
WF ≤ 0.75, and rank P-II under 0.75 < WF ≤ 1.0. The 
authors propose these improved limitation values as means 
of evaluating plastic deformation capacity of H-shaped steel 
beams. 
 
 
4.  CONCLUSIONS 
 

Normalized slenderness ratio WF which evaluates 
maximum strength and plastic deformation capacity of 
H-shaped steel beams is proposed in this paper. This 
indicator is developed based on the approximation for the 
couple buckling strength of the web and flanges, and the 
adaption validity of this value for evaluating performance of 
beams is confirmed. Compared with WF proposed in 
previous studies, WF in this paper is reconstructed to be 
generally used regardless of types of steel.  

In addition, WF helps to establish classifications of 
plate slenderness according to the performance needed. 

These classifications are determined to ensure safety and 
apply to results of both monotonic and cyclic loading test. 
Using WF enables more rational stability designs of 
H-shaped beams. 
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Abstract:  There are many examples of application of Tuned Mass Damper (TMD). The response reduction effects by 
those examples are verified. TMD is fit for the vibration control of spatial structure because it is possible to install TMDs 
by a single supporting point. Therefore, there are many studies on the vibration control for spatial structures. There is still 
much left to be studied hereafter about the vibration control of spatial structures by using TMDs in practice. This paper is 
intended as an investigation of vibration control effects by plural TMDs for arch structure, which is the basic structural 
type for a spatial structure, by numerical vibration analyses. First, the effects of the number, position and additive 
damping of installed TMDs on response reduction effects are examined. In addition, the effects of the change of natural 
period and additive damping from designed value of TMDs on response reduction effects are investigated. Finally, the 
response estimation by the parallel multi-mass system substituted for arch structure with TMDs is attempted. 

 
 
1.  INTRODUCTION 
 
There are many examples of application of Tuned Mass 
Damper (TMD). A high-rise building and a floor slab with 
large span in architecture field, a cable stayed bridge and a 
suspension bridge in civil engineering, for example. The 
response reduction effects by those examples are verified. 
TMD is fit for the vibration control of spatial structure 
because it is possible to install TMDs by a single supporting 
point. Therefore, there are many studies on the vibration 
control for spatial structures. The vibration controls for arch 
structures are examined by Kato et al. (1992) and Yamada et 
al. (1995) for example. Those for dome structures are 
investigated by Yamada et al. (1995) and Yoshinaka and 

Kawaguchi (2004). However, the practical examples for 
spatial structures cannot be found. There is still much left to 
be studied hereafter about the vibration control of spatial 
structures by using TMDs in practice. This paper is intended 
as an investigation of vibration control effects by plural 
TMDs for arch structure, which is the basic structural type 
for a spatial structure, by numerical vibration analyses. 
 
 
2.  ANALYSIS MODELS AND NUMERICAL 
ANALYSIS METHODS 
 

The analysis model for this study is arch structure with 
two arches joined by beams as shown in Fig.1. Table 1 
shows the dimensions of arch. The span of arch is 40m. The 
rise-to-span ratio is 1/10. The member properties are shown 
in Table 2. The members of arches and beams are steel pipes, 

 

Figure 1  Analysis Model 

Table 1  Dimensions of Arch 

  
Table 2  Member Properties 
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the members of brace are round steel bars. The mass of roof 
material is 10kg/m2, the total mass M0 of arch structure with 
the structural material weight and roof material weight is 
11.6t. For the boundary condition, the nodes A, A’, C and C’ 
are pin supported. 

The methods of analyses are a natural vibration analysis 
and a time history response analysis which takes into 
account the geometric nonlinearity. A numerical integration 
scheme for time history response analysis is the Newmark β 
=1/4 method. The time increment Δt is 0.005sec. Rayleigh 
damping is applied to the damping of arch structure. The 
damping factor h is 2% for 1st and 2nd modes. The elements 
for members are beam elements. 
 
 
3.  DESIGN OF TMDS 
 

Natural vibrational characteristics are examined for the 
design of TMDs. Fig.2 shows the vibrational modes with 
larger effective mass ratios in horizontal x direction. 
Although the mode with maximum effective mass ratio is 
32nd mode, in this study, the TMDs are designed so that the 
TMDs tune with the 1st mode which has longer period and 
larger contribution to displacements. The treated types of 
TMD are Single TMD, Dual TMD and Quadruple TMD. 
The positions for installing the TMDs are the four nodes 
corresponding with antinode of 1st mode. TMD vibrates in 
the only one direction which is the axial direction of TMD. 

Next, the calculation methods of mass ratio (Eq.(1)), 
frequency ratio (Eq.(2)) and damping ratio (Eq.(3)) for 
TMDs are explained. 

!! =
!!

!!
       1         !! =

!!
!!

=
!!
!!
       2         !! =

!!!!
4!!!

      (3) 

where mT is the mass of TMD each, M0 is the total mass of 
arch structure, TT is the period of TMD, T0 is the period of 
controlled mode (1st mode), cT is the damping factor of 
TMD, the subscript n is the number of TMDs. 

Frequency ratios and damping ratios are calculated by 
using the equations for optimum condition. The equations 
based on the fixed points theory (Den Hartog 1985) are used 
for Single TMD and Dual TMD. On Quadruple TMD, the 
equations for optimum condition (Iwanami and Seto 1984) 
based on the idea that the extreme values and the dispersion 
of those on response curve of the structure with TMDs are 
minimized are used. Eqs.(4) and (8) are used for Single 
TMD. Eqs.(5), (6) and (9) are used for Dual TMD. Eqs.(5), 
(7) and (9) are used for Quadruple TMD. Table 3 shows the 

coefficients used for calculation of frequency ratios. Table 4 
shows the coefficients used for calculation of damping ratios. 
The total mass of TMDs is set at 360.9kg which is 3% of the 
mass of arch structure. 

 
<Frequency ratios> 

SINGLE  TMD:                
1
!!
=

!!

1 + !!
                                                                                                            (4)   

DUAL  &  QUADRUPLE  TMD:                
1
!!
= ! !! + ! !                                     (5) 

DUAL  TMD:                
1

!!
(!) =

1
1.04 − 0.72!!

                                                                          (6) 

QUADRUPLE  TMD:                                                                                                                                                                                     

1

!!
(!) = 1.1327!!!.!"#$!! − 0.0953!!!".!"#!!           (7) 

<Damping ratios> 

SINGLE  TMD:                !! =
3!!

8 1 + !!
                                                                                      (8) 

DUAL  &  QUADRUPLE  TMD:                !! = !!! ! − !                                  (9) 

The designed values by equations for optimum 
condition are shown in Table 5. 
 
 

Table 3  Coefficients used for Calculation 
of Frequency Ratios 

 

Table 4  Coefficients used for Calculation 
of Damping Ratios 

 

 

Figure 2  Vibrational Modes with Larger Effective Mass Ratios in Horizontal x Direction 
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4.  INPUT WAVES 
 

The input waves are sine and seismic waves with 
maximum acceleration of 100cm/s2. The periods of sine 
waves are 0.75~1.25T0 (T0: the natural period of 1st mode). 
The input seismic wave is BCJ-L1 which is an artificial 
earthquake motion of the Building Center of Japan. The 
input direction of seismic wave is horizontal x direction. 
 
 
5.  RESPONSE REDUCTION EFFECTS BY TMDS 
 
5.1  Effects of Additive Damping of TMD on Response 
Reduction Effects 

In this section, the effects of additive damping of Single 
TMD on the response reduction effects are examined. 
Fig.3(a) shows the position for installing the TMD. The 
input waves are sine waves. Fig.4 shows the relationships 
between maximum vertical acceleration response 
magnification factors Ar

V/Ag at node1 and periods of sine 
waves. T is the period of input sine wave, Ar

V is the absolute 
maximum vertical response acceleration at node1. When T 
is in the neighborhood of T0, the responses decrease by 
installing the TMD regardless of adding the damping. The 
responses acceleration magnification factors without 
additive damping are smaller than those with additive 
damping. However, the maximum value of magnification 
factors with additive damping is smaller than that without 
additive damping. The maximum value with additive 
damping is one-third that without TMD. In the following 
sections, the responses of arch with TMD to which the 
damping was added will be examined. 
 

 

5.2  Effects of Number and Arrangement of TMDs on 
Response Reduction Effects 

First, the effects of the number of TMDs on response 
reduction effects are examined. TMDs are installed in node1 
in any type of TMD as shown in Fig.3(a) and (b). In addition, 
the response reduction effect of model to which the mass 
that is equal to the total mass of TMDs (360.9kg) is added in 
node1 is examined. Fig.5 shows the distributions of 
maximum response accelerations on the center line AOA'. 
Input wave is the seismic wave BCJ-L1. The responses 
reduce by installing the TMDs. In the case of model to 
which the mass is added, the response reduction effects of 
this model appear smaller than those of models with TMDs. 
On the other hand, the responses of Dual TMD are larger 
than the others, however the significant difference of the 
reduction effects between Single TMD, Dual TMD and 
Quadruple TMD is not observed. Next, the effects of the 
arrangement of TMDs on reduction effects are examined. In 
the case of Quadruple TMD, the significant difference of the 
reduction effects between the integrated arrangement and the 
distributed arrangement (Fig.3(c)) is not observed. 
 

Table 5  Coefficients used for Calculation 
of Damping Ratios 

 
Figure 3  Positions for Installing TMDs 

 
Figure 4  Relationships between Maximum Vertical 
Acceleration Response Magnification Factors Ar

V/Ag 
at node1 and periods of sine waves 

 
Figure 5  Distributions of Maximum Response Accelerations 

(Center line AOA', BCJ-L1) 

- 1017 -



5.3  Comparisons of Response Reduction Effects of 
Single TMD and Those of Quadruple TMD in 
Distributed Arrangement 

In this section, the response behavior of Single TMD 
and Quadruple TMD in distributed arrangement is 
investigated. Fig.6 shows the relationships between 
maximum vertical acceleration response magnification 
factors Ar

V/Ag at node1 and periods of sine waves. The 
maximum values are approximately one-third the maximum 
value without TMD regardless of types of TMD. Quadruple 
TMD has the response reduction effect for wider periodic 
band than Single TMD. The distributions of maximum 
response accelerations on the center line AOA' subjected to 
BCJ-L1 are shown in Fig.7. The difference of response 
accelerations between Single TMD and Quadruple TMD is 
small. The shape of distribution for Quadruple TMD is an 
almost symmetrical shape about the apex O in vertical 
direction. However, the shape for Single TMD is slightly 
asymmetrical shape. This is because the position for 
installing the TMD of Single TMD is one-sided on arch. 
Fig.8 shows the magnification factors of response 
accelerations AT and displacements DT of TMDs to the 
vertical responses AV, DV at nodes for installing the TMD 
subjected to BCJ-L1. In the case of BCJ-L1, the response 
acceleration magnification factors are about 2 times at Single 
TMD, about 2.5~3.5 times at Quadruple TMD. On the other 
hand, the response displacement magnification factors are 

about 3.5 times at Single TMD, about 4.5~6 times at 
Quadruple TMD. The response displacement may be large 
in the TMD with longer period like TMD installed in node1. 
Therefore, it needs to pay attention for displacement 
amplitude in the design of TMD. 

Consequently, the above indicates that Quadruple TMD 
is practical method for installing the TMD compared with 
Single TMD. 
 
 
6.  EFFECTS OF VARIATIONS OF PERIOD AND 
DAMPING OF TMDS ON RESPONSE REDUCTION 
EFFECTS 
 

In this chapter, effects of the case that the values of 
period and damping of TMDs deviate from the designed 
values on the response reduction effects are examined. Fig.9 
shows the effects of the periods of TMDs on maximum 
vertical acceleration response magnification factors Ar

V/Ag at 
node1. Fig.10 shows the effects of the damping factors of 
TMDs. The input waves are sine waves. The variations of 
-10%~+10% on the period and -20%~+20% on the damping 
from the design values are given to four TMDs of Quadruple 
TMD equally. As the periods of TMDs vary longer or 
shorter from the designed values, the maximum values of 
responses become larger. On the other hand, as the damping 
factors of TMDs vary larger from the designed values, the 
maximum values of responses become small slightly. 
However, the variations of responses by damping factors 
arise only about the maximum values. Therefore, the 
response reduction effect is more sensitive to change of the 
natural period of TMD than to change of damping factor. 
 

 
 

 
Figure 6  Relationships between Maximum Vertical 
Acceleration Response Magnification Factors Ar

V/Ag 
at node1 and periods of sine waves 

 
Figure 8  Magnification Factors of Response Accelerations 

and Displacements of TMDs to Vertical responses 
at Nodes for Installing TMD (BCJ-L1) 

 
Figure 7  Distributions of Maximum Response Accelerations 

(Center line AOA', BCJ-L1) 

 
Figure 9  Effects of Periods of TMDs 

on Maximum Vertical Acceleration 
Response Magnification Factors (node1) 

 
Figure 10  Effects of Periods of TMDs 

on Maximum Vertical Acceleration 
Response Magnification Factors (node1) 
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7.  RESPONSE ESTIMATION BY PARALLEL 
MULTI-MASS SYSTEM 
 

In this chapter, the response estimation by the parallel 
multi-mass system substituted for arch structure with TMDs 
is attempted. Fig.11 shows the method for substitution of 
arch structure to parallel multi-mass system. The kinds of 
adopted mass for main system in parallel multi-mass system 
are 11.3t (the total mass of arch) and 1.33t (the effective 
mass of 1st mode of arch). The designed values for TMDs 
for these models are the same as the values in Table 5. 

Fig.12 shows the relationships between maximum vertical 
acceleration response magnification factors Ar

V/Ag and 
periods of sine waves for the parallel multi-mass systems 
and arch structure with Quadruple TMD. When the mass of 
main system for parallel multi-mass system is equal to the 
total mass of arch structure without TMD (Mm=11.3t), the 
response magnification factors are larger than those of arch. 
However, the natural periods with minimal values of parallel 
multi-mass system agree approximately with those of arch 
structure with TMDs. On the other hand, when the main 
system's mass is equal to the effective mass of 1st mode of 
arch (Mm=1.33t), the periods with minimal values disagree 
with those of arch. However, the response magnification 
factors of parallel multi-mass system in the vicinity of the 

natural period of 1st mode are in agreement with those of 
arch. The maximum values of response magnification 
factors at hm=0% are larger than those at hm=2% regardless 
of the mass of main system. 
 
 
8.  CONCLUSIONS 
 

It is concluded as follows, from the above results. 
1)  Quadruple TMD has the response reduction effect 

for wider periodic band than Single TMD. 
2)  In the case of Quadruple TMD, the significant 

difference of the response reduction effects between the 
integrated arrangement and the distributed arrangement 
is not observed. 

3)  The response reduction effects are more sensitive to 
change of the natural periods of TMDs from designed 
values by equations for optimum condition than to 
change of damping factors from those. 

4)  When the mass of main system for parallel 
multi-mass system is equal to the total mass of arch 
structures without TMD, the natural periods with 
minimal values on the response magnification factor 
curve of parallel multi-mass system agree 
approximately with those of arch structure with TMDs. 
On the other hand, when the main system's mass is 
equal to the effective mass of target mode of arch 
structure, the values of response magnification factor of 
parallel multi-mass system in the vicinity of the natural 
period of target mode is in agreement with the values of 
arch structure. 
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Abstract: Under the 2011 Tohoku earthquake, many buildings were suffered by strong ground motion and tsunami. A
total of216 ofdamaged steel buildings in public educational institutions including 147 ofgymnasiums were investigated
from April to June 2011 by AIJ. In this paper, outline of the reconnaissance is reported.

1. INTRODUCTION

Under the 2011 Tohoku earthquake, many buildings
were suffered by strong ground motion and tsunami. By
commission of the Ministry of Education, Culture, Sports,
Science and Technology, authors investigated 216 damaged
steel school buildings in Iwate, Miyagi, Fukushima, Ibaraki,
Tochigi and Chiba prefectures including 147 of gymnasiums
from April to July. In this paper, outline of the
reconnaissance is reported.

2. INVESTIGATED BUILDINGS

Variety of 216 investigated buildings is shown in Figure
1, and construction age is shown in Figure 2. The
investigated buildings are only some part of buildings in
devastated area, so results of this investigation do not show
the global image of damage. However, it is thought that
most buildings which suffered damage severely were
covered. As the variety of buildings, the number of
gymnasiums is 147, and it occupies about 70 percent of the
whole. Classroom buildings are about twenty percent of the
whole. In addition, dormitories, warehouses, garages etc. are
included in other buildings. About the construction age, two
thirds of the investigated buildings are before 1981 when
earthquake-resistant criteria of Japan became equivalent to
the present.

Investigated buildings are classified into three groups
according to its construction age, result of seismic evaluation
and whether seismic retrofit was conducted or not. First
group is the building built in or after 1981. Second group is
the buildings already retrofitted or buildings evaluated as
seismic buildings. Third group is the buildings without
seismic retrofit or buildingswithout seismic evaluation.

0 20 40 60 80 100 120 140 160

Number of buildings

Gymnasiums

Classroom buildings

Other buildings

Figure 1 Variety of investigated buildings
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unknown

Figure 2 Construction age of investigated buildings

3. DAMAGE OF BUILDINGS BUILT IN OR AFTER
1981

Classification of damage level of investigated buildings
already retrofitted or buildings estimated as seismic
buildings is shown in Figure 5. 7 building were seriously
damaged. Damaged part of the building which was damaged
seriously is shown in Figure 6. Damaged parts of seriously
damaged buildings are shown in Photo 1 to Photo 8.

0 10 20 30 40

Number of buildings

Serious damage

Part ial damage

Slight damage or non-damage

Damaged by Tsunami

Figure 3 Classification of damage level of investigated

buildings built in and after 1981

0 2 4 6 8 10

Number of buildings

Column base

Brace

Fundation

Column

Beam

Figure 4 Damaged parts of the seriously buildings built in

and after 1981

Photo 1 Failure of exposed type column base in a

S-type Steel Gymnasium (Built after 1981)

Photo 2 Failure of exposed type column base in a

RS-Type Steel Gymnasium (1) (Built after 1981)

- 1022 -



Photo 3 Failure of exposed type column base in a

RS-Type Steel Gymnasium (2) (Built after 1981)

Photo 4 Failure of base (Built after 1981)

Photo 5 Failure of anchor bolts of steel passabge

(Built after 1981)

Photo 6 Failure of brace (1) (Built after 1981)

Photo 7 Failure of brace (2) (Built after 1981)

Photo 8 Inclined gymnasium caused by collapse

of foundation (Built after 1981)
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4. DAMAGE OF BUILDINGS
ALREADY RETOROFIITED OR BUILDINGS
EVALUATED AS SEIMIC BUILFDINGS

Classification of damage level of investigated
buildings already retrofitted or buildings evaluated as
seismic buildings is shown in Figure 5. 7 building were
seriously damaged. Damaged part of the building which
was damaged seriously is shown inFigure 6. It is found
that, in the building of this group, column base and
brace are weak points. Damaged parts of seriously
damaged buildings are shown in Photo 9 to Photo 12.

0 5 10 15 20 25

Number of buildings

Serious damage

Part ial damage

Slight damage or non-damage

Damaged by Tsunami

Figure 5 Classification of damage level of investigated

buildings already retrofitted or buildings evaluated as

seismic buildings

0 1 2 3 4 5 6

Number of buildings

Column base

Brace

Fundation

Column

Beam

Figure 6 Damaged parts of the seriously buildings already

retrofitted or buildings evaluated as seismic buildings

Photo 9 Buckling of truss beam

Photo 10 Failure of brace (1)

Photo 11 Failure of brace (2)
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Photo 12 Failure of exposed type column base in S-Type

Steel Gymnasium

5. DAMAGE OF BUILDINGS WITHOUT SEISMIC
RETROFIT OR BUILDINGS WITHOUT
SEISMIC EVALUATION

Classification of damage level of investigated buildings
without seismic retrofit or buildings without seismic
evaluation is shown in Figure 7. 31 building were seriously
damaged. Damaged part of the building which was damaged
seriously is shown in Figure 8. It is found that, in the
building of this group, brace is a weak points. Damaged
parts of seriously damaged buildings are shown in Photo13
to Photo 20.

0 10 20 30 40

Number of buildings

Serious damage

Part ial damage

Slight damage or non-damage

Damaged by Tsunami

Figure 7 Classification of damage level of investigated

buildings without seismic retrofit or buildings without

seismic evaluation
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Number of buildings

Column base

Brace

Fundation
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Beam

Figure 6 Damaged parts of the seriously buildings without

seismic retrofit or buildings without seismic evaluation

Photo 13 Failure of brace at fastener

Photo 14 Failure of brace at gusset plate
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Photo 15 Failure of brace

Photo 16 Failure of brace

Photo 17 Failure of brace

Photo 18 Failure of brace

Photo 19 Failure of brace

Photo 20 Failure of column base
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6. OTHER DAMAGE BY EARTHQUAKE

Other structural and non-structural damages are shown
in Photo 21 to Photo 25. In many gymnasiums, braces in the
roof were damaged. Not only structural members but also
non-structural components, i.e. roof ceilings, walls and
glasses, were seriously damaged.

Photo 21 Damage of roof brace

Photo 22 Fallen roof ceilings

Photo 23 Damage of curtain wall

Photo 24 Damaged wall

Photo 25 Damaged inner wall
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7. DAMAGED BUILDINGS BY TSUNAMI

Typical damage caused by Tsunami are shown in Photo
26 to Photo 31.

Photo 26 Damaged exterior wall (1)

Photo 27 Damaged exterior wall (2)

Photo 28 Inside of gymnasium suffered by Tsunami

Photo 29 Damaged braces

Photo 30 seriously damaged gymnasium

Photo 31 Failure of column base

8. CONCLUSION

In this paper, outline of the reconnaissance on the
damaged steel school buildings under 2012 Tohoku
earthquake is briefly reported.
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Abstract: Based on UMAT, the user subroutine to define a material's mechanical behavior in general FEA software 
ABAQUS, a simplified form of a constitutive model considering damage accumulation of steel is proposed and 
developed. The response of single layer cylindrical latticed shell with longitudinal edge supported under severe 
earthquakes is studied, including the failure mechanism and mode of shell under severe earthquakes, the influence of steel 
damage accumulation on collapse PGA, deformation and failure mode of the shell. 

 
 
1.  INTRODUCTION 

 

More and more single-layer latticed shells have been 

used in large spatial architectures recent years, so the 

collapse mechanism of the shells under severe earthquakes 

becomes one of the critical research problems. A lot of 

research (Kato et al. 1995 and 2000, Zhi et al. 2007 and 

2008a, Yang et al. 2008, Fan et al. 2010) have been carried 

out with IDA (Vamvatsikos and Cornell 2002) regarding the 

seismic response and collapse mechanism of single-layer 

latticed shells. As to single-layer cylindrical latticed shell 

with longitudinal edge supported on ground, the seismic 

response and collapse mechanism is systematically studied 

with elastic-perfectly plastic material model by Yang (2011), 

but the study by Zhi (2008b) showed that the damage 

accumulation of steel has a certain influence on the response 

of single-layer latticed shells under severe earthquakes, so 

the steel damage accumulation is introduced in the paper to 

study the earthquake response and dynamic collapse 

mechanism of single-layer cylindrical latticed shell with 

longitudinal edge supported on ground, and the influence of 

damage accumulation on collapse PGA, deformations and 

failure modes are studied in the paper. 

 

 

2.  CONSTITUTIVE MODEL CONSIDERING 

DAMAGE ACCUMULATION FOR STEEL 

 

Shen and Dong (1997) developed a 1D non-linear 

damage accumulation model of steel based on plastic strain 

which takes the complete loading history and energy 

dissipation as well as the effect of the maximum plastic 

strain into account. The model was developed based on the 

cyclic response of the material with the constants determined 

from regression analysis of a series of experimental results 

of simple standard tensile and cyclic tests, and more details 

on the experiment and analysis procedure can be found in 

the paper by Shen and Dong (1997). 

In order to facilitate the implementation in FEA 

software, a simplified form of the model is proposed in the 

paper. Figure 1 shows the simplified hysteretic model, where 

the bilinear curve is used to simplify the hysteretic behaviour 

of each half cycle and the hardening coefficient of all the 

half cycles are assumed to constant, which are the only 

difference between the simplified model and the one 

proposed by Shen and Dong (1997). 

σ

p

n

p

n+1

(n)

s

D

(n+1)

s

D


ED(n)

kED(n)

ED(n+1)

kED(n+1)

nth half cycle

(n+1)th half cycle

 
Figure  1 The simplified hysteretic model considering 

damage accumulation for structural steel 

where p

n  and p

n+1  are the plastic strain in the nth and 

(n+1)th half cycle, respectively; E
D(n)

 and E
D(n+1)

 the Young’s 

modulus at the nth and (n+1)th half cycle; (n)

s

D  and  
(n+1)

s

D the yield strength of the nth and (n+1)th half cycle; k 

the hardening coefficient of all the half cycle.  

The damage variable D is defined as 
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            (1) 

where p

m  is the maximum plastic strain occurring during 

the cyclic loading, p

u the ultimate plastic strain of the 

material obtained from standard tensile test, N the number of 

half cycle, and β a constant. 

The deterioration of the Young’s modulus and yield 

strength is calculated by 
(n)

1 n=(1- )DE D E             (2) 

(n)

s 2 n s=(1- )D D               (3) 

The value of the constants β, 1 and 2 are obtained from 

the regression analysis of experimental results. 

Shen and Song (2004) has extend the model proposed 

by Shen and Dong (1997) to 3D situations. On the basis that 

steel is ductile whose damage evaluation is isotropic so that 

the results for 1D are also applicable to 3D under 

proportional loading but with p

i , p

u and σ substituted by 

the equivalent strain pi , pu and equivalent stress σeq, resulting 

in the following equations: 

m i

V Vp p
1u u

=(1- )
N

i

p p
D R R 

 

           (4) 

2

V m ep

2
= (1 ) 3(1 2 )( )

3
R              (5) 

where Rv is the triaxial stress index, σm is the mean of the 

principal stress. For the experimental verification and more 

other details about the model, please refer to the paper by 

Shen and Song (2004). 

In all the numerical calculation examples in the paper, 

E, σs and k are taken as 2.06e5MPa, 235Mpa and 1/100, 

respectively. 

 

 

3.  SHELL MODEL 

 

The geometry of the single-layer cylindrical latticed 

shell is shown in Figure 2, where L, B and f are the length, 

span and height of the shell, respectively. All the longitudinal 

edge nodes are pin-supported.  

L
f

B

 

Figure 2  Single-Layer Cylindrical Latticed Shell with 

Longitudinal Edge Ground Supported 

The geometry parameters, super dead load (SDL) and 

member sections are listed in Table 1. The basic eigenvalue 

buckling mode is taken as initial geometry imperfection 

applied to the shell, and the maximum imperfection value is 

taken as B/300. 

Table 1 Shell Parameters 

B (m) 20 

L (m) 30 

f /B 1/4 

SDL (kN/m
2
) 0.5 

Diagonal members (mm) Ø1595 

Longitudinal members (mm) Ø894 

 

4.  FEA MODEL AND COMPUTATION 

PARAMETERS 

 

The FEA software ABAQUS 6.9-1 is used to create 

the numerical model. All the members are meshed with 4 

beam elements-B31 with the section type of PIPE. To learn 

the yield extent of the members, plastic strains of eight 

member section points are outputted, which is shown in 

Figure 3, and nP is used to denote the members in which at 

least n section point enter into plastic stage. 

 

Figure 3  Section Points 

The IDA method is used to study the seismic response 

and collapse mechanism of the shell. According to the 

principle of IDA, the accelerations are scaled to different 

PGA in order to learn damage states of the dome under 

earthquakes with different intensities, and the computation 

flow chart of IDA is shown in Figure 4, in which Ac, 

STEPSIZE1 and STEPSIZE2 are collapse PGA, big and 

small incremental step sizes of PGA, respectively. 

Both geometric and material nonlinearity are 

considered in the analysis. The default 

Hilber-Hughes-Taylor implicit integration algorithm in 

ABAQUS/Standard is used to do the time history analysis. 

Self weight of members is automatically considered by the 

software, and super dead load is converted to nodal masses. 

Rayleigh damping ratio is taken as 0.02. 

 

 

5.  VERIFICATION OF THE CONSTITUTIVE 

MODEL CONSIDERING DAMAGE 

ACCUMULATION 

 

If the damage variable D in the constitutive model 
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considering damage accumulation is taken as zero, the 

Young’s modulus and yield strength  should have no 

deterioration and be constant during the analysis, so the 

constitutive model become the bilinear kinematic hardening 

constitutive model. The comparison between the model 

considering damage accumulation with D as zero and the 

bilinear kinematic hardening model is carried out. 

 

Figure 4  IDA Flow Chart 

Figure 5 shows the maximum nodal displacement 

(DSmax) during time-history analysis under Northridge 

earthquakes, and the maximum nodal displacement 

time-history under Northridge earthquake with PGA as 

800gal is shown in Figure 6, where D=0 and B denotes the 

model considering damage accumulation with D as zero and 

the bilinear kinematic hardening model, respectively. It can 

be seen that the maximum displacement and displacement 

time-history match well, which shows that the constitutive 

model considering damage accumulation is valid and 

applicable for the time-history analysis. 
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Figure 5  Comparison of DSmax vs. PGA 
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Figure 6  Comparison of Maximum Nodal Displacement 

Time-History 

 

 

6.  ANALYSIS RESULT 

 

As a representative example, the responses of the shell 

under Northridge earthquake with and without damage 

accumulation considered are illustrated as follows, where D 

and B denotes the model considering damage accumulation 

and the bilinear kinematic hardening model, respectively. 

Figure 7 and Figure 8 show the maximum nodal 

displacement and yielded element ratio respectively, and 

Table 2 shows the final shell deformation under Northridge 

earthquake of different PGA, in which the blue lines denote 

the yielded members. 
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Figure 7  Comparison of DSmax vs. PGA 
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Figure 8  Comparison of nP members ratio vs. PGA 

Table 2 Comparison of Shell Deformations and yielded 

members 

PGA 

(gal) 
B D 

400 

  

600 

  

800 

  

1000 

  

 

From Figure 8 and the figures in Table 2, it can be seen 

that the deformation, distribution and ratio of yielded 

members make no big difference between the B and D 

model, but from Figure 7, there is some difference in 

maximum displacement between the two models, and the 

collapse PGA are 1000gal and 1100gal for model B and D, 

respectively, i.e., there is a difference of 10% between the 

two models in collapse PGA. It shows that damage 

accumulation should be considered, and it is not safe to only 

employ the bilinear kinematic hardening model. 

To consider the seismic response difference of the shell 

with constitutive model D and B under other earthquake 

recordings, ten far-field earthquake recordings from PEER 

are selected as the input excitations in the IDA analysis, and 

the detailed analysis results are omitted in the paper, but the 

deformation, distribution and ratio of yielded members make 

no big difference between model B and D under all the 

earthquake recordings. The ratio of collapse PGA with 

constitutive model D (Ac(D)) and B (Ac(B)) are listed in 

Figure 9, which shows that all the collapse PGA will 

decrease when damage accumulation is considered, and the 

decrease magnitude are from 2% to 13%. It can be seen that 

the damage accumulation of steel has certain influence on 

seismic response of this kind of cylindrical shell and should 

be considered in time-history analysis. 

Table 3 Ten Far-field Earthquake Recordings from PEER 

ID M Year Name Recording 

station 

1 7.1 1999 Duzce, 

Turkey 

Bolu 

2 7.1 1999 Hector  

Mine 

Hector 

3 6.5 1979 Imperial  

Valley 

El Centro  

Array #11 

4 6.9 1995 Kobe,  

Japan 

Shin-Osaka 

5 7.5 1999 Kocaeli,  

Turkey 

Duzce 

6 7.3 1992 Landers Yermo Fire 

 Station 

7 6.9 1989 Loma 

 Prieta 

Capitola 

8 6.5 1987 Superstition 

 Hills 

El Centro 

 Imp. Co. 

9 7.6 1999 Chi-Chi,  

Taiwan 

CHY101 

10 6.6 1971 San  

Fernando 

LA-Hollywood 

 Stor 
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Figure 9  Comparison of collapse PGA 

  

 

7.  CONCLUSION 

 

A constitutive steel model considering damage 

accumulation is simplified and implemented with UMAT in 

FEA software ABAQUS, and the response of single layer 
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cylindrical latticed shell with longitudinal edge supported 

under earthquakes is studied with this model and bilinear 

kinematic hardening model. The results show that the 

damage accumulation has little influence on the deformation 

shape and failure mode of the shell, but the influences on 

maximum displacement and collapse PGA are significant, so 

the damage accumulation should be considered in the 

seismic analysis of this kind of cylindrical shell. 
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Abstract:  High-rise truss towers with steel tubular sections have a high risk of damage by seismic events, because their 
hysteretic characteristics deteriorate after buckling, and they can easily fracture after local buckling. However, the current 
design does not take into account the effects of such fracture. We have developed an algorithm to predict member fracture 
after buckling for tubular members. The algorithm uses a macro-model derived from experimental and analytical studies. 
In this paper, this algorithm is used for time-history analyses, and the seismic responses of detailed tower structures are 
analyzed. The validity of the proposed method is demonstrated via a study of actual earthquake damage; we then study 
the effects of member fracture in various truss towers. 

 
 
1.  INTRODUCTION 

 

High-rise truss towers with steel tubular sections are 

used for telecommunication, electrical power transmission, 

and lightning protection, and as chimneys and air stacks. The 

limit state of truss towers is normally determined by the 

wind load. However, when truss towers are installed on 

supporting substructures composed of the reinforced 

concrete building, the seismic force may determine the 

member buckling. In a previous work (Ookouchi et al. 2005), 

cyclic loading tests on part of a truss tower were carried out, 

and fracture of the member with local buckling occurred at 

an early stage for a 1/50 story drift angle. Photograph 1 

illustrates the member fracture of a self-supporting truss 

tower installed on the ground. 

Recently, the seismic design of truss towers via 

time-history response analyses has taken the member 

buckling nonlinearity into account. However, when a 

member fractures it does not retain its strength, and 

macro-member model analysis results may fail to simulate 

the actual behavior of three-dimensional truss frames. We 

have studied the mechanism of the axial member fracture 

under cyclic loading with overall buckling and local 

buckling (Takeuchi et al. 2011).  

In this paper, an algorithm for time-history analysis to 

assess the plastic strain in the local buckling zone is 

proposed; it is calculated from the total normalized 

deformation using a strain concentration ratio. This 

algorithm is used for a time-history analysis of detailed 

tower structures. The validity of our method is demonstrated 

via a study of actual earthquake damage; then the effects of 

member fracture on damages of truss towers are studied. 

2.  ANALYSIS METHODOLOGY 

 

To carry out a time-history analysis of truss tower 

structures, we have proposed a dynamic response analysis 

program. We take into account the material, geometrical 

nonlinearity, and fracture of the axial member using the 

member elements and referring to the method proposed by 

authors (Takeuchi et al. 2011). We evaluate the fracture of 

the circular tube axial members subjected to the cyclic axial 

loading as follows. 

After local buckling, the local strain in the buckling 

zone increases drastically compared to that in the other 

zones of the circular tube axial members, which leads to 

fracture as shown in Photograph 2. The normalized 

deformation εn and normalized force ζn are defined as Eq. 

(1). 
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n
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 (1) 

Photograph 1  Actual Member Fracture Damage 

(Chuetsu-oki Earthquake of 2007) 
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where δ is the axial displacement, L is the total length of the 

member, P is the axial force, and A is the initial sectional 

area. The amplitude of the local strain in the hinge zone Δεh 

during overall buckling and local buckling (Figure 2 and 

Figure 3) is calculated as an average approximation shown 

in Eq. (2). 
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where θh is the hinge angle, S is the section modulus, Z is the 

plastic section modulus, D is the circular tube diameter, φh is 

the angle of the skin plate in the local buckling zone, and θlb 

is the hinge angle attained under local buckling. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Then the amplitudes of the normalized deformation Δεn 

and local strain Δεh are defined as Eq. (3) as shown in Figure 

3. 
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where εntm is the maximum tensile normalized deformation. 

Using Eqs. (2) and (3), the time-history of hinge strain εh 

from εn can be calculated as follows:  
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(4) 

 

Here, εcr = ζcr/E is the normalized axial deformation 

corresponding to the overall buckling, ζcr is the overall 

buckling stress, and E is the elastic modulus of steel. Figure 

4 shows the definition of the stress-strain relationship in the 

local hinge zone. Only the local strain transition is amplified 

to the normalized deformation εn protocol. In contrast, the 

instant of fracture can be evaluated by comparing the 

cumulative local strain to the fatigue curves of steel (Saeki et 

al. 1995) as shown in Figure 5. 

Photograph 2  Buckling of Axial Member 
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Figure 1  Overall Buckling Mechanism 
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In Figure 6, the cumulative dissipated energy, 

determined from the product of αc and εn factored with the 

fatigue criteria, is compared with experimental results 

(Takeuchi et al. 2011). The estimates obtained by the 

proposed method are in general consistent with the 

experimental results, and thus our method is considered to 

be valid for fracture prediction. 

 

3.  TOWER ABOVE GROUND 

To verify the applicability of the method in time-history

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

analysis, a seismic response analysis for a self-contained 

steel tower damaged by a large real earthquake is analyzed. 

 
3.1  Analysis model and condition 

Figure 7(a) shows a self-contained tower damaged via 

member fracture and buckling during the Chuetsu-oki 
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Figure 7 Model of Truss Tower on Ground 

Figure 8 Connection Detail Example 

Bolted Connection 175 12 

PL12 
PL9 

12 

e=12 

GPL 

1 267.4 7 7649 STK490

2 216.3 5.8 6206 STK400

3 190.7 5.3 6017 STK400

4 190.7 5.3 5624 STK400

5 165.2 4.5 5277 STK400

6 165.2 4.5 4939 STK400

7 165.2 4.5 4607 STK400

8 139.8 3.5 4320 STK400

9 139.8 3.5 4039 STK400

10 139.8 3.5 3800 STK400

11 139.8 3.5 3620 STK400

12 114.3 3.5 3443 STK400

13 114.3 3.5 3269 STK400

14 139.8 3.5 4131 STK400

15 114.3 3.5 3455 STK400

16 101.6 3.2 2740 STK400

17 101.6 3.2 2305 STK400

Diagonal Member

Story Material
L k

(mm)

t

(mm)

D

(mm)

Table 1  Dimensions of Diagonal Members 
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Figure 7(a) shows a self-contained tower damaged via 

member fracture and buckling during the Chuetsu-oki 

earthquake of 2007. The height of the tower is 149.0 m, and 

it is supported with pile footings. Figure 7(b) shows the 

analytical models. The foundation is fixed to the ground. 

Sixteen fiber models in the circumferential direction are 

applied to the main column and the horizontal members to 

express the member yielding under the bilinear stress-strain 

relationship. Table 1 lists the dimensional data and the 

materials. To simulate the actual damage, we performed 

numerical analyses with the following conditions: 

1. The yield stress of the members is 1.1 times the 

AIJ standard strength (Figure 8). 

2. The effective buckling length is 0.9 times the 

distance between the nodes. 

3. The buckling stress is 0.65 times the AIJ standard 

strength, taking the eccentricity and deflection 

into account. The eccentricity and deflection are 

0.003 times the distance between the nodes. 

4. A 0.5% damping ratio is applied to the truss 

tower. 

The earthquake motion on the bedrock surface is 

estimated by the motion observed during the Niigata-ken 

Chuetsu-oki earthquake. The ground motion is determined 

by an analysis that takes the soil liquefaction into account; 

see Figure 9. The east-west (maximum acceleration 1006 

cm/s
2
) and north-south (maximum acceleration 617 cm/s

2
) 

motions are combined to give the input ground motion.  

 

3.2  Seismic response characteristics 

Figure 10(a) shows the member undergoing buckling 

and fracture. To assess the effectiveness of our results, the 

actual damage is shown in Figure 10(b). The analytical 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

results correspond closely to the buckling and fracture 

failure locations in the actual damage. 

The maximum-response results are compared in 

Figures 11 and 12. In this paper, results that account for 

fracture are labeled “AF,” and results that do not take 

fracture into account are labeled “NAF.” Large acceleration 

responses occurred at the 2nd, 7th, and 8th stories in both AF 

and NAF. In particular, the vertical acceleration response of 

NAF at the 8th story is significantly different from that of AF, 

as shown in Figure 11(a). This difference results from the 

instantaneous release of the diagonal member force by the 

fracture in numerical analysis, which is not necessarily 

reflect the actual behavior. The fracture has a negligible 

effect on the displacement of the truss tower above the 

ground, as shown in Figure 12. This is because the 

seismic-resistant diagonal member undergoes fracture after 

the maximum response occurs, and the ground-motion input 

after the fracture is not significant in this case. However, 

large input may cause serious damage on the truss tower 

after brace fracture. 

Figure 13 shows the local strain and the total 

deformation transition of the diagonal member undergoing 

fracture at the 8th story. As discussed in the previous section, 

the instant of fracture is the point where the cumulative 

plastic strain ΣΔεhp and the average plastic strain amplitude 

in the local zone correspond with the fatigue formula, as 

shown in Figure 14. Since the fracture diagonal members 

undergo a sequence of small amplitude, the average plastic 

strain amplitude hpΔε  decreases at several points until the 

fracture. The average plastic strain amplitude hpΔε   

ranges from 10% to 20% at the fracture point. We conclude 

that our analysis is applicable to the evaluation of the 

seismic behavior of these truss towers and member fracture.

 (a) East-west direction (x) (b) North-south direction (y) (c)Acceleration spectrum 

 
Fig. 9. Input ground motion 

 North South East West North South East West 

  (a) Macro-member model (b) Actual damage 

Fig. 10. Buckling and fracture locations of member 
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4.  TOWER ON SUBSTRUCTURE 

Next, the seismic behavior of a truss tower on a 

substructure is studied. In contrast to a truss tower above the 

ground, the amplified ground motion produced by the 

substructure is applied to the truss tower. The following 

discussion clarifies the effects of this amplified ground 

motion. 

 

4.1  Analysis model and condition 

The model of a truss tower on a substructure is based 

on (Ookouchi et al. 2005). The substructure has a five-story 

reinforced concrete frame with walls, and the truss tower is a 

fifteen-story steel structure. Figure 15 shows the model, and 

Table 2 lists the dimensional data and the materials. Because 

of the mass of the supporting building is much larger than 

the tower structure, only a truss tower on a substructure is 

modeled in this analysis. The earthquake motion for the truss 

tower is the response of the roof of the substructure given 

the ground-motion input and considering the coupled effect 

between the substructure and the truss tower. The ground 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

motion is the design-earthquake level (DE) motion estimated 

by the earthquake motion of HACHINOHE-EW, JMAKobe, 

and Random wave, adjusted for the maximum-considered 

earthquake level (MCE) which is 2.5 times of DE level. The 

seismic behavior of the truss tower subjected to the ground 

motion itself is also investigated for comparison. Figure 16 

shows the earthquake motion; the values in parentheses 

indicate the maximum acceleration. The acceleration on the 

roof is 2.0 to 2.8 times that on the ground. From the height 

of the truss tower on the substructure, a 1.0% damping ratio 

is applied. The buckling strength, the hysteresis 

characteristics of the members, the yield stress, and the 

buckling length Lk are based on Section 3. Figure 17 shows 

the dominant mode, period, and effective modal mass of the 

truss tower on the substructure. The main dominant mode is 

determined by the deformation of the truss tower inclining 

entirely (1st mode) and at the point of contrary flexure (7th 

mode). The effective modal mass is approximately 40% in 

either mode. In contrast, the substructure supporting the truss 

tower has an excitation period in 0.2 s, as shown in Figure  

Figure 15  Truss Tower on Substructure 

1 355.6 7.9 7539 STK540
2 318.5 6.9 6757 STK540
3 267.4 6.6 5149 STK540
4 216.3 5.8 4147 STK540
5 216.3 5.8 3630 STK540
6 165.2 4.5 3269 STK540
7 139.8 4.5 2960 STK400
8 139.8 4.5 2884 STK400
9 139.8 4.5 2881 STK400

10 139.8 4.5 2881 STK400
11 139.8 4.5 2881 STK400
12 139.8 4.5 2881 STK400
13 139.8 4.5 2881 STK400
14 139.8 4.5 2881 STK400
15 139.8 4.5 2881 STK400

Diagonal Member

Story MaterialD (mm) t (mm) L k  (mm)

Table 2  Dimensions of Diagonal Members of Substructure 
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16(d). Hence, the earthquake motion at the roof stimulates 

the 4th mode of the truss tower on the substructure, as 

shown in Figure 17. 

 

4.2  Seismic response characteristics 

Figure 18 illustrates the buckling and the fracture 

member locations of the truss tower on the substructure 

during the earthquake motion. The damage of the truss tower 

on the substructure (1R, 2R, and 3R) concentrates on the 7th 

to 12th stories and corresponds to the 4th mode shown in 

Figure 17. In contrast, the damage of the truss tower above 

the ground (1G, 2G, and 3G) corresponds to the 1st mode. 

Figure 19 shows the maximum story drift angle of the AF 

and NAF models. Here, S indicates the substructure and G 

indicates the ground, and these symbols are also used in 

Figure 20. In each model, the story drift angle is higher for 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

the stories undergoing member buckling and fracture. The 

acceleration magnitude of the earthquake motion at the roof 

is higher than that at the ground, however the maximum 

story drift angle of AF is similar to that of NAF. One of the 

primary reasons for this is that when a diagonal member 

undergoes buckling or fracture, the period of the truss tower 

on the substructure increases beyond the range of the 

resonance period. 

Next, we discuss the seismic performance of the truss 

tower during an earthquake of the MCE level. The input 

earthquake motion is scaled to 2.5 times the motion shown 

in Figure 16. Figure 20 shows the damage locations, and the 

damage again concentrates on the 7th to 12th stories. The 

ratio of the fracture member to the buckling member is 

higher than that for the models subjected to the earthquake 

motion of Figure 16. Figure 21  
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Figure 16  Ground Motion for Truss Tower on Substructure (DE Level) 
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illustrates the maximum story drift angle of the 2.5 times 

earthquake motion. In particular, whereas the response of AF 

decreases from that of NAF in 1R, it increases in 3R at the 

story undergoing the member fracture. The AF response is 

not significantly different from that of NAF in this case. 

Therefore, the input earthquake motion affects the response 

of the truss tower. 

The upper graph in Figure 22 shows the story drift 

angle transition during the earthquake motion of Figure 16, 

and the lower graph shows that for the 2.5-times-higher 

motion. In both cases, the story drift of the AF transitions has 

a smaller amplitude than that of the NAF transitions after the 

member fracture. This result implies that member fracture 

does not instantly lead to imbalance in the studied truss 

tower structure. However, under the condition that the 

column goes into plastic, member fracture and the P-Δ effect 

become significant, further careful evaluation should be 

considered. 

 

5.  CONCLUSIONS 

We have studied the seismic performance of truss 

towers via a numerical analysis that takes member fracture 

into account; we used a macro-member model. Our 

conclusions can be summarized as follows: 

1. The seismic response of a truss tower above the 

ground, calculated by the time-history response 

analysis taking member fracture into account, is 

consistent with the actual behavior. 

2. Member fracture leads to a larger natural period of 

a truss tower. This characteristic results in a 

reduction of the dynamic response of the truss 

tower, and did not lead to the instant collapse of 

the structure. 
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Abstract: In the field of seismic engineering, the effect of strain-rate is not considered in the hysteretic behavior of
structures. Considering real response of buildings under earthquakes, static performance is not enough. Dynamic
hysteretic characteristics of structural steel components are necessary to evaluate of the behaviors of steel buildings
during earthquakes accurately. Strain rate is one of these dynamic characteristics. Previous studies through tension tests or
cyclic loading tests of material have confirmed that high strain-rates increase steel's strength. However, high-speed tests
on steel have not been conducted except for some high-speed tension-tests in the field of metalworking. Consequently,
strain-rate effects have not been adequately considered in the hysteresis of steel material. Systematic studies of strain rates
under dynamic cyclic loading need to be performed to enable steel components to be modeled more accurately.

This paper presents the evaluation of strain-rate dependence of structural steels. This study is conducted in two stages.
The first stage consists of high-speed dynamic cyclic loading tests of steel to evaluate the strain-rate effect. The second
stage of this study consists of evaluation of strain-rate dependence based on the dynamic tests in the first stage and related
published experimental data. The relation between strain-rate effect and steel hysteresis is shown by some simple
formulas.

1. INTRODUCTION

Strain-rate is known as one of the elements which
affected steel hysteresis. Previous experimental studies in
steel1)-5) were already pointed out that strength grows up
when strain-rate increases. Especially, the strain-rate effect to
strength in low yield strength steel used in hysteretic damper
has been studied to grasp hysteresis characteristics under low
cycle loading such as a strong wind. Whereas, general
structural steel used in columns and beams ignores
strain-rate effect substantially. It is because some previous
earthquake damages and some reports shows that plastic
displacement capacity of general steel hardly affects about
0.1-1%/sec strain-rate. Almost these previous studies of the
strain-rate effect in steel were only monotonic loading test or
cyclic loading test with limited strain amplitude. The
correspondence between stain-rate effect and strength grow
ratio under high speed and cyclic load similar to earthquake
is not enough examined. Therefore, whether strain-rate
effect is able to ignore or not is unclear.

This study conducted high-speed cyclic loading test in
general structural steel, and evaluated strain-rate effect on
steel hysteresis characteristics quantitatively.

2. STEEL HIGH-SPEED CYCLIC LOADING TEST

2.1 Specimen
Specimen of the test is a steel plate which form is

shown as Figure 1. Specimen has a parallel part (its length is
100mm) and two holding part with each six bolts. In this test,
the parallel part is test area.

Detail A

The number of specimens is 28 in total. Table 1 shows
specimen list. Parameters of the test are four; plate materials,
strain-rate, strain amplitude, and loading protocol. Plate

406060
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materials have three types; SS400, SN490 on border to
beams, BCR295 on border to columns, both usually used in
low-middle rise steel buildings in Japan. Strain-rate is settled
a region from semi-static to dynamic. It is based on
loading-rate limit of actuators and strain-rate reported in
previous earthquake. The maximum of strain-rate of the
components damaged in the Northridge earthquake and the
Southern Hyogo prefecture earthquake was 1%/sec. Since
the larger level earthquake is observed recently, it is possible
that the higher strain-rate happens at any components. In this
study, strain-rate set four; 0.1%/sec as semi-static, 1%/sec,
10%/sec, and 50%/sec as dynamic.

Loading protocol is monotonic tension load and
constant amplitude cyclic load. At cyclic loading, the strain
amplitude is settled two. These two cyclic loading pattern
shows in figure 2. Here, negative shows tension and positive
shows compression in this study. One is both negative and
positive 2% which corresponded amplitude area in almost
yield strength (in following, it descries  2% loading), the
other is negative 6% which corresponded enough plastic and
positive 2% (in following, it descries -6%&+2% loading).

Input wave is triangle wave which have constant
strain-rate. Loading continued every set till specimen
fractured. Single set is 4-50 cycles decided by specimen, and
the number of cycles in a set is fixed in principal.

2.2 Set-up and Measurement
Figure 3 shows the test set-up. Dynamic actuators in the

left side of the figure connected to one side of specimen
through a set of parallel move equipment. On the other side
of specimen is fixed on the steel rigid jigs. Out-of-plane
deformation is protected by a set of buckling protect jig as
shown in Figure 4. Volume change of specimen happened by
strength change is approved only in a few millimeter of
clearance. The clearance is glued by some PTFT sheets.

In this test, measurement elements are force and
displacement of specimen. Force is measured by load-cells
which settled between dynamic actuators and parallel move
equipment. Measurement system of displacement is settled
as shown in Figure 5. Displacement is measured by four
laser displacement transducers; IL-65 and LK-500 (both is
made of KEYENCE), and calculated by equation (1).

(1)

Series
Specime

n Name
Load

Strain-rate

[%/sec]

Strain

Amp. [%]
SS-01 Monotonic 0.1

SS-02 Monotonic 10

SS-03 cost. Cyclic 0.1 ±2
SS-04 cost. Cyclic 1 ±2

SS-05 cost. Cyclic 10 ±2
SS-06 cost. Cyclic 50 ±2

SS-07 cost. Cyclic 0.1 +2 & -6
SS-08 cost. Cyclic 1 +2 & -6

SS-09 cost. Cyclic 10 +2 & -6

SS-10 cost. Cyclic 50 +2 & -6
SN-01 Monotonic 0.1

SN-02 Monotonic 10
SN-03 cost. Cyclic 0.1 ±2

SN-04 cost. Cyclic 1 ±2

SN-05 cost. Cyclic 10 ±2
SN-06 cost. Cyclic 50 ±2

SN-07 cost. Cyclic 0.1 +2 & -6
SN-08 cost. Cyclic 10 +2 & -6

BCR-01 Monotonic 0.1
BCR-02 Monotonic 10

BCR-03 cost. Cyclic 0.1 ±2

BCR-04 cost. Cyclic 1 ±2
BCR-05 cost. Cyclic 10 ±2

BCR-06 cost. Cyclic 50 ±2
BCR-07 cost. Cyclic 0.1 +2 & -6

BCR-08 cost. Cyclic 1 +2 & -6
BCR-09 cost. Cyclic 10 +2 & -6

BCR-10 cost. Cyclic 50 +2 & -6

SS

(SS400)

SN

(SN490)

BCR

(BCR295)

STEP

-4

-2

0

2

4

6

8

10 Strain Amp.[%]

STEP

-4

-2

0

2

4

6

8

10 Strain Amp.[%]

Figure 2 Loading Pattern:
(a)  2% Loading, and (b) -6%&+2% Loading

Table 1 Specimen List
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横座屈補剛ブロック

Figure 3 Test Set-up Figure 4 Set of Buckling Protect Jigs
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3. TEST RESULTS

3.1 Stress versus strain relationship (monotonic
loading)

Figure 6 shows stress versus strain relationships of
monotonic loading specimen in each series. In following,
stress and strain are both real values calculated by equation
(2) with engineering stress and engineering strain.

SS400 series show similar stress-strain curves in both
SS-01 (strain-rate:0.1%/sec) and SS-02 (strain-rate:10%/sec).
Only SS-02 shows a partial increase of stress near yield
point and plastic flow of the specimen is unclear.

In SN490 series, SN-02 also shows a local increase of
stress, that increasing tendency is more remarkable than
SS-02. And stress of SN-02 decreased rapidly after it has a
shorter and unclear plastic flow than SN-01. Fracture strain
of SN-02 is slightly small than SN-01 contrary to tendency
of fracture strain in SS400 series.
In BCR295 series, stress-strain curve of BCR-02 is 1.2 to 1.4
times larger in stress at the strain hardening region than
BCR-01. Fracture strain of BCR-02 is about 1.1 times than
the value of BCR-01.

3.2 Stress versus strain relationship (cyclic loading)
Figure 7 shows stress versus strain relationships of

cyclic loading (  2% loading) specimen in each series.
Stress and strain in figure 7 are also real stress and real strain.
Elastic deformation made the strain amplitude of this
hysteresis shorter than setting;  1.5%.

In figure 7, hysteresis in high-speed load is shown so
that it goes to below. In all series, all specimens loaded at
0.1%/sec have stationary states with spindle shape.
Specimens loaded at high speed; 10%/sec or 50%/sec, have
more round and wavelike shape in the hysteresis than
specimens at low speed. This tendency is similar to behavior
of specimen loaded monotonic at high or low speed. Also
this tendency is observed at first half-cycle of every set even
if stress whole decrease during cyclic load. Both SS400 and
SN490 series have similar shape of hysteresis from yield
point to fracture through deteriorating region. While each
specimen in BCR295 series have larger stress change than

other two series, especially specimens at 10%/sec and
50%/sec are remarkable. One of the reasons which this
tendency happened is that BCR295 is cold-formed steel, so
that it is possible to generate an extra stress in specimens
which cut out from steel pipes.

Figure 8 shows stress versus strain relationships of
cyclic loading (-6%&+2% loading) specimen in each series.
Stress versus stain relationships between  2% loading and
-6%&+2% loading specimen have similar tendency even
little difference of stress change are there. Therefore, it is
possible to regard the hysteresis of steel considered
strain-rate as bi-linear model which seldom related to
material and strain amplitude. Here, it is applicable that this
bi-linear model till about 10%/sec, so that, hysteresis model
at more large strain-rate is regarded a full-plastic model, or
another index is needed to describe the model.

3.3 Number of cycles till specimen fractured
Figure 9 shows relationship between number of cycles

till specimen fractured (N) and strain-rate. At  2% loading,
N of each specimen is almost 300-500, N of specimen at
50%/sec is 1.3-1.4 times to N of specimen at 0.1%/sec. Here,
relation in N and strain-rate is not necessarily increased
simply by steel material. While, N of each specimens at
-6%&+2% loading, which is almost 30-60 is remarkably
smaller than  2% loading. Even if strain-rate became large,
N kept constant, and the difference of N by steel materials is
not seen rather than the case of  2% loading. The reason is
that large plastic deformations of the first half-cycle at
-6%&+2% loading regard critical damages although plastic
deformation at  2% loading proceed step by step.

Considering the repetition action to fracture, specimens
at  2% loading are comparatively affected strain-rate or
steel materials.

3.4 Yield point and maximum stress at each strain-rate
In following consideration, yield point of cyclic loading

specimen defines the 0.2%offset stress obtained in the first
tension half cycle because plastic flow and upper or lower
yield point are unclear in hysteresis.

Figure 10 shows yield point of cyclic loading specimen
in each strain-rate. In all steel material, yield point increased
according to growing of strain-rate. Yield point at 10%/sec
loading is about 1.0-1.2 times than the value at 0.1%/sec
loading. As yield point at 50%/sec, SS400 series is almost
1.5 time and SN490 series and BCR295 series are 1.1-1.3
times than the value at 0.1%/sec loading, although yield
point at 1%/sec hardly changed compared with the value of
0.1%/sec. This reason is that yield point obtained at a range
of locally increasing of stress in the first cycle of high speed
loading. The trend of increase by strain-rate is hardly
changed by strain amplitude.

In this paper, the maximum of stress in each hysteresis
defines ‘maximum stress’. Figure 11 shows maximum stress
of cyclic loading specimen in each strain-rate. In all steel
material, maximum stress lower increased than yield point
according to growing of strain-rate. As shown in figure 11,
maximum stress at 50%/sec loading is about 1.1 times than
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IL-065
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Figure 5 Measurement of Displacement

log(1 )

(1 )

t n

t n n

 

  

 

 
(2)

- 1045 -



0 10 20 30

ε[%]
0

100

200

300

400

500

600

700 σ [N/mm]
0.1%/s

10%/s

t

t

2

0 10 20 30

ε[%]
0

100

200

300

400

500

600

700 σ [N/mm]

0.1%/s

10%/s

t

t

2

0 10 20 30

ε[%]
0

100

200

300

400

500

600

700 σ [N/mm]

0.1%/s

10%/s

t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

-3 -2 -1 0 1 2 3

ε[%]

-500

-300

-100

100

300

500
σ [N/mm ]t

t

2

(a) SS400（SS-01・SS-02） (b) SN490（SN-01・SN-02）） (c) BCR295（BCR-01・BCR-02）

0.1%/s

SS-03 SN-03 BCR-03

1%/s

SS-04 SN-04 BCR-04

10%/s

SS-05 SN-05 BCR-05

50%/s

SS-06 SN-06 BCR-06

(a) SS400 (b) SN490 (c) BCR295

Figure 7 Stress versus strain relationships (cyclic  2% loading)

Figure 6 Stress versus strain relationships (monotonic loading)
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the value at 0.1%/sec loading. This reason is that the number
of cycle obtained maximum stress differs to each specimen.
In SS400 and SN490 series, the number of cycle when
maximum stress happened is large at low-speed loading.
While, in BCR295 series, the number which maximum
stress obtained hardly differs along each strain-rate.
Specimens at -6%&+2% loading in all steel materials have
comparatively cycle for obtaining maximum stress.

Hysteresis characteristics are affected by stress glow,
the number of cycle and strain-rate. So that, to grasp how to
glow stress in each cyclic behavior is needed.

4. STRESSES DURING CYCLIC BEHAVIOR

4.1 0.2% Offset Stress in Each Half Cycle
As cyclic loading specimen, yield point is changing

point of stress in the first half cycle. During cyclic behavior,
0.2% offset stresses are also considered to changing point of
stress in each half cycle. Figure 12 shows 0.2% offset stress
till specimen fractured. In following, stress shows every 50
cycle since it is complicated.

Each 0.2% offset stress at  2% loading after the 50th

cycle is almost 0.5-0.7 times than the yield point. However,
0.2% offset stress is almost constant after 50th cycle. This
trend differs slightly to steel materials, and strain amplitude,
and differs remarkable to strain-rate.

4.2 Peak Stress in Each Half Cycle
Here, peak stress defines as the maximum stress in each

half cycle. Peak stress of each specimen shows in the figure
12 together. At 0.1%/sec, 1%/sec, and 10%/sec loading, the
peak stresses are almost constant. However, at 50%/sec
loading, the peak stress after 50th cycle is 0.7-0.8 times than
the peak stress in the first cycle. This trend little differs to
steel materials.

Figure 8 Stress versus strain relationships
(cyclic -6%&+2% loading)
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Figure 10 Yield point at each strain-rate

Figure 11 Maximum stress at each strain-rate
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4.3 Unloading Stress in Each Half Cycle
As a half cycle, unloading stress is an important point in

order to define hysteresis model. Unloading stress of each
specimen shows in the figure 12 together. Generally, at
0.1%/sec, 1%/sec, and 10%/sec loading, the unloading
stresses are responded to the peak stresses. However, in the
first cycle, unloading stress is about 0.7 times than peak
stress. At 50%/sec loading, not only the first cycle but also
following cycle, unloading stress is lower than peak stress.
This trend shows it is possible that half cycle is modeled as a
bi-linear till 10%/sec except for the first cycle.

5. SAMMARYS

In order to clear the strain-rate effect in structural steel,
this study was conducted high-speed cyclic loading test.
Obtained results mean that the important element to provide
hysteresis characteristics considered steel strain-rate.
Consideration of stress and strain-rate during cyclic behavior,
shows that it is possible to model hysteresis characteristics as
bi-linear, however, more detailed tendency of stress with
some parameter through cyclic behaviors is needed.
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Abstract:  This paper summarizes the main observations by the research group, which was dispatched by the 
Earthquake Engineering Research Institute (EERI) to investigate in collaboration with researchers from the Architectural 
Institute of Japan (AIJ), the earthquake damage on steel buildings during the Magnitude (Mw) 9.0 event which occurred at 
2:46 p.m local time on 11 March 2011, in the western Pacific Ocean off the coast of Japan. The areas of reconnaissance 
that were performed by the EERI/AIJ team included the Aobayama Campus of Tohoku University, the Oroshimachi area 
and the Ishinomaki and Onagawa fishing ports. The paper focuses on observed structural damage due to the ground 
motion shaking in steel-framed reinforced concrete (SRC) buildings, steel parking garages, and industrial/residential 
buildings. Emphasis is placed on the implications of the seismic design of steel braced frames based on a U.S. perspective. 
Observations regarding the nonstructural damage of steel buildings due to the ground shaking are also presented with 
emphasis on cladding and the external façade. 

 
 
1.  INTRODUCTION 
 

At 14:46pm on March 11th 2011, the East Japan 
Tohoku-Chico Taiheiyo-Oki earthquake of Magnitude Mw 
9.0 occurred off the Sanriku coast of Japan followed by a 
large number of aftershocks above Magnitude Mw 5. The 
largest aftershock occurred on April 7th at 23:32pm having a 
magnitude of Mw 7.1. In addition to the ground motion 
shaking, all ports and towns along the east Sanriku coast in 
the pacific coast of the eastern Japan were devastated by a 
tsunami caused by the main earthquake. The human 
casualties due to the tsunami exceeded 15,000. The epicenter 
of the earthquake was located 129km east from Sendai (see 
Fig. 1), which is the largest city in the northeast part of Japan. 
The 2011 Tohoku earthquake is the largest earthquake in 
Japan in terms of magnitude since modern instrumentation 
recording began 130 years ago (Kasai et al. 2012). However, 
this earthquake is the fourth largest in the world in terms of 
magnitude (Mw) since 1900 after the 1960 Mw 9.5 Chile, the 
1964 Mw 9.2 Alaska and the 2004 Mw 9.2 Sumatra 
earthquakes. Figure 1 shows the peak ground accelerations 
(PGAs) recorded during the main earthquake event (March 
2011) as summarized by the Earthquake Research Institute 
(ERI). This map shows that excessive ground motions in 
terms of PGA were recorded near Fukushima (PGA = 
2699cm/s2). From the same figure, strong motions with PGA 
larger than 200cm/s2 were recorded from the south Iwate to 
Ibaraki. 

After the Tohoku earthquake, the Earthquake 
Engineering Research Institute (EERI) dispatched a research 
team to conduct earthquake damage reconnaissance of the 
steel buildings in the Sendai area in collaboration with 
investigators from the Architectural Institute of Japan (AIJ). 

 
 

Figure 1  Distribution of PGAs in eastern Japan during the 
2011 Tohoku-Chico Taiheiyo-Oki earthquake 

 
Figure 2 shows the areas of reconnaissance by the EERI/AIJ 
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team, which included the Aobayama Campus of Tohoku 
University, the Oroshimachi area and the Onagawa and 
Ishinomaki fishing ports. This paper summarizes findings 
made by the EERI/AIJ team regarding structural and 
non-structural damage on steel-framed reinforced concrete 
(SRC) buildings, steel braced frame structures and 
residential buildings caused by ground shaking. Detailed 
summaries regarding the observed damage on steel 
buildings caused by the tsunami are presented in AIJ (2011), 
Port and Airport Research Institute (2011) and Midorikawa 
and Okazaki (2012). 

 
Figure 2. Areas visited by the EERI/AIJ steel group 

 
2. GROUND MOTIONS 
 

Figure 3 shows the North-South (NS) and East-West 
(EW) components of the acceleration histories recorded in 
Sendai at station K-NET MYG013 during the Mw=9.0 and 
7.1 events, respectively. From this figure, it can be seen that 
the recorded ground motion duration exceeded two minutes. 

 

Figure 3. Acceleration histories from Sendai, St. MYG013; 
main & aftershock events from the 2011 Tohoku earthquake 
 

The ground motion duration from the 2011 earthquake 
is compared with other historical earthquakes from the same 
region (August 16th 2005 Miyagi-Ken Oki, Mw=7.2) and 
from the Mw=7.2 Kobe 1995 earthquake (NS and EW 
components of the JR Takatori motion). These ground 
motion recordings are shown in Figure 4. Comparing 
Figures 3 and 4, it can be seen that the long duration is an 
important characteristic of the 2011 earthquake. 

 

Figure 4. Acceleration histories from Sendai (2005 
Miyaki-Ken-Oki earthquake; MYG013 station) and from 
Kobe 1995 earthquake (JR Takatori station) 
 

Figure 5 shows the 5% absolute acceleration spectra of 
the ground motions discussed earlier. From this figure, the 
maximum absolute spectral accelerations for the 2011 
Tohoku main earthquake occurred at a predominant period 
of about 0.8sec. From the same figure it can be seen that the 
EW component of the aftershock in April gave about the 
same maximum absolute acceleration with the NS 
component of the main event at the same station.  

 

Figure 5  Absolute acceleration spectra for 5% damping 
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Figure 5 also shows that the difference of the maximum 
absolute accelerations from the 2005 and 2011 earthquakes 
are in the order of three for a range of periods from 0.5sec to 
1.0sec. One reason for this observation is the smaller 
Magnitude of the 2005 versus the 2011 event.  
 
3. EARTHQUAKE DAMAGE ON SRC BUILDINGS 
 

This section provides a summary of the structural 
damage due to ground shaking on SRC buildings located in 
the Tohoku University campus and the Oroshimachi area. 
The Tohoku University Aobayama campus includes over 50 
university buildings and is located on top of a hill west of 
downtown Sendai. A number of buildings suffered structural 
damage due to ground shaking. However, two of those 
buildings experienced substantial damage resulting in their 
complete closure. The first building was a reinforced 
concrete building with coupling beams (not discussed 
herein). The second one was the Civil and Environmental 
Engineering, Architecture and Building Sciences Buildings 
(constructed in 1969), and is a steel reinforced concrete 
(SRC) structure. This building has vertically irregular in the 
mass, stiffness and strength since it consists of three podium 
levels and seven tower stories above (see Figure 6a). After 
the 2003 Mw 7.0 earthquake on campus, the building was 
retrofitted with steel braces to the south exterior in order to 
provide additional torsional stiffness to the building (see 
Motosaka et al. 2004). During the 2011 Tohoku earthquake, 
severe structural damage occurred at the vertical boundary 
structural component of the transverse concrete shear wall at 
the transition floor from the tower to the podium level (see 
Figure 6a). The concrete columns crushed with buckled 
vertical reinforcement as shown in Figure 6b. 

 
 (a) 

 

(b) 
Figure 6  (a) Civil & Architectural Engineering Bldg; (b) 
damage to east transverse end wall damage (courtesy of Dr. 
Motosaka) 

No evident damage occurred to the steel braces of the 
SRC building that were used for seismic rehabilitation after 
the 2003 earthquake. According to Motosaka et al. (2011), 
there was a period elongation of the building from about 
0.6sec to 1.3sec. In early June 2011, the damage to the wall 
boundary elements had been temporarily repaired with the 
addition of concrete encasement over the height of the 
damaged column section and high strength pre-tension rods 
to connect the column above the damaged area to the 
concrete column below the damaged areas. 

The 13-story SRC residential building shown in Figure 
7 was constructed in a river delta and designed with a pile 
foundation. According to construction workers interviewed 
by the team, after the Mw 9.0 earthquake, the residual roof 
drift of the building was about 1.3% rad due to liquefaction. 
After the main aftershock of April 7th, 2011, the residual roof 
drift of the building was about 2% rad. Severe shear cracks 
were observed around the building in non-structural 
elements as shown in Figure 7b. 

 

 (a) (b) 
 
Figure 7  (a) Thirteen-story SRC residential building with 
2% residual roof drift; (b) shear cracks to non-structural 
components of the building  
 
A U-shape 11-story SRC residential building (constructed in 
1975), which consists of two buildings stretched in the NS 
direction and one stretched in the EW direction and placed 
between the other two, was designed with a pile foundation. 
The gap between the buildings was 9cm. At the interface of 
two adjacent buildings oriented orthogonally, severe 
concrete cracking was observed at the upper 5-stories of the 
SRC building (see Figure 8a), which indicated pounding 
between buildings. In the area that the building is located, 
the bedrock is located about 20m deep from the ground 
surface. Due to the soil conditions, the ground motion 
amplified about two times compared to the bedrock 
acceleration motion based on information that was retrieved 
from Prof. M. Motosaka from recordings that are not yet 
publically available. Several shear cracks were observed in 
stories 1 to 9 in the exterior concrete walls that were cast in 
place (see Figure 8b). However, these walls were designed 
for temperature control and not for strength. 
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Figure 8  Eleven-story SRC residential building; (a) 
cracking due to pounding (EW-loading direction); (b) shear 
cracks at exterior walls (NS-direction)  
 
4. EARTHQUAKE DAMAGE ON BRACED FRAMES 
 
Moderate to extensive structural damage was observed in 
low- to mid-rise steel braced frame structures designed from 
the 1970s to early 1990s in the Oroshimachi area after the 
Mw 9 earthquake and the main aftershock in April 2011. 
Figure 9 shows a 2-story parking garage with plastic 
deformation in the gusset plates.  
 

 
Figure 9  Two-story parking garage with moderate damage 
on steel braces 
 
In this structure, the braces were not designed to buckle; 
therefore, plastic deformation was concentrated in a short 
distance between the end of the brace and the overlap with 
the gusset plate from the column as shown in Figure 10a. 
This connection was eccentric (gusset plate bolted to a shear 
tab) and it had a rather long unsupported length. From the 
same figure, the plastic mechanism formed in the bracing 
connection. This failure may have happened under a force 

that is much smaller than the strength of the brace. The same 
was observed for both loading directions of the parking 
garage. 
 Note that these gusset plates were not designed to 
include a zone for flexure for out-of-plane deformation 
based on a linear rule (see Figure 10a) as discussed in design 
provisions in United States (AISC 341-05) or more recent 
guidelines proposed by Lehman et al. (2008) that in general 
lead to a thinner design of gusset plates compared to the 
AISC 341-05 provisions. According to these provisions, 
weak-axis bending is expected in the gusset plates and a 
sufficient free length of plate is required in order to reduce 
the localized strains over the plastic hinge length that forms 
in the gusset plate. Based on the guidelines proposed by 
Lehman et al (2008) the yield mechanisms of the brace are 
balanced with the yield mechanisms of the connection and 
the failure modes of the system to achieve a target yielding 
hierarchy and suppress unwanted failure modes. This is an 
extension of the capacity-design approach with the main 
difference that the balanced design method maximizes the 
system capacity in terms of inelastic deformations. It should 
be pointed out that out-of-plane deformation at the top 
gusset plate connections of the 2-story parking garage 
building was prevented due to a welded stiffener in the 
center of the gusset plate. 

 

(a) 

 

 (b) 
Figure 10  (a) Gusset plate damage in parking garage #1; 
(b) Schematic of AISC design provisions for gusset plates 
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The 2-story parking garage shown in Figure 11 
consists of concentrically braced frames in both loading 
directions. Similarly with the parking garage #1, the steel 
braces were not designed to buckle. Figure 12a shows a 
schematic of the gusset plate connection. It consists of 
12-mm thick gusset plates that are connected through three 
rows of high strength S10T bolts (twist-off galvanized bolts 
equivalent to A490) with a 12mm thick plate, which is then 
welded with a 165mm round pipe brace. From this figure, it 
can be seen that the lack of consideration for a fold line (see 
Figure 10) forced most of the plastic deformation to be 
concentrated in a small distance at the top gusset plates. 

 
Figure 11  Two-story parking garage with severe structural 
damage on steel braces (noted as parking garage #2) 
 
Due to bending and stress concentration between the 
pipe-to-gusset weld nearest the bolt line, fracture initiation 
started at the toe of the fillet weld of the brace and 
propagated along the length of the gusset plate (see Figure 
12b). 

 
(a) 

 
(b) 

Figure 12  (a) Connection detail of the gusset plate design 
for (parking garage #2); (b) fracture initiation  

In all the braces located in the EW loading direction of the 
building, the same failure mode was observed at the top 
gusset plates. However, the gusset plates for the steel braces 
in the NS loading direction bent at the same locations with 
the EW loading direction but did not fracture. Once the 
gusset plate fractured, a beam mechanism was developed 
(see Figure 13). The visible gap between the concrete slab 
and the top of the steel beam indicates unbalanced loading 
due to the loss of stiffness of one brace. It appears that the 
unbalanced load was successfully transferred through the 
beam in flexure to the column. This indicates the importance 
of design considerations of beam mechanisms in steel 
braced frames. 

 
Figure 13  Formation of a beam mechanism  

 
Industrial and residential steel buildings that were 

designed in accordance with older seismic provisions in 
Japan (before 1981) were observed to have moderate to 
severe structural damage during the 2011 Tohoku 
earthquake. These buildings ranged from two- to four-stories 
with a steel moment frame in one loading direction and a 
steel braced frame in the other (X-brace configuration or 
CBF). The failure mode due to ground shaking involved 
lateral torsional buckling of the double angle steel braces as 
shown in Figure 14a, which had an X-brace configuration. 
These members have been designed as “tension-only” 
braces. Due to the system eccentricity, the braces easily 
twisted in compression. Although design equations predict 
net section failure, lateral torsional buckling due to 
compression behavior preceded net section fracture (see 
Figure 14b). After 1981 the Japanese Building Standard 
Law was significantly updated; thus structural damage due 
to ground shaking was observed to be light in steel frame 
buildings designed after 1981 (see Midorikawa and Okazaki 
2011). 

 

 (a) (b) 
Figure 14  Lateral torsional buckling of x-brace 
configuration; (b) net section fracture 
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5. EARTHQUAKE DAMAGE ON 
NONSTRUCTURAL COMPONENTS 
 
In Japan, non-load bearing cladding is mostly constructed 
from Autoclaved Lightweight Concrete (ALC) for low- to 
mid-rise steel structures. Prefabricated, standardized ALC 
panels have a minimum specified compressive strength of 
3.0MPa and have a minimum thickness of about 100mm 
when used for external wall cladding. A detailed discussion 
regarding construction practice in Japan for ALC panels is 
presented by Okazaki et al. (2007). 

 

(a) 

 
(b) 

Figure 15  Typical failure of ALC non-structural 
components due to ground shaking during the 2011 Tohoku 
earthquake 
 

Widespread damage to ALC panels was observed in 
low-rise (two to three stories) office buildings, warehouses 
and industrial buildings. The damage was primarily due to 
the inability of the ALC panels to accommodate even small 
story drift ratios of the steel frame structure. Most of these 
buildings were designed at least ten years ago. At that time 
the fixed panel installation method was used to install and 
anchor ALC panels to a steel frame structure (see Okazaki et 
al. 2007). In many cases that were found by the 
reconnaissance team, it was not clear if the panels were 
removed or if they actually fell off from the steel buildings 
during the 2011 earthquake or aftershocks. Figure 15 shows 
the extensive non-structural damage to ALC-panel cladding 
in the Oroshimachi area. From these figures, even if the 

primary structural system was not subjected to large 
deformations (no indication of yielding or local buckling) 
large stresses developed in the boundaries between ALC 
panels causing cracking to the ALC, debonding between the 
reinforcing bar and mortar, and rupture or the reinforcing bar 
that was observed; likely causing the ALC panels to fall off 
the structure. This is consistent with damage that was 
observed during the 1978 Miyaki-ken oki and 1995 Kobe 
earthquakes in Japan (AIJ 1985, 1995). 

On the other hand, little to no damage was observed to 
light-gauge metal residencies and newer steel frame 
buildings that utilized ALC panels based on the new 
installation method that utilizes a more deformable 
connection type between the ALC panel and the steel frame. 
 
6.  SUMMARY AND CONCLUSIONS 
 

This paper summarizes observations made by the 
EERI/AIJ reconnaissance group regarding the effects of the 
2011 Great Tohoku earthquake on steel structures due to 
ground motion shaking. The areas of reconnaissance 
involved the Aobayama Campus of Tohoku University, the 
Oroshimachi area and the Onagawa and Ishinomaki fishing 
ports. The focus is on structural and non-structural damage 
on steel structures caused by ground motion shaking. The 
main observations are summarized as follows: 

1. The PGAs in the Sendai area were larger than 
200cm/s2. Maximum absolute accelerations in the 
Sendai area were observed for a range of periods 
from 0.5 to about 1.0sec. The primary 
characteristic of the 2011 ground motions 
compared to other historical earthquakes in Japan 
was the long duration that exceeded two minutes. 

2. Damage to steel-framed reinforced concrete (SRC) 
buildings was primarily attributed to liquefaction 
and in general to bad soil conditions. 

3. Moderate to severe structural damage was 
observed in low- to mid-rise steel braced frame 
buildings that were visited by the EERI team. 
These steel buildings were designed prior to 1981 
(Major update of the Japanese Building Standard 
Law). The steel braces in parking garages were 
designed for tension only. The bracing connections 
were not designed for compression and they were 
eccentric; the eccentricity and long unsupported 
length in the connection led to formation of a 
plastic mechanism. Since the gusset plates were 
not designed to include a zone for flexure for 
out-of-plane flexural deformation according to 
AISC 341-05 (AISC 2005). Plastic deformations 
were concentrated in a short length within the 
gusset plates; therefore bending and stress 
concentrations were the primary reason for fracture 
initiation at the gusset plates. 

4. A beam mechanism was developed in a low-rise 
steel brace-parking garage once the gusset plates 
fractured and the unbalanced load was successfully 
transferred through beam flexure to the column. 
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This indicates the importance of design 
considerations of beam mechanisms in steel braced 
frames. 

5. Nonstructural damage to internal and external 
finishes was extensive primarily to ALC panels 
that were rigidly connected to the steel frame 
system. Similar observations have been made from 
past earthquakes in Japan. 
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Abstract:  Resent research has shown self-centering steel plate shear walls (SC-SPSWs) to be a viable new lateral force 
resisting system that is capable of enhanced seismic performance, including recentering following a design-level 
earthquake. The SC-SPSW system combines the high strength, initial stiffness, energy dissipation, and ductility of steel 
plate shear walls with the recentering capabilities of post-tensioned (PT) beam-to-column connections. Experimental 
studies are being conducted to better understand the behavior of this new system. Testing of SC-SPSW subassemblies at 
the University of Washington have been conducted to study the effects of various design parameters including steel infill 
plate thickness, initial PT force, PT connection stiffness, and infill plate-to-boundary frame connection detailing. The test 
results show good recentering capabilities and match well with nonlinear finite element models developed in the 
OpenSees framework. The results of these tests will be presented. 

 
 
1.  INTRODUCTION 
 

Steel plate shear walls (SPSWs) are lateral force 
resisting systems that utilize thin steel infill plates, referred 
to as web plates, within a steel boundary frame to provide 
significant strength and stiffness through the development of 
tension field action. The web plates provide energy 
dissipation and substantial ductility through distributed 
yielding in the direction of the tension field. The low 
stiffness of thin web plate when unloaded after yielding 
makes the SPSW system ideal for being paired with 

self-centering technologies, such that smaller restoring 
forces are required to return the wall to essentially zero 
displacement after a seismic event. 

A new self-centering SPSW (SC-SPSW) system (Fig. 
1) has been developed by combining steel web plates with a 
steel boundary frame with post-tensioned (PT) 
beam-to-column connections (Dowden et at. 2012, Clayton 
et al. 2012). The post-tensioning in the connections is 
designed to remain elastic and elongates as the connection 
rotates relative to the column during lateral drift of the 
building (Fig. 1c), and with proper detailing the beams and 
columns, referred to as horizontal and vertical boundary 
elements (HBEs and VBEs), respectively, remain 
undamaged. This PT elongation provides the restoring forces 
necessary to recenter the building, which ultimately reduces 
the costs of repair and provides a more rapid return to 
occupancy following an earthquake. 

PT HBE- o-VBE connection in its (b) undeformed and (c) 
deformed configuration. 

 
 
2.  SC-SPSW BEHAVIOR 
 
2.1  Cyclic Behavior 

In this research, three different PT HBE-to-VBE 
connections are being investigated to provide the recentering 
capabilities of the SC-SPSW system. The behavior of each 
connection type is discussed below. For purposes of general 
understanding of this new system, a simple approximation of 
the cyclic behavior of the SC-SPSW can be described by 
superimposing the response of the two key components of 
the system— the web plates and the PT boundary frame (Fig. 
2). The idealized web plate has a pinched, tension-only 
cyclic response (Fig. 2a); actual web plate behavior is more 
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complex than this idealization, and these key differences are 
discussed in later sections with respect to SC-SPSW 
experimental results. This is coupled with the elastic cyclic 
response of the PT frame (Fig. 2b), discussed below, to 
produce the flag-shaped hysteresis (Fig. 2c) that is 
characteristic of self-centering systems. 
 
2.2  PT HBE-to-VBE Connections 

The conventional PT connection as shown in Fig. 1b 
rocks about its flanges as shown in Fig. 1c. During lateral 
loading, the moment demand in the connection increases 
with a stiffness equivalent to that of a fully welded 
moment-resisting connection until a gap forms in the 
connection, referred to as the decompression moment, Md. 
As the gap opens and the PT strands elongate, the 
connection responds with a reduced rotational stiffness. If 
the PT connection and its components remain elastic, the 
connection returns along the same bilinear path during 
unloading, resulting in the nonlinear elastic response shown 
for the flange rocking PT frame in Fig. 2b. 

As a gap forms in the flange rocking PT connection, the 
columns are forced to spread apart, a phenomenon referred 
to as frame expansion (Garlock et al. 2007). Without careful 
detailing, this frame expansion can result in significant 
damage to the floor diaphragm system. Additionally, if 
frame expansion is not accommodated in the diaphragm 
detailing, the restraint to columns spreading provided by the 
slab can result in very large axial demands on the HBE 
(Garlock et al. 2007, Kim and Christopoulos 2008). 

In this research, two new PT connection details have 
been proposed to eliminate frame expansion while still 
maintaining the recentering capabilities of the SC-SPSW. 
The first of these proposed connections is shown 

HBE-to-VBE joint rocks about a pin at the centerline of the 
HBE. Note that the PT strands must be terminated along the 
length of the HBE, otherwise the net elongation of the PT 
needed to generate recentering forces would be zero. Since 
the gap in the connection is present in its initial configuration 
and there is no decompression as with the flange rocking PT 
connection, as long as the PT remains elastic and does not 
fully relax, the connection responds in a linear, elastic 
manner as shown in Fig. 2b.  

Similarly, a new 

schematically in Fig. 3a. In this connection, the 

connection inspired by 
mom

.  SUBASSEMBLY TEST PROGRAM 

arge-scale SC-SPSW subassemblies have been tested at the 

.1  Test Setup 
f the test setup is shown in Fig. 4a. The 

ent-resisting connections developed in New Zealand 
has been proposed, referred to as the NewZ-BREAKSS 
connection, and is schematically shown in Fig. 3b (Dowden 
and Bruneau 2011). This connection rocks about the top 
flanges of the HBE and also seeks to eliminate frame 
expansion thus mitigating damage to the floor slab. Again, 
the PT strands must be terminated along the length of the 
HBE in order to generate PT recentering forces. If the PT 
elements remain elastic and do not fully relax, then as with 
the centerline rocking connection, this results in a linear 
elastic PT frame response as shown in Fig. 2b. 
 
 
3
 
L
University of Washington. The purpose of the SC-SPSW 
subassembly test program was to get a better understanding 
of SC-SPSW cyclic behavior, to capture the effects of the 
interaction of the PT and web plate forces acting on an 
intermediate HBE, and to validate numerical modeling 
methods. All of the specimens in this phase of testing 
utilized the flange rocking PT connection detail (Fig. 1b) as 
described previously. 
 
3

A schematic o

Figure 2 Idealized cyclic behavior of (a) web plate, (b) PT 
frame, (c) SC-SPSW. 

Figure 3 (a) Centerline rocking connection, (b) 
NewZ-BREAKSS connection. 
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 elements were of A992 steel and 
were

.2  Specimen Descriptions 
) included variations in the 

web

.3  Instrumentation and Displacement Histories 

mea

.  EXPERIMENTAL RESULTS AND 

.1  Comparison of Web Plate Thicknesses 
th the same 

num

comparing the unloading portion of the hysteretic responses 
shown in Fig. 5, specimens with web plates (6s75k20Ga and 
6s75k16Ga) have additional hysteresis below the unloading 
portion of the bare PT frame (6s75k) response. This 
additional hysteresis suggests that the web plate has some  

ry configuration of the setup was used to simulate the 
boundary conditions for an intermediate HBE (middle HBE 
in Fig. 4), where the web plates above and below the HBE 
induce an effective post-tensioning in the HBE due to pull-in 
of the VBEs (PHBE(VBE)). The SC-SPSW subassembly 
measures 3235 mm wide (centerline VBE dimension), with 
story heights (HBE centerline dimensions) of 1724 mm. 

Frame expansion, discussed earlier, was accommoda
he physical model with a roller under the left VBE, 

allowing the frame to expand horizontally without imposing 
additional compressive forces on the middle HBE due to 
VBE restraint at its base. For similar purposes, the top and 
bottom anchor HBEs also had PT HBE-to-VBE connections, 
such that the gap opening, and thus the beam growth, at 
these levels were similar to the middle HBE. 

Shear forces at the PT HBE-to-VBE co
sferred through slotted shear tab connections. Long 

slotted bolt holes were used in the shear tab to allow for 
connection rotation. The HBE flanges at the connections 
were reinforced to protect against local damage due to the 
large compressive forces acting on the flanges after 
decompression. Also, corner cutouts were provided in the 
web plates to prevent localized damage in the plate as a gap 
forms in the connection. 

The boundary frame
 designed to remain elastic during testing so that they 

could be reused for multiple tests. The PT strands were 13 

mm diameter Grade 270 seven-wire strand with reusable 
barrel anchors at each end. The web plates were of ASTM 
A1008 steel with yield strengths of approximately 180 MPa 
and 240 MPa for the 20 and 16 gage plates (0.92mm and 
1.52mm thick), respectively. In all but one of the specimens, 
the web plates were connected to the boundary elements via 
a bolted fishplate connection. The bolted web 
plate-to-fishplate connection allowed for the yielded web 
plates to be easily removed and replaced following each test. 
One specimen was tested with a more conventional welded 
web plate-to-fish plate connection to compare how the web 
plate connection affects specimen behavior. Further details 
on the test setup can be found in Winkley (2011). 
 
3

The test program (Table 1
 plate thicknesses, tw, initial PT force at each HBE, To, 

and number of PT strands in each connection, Ns, to study 
the effects of web plate and PT connection strength and 
stiffness. The naming convention for the test specimens is 
the number of PT strands per HBE (e.g. “8s"), followed by 
the initial total PT force at each HBE in units of kips (e.g. 
“100k"), followed by the web plate gage thickness or 
thicknesses (e.g. “16Ga"), if applicable. All specimens 
utilized the bolted web plate-to-fishplate connection, with 
the exception of Specimen 8s10k20GaW, which utilized a 
welded web plate-to-fishplate connection as indicated by the 
“W” added to the specimen name. 
 
3

Instrumentation was installed on the specimen to 
sure applied loads, global displacements, gap rotations, 

PT forces, and HBE and VBE strains. The cyclic 
displacement history for the tests (LP1) were a modification 
of ATC-24 (ATC 1992), similar to the history used in 
previous SPSW experiments by Vian et al. (2009). An 
alternate load protocol (LP2) was used for some of the later 
tests, as indicated in Table 1. This load protocol had fewer 
cycles at small drift levels. Since the specimens without web 
plates (8s100k and 6s75k) were expected to remain elastic 
during the entire test, a simplified load protocol (LP-BF) was 
used consisting of two cycles each at target peak drifts of 
0.5%, 1%, and 2% and one cycle at 3% drift. 
 

(a) 

(b) 

 
4
OBSERVATIONS 
 
4

As shown in Fig. 5, for specimens wi
ber of PT strands and initial PT force, an increase in 

web plate thickness results in a proportional increase in 
specimen strength and energy dissipation as expected. When 

Figure 4 UW SC-SPSW subassembly test setup: (a) 
cs hematic, (b) specimen before test. 
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Specimen Name N  T  (kN) 
(mm) Web plate-to-fish plate Load 

s
tw

conn. type protocol o
1st story 2nd story 

8s100k 8 445 --  -- LP-BBolted F 

6s75k 6 334 -- 

0

-- 

0.92 

Bolted LP-BF 

8s a 

8s1 a 1.52 1.52 

8  

8s1 a 

100k20G 8 445 .92 

 

Bolted LP1 

00k16G 8 445 Bolted LP1 

6s75k20Ga 6 334 0.92 0.92 Bolted LP1 

6s75k16Ga 6 334 1.52 1.52 Bolted LP1 

s100k20Ga-2 8 445 0.92 0.92 Bolted LP2 

00k16Ga20G 8 445 1.52 0.92 Bolted LP2 

8s100k20GaW 8 445 0.92 0.92 Welded LP2 

comp at is n accou for in 
ideali ehavior assumed ig. 2. T
compre creases a the we e thickn

 
4.2  Comparison of PT Connection Designs 

Fig. 6 shows a comparison of the responses of two 
specimens with the same web plate thicknesses but different 
number of PT strands and initial PT force. As expected, an 
increase in the total cross-sectional area of the PT strands 
results in a proportional increase in the recentering stiffness 
of the specimen during unloading, due to the increase in 
rotational stiffness of the decompressed PT connections 
(Clayton et al. 2011, 2012). 
 
4.3  Comparison of Web Plate-to-Fish Plate Connection 
The typical failure mode of specimens with the bolted web 

plate-to late connectio tearing of the web plate 
along t re length of t ing bar at th m of 
the firs y (Fig. 7a). ica itially 

g is believed to 
e due to the out-of-plane buckling of the web plate at this 

rmed during 
cycli

 a lower strength capacity, 
proximately 85% of the bolted specimen capacity, and 

tearing at lower drift demands; however, due to the slower 
propagation of tearing along the HBEs, the welded specimen 
did have a larger drift ductility. 
 
4.4  Comparison with Analytical Models 

Analytical nonlinear finite element models of the test 
specimens were created in OpenSees (Mazzoni et al. 2006) 
and are shown in Fig. 8. The web plates were modeled using 
the strip method and the rocking PT connections were 
modeled using a series of compression-only spring elements 
as described in Clayton et al. (2012). The cyclic behavior of 
the strip material was modeled using the idealized 

 sub

Figure 5 Comparison of specimens with different web 
plate thicknesses. 

ressive strength th
zed tension-only b

ot nted 
 in F

the 
his 

ssive strength in s b plat ess 
increases, ranging from 10-20% of the web plate tension 
field strength (Clayton et al. 2011). Further research is being 
done to understand and better quantify this characteristic of 
web plate behavior. This additional hysteresis in the web 
plate during unloading also provides some resistance to 
recentering as suggested by the increase in residual drift at 
zero-load as the web plate thickness increases; however, 
with the exception of the negative loading direction of 
Specimen 6s75k16Ga, the specimen with the thickest web 
plates and lowest PT connection strength and stiffness, all 
test specimens were able to recenter with residual drifts less 
than 0.2% at zero-load (Clayton et al. 2011). 

observed between 2.5 to 3% drift. This tearin

-fishp
he enti

ns was 
he clamp e botto

t stor  Tearing was typ lly in

b
location as the tension field formed and re-fo

c loading. However, at the end of testing, the specimen 
with the welded web plate-to-fishplate connection had 
tearing of the web plate along the entire length of the VBEs 
in both stories (Fig. 7b). Initial tearing was first observed at 
the toe of the weld near the rocking PT HBE-to-VBE 
connection and tearing propagated outside of the heat 
affected zone of the weld. The welded specimen 
(8s100k20GaW) did have
ap
earlier onset of strength degradation due to the initiation of 

Table 1 SC-SPSW assembly specimens 

Figure 6 Comparison of specimens with different PT 
designs 
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tension-only behavior, as suggested by the AISC Design 
Guide 20 (Sabelli and Bruneau 2007) and shown in Fig. 9. 
The backbone of the tension strip was calibrated to match 
the response of the monotonic tension coupon tests of the 

to as the 25% compression strip model in Fig. 9) was also 
developed using a tension-only material coupled in parallel 
with an elastic-perfectly plastic, compression-only material 
with a compressive strength equivalent to 25% of the tension 
yield strength, as suggested by the experimental results. In 
this modified strip model, the tension strength of the strip 

Figure 7 Web plate tearing along (a) bolted web plate 
connection of the bottom HBE at 4% drift and (b) welded 

web plate connections along VBEs at 5% drift. 

(a) 

(b) 

(a) 

(b) 

Figure 8 Schematic of (a) test set-up and (b) PT connection 
model in OpenSees. 

actual web plate material. A ified strip model (referred 

was reduced by 25% such that the lateral strength of the 
SP c d 
compression in diagonal ctions (as shown in Fig. 
8a), was equivalent to that of the tension-only strip model.  

Fig. 10 shows a comparison of the experimental 
response of Specimen 8s100k16Ga with the OpenSees (OS) 
models using the tensi nly and the modified 
tension-and-compression strip materials. The OpenSees 
models shown here were only subjected to cycles at 1% and 
2% drift demands for purposes of comparison. The 
OpenSees model utilizing the tension-and-compression strip 
material appears to more closely match the unloading and 
reloading path of the experimental hysteresis. As previously 
mentioned, further research is being done to better quantify 
this compressive contribution and develop methods of 
modeling this phenomenon.  

Also both OpenSees models underestimate the ultimate 

strength of the experimental specimen. This is believed to be 
due to strain hardening of the web plate as it yields in 
alternating directions of the tension-field during cyclic 
loading in both directions. Further research is also being 
done to account for this accumulation of plastic strain during 
cyclic, bi-directional yielding of the plate in the strip model. 
Overall, the relatively simp penSees analytical models 
match well with the observed experimental response. 
 
 
5.  CONCLUSIONS 

The SC-SPSW is a lateral force resisting system that 
has been developed to reduce damage and repair costs 
following earthquakes by providing adequate strength 

 mod

Figure 9 Tension-only and modified 25% compression 
individual strip behaviors SW, whi h consists of strips acting in tension an

both dire

on-o

le O
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stiffness, energy dissipation, and recentering capabilities. 
The SC-SPSW system is currently being investigated 
experimentally through large-scale subassembly tests at the 
University of Washington. The test program and preliminary 
results of these experiments were presented. The 
exp f 
rec h 
that suggest te element 

material donations from the American Institute of 
teel Construction. Any opinions, findings, conclusions, and 
commendations presented in this paper are those of the authors 

the views of the sponsors.  

 
oned Rocking Connection Detail Free of Beam 

Do

Gar

, 389–399, March 2007.  

ineering Research Center. 

 
 

 

 
 

 

Figure 10 Comparison of experimental response and  
OpenSees analytical model response. 

erimental results show that the SC-SPSW is capable o
entering and has cyclic behavior that matches well wit

ed by principles of mechanics and fini
models. Furthermore, two new PT connection details have 
been proposed to eliminate floor slab damage that is caused 
by typical PT connections rocking about their flanges. These 
new details will be tested experimentally in future tests at the 
University at Buffalo through a series of static-cyclic and 
shake table tests on third-scale, three-story SC-SPSW 
specimens. 
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1.  INTRODUCTION 
   Generally, an exposed column-base consists of 
anchor-bolts and thick base plate, that was connection for 
between steel column and concrete foundation (Akiyama 
1985, Yamanishi et al. 2006, 2007 and 2008). These 
column-base showed semi-rigid connection, caused by 
anchor-bolt elongation and base plate bending deformation 
out of plan, which evaluated elasto/plastic rotation spring in 
numerical analysis (Sawada et al 2008). Such semi-rigid 
rotation spring stiffness ( rotational rigidity ) of column-base 
had large effect on the structure natural period (Tamai et al 
2006, 2008, Takamatsu et al 2008). The earthquake energy 
through in structure reduction, if controlled rotational 
rigidity of column-base 
   The conventional structural member exchange very 
difficult. However, large force influenced and plastic deform 
happened to structural member on ground motion. 
Therefore, very big advantage, if structural member had 
repair performance. 
   In this paper, the authors proposed new type of 
column-base, that had rotational rigidity control function 
and repair performance. An experimental and analytical 
study has been carried out on new type of column-base 
subjected to earthquake force, and more showed 
performance curve of elastic rotational rigidity. 
 
 
2.  CONCEPT OF PC COLUMN-BASE 
   The consist of PC column-base shown in Figure 1. Bolts 
for column binding to foundation was set up with yield bolts 
(Anchor bolts) and Elastic bolts (Anchorage), that two parts 
jointing by coupler. Anchor bolt setting plate (Anchor stand) 
was welding joint between column and column foot. 
   Rotational rigidity control function shown in Figure 2.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Anchor bolt stiffness had large effect on column-base 
rotational rigidity. Anchor bolt stiffness are observed to be 
variable due to anchor stand level adjusting, caused by the 
anchor bolt length changed. Which, column-base rotational 
rigidity was more small, that by anchor stand level higher. 
 
 
3.  EXPERIMENT 
   Experiment were carried out on cantilever column with 
PC column-base subjected to an constant compression axial 
force and cyclic horizontal force. Experiment parameter was 
anchor stand level Fh. 
 

RESISTANT BEHAVIOR OF COLUMN-BASE WITH ROTATIONAL RIGIDITY 
CONTROL FUNCTION IN LOW & MEDIUM STEEL STRUCTURE 
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Abstract:   An anchor-bolt-yield-type exposed column-base is many used in low-rise and medium-rise steel buildings. 
These column-base are generally designed to consider the semi-rigid rotation spring, that caused by elastic/plastic 
elongation of anchor bolts. Such semi-rigid rotation spring stiffness (Rotational stiffness) of column-base have large effect 
on the structure natural period. The earthquake energy of through in structure reduction , if controlled rotational rigidity of 
column-base. 
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3.1 Specimen 

Specimen’s material properties shown in Table 1. 
Column-base detail and anchor bolts shown Figure 3 and 4. 
Column-base setup shown in Picture 1. 

Since the experiments focused on the elastic-plastic 
deformation behavior of the anchor bolts, the column, 
anchor stand, column foot, base plate and foundation were 
maintained in the elastic region. A steel foundation 
(BH-390x500x32x50) was employed instead of a concrete 
one and failures of base mortar and foundation concrete 
were ignored. 

A column ( □ -200x200x12), an anchor stand 
(PL-55x375x375), a column foot (□-200x200x12), a base 
plate (PL-16x200x200) and four anchor bolts (Fh=200 : 
M30, Fh=550 : M36) were used. The column, anchor stand, 
column foot and base plate were fillet welded to each 
member. Rolled thread anchor bolts to Japan Society of 
Steel Construction standard were employed. Each was 
subjected to thirty percent yield tension as the pre-tension. 

 
3.2 Loading method 

Apparatus shown in Figures 5, Loading method shown 
in Figure 6. The horizontal loadings were introduced from 
the horizontal jack of slide table and two vertical jacks of 
loading frame. The cyclic horizontal loadings were 
controlled by the rotation of the base plate. The constant 
variable loading were ten percent yield compression of the  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
column member (=266 (kN)). 

Column moment plot was like cantilever column in 
horizontal loading time, that by two vertical jack force 
balanced. 

 
3.3 Measurement 

Base-plate displacements were measured to obtain 
their rotations. Both vertical and horizontal loads were 
measured by load cells. 

 
4. THEORY & MODEL 
   Resisting mechanism and each element deformation 
shown in Figure 7. 
   Additional bending resist, yield bending strength and 
elastic rotational stiffness are obtained from resisting 
mechanisms. 
 
4.1 Assumption 
Models of restoring force characteristics are based on the 
following assumptions. 
1) The anchor bolts are the only yielding elements in the 

column base. 
2) For the base plate in contact with the foundation, the 

position of compressive reaction of the foundation is at 
the edge of the base plate and the anchor bolts on the 
tension side resist bending moment. 

Column:□-200x200x12 (BCR-295)

Column Foot:200x200x12 (BCR-295)
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Material E σ y Main dimension

N / mm2 N / mm2 mm

Anchor bolt M30 SNR400B 205,000 286 =27.2
M36 SNR400B 205,000 271 =33.0

Anchor stand SS400 205,000 327 PL-55x375x375
Column, column foot BCR295 205,000 387 □-200x200x12
Base plate SS400 205,000 366 PL-16x200x200

E : Young’s moduls σ y : Yield stress φ g : Shank diameter

φ g

φ g

Table 1 Material properties 

36
0

12
0

12
0

40
2.

5
60

0

65
0

14
5

14
5

74
6.

5
94

0

Anchor bolts
(Rolled thread)

Foundation
(Build-H)

Column foot
(Squqre shaped steel tube)

Anchor stand
(thickness plate)

Column
(Square shaped steel tube)

Base plate
(thin plate)

Anchor bolts
(Rolled thread)

Foundation
(Build-H)

Column foot
(Squqre shaped steel tube)

Anchor stand
(thickness plate)

Column
(Square shaped steel tube)

Base plate
(thin plate)

Picture 1 Column-base setup 

(a) Fh=200

(b) Fh=550

(a) Fh=200 

(b) Fh=550 
Figure 4 Anchor bolt

- 1066 -



 3 / 6

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3) When the base plate is in contact with the foundation, 

friction between base plate and foundation resists 
shearing force, but when it is separated, the anchor bolts 
resist the shearing force. 

4) The perfectly elastic-plastic model is used to define the 
material properties of the anchor bolts. 

 
4.2 Strength 
   The additional bending resist Mn from column axial 
force is obtained from Equ. (1). 
 
 
   The yielding bending moment MY of the column base 
with the anchor-bolts yielding is obtain from Equ. (2).  
 
 
   where, n is the number of anchor bolts on the tension 
side, AA is the gross area of the anchor bolts, AσY is the yield 
stress of the anchor bolt, dt is the distance from the center of 
the column cross-section to the line of the tensile anchor 
bolts (shown in Figure 3 and 7), dc is the distance from the 
edge of the base plate to the center of the column 
cross-section (shown in Figure 3 and 7), N is the axial force. 
 
   These equation was same the conventional exposed 
column-base evaluated method. 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4.3 Rotational rigidity 
   Anchor stand and column foot moment plot shown in 
Figure 8. The elastic rotational rigidity of the column base 
AKB is obtain from the elastic elongation of anchor bolts by 
Equ. (3). 
 
 
 
 
 
 
   where, E is Young’s modulus, AL, GA is the effective 
length of the anchor bolt and anchorage, st is anchor stand 
thickness, GA is the gross area of the anchorage, Fh is anchor 
stand level, sB is anchor stand width and FI is moment 
inertia of column foot. 
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4.4 Model of restoring force characteristics 
    Models of restoring force characteristics shown in 
Figure 9. The hysteresis shows slip-phenomenon and 
additional bending resist from column axial force. The 
slip-phenomenon It hysteresis was same the conventional 
exposed column-base. 
 
 
5. FEM ANALYSIS 
   FEM analysis model for PC column-base shown in 
Figure 9. A general-purpose finite element program ADINA 
ver. 7.1. was used to analytical study. FEM analysis two 
kinds of analyzed. 
   Series I was had same shape of experiment specimens, 
that for discussion of examines experiment and FEM 
analysis. 
   Series II models shaped shown in Figure 10. Rotational 
rigidity control function of PC column-base discussion, that 
use these models result. The analysis parameter was anchor 
stand level Fh = 100, 200, 400, 550, 800, 1000. 
   All element had steel young’s module (=205,000 
N/mm2), poisson’s ratio (=0.3) and yield stress of material 
test (shown in Table 1). However, foundation was rigid body, 
because steel foundation used in loading test.  
 
 
6. RESULTS & DISCUSSION 
   Bending moment of base plate level M v.s. base plate 
rotation θ relationship for experiment specimen or FEM 
analysis series II shown in Figure 12 and 13. A solid line is 
experiment results, bold line is FEM analysis results and 
circle and slid line is model obtain from section 4. Yield 
strength and Elastic rotational rigidity for experiment 
specimen or FEM analysis series II. Rotational rigidity  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
performance curve (AKB v.s. Fh relationship ) and Yield 
strength performance curve ( MY v.s. Fh relationship ) shown 
in Figure 14 and 15. A solid line is calculated value obtain 
from Equ. (2) and (3), and a square symbol is FEM analysis 
series II results. An anchor bolts thread dimensions for after 
and before experiment shown in Table 4. PC column-base 
repair method shown in Figure 16. 
 
6.1 Experiment specimen 
   The experimental results showed slip-phenomenon. 
With the additional bending resist from column axial force. 
The models of restoring force characteristics showed good 
agreement with the experiment results. The rotational 
rigidity was lower Fh=550 from Fh =200, because anchor 
bolts became long. 
 
6.2 FEM analysis series II 
   The models of restoring force characteristics showed 
good agreement with FEM analysis results. The 
performance curve showed column-base rotational rigidity 
variable, that became small from Fh grows big.  
   Such, even if Fh changed, the yield strength was 
constant. Because, column-base strength obtain from 
equilibrium of base plate under-surface, which independent 
value of Fh. 
 
6.3 Repaired 
   PC column-base showed anchor bolt only yield, and 
other element showed elastic behaviour. PC column-base 
can anchor bolts exchange after the elasto-plastic loading 
experiment, that used rolled thread anchor bolts. Therefore, 
PC column-base having repair performance, if anchor bolts 
plastic elongation by the earthquake.
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7.  CONCLUSION REMARKS 
   An experimental and analytical study were carried out 
on performance control type column-base subjected to axial 
force and cyclic horizontal loadings. The following 
conclusions were obtained. 
1) Rotational rigidity of column base variable by means of 

the adjusting of anchor bolt length & column-base 
detail. 

2) Cyclic behaviour showed slip-type restoring force 
characteristics subjected to cyclic horizontal loading,  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
that same to conventional anchor-bolt-yield-type 
exposed column-base. 

3) The FEM analysis results and proposed models of the 
restoring force characteristics showed good agreement 
with the experimental results for all specimens. 

4) New type of column base having repaired performance, 
because anchor bolts of these column-base can 
exchanged after the earthquake. 
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Abstract:  Special concentrically braced frames (SCBFs) are commonly used as the lateral-load resisting system in 
buildings. SCBFs primarily sustain large deformation demands through inelastic action in the brace; secondary yielding 
may occur in the gusset plate and framing elements. The desired failure mode is brace fracture. Yielding, buckling and 
fracture behavior results in highly nonlinear behavior and accurate analytical modeling of these frames is required. To 
enable use of accurate yet practical nonlinear models, a research study was undertaken to investigate modeling parameters 
for line-element models, which is a more practical modeling approach comparing with typical continuum models. Based 
on the developed analytical model, the methods to predict brace fracture have been focused on. A fracture modeling 
approach simulated the nonlinear, cyclic response of SCBFs by correlating onset of fracture to the maximum strain range 
in the brace. The model accounts for important brace design parameters including slenderness, compactness and yield 
strength. Fracture data from over 40 tests was used to calibrate the model. The proposed fracture model is more accurate 
and simpler than other, previously proposed models. As a result, the proposed model is an ideal candidate for practical 
performance simulation of SCBFs. 

 
 
1.  INTRODUCTION 
 

Special concentrically braced frames (SCBFs) are a 
commonly used seismic-resistant structural system. SCBFs 
meet a wide range of performance levels. Braced frames can 
economically provide lateral stiffness and strength during 
frequent and moderate events to control drift. In large 
earthquakes, the bracing members may be subjected to large 
axial deformations resulting in severe overall and local 
buckling deformations, and tensile yielding. This inelastic 
response permits SCBFs to sustain large, cyclic drift 
demands. Eventually, failure of one of the components will 
occur. Experimental research indicates that the local 
buckling deformations, typically at the center of the brace, 
eventually lead to tearing of the brace, which is the desired 
failure mode.  

The seismic response of steel bracing members 
dominates the seismic behavior of SCBFs. However, the 
framing elements and the gusset plates are also important. 
They contribute to the nonlinear response, and provide 
boundary conditions to the steel brace. Therefore all 
members and their connections must be accurately modeled. 
The authors have investigated and validated an accurate 
method for the nonlinear analysis using line-element models 
[1]. The modeling approach is illustrated in Fig. 1. The 
example shows a single story specimen that was tested in the 
laboratory (Fig. 1a). The line-element modeling approach 
models all of the components, including the braces, beams, 

columns and connections, as indicated in Fig. 1b. Fiber-type 
beam-column elements are used to model the beams, 
columns and braces. Rigid links are used to simulate the 
rigidity of the gusset, gusset-to-beam and gusset-to-column 
connections. Finally springs are used to simulate flexibility 
of the gusset plates and shear plate connections, as shown in 
Fig. 1.  

Typical modeling approaches for SCBFs use either 
fully restrained or fully pinned models for the gusset plate 
connections. However, test results show that the gusset plate 
connection is neither pinned nor fixed and its flexibility must 
be modeled explicitly to capture the nonlinear response. A 
new approach was developed to simulate the behavior of the 
gusset plate connections, as shown in Fig. 1c. The primary 
response is simulated using a nonlinear, zero-length 
rotational spring, which has a spring stiffness based upon the 
gusset plate material and geometry and located at the ends of 
the brace. This modeling approach simulates the 
out-of-plane rotational behavior of the gusset plate 
connections and provided correct boundary conditions of the 
brace members. Rigid links were used for the remainder of 
the connections beyond the brace.  

This modeling approach was verified using the 
experimental results, and a typical comparison is shown in 
Fig. 1d. Relative to conventional rigid- or pin-ended 
nonlinear modeling approaches that are commonly used for 
SCBF seismic analysis, the modeling approach illustrated in 
Fig. 1 provides greatly improved accuracy [1, 2]. The 
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improved model successfully predicted the buckling capacity, 
tensile yielding, distribution of yielding, and post-buckling 
behavior of the braces in the structural systems [1].  

While the concept of performance based seismic 
design (PBSD) is widely accepted, capacity evaluation of 
SCBF structures including fracture and collapse is difficult 
to conduct in a practical manner. In particular, it is difficult 
to predict brace fracture, which is the desired failure mode of 
SCBFs, and therefore its prediction is central to accurate 
PBSD of SCBFs. During a test, the severe out-of-plane 
deformation due to the buckling behavior resulted in brace 
fracture. This behavior is illustrated in Fig. 2. The 
out-of-plane displacement of brace increases with the story 
drift of the frame, which results in a concentration of 
inelastic deformation at the mid-span of the brace and 
eventual formation of a plastic hinge, as shown in Figs. 2a to 
2c. At the location of the formed plastic hinge, the cupping 
behavior (Fig. 2d) of the brace tube occurred first, and then 
the crack initiation (Fig. 2e) occurred at the cupped location 
after a few additional cycles. The crack grew as the brace 
sustained tensile force again in the following cycles and 
eventually fully fractures (Fig. 2f). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
This study was undertaken to develop a practical yet 

accurate model to predict the onset and impact of brace 
fracture, and in turn, evaluate the impact of brace fracture on 
the system performance. The model was developed for 
implementation in a nonlinear structural analysis program 
using the modeling approach described previously.  

The brace fracture model was based on past 
experimental studies. The test specimens varied widely in 
their slenderness ratio, width-thickness ratio and yield 
strength of the bracing members and these parameters were 
specifically included in the fracture model. Although 
different structural steel sections may be used as bracing 
members (e.g., wide flanges, angles, channels and tube 
sections), this study focuses on square hollow structural 

sections (HSS) because they are economical and widely 
used in practice. The resulting model was compared with 
other previous models. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

2.  PRIOR Brace Fracture Simulation Models 
With proper design, brace fracture is the primary 

failure mode of SCBFs [2]. Prior research has been 
conducted to improve the understanding of brace fracture 
[3-16]. Several different approaches had been developed to 
predict the fracture life of the braces under cyclic loading. In 
the case of continuum analysis, the equivalent plastic strain 
has been calibrated to predict brace fracture, e.g. Yoo et al. 
[17] and Fell et al. [18]. In this study, the focus was on 
modeling approaches to simulate brace fracture that are 
appropriate for use in nonlinear analyses using line-elements. 
Several research studies have developed these types of 
models and a brief discussion of selected models follows. 
Models that link brace fracture to the global response 
include those by Lee and Goel [15], Shaback and Brown 
[13] and Tremblay [16]. Uritz and Mahin [11] link the local 
deformation response of the brace to predict the onset 
fracture.  

Lee and Goel tested thirteen full-scale hollow and 
concreted-filled square tubular bracing members with 
different slenderness and width-thickness ratio [15]. Six 
specimens tested as part of that study and three specimens 
from a prior study [19] that utilized HSS tubes were 
combined to develop a model to predict the brace fracture 
life. The researchers postulated the cyclic deformation 
demands on the brace resulted in low-cycle fatigue fracture. 
To simulate the observed response, the cyclic axial 
deformation response of the HSS tube was used as the 
primary parameter in the brace fracture model. Figure 3a 
shows a typical cyclic normalized axial force-deformation 
response from a single cycle from a brace test. Two axial 
deformations are defined. The compressive portion of the 
axial deformation !1 is the displacement that ranges from 
the maximum compressive force to the displacement 
corresponding to a tensile force of Py/3. The axial 
deformation !2 is the remaining portion of the displacement 

Figure 1 Typical single-story (a) Test Specimen, (b) Discrete 
Line-element Nonlinear Model, (c) Details of the Gusset 
Plate Modeling, and (d) Comparison of Measured and 

Simulated Results. 

Figure 2 The Global and Local Behavior Causing Brace 
Fracture 
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range. These two deformations are used to quantify the 
accumulated axial deformation, !f using the defined weights 
indicated in Eq. 1, where n is the number of cycles achieved 
before the brace fracture.  Equation 2 provides the fracture 
limit, which was based on the experiments. 

 
   (1) 

 
(2) 

    
In Eq. 2, the following variables are used: b, d and t 

are the width, depth and thickness of the HSS tube, 
respectively; Fy is the yield strength of the brace, in ksi; Cs.1 
is an experimentally determined constant. The fracture life 
was related to three primary variables: Fy, b/d, and (b-2t)/t, 
or yield strength, cross-sectional aspect ratio, and 
cross-sectional slenderness. The experimental data set had 
slenderness ratios between 35 to 77 and width-thickness 
ratios between 14 to 30; all of the experiments used 
ASTM-A500, Grade B structural tubes. According to the test 
results, the corresponding Cs.1 values varied from 1160 
to1508, and a mean value of 1335 was suggested. Figure 3b 
shows Figure 3b shows the comparison between the fracture 
life measured during the tests, !f,test, and the fracture life 
predicted using Eq. 2, !f,pred.1. 

Shaback and Brown also proposed an empirical 
equation to predict fracture life of an HSS brace. The 
method by Lee and Goel was adopted, Eq. 1, and different 
limits were developed. Instead of Eq. 2, a pair of equations 
was proposed to estimate the fracture life (Eqs. 3a and 3b), 
differentiated on the slenderness ratio; all other variables 
were the same.  

 
(3a) 

  
(3b) 

 
In the expressions, Cs.2 is an experimentally 

determined constant, with a value of 0.065 suggested by the 
researchers. It is noted that this model was based on different 
data, and the researchers used a combined data set with nine 
full-scale HSS-tube braces tested by Shaback and Brown 
and brace tests conducted by Archambault [20]. The tests 
had width-thickness ratios between 8.93 and 15.1 and 
slenderness ratios between 52.3 and 65.8. Figure 4 shows the 
comparison between the fracture life measured during the 
tests, !f,test, and the fracture life predicted using Eqs. 3a and 
3b, !f,pred.2. 

Tremblay et al. (2003) used the brace end rotation to 
estimate fracture of rectangular hollow sections [16]. The 
researchers conducted a total of 24 cyclic tests, including 
full-scale X-bracing and single diagonal bracing systems in 
2003. A combined data set was developed and included 22 
tests with brace fracture from their test program and 24 tests 
from other studies on single bracing members 
[13,15,19,21,22]. The resulting variation in the brace design 
parameters was as follows: the slenderness ratios varied 
from 35 to 145 and the width-thickness ratio varied from 4 

to 28. The end rotation is related to the total ductility of the 
bracing member by Eq. 4, where LH is the brace length 
using the assumption that the ends are simply supported as 
illustrated in Fig. 5a. The axial movement of the brace under 
compression, "c, (shown in Fig. 5a) is defined by Eq. 5, 
where #c and #t are the peak compression and tensile 
ductility values and "y is the axial yield deformation of the 
bracing member. 

 
(4) 

                                   
                                  (5) 

 
The maximum end rotations corresponding to brace 

fracture, $f,pred, was derived from the database of cyclic 
tests and are given by Eq. 6. 

 
(6) 

                     
Figure 5b shows the comparison of the experimental 

and their predicted end rotations corresponding to the onset 
of brace fracture. 
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Figure 3 (a) Definition of Displacement Components !1 and 
!2 from; (b) Comparison of Predicted and Experimental 

Measured Fracture Life [15] 

Figure 4 Comparison of Predicted and Experimental 
Measured Fracture Life [13] 

Figure 5 (a) Simplified deformed shapes for prediction of 
out-of-plane deformations for single bracing and (b) 

experimental versus predicted values. [16] 
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Uriz (2005) [11] developed a prediction expression 
based on low-cycle fatigue, which used an accumulative 
strain limit. The model was implemented in the OpenSees 
structural analysis software platform. The low cycle fatigue 
modeling approach was based on Miner’s rule [23, 24], 
which is expressed as the damage index, DI, give in Eq. 7. In 
the equation, the damage for each amplitude of cycling is 
estimated by dividing the number of cycles at that amplitude, 
n(%i), by the predicted number of constant amplitude cycles 
at that amplitude necessary to cause failure, Nf(%i). When 
DI=0, there is no damage. A value of DI=1 indicates failure. 
Since the cyclic history is not necessarily symmetric, the 
amplitude of each cycle of the strain history was determined 
using a modified rainflow cycle counting method. The 
Coffin-Manson relationship [23, 24] expressed in Eq. 8, was 
used to determine the strain amplitude, in which Nf is the 
number of cycles at strain amplitude %i resulting in failure, 
and the parameters of m and %o are empirical constants, 
where %o is the failure strain for a single reversal, while m is 
known as the fatigue ductility exponent. 

 
                             (7) 

 
                                (8) 

 
Uriz used experiments performed by Yang on 

full-scale bracing members to validate the modeling 
approach and calibrate necessary parameters, for which m = 
-0.5 and %o = 0.095 [10]. Figure 6 shows the comparison 
between the predicted and measured maximum axial 
displacement before brace fracture. 

 
 

3.  Experimental Data Set 
 
Experimental data from prior studies were gathered to 

provide the basis for the proposed fracture model [3-16]. The 
following criteria were used: (1) the test must use square 
HSS tubes for the bracing members, (2) the test must exhibit 
brace fracture, and (3) sufficient information regarding the 
geometry, material properties and test loading much be 
included to permit simulation. Prior studies suggest that the 
fracture life of the HSS bracing members depends on the 

slenderness ratio of the bracing members, the 
width-to-thickness ratio of the cross-section, the yield 
strength of the steel and the imposed displacement history. 
Synthesis of the experimental studies indicates that smaller 
width-to-thickness ratios [9,12,13,14,15,16] and larger 
slenderness ratio [9,12,13,16] increase brace ductility. As 
much as possible, a dataset was developed that included a 
wide range of these important design variables. 

Table 1 provides the details of the forty-four (44) 
specimens included in the data set, including size, geometry 
and material. The tests include a range of configurations 
including: (1) component tests consisting of only the brace 
and gusset plate connections [9,10,12,13,14,15,16], (2) 
single- and multi-story frame tests including the beams, 
columns, braces and gusset plate connections simulating a 
lateral frame configuration [3,4,5,6,7,8,11]. An example of a 
full-scale, single-story one-bay braced frame shown in Fig. 
7a; these tests were conducted at the University of 
Washington [3,4,5,6]. Examples of full-scale two-story and 
three-story frames are shown in Fig. 7b and c; these frames 
were tested at the National Center for Research on 
Earthquake Engineering (NCREE). A different two-story 
frame test is shown in Fig. 7d; this example frame was tested 
at University of California (UC) Berkeley [11]. Figure 7e, 
shows an example isolated brace (or component) test; this 
type of test was conducted at UC Davis [9], UC Berkeley 
[10], University of Dublin in the United Kingdom [12] and 
University of Calgary in Canada [13]. Figure 7f shows an 
example test of an inclined brace test; this type of test has 
been conducted at Hanyang University in Korea [14], 
University of Michigan [15] and Ecole Polytechnique in 
Canada [16].  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
The specimens were grouped and reference the name 

used in the experimental study in Table 1. The braces 
encompass a wide range of HSS sections, from 
SHS20x20x2.0 (mm) to HSS6x6x3/8. These sizes result in a 
wide range of width-thickness ratios, w/t. Here, the 

Figure 6 Comparison of Predicted and Experimental 
Displacement Range before Brace Fracture [11] 
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cross-sectional slenderness ratio was defined as (b-3t)/t and 
ranged from 6.7 to 28.3 for the test specimens included. The 
effective slenderness ratios of the braces ranged from 34.4 to 
166.7. The effective length factor, K, of all specimens here 
was determined using the method proposed by Jain et al. 
[25], in which K is obtained using the ratio of flexural 
stiffness of the bracing member and gusset plates, K! and Km 
using Eqn. 9a-d  

 
                                (9a) 

 
                             (9b) 

 
                           (9c) 

 
                               (9d) 

 
In the expressions, E is modulus of elasticity, Ig and Ib 

are the moment inertia of the Whitmore section for gusset 
plates and cross section of the tube for the bracing members, 
respectively, lave is average of the three buckling lengths, l1 to 
l3, as illustrated in Fig. 8 modified from Thornton method 
[26], and L is length of the brace tube. The variable # is a 
constant between 0.5& and &. The measured yield strength of 
the steel, Fy, is reported herein. Table 2 shows the mean and 
variations of the design parameters computed using the 44 
tests. 
 

 
 
 
 
 
 
 
 
 
In addition to the geometric and material variations, 

the cyclic drift history can impact the fracture life of the 
brace. A study was conducted to investigate the influence of 
the drift history by evaluating seven parameters, including: 
(1) the maximum axial drift range of the bracing member for 
the entire history (also correlates to the maximum end 
rotation of the brace [16]), (2) the maximum axial drift range 
for a single cycle, (3) the maximum tensile axial drift, (4) the 
maximum compressive axial drift, (5) the accumulated axial 
drift counted using the counting approach proposed by Lee 
and Goel [15], Eq. 1, (6) the accumulated axial drift derived 
by summation of all drifts, and (7) the accumulated axial 
drift counted using the rain-flow counting method. Table 3 
shows the results. The variables that were based on solely on 
drift had large variability, from 27% to 66%, which is larger 
than the variation in the design parameters (w/t, KL/r, and 
E/Fy), shown in Table 2. Therefore using drift as the sole 
parameter was deemed unreliable. Similarly, the axial drift 
parameters were considered having a relatively weak 
relationship with the brace fracture.  This also illustrates 
possible limitations with several of the past brace fracture 

prediction methods [13, 15, and 16]. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

4.  Strain-Range Fracture Model 
 
As illustrated in Fig. 2, fracture of an HSS brace 

results from the large strains and local deformation demands 
at the middle of the brace during large cyclic demands in 
compression and tension. These experimental observations 
were used as the basis for the proposed fracture model. 
Specifically, the local strain demands at the midspan of the 
brace were used to predict the onset of brace fracture. 

For each test specimen, the local strain demands 
corresponding to the drift (or other global deformation 
measure) at the onset of fracture behavior was determined 
analytically. The analytical model is an 
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Study Specimens Brace Shape Steel 
Ag 

(mm
2
) 

w/t KL/r E/Fy 
Max.         

%range, simul. 

HSS2 HSS5x5x3/8 A500, Gr. B 3987 11.3 77.6 414.3 0.0443 

HSS3 HSS5x5x3/8 A500, Gr. B 3987 11.3 77.2 414.3 0.0493 
HSS4 HSS5x5x3/8 A500, Gr. B 3987 11.3 77.7 396.2 0.0520 

3 

HSS5 HSS5x5x3/8 A500, Gr. B 3987 11.3 81.0 396.2 0.0605 
HSS6 HSS5x5x3/8 A500, Gr. B 3987 11.3 81.2 448.2 0.0467 

HSS7 HSS5x5x3/8 A500, Gr. B 3987 11.3 66.1 448.2 0.0606 
HSS8 HSS5x5x3/8 A500, Gr. B 3987 11.3 75.8 448.2 0.0512 
HSS9 HSS5x5x3/8 A500, Gr. B 3987 11.3 77.1 448.2 0.0469 

4 

HSS10 HSS5x5x3/8 A500, Gr. B 3987 11.3 77.8 440.7 0.0534 
HSS11 HSS5x5x3/8 A500, Gr. B 3987 11.3 64.8 440.7 0.0438 

HSS12 HSS5x5x3/8 A500, Gr. B 3987 11.3 70.1 440.7 0.0492 

HSS13 HSS5x5x3/8 A500, Gr. B 3987 11.3 81.8 440.7 0.0480 

HSS14 HSS5x5x3/8 A500, Gr. B 3987 11.3 81.0 440.7 0.0460 

5 

HSS15 HSS5x5x3/8 A500, Gr. B 3987 11.3 82.7 440.7 0.0426 

HSS17 HSS5x5x3/8 A500, Gr. B 3987 11.3 81.7 440.7 0.0486 
HSS24 HSS5x5x3/8 A500, Gr. B 3987 11.3 81.0 448.2 0.0508 6 

HSS25 HSS5x5x3/8 A500, Gr. B 3987 11.3 66.1 448.2 0.0535 
TCBF1-1 HSS125x125x9 A500, Gr. B 3967 11.3 56.4 450.0 0.0589 

7 
TCBF1-3 HSS125x125x9 A500, Gr. B 3967 11.3 69.6 448.8 0.0488 

8 TCBF2-1 HSS5x5x3/8 A500, Gr. B 3987 11.3 64.7 431.8 0.0512 

Kavinde-1 HSS4x4x1/4 A500, Gr. B 2174 14.2 60.2 630.4 0.0550 

Kavinde-2 HSS4x4x1/4 A500, Gr. B 2174 14.2 60.2 630.4 0.0613 9 

Kavinde-4 HSS4x4x3/8 A500, Gr. B 3084 8.5 67.4 630.4 0.0692 

Yang-4 HSS6x6x3/8 A500, Gr. B 5213 14.2 39.3 483.3 0.0607 
10 

Yang-5 HSS6x6x3/8 A500, Gr. B 5213 14.2 39.3 483.3 0.0647 

11 Patxi-SCBF-1 HSS6x6x3/8 A500, Gr. B 5213 14.2 45.8 478.5 0.0617 

Broderick-S1-40H 40x40x2.5SHS S235JRH 375 13.1 35.8 741.2 0.0693 
12 

Broderick-S4-20H 20x20x2.0SHS S235JEH 144 6.7 74.4 621.3 0.0577 
Shaback-1B RHS127x127x8.0 G40.21-350W 3620 12.9 53.9 453.7 0.0477 

Shaback-2A RHS152x152x8.0 G40.21-350W 4430 16.0 53.3 457.0 0.0458 

Shaback-2B RHS152x152x9.5 G40.21-350W 5210 13.5 52.4 443.4 0.0476 

Shaback-3A* RHS127x127x6.4 G40.21-350W 2960 16.7 64.8 425.2 0.0384 
Shaback-3B RHS127x127x8.0 G40.21-350W 3620 13.6 65.8 453.7 0.0409 

Shaback-3C RHS127x127x9.5 G40.21-350W 4240 10.5 61.6 438.2 0.0397 
Shaback-4A RHS152x152x8.0 G40.21-350W 4430 15.8 63.5 457.0 0.0403 

13 

Shaback-4B RHS152x152x9.5 G40.21-350W 5210 13.6 59.7 436.7 0.0411 

14 Han-S77-28* HSS100x100x3.2 SPSR400 1239 28.3 76.9 497.5 0.0248 

Lee-1* RHS5x5x0.188 A500, Gr. B 2271 25.7 63.0 469.3 0.0320 
Lee-2* RHS5x5x0.188 A500, Gr. B 2271 25.7 34.4 464.7 0.0345 

Lee-4* RHS4x4x0.125 A500, Gr. B 1226 31.5 77.1 500.0 0.0452 
Lee-5 RHS4x4x0.250 A500, Gr. B 2316 14.2 79.0 391.9 0.0555 

Lee-6 RHS4x4x0.250 A500, Gr. B 2316 14.2 45.1 391.9 0.0698 

15 

Lee-7 RHS4x4x0.250 A500, Gr. B 2316 14.2 45.1 391.9 0.0593 

16 Tremblay-S3A
#
 RHS76x76x4.8 G40.21-350W 1310 12.8 166.7 510.1 0.0490 

 *: Width-thickness ratio do not satisfy the current AISC requirements    
 #: Slenderness ratio do not satisfy the current AISC requirements     

 

Table 1  Characteristics of the specimens and the 
corresponding maximum strain ranges 

 w/t KL/r E/Fy 

Mean 13.7 67.6 468.3 

Stan.  Dev. 3.1 13.4 48.0 

Stan. Dev./Mean 22.2% 19.8% 10.2% 

Max. Drift Range (%)  Max. Axial Drift (%)  Max. Accumulated Drift (%) 

 Entire 
history [16] 

For a given 
cycle 

 Ten. Comp.  
' !f  
[15] 

' !rain-flow ' ! 

Mean 2.3 2.0  1.3 1.0  51.2 21.9 41.9 

Stan. Dev.  0.7 0.5  0.4 0.4  33.5 11.5 21.7 

Stan. Dev./Mean 30.1% 27.4%  29.7% 44.3%  65.5% 52.4% 51.8% 

 

Table 2  Variations of Design Parameters 

Table 3  Variations of Several Characteristics at Drift Level 
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experimentally-validated nonlinear line-element modeling 
approach implemented in the OpenSees structural analysis 
software. Additional details of the model are provided 
elsewhere [1].  

Nonlinear beam-column elements with fiber sections 
are used to simulate the braces, beams and columns. This 
modeling approach assumes a linear strain distribution 
across the section. Therefore the model can simulate plastic 
hinge behavior and the out-of-plane deflection at the 
mid-span of the brace length, which contribute to the onset 
of brace fracture. However, the line-element model does not 
simulate local strain concentrations resulting from local 
deformations, such as cupping as depicted in Fig. 2d. 
Therefore, the model cannot capture the full local brace 
strain. However, it captures a significant portion of the local 
strain, and these computed strains were calibrated to brace 
fracture. Each specimen was simulated through its entire 
deformation history. For each test, the simulated strains at 
midspan of the brace were recorded until the deformation 
corresponding to reported brace fracture.  

Prior to the investigation of the magnitude of the 
strains in individual fibers, the strain demand along the 
entire brace length and the stability of the demand were 
investigated. Figure 9a shows the simulated maximum strain 
ranges through the depth of the tubular cross section at 
midspan of the brace and at two integration points away 
from midspan of the brace. The results show that the 
maximum strain demand always occurred at the plastic 
hinge associated with brace buckling at the extreme fiber on 
the compression side of the hinge, as illustrated in Fig. 10a. 
Figure 9b shows the relationship of the obtained maximum 
strain range at the critical location and the number of 
elements used to model the brace. Using 16 elements along 
the brace length results in a tolerable error (less than 1.2% in 
the example shown here), and this mesh size was used 
throughout the study. 

 
 
 
 
 
 
 
 
 
 
 
 
 
The simulated strain history for Specimen HSS24 [6] 

is used as an example to illustrate typical brace response and 
is shown in Fig. 10b. The plotted strain history is indicates 
the strain on tension and compression sides of the plastic 
hinge at midspan of the brace. The compressive strains are 
larger than the tensile strains, which agrees with the test 
observation that the crack initiation occurred at the 
compression side, see Fig. 2e, Therefore, the maximum 
strain history computed at the midspan brace for each test 

was used to evaluate the effectiveness of strain as a fracture 
indicator.  

Four different demand parameters were developed 
and evaluated using the maximum simulated strains as a 
basis, including: (1) maximum tensile strain, %t,max, (2) 
maximum compression strain, %c,max, (3) the maximum strain 
range for a given cycle, and (4) the maximum strain range 
for the entire time history, where the maximum strain range 
is the summation of the absolute values of the maximum 
tensile and the maximum compressive strains. In addition to 
the maximum values, accumulated strain was also evaluated. 
Two expressions were developed. The first calculated the 
accumulated strain using the rain-flow counting method, 
given by Eqs. 7 and 8 with values for the parameters of m 
and %0 as determined by Uriz (2005) [10]. A second 
accumulate strain model used summation of strain from 
every cycle with three exponential powers of 1, 2 and 3 
applied the strains before summation. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
For each expression, the strain or damage index values 

were computed at the measured drift corresponding to 
fracture. Table 4 presents the mean and coefficient of 
variation values for each expression for the 44 tests. Using 
the maximum strain range through entire history has the 
lowest coefficient of variation of 15.7% of all of the methods. 
The maximum strain and accumulated strain have the 
variations more than 29% and 34%, respectively. In terms of 
the accumulated damage approach using rainflow-counting 
method, the mean value of the damage index throughout the 
tests was close to 1.0, however, the results had a large 
coefficient of variation of over 50%. Therefore, the 
maximum strain range through entire history was considered 
as the best and most reliable variable for prediction of brace 
fracture. 

 
 
 
 
 
 

Figure 9 Maximum Strain Ranges as Function of (a) 
Location and (b) Number of Elements 

Figure 10 (a) Schematic of the Midspan Fiber Section in 
Brace Model; and (b) Typical Strain History of the Fibers at 

Midspan of the Brace (Specimen HSS24 shown) 

Max. Strain Range Max. Strain Accumulated Strain 

 Entire 
history 

For a 
given 
cycle 

 Ten. Comp.  '%rain-flow 'DIrain-flow '% '%2 '%3 

Mean 0.050 0.041  0.019 0.031  0.467 1.052 0.873 0.0292 0.00115 

Stan. Dev. 0.008 0.010  0.008 0.009  0.158 0.532 0.349 0.0121 0.00053 
Stan. 

Dev./Mean 15.7% 24.4%  41.4% 29.4%  33.9% 50.6% 40.0% 41.4% 46.4% 

 

Table 4  Fracture Models based on Fiber Strains 
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The simulated maximum strain range, Max.%range, simul 

is listed for each specimen in Table 1. For specimens with 
multiple braces, the maximum strain range of the first brace 
to fracture was reported. The data were used to develop an 
expression for the limiting maximum strain range. As 
discussed previously, brace fracture depends on the 
width-to-thickness ratio of the cross section (w/t), the 
slenderness ratio of the bracing member (KL/r) and the ratio 
of the elastic modulus to the yield strength of the steel (E/Fy). 
For the data set, the values of these design parameters 
combined with the estimated maximum strain range values 
to develop a maximum strain range limit, given by Eq. 10.  

 
                         (10) 

 
Figure 11 shows the comparison between the 

calculated and numerical values of the maximum strain 
ranges, Max.%range, pred..  

 
 

5.  Constitutive Model for Brace Fracture Simulation 
 
The fracture expression was implemented in the 

OpenSees framework. A new fracture material model was 
integrated with the Steel-02 constitutive material model, 
available in OpenSees and illustrated in Fig. 12a. The 
fracture model uses the maximum strain range from the 
cross section and reduces the stress in sectional fibers at the 
limiting value estimated by the Eq. 10 to simulate fracture. 
For strains beyond the fracture strain, an elastic constitutive 
model with a very small effective modulus (0.001ksi) is used 
to ensure post-fracture convergence and allow post-fracture 
simulation, as shown in the figure. 

A further limitation was placed on the fracture model 
to ensure brace fracture occurred only when the brace was in 
tension, as experimental observations indicate that initial 
fracture always occurs only when the brace resists a tensile 
force. Simulated fracture was triggered at the layer of fibers 
having largest maximum strain range on the brace. The 
model simulates fracture through the cross section followed, 
since fracture of the initial fiber will increase the strain range 

in the adjacent fibers. Therefore, the proposed fracture 
material model is capable of simulating initiation of tearing 
and fracture and as well as conducting the analysis beyond 
brace fracture.  

Figure 12b presents the relationship of the maximum 
strain range at the critical location of initial fracture versus 
the story drift range, where Specimen HSS13 [5] is used as 
an example. The model permits analysis beyond brace 
fracture as demonstrated in Fig. 12c for Specimen HSS13, 
for which testing was continued for cycles beyond complete 
brace fractured. System stability, stiffness and strength after 
brace fracture depends on secondary capacity provided by 
moment resistance developed through the braced-frame 
gusset plate connections. The model predicted the brace 
fracture at the correct story drift and accurately represented 
the post-fracture behavior. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

6. Comparisons with the Existing Fracture Models 
 
The 44 specimens of the experimental database (Table 

1) were simulated with the new fracture model and the 
proposed fracture models discussed previously. Specifically, 
the accuracy of four other existing brace fracture models was 
assessed: the accumulated axial-deformation model 
developed by Lee and Goel [15] and used by Shaback and 
Brown [13], the maximum end-rotational model developed 
by Tremblay [16] and the strain fatigue model developed by 
Uriz [11].  

Figure 13a shows the resulting values using the 
proposed fracture model and the results calculated by Lee 
and Goel’s and Shaback and Brown’s models. These models 
are based on accumulated axial deformations, Eqs. 2 and 3. 
Since a comparison requires that all of the models are 
expressed using the same demand parameter, the 
accumulated axial deformations corresponding to predicted 
fracture using the proposed fracture model was also 
calculated using Eq. 1. The simulated accumulated axial 
deformation, !f,simul., corresponding to observed braced 
fracture in the test is compared. Figure 13a shows that the 
proposed model accurately predicted the fracture life of the 
braces through a wide range of ductility, while the models 
using Eqs. 2 and 3 significantly underestimated the fracture 
life for the ductile specimens where the accumulated 
axial-deformation was larger than 40. 

The proposed fracture model was also compared with 

Figure 11 Calculated and Numerical Maximum Strain 
Ranges for All Specimens 
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the maximum end-rotation model developed by Tremblay et 
al. [16] and expressed by Eq. 6. Figure 13b shows the 
maximum end-rotations predicted by the proposed fracture 
model and the Tremblay model in comparison with the end 
rotations corresponding to observed brace fracture for the 
experimental results, $f,test. The maximum end-rotations for 
the proposed model and the test results were estimated using 
Eqs. 4 and 5 and the measured ductility of the experiments. 
The results show that the proposed model is more accurate. 
The maximum end-rotational type model [16] 
underestimated the accumulated axial deformation at brace 
fracture for the specimens for which the end-rotation 
exceeded 0.25 radians.  

 
 
 
 
 
 
 
 
 
 
 

 
The proposed model was also compared with the 

strain fatigue model developed by Uriz (2005) [11]. The 
predicted axial drift range was compared with the measured 
axial drift range, as shown in Fig. 13c. In the figure, !range,pred. 
is the maximum axial drift range predicted by the models, 
and !range,test is that from the test results. The Uriz model 
results were calculated using an available fatigue material 
model in OpenSees framework developed by the researcher, 
using parameters values of -0.5 and 0.091 for m and "o 

respectively [11]. The comparison shows that the proposed 
model provides an improved prediction of brace fracture. 
The fatigue model had larger variation and the deformability 
for the majority of the specimens. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figures 14a, 14b and 14c show the accuracy of the 

proposed model as a function of the slenderness ratio, 

width-thickness ratio and yield strength of the brace, 
respectively. Because some of the experimental specimens 
do not fall within the design specification, the limiting 
values of the AISC requirements are also shown. For each 
point, the ordinate is the ratio of the simulated maximum 
story drifts range prior the brace fracture relative to the 
experimental values and the abscissa is the value of the 
design parameter for a test specimen. 

Figure 14b shows the model accuracy relative to the 
w/t ratio and indicates that the accuracy is reduced for 
width-to-thickness ratios exceeding 25. However, many of 
these specimens had properties that do not meet the AISC 
seismic design requirements [27]. Considering only the 
specimens that satisfy the AISC requirements, the proposed 
fracture in the study had highly accurate prediction of brace 
fractures, while other three type models in general 
underestimated the onset of brace fracture. 

 
 

7.  CONCLUSIONS 
 
Brace fracture is the primary and desired failure mode 

of SCBF systems. Therefore a full nonlinear analysis of an 
SCBF building must include an accurate fracture model. 
Development of this type of model for implementation in a 
nonlinear line-element modeling environment was the 
primary objective of this study. The model was developed to 
simulate the behavior of a brace frame prior to and beyond 
fracture as observed in laboratory testing. The analysis is 
based upon the large local strains in the middle of the brace 
resulting from out-of-plane movement of the brace and 
eventual tearing under tensile loading. The brace is modeled 
using a beam column element with discretized fiber cross 
sections at the integration points. The maximum strain range 
in the extreme fiber was used to predict the onset of brace 
fracture. The model was validated using 44 experimental 
research results, which had a wide range of brace parameters 
and system configurations and resulted in brace fracture. The 
fracture limit included the impact of the brace parameters 
influencing the onset of fracture, including slenderness ratio, 
yield strength, and w/t ratio. Comparison with prior fracture 
models indicates that the proposed model offers improved 
accuracy over a wide range of parameters with sufficient 
simplicity to permit implementation in practical nonlinear 
structural analysis. The fracture model was implemented in 
the OpenSees framework to permit simulation of SCBF 
systems.  
The conclusions of the study follow. 
! The maximum strain range was found to be the best 

indicator of brace fracture and was used to estimate the 
fracture life of the braces. A regression equation which 
had three dependent variables based on the geometric and 
material properties of the brace tubes, was used to 
estimate the limiting maximum strain range 
corresponding to brace fracture observed in past tests. 

! A new fracture material model was implemented in the 
OpenSees framework based on the results of the study. 
The maximum strain range limit calculated by the 

Figure 14 Accuracy of Proposed as a Function of (a) 
Slenderness Ratios, (b) Width-thickness Ratios and (c) Yield 

Strength 

Figure 13 Comparison of the Proposed and (a) the 
Accumulated Axial-deformation, (b) the Maximum 
End-rotational, and (c) the Strain Fatigue Models 
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proposed equation was used to trigger the fracture 
behavior in the analysis. The proposed fracture model, 
based on maximum strain range, enabled prediction of 
brace fracture over a great number of experimental 
specimens.   

! Other existing fracture models, based on accumulated 
axial drift, end-rotation of the braces and the accumulated 
strain deformation, were evaluated. In general, these 
models underestimated the fracture life of the brace and 
were not as accurate as the proposed model. 

! The improved model with the fracture material model 
provided accurate simulations of not only buckling 
capacity, tensile yielding and post-buckling behavior of 
the braced frames, but also the fracture and post-fracture 
behavior of the frames. It is useful for both evaluating 
seismic demand and capacity of SCBF structures in 
research and for performance based seismic design in 
structural engineering practice.  
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(a) Welded connection (b) Tee stub connection 

Figure 1. Conventional beam-to-column connections 

 
Figure 2. Web-clamped type connection 
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Abstract:  A new type of beam-to-column connection, named the “web-clamped connection” has been proposed by 
the authors as an alternative to conventional welded connections. This connection utilizes prefabricated attachments, 
which connect the beam flange and column web through slits opened on the column flange. In the structural design, the 
web-clamped connection is designed so that the ultimate state is characterized by the fracture of the attachment or panel 
zone shear failure. In this paper, experimental results of two tests are presented. One is the result of pushover tests of 
full scale beam-to-column specimens in a T-configuration, where the fracture of the attachment occurred. The other is 
the result of the cyclic loading test of full scale beam-to-column specimens in a X-configuration, where panel zone 
shear failure occurred. Results of the pushover test show that the web-clamped connection has higher post yielding 
stiffness but smaller ductility factor than the conventional welded connection. When the web-clamped type connection 
is designed that the fracture of the attachment occurs, it is noted that the plastic deformation capacity of the attachment 
is relatively small. And results of the cyclic loading test show that the yield strength and the initial stiffness of the 
web-clamped connection are comparable to those of the conventional welded connection.  
 
 
1. INTRODUCTION 
 

Conventional welded beam-to-column connections as 
shown in Figure 1(a) are a simple way to construct rigid 
connections. However, welding requires a certain amount 
of skill to insure sufficient seismic performance. Any lack 
may result in poor performance due to excessive heat 
input and welding defects.  

On the other hand, high strength bolted beam-to-column 
connections, such as the Tee-stub connection shown in 
Figure 1(b), provide easier construction and more reliable 
performance due to their high workability. However, they 
have a much smaller stiffness compared to welded 
connections and are regarded as partially restrained 
connections (AIJ. 2001). In designs which use such 
connections, the flexibility of the connection should be 
considered in the analysis, making the overall design 
procedure more complex compared to fully restrained 
connections 

The authors propose a new beam-to-column connection, 
named the “web-clamped” connection, which has 
stiffness comparable to conventional welded connections 
and high workability comparable to conventional high 
strength bolted connections. 

 An overview of the new connection is shown in Figure 
2. In this connection, the beam flange is connected 
directly to the column web, using a prefabricated 
attachment set through two slits opened on the column 
flange. To compensate for the reduction in the column 

flange's cross sectional area by the opening of these slits, 
slit plates are welded to the columns flange for 
reinforcement in these locations. The factory welded 
attachment consists of “wing plates”, which are bolted to 
the column web, and the “base plate”, bolted to the beam 
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Figure 3. Two types of attachments for the 
web-clamped connection 

 

Figure 4. Shapes of attachments for 
       web-clamped connections 

 

Figure 5. Loading setup of the pushover test 

flange. The attachment, the column web, and the beam 
flange are connected by super high strength bolts, which 
allow easy on-site assembly without welding. 

In this paper, the performance of web-clamped 
connection is experimentally investigated by two sets of 
experiments. One is the fullscale pushover test of the 
web-clamped type connections in a T-configration which 
fail by the fracture of attachments, in order to investigate 
if the ultimate strength of the connection can be properly 
estimated. The other is the full scale cyclic loading test of 
both web-clamped and conventional welded type 
connections in a X-configration which both fail by panel 
zone shear failure, which clarifies the effect of the unique 
configration of this new connection on the behavior of the 
panel zone clamped by the attachments. 
 
 

2. ATTACHMENTS OF THE WEB-CLAMPED 
CONNECTION  

The two types of attachments shown in Figure 3 are 
proposed for the web-clamped type connection, the 
“monolithic” type and the “separated” type attachment. 
The monolithic type attachment is made of two wing 
plates and one base plate, connected by partial penetrated 
welding in factory. The separated type attachment is 
constructed by literally splitting the monolithic type 
attachment in half along its length, so that one now has 
two pieces where each piece consists of one wing plate 
and a base plate. The separated type attachment can 
improve the workability of the attachment in constructing 
the beam-to-column connection since its weight is half of 
that of the monolithic type. Moreover, the critical section, 
which has the minimal cross sectional area subjected to 
tensile and compressive stresses, is also noted in this 
figure. 

Figure 4 shows the shapes of the attachments for 
web-clamped connections.  In addition to the critical 
section, the section, at which the fracture of the 
attachment of the web-clamped specimen was observed in 
the pushover test explained later, is also noted in this 
figure. 
 
 
3. THE PUSHOVER TEST 
 
3.1 Test setup 
 Pushover tests with specimens of both the monolithic 
type attachment and the separated type attachment were 
conducted. 

 Figure 5 shows the loading setup of the pushover test. 
The specimen is designed so that only plastification of the 
attachment occurs and both the beam and the column 
remain elastic throughout the test so that the ultimate state 
is characterized by the attachment fracture. Displacement 
transducers are placed to measure the total 
deformation TP , which includes the deformation of the 
beam, the column, and the attachment 
 

3.2 Test result 
Figure 6(a) shows the load-total displacement ( TP ) 

curve of the specimen using monolithic type attachments 
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Figure 6. Load-total deformation curve of the 
pushover test 

 

Figure 7. Comparison of the post-yielding 
performance of the web-clamp connection with the 
pushover test of the H-shaped steel cantilever beam 

and Figure 6(b) shows the load-total displacement ( TP ) 
of the specimen using separated type attachments. The 
x-axis and y-axis represent the load and the total 
deformation, respectively. The estimated load, at which 
the total cross sectional area of the critical section reaches 
its tensile strength, is also shown in Figure 6. 
 As shown in this figure, the initial stiffness, the yielding 
strength, the post-yielding stiffness, and the maximum 
strength of the specimen using monolithic type 
attachments are identical to those of the specimen using 
separated type attachments. The maximum strength of 
both specimens are higher than the estimated maximum 
load. The reason has not been clarified yet, however, one 
possible reason is that the fillet weld metal at the welded 
side of the section may contribute to increase the strength, 
which is not considered on calculating the estimated 
maximum strength. As another possible reason, there may 
be some possibility that the high triaxiality around the 
edge of the critical section might increase the material 
strength.  
 
3.3 Discussion 
 Figure.7 shows the comparison of the load – total 
deformation ( TP ) curve of both web-clamped 
specimens with the result of the pushover test of the 
H-shaped steel cantilever beam (Iyama et al.,1997). The 
x- axis represents the total displacement TP  normalized 
by the yield displacement of each specimen. And the 
y-axis represents the load normalized by the yield 
strength of each specimen. For the web-clamped type 
specimens, bolt slip deformations are removed from the 
total displacement. 
 The post-yielding stiffness of both web-clamped type 
specimen are about two times that of the H-shaped steel 
cantilever beam, but the ductility factor of the 
web-clamped type specimens are much smaller. This may 
be because the plastic deformation of the web-clamped 
connection is concentrated in the small region around the 
critical section, while the conventional welded connection 
can have large yielding region at the beam end.  
 
 
4. THE CYCLIC LOADING TEST 
 
4.1 Test setup and loading protocol 

The two full scale specimens tested are shown in Figure 
8. One is the proposed web-clamped type and the other is 
a conventional welded type. 

The panel zone is designed to be weaker than the beam, 
column and attachments so that the panel zone shear 
failure dominates the overall strength of the specimen. 
However, in order to prevent a too early panel zone 
failure, a 6mm-thick doubler plate is fillet-welded to the 
panel zone in both specimens. 

In the cyclic loading test, only the monolithic type 
attachment was used because the experimental results of 
the pushover test revealed that wing plates and the base 
plate were so thick that there was no remarkable 

difference between the monolithic type attachment and 
the separated type attachment. 

Figure 9 shows the loading setup of the cyclic loading 
test. The specimen is placed so that the column lies 
horizontal. Both ends of the column are pin-roller 
supported, and both ends of the beam are connected to 
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Figure 8. Full scale test specimens 

 

 
Figure 9. Loading setup of 

the cyclic loading test 
Figure 10.Measured 

deformations 
 

 
Figure.11 Loading protocol 

Figure.12. Load-total deformation curve of the 
cyclic loading test 

 

Figure 13. Comparison of panel zone shear 
 deformations 

actuators with a maximum load capacity of 1000kN. 
Displacement transducers shown in Figure 10 are placed 

to measure the total deformation of the cyclic loading 
test TC , which includes the deformation of the beam, 
the column and the attachment. The panel shear 
deformation PC  is also measured. 

Figure 11 shows the loading protocol. The test is 
displacement controlled by the total deformation. The 
phenomena observed during the test are also noted in this 
figure. 
 
4.2 Test result 

Figure 12 shows the load-total displacement ( TC ) 
curve of both the web-clamped type specimen and the 
conventional welded type specimen. The x-axis and 
y-axis represent the load and the total deformation, 
respectively. At the top of each graph, the initial stiffness, 
K, obtained from the experimental curve is noted. 

As shown in Figure 12(a) and (b), the initial stiffness of 
the web-clamped type connection was 56kN/mm, which 
is approximately 1.3 times that of the conventional 
welded type specimen. The post-yielding stiffness was 
also higher and both the panel-yielding strength and 
maximum strength were about 1.2 times those of the 
conventional welded type. 
 Figure 13 shows the load-panel zone shear deformation 
( PC ) curves. From this figure, it is observed that the 
stiffness of the panel zone of the web-clamped type is 
much higher than the conventional welded type. 
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Figure 14. Force transmission model of the 
web-clamped connection 

 
Table1. Forces estimated by the force 

transmission model at P=200kN 
 Web-clamped Conventional Ratio 

p 94.7 kN --- --- 
m' 1.80kNm --- --- 
F 459 kN 585 kN 1.27 
Q 723 kN 977kN 1.35 

4.3 Discussion 
Although the shape and the thickness of the panel zones 

are the same, measured panel displacements of the 
web-clamped type specimen are smaller than those of the 
conventional welded type specimen. This may imply that 
the shear force acting on the panel zone of the 
web-clamped type is smaller than the conventional 
welded type. some forces which panel zone should be 
applied are applied in attachments. 

A simple force transmission model of the web-clamped 
connection has previously been proposed by the authors 
(Iyama et al.,2012). Figure 14 shows the forces 
interacting between the beam and the attachment and 
between the attachment and the panel zone. In this model, 
The concentrated load acting at the edge of the base plate 
p , the bending moment of the wing plate 'm , the axial 

force of the attachment F  and the shear force acting on 
the panel zone Q  are obtained when the load at the 
edge of the beam P  is given.  

Table 1 shows the forces calculated according to this 
force transmission model at P=200kN, a load at which all 
members still behave elastically. One observes that the 
shear force applied to the panel zone, Q, of the 
conventional welded type specimen is 1.35 times that of 
the web-clamped type specimen. Thus the force 
transmission model is capable of explaining the 
experimental result that the panel yielding strength of the 
web-clamped type specimen is 1.2 times higher than that 
of the conventional welded specimen. 

The simple force transmission model of the 
web-clamped connection shows that some of the axial 
force from the beam flange is directly transmitted through 
the wing plates of the attachment into the column as a 
bending moment, decreasing the shear force acting on the 
panel zone from the beam. 
 
5. CONCLUSION 
 The unique aspects of the web-clamped type 
beam-to-column connection are that the special 
attachment directly grips the column web (i.e. the panel 
zone) and that the performance of the connection is 
significantly dependent on that of the attachment itself. In 
this paper, the ultimate behavior of web-clamped 
connection experimentally investigated focusing on the 
behavior of the panel zone and the attachment. 
 It was shown that, when the ultimate state of the 
web-clamped connection is characterized by panel zone 
shear failure, the yield strength and the initial stiffness of 
the web-clamped connection are higher than those of 
conventional welded connection. This behavior can be 
explained by a simple force transmission model of the 
web-clamped connection Therefore, the performance of 
web-clamped connections is comparable to that of 
conventional welded connections. 

 By the pushover test in a T-configuration, it was 
shown that the ultimate maximum strength of the 
connection when the attachments fractures can be 
estimated on the safe side by a simple calculation. 

Compared to the conventional welded connections, the 
web-clamped type connection have higher post-yielding 
stiffness and low plastic deformation capacity, because 
the yielding region of the attachment is relatively small. 
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Abstract:  Free standing steel structures, whose columns bases are not fixed, contribute to decrease the damage of the 
buildings under large earthquakes. It is preferable to realize this system by steel and mortar, which are widely used in 
construction. The static friction coefficient of the two materials (0.8) is not appropriate because the coefficient is too high 
for buildings. Application of graphite to the surface of steel and mortar is a good choice to decrease the coefficient. 
Shaking table tests conducted by putting the structure on mortar bases with graphite showed that graphite decrease the 
static would friction coefficient to 0.2.  

 
1.  INTRODUCTION 

Under large earthquakes, the first floor columns tend to 
sustain severe damage, which may trigger collapse in the 
first floor. On the other hand, many pointed out that 
deformation of lower parts of structures such as base or 
column base contributed to mitigate the seismic damage 
under large earthquakes (Hayashi Y. et al., 1996, 
Kabeyazawa T. et al., 2008, Midorikawa M. et al., 2009). 
From this consideration, a free standing structure whose first 
floor columns are not anchored to the bases may be effective 
to mitigate the damage. Steel and mortar are preferable for 
the interface of this system, because they are widely used in 

construction. Experimental results on friction of steel and 
mortar reported that the friction coefficient is about 0.7 
(McCormick J. et al. 2009). We showed that the free 
standing structure with interface of steel-mortar works only 
for very large ground motion whose velocity reaches more 
than 1.0 m/s.  

To make this system more practical, the friction 
coefficient has to be smaller. For this purpose, application of 
graphite to the surface of steel and mortar is a good choice 
because the graphite is well known as lubricant. This paper 
reports the shaking table test that examined the friction 
between steel-mortar with and without graphite. 
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Fig.4 Test Results of Rigid Specimen
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Fig.5 Test Results of Flexible Specimen

(a) Time - Drift 

(b) Drift – Friction Coeff. 

(c) Sliding Velocity – Friction Coeff. 

 
2.  SHAKING TABLE TESTS 

We conducted shaking table tests on friction between 
steel-mortar and graphite. The shaking table at Kyoto 
University is adopted for the tests.  

 
2.1 SPECIMENS 

The specimen has two steel frames and rubber bearings in 
between the frames as shown in Fig. 1. The upper steel 
frame and rubber bearings represent a superstructure of the 
free standing structure and the lower steel frame represents 
the sliding base. The weight of the upper steel frame is 
3350kg and that of the lower one is 1260kg. The total weight 
of the specimen is 4,600kg, and the plan is 2.5m×2.5m with 
the height of 0.8m. To consider the influences from the 
supper structure to the sliding behavior or the friction 
coefficient, two types of specimen are prepared. One 
specimen, defined as the rigid specimen, has an H shaped 
beam for the layer of the rubber bearings and the flexible 
specimen does not have the beam. Fig 2 shows a picture of 
specimen. The specimen is directly placed on the mortar 
bases. The natural frequency of the rigid specimen and the 
flexible specimen are 12.0Hz and 3.0 Hz by the system 
identification using random wave. 

The specimen is supported by four steel boxes and they 
become the surface of sliding when it moves. The contact 
surface of each steel box and base mortar is 75mm×75mm 
and the contact pressure is 2.0 N/mm2. Fig. 3 (a) shows the 
base mortar and Fig. 3(b) shows the base mortar with 
graphite. We scattered 3kg of graphite to each of the four 
base mortars. This corresponds to 0.07% of the specimen’s 
weight. 
 

3. TEST RESULTS WITHOUT GRPHITE 
A series of shaking table tests were conducted and major 

test results are shown below. The friction coefficient shown 
in the results was calculated by the shear force from 
accelerometers and the total weight. 
 
3.1 RIGID SPECIMEN 

A shaking table test was conducted by 1 Hz sinusoidal 
wave whose amplitude is 11.5 m/s2. In Fig. 4(a), the 
specimen begins moving at 0.5s and residual displacement 
reaches 0.18m. The shape of the time history is similar with 
the sinusoidal wave used as input, which implies the 
smoothness of the movement. 

Fig. 4(b) shows the relation between friction coefficient 
and sliding displacement. Although kinematic friction is 
often considered to be constant, the friction in the figure 
decreases drastically once it moves. 

Fig. 4(c) shows the relation between sliding velocity and 
friction coefficient. The maximum static friction coefficient 
between steel and mortar is 0.8. The kinematic friction 
gradually decreases as the sliding velocity is made larger, 
and it is reduced to about 0.3 when the velocity is 1m/s. The 
friction follows the same path for the both the increase or 
decrease. 
 
3.2 FLEXIBLE SPECIMEN 

The shaking table test for the flexible specimen was 
conducted by 1 Hz sinusoidal wave whose amplitude is 8.5 
m/s2. The specimen moved at around 2 s in Fig. 5(a). The 
shape of the time history is not as smooth as that of the rigid 
specimen in Fig. 4(a) and stick and slip occurs. Much 
research reveals that stick-slip phenomenon is caused by the 
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Fig.6 Test Results of Rigid Specimen

(a) Time - Drift 

(b) Drift – Friction Coeff. 

(c) Sliding Velocity – Friction Coeff. 

Fig.7 Test Results of Flexible Specimen 

0 2 4 6 8 10-0.6

-0.4

-0.2

0

0.2

D
rif

t [
m

]

time [s]
 

 

-0.6 -0.4 -0.2 0 0.2-0.3
-0.2
-0.1

0
0.1
0.2
0.3

Fr
ic

tio
n 

C
oe

ff.

Drift [m]
 

 
(a) Time - Drift 
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(c) Sliding Velocity – Friction Coeff. 

flexibility of sliding objects (Antoniou S.S. et al. 1976, 
Banerjee A.K., 1968, Van de Velde F. et al. 1997). In 
addition, the kinematic friction is also influenced by 
stick-slip phenomenon and the relation of sliding velocity 
and friction coefficient becomes like a clockwise loop. The 
hysteresis of Fig. 5(c) differs from that of Fig. 4(c). These 
characteristic suggest that the stick-slip phenomenon 
occurred at the flexible specimen.  

 
4. TEST RESULTS WITH GRPHITE 

Through the shaking table tests for friction of steel-mortar, 
we learned that the maximum static friction coefficient is 
around 0.8 and the kinematic friction coefficient gradually 
decreases to 0.3 and stick-slip phenomenon occurred 
depending on the structure. The maximum static friction 
coefficient is too large for a normal structure designed 
conventional methods. Therefore, application of graphite to 
the interface is considered to reduce the friction coefficient 
of steel-mortar. 

Graphite is well known as lubricant in mechanics and it is 
materially stable, high pressure resistant and inexpensive. 
We investigate the performance of graphite lubrication by 
using the base mortar with graphite shown in Fig. 3 (b) for 
shaking table tests. 

 
4.1 RIGID SPECIMEN 

 A shaking table test for the rigid specimen was 
conducted by 1 Hz sinusoidal wave whose amplitude is 6.8 
m/s2. In Fig. 6(a) the specimen slides smoothly because the 
shape of the time history is the same as the sinusoidal input. 
Fig. 6(b) shows the hysteresis of friction coefficient and 
sliding displacement. The maximum static friction 

coefficient is 0.2 and this is one fourth of the friction 
coefficient of steel-mortar. The kinematic friction coefficient 
does not change as much as that of steel-mortar. It can be 
expressed by one value (e.g. 0.15). Fig.6 (c) shows the 
relation of friction coefficient and sliding velocity. The 
friction coefficient sharply decreases to 0.15 from 0.2 after 
its movement and the coefficient keeps a constant value at 
the range of over 0.2 m/s.  

 
4.2 FLEXIBLE SPECIMEN 

The shaking table test for the flexible specimen was 
conducted by 1 Hz sinusoidal wave whose amplitude is 5.5 
m/s2.The graphite contributed to make the sliding behavior 
smooth even for the flexible specimen, because the shape of 
time history in Fig. 7(a) is the same as the input sinusoidal 
wave. The Fig. 7(b) and Fig. 7(c) show the similar results 
with the Fig. 6(b) and Fig. 6(c) respectively. These results 
lead to a conclusion that graphite decreases the friction 
coefficient to 0.2 and this contribute to prevent occurrence of 
stick-slip phenomenon. 
 
5. TEST RESULTS WITH GRPHITE UNDER 
GROUND MOTION 

The test results of two specimens with graphite 
lubrication are presented. For these tests, 1Hz sinusoidal 
wave are adopted to examine the basic characteristics of the 
friction.  

The recorded ground motion JMA Kobe at Kobe 
earthquake is adopted as input for the flexible specimen and 
the obtained result are shown in Fig.8. In Fig.8 (a), the 
specimen moved largely at the first and second shaking. The 
displacement was increasing gradually after the large 
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Fig.8 Test Results of Flexible Specimen 
under JMA Kobe 

(a) Time - Drift 

(b) Drift – Friction 

(c) Sliding Vel. – Friction 

movement and the residual displacement became 0.45m. 
Graphite greatly contributes to decrease the friction 
coefficient, but it simultaneously causes the sliding 
displacement larger. 

From Fig. 8(b) and 7(c), the friction obtained by 
sinusoidal wave and the ground motion are similar. The 
friction obtained by sinusoidal wave can be used for free 
standing structures under ground motions. 

 
6. CONCLUSION AND FUTURE WORK 

We conducted a series of shaking table tests to study the 
friction of steel-mortar and performance of graphite 
lubrication. The conclusions obtained through these tests are 
shown as below. 
 
1) The maximum static friction of steel-mortar is 0.8. 

The kinematic friction gradually decreases and 
becomes 0.3 at 1m/s. 

2) For the interface of steel-mortar, stick-slip is induced, 
because of the flexibility of the superstructure. 
Stick-slip changes the sliding behavior and the 
kinematic friction. 

3) The maximum static friction coefficient of 
steel-mortar with graphite is 0.2. As for the kinematic 
friction coefficient, it suddenly decreases to 0.15 from 
0.2 after the movement, and it keeps the value while 
sliding. 

4) Graphite contributes to prevent the stick slip 
phenomenon. 

5) A free standing structure on the interface of 
steel-mortar with graphite mitigates the seismic 
damages, but simultaneously the sliding displacement 

of the structures increase. 
 
Graphite decrease the friction coefficient of steel-mortar 

to 0.2, but the sliding displacement becomes large. Therefore 
a method to keep the functionality of mitigation by sliding, 
but restrain the sliding displacement in some range is 
required for a future work. 
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Abstract:Piping system components were recognized as having many safety factors about design standard. However the 
plastic behavior of piping system is not well understood. Hence in this study, the ultimate goal is to test the seismic 
ultimate strength of nuclear power plant piping system. 2-inch and 3-inch stainless steel pipes were used in static loading 
test. The wall thinning and crack 0%, 35%, 75% given 60 degree circular arc length from the center of pipe and the 
internal pressure 20 MPa generated in the nuclear power plant was introduced. The monotonic and cyclic loading test of 
the cantilever and elbow specimens was conducted to examine the effect about the defect of wall thinning and crack at 
ultimate strength. In the test result, the ovalization was generated at the bend of the elbow specimens and the leakage 
occurred at cantilever specimens introduced 35%, 75% cracks by monotonic loading. The leakage occurred at the intrados 
or welding point of elbow specimens and occurred at cantilever specimens introduced the cracks by the cyclic loading. 
The results of this study were used as a basis for plastic behavior of piping system. The vibration test was implemented 
and test results are being analyzed. 

 
 
1.  INTRODUCTION 
 

Nuclear power plant piping systems are complex, so 
they are composed of the straight, elbow and reducer 
elements to facilitate the production and installation in the 
field. In these piping components the wall thinning, crack 
and weld defects due to corrosion and erosion, have been 
reported based on experimental andtheoretical findings. 
However, most existing studies are limited to carbon steel, 
and the study for stainless steel is small.In this study, 
experiments were conducted to make sure that any impact 
about the degree of cracking and wall thinning in 2 and 3 
inch TP 316 SCH. 160 stainless steel meets the terms of 
nuclear installations.  
 
 
2. Material and Experimental method 
 
2.1 Specimen production 
 

Pipes of 2 inch diameter and 8.74 mm thickness and 3 
inch diameter and 11.13 mm thickness were prepared as 
shown in the Fig 1and 2. In this study, cracking and wall 
thinning types of damage in pipes were considered.In 
general, there is no problem as long as, the crack occurs in 
the welds and wall thinning occurs, where there is a change 
in the cross-section. In this study, the defects were artificially 

introduced as shown in Fig 3 and 4. Since most of the pipe 
specimens are competitively thick, and the smallest pipe 
diameter is 2 inch, it is difficult to describe thedefect using 
the electrical radiation equipment and power tools when 
production is completed. Therefore defects were introduced 
at the weld junction before welding. At the weld zone the 
cracks(0%, 35%, 75%) were introduced by controlling the 
degree of weld penetration and the wall thinning(0%, 35%, 
75%) were introduced by joining the flange after processing 
from the center of the defective parts using the NC machine. 
The 35% defect should have the sufficient safety factor 
according to the limit value established in ASME Section 
Ⅺ. Types of specimens for the defective factor and the 
standards of test specimens applied in this study are shown 
in Table1. 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 1. Elbow specimen 
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Specimen shape and 
 Loading condition 

Pipe 
diameter 

Erode 
Ratio 
(a/t) 

Initial
C

(degree)

straight and elbow 
(monotonic and cyclic) 

2in and 3in 

0 

0.35 
0.75 
0.35 

0.75 

 
2.2 Experimental methods 
 

Monotonic and cyclic load tests were implemented by 
UTM machine. The monotonic load test was conducted in 
down displacement control at 5mm/min speed as shown in 
the Fig 5. The cyclic load test was controlled by 
tension and compression at 0.67 cycle/min having 
displacement corresponding to which is 90% of maximum 
load from the monotonic load test as shown in Fig 6.
test was terminated if the number of cycles reach
maximum 180 times. The 20 MPa internal pressure was 
applied to the test specimens. Strain gages were installed in 
intrados and extrados of elbow, and load and displacement 
were obtained using UTM machine. 

Table 1. Specimen shape and Kind of defect

Figure 2. Straight specimen

Figure 3. Section shape of cracking region

Figure 4. Section shape of wall thinning region
 
 
 
 

Initial 
Crack 

(degree) 

Wall 
Thinning 
(degree) 

0 0 

60 0 

0 60 

Monotonic and cyclic load tests were implemented by 
UTM machine. The monotonic load test was conducted in 
down displacement control at 5mm/min speed as shown in 

. The cyclic load test was controlled by repeated 
tension and compression at 0.67 cycle/min having 
displacement corresponding to which is 90% of maximum 

as shown in Fig 6. The 
test was terminated if the number of cycles reached up to a 

Pa internal pressure was 
applied to the test specimens. Strain gages were installed in 
intrados and extrados of elbow, and load and displacement 

 
 
 
 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3. Experimental results and analysis
 

The initial bending stiffness of elbow specimens was 
the same regardless of the kind of defects and the extent of 
the damage in monotonic load test results. As for the failure 
aspect, because ovalization was generated at turning point by 
plastic deformation, the initial crack is less impact on the 
maximum load. Also in the straight specimens, the initial 
bending stiffness was the same regardless of the kind of 
defects and the extent of the damage in monotonic load test 
results. An 2 inch straight specimen i
crack fractured at initial crack point, so the leakage was 
generated. But other specimens did not fracture. Maximum 
load decreased in 0~2.96% at elbow specimens introduced 
cracking and 0.88~6.79% at elbow specimens introduced 
wall thinning with reference specimen. But maximum load 
increased in 10.95% at 2 inch elbow specimen introduced 
35% cracking. This result arisen from an experimental error. 
Maximum load decreased in 8.66~17.02% at straight 
specimens introduced cracking and 3.73%~7
specimens introduced wall thinning compared with 
reference specimen. In cyclic load test result of elbow 
specimens, reference and 35% cracking specimens of 3 inch 
elbow didn't fracture, and the leakage were generated by 
progressing cracking at the initial cracking point specimens 

Specimen shape and Kind of defect 

Figure 6. Experiment view of elbow and straight specimen

Figure 5. Experiment view of elbow and straight specimen

specimen 

Section shape of cracking region 

igure 4. Section shape of wall thinning region 

Experimental results and analysis 

The initial bending stiffness of elbow specimens was 
the same regardless of the kind of defects and the extent of 
the damage in monotonic load test results. As for the failure 
aspect, because ovalization was generated at turning point by 

n, the initial crack is less impact on the 
maximum load. Also in the straight specimens, the initial 
bending stiffness was the same regardless of the kind of 
defects and the extent of the damage in monotonic load test 
results. An 2 inch straight specimen introduced the initial 
crack fractured at initial crack point, so the leakage was 
generated. But other specimens did not fracture. Maximum 
load decreased in 0~2.96% at elbow specimens introduced 
cracking and 0.88~6.79% at elbow specimens introduced 

nning with reference specimen. But maximum load 
increased in 10.95% at 2 inch elbow specimen introduced 
35% cracking. This result arisen from an experimental error. 
Maximum load decreased in 8.66~17.02% at straight 
specimens introduced cracking and 3.73%~7.52% at elbow 
specimens introduced wall thinning compared with 
reference specimen. In cyclic load test result of elbow 
specimens, reference and 35% cracking specimens of 3 inch 
elbow didn't fracture, and the leakage were generated by 

t the initial cracking point specimens 

Experiment view of elbow and straight specimen 

elbow and straight specimen 
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of having 75% cracking regardless of diameter. The crack 
was generated at weld point in other specimens and the 
energy dissipation decreased. The crack was generated at 
welding point in 2 inch and 3 inch reference spe
the straight 2 inch specimens, 35% wall thinning wa
introduced and crack was generated. In all other specimens 
excluding wall thinning crack was introduced at the initial 
crack point, regardless of diameter. Fracture did not generate 
in other wall thinning specimens. Increasing energy 
dissipation observed in the straight specimens with wall 
thinning is due to the delaying effect of weld failure by 
relaxing the strain confinement of weld zone in the vicinity 
for wall thinning of straight portion. 
results were shown in Fig 7 and 8 and in Table 
 
 
 

Specimen name 
Monotonic load

stiffness[kN/mm] maximum  
load[kN] 

E_3IN_REF 11.36 93.21 

E_3IN_C35 11.61 93.41 

E_3IN_C75 11.77 95.42 

E_3IN_W35 10.43 92.39 

E_3IN_W75 10.32 86.88 

E_2IN_REF 5.21 33.80 

E_2IN_C35 5.63 37.50 

E_2IN_C75 5.56 32.80 

E_2IN_W35 5.20 33.90 

E_2IN_W75 5.24 31.90 

C_3N_REF 10.10 114.12 

C_3IN_C35 9.85 103.03 

C_3IN_C75 10.19 94.7 

C_3IN_W35 9.66 114.47 

C_3IN_W75 10.01 109.86 

C_2IN_REF 5.18 35.92 

C_2IN_C35 4.33 31.99 

C_2IN_C75 4.57 32.81 

C_2IN_W35 4.86 33.22 

C_2IN_W75 4.12 34.34 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 2. Monotonic load test result

Figure 7. Maximum load ratio about amount 
of damage 

of having 75% cracking regardless of diameter. The crack 
was generated at weld point in other specimens and the 

sed. The crack was generated at 
welding point in 2 inch and 3 inch reference specimens. In 
the straight 2 inch specimens, 35% wall thinning was 
introduced and crack was generated. In all other specimens 
excluding wall thinning crack was introduced at the initial 
crack point, regardless of diameter. Fracture did not generate 

all thinning specimens. Increasing energy 
dissipation observed in the straight specimens with wall 
thinning is due to the delaying effect of weld failure by 
relaxing the strain confinement of weld zone in the vicinity 

 The experimental 
and in Table 2 and 3. 

Monotonic load 

Failure mode 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

Ovalization 

No failure 

No failure 

No failure 

No failure 

No failure 

No failure 

Cracking from initial crack  

Cracking from initial crack  

No failure 

No failure 

 
 
 

Specimen name 
Energy[kN/mm] 

E_3IN_REF 3.35E+05 

E_3IN_C35 2.32E+05 

E_3IN_C75 5.77E+04 

E_3IN_W35 4.29E+05 

E_3IN_W75 3.75E+05 

E_2IN_REF 1.19E+05 

E_2IN_C35 9.68E+04 

E_2IN_C75 2.31E+04 

E_2IN_W35 1.14E+05 

E_2IN_W75 9.30E+04 

C_3N_REF 2.92E+05 

C_3IN_C35 1.82E+04 

C_3IN_C75 2.45E+03 

C_3IN_W35 4.23E+05 

C_3IN_W75 2.90E+05 

C_2IN_REF 1.06E+05 

C_2IN_C35 9.88E+03 

C_2IN_C75 2.76E+03 

C_2IN_W35 8.60E+04 

C_2IN_W75 1.25E+05 

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

The failure shape of piping system obtained from this 
test result is made up four kinds of no failure, ovalization, 
cracking at intrados, and cracking from initial crack.

The failure shape of piping system is listed in Figure 
 
 
 
 
 
 

2. Monotonic load test result 

Table 3. Cyclic load test 

7. Maximum load ratio about amount  

Figure 8. Energy dissipation ratio about amount
of damage

cyclic load 

 Failure mode 

No failure 

No failure 

Cracking from initial crack 

Cracking at intrados 

Cracking at intrados 

Cracking at intrados 

Cracking at intrados 

Cracking from initial crack 

Cracking at intrados 

Cracking at intrados 

Crack at weld joint 

Cracking from initial crack 

Cracking from initial crack 

No failure 

No failure 

Crack at weld joint  

Cracking from initial crack 

Cracking from initial crack 

Crack at weld joint  

No failure 

The failure shape of piping system obtained from this 
is made up four kinds of no failure, ovalization, 

cracking at intrados, and cracking from initial crack. 
The failure shape of piping system is listed in Figure 9. 

  

3. Cyclic load test result 

8. Energy dissipation ratio about amount 
of damage 
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4. ASME CODE 

 
The current standard ASME Sec.Ⅺ App.H for the 

defect evaluation of working nuclear power plants is applied. 
The minimum required wall thickness of the design code in 
most cases can be applied. the design method is defined in 
Section Ⅲ, Division Ⅰ, Subsection NB, NC, ND. 

Pipe ASME CLASS 1 SA-312 GRADE TP 316 used in 
this test is applicable in NB list. 

The material property for SA-312 TP 316 is listed in 
Table 4. 
 

     

Main component 
Min. Tensile 

Strength 
[MPa] 

Min. Yield  
Strength 
[MPa] 

Modulus of 
elasticity 
[MPa] 

16Cr-12Ni-2Mo 515 205 200000 

 
4.1 Minimum required wall thickness standard 
 

The minimum required wall thickness  of the 
pipe is evaluated as 2 step in ASME design code and  
by the equation 1 is calculated. If  determined from 
the Equation 1 satisfy ASME Sec.Ⅲ stress standard, it is 
determined as the minimum required wall thickness. 
 

                           (1) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
The maximum allowable internal pressure is 

determined from the Equation 2. 
 

                               (2) 

 
The minimum required wall thickness and maximum 

allowable internal pressure calculated by the equation 1 and 
2 is listed in Table 5. The reference specimens and 
specimens introduced by 35% defect satisfy ASME CODE 
standard but the specimens introduced by 75% defect don't 
satisfy the standard. 
 

      

 

Pipe size / 
thickness 

test internal 
pressure(P) 

[MPa] 

the minimum 
required wall 

thickness 
[mm] 

the maximum 
allowable internal 

pressure 
[MPa] 

2in 
8.740 

20 4.13 
45.25 

5.681 28.12 
2.185 10.30 

3in 
11.130 

20 6.09 
38.40 

7.235 24.02 
2.783 8.86 

            

(a) Cracking generated in weld region 
 

(b) Ovalization generated in elbow specimens (c) Cracking generated in internal region 

(d) No failure 

Figure 9. Failure shape of specimens 

Table 4. SA-312 TP316 material property 

Table 5. the minimum required wall thickness and  
the maximum allowable internal pressure in pipe 
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4.2 Evaluation about the dynamic and Level D Loads 
 

When the dynamic load and Level D loads act, the 
critical stress of pipe is based on NB-3656.  

It is calculated by Equation 3 and 4. 
 

                   (3) 

                  (4) 

 
 

, and stated in this equation is listed in Table 
6 as the primary stress index. 

 
 
 

Primary 
Stress 
Index 

Straight  Elbow condition 

but not <0 
nor>0.5 

 
 

 

but not <1.0 

but not less 
than 1.0 

 
 
The design bending strength of static and repeated load 

tests obtained by the equation 3 and 4 is listed in Table 7 and 
the result of comparison with the design flexural strength 
and the ultimate flexural strength is listed in Table 8 and 9. 
 
 
 

MSpecimen 

Type 

Design flexural Strength [KN·mm] 

Single Loading Reverse Loading 

3in 2in 3in 2in 

Elbow 10,563 4,072 15,816 6,095 

Cantilever 27,172 9,324 27,172 9,324 

 
 

 
 
 
 
 
 
 
 
 
 
 

 
 
 

Specimen 
name 

Design flexural 
strength (  ) 

[KN·mm] 

Ultimate flexural 
strength (  ) 

[KN·mm] 
Safety factor 

E_3IN_REF 

10,860 

26,855 2.47 

E_3IN_C35 26,744 2.46 

E_3IN_C75 27,708 2.55 

E_3IN_W35 26,747 2.46 

E_3IN_W75 25,304 2.33 

E_2IN_REF 

5,270 

9,805 1.86 

E_2IN_C35 10,842 2.05 

E_2IN_C75 9,378 1.78 

E_2IN_W35 9,690 1.84 

E_2IN_W75 9,329 1.77 

C_3IN_REF 

17,675 

22,842 1.29 

C_3IN_C35 20,604 1.17 

C_3IN_C75 18,714 1.06 

C_3IN_W35 22,898 1.30 

C_3IN_W75 21,894 1.24 

C_2IN_REF 

6,096 

7,344 1.20 

C_2IN_C35 6,398 1.05 

C_2IN_C75 6,562 1.08 

C_2IN_W35 6,644 1.09 

C_2IN_W75 6,868 1.13 

 
 
 
 

Specimen 
name 

Design flexural 

strength (  ) 
[KN·mm] 

Ultimate flexural 

strength (  ) 
[KN·mm] 

Safety factor 

E_3IN_REF 

16,228 

22,278 1.37 
E_3IN_C35 25,938 1.60 
E_3IN_C75 24,865 1.53 
E_3IN_W35 26,497 1.63 
E_3IN_W75 23,445 1.44 
E_2IN_REF 

6,248 

9,085 1.45 
E_2IN_C35 9,730 1.56 
E_2IN_C75 8,875 1.42 
E_2IN_W35 9,232 1.48 
E_2IN_W75 8,218 1.32 
C_3IN_REF 

17,675 

23,476 1.33 
C_3IN_C35 24,124 1.36 
C_3IN_C75 19,782 1.12 
C_3IN_W35 23,630 1.34 
C_3IN_W75 23,960 1.36 
C_2IN_REF 

6,096 

8,858 1.45 
C_2IN_C35 8,456 1.39 
C_2IN_C75 7,772 1.27 
C_2IN_W35 9,194 1.51 
C_2IN_W75 8,474 1.39 

 
 
 
 
 

Table 7. Design flexural strength of pipe 

Table 6. Primary Stress Index 
 

Table 8. the result of a comparison with flexural strength in 
monotonic load test 

Table 9. the result of a comparison with flexural strength in 
cyclic load test 
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In the result of comparison with the design flexural 
strength in monotonic load test, the ultimate flexural strength, 
the safety factor of the elbow specimens is 1.70~2.50 and of 
the straight specimens is 1.05~1.30.   

In the result of comparison with the design flexural 
strength in cyclic load test, the ultimate flexural strength, the 
safety factor of the elbow specimens is 1.30~1.70 and of the 
straight specimens is 1.10~1.50.  
 
 
4.Conclusion 
 

The initial bending stiffness of elbow specimens was 
observed to be same regardless of the damage, in 
monotonic loading test results and ovalization was 
observed at turning region. The maximum load of 
elbow specimens decreased by 7% by cracking and 
wall thinning. Therefore, the effect of maximum load 
confirmed to be incomplete. 

 
The straight specimens of 2 inch pipe introduced with 
35% and 75% cracking, fractured by cracking at initial 
cracking point. The leakage was generated. The weak 
point confirmed to be weld point. 

 
The leakage was generated due to cracking generated 
in the internal point and initial cracking point of the 
elbow specimen by the cyclic load test. Then energy 
dissipation decreased by more than 80%. The weak 
point confirmed to be the weld point.  

 
The leakage was generated due to cracking in the weld  
point and initial cracking point of the straight specimen 
by the cyclic load test. Then energy dissipation 
decreased by more than 90%. 
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Abstract: In Japan, Rectangular Hollow Section (RHS) steel columns are generally used in steel buildings. Columns
are subjected to bi-axial bending moment that because buildings behave 3-dimensionally under seismic excitations. In
order to evaluate the seismic resistance of steel building structures, it is important to clarify the bi-axial bending behavior
of RHS-columns including deterioration range due to local buckling. In this study, a series of cyclic loading tests on
RHS-columns under the condition of bi-axial bending moment were conducted. In this test, constant axial force and
cyclic bending were applied to the specimen. Primary parameter of the tests was the horizontal loading directions that
were set to 0, 15, 30 or 45 degree from principal axis of the column cross-section. Axial force ratio was set to 0.2 or 0.4
for each of the loading direction. Width-to-thickness ratio of the specimens was 22.2. In total, eight specimens were tested.
Loading was continued either until the specimen completely lost their axial force supporting capacity or until reaching the
limit of the loading system capacity. Maximum strengths of each specimen were governed by local buckling. Effect of the
horizontal loading direction on the post-buckling and deterioration range was notable.

1. INTRODUCTION

In Japan, Rectangular Hollow Section (RHS) steel
columns are generally used in steel buildings. Columns are
subjected to bi-axial bending moment that because buildings
behave 3-dimensionally under seismic excitations. In order
to evaluate the seismic resistance of steel building structures,
it is important to clarify the bi-axial bending behavior of
RHS-columns including deterioration range due to local
buckling. However, there are very few of these studies, and
enough researches were not done. Also, very few studies
about the deterioration range of RHS-columns with local
buckling, therefore, how RHS-columns under bi-axial
bending moment deteriorate, compared to under mono-axial
bending moment, is unclear.

In this study, a series of cyclic loading tests on
RHS-columns under the condition of bi-axial bending
moment were conducted. This paper presents the
experimental investigation of bi-axial bending behavior of
RHS-columns.

2. TEST PROGRAM

2.1 Specimens and Parameters
Specimens consisted of RHS-column; □ -200×9

(BCR295, Width-to-thickness ratio: 22.2, length: 1734mm)
and steel plates welded to both ends of RHS-column (Fig.1).
The coupon tests of the flat part of RHS-column (JIS 1A

type test piece) were conducted and the results are shown in
Fig.2 and Table 1. The parameters were horizontal loading
direction and axial force ratio. Horizontal loading direction
was set to 0, 15, 30 or 45 degree from principal axis of the
column cross-section. Constant axial force was applied to
the specimen and axial force ratio was set to 0.2 or 0.4 for
each of the loading direction. The test matrix is shown in
Table 2.

Material No.
Yield Strength Tensile Strength Yield Ratio Elongation

MPa MPa % %
1 443 483 92 16
2 375 427 88 27

Table 1 Material Properties
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Figure 2 Nominal Stress- Strain Relationships

Figure 1 Test Specimen
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2.2 Test Setup
The test specimen was placed in the loading frame

shown in Fig. 3. Both ends of the column were clamped to
the reaction jig and the horizontal loading jig. The specimen
was subjected to a horizontal force by the horizontal jack
through the horizontal loading jig. Constant axial force was
applied by vertical jacks through the reaction jig. To load
under the condition of double curvature bending moment,
the reaction jig was controlled horizontally. The rotation
angle of the column was calculated by Eq. (1). Axial force
and bending moment applied to the specimen were
calculated by Eq. (2) and Eq. (3).

 1tan /( )   h vL (1)
  e w rvN N N F (2)

( ) / 2    h v hM F L N (3)

where
L : column length
 h : story drift
 v : vertical displacement
 : rotation angle of the column

hF : shear force
eN : vertical force by vertical jack (e side)
wN : vertical force by vertical jack (w side)
rvF : vertical force by reaction beam

N : axial force
M : bending moment applied to the column end

2.3 Loading History
A displacement-controlled cyclic loading was applied

in the horizontal direction. The loading history was the
incremental displacement amplitude with intervals of 2pc0

as shown in Fig.4. Where, pc0 is the elastic column rotation
corresponding to the full plastic moment with axial force of
the column under uni-axial bending Mpc0. Moreover, to
investigate the small amplitude hysteresis loops in the post
local buckling and deterioration range, 2pc0 was adopted as
small amplitude in this test and was set in the loading history
of deterioration range.

3. TEST RESULT

3.1 Moment-Rotation Relationships
Fig. 6 shows the moment-rotation relationships for all

eight specimens that were normalized Mpc0 and pc0. Loading

was continued either until the specimen completely lost their
axial force supporting capacity or until reaching the limit of
the loading system capacity. The triangle symbol(▼ )
represents the maximum strength of the specimen. The
maximum strength of all specimens was determined by local

Specimen Name C00_0.2 C00_0.4 C15_0.2 C15_0.4 C30_0.2 C30_0.4 C45_0.2 C45_0.4

Axial Force Ratio 0.2 0.4 0.2 0.4 0.2 0.4 0.2 0.4

Material No. (1) (1) (2) (2) (2) (2) (1) (1)

Loading
Direction

0 [Deg] 30 [Deg] 45 [Deg]15 [Deg]

Table 2 Test Matrix

Figure 5 Loading History
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Figure 3 Elevation of the Loading System
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Figure 4 Measurement System
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buckling.

3.2 Vertical Displacement
Fig. 7 shows the vertical displacement versus

normalized cumulative deformation (||/pc0). In the post
local buckling and the deterioration range, each specimen
vertical displacement became larger due to the progression
of local buckling deformation of plate elements. When
compared the loading direction, the vertical displacement of
the specimens subjected to the lateral force from the 0
degree direction is larger than other loading directions one.
This phenomenon is estimated that the progression of local
buckling is changed by the effect of the loading direction.
When columns are subjected to lateral force from diagonal
direction of the column cross-section, the progression of
local buckling deformation of plate elements is restrained by
corner elements of the columns.

4. EVALUATION OF BI-AXIAL BENDING
BEHAVIOR BASED ON SKELETON CURVE AND
EXTENDED SKSLETON CURVE

4.1 Skeleton Curve and Extended Skeleton Curve

Before reaching the maximum strength, the
load-deformation hysteresis loops of steel members under
cyclic loading can be decomposed into three parts: the
skeleton part, Bauschinger part and elastic unloading part, as
illustrated Fig.8 (1). Here, the skeleton curve is obtained by
connecting parts of the load-deformation relationship
sequentially when the steel member first experienced its
maximum load (both positive and negative). It is observed
that the load-deformation relationships of the steel members
under monotonic loading have an approximate
correspondence to the skeleton curves under cyclic loadings.

Moreover, after reaching the maximum strength, in the
post local buckling and the deterioration range, it is observed
that the envelope curve obtained by connecting the
hysteresis curve in each half cycle have an approximate
correspondence to the load-deformation relationships of the
steel members under monotonic loading.

In this study, the curve obtained by connecting the
skeleton curve and envelope curve is defined as extended
skeleton curve (Fig. 8 (2)).
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4.2 Comparison of Skeleton Curve
The skeleton curves of both the positive and negative

loading sides derived from the load-deformation
relationships are shown in Fig.9. The maximum strengths
and the deformation of the skeleton curve when reaching the
maximum strength are shown in Table. 3. Similar skeleton
curve can be observed each specimen from each specimen.
Also, the maximum strengths and the deformation of the
skeleton curve when reaching the maximum strength are
almost same. Before reaching the maximum strength, the
plastic deformation capacity of RHS-columns is almost
same regardless of the loading directions.

4.3 Comparison of Extended Skeleton Curve
The extended skeleton curves of both the positive and

negative loading sides derived from the load-deformation

relationships are shown in Fig.10. Effect of the horizontal
loading direction on the post-buckling and deterioration
range was notable. The strength deterioration of the
specimens subjected to the lateral force from the 0 degree
direction is larger than other loading directions one. This
phenomenon is estimated that the progression of local
buckling is changed by the effect of the loading direction.
When columns are subjected to lateral force from diagonal
direction of the column cross-section, the progression of
local buckling deformation of plate elements is restrained by
corner elements of the columns.

5. CONCLUSIONS

To investigate the bi-axial bending behavior of

Figure 8 Skeleton Curve and Extended Skeleton Curve
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Figure 9 Comparison of Skeleton Curves
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Table 3 Maximum Strength of Specimen

Figure 10 Comparison of Extended Skeleton Curves
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RHS-columns, a series of cyclic loading tests on
RHS-columns under the condition of bi-axial bending
moment were conducted. In this test, constant axial force
and cyclic bending were applied to the specimen. Primary
parameter of the tests was the horizontal loading directions
that were set to 0, 15, 30 or 45 degree from principal axis of
the column cross-section. Axial force ratio was set to 0.2 or
0.4 for each of the loading direction. Maximum strengths of
each specimen were governed by local buckling. Effect of
the horizontal loading direction on the post-buckling and
deterioration range was notable. Strength deterioration and
axial shortening of RHS-columns subjected to lateral force
from the 0 degree direction are larger than other loading
directions one. This tendency is similar for each axial force
ratio. This phenomenon is estimated that the progression of
local buckling is changed by the effect of the loading
direction. When columns are subjected to lateral force from
diagonal direction of the column cross-section, the
progression of local buckling deformation of plate elements
is restrained by corner elements of the columns.
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Abstract: Buckling restrained braces (BRBs) have an extremely stable hysteretic behavior under both tensile and
compressive force and are commonly used as a type of energy dissipation device both in new construction and seismic
retrofit projects. Column base connections are critical components in steel structures because they transfer axial forces,
shear forces and moments to the foundation. Compared with moment resisting frames, the shear and axial force on
column bases is more critical due to the contribution of braces in BRB frames. However, experimental investigations of
the effect of BRBs on the seismic performance of column bases are rather few. The column base behavior under the
combination of large shear force and varied axial force is not explicitly investigated by experimental research to date.
This paper attempts to fill this existing research gap on the seismic behavior of steel column bases subjected to BRB
force.

1. INTRODUCTION

Braced frames are widely used for steel constructions in
seismic regions. Buckling restrained braces (BRBs) are
commonly used as primary lateral force resisting elements
both in new construction and seismic retrofit projects.
Buckling restrained braces frame is a very effective system
for severe seismic application for high-rise buildings.
Recently, the application of BRB in low-to-medium rise
building is proposed to achieve higher seismic performance.
Different from high-rise buildings, exposed column bases
are commonly used in low-to-medium rise building because
of the easy construction and reliable seismic behavior. Such
column bases are generally designed to consider the bending
moment and axial force. Previous experimental studies on
the seismic behavior of exposed column base in
conventional braced frames (Hatanaka et al. 2002, Fukuhara
et al. 2010) indicated that the shear resistance of exposed
column base is an key issues to consider. There are two
reasons. First is that the shear resistance of the exposed
column base in braced frames is larger than that in
moment-resisting frames. Second is that the friction between
base plate and foundation beam is reduced due to the tensile
axial force introduced by the braces.

Different from the conventional braces, BRBs showed
near equal tension and compression capacity. The different
direction of the shear force caused by the BRB and the story
drift is a unique behavior for BRB frames. The effect of such
different direction of the story drift and base plate shear on
the seismic behavior of exposed column base is unknown. It

is highly required to clarify the seismic behavior of exposed
column base in BRB frames in order to develop the
corresponding design procedures.

2. TEST PROGRAM

2.1 Test Specimen
The test specimens were designed to simulate the

interior column base connections. Three specimens were
fabricated at approximately 2/3 scale, with all specimens
having the global dimensions shown in Fig. 1.

Each of specimens comprised a cold-formed
square-tube cross sections column having the width of 200
mm and the thickness of 12 mm, a shop-welded hot-rolled
square base plate (300 and 50 mm in the width and thickness,
respectively), four or six machined anchor rods with the
nominal diameter of 30 mm and a concrete foundation beam
confined in a steel box. As indicated in the figure, the
concrete foundation beam was confined by a steel box to
ensure failure of the anchor rod itself rather than failure
within the concrete. Because of the confinement of the steel
box, the reinforcement of the concrete foundation is omitted.
The anchorage of the anchor rods in concrete foundation
beam was ensured by welding the anchor rods on the end
plate of the steel box. The other advantage of using the steel
box is to simplify the fixation of the specimens. A 40 mm
thick grout mix was placed on the concrete foundation beam
and the base plate was placed on it. The test variables and
other important features of the test specimens are discussed
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as follows.

Φ34

150 150

150150

150 150
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Fig. 1 Test specimen: (a) front elevation; (b) anchor rods
layout (unit: mm)

Three specimens were designed following the
provisions of Recommendation for Design of Connections
in Steel Structures (AIJ, 2006) in which the column base for
moment resisting frames were introduced. Specimen
‘BRCB1’ was fabricated as a baseline specimen. Four
anchor rods were used and the rod layout was 250 mm
square as shown in Fig. 1. The anchor rod holes were 34 mm
in diameter as recommended in JSSC (2009). This specimen
was designed to fail at the column base connection rather
than the column. And the shear resistance when the BRB in
tension was designed intentionally smaller than the shear
force provided by the BRB. To improve the shear resistance
of the baseline specimen, six anchor rods were used for
specimens ‘BRCB2’ and ‘BRCB3’, as shown in Fig.1 (b).
The contribution of the extra two anchor rods in different
places was investigated. In Specimen ‘BRCB2’, the extra
two anchor rods on the opposite side of gusset plate were
expected to improve the shear resistance by improving the
friction force between base plate and foundation beam. In
Specimen ‘BRCB3’, the extra two anchor rods on the gusset
plate side were expected to improve the shear resistance
directly by the shear resistance of anchor rods in tension side.
In addition, the moment resistance of Specimen ‘BRCB3’ in
negative loading (brace in compression) is larger than the
full plastic moment of the column. The material properties
are shown in Table 1. The designed capacities of the
specimens are shown in Table 2.

Table 1 Material Properties

Yield strength
σy (N/mm2)

Tensile strength
σu (N/mm2)

Column □-200x12,
BCR 295 438 468

Anchor
rod

M30,
ABR490 361 558

Table 2 Designed Capacities

Spec. Brace in tension Brace in compression
Mbp (kNm) Qbp (kN) Mbp (kNm) Qbp (kN)

BRCB1 138 318 260 766
BRCB2 270 419 260 766
BRCB3 138 636 341 994

2.2 Test Setup
The test specimen was placed in the loading frame

shown in Fig. 2. The foundation steel box was clamped to
the reaction floor. The column top was clamped to two
hydraulic jacks, one is the horizontal direction and the other
in the vertical direction. The gusset plate was clamped to one
hydraulic jack, which was used to reproduce the BRB
behavior. The positive loading was defined when the BRB
was in tension. The positive loading directions of each jack
are illustrated in Fig. 2.

1000kN
Jack

1000kN
Jack

500kN
Jack

Specimen

+
-

Fig. 2 Elevation of the loading system (unit: mm)

2.3 Loading Program
A displacement-controlled cyclic load was applied in

the horizontal direction. The displacement was expressed in
terms of the relative drift angle, defined as the horizontal
displacement between the top of column and the base plate
relative to the height of the column (∆r/2H in Fig. 3(b)).
Drift angles of 0.005, 0.01, 0.02, and 0.03 rad were adopted,
and two cycles were performed at each drift angle.

2H

∆a

∆slip

H

∆r

∆contr

∆br

Column a

Column b

∆slip,a ∆slip,b

Assume ∆slip,a =∆slip,b

(a)

0.7Fbr,y

0.8Fbr,y

1.0Fbr,y

35°

(b)

Fig. 3 (a) Frame deformation; (b) prototype frame

The BRB was assumed yield at the story drift of 0.2%
as shown in Fig. 4 (a). The BRB force is calculated based on
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the measured deformation of the BRB (∆br in Fig. 3(a))
using the Equation (1).

br br brF K   , if ,br br yF F (1)

in which, ∆br=∆rcos35°. It should be noted that the relative
story drift angle (∆r/2H in Fig. 3 (b)) was used in this test to
control the horizontal load and the BRB behavior by
assuming the displacement of the columns are the same, as
illustrated in Fig. 3(b).

0.2%

Fbr （kN)

400

-400

Story drift angle (rad)

0.2%

-845

-155

75

-1105

N0=500kN

Story drift angle (rad)

N （kN)Nbp

Nc

(b)(a)

Fig. 4 (a) Assumed BRB hysteresis behavior; (b) assumed
axial force hysteresis behavior

Varied axial force was applied on the specimen. A BRB
frame as shown in Fig. 3(a) was assumed as the prototype
frame. The axial force on the 1st story column was affected
by the BRB on the other stories, and follow Equation (2).

0 1.5 sin 35brN N F    (2)

in which, N0 is the axial force contributed by the
moment-resisting frame, 500 kN in this test, and Fbrsin35° is
the vertical component of the BRB force. The hysteresis
behavior of the applied axial force (Nc) and the axial force
on the base plate (Nbp) are shown in Fig. 4(b).

3. TEST RESULTS

3.1 Global Behavior
Figure 5 shows the force-deformation relationships till

story drift of 4% for all three specimens. The relationship of
the shear force of the story (Qtp + Qbr) and the relative story
drift (∆r) is shown in Fig. 5(a). The story shear (Qtp + Qbr) is
decomposed into the shear force applied at the top of the
column (Qtp) and the shear force provided by BRB (Qbr) in
Fig. 5(b). The story drift (∆r) is decomposed into the
deformation caused by the column base plate rotation (∆bp)
and the bending of column (∆c) in Fig. 5(c) and (d),
respectively.

As shown in Fig. 5, the story drift is mainly contributed
by the rotation of base plate in the positive loading and the
deformation of column in the negative loading. Strength
deterioration was not observed in the positive loading.
However, strength deterioration started from the story drift
of 2% rad in the negative loading for Specimens ‘BRCB1’
and ‘BRCB2’, in which the column base failed in the anchor
rods rather than the bottom of column. The general
hysteretic behavior of the specimens observed during tests

can be summarized as follows:

Fig. 5 (a) Qf-∆r relationship (b) Qtp /Qbr-∆r relationship; (c)
Qtp-∆bp relationship; (d) Qtp-∆c relationship

Specimen ‘BRCB1’ showed the smallest shear
resistance in both loading directions. The hysteresis curves
of the story shear and story drift is unsymmetry. The shear
force applied on the top of column in not reduced after the
maximum strength was achieved in positive loading, while
serious strength deterioration was observed in the negative
loading. The column base connection lost its shear resistance
around 3% story drift in negative loading (brace in
compression), as shown in Fig. 5 (b).

Specimen ‘BRCB2’ showed the largest resistance,
around 80% in moment resistance (Mbp) in the positive
loading. The improvement is contributed by the extra two
anchor rods in the opposite side of the gusset plate. The
shear resistance in negative loading is similar as specimen
‘BRCB1’, since there are two anchor rods arranged in the
gusset plate side to resist the tension. The shear resistance of
specimen ‘BRCB2’ is similar in both loading direction. The
hysteresis curve of story shear and story drift (Fig. 7(a)) is
more symmetry than the other two specimens, although the
hysteresis curve of column base connection in not symmetry
(Fig.5 (c)).

Specimen ‘BRCB3’ showed the largest shear resistance
in the negative loading and similar shear resistance as
specimen ‘BRCB1’ in the positive loading. Because of the
contribution of the two extra anchor rods, the story drift
contributed by the rotation of the column base is relatively
small and the column yielded in the negative loading (shown
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in Fig. 5 (d)). The hysteresis curves of the story shear and
story drift is not symmetry and there is no strength
deterioration in both directions.

3.2 Failure Mode
No damage was observed in the concrete foundation

during the test. All the anchor rods experienced sever shear
deformation as shown in Fig. 6 and the slip of the base plate
during the loading is rather large compared with the column
base connection of moment resisting frame.

Fig. 6 Deformation of anchor bolts after the test

Three specimens experienced large slip when the BRB
resist tension force. Two failure modes were observed.
Specimens ‘BRCB1’ and ‘BRCB2’ failed by the anchor rods,
while Specimen ‘BRCB3’ yielded at the bottom of column.
The test results of maximum moment and shear force on the
base plate are listed in Table 3.

Table 3 Test Results

Spec.
Brace in tension Brace in compression

Mbp (kNm) Qbp (kN) Mbp (kNm) Qbp (kN)
BRCB1 132 455.5 246 560
BRCB2 248 573.6 246 562
BRCB3 138 462.2 340 586

4. CHARACTERISTICS OF HYSTERESIS CURVE

4.1 Level of Deformation Considered in Seismic Design
(story drift till 0.01 rad)

In practical design of BRBFs, the story drift is limited
within 0.01rad. The test results within 0.01 rad is discussed
in the following sections. The rotation and slip behavior of
the base plate are shown in Fig. 7. It is noted that the
moment-rotation relationship of the specimens are different
from that of the exposed column base in moment resisting
frames, which has typical flag shape hysteresis curve (Cui et
al. 2009 and Yamamoto et al. 2009). The moment of the
specimens in the positive loading is smaller than that in the
negative loading. It is because of the axial force on the base
plate were varied by the vertical component of BRB. The
axial force on the base plate was 75 kN in tension and 1075
kN in compression in the positive loading and negative
loading, respectively. The stiffnesses of loading and
unloading are different, too.

The base shear (Qbp) – slip (∆bp) at the base plate
relationships of the specimens are shown in Fig. 7. It is
noted that the slip was increased suddenly when the shear
force at the base plate (Qbp) is around 200kN for all the

specimens. It is primary because the friction force was losing
as the uplift force on the base plate was increased by the
tension force of BRB. There is a flat part of the curves in the
very beginning in Fig. 7. The base shear was increased when
the slip was around 4 mm, which is the same as the
clearance between the anchor rods and the hole of the base
plate. It is speculated that the shear forces in column base
may be resisted by the base plate bearing against anchors.
Specimen ‘BRCB1’ showed the largest slip in compared
with the other two. The slips were effectively reduced from
15 mm to 5 mm and 3.5 mm for Specimen ‘BRCB2’ and
‘BRCB3’, respectively.
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Fig. 7 Specimen behavior till 0.01 rad story drift:
(a) Qtp-∆bp relationship; (b) Qbp-∆slip relationship

There are four key states of the specimens during one
loading cycle as shown in Fig. 8. There are the maximum
positive loading (state a), BRB yields in compression (state
b), the maximum negative loading (state c), and BRB yields
in tension (state d). The force balance of each state is shown
in Fig. 9.

Fig. 8 (a) Brace behavior; (b) column base slip behavior; (c)
column base rotation behavior; and (d) C-∆slip relationship
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Fig. 9 Resisting mechanism of column base with BRB

The specimens reach the maximum strength at state a
and b. The resisting moments of the column base
connections in negative loading are larger than that in
positive loading, since the axial force on the base plate is
increased from 75kN (tension) to -1075 kN (compression)
due to the contribution of the vertical component of the BRB
axial force. The stiffnesses of the specimens are increased
because of the effect of the axial force, too.

From state a to state b, the BRB axial force changed
from 400 kN (tension) to -400kN (compression). To
accompany with the axial deformation of BRB, the rotation
of story drift is reduced by 0.004 rad. But the axial force on
the base plate was increased from 75kN (tension) to -1075
kN (compression), the resisting moment and stiffness of the
specimens are therefore increased. Eventually, the resisting
moments of the specimens are the sum of the reduction of
the story drift rotation and the increase of the axial force on
the base plate.

From state c to state d, the BRB axial force changed
from -400kN (compression) to 400 kN (tension). The
rotation of story drift is reduced by 0.004rad. And the
resisting moments of the specimens were further reduced
because of the axial force on the base plate changed from
compression to tension. As shown in Fig. 8 (d), the
compression between the base plate and grout layer reduced
significantly and the friction force was broken at state e.
After that, the slip was increased immediately.

All specimens continued to experience large slips from
state d to state a. In these two states, the axial force on the
base plate was in tension. First, the specimen experienced
unloading from state d. As shown in Fig. 8 (d), the
compression between the base plate and grout layer was
rather small till the base plate contacted with foundation
again. The friction force between the base plate and the
grout layer was broken and the base plates continued to slip.
All of the anchor rods contributed to resist the shear force
after the friction force was broken. The specimens were
continue loaded to state a. The resisting moment was

increased as the story drift increased. And the friction force
between the base plate and the grout layer was increased till
large enough to prevent the slip.

4.2 Level of Deformation that Considered in Seismic
Design (story drift from 0.01till 0.03 rad)

To understand the ultimate behavior of the exposed
column bases with BRBs, the specimens were loaded
beyond the 0.01 rad story drift, which is considered in the
seismic design in Japan. The rotation and slip behavior of
the specimens are discussed in this section.
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Fig. 10 Specimen behavior from 0.01 to 0.03 rad story drift:
(a) Qtp-∆bp relationship; (b) Qbp-∆slip relationship

Fig. 11 Backbone of moment-rotation relationship

The backbone curves of the specimens are shown in Fig.
11. The strength was stable in the positive loading for all
specimens. The strength of the repeated cycle was reduced
in Specimen ‘BRCB2’. It might caused by the damage of the
concrete or grout layer bearing the anchor rods. The strength
deterioration occurred at the story drift of 3% in the negative
loading for Specimens ‘BRCB1’ and ‘BRCB2’. Specimen
‘BRCB1’ failed in the 1st loading cycle of story drift 3%.
The strength and stiffness were reduced in the following
loading cycle.

Strength deterioration of Specimen ‘BRCB1’ and
‘BRCB2’ in the negative loading was observed. It maybe
caused by the crushing of the grout layer. The compression
force resisted by the bearing of the grout layer is reduced.

In the positive loading, the resisting moment of the
specimens were controlled by the tensile resistance of the
anchor rods. However, the shear deformation of the anchor
rods was increased significantly when the anchor rods
yielded. In the negative loading, the resisting moment of the
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specimens were controlled by the compressive (bearing)
resistance of the grout layer.

Therefore, in design, the moment resistance of the
column base when the BRB in tension, should consider the
interaction of the shear and tensile stress. Moreover, the
shear resistance and deformation of the anchor rods should
be calculated to prevent the slip. The moment resistance of
the column base when the BRB in compression, the bearing
resistance of the grout layer should be checked.

5. NUMERICAL STUDY

5.1 Numerical Model
The general-purpose finite element program ABAQUS

version 6.9 (2010) was used to analytically trace the
behavior of the test specimens and generalize the seismic
capacity of shallowly embedded column bases. Half of the
specimen was modeled by taking advantage of symmetry
and the geometry and boundary conditions of the model
conformed to the experimental conditions. The following
Cartesian coordinate system was chosen as shown in Fig. 12.

A four-node linear reduced integration with an
hourglass control shell element (S4R) was used for the
column. Two layers of eight-node hexahedral incompatible
mode elements (C3D8I) were adopted to model the base
plate to accurately trace the bending behavior. The
foundation beam and mortar were considered as a rigid plate
underneath the base plate to reduce the calculation time.
Interaction between the bottom of base plate and the upper
surface of the mortar was modeled to allow for contact
behavior with friction.

Rod
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0
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1
0
0

200

Qtp

Nc

Column

Base plate

Mortar

Gusset
plate

9
9
4

(a) (b)

Fbr

x

y

z

Fig. 12 Analysis model:
(a) exposed column base; (b) base plate and anchor bolts

The chosen boundary conditions reflected the
symmetric properties of the model. The standard symmetric
boundary conditions were introduced at plane x=0 as follows.
The nodes located on plane x=0 were restricted from moving
in the direction of the Ox axis. The rotations around the Oy

and Oz axes were assumed to be zero. The nodes at the
bottom surface of the base plate were fixed to the rigid

surface of the model. Fig. 12 (a) shows the boundary
condition of the models adopted in this analysis.

As shown in Fig. 12 (b), the bolts were modeled as
beam elements, having a diameter equal to the nominal bolt
diameter of 28 mm and restrained at the lower node. The
heads of the bolts were modeled as shell disks, S4R, having
a constant thickness equal to the average thickness of the
actual bolt head. The sections were modeled as rigid by
giving them a linear elastic material response.

The multilinear kinematic hardening option was
adopted to simulate the material behavior of steel, with the
parameter value provided by the associated material tests.
For the column and base plate, the stress-strain curve was
assumed to be bilinear with a strain hardening ratio of Es/100,
where Es is Young’s modulus of steel. For the anchor bolts, a
fracture strain was assigned to consider the rupture of anchor
bolts.

Axial load and horizontal displacement were applied on
the top of the column. And cyclic BRB load were applied at
the gusset plate with the direction to the horizontal of 35
degree. The loading history is the same as the test program.

5.2 Numerical Results
5.2.1 Rotation behavior

The moment-rotation curves reproduced by FEM
model were compared with the test results in Fig. 13. Large
shear stiffness was assigned to the anchor bolts to avoid the
slip behavior.
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Test Results FEM Results

BRCB3BRCB2BRCB1

Fig. 13 Comparison of moment-rotation curves between test
and analysis

The numerical model traced the test results well with
the similar hysteresis features. The different failure modes of
the specimens were traced well. The maximum moment
resistance in the positive loading was slightly overestimated
by FEM model because the interaction of shear and axial
stress was not considered. The strength deterioration of
Specimen ‘BRCB1’ and ‘BRCB2’ in negative loading was
not traced well because the crush of the grout layer was not
considered. The column yield of Specimen ‘BRCB3’ was
traced well.

5.2.2 Slip behavior
The FEM model was verified by the rotation behavior.

The shear stiffness of anchor bolts was assigned based on
the material test results to discuss the slip behavior of the
braced column base. Because of the slip of the column base,
the loading on the top of column was difficult to control.
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Therefore, a monotonic loading and semi-cyclic loading
were used to discuss the slip behavior of the braced column
base. The results are compared in Fig. 14. The semi-cyclic
loading is a monotonic loading following the loading cycle
of 0.5% and 1%. The base shear and slip relationship of the
Specimen ‘BRCB1’ were used for the discussion. Figure 8
showed the base shear and slip relationships of Specimen
‘BRCB1’ with the two different loading histories. It is noted
that the specimen under semi-cyclic loading showed larger
slip compared with the monotonic loading.

The different of slip behavior caused by the loading
history is mainly caused by the shear deformation of anchor
bolts in state d, which was introduced in previous section.
When the brace force was changed from compression to
tension, the friction force between base plate and grout layer
would be reduced because the axial force on the base plate
were reduced. Therefore, after the brace force changed to
tension, the anchor bolts were resisting the shear force till
the recovery of friction force. Such behavior is not able to
represent by the monotonic loading.
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Fig. 14 Comparison of slip behavior:
(a) monotonic loading, (b) cyclic loading

6. CONCLUSIONS

A series of braced column base specimen were tested
with the varied axial force and BRB force. The followings
were observed from the test results.

1. The moment resistances of braced column base were
affected by the vertical component of BRB force. Therefore,
the moment-rotation curves of the braced column base are
not symmetry and had different feature from the column
base for MRF.

2. The specimens had large lateral displacement caused
by the horizontal component of BRB force. The shear
deformation of anchor bolt is significant.

3. Increasing the number of anchor bolts could increase
the resistance of column base and reduce the lateral

displacement.
4. The moment resistance of the column base could be

designed by considering the force balance in the ultimate
state (status a and c in Fig. 8 (d)).

5. The shear behavior is critical for the column bases in
BRB frames. The friction force between the base plate and
foundation beam was broken when the BRB force is loading
in tension. Significant slip occurred then. Such unique
behavior of braced column base should be investigated in
cyclic loading instead of monotonic loading.

Further studies are needed to evaluate the shear
capacity of the column bases in BRB frames and reduce the
slip of the base plate.
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Abstract:  A full-scale four-story steel building specimen was experimented on the E-Defense shake-table in Japan in 
2007, inputting various scales of ground motion until collapse. This study addresses the composite effect of concrete slab 
on steel girders as well as beam-to-column panel zones recorded in the test. Experimental result depicts that the beam 
neutral axis is shifted significantly far away from the center line of bare steel beam in both cases of positive and negative 
bending, in which neutral axis position in case of negative bending is just a little bit lower than in case of positive bending. 
Furthermore, the shifting of neutral axis position of the beam section with two-sided slab is larger than one-sided slab 
beam. On the other hand, effective composite beam width obtained from experimental data is much smaller than the 
design value. Composite action also influences panel zone behavior. In this study, several proposed methods of obtaining 
panel forces and panel deformation are presented and compared in details. The most rational method is selected and 
employed to study the elastic and elasto-plastic behavior of typical panel zones recorded in the experiment.   

 
 
 
1.  INTRODUCTION 
 

In September 2007, a full-scale four-story steel building 
was experimented to collapse on the E-Defense which is the 
world's largest three-dimensional shake-table located in Miki 
City, Hyogo Prefecture, Japan. The ground acceleration 
histories recorded at the JR Takatori station during the 1995 
Hyogo-ken Nanbu earthquake were used as the input for the 
shake-table experiments under various scales. Experimental 
result shows that collapse occurred under the 100% Takatori 
motion, due to local buckling leading to deterioration of 
columns in the first story level. To open up the discussion on 
the building specimen performance in the test, this study 
addresses the composite effect of concrete slab on steel 
girders as well as beam-to-column panel zones.  

Regarding the composite action, it is known that neutral 
axis is shifted far away from the center line of steel beam. 
Several locations of beam sections are selected for 
examining neutral axis position, including external beam and 
internal beam, parallel and orthogonal to deck direction. The 
study aims to explore the changing of neutral axis position 
during the excitation, as well as along with the increase of 
excitation level. Effective composite beam width is also 
calculated back from the obtained value of neutral axis 
position, and then compared with design value given by the 
AIJ specification.  

Composite action also influences behavior of beam- 
to-column panel zones. In this study, several proposed 
methods of obtaining panel forces and panel deformation are 

presented and compared in details. The most rational method 
is then selected and employed to study the elastic and 
elasto-plastic behavior of typical panel zones recorded in the 
experiment. 

       

     
 

Figure 1  Building Specimen 
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2.  BUILDING SPECIMEN 
 

The building specimen is a full-scale 4-story steel 
moment frame with concrete slabs and autoclaved aerated 
concrete panels for exterior walls. The plan dimension is 6 m 
× 10 m, and the total height from the upper surface of stiff 
foundation to the roof is about 14 m (Fig. 1).  

Wide-flange sections are used for beams and hollow 
square sections are used for columns. Steel material type is 
SN400B for beams and BCR295 for columns. Section 
shapes are given in Table 1. 
 
3.  COMPOSITE ACTION ON BEAMS 
 
3.1  Beam strain measurement  

There are two sections of putting strain gauges per each 
floor beam as shown in Fig. 2. At each beam section, five 
channels are attached including two channels on flanges and 
the other three on beam web. Neutral axis position zna is 
estimated by the least squares method.  

Three types of beam section are selected for examining 
neutral axis position, including: (i) external beam in Y-dir, 
(ii) external beam in X-dir, and (iii) internal beam in X-dir. 
It should be noted that external beams have slab in one side 
only, whereas internal beams carry slab on both sides. Strain 
data are recorded for all beams of the 2nd and 3rd floors; 
however, for the other upper floors only beams at the open 
side are recorded.  
 
3.2  Shifting of neutral axis position  

Fig. 3 depicts strain diagram of typical beam sections 
corresponding to the time when the beam bending moment 
achieves maximum value. From left to right in the figure is 
the beam section with one-sided slab (in Y-dir.), one-sided 
slab (in X-dir.) and two-sided slab (in X-dir.), respectively. 
As shown in the figure, plane section is almost achieved 
when the beam is subject to very large bending moment. 

It is visible that composite effect of concrete slab causes 
the neutral axis to shift significantly far away from the center 
line of bare steel beam, even in case of negative bending. 
Generally, neutral axis position in case the beam is under 
very large positive bending is likely higher than in case of 
negative bending. On the other hand, the shifting of neutral 
axis position of the beam section with two-sided slab is 
larger than one-sided slab beam. 

Fig. 3 also points out that neutral axis position of upper 
floor beams tends to be shifted higher than that of lower 
floor beams at the same location.  

 

 

 

 

 

Figure 2  Location of Beam Strain Gauges 
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Figure 3  Strain Diagram of Typical Beam Sections 
(Corresponding to the Time of Maximum Bending Moment) 

Table 1  Sections and Materials of the Steel Frame 

            Beam (SN400B) Column (BCR295) 

Story G1 G11 G12 C1,C2 

4 H-346×174×6×9 H-346×174×6×9 H-346×174×6×9 RHS-300×9 

3 H-350×175×7×11 H-350×175×7×11 H-350×175×9×14 RHS-300×9 

2 H-396×199×7×11 H-400×200×8×13 H-400×200×8×13 RHS-300×9 

1 H-400×200×8×13 H-400×200×8×13 H-390×200×10×16 RHS-300×9 
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Changing of neutral axis position during the excitation 

is plotted in Fig. 4. There is almost no significant change of 
neutral axis position at the time of maximum beam moment 
along with the increase of excitation level. It also can be 
seen that although neutral axis position in case of negative 
bending is a little lower than in case of positive bending, it is 
still far away from the bare steel beam center. 
 
3.3  Effective width and stiffness multiplier 

Using Young’s modulus ratio of steel to concrete n = 7, 
effective width corresponding to the beam section locating 
strain gauges at the time of maximum positive bending 
moment is calculated back from the value of neutral axis 
position as obtained above. The same computing manner for 
effective width is applied in case of negative bending. Fig. 5 
plots the comparison of effective width amongst three types 
of composite beam sections as well as along with the 
increase of excitation level. Dark color and white color stand 
for positive and negative bending case, respectively. Design 
value of effective composite beam width given by Japanese 
specification (AIJ, 1985) is characterized by broken line in 
the figure. 

In general, effective composite beam width obtained 
from experiment data for all section types is much smaller 
than design value. It may be explained due to the location of 
measuring beam strain so far away from the beam end, 
resulting in the less influence of concrete slab on the steel 
beam. However, for upper floor beams, effective width tends 
to increase compared to lower floor beams.  

On the other hand, effective width corresponding to 
beam sections in orthogonal direction with respect to deck 
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Figure 4  Neutral Axis Position vs. Beam Moment, & Neutral Axis Position at the time of Maximum Beam Moment  
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Figure 5  Calculated Effective Width of Composite Beams 
(Corresponding to the time of Maximum Bending Moment) 

Table 2  Stiffness Multiplier ϕ (Section #5, all floors) 

Excitation level 2F 3F 4F RF 

20% 2.63 2.96 3.14 3.23 

40% 2.43 2.58 3.01 3.03 

60% 2.30 2.40 2.87 2.82 

100% 2.16 2.13 2.94 2.91 

Positive bending 

Negative bending 

20% Takatori 40% Takatori 60% Takatori 100% Takatori 

(ii) Section #11 

(i) Section #5 

(iii) Section #14 

Neutral axis 

position trend 

Excitation level 

Excitation level 

Excitation level 

Excitation level 

Positive  

Negative bending 

Section #11, 2F Section #5, 2F Section #14, 2F 

Section #5, 4F Section #5, 3F Section #5, RF 

Excitation level 

Design value 
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direction appears to be larger than that in parallel direction. 
The changing trend of effective width along with the loading 
level increase is not very clear. Most generally, it seems that 
when the building behaves elastically under light shaking 
(i.e. 20% Takatori case) effective width is large and 
thereafter decreases a little bit when the building is subject to 
stronger input ground motion. 

Regarding the composite action on steel beams, 
stiffness multiplier (ϕ) defined as the ratio of moment of 
inertia of the composite beam (Icn) to moment of inertia of 
bare steel beam (Is) is another important assessment 
parameter. Here in this study, the final value of Icn is 
evaluated by averaging Icn in case of positive bending and Icn 
in case of negative bending. Table 2 lists the obtained values 
of stiffness multiplier ϕ of an example beam section (#5) of 
all floors in all load cases, showing that stiffness multiplier 
varies around 2.0~3.0, almost the same as prescribed value 
from Japanese specification (AIJ, 1985). On the other hand, 
stiffness multiplier of upper floor beams appears to be larger 
than that of lower floor beams in the same location. 
 
4.  COMPOSITE ACTION ON PANEL ZONES 
 

Composite action does not take effect only on beams 
but also on beam-to-column joints, known as panel zones. 
Deformation of six panel zones on the 2nd and 3rd floors in 
the open side of the building specimen was measured in the 
experiment. Before discussing about panel zone behaviors in 
this building, it is needed to review some methods of 
calculating panel zone forces. 

 
Figure 6  Beam-to-Column Panel Zone Mechanism 

 

4.1  Moment acting on panel zones 
Moment acting on the panel zone is computed by 

considering the equilibrium of two couples of vertical shear 
and horizontal shear forces around the edges of the 
free-body panel (Fig. 6). Either of each equilibrated couple 
may be considered as the panel moment pM.  

Assume steel frame internal forces (including moments 
and shear forces) are given, panel moment needs to be 
expressed in terms of those forces. In addition to this 
building specimen, composite effect of concrete slab on 
panel zones is supposed to take into account in case of 
positive bending moment. Followings are several methods to 
obtain panel moment: 

Method 1 (Fig. 7-a, based on Nakao and Osano, 1987, 
1988; Kawano et al., 1993; and Yamada et al., 2009): 

considering horizontal shear forces, this method increases 
the effective beam depth (originally db) to include slab 
thickness (latterly z+db/2, where z is the distance between 
effective center lines of both concrete slab and bare steel 
beam section). 

( )1 .
2 2

b b
p b L b R c U c L

b

d d
M M M Q Q

z d
= + − +

+
 (1) 

Method 2 (Fig. 7-b, based on Kishiki et al., 2010): also 
dealt with horizontal shear forces, but this method 
decomposes composite beam bending moment bM into two 
parts: partial moment bm carried by the bare steel beam 
section and partial moment N.z caused by axial force N at 
concrete slab. Axial force in the beam and axial force in the 
concrete slab are equilibrated. In case of no relative slip 
between steel beam (ES, AS, IS) and concrete slab (EC, AC, IC), 
one may obtain axial force using Newmark equation. 

.
.

z EA
N M

EI
=  (2) 

where 1 1 1

s s c cE A E AEA
= + ; 2.s s c cEI E I E I EA z= + +  (3),(4) 

 

 

 

Figure 7  Methods of Computing Panel Zone Moment 

(a) Method 1 

(b) Method 2 

(c) Method 3 
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( )2 1 .
2 2

b b
p b L b R c U c L

d dEA
M M M z z Q Q

EI
= + − − − +

⎛ ⎞⎛ ⎞
⎜ ⎟⎜ ⎟

⎝ ⎠⎝ ⎠
 (5) 

Method 3 (Fig. 7-c): unlike those above, this method 
counts for vertical shears. Column bending moment is 
decoupled by the effective column depth dc. So that, axial 
force developed in the concrete slab is no need to concern. 
Followings are pM obtained by each method, respectively: 

( ) ( )3
2

c
p c U c L b L b R

d
M M M Q Q= + − +  (6) 

However, due to the limit of strain data of concrete slab 
that could not be recorded in the experiment, the 
contribution of concrete slab to the gross composite beam 
moment is omitted. Therefore, the value of beam moment 
(bM) is not exactly respect to the neutral axis, but means the 
moment with respect to the effective center line of concrete 
slab and carried by the beam. 

 

 

Figure 8  Decomposition of Composite Beam Moment 

Consequently, it can be found that Method 1 appears to 
give unreasonable results because of decomposing bM into 
such couple of forces with the arm length as shown in Fig. 
8-a. An additional axial force, say N*, should be introduced 
to maintain the original stress diagram in the composite 
beam, as depicted in Fig. 8-b. At this point of view, Method 
2 is more reasonable than Method 1, because of including 
the equilibrated axial forces developed in the steel beam and 
concrete slab. 

   

 
Figure 9  Hypothetical Panel Zone Subassembly 

 
An example of hypothetical panel zone subassembly 

subject to unit loads as shown in Fig. 9 is used to assess 
three methods. Loading ensures the moment equilibrium at 
the center of panel zone. The same size of columns, beams 
and panel zones with that used in the building specimen is 
employed. Concrete slab thickness is incrementally changed 
in order to get the trend curve as given in the figure, where z 
is the distance between effective center lines of both 
concrete slab and bare steel beam section. There is 
apparently a large difference between results obtained from 
Method 1 and those computed from other methods.  

 

4.2  Panel zone performance in the test 

z 

0.5d
b
 

Slab 

Beam 
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Panel moment time-history Panel moment vs. shear angle 

 

Figure 10  Panel Zone Behavior (2nd floor, 20% Takatori) 

Figure 11  Panel Zone Behavior (2nd floor, 60% Takatori) 

A1     A2      A3 

(a) 

(b) 
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Three panel zones of the 2nd floor, namely A1, A2 and 
A3, are selected for practically examining the difference 
among panel moments obtained from three methods. Panel 
moment time-history curves as well as moment vs. shear 
angle curves under two loading cases (i.e. 20% and 60% 
Takatori ground motion level) are plotted in Figs. 10 & 11.  

As aforementioned, results by Method 1 show 
considerable difference with others, even in elastic load case 
(20% Takatori). The error is then improved by Method 2. 
However, in case of tension, the concrete slab tends to 
separate from the column, which means the tensile force 
must not logically involve in the equilibrium of the 
free-body panel. It is thus needed to determine whether in 
what case the axial force in concrete slab is included in the 
calculation, causing the discontinuous of the panel moment 
time-history curve.  

This method is hence unpractical, especially for 
structures subject to seismic loadings. Under elasto-plastic 
case (60% Takatori), errors are found in panels A1 and A3, 
where the curve by Method 2 tends to shift a little rather than 
the curve by Method 3, showing the probable errors of beam 
strain data recorded in the test resulting in the inaccuracy of 
beam moment. Finally, by employing Method 3 there is no 
need to concern about the contribution of concrete slab. This 
method which is the best of all is used hereafter for 
discussion on panel behavior. 

Superposition of panel moment vs. shear angle curves 
of those panels is shown in Fig. 12-a (categorized by panels) 
and Fig. 12-b (by excitation levels). Stable behavior trend of 
all panels through load cases except small error in panel A1 
can be seen in those plots. Furthermore, even though three 
panels have the same size and configuration as well as 
material property, the internal panel A2 tends to be stiffer 
than external panels that have nearly the same elastic 
stiffness as mathematically evaluation, characterized by the 
dashed line in Fig. 12. It may be explained due to the effect 
of internal panel induced by the combination of concrete 
slab on both sides. 
 

5.  CONCLUSIONS 

 
This study aims to open up the discussion on the 

building specimen performance in the test, addressing the 
composite effect of concrete slab on steel girders as well as 
beam-to-column joints, known as panel zones. Followings 
are some concluding remarks: 

(1) Regarding composite beam behavior, experimental 
result depicts that the neutral axis is shifted significantly far 
away from the center line of bare steel beam. The same 
situation occurs even in case of negative bending where 
neutral axis position is just a little bit lower than in case of 
positive bending. Furthermore, the shifting of neutral axis 
position of the beam section with two-sided slab is larger 
than one-sided slab beam. On the other hand, effective 
composite beam width obtained from experimental data is 
much smaller than design value. However, for upper floor 
beams, effective width tends to increase compared to lower 
floor beams. 

(2) Regarding panel zone behavior, different methods 
for obtaining panel moment of a full-scale steel building are 
systematically presented in this paper. In the meantime, the 
method based on vertical shear forces (i.e. Method 3) likely 
gives the most trustful results. Elastic and elasto-plastic 
behaviors of panels obtained from this method are discussed 
showing the composite action obviously affects panel zone 
behavior. Especially, panel zone with two-sided slab tends to 
perform larger deformation than the panel zone with 
one-sided slab. Future study will examine panel behavior 
under collapse level, thereafter advance to establish a good 
numerical simulation of panel zones. 
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(a) Categorized by panel zones 
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Abstract:  In this paper, strain and recovering methods of degree-of-freedom in structural dynamic analysis of arch 
trussed model are proposed. As a conclusion, a new method to reduce MDOF system of trussed structures into strains 
field is proposed. At the end, an example is given to show the validity of the proposed method.  

 
1.  INTRODUCTION 
 
 The work presented in this paper is a continuation of a 
series previous works which proposed a new method for 
reducing MDOF (Multi Degree of freedom) system of 
lumped-masses and beam elements in FEM into its 
equivalent SDOF (single Degree of Freedom) system and 
recovering back the results of dynamic analysis from the 
equivalent SDOF to its MDOF system.  
 Reference (Sugiyama et al. 2008) has presented reduction 
and recovering methods in lumped-mass dynamic problems. 
 A further improvement has been made to the method by 
transforming the displacement fields into their correspond 
-ing strain fields before the reduction and recovering 
process.  
 The work in (Sugiyama et al.2009) has given a detail 
procedure for applying the reduction and recovering method 
for beam element by using examples. 
 In present study, by following the same reduction and 
recovering procedure described in the references, the truss 
element is used to further verifying the applicability of the 
proposed method in dynamic analysis of structures.      
 
2.  PLANE TRUSS ELEMENTS 
 
 The relationships between axial strains, nodal rotations and 
nodal displacements in the local coordinate system to the 
2-node truss element are given as 
 
        →              （1） 
 
where, [

 
     ]T is a vector of nodal horizontal and vertical 

displacements, 
 

is the axial strain, 
  

is the rotation and 
  is the length of the truss member from node i  to 
node  . 
 The transformation of nodal displacements from global 
coordinate system to the local coordinate system is given by 

 
  (2) 

 
where,              are the cosine and sine directions of 
the truss member in the global coordinate system.  
 
2.1  Coordinate Transformations Rules 
 
 Substitution of equation (2) into equation (1), results in the 
following relationships. 
 

(3) 
 
 In the present study, transformations from displacements to 
strains are made in such a way to follow some rules and 
conditions defined. 
 Starting from two nodes transformation rule which is 
followed by consecutive substitutions, a three node 
transformation rule can be derived from equation (3).  
 
2.1.1  Case ji < , transformation rule for ij →  
order. 
 
 

(4) 
 
 
 
2.1.2  Case ji < , transformation rule for ji →  
order  
 
 
 

(5) 
 
 
 

- 1117 -



 

 

 






































 










jk

jk

ij

ij

i

i

jkjkijij

jkjkijij

k

k

v

u

v

u

v

u

cscs

scsc

v

u

10

01

 




















































ik

ik

jk

jk

i

i

ikikjkjk

ikikjkjk

j

j

v

u

v

u

v

u

cscs

scsc

v

u

10

01

   ij
ij

jijiijijijijijijijijij u
c

vtvtutsvvtucuu
1


 

ij

ij
ij c

s
t 

 

 






















j

ij

i

i

ijijijjijij
ij

iijij

v

u

v

u

tctvtu
c

vtuu 11
1

 

 






















j

j

i

ij

ijijijjijij
ij

iijji

v

u

v

u

ttcvtu
c

vtuu 11
1

 

 

































k

jk

j

ij

i

i

jkjkjkijijijk

v

u

v

u

v

u

tcttctu 111

 

 

































k

ik

j

jk

i

i

jkikikjkjkikj

v

u

v

u

v

u

ttctctu 111

    yTu 
  y

            0
~ xmykycym  

)8(

2.1.3  Case kji << ,transformation rule for 
ijk →→ order 

 
 
 
 
 

(6) 
 
 
 
 
 
2.1.4  Case kji <<  , transformation rule for 

ikj →→ order 
 
 
 
 
 

(7) 
 
 
 
 
 
 In some occasions where there are displacements which 
need to be included in the degree of freedom vector, 
equation (3) can be used to derive the equation. 
 Presuming the displacements and need to be restrained and 
the relative vertical displacement is to be removed. 
 The following relationship can be obtained from 
equation(3) 
 
 
where,       is the tangent direction of the truss member 
in the global coordinate system. 
 
2.1.5   Case ji < , transformation rule for ij →  
order, where ji vv ,  are restrained 
 
 
 

(9) 
 
 
 
2.1.6   Case ji < , transformation rule for ji →  
order, where ji vv ,  are restrained 
 
 
 

(10) 
 
 
 
 
 

2.1.7   Case kji << , transformation rule for
ijk →→  order, where ji vv , are restrained 

 
 
 
 
 

(11) 
 
 
 
 
 
2.1.8   Case kji << ,transformation rule for 

ikj →→ order, where ji vv , are restrained 
 
 
 
 

(12) 
 

 
 
 
3.  STRAIN REDUCTION METHOD FOR TRUSS 
ELEMENT 
 
 In present Strain Reduction Method, displacements of all 
nodal points in the truss structure except an arbitrary 
representative node are transformed into lower order and 
magnitude of rotations and axial strains of the adjacent two 
trusses. 
 Hence, the equilibrium dynamic equation consists of only 
strain fields instead of displacement fields, except for the 
arbitrary representative node.  
 Therefore, after reducing the equations, the lower order and 
magnitude of strain fields which were transformed from 
nodal displacements can be neglected, leaving the 
representative node as an SDOF system. 
 
3.1   Dynamic Equation of Motion 
 
 After assembling all truss elements in a structure, 
displacements vector is to be transformed by  

(13) 
where,    is a vector consist of a representative node and 
elemental strain degree of the corresponding strains obtained 
from assembling all the transformations rules given 
equations (4) to (12). 
 From the principle of virtual work, the dynamic equation of 
motion in term of strains can be written as 

(14) 
Here, the matrices are the initial mass, damping and stiffness 
properties of the structure before the transformation.  
      TMTm T ,      TCTc T ,      TKTk T ,     MTm T~  
and 

0x , respectively. where, the matrices      KCM ,, are 
the initial mass, damping and stiffness properties of the 
structure before the transformation.  

- 1118 -



 

 

‐1.50

‐1.00

‐0.50

0.00

0.50

1.00

1.50

0.00 5.00 10.00 15.00 20.00 25.00 30.00

D
is
pl
ac
em

en
t （

cm
）

Time（S）

Vretical Displacement Node 8(MDOF) SDOF

‐3.00

‐2.00

‐1.00

0.00

1.00

2.00

3.00

0.00 5.00 10.00 15.00 20.00 25.00 30.00

D
is
pl
ac
em

en
t 
（c
m

）

Time（S）

Vertical Displacement of Node 8 (MDOF) SDOF

4.23E+05 -9.40E+01 6.39E+01 -3.02E+01 0.00015095 0.32081341
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3.2   Reduction to SDOF 
 
 The detail procedures on the method for reducing the 
dynamic equation of motion given in equation (14) can be 
referred to the previous works (Sugiyma et al.2008 et al. 
2009). 
 
4.    EXAMPLE 
4.1   Plane Truss Problem 
 
 A steel plane truss by a pin and a roller at both legs as 
shown in Figure 1 and 2 is considered for verifying the 
present proposed method. The modulus of elasticity of steel 
210 MPa, the poison’s ratio of 0.3 and density of 7,800 
kg/m3 are used. The vertical displacement, v , of node 8 is 
selected as a representative SDOF node.  The cross section 
standard hollow steel pipe. The cross section of the member 
of the truss is 60.5mm in diameter and 4.5 mm in thickness 
selected from standard hollow steel pipe. The cross sectional 
area of 99.19cm2 and second moment of inertia of11900 cm4 
are used in the analysis for model 1. In the same way, 
diagonal member of truss is 1000.0mm in diameter and 
16.0mm in thickness selected from standard hollow steel 
pipe for model 2. The cross sectional area of 243.3cm2 and 
second moment of inertia of 71300cm4 are used in the 
analysis. 
 
 
 
 
 
 

(unit : mm) 
Figure 1: Plane Truss Example1 

 
 
 

(unit : mm) 
Figure 2: Plane Truss Example2 

 
4.2 Comparison of Strain Reduction 
 
 Consider the magnitude relation of subordinate 
displacement in strain reduction. 
 The results of mass matrices both the FEM (plane truss 
example) and its reduced strain reduction are compared.  
Table 1 and 2 show the comparisons of vertical node 2. 

Table 1: Comparisons of model 1 
 

 
 
 

Table 2: Comparisons of model 2 
 

 
 
 
Therefore, subordinate of displacement reduced at least 

1~2 orders. 
 
4.3 Dynamic Properties 
 
 An initial 5% critical ratio of Rayleigh’s damping is used in 
the analysis. The eigenvalue analysis is conducted for the 
model as the MDOF system, which resulted in the first nodal 
natural periods of 0.01sec. All properties of the model used 
in the analysis are elastic materials. 
 
4.4 Time History Analysis  
 
 Two time history analysis were conducted for comparison 
purposes. The first time history analysis is conducted on the 
plane truss which is already reduced to lumped-mass model 
as the SDOF system. All models are subjected to the seismic 
ground acceleration of UD component of TOHOKU 2011 
earthquake with maximum acceleration of -290.2 gal and 
recoded at time interval 0.02 sec of 3000 data.  
 
4.5   Results of time history response  
 
 The results of both models used in the time history analysis 
are compared. The comparisons are made between the 
results from displacement of the lumped-mass SDOF system 
and at the vertical displacement of node 8 which is the 
representative degree of freedom of the plane truss MDOF 
system. Figure 3and4 shows the comparisons of both models 
in displacement. From table 1, the maximum error of 7.78 
and 0.14% are observed from the results of predictions to the 
MDOF behavior at Node 8 by SDOF behavior for the 
vertical displacement, respectively. 
 
 
 
 
 
 
 
 
 
 
 
Figure 3: Results of comparison between MDOF and SDOF 

system (model 1) 
  
 
 
 
 
 
 
 
 
 
 
 

Figure 4: Results of comparison between MDOF and SDOF 
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4.6   Comparison of Recovering Method 
 
 From the displacement of time historical response analysis, 
recovering solution is obtained global representative node by 
displacement. The comparisons are made between the result 
from displacement of the recovering method and at the 
vertical displacement of node 2 which is the plane truss 
MDOF system. Figure 4 and 5 shows the comparisons of 
both models in displacement time history.  Comparisons of 
responses between the recovering method and the MDOF 
system are given in table 2. 
 Also, determine the time history of axial force in member. 
Time history stress for response, the comparisons are made 
between the results from stress of recovering method and at 
the stress of 1 member. Figure 6 and 7 shows the 
comparisons of both models in stress of time history. 
 
 
 
 
 
 
 
 
 
 
 

Figure 4:Results of comparison between MDOF and 
recovering method(model 1) 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5: Results of comparison between MDOF and 
recovering method(model 2) 

Table 3 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 6: Results of comparison (model 1) 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7: Results of comparison (model 2) 
Table 4 

 
 
 
 
 
 
4.8   Conclusions  
  
Hence, the error shows the applicability of the present 

reduction method within small discrepancies, thus 
recommended for practical design purpose. 
The proposed method also showed its soundness and 

accuracy in predicting the behavior of MDOF plane truss 
structure within tolerable error for design works. 
 The analysis is effective method even if representative node 
changes arbitrary node. 
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Abstract:  The plastic deformation capacity of beams before ductile fracture is one of the most popular topics in seismic 
design of steel moment frame. Seismic effects of significantly different characteristics are applied to beams during 
distinct earthquakes. The loading protocols employed in beam tests to evaluate its seismic behavior have been studied by 
researchers universally for decades. Basically, each country has its own standard loading protocols for steel beam testing. 
However, it is doubtful whether the current loading protocols are enough to represent real beam behavior in frames during 
earthquakes. This paper tries to estimate the currently used loading protocols and gives suggestions on the selection of the 
loading protocols in beam testing. The first part of this paper studies beam response in weak-beam moment frames during 
different earthquakes. Response analyses of a plane moment frame were conducted under various ground motions. In the 
second part of this study, in-plane beam analyses of beams subjected to cyclic loadings were carried out. The beams’ 
behavior under the present loading protocols was compared with that under analytical beam responses. The appropriate 
combinations of the loading protocols employed in beam tests for the purpose of evaluating the seismic behavior of steel 
beams were suggested.  
 

 
 
1.  INTRODUCTION 
 
    Steel moment frames with strong-column weak-beam 
mechanism are frequently used in earthquake-prone areas. In 
such systems, beams are the dominant anti-earthquake 
components that dissipate the majority of the earthquake 
input energy. Therefore, the evaluation of the seismic 
behavior, i.e., plastic deformation capacity of beams before 
ductile fracture is one of the most popular topics in seismic 
design of steel structures.  

Seismic effects of significantly different characteristics 
are applied to beams during distinct earthquakes. 
Furthermore, the number and amplitudes of the loading 
cycles the beam experiences during earthquakes depend on 
the configuration, strength, stiffness, etc. of the structure. 
The loading protocols employed in beam tests to evaluate its 
seismic behavior have been studied by researchers 
universally for decades. Basically, each country has its own 
standard loading protocols for steel beam testing. For 
example, the AISC 2005(AISC 2005) protocol is used in the 
USA, and the JISF (JISF 2002) loading protocol is accepted 
in Japan. However, it is doubtful whether the current loading 
protocols are enough to represent real beam responses in 
structures during earthquakes. This paper tries to evaluate 
the currently used loading protocols and gives suggestions 
on the selection of the loading protocols in beam testing.  

The first part of this paper studies beam response in a 

weak-beam moment frame during different earthquakes. 
Response analyses (Yamada et al. 1994, 1996) of a plane 
moment frame were conducted under eleven ground 
motions. Earthquake records with distinct characteristics 
such as the JMA Kobe record, Hachinohe record, and the 
JMA Sendai record, etc., were input into the frame analyses. 
The beam responses during each earthquake were obtained.  

The second part of this study compares the beam’s 
seismic response with the presently used loading protocols. 
According to the recent study, under cyclic loadings, the 
stress-strain histories till fracture at the beam flange fracture 
zone (close to the connection) can be obtained through 
in-plane beam analyses (Yamada et al. 2011). The growing 
process of the cumulative plastic strain ratios (CPSR) 
calculated from the stress-strain relationship shows strong 
correlation with the characteristics of loading histories. 
Therefore, the in-plane beam analyses of beams subjected to 
different loading histories were carried out in this study. The 
input loading histories were the beam responses obtained 
from the frame response analyses and the commonly 
employed American and Japanese beam testing loading 
protocols. The beams’ behavior under the present loading 
protocols was compared with that under real beam responses. 
The appropriate combinations of the loading protocols 
employed in beam tests for the purpose of evaluating the 
seismic behavior of steel beams were suggested.  
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Figure 1. Analytical model of the response analysis 

 
2.  BEAM PERPORMANCE IN A WEAK-BEAM 
MOMENT FRAME DURING VARIOUS 
EARTHQUAKES 
 
2.1  Steel Plane Frame Employed in the Response 
Analysis 
    The four-storied four-span plane frame (response 
analytical model) is picked up from a steel building designed 
as a design example in one Japanese text book (Gihoudo 
2009), which is designed based on the current Japanese 
design code. The elevation and the analytical model of this 
frame are shown in Figure 1. Typical welded 
beam-to-column connections are used in this frame. 
Structural details of the weak-beam moment frame are listed 
as follows.  
Beam: H 500×200×10×16 (SN400B) 
Column: RHS 350×350×19 (BCP 325) 
Exposed type column base:  
Baseplate: 650×650×60 (SN490B) 
Anchor bolts: 8-M42 (ABR 400), lb=1200mm 
 
2.2  Hysteresis Model of Each Structural Component 
    In the response analysis, the hysteresis model employed 
for each structural component is shown in Figure 2. The 
multi-linear moment-rotation hysteresis model considering 
Bauschinger effect (Akiyama et al. 1990) is employed for  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Hysteresis model of the components 

 
each of the structural component (beam, column, and panel 
zone). The second stiffness ratio of the skeleton curve of the 
beam is set to 0.025. The columns skeleton curve has the 
second stiffness ratio of 0.03, while that of the panel zone is 
0.02. The hysteresis model of the column base is also shown 
in Figure 2. Detachment moment and the strength 
(maximum moment) were calculated from the frame model. 
Therefore, the side column base and the middle column base 
have different strengths. The second stiffness ratio is set to 
be 0.02. 
  
2.3 Response analysis methodology 
    Constant average acceleration method (elasto-plastic 
system) is introduced in the response analysis with =1/4. 
Reyleigh damping ratio for the first and second modes are 
0.02. The P- effect of the frame is also considered as minus 
stiffness in this analysis (Akiyama 1984). 
    The bending deformation of each component 
(beam/column) concentrates at the elasto-plastic hinges 
located at both ends of the component. The axial stiffness of 
the component is considered to remain elastic during the 
analysis. Shear deformation of the panel zone is also 
considered. The deformation condition of the 
beam-to-column joint is shown in Figure 3. 
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Figure 3. Deformation condition of the beam-to-column 
joint 

 
2.4 Input Earthquake Ground Motions and the Scaled 
Factor 
    Ground motions of significantly different 
characteristics were input into the structures during 
earthquakes. Both the characteristics of the earthquake (such 
as the magnitude, fault type, depth of focus, soil type, etc.) 
and the characteristics of the structures (natural period, 
damping condition, strength of the components, etc.) would 
affect the beams seismic responses. In weak-beam moment 
frames, the plastic hinges form at the end of the beams close 
to the beam-to-column connections, and dissipate most of 
the seismic input energy. 
    In this research, the frame analytical model is fixed. A 
set of 11 strong ground motion records, listed in Table 1, is 
used to evaluate the beams seismic performance in a 
weak-beam moment frame. According to the current 
researches on the structural performance of frames under 
earthquakes, the ground motion records used in a response 
analysis should cover as more types of earthquake records as 
possible. This group of ground motion records includes the 
oceanic trench-type record (Hachinohe), the near fault 
earthquake record (Kobe, Northridge, etc.) and the 
long-duration earthquake record (Touhoku). The ground 
acceleration time histories of two records are shown in 
Figure 4 as examples. 
    Based on the eigenvalue analysis, the natural period of 
the frame model is 0.59s.The energy spectrum till period of 
2s are presented in Figure 5. The natural period of the frame 
model is shown in the figure. 

  The beams responses under three levels of input 
earthquake records are investigated in this research. This 
research studies the plastic deformation capacity of steel 
beam under earthquake effects. Therefore, the basic scaled 
factor (BSF) is the factor with which the beam with largest 
response reaches ductile fracture just at the end of the 
earthquake record. The fracture point is determined through 
the evaluation method suggested in (Yamada et al. 2011). 
The other two factors are 0.8×BSF and 1.2×BSF, 
respectively. The scaled factors of all three levels are listed 
in Table 1.  

 
2.5 Beam Response Obtained from the Response 
Analyses under Various Earthquakes with Different 

Scaled factors 
    The results of the response analyses, i.e., the beam 
responses under 11 ground motion records with three scaled 
factors are obtained. As examples, Figure 6 shows several of 
the responses of the beam at BSF with largest beam response 
in the analysis under each ground motion.  
The difference of the beam response till fracture from 
different earthquakes can be found from these graphs. Under 
near-fault earthquakes (Takatori, Olive View, etc.), the beam 
 
 
 

 

 

 

 

 

 

 

 
Figure 4. Ground acceleration time histories 

 

 

 

 

 

 

 

 

 

 
Figure 5. Energy spectrum of the ground motion records 

(Elastic SDOF system, damping ratio 0.1) 
 

Table 1. Basic properties of recorded ground motions and 
the scaled factors 
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Kobe, Japan, 1995 Takatori Eki 7.2 NS 40.96 1.152 0.9216 1.3824

Northridge, US, 1994 Olive View 6.7 360 40 2.43 1.944 2.916

Northridge, US, 1994 Newhall 6.7 360 40 1.396 1.1168 1.6752

Tokachi-oki, Japan, 1968 Hachinohe 7.9 EW 36 3.8 3.04 4.56

Imperial Valley, US, 1940 El-centro 7.0 NS 53.76 3.81 3.048 4.572

Taft, US, 1952 Taft 7.4 NS 54.38 6.6 5.28 7.92

Chi chi, Taiwan, 1999 Shuili 7.6 78 90 24 19.2 28.8

Kocaeli, Turkey, 1999 Yarimca 7.8 EW 135 3.85 3.08 4.62

Touhoku, Japan, 2011 K-net Iwaki 9.0 EW 180 3.014 2.4112 3.62

Touhoku, Japan, 2011 JMA Sendai 9.0 NS 180 1.995 1.596 2.394
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fractured after several large amplitude cycles. While under 
long-duration ground motions (Turkey, Iwaki, etc.), there are 
a large amount earthquake loading cycles that the beam 
experienced before fracture. The amplitudes of the loading 
cycles are usually smaller than that under near-fault ground 
motions. The maximum beams’ responses in the plane steel 
frame were obtained from the response analyses. The plastic 
ratios  , which represents the maximum beam rotation are 
shown in Figure 6. The plastic ratios grow with the increase 
of the input scaled factor. Under same input scaled factor, the 
beam’s plastic ratios under near-fault earthquakes are larger 
than those under other types of earthquake ground motions, 
especially the ones under long-duration ground motions.  

 

 

 

 

 

 

 

 

 

 

 
Figure 6. Examples of the maximum beam response 

 
2.6. Beam Behavior under Various Earthquake Ground 
Motions 

  Referring to the evaluation method of the beam’s 

plastic deformation capacity from (Yamada et al. 2011), the 

cumulative plastic strain ratio at the toe of the weld access 

hole on the fractured flange of the beams under each ground 

motion record was also output from the analyses 

( , , ,m m m m
S S B B       ). The growing processes of 

0/m m
S   and 0/m m

T   of all beams subjected to 

different ground motions with 3 levels of scaled factors are 

plotted in Figure 7. The fracture condition (Yamada et al. 

2011) is also plotted in Figure 7. These graphs indicate that: 
1) The growing processes of plastic strain ratio of the beams 
under different ground motion records are quite different. 
Under long-duration ground motions such as the K-net 
Iwaki record, till ductile fracture, beams tend to have larger 
cumulative plastic strain ratios with smaller skeleton 
cumulative plastic strain ratios. The growing process of 
plastic strain ratio goes along the left side of the graph. On 
the other hand, under near-fault ground motions like Olive 
record and Kobe record, the growing process of plastic strain 
ratio goes along the right side of the graph, when the overall 
plastic strain ratios are smaller but the skeleton plastic strain 
ratios are larger. For the rest of the ground motion records, 
the growing process of plastic strain ratio cover almost 

evenly between the two types of earthquakes mentioned 
above. 
2) Under ground motion input with larger BSF, the growing 
processes of plastic strain ratio tend to lean toward the right 
side of the graph. In other word, the overall plastic strain 
ratios become smaller while the ratio of 0/m m

S   to 

0/m m
T 

 
grow larger. 

3) Under ground motion input with smaller BSF, the 
growing processes of plastic strain ratio tend to shrink to the 
middle of the graph. Both the overall and skeleton plastic 
strain ratios become smaller. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7. Plastic strain ratio growing processes of the beams 

under three levels of scaled factors 
 
3. RECOMMENDED LOADING PROTOCOLS IN 
JAPAN AND THE UNITED STATES 
 
3.1 JISF Loading Protocols 
    Figure 8 shows the loading protocol recommended by 
the Building Research Institute and the Japan Iron and Steel 
Federation (JISF 2002), which is commonly accepted in 
Japan. This loading protocol is obtained through the 
response analyses of frames. The incremental cyclic loading 
starting from  2 P , with intervals of 2 P , where P  the 
elastic beam rotation when the moment of the beam’s 
cantilever end equals its full plastic moment PM . For each 
loading step, two cycles should be applied. 
 
 
 
 
 
 
 
 
 

 
Figure 8. Japanese JISF loading protocol 
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3.2 American Loading Protocols 
    The deformation controlled loading protocols from 
FEMA 461, AISC 2005, SAC 2000, as well as ATC-24, 
which are recommended in the U.S. for steel beam testing, 
are investigated. These loading protocols are shown in 
Figure 9. The descriptions of these loading protocols are as 
follows: 

FEMA 461 (FEMA 2007) : 
    This protocol was developed originally for testing of 
drift sensitive nonstructural components, but is applicable in 
general also to drift sensitive structural components like 
beams. It used a targeted maximum deformation amplitude 

m . Loading starts from 1 0.048 ma   , with 1 1.4i ia a  . 
At each amplitude, 2 cycles should be applied. The 
recommended range for m  is as follows: 
◆ m : Targeted maximum deformation amplitude, which 
can be estimated from a monotonic test. A recommend value 
is 0.03 (in terms of story drift index / h ).  
◆ Generally, the number of steps n should be 10 or larger. 
◆ If the most severe damage state has not yet occurred at 
the target value, the loading history should be continued by 
further increments of amplitude of 0.3 m . 

AISC 2005 (Seismic provision) (AISC 2005): 
    This loading protocol is recommended by the American 
Institute of Steel Construction for testing beam-to-column 
moment connections in special and intermediate moment 
frames. The cyclic loading protocols are in terms of 
inter-story drift angle  : 
1) 6 cycles at  =0.00375 rad 
2) 6 cycles at  =0.005 rad 
3) 6 cycles at  =0.0075 rad 
4) 4 cycles at  =0.01 rad 
5) 2 cycles at  =0.015 rad 
6) 2 cycles at  =0.02 rad 
7) 2 cycles at  =0.03 rad 
8) 2 cycles at  =0.04 rad 
9) Continue loading at increments of =0.01 radian, 2 
cycles at each step. 

SAC 2000 (Krawinkler 2000): 
  Two kinds of loading protocols are recommended in the 
SAC 2000 program. First one is the basic loading history for 
beam-to-column connections in SMRF. The SAC protocol 
includes more small elastic cycles because of the observed 
Northridge weld fractures that occurred before yielding 
occurred (Youssef 1995). The second loading protocol 
recommended by SAC 2000 is the near-fault loading history.  

SAC 2000: Basic loading history 
  The cyclic loading protocols are in terms of inter-story 
drift angle  . This loading protocol is the same as AISC 
2005.  

SAC 2000: Near-fault loading history 
  The cyclic loading protocols are in terms of inter-story 
drift angle  . Several supplementary specifications are as 
follows: 
◆ Based on the response of the SAC model buildings to the 

SAC near-fault ground motions for the Los Angeles 
location. 
◆ From the beginning to A: to examine the performance for 
one loading direction. From A to B: to examine the 
performance for the opposite loading direction. 
◆ No acceptance judgment can be passed unless at least 
half of the loading history is completed (up to A). 

ATC-24 (Krawinkler 1992): 
  The ATC-24 was specifically developed for components 
of steel structures, was one of the first formal protocols 
developed in the U.S. for seismic performance evaluation of 
components using a cyclic loading history. This cyclic 
loading protocol is in terms of beam’s elastic deformation 

y : 
1) The number of cycles with the amplitude less than y  
should be at least 6. 
2) The number of cycles with the amplitude equal to y  
should be at least 3. 
3) The number of cycles with the amplitude larger than y  
should be at least 3 with the increment of y . 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 9. American loading protocols 
 

3.3 Beam Performance under Recommended Loading 
Protocols 
    The cyclic in-plane analyses of cantilever beam are 
conducted, with the input beam free-end deformation 
corresponding to each recommended loading protocols in 
Japan and the U.S.. In order to compare with the beam 
performance in the frame, the analytical model of the 
cantilever beam is the same as the beams in the frame 
analysis.  
    The JISF and ATC-24 loading protocols are in terms of 
beam rotations, the beam free-end deformation can be 
obtained directly by times the beam span. However, the 
other loading protocols introduced are in terms of story drifts 

(
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), which have to be converted into the beam 

rotations ( b ). Here, the column and panel zone is 

considered to remain elastic.  
    Figure 10 shows the moment-rotation relationships till 
fracture of the beams under Japanese and American  
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Figure 10. Analytical load-deformation under recommended 

loading protocols 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 11. Growing processes of the plastic strain ratio under 

recommended loading protocols 
 

recommended loading protocols together with the plastic 
ratio (maximum deformation). Under SAC Near-fault 
loading history, the beam reached fracture8.0. While under 
the other 4 loading protocols (JISF, SAC2000/AISC, 
FEMA461, and ATC-24), the plasticratios turn out to be 
similar (around 4-5). The beam reached fracture under 
several loading cycles in the plastic region. The shapes of the 
load-deformation relationships are similar to each other as 
well. 

The growing processes of the plastic strain ratio at the 
flange fracture zone are plotted in Figure 11. In this graph, 
the growing process under SAC-Near-fault loading protocol 
shows totally different route from that under the other 
loading protocols. The growing processes under the rest of 
the loading protocols are similar to each other. Especially for 
loading protocols SAC 2000 and FEMA 461, almost same 
growing processes can be seen from the graph. 

4. SUGGESTION ON SELECTING LOADING 
PROTOCOLS IN BEAM TESTING 
 
4.1 Investigation of the Recommended Loading 
Protocols 
    In the tests to evaluate the beam’s seismic performance, 
especially plastic deformation capacity under seismic effects, 
a loading protocol is suitable or not lies on its reproduction 
of the beam’s behavior under (as various as possible) real 
earthquake ground motions. The seismic behavior of the 
beam flange under 11 ground motions was obtained in 
Section 2. The growing processes of the plastic strain ratio at 
the beam flange fracture zone show distinguished routes in 
Figure 7. The plastic strain ratio growing processes under 11 
ground motions cover a certain area. From Figure 7, the 
envelope of the area at BSF is obtained. The area covered by 
the envelope represents the beam’s behavior under different 
types of ground motions. In order to investigate the 
practicality of the recommended loading protocols, the 
growing processes of the plastic strain ratio under these 
recommended loading protocols (Figure 11) are plotted into 
the envelope (Figure 12). 
    The results of the JISF, FEMA461, SAC2000, 
AISC2005, and ATC-24 loading protocols gather in the 
middle part of the envelope. The result of the 
SAC-Near-fault loading protocol reaches out to the bottom 
edge of the envelope. Taking a broad view of the whole 
graph, there are two obvious parts in the envelope that 
cannot be cover by the results of the recommended loading 
protocols, pointed out in the dark blue cycles. The one at the 
top is where the long-duration ground motions such as Iwaki 
record lays. The feature of the beam responses in this area is 
large number cycles of relatively smaller deformation 
amplitude. The other inadequate part between the 
SAC-Near-fault protocol and the rest of the loading 
protocols is the area that the ground motions with the 
characteristic of large amplitude beam responses lay. The 
inadequate parts in the envelope should be taken into 
consideration in choosing the reasonable loading protocols. 
 
 
 
 
 
 
 
 
 
 
 

Figure 12. Comparison of the “envelop” and the beam 
behavior under recommended loading protocols 

 
3.2 Complementary Loading Protocols 
    To cover the inadequate parts in Figure 12, beam’s 
performance under three loading protocols shown in Figure 
13a was also evaluated. The in-plane analysis was conducted 
and the load-deformation relationship is shown in Figure 
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13b. The details of these three loading protocols are as 
follows: 
1. Constant amplitude loading of  3 P   
2. Constant amplitude loading of  4 P  
3. Modi-JISF loading protocol: incremental cyclic loading 
starting from  2 P , with intervals of 2 P  

The growing processes of the plastic strain ratio at the 
flange fracture zone under the complementary loading 
protocol are plotted in Figure 14 together with the results of 
the recommended Japanese and American loading protocols 
and the envelope under BSF. This graph indicates that beam 
performance under constant amplitude loading protocols of 
 3 P  reproduces the beam performance under long 
duration ground motion. The Modified JISF protocol fills the 
blank between the Near-fault earthquake and other 
recommended loading protocols.  
    Figure 15 shows the deform performance of the beam 
component under all loading protocols till fracture. The SAC, 
FEMA 461, and JISF loading protocols show very similar 
results, which can reproduce the beam’s performance under 
generic earthquakes. When the amplitude of the loading 
protocol decreases, the growing processes lean to the 
upper-left side. The loading protocols in this area reproduce 
the beam’s performance under long duration ground motions. 
On the other side, when the amplitude increases, the 
growing processes lean to the lower-right corner, which is 
the domain of near-fault ground motions. 

Based on the above discussion, suggestions are given as 
follows to the selection of loading protocols in beam tests: 

Single specimen testing program 
One loading protocol from the SAC 2000/ASIC, FEMA 

461, or JISF loading protocols.  
*For the beams possibly suffering brittle fracture, SAC 
2000/ASIC loading protocol is recommended. 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 

Figure 13. Complementary loading protocols 

 
 

 
 
 
 
 
 
 
 

Figure 14. Comparison with the envelopes 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 8. Equivalent cumulative deformation ratio of beams 

under recommended loading protocols 

Multiple specimens testing program 
Testing program with at least three specimens is 

recommended. 
1) One loading protocol from the SAC 2000/ASIC, FEMA 
461, or JISF loading protocol. 
*For the beams possibly suffering brittle fracture, SAC 
2000/ASIC loading protocol is recommended. 
2) One constant amplitude loading protocol with small 
loading amplitude, for example:  3 P . 
3) Either the monotonic loading protocol or the 
SAC-Near-fault loading protocol. 
*When there is a limitation of the facility, constant 
amplitude loading protocol with the largest loading 
amplitude of the facility is recommended.  
 
4. CONCLUSION 
 
    This study focuses on the investigation of loading 
protocols employed in beam testing. Beam seismic 
performance in a weak-beam moment frame under various 
earthquakes is obtained through response analysis and 
in-plane beam analysis. By comparing the beams 
performance under the recommended Japanese and 
American loading protocols and that under ground motions, 
Suggestions were given on the selection of loading protocols 
in beam tests for the purpose of evaluating the seismic 
performance of the beam.  
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Abstract:  During the Northridge earthquake (USA, 1994) and the Kobe earthquake (Japan, 1995) unexpected brittle 
fractures occurred in a number of steel structures. The brittle fracture during earthquakes initiates from a shallower initial 
crack than that of well known brittle fractures. This study addresses the shallow crack tip stress field at brittle fracture 
transition to clarify the mechanism of brittle fracture in steel structures during earthquakes. The crack tip stress field at 
the instant of brittle fracture was investigated based on the experiments and FE analyses which employed specimens 
with precrack on notch. As a result, it was confirmed that crack tip stress field of shallow crack is affected by the shape 
of notch. The result implies a possibility that the process of brittle fracture during earthquakes which occurs from 
shallow surface crack tip at weld toe is affected by the weld bead shape in case the prestrain at the tip is ignorable. 

 

 

1.  I�TRODUCTIO� 

 

During the Northridge earthquake (USA, 1994) and the 

Kobe earthquake (Japan, 1995) unexpected brittle fractures 

occurred in a number of steel structures (Watanabe et 

al.1995, Duane 1988, Stephen 1998).  

Such kind of fractures caused mainly by the possibility 

of overloading at the fracture origin and deterioration of 

fracture toughness of material due to large scale of local 

plastic strain history under earthquakes (Okura et al. 1999, 

Miki et al. 2000, Sasaki et al. 2003). As a result, brittle 

fracture during earthquakes initiate from a shallower initial 

crack than that of well known brittle fractures (Kuwamura 

and Yamamoto 1997). 

Castro et al. (1981) performed three-point bending test 

at temperatures over the range - 100 oC up to room 

temperature by using specimens with a/W ranging from 0.2 

to 0.8―here a and W present depth of initial crack and width 

of the specimen respectively. The results showed that the 

critical value for unstable crack propagation of J integral is 

function of a/W at - 80 oC, decreasing with the increase in 

crack depth, whereas at lower temperatures the value of J 

integral was found to be insensitive to a/W. 

Ruggieri and Dodds (1996) computationally 

investigated stress on crack tip with numerical model of 

ductile crack extension during three-point bending test at 

-120 oC. They showed that the critical value of Weibull 

stress for brittle fracture transition of specimen with shallow 

crack (a/W = 0.1) reaches the value of specimen which has 

deep crack (a/W = 0.5) as a result of the ductile crack 

extension before unstable crack propagation. 

This study is an investigation on shallow crack tip 

stress field at brittle fracture transition to clarify the 

mechanism of brittle fracture in steel structures during 

earthquakes. The target crack depth is less than 1mm (a/W  

= 0.1 in specimen). At the crack tip stress field of similar 

depth of crack, there is a possibility that the crack tip stress 

field may be affected by weld bead shape. The shape of 

specimen was determined by FE analysis to reproduce crack 

tip stress field at vicinity of weld bead of fractured structures. 

The stress filed in the fractured structure was evaluated 

through the earthquake response analysis. Fracture 

experiments and FE analyses were conducted on specimens 

designed through the process as mentioned above. Based on 

the result, stress field around crack tip was evaluated and the 

effect of weld bead shape in initiation of brittle fracture 

during earthquakes was discussed. 

 

 

2.  A�ALYSIS O� ACTUAL STRUCTURES U�DER 

EARTHQUAKES 

 

2.1  Target Structure 

    A steel bridge bent shown in Figure 1 was chosen as a 

fractured structure as such kind of damage is critical for the 

stability of highway bridges. A brittle facture occurred 

during the Kobe earthquake at a corner of this bent (a beam 

to column connection).  

    Figure 2 illustrates the situation shortly after the 

earthquake. From results of the fractographic study on the 

fracture surface, a ductile crack with 0.7 mm of depth from  
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surface was detected as a possible origin of the brittle 

fracture (Okashita et al. 1998). The shallow surface crack 

was situated at vicinity of weld toe where three weld lines 

crossover.  

In such cases, not only the fracture toughness 

degradation due to welding but deterioration due to severe 

strain history generation due to shear lag effect of the box 

shape section must also be incorporated under strong 

earthquakes. The Vickers hardness test on the fracture origin 

also provided the evidence that peak value of the strain 

exceeded 20%. 

 

2.2  Methodology (Tamura et al. 2009) 

The local stress state at the fracture origin of the target 

bent was evaluated with nonlinear FE analysis using 

ABAQUS. The overall flow of the analysis is illustrated in 

Figure 3. In the analysis, a zooming method which is also 

known as submodeling method (Dassault Systems 2007) 

was applied to obtain the local stress during the earthquake. 

The zooming was applied in three stages to decrease the 

element gap size between the global model and the 

submodel. However, there is a possibility that multistage 

zooming for cyclic deformation may cause the serious 

reduction of reproducibility of the analysis. Therefore, the 

simulation of joint model and weld toe model was limited 

only to the instant when the deformation of bent reaches to 

first peak. 

The stress-strain relationships used in this analytical 

study were obtained through experimental test on the 

fractured bent. The von Mises yield criterion, the isotropic 

hardening rule and the Prandle-Reuss flow rule were applied. 

Due to isotropic hardening rule application, the referable 

stresses were confirmed with the results of monotonic 

loading process in the first cyclic which remains unaffected 

by cyclic hardening and Baushcinger effect. 

Figure 4 shows the input acceleration waveform used in 

this analysis which is based on a measured data at Kobe 

during the Kobe earthquake. However, the input data 

directory is not adequate to reproduce the vibration that 

actually occurred on the real bent mainly due to the 

difference of the ground condition under the real bent and 

the observation point. Therefore, the peak acceleration was 

modified to 1000 Gal in order to reproduce the local 

buckling near the fracture origin.  

Figure 5 represents the analytical result of residual 

strain distribution around the fracture origin with corner 

model. As illustrated in left side of the figure, the horizontal 

z- axis starts from edge of column flange and fit on weld toe 

where the fracture origin was detected. From this 

distribution, it can be found that the peak exists in the 

neighborhood of the fracture origin and its value reaches 

24%; the value does not conflict with the estimated value 

from Vickers hardness test (Okashita et al. 1998). 

For the evaluation of local stresses at crack tip, an initial 

crack was employed at weld toe in the FE models as 

described in Figure 6. The models consist of solid elements 

with the minimum element size of 0.05 mm. The flank angle 

of the toe in model was based on the fracture origin of target 

bent. In order to investigate on the effect of toe radius, the 

several models with different toe radius were also prepared 

in this study. The boundary condition of these models is 

(a) Front elevation (b) side elevation

Fractured 

corner

Figure 1  Target Fractured Structure: (a) Front Elevation,

and (b) Side Elevation  

Figure 2  Damage Situation of Target Bent  

(Watanabe et al. 1995) 

 

(a) (b) 

Figure 3  Overall Flow of Analyses in This Study
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based on the result of the joint model analysis (see Figure 3). 

Crack was modeled by release of finite element links; the 

shape of crack is shown in left side of Figure 6. The crack 

depth was also used for the parametric study. The authors 

(2009) showed that the crack tip stress does not change 

significantly in the cases where the crack width is larger than 

its depth, therefore, the crack width was fixed equal to 18 

mm in each model. 

 

2.3  Stress Field at Crack Tip (Tamura et al. 2010 a) 

Stress field around crack tip is highly dependent on 

local constraint due to existence of crack. The effect of local 

constrain can be evaluated by maximum principal stress. On 

the other hand, level of constrain is evaluated by stress 

triaxiality.  

Stress triaxiality is often defined as 

                                           �� =
��
��

                                       (1) 

where σh and � are respectively the hydrostatic stress and 

the von Mises stress: 

                        �� =
1

3
����� + ���� + ���	�                   (2) 

             σ� =
1

√2
	�σ��� − σ����
 + �σ��� − σ��	�
 
 


                                                        +�σ��	 − σ����
�
�


     (3) 

where σmax, σmid, and σmin are respectively the maximum 

principal stress, the medium principal stress, and the 

minimum principal stress at the point. 

On the other hands, triaxiality T2 is also defined by 

Schafer et al. (2000). The Definition of T2 is as follows: 

                                         �
 =
����

��
                                    (4) 

T1 and T2 are indexes which have a similar tendency for 

estimating the triaxiality of multiaxial stress state (Tamura 

et al. 2009). For uniaxial stress states, T1 indicates 1/3 and T2 

indicates 1. With the multiaxiality elevation, the values 

which these indexes show both become larger. The present 

paper shows T2 as the triaxiality, because T2 could be regard 

as the increase rate from von Mises stress to maximum 

principal stress. Von Mises stress is a parameter which 

dominates the deformation of steel. Maximum principal 

stress is widely known as a key parameter of brittle fracture. 

Figure 7 shows the result of the analysis of corner 

model. Figure 7 describes relationship between the stress 

triaxiality history at fracture origin and the history of lateral 

displacement given to the corner model as deformation 

during the earthquake. It can be noticed that the triaxiality 

peck of each corner deformation is not affected significantly 

by the scale of deformation. However the isotropic 

hardening rule was applied in the analysis, it has been 

confirmed that the analysis with isotropic-kinematic 

combined hardening rule gives similar triaxiality history 

(Tamura et al. 2010 b). Not only the analysis with 

earthquake waveform observed during the Kobe earthquake 

but also that with waveform measured during the other large 

earthquakes, this attribution is confirmable (Tamura et al.  
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Figure 5  Residual Strain on Neighborhood of the Fracture 

Origin Computed though the Analysis 

d [mm]
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Fracture origin

Center of crack tip:

(z, d )= (27, a )

18 mm

Figure 6  Weld Toe Model:  (a) Shape of the Crack, (b)

Model with r = 0.5 mm, (c) Model with r = 1.0 mm, (d)

Model with r = 2.0 mm, (e) Model with r = 2.0 mm, and (f)

Model with r = 5.0 mm. Here, r denotes the toe radius.  
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(c) (d) 

(e) (f) 
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2009). Therefore obtained stress triaxialtiy by joint model 

and toe model which show the value at the first peak of 

corner deformation give a good projection of local stress 

state at the fracture origin under earthquakes. 

Figure 8 shows the depth distribution of T2 at the 

fracture origin (z = 27 mm) obtained by analysis of weld toe 

models without initial crack; the origin of d-axis in the figure 

is the center of toe curve at which peak of strain appears and 

is set to the depth direction. The displayed result in Figure 8 

indicates that, at the fracture origin, triaxiality increases with 

the depth, and the degree of increase depends strongly on the 

toe radius. 

Triaxiality distributions gained by analysis of weld toe 

models with initial crack the depth of which corresponds 

with the crack detected in fracture surface of target bent are 

shown in Figure 9. From the difference between the case toe 

radius ρ is 0.5 mm and 5.0 mm, it can be recognize that the 

sensitiveness of triaxiality distribution to the toe radius 

remains after occurrence of shallow crack, especially peak 

value which locates around the crack tip and is increased by 

the crack exhibits sensitiveness to the toe radius. 

Figure 10 presents the stress distribution obtained from 

analysis of weld toe models with the initial crack; maximum 

principal stress is adopted as stress affected by stress 

triaxiality. Also in stress distribution shown in Figure 10, 

effect of the toe radius is confirmed at the peak which is 

situated near the crack tip. These analytical results imply a 

likelihood that, in case of brittle fracture during earthquakes, 

crack tip stress field at the instant of fracture (initiation of 

brittle fracture transition) is affected from weld bead shape. 

 

 

3.  REPRODUCTIO� OF STRESS FIELD AT 

CRACK TIP 

 

3.1  Target Specimen 

    At present, simulation of brittle fracture during 

earthquakes is impossible because the criterion has not been 

fully clarified yet. For the evaluation of crack tip stress field 

at the instant of fracture, a fracture experiment was carried 

out to identify the load at which brittle fracture occurred 

from initial shallow crack. In the experiment, a compact 

specimen which was designed for this experiment was 

employed. In the design, the followings requirements were 

considered to reproduce crack tip stress field in real 

structures (i. e., fracture origin of steel bridge bent remarked 

in Section 2): 

(1) Shallow fatigue crack as initial crack of brittle fracture 

during earthquakes is introduced easily. 

(2) At the crack tip, effects of weld toe shape, toe radius 

effects, is reproduced as well as a crack tip of real 

fracture origins. 

(3) The specimen has enough width to reproduce three 

dimensional stress conditions at real fracture origins. 

(4) Deformation mode of fracture origin under the 
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deformation of real structures is reproduced by loading 

of the specimen. 

From these points of view, two type of specimens 

which have different notches were designed as shown in 

Figure 11. Specimens R0.5 has a sharp round notch (radius: 

0.5 mm, depth: 1.0 mm) which enhances stress field around 

the notch bottom such as weld toe without grinding 

(as-weld). Specimen R5.0 has a blunt round  notch (radius: 

5.0 mm, depth: 1.0 mm) which affects on stress field around 

the notch bottom as well as weld toe with grinding which is 

adopted usually for control of fatigue cracking from weld toe. 

The comparison between stress field around the notches and 

that of weld toe will be done in 3.3. 

    The width of the specimens, 20 mm, was determined 

through FE analysis in order that stress distribution of width 

direction around the center becomes constant as well as the 

distribution of direction along z-axis around the fracture 

origin of the target bent in Section 2. 

    These specimens were made from 400 MPa class hot 

rolled steel (SS400) because 400 MPa class hot rolled steel 

(SMA400A) was used to the corner addressed in Section 2. 

Loading was decided to be introduced by four-point 

bending of the specimens, see Figure 12. This is because 

there was a risk that shear effect in the specimens becomes 

unignorable by large deformation under three-point loading, 

however the shear effect was avoided by breaking occurred 

promptly.  

 

3.2  Analysis Methodology 

Reproducibility of the target specimens were verified 

by FM analysis. Figure 13 shows FE model used in the 

analysis. The model consists of quarter part of the specimen 

and half part of toe supporters.  

    Mirror symmetric condition was applied on the surface 

of cut planes of quarter specimen model except a region 

which reproduce the initial crack. The average element size 

around tip of the initial is 0.03 mm, which is enough fine to 

evaluate stress field around crack tip (Ohata et al. 2006).  

    The stress-strain relationship which was applied to 

model is shown Figure 14, which was also used in analysis 

20
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Magnified View of Notch

Unit: mm
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R=0.5

1.0

Magnified View of Notch

Figure 11  Target Specimen: (a) Specimen R0.5, and (b) Specimen R5.0  

(a) (b) 

Figure 12  Setup of Experiment  

 

Figure 13  FE Model of Target Specimen: (a) Overall View, (b) Magnified View

around Precrack of Specimen R0.5, and (c) Magnified View around Precrack of

Specimen R5.0  

(a) (b) (c) 

Figure 14  Stress-Strain Relationship of Material used in 

Fractured Steel Bridge Bent 
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Section 2. The Young's modulus and Poisson's ration are 

200 GPa and 0.3 respectively.  

    The friction between the specimen and the support was 

computed with the Lagrange multiplier method. The friction 

coefficient is 0.21; the value was identified by measurement. 

The normal behavior was calculated based on modified hard 

contact relationship (Dassault Systems 2010).  

 

3.3  Crack Tip Stress Field in Specimen 

Figure 15 shows analytically obtained depth 

distribution of T2 beneath the notch of each specimen during 

loading with distributions shown in Figure 8 which indicates 

distributions at the fracture origin of real structures. Figure 

15 demonstrates that each designed specimen reproduces 

stress triaxiality distribution of the real fracture origin 

without initial crack. 

Likewise, Figure 16 displays the T2 distribution of 

specimen R0.5 and R5.0 with initial crack 0.7 mm in depth 

with those of real fracture origin with initial crack with same 

depth. The correspondence of distributions in both graph in 

Figure 16 also demonstrate the reproducibility of actual 

initial crack tip stress field in the designed specimens.  

Figure 17 shows maximum principal stress distributions 

of the specimens and real fracture origin. Also in this figure, 

favorable reproducibility of crack tip stress field in the 

specimens is shown clearly. 

 

 

4.  FRACTURE EXPERIME�T OF COMPACT 

SPECIME� 

 

4.1  Precrack Introduction 

Fatigue crack was introduced to each specimen prior to 

the fracture experiment. By four point loading, the fatigue 

load was given, the range and the average are 7.0 kN and 3.6 

kN, respectively. During the loading, the specimen did not 

yield, which was confirmed with strain gauge attached on 

the surface without the notch. Approximately hundred 

thousand cycles of fatigue load were applied to each 

specimen to introduce crack in which the depth ranging from 

0.5 mm to 1.0 mm was targeted. The crack initiation and 

growth were traced by magnaflux inspection. 

 

4.2  Condition of Experiment 

The fracture experiment on the precracked specimen 

was performed to confirm the critical load for brittle fracture. 

The load was applied by displacement control quasi- 

Figure 15  Comparisons of Stress Triaxiality Distribution of Real Fracture Origin without Initial Crack and That of Specimen

without Precrack: (a) Real Fracture Origin (r =0.5 [mm]) and Specimen R0.5, and (b) Real Fracture Origin (r = 5.0 [mm]) and

Specimen R5.0  

(a) (b)

Figure 16  Comparisons of Stress Triaxiality Distribution of Real Fracture Origin with Initial Crack and That of Specimen

with Precrack: (a) Real Fracture Origin (r =0.5 [mm]) and Specimen R0.5, and (b) Real Fracture Origin (r = 5.0 [mm]) and

Specimen R5.0  

(a) (b)
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statically; displacement rate is 0.01 mm/sec. In order to 

observe brittle behavior of the specimens, the loading was 

conducted in a cool bath filled with liquid nitrogen. In the 

cool bath, temperature of specimens and supporters were 

maintained at -197 oC stably. The measurement frequency of 

load was 100 Hz. 

 

4.3  Critical Load for Brittle Fracture 

All specimens were broken brittlely in this experiment. 

Figure 18 shows the experimentally obtained critical load for 

brittle fracture of each specimen. The horizontal axis is 

depth of precracks (introduced by fatigue loading) ao of each 

specimen subsequently measured on fracture surface. The 

vertical axis denotes the critical load Pcr for brittle fracture. 

There are two tendencies in Figure 18. Firstly, the critical 

load increases when precrack depth becomes smaller. 

However Castro et al. (1981) mentioned that the value of J 

integral is insensitive to a/W at lower temperatures, in 

present study, the sensitivity of the critical load to a/W was 

shown in case the depth ranges from 0.5 mm to 2.5 mm, that 

is from 0.05 to 0.25 in a/W. Secondly, the shallower the 

precrack becomes, the higher the critical load of specimen 

R5.0 shows. For this tendency is not obvious, it will be 

verified in Section 5. 

Figure 19 shows situation of fracture surface of a 

broken specimen observed by a electron scanning 

microscope. As seen in Figure 19, the surface made by 

braking represents the typical brittle fracture surface, so 

called river pattern. Distinct dimple pattern region which 

attributes ductile crack extension was not detected at 

precrack tip in any specimens with shallow fatigues crack, 

which means that the ductile crack extension which was 

considered analysis conducted by Ruggieri and Dodds 

(1996) and increased the critical Weibull stress was 

improbable in the experiment at -197 oC. 

 

 

5.  A�ALYSIS O� CRACK TIP STRESS FIELD AT 

BREAKI�G 

 

5.1  Methodology 

    Also In analysis to simulate crack tip stress field at 

breaking, FE model which was used in analysis in Section 3 

(Figure 13) was applied. Likewise, the boundary condition 

and contact condition are the same as analysis in Section 3 

― it was experimentally confirmed that the friction 

coefficient between the specimen and the supports is 0.21 

also in liquid nitrogen. On the other hand, stress-strain 

relationships at -197 oC shown in Figure 20 were applied 

instead of the relationships shown in Figure 13. The 

Figure 17  Comparisons of Stress Distribution of Real Fracture Origin with Initial Crack and That of Specimen with

Precrack: (a) Real Fracture Origin (r =0.5 [mm]) and Specimen R0.5, and (b) Real Fracture Origin (r = 5.0 [mm]) and

Specimen R5.0  

(a) (b)

Figure 18  Critical Load for Brittle Fracture of Each

Specimen and Specimen R5.0  
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Figure 19    Fracture surface at Center of Precrack Tip
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stress-strain relationships at -197 oC was identified from 

adjustment in order that load-displacement relationships 

which was measured in experiment of specimen without 

notch at -197 oC is reproduced in analysis as seen in Figure 

21. 

 

5.2  Crack Tip Stress Field at Breaking 

Figure 22 presents maximum stress contours at crack 

tip of specimen R0.5 of which had a fatigue crack 0.75 mm 

in depth and specimen R5.0 of which had a precrack 0.74 

mm in depth. The contours at the center section when the 

applied load in analysis approached the critical value for 

brittle fracture which was observed in experiment are shown. 

In each stress contour, in Figure 22, similarly displays peak 

at the node which is separated by one element from crack tip. 

Besides, the level of the peak is different; the peak of 

specimen R0.5 shows higher value than that of specimen 

R5.0. The difference of crack tip stress field is result from 

the notch radius difference because the precrack depth of 

these specimens is approximately same. 

Likewise, T2 contours of these specimens are shown in 

Figure 23. Also in this figure, the similar tendency can be 

seen; the peak locates at the node which is separated by one 

element from crack tip and the peak of specimen R0.5 

shows higher value than that of specimen R5.0. From this 

point of view, the elevation of crack tip stress field can be 

attributed to the multiaxial stress state due to both presences 

of the precracks and the notches. 

 

5.3  Peak Stress Triaxiality at the Vicinity of Crack Tip 

Figure 24 shows the peak value of T2 at the instant of 

breaking by each precrack depth. In Figure 24, decrease of 

peak stress triaxiality with decrease of precrack depth both in 

specimen R0.5 and R5.0. However, the degree of decrease 

of stress triaxiality with depth change is remarkable in 

specimen R5.0. This is because the opening of precrack until 

breaking is larger in specimen R5.0. 

In this study, stress field at crack tip equal to or 

shallower than 0.5 mm were addressed with presumption of 

critical load for brittle fracture. In order to estimate the 

critical load, a experiment on specimen without precrack (i. 

e., precrack depth is 0.0 mm) was additionally performed. 

Figure 25 indicates the critical load Pcr and precrack depth ao 

relationship which includes the result with result shown in 

Figure 18. Based on the distribution of each specimen, the 

following relational expressions were assumed: 

                 ��� = 3.69 ln���� − 10.3,     

                                                          for specimen R0.5       (5)  

                 ��� = 2.96 ln���� − 8.57,  

                                                          for specimen R5.0       (6)  

Figure 26 presents the peak stress triaxiality which was 

estimated by these equations with stress triaxiality already 

shown in Figure 24. In Figure 26, the effect of precrack 

depth and notch radius on the critical load is obviously 

SS400

-197 oC

Experiment

Analysis

Figure 20  Stress-Strain Relationship

of Material used in Specimen  

Figure 21  Reproducibility of Material
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shown with precrack depth ranging from 0.03 to 0.5 mm. In 

addition, the estimated values of stress triaxiality show good 

correspondence with values based on experiment; the 

estimated range from 0.03 mm to 0.5 mm connects 

continuously between the value at 0.0 mm and 0.5 mm both 

in specimen R0.5 and specimen R5.0. 

 

 

6.  DISCUSSIO�S 

 

As shown in Figure 24 and Figure 26, it was confirmed 

that the stress triaxiality at shallow precrack tip with smaller 

radius notch is higher than that with large radius notch at the 

instant of brittle fracture. In this section, the effect of weld 

bead shape on crack tip stress field at initiation of the brittle 

fracture during earthquakes is discussed based on the 

results.  

Generally, carbon steel has a brittle-ductile transition 

curve in relationship between fracture toughness and 

ambient temperature and maintains a low constant value at 

the lower temperature. The temperature -197 oC at which 

the experiments were performed is obviously lower than the 

transition temperature.  

Since fracture toughness of the specimens was around 

lower limit value during the fracture experiment, the results 

of this study are applicable only to real brittle fracture 

behavior in which brittle fracture transition occurs from 

crack tips with severely deteriorated fracture toughness for 

some reasons. The following cases are considered as 

situation in which fracture toughness shows lower limit 

value around the initial crack tip during earthquakes: 

 

(1) The initial crack is introduced by cyclic loading during 

earthquakes. 

(2) The cyclic loading is given to high cycle fatigue crack 

originally existing at weld parts. 

(3) Fracture toughness around the fatigue crack tip is 

distinctly low due to sever weld head effect and 

exposure temperature. 

 

In case (1), large plastic strain history is given around 

the surface of weld part as mentioned in section 1 and, as a 

result, deteriorates fracture toughness before crack occurring. 

Moreover, there is a possibility that severer strain history is 

introduced at crack tip during opening and closing of initial 

crack under earthquakes. In this case, it is substantially 

conceivable that transition to brittle fracture may easily 

occur even at shallow initial crack at weld toe with small 

radius because stress triaxilaity around the crack tip is 

increased by the effects of weld bead shape.  

Also in case (2), there is a possibility that significant 

fracture toughness deterioration might occur through 

opening and closing of the shallow fatigue crack under 

earthquakes. In such case, without large plastic strain history 

before cracking, weld bead shape may affect the brittle 

fracture transition as well as in case (1). 

In steel structures which have box shape section, it has 

a chance to locate weld line intersection in the region where 

severe local load generates due to shear lag effect. The 

fracture toughness transition temperature is high in this 

region due to multiple weld heat effects. In cold area, for 

example design exposure temperature is -35 oC (JSCE 

(1974)), there is undeniable possibility that brittle fracture 

suddenly occurs without strain history at shallow fatigue 

crack tip during earthquakes caused both by multiple weld 

Figure 24  Peak Stress Triaxiality at Precrack Tip at the

Instant of Breaking  

Figure 26  Estimated Peak Stress Triaxiality at Precrack

Tip at the Instant of Breaking  

 

Figure 25  Presumption of Critical Load for Brittle 

Fracture  

- 1137 -



 

 

heat effects and low exposure temperature. 

 

 

7.  Conclusion 

 

    This purpose the study is to clarify the weld bead shape 

effects on shallow crack tip stress field at instant of brittle 

fracture transition in process of brittle fracture during 

earthquakes. From experimental research and computational 

survey, the following results were obtained: 

(1) The shape of notch affects on crack tip stress triaxiality 

of shallow crack which is oriented at the bottom of 

notch.  

(2) The precrack depth and notch shape of the specimen 

both change the critical load of specimens under the 

four point bending load at -197 oC. 

(3) The estimated crack tip stress triaxiality from tendency 

described (2) also showed sensitivity of notch shape 

with a/W ranging from 0.00 to 0.05―here a and W 

present depth of initial crack and width of the specimen 

respectively.  

These results indicate the possibility of the change in the 

shallow crack tip stress field due the weld bead shape and 

the existence of effect on brittle fracture transition during 

earthquakes in case that fracture toughness around the crack 

tip is severely low. 
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Abstract: A 0.4-scale model of a highly curved, 3-span, steel girder bridge with two different configurations of 
protective systems was experimentally studied using the NEES shake table array at the University of Nevada, Reno. 
In the first configuration isolators are provided at all supports (“full isolation”) while in the second configuration 
isolators are only provided at the abutments (“hybrid isolation”). The isolators in the first case were designed such 
that the columns remained elastic under the design earthquake. On the other hand, the isolators in the latter case were 
designed to not only keep the columns elastic but also substantially reduce the superstructure displacements. This 
paper presents and compares bridge response, isolator performance, and column performance for the two cases. It is 
shown that both techniques are successful at protecting the columns, even during the maximum considered 
earthquake (150% design earthquake). It is also shown that the hybrid isolation technique reduced the superstructure 
displacements by a factor of about one-half, accompanied by a corresponding increase in the abutment shear forces.  

 
 
 
 
 

1.  INTRODUCTION 
 
Recent earthquakes have again illustrated that 

highway bridges are susceptible to earthquake damage 
(Koacelli 1999; Chi-chi 1999; Sisqually 2001; Sichuan 
2008; Chile 2010; Great East Japan 2011). Strengthening 
schemes for bridge columns and their footings are 
required but cost-effective solutions are elusive. 
Innovation is necessary, and seismic isolation offers 
promise here because it avoids the need to strengthen 
critical members including foundations. The isolators can 
be designed such that the no damage is expected in the 
columns and foundations at a prescribed earthquake level. 
However, the large displacements associated with 
isolated bridges can lead to either pounding against the 
abutment backwall or costly movement joints at the 
abutments. One proposed technique to reduce the 
superstructure displacement and still be able to achieve 
an elastic column, is the use of hybrid isolation where 
stiff, hysteretic isolators are placed at the abutments and 
designed to attract the loads away from the columns 
(Buckle and Wei 2010). 

This paper presents the results of the experimental 
investigations conducted on a 0.4- scale, 3-span curved 
steel girder bridge with the following configurations: 

 Full isolation configuration– isolators are placed 
between the superstructure and substructure at 
all support locations (i.e. abutments and piers). 

 Hybrid isolation configuration – isolators are 
placed at the abutments only. 

In the full isolation case, the isolators were designed 
such that the columns remain elastic under the design 
earthquake. In the hybrid isolation case, the objectives 
were two-fold – (a) elastic columns and (b) reduction in 
superstructure displacement.  

 
 

2.  HYBRID ISOLATION 
 
In this isolation technique, isolators are only used at 

the abutments while monolithic or pinned connections 
remain at the piers. This technique is also known as 
“partial isolation”. It involves placing hysteretic energy 
dissipators at the abutments which may be designed to 
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attract load away from the piers and, at the same time, 
reduce the displacement of the superstructure. Since 
these dissipators must allow for thermal expansion to 
occur at the abutments (and other movements such as 
creep and shrinkage), the most suitable device is an 
elastomeric bearing with a large lead core, i.e. a lead-
rubber isolator. The significant amount of energy that 
may be dissipated by these devices, particularly those 
with large lead cores, in combination with the inherent 
stiffness of most bridge abutments, reduces the 
superstructure displacement and thus the column forces. 
The possibility of pounding at the abutment backwall is 
greatly reduced and the cost of road joints made more 
reasonable. These reductions can be significant and can 
materially improve the capacity-demand ratio for critical 
members that might otherwise need strengthening in a 
bridge retrofit project. 

However, to implement this technique, the 
abutments must be able to transfer forces from the 
superstructure to the foundation that are considerably 
higher than in a conventional bridge or a fully isolated 
bridge. In the longitudinal direction (or tangential 
direction in a curved bridge), it is expected that many 
abutments can provide this capacity by engaging the fill 
behind the backwall. But in the transverse direction (or 
radial direction in a curved bridge), the back fill is not 
effective and the capacity of the abutment piles may be 
exceeded in this direction. One way of protecting the 
piles is by limiting the magnitude of the forces 
transferred from the superstructure, and this may be 
achieved by providing a yielding component in the 
transverse load path, such as a ductile end cross-frame. In 
the hybrid isolation experiment discussed in this paper, 
buckling restrained braces (BRB) are used as the yielding 
components. 

 
 

3.  CURVED BRIDGE MODEL 
 
3.1 Description 

The 0.4-scale bridge model used in the experimental 
investigations is a 3-span, steel I-girder bridge with high 
degree of curvature (subtended angle is 104o (1.8 
radians)). The overall geometry of the prototype and the 
model is summarized in Table 1. The superstructure 
comprises of a reinforced concrete deck that is composite 
with three steel I-girders. The reinforced concrete deck is 
83 mm thick with 19 mm haunch. The girders are built-
up sections consisting of 16 mm by 229 mm flange plates 
and 10 mm by 660 mm web plate. The piers are single 
columns with a drop cap. Figure 1 shows the as-built 
bridge model inside the Large-Scale Structures 
Laboratory at University of Nevada, Reno. 

The column diameter in the model is 0.61 m (1.52 m 
in the prototype) with 1% longitudinal and transverse 
steel ratios. The specified concrete strength was 38 MPa 
and the steel reinforcement is A706 steel. 

Figure 2 shows the plan view of the bridge inside the 
laboratory. Abutment 1 is on a 6 degree-of-freedom 
shake table while Piers 2 and 3 and Abutment 4 are on 
biaxial shake tables. The orientations of tangential and 
radial axes at supports referred to in the subsequent 
sections are also shown in Figure 2. 

 
Table 1 Overall geometry of the curved bridge. 

 Prototype Model 
Total length (m) 110.5 44.2 
Span lengths (m) 32-46.5-32 12.8-18.6-12.8
Centerline radius (m) 61 24.4 
Total width (m) 9.15 3.66 
Girder spacing (m) 3.4 1.37 
Column height (m) 6.1 2.44 
Column diameter (m) 1.52 0.61 

 
 
The weight of the bridge model is 563 kN (not 

including the footings) and the added weight used to 
satisfy similitude requirements is 833 kN. Thus, the total 
weight of the bridge model is 1,396 kN. The added 
weight comprised steel plates and lead bricks distributed 
on the bridge deck and the top of the bent caps. Figure 3 
shows the bridge model with the added weight 
distributed on the deck. 

The curved bridge and its components were 
designed based on the 2008 AASHTO LRFD Bridge 
Design Specifications (AASHTO 2008). The design 
spectrum was based on a rock site in Seismic Zone 3. 
The peak ground acceleration was 0.47 g, the short-
period spectral acceleration (SS) was 1.135 g, and the 1-
second spectral acceleration (S1) was 0.41 g. 

This paper reports the experimental results for full 
and hybrid isolation, but it is noted that this model was 
also used to experimentally study the effect of  

 curvature  
 live load, 
 rocking columns, and 
 abutment-backfill interaction. 
 The findings of these experimental studies, coupled 

with analytical investigations, will be used to develop a 
set of seismic design guidelines for horizontally curved 
steel bridges. 

The results presented herein were obtained using the 
Sylmar record of the 1994 Northridge Earthquake as 
input motion. The Sylmar ground motion was scaled by 
0.475 such that the spectral acceleration at 1.0 second 
was equal to the 1-second spectral acceleration of the 
design spectrum (0.41 g). This scaled motion was 
considered to be the Design Earthquake (DE) for the 
purpose of this experiment. It was applied in increments 
of 10 %, 20%, 50% 75%, 100% 125% and 150%, the last 
case being the Maximum Considered Earthquake (MCE). 

The boundary conditions in the conventional bridge 
referred to in Section 4.4 are the following: 
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Figure 1. Bridge model assembled on the shake table array in the Large-Scale Structures Laboratory 

Figure 2. Bridge plan view and support tangential (T) and radial (R) axes. 
 
 

 

Figure 3. Added weight on bridge deck. 
 

 At abutments – free translation in the 
tangential direction and restrained in the 
radial direction by a failing shear key. The 
shear key was designed to fail at 75% DE 
thus the abutment is free in translation in 
any horizontal direction at earthquake 
levels greater than 75% DE.  

 At piers - pin connection between the 
superstructure and pier cap using pot 
bearings. 

It is noted that the column properties in the 
conventional, full isolation, and hybrid isolation cases are 
the same. 

 
3.2 Curved Bridge with Full Isolation 

In this configuration, lead-rubber bearings (LRBs) 
were placed between the superstructure and the 
substructure. These isolators were designed such that the 
columns remain elastic (no or minimal yielding in the 
column) at 100% DE. There are two sets of isolators – 
one at the abutments and one at the piers. The abutment 
isolators have a bonded diameter of 191 mm with a 32 
mm lead core. The pier isolators have a bonded diameter 
of 229 mm with a 38 mm lead core. Isolator properties 
are summarized in Table 2. 

 
3.3 Curved Bridge with Hybrid Isolation 

In this configuration, LRB isolators were only used 
at the abutments while conventional pot bearings were 
used at the piers. These isolators were sized such that the 
column performance would be the same as that in the full 
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isolation case (i.e. elastic behavior) at 100% DE. Thus, 
the isolators are larger in size and have larger lead cores 
to increase hysteretic damping. As explained previously, 
the stiffer isolators attract load away from the piers 
reducing the demand. The period of the hybrid isolated 
bridge is about 0.5 sec at 100% DE which is similar to 
that of a conventional (non-isolated) bridge. The 
superstructure displacement is therefore less than that of 
the fully isolated bridge where the period is more than 
twice as long (about 1.2 sec at 100% DE). 

Table 3 shows the properties of the LRBs used in the 
hybrid isolation case. The bonded diameter is 279 mm 
and the lead plug core is 79 mm in diameter. Material 
properties are similar to those used in the full isolation 
case. 

As mentioned previously, buckling restrained braces 
(BRB) were used as diagonal members of the end cross-
frames at the abutments. These devices limited the radial 
shears at the abutments by yielding in tension and 
compression without buckling. Shear keys were provided 
to restrain the LRBs in the radial direction and improve 
the effectiveness of the BRBs. Thus, the LRBs dissipated 
energy in the tangential direction, while the BRBs 
dissipated energy in the radial direction. 

 
Table 2. Properties of LRB Isolators used in the Full 

Isolation case. 
Parameters Abutment 

Isolators 
Pier 

Isolators
Shear modulus, G (MPa) 0.41 0.41 
Modulus of elasticity, E 
(MPa) 

1.24 1.24 

Bonded diameter, B (mm) 191 229 
Layer thickness, tr (mm) 6.35 6.35 
No. of layers, n 11 11 
Total rubber thickness, Tr 
(mm) 

70 70 

Total Height, H (mm) 178 178 
Lead core diameter, dL (mm) 32 38 
Bonded Area, Ab (mm2) 27,848 40,053 
Stiffness, Kd (N/mm) 165 236 
Characteristic strength, Qd 
(kN) 

6.27 9.03 

 
Table 3. Properties of LRBs used in the Hybrid case. 

Parameters Abutment Isolators 
Shear modulus, G (MPa) 0.41 
Modulus of elasticity, E (MPa) 1.24 
Bonded diameter, B (mm) 279 
Layer thickness, tr (mm) 6.35 
No. of layers, n 8 
Total rubber thickness, Tr (mm) 51 
Total Height, H (mm) 178 
Lead core diameter, dL (mm) 79 
Bonded Area, Ab (mm2) 56,235 
Stiffness, Kd (N/mm) 459 
Characteristic strength, Qd (kN) 39.1 

4.  EXPERIMENTAL RESULTS 
 
Superstructure displacement, isolator performance, 

column performance, and base shear are presented in this 
section for the Sylmar input motion, and the results 
compared for the full isolation and hybrid isolation cases. 

 
4.1 Superstructure Displacement 

Figure 4 shows the displacement of the deck at the 
center of the bridge (i.e. at the mid-span of Span 2). As 
expected, the fully isolated case has larger displacements 
than the hybrid case because it is more flexible. At 100% 
Design Earthquake (DE), the deck displacement in the 
fully isolated case was 74 mm and at 150% DE, the deck 
displacement was 114 mm. In the hybrid case, the deck 
displacement at 100% DE was 39 mm and at 150% DE it 
was 53 mm. Thus, the superstructure displacement in the 
hybrid isolation case is 47.3 and 53.5% less than the 
superstructure displacement in the full isolation case, for 
the 100% and 150% DE motions respectively. This 
reduction depends on the stiffness of the isolators used at 
the abutments. If the abutment isolators were more 
flexible, the reduction in deck displacement would be 
less. If these isolators were stiffer, the reduction in deck 
displacement would be even greater. 

 

Figure 4. Resultant deck displacements. 
 

4.2 Isolator Displacements 
Figure 5 shows the isolator displacements at the 

abutments for the full and hybrid isolation cases. Similar 
to the above observation, the hybrid isolation case has 
smaller isolator displacements than the full isolation case 
due to stiffer isolators and stiffer bridge system. 

In the full isolation case, the isolator displacements 
at Abutments 1 and 4 at 100% DE are 64 mm and 54 mm, 
respectively. At 150% DE, the isolator displacements are 
102 mm and 83 mm at Abutments 1 and 4, respectively. 
The difference in the isolator displacements between 
Abutments 1 and 4 is attributed to the in-plane torsion in 
the bridge caused by the curved geometry. This trend was 
also observed at other levels of earthquake shaking as 
shown in Figure 5. 
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The above observation in the isolator displacements 
at the abutments of the full isolation bridge is also true in 
the isolator displacements at the piers (Figure 6). 
Although the difference is smaller compared to the 
abutments, the isolator displacements at Pier 2 are always 
greater than the isolator displacements at Pier 3. This is 
because the piers are closer to the center of stiffness 
(center of rotation) of the bridge and thus the in-plane 
torsional effect is less. The average isolator 
displacements at the piers at 100% DE and 150% DE are 
51 mm and 79 mm, respectively. These displacements 
are smaller than those at the abutments because of the 
flexibility of columns. The isolators are springs acting in 
series with the columns and the sum of the isolator and 
column displacements should be of the same order of 
magnitude as the abutment isolators. 

Also shown in Figure 5 are the isolator 
displacements at the abutments for the hybrid 
configuration. Unlike the observation made above for the 
full isolation case, the abutment isolator displacements in 
the hybrid case are about the same. The effect of in-plane 
torsion is less because the isolators in the hybrid case are 
active only in the tangential direction. It is noted that, as 
mentioned previously, the radial direction at the 
abutments are restrained by shear keys. Thus, the 
displacements shown for the hybrid case are tangential 
isolator displacements. 

Figure 5. Resultant isolator displacements at abutments. 

Figure 6. Resultant isolator displacements at piers. 
 

 
4.3 Support Shear Forces 
 
4.3.1 Abutments 

Figures 7 and 8 show the total tangential and radial 
shear forces, respectively, at Abutments 1 and 4. These 
forces were taken from the load cells located underneath 
each isolator. It is noted that the radial shears do not 
include those taken by the shear keys. However, these 
shears are limited by the yield capacity of the BRBs to 
approximately 80 kN.  

The total tangential shears in the full isolation case 
at Abutments 1 and 4 are 97.74 kN and 63.03 kN, 
respectively, at 150% DE. In the hybrid case, they are 
246.33 kN and 236.59 kN, respectively. This corresponds 
to an increase by a factor of 2.7 at Abutment 1 and 3.8 at 
Abutment 4. 

The radial shears in the full isolation case increases 
linearly with the earthquake level and at 150% DE they 
are equal to 48.66 kN and 72.32 kN at Abutments 1 and 
4, respectively. In the hybrid case, however, the radial 
shear started to level off at about 60 kN after the 75% DE 
because the BRB started yielding. Theoretically, if the 
shear key is perfectly aligned in the radial direction, the 
radial forces in the isolators should be zero because they 
should be taken by the shear key. The recorded isolator 
radial shear could be due to either slight misalignment of 
the shear key which in turn made the isolator to deform 
radially or slight misalignment of the load cells or a 
combination of both. Readings from the displacement 
transducer show a maximum radial deformation of 3 mm. 
Although this is small, the corresponding isolator shear 
forces could be considerable, and as shown in Figure 8 
they are 55.87 kN at Abutment 1 and 68.10 kN at 
Abutment 4. However, these are only about half of the 
total Qd which is equal to 117.3 kN (the Qd per isolator is 
39.1 kN as shown in Table 3). 

 
4.3.2 Piers 

Assuming single curvature behavior, the column 
shear at first yield (i.e. onset of rebar yielding) is equal to 

(a) Abutment 1 

(a) Abutment 4 
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111.35 kN, while the shear at effective yield is equal to 
154.61 kN.  

Figure 9 shows the resultant shear forces at the piers. 
These forces were taken from the load cells located 
underneath each isolator and pot bearings. For the full 
isolation case, the resultant isolator shear forces at Piers 2 
and 3 are 75.72 kN and 88.09 kN, respectively, at 100% 
DE. At 150% DE these forces are 94.20 kN and 117.48 
kN, at Piers 2 and 3 respectively. Thus, the rebar in Pier 
3 started yielding during the 150% DE. In fact, readings 
from the strain gages in the column show that several 
longitudinal rebars has yielded. 

In the hybrid isolation case, the resultant bearing 
shear forces at Piers 2 and 3 are 94.19 kN and 72.25 kN, 
respectively, at 100% DE. Therefore, the objective of 
keeping the column elastic during 100% DE was 
achieved. The bearing shears at 150% DE at Piers 2 and 
3 are 126.52 kN and 102.99 kN, respectively. Readings 
from the strain gages in the column show that several 
rebars have yielded. However, at this earthquake level, 
the column can still be considered as essentially elastic 
because the shear forces are still below the effective yield 
shear force. 

 
 

Figure 7. Isolator tangential shear forces. 
 
 

Figure 8. Isolator radial shear forces. 
 
 

4.4 Column Performance 
The damage to the columns during 150% of the 

Design Earthquake is shown in Figures 10 and 11 for the 
conventional and full isolation cases. It is apparent that 
there was little cracking in the columns of the full 
isolation case. 

Readings from the strain gages show that all the 
longitudinal (8 – 16mm) rebars at Piers 2 and 3 have 
yielded in the conventional case. The maximum strain 
recorded at Pier 2 was 26,000  while at Pier 3 it was 
24,500 . In the full isolation case, 3 rebars have 
yielded at Pier 2, while 2 rebars have yielded at Pier 3. 
The maximum strain at Pier 2 was 6,000  while at Pier 
3 it was 4,000 . It is noted that the yield strain of the 
rebar is 2,400 . 

Although not shown here, the performance of the 
columns in the hybrid isolation case is similar to the full 
isolation case. As shown in Figure 9, the support shears 
in both isolation cases are about the same. 

 
 
 
 
 
 

(b) Abutment 4 

(a) Abutment 1 

(b) Abutment 4 

(a) Abutment 1 
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Figure 9. Resultant shear forces at piers. 
 
 

 
 

 

Figure 10. Comparison of damage to Pier 2 column at 
150% Design Earthquake. 

 
 

Figure 11. Comparison of damage to Pier 3 column at 
150% Design Earthquake. 

 
 
5. SUMMARY AND CONCLUSIONS 

 
This paper has presented the response of a curved 

bridge with seismic isolators located at all supports (full 
isolation configuration) and with isolators only at the 
abutments (hybrid isolation configuration). The 
experimental investigations were carried out on a 0.4-
scale model of a highly curved, 3-span, steel girder 
bridge using the NEES shake table array at the 
University of Nevada Reno. In the full isolation case, the 
isolators were designed such that the columns remained 
elastic during the design earthquake. In the hybrid 
isolation case, the objectives were two-fold: (a) elastic 
columns in the design earthquake and (b) significantly 
reduced superstructure displacements. 

 
By comparing the response of the bridge with full 

and hybrid isolation, the following conclusions were 
made: 

 Hybrid isolation is effective at reducing the 
superstructure displacement. In this experiment 
the reduction was about one half, which reduces 
the possibility of pounding at the abutment 
back-walls and requires significantly smaller 
movement joints at the abutments. 

 Full isolation is effective at keeping the columns 
elastic under the design earthquake and 
essentially elastic under the maximum 
considered earthquake. 

 Hybrid isolation is also effective at keeping 
columns elastic under the design earthquake and 
essentially elastic under the maximum 
considered earthquake. 

(b) Full Isolation (a) Conventional 

(b) Full Isolation (a) Conventional 

(a) Pier 2 

(b) Pier 3 
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 Hybrid isolation increases the shear force 
demand on the abutments. In this experiment the 
increase was more than a factor of 2 compared 
to the fully isolated case. 

It has been shown that the design objectives of the 
two isolation techniques were achieved. Although both 
were effective in keeping the columns elastic during the 
design earthquake, each technique has its own 
advantages and disadvantages. The full isolation case has 
greater superstructure movement but places less demand 
on the abutments. On the other hand, the hybrid isolation 
case has less superstructure movement (smaller 
movement joints) but greater abutment forces. 
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Abstract:  In order to verify the seismic performance of the steel truss bridge with BRBs, an experiment has been done 
by employing two steel truss specimens, whose configuration is regarded as part of steel truss bridge. These steel trusses 
have identical components except that one has the H-shaped diagonal braces and another has the BRB diagonal braces. 
Test results show that the overall buckling of the H-shaped brace leads to the failure of the truss and the damage to the 
bottom corner joints results in the failure of the truss with BRBs. Moreover, the truss with BRBs exhibits the better 
ductility performance and dissipates more energy than the trusses with H-shaped diagonal braces. The failure 
displacement of the BRB-Cy truss is over four times as large as the H30-Cy truss. Besides, the bearing capacity of the 
BRB-Cy truss did not degenerate clearly when the imposed lateral deflection is smaller than 38 mm. 

 

 

1.  INTRODUCTION 

 

Recent earthquakes have indicated the susceptibility of 

steel structures, including buildings and bridges, to various 

types of damage associated with large lateral deflections. To 

alleviate such problems, some research is conducted to 

enhance the performance of steel structures during a severe 

earthquake through the development of new structural 

configurations. On the other hand, some hysteretic dampers, 

such as buckling-restrained braces (BRBs), attract more 

attention and were used to replace the structural braces 

considering the effective energy absorption mechanism and 

the relatively low cost (Usami et al. 2005, Chen et al. 2007). 

Recently, to guarantee the effective seismic performance of 

steel bridges which might experience multiple earthquakes 

and aftershocks during their service life, high-performance 

BRBs (HPBRBs) are developed by authors (Usami et al. 

2011a, 2011b). 

Although conducted experiments show that the 

proposed steel BRBs can satisfy the required performance 

of HPBRBs, few comparable experiments about steel 

bridges have been performed to verify the behaviour of steel 

bridges with or without BRBs. Recently, in order to 

illuminate the performance of steel truss bridges with BRBs, 

some experiments about bolt-connected steel trusses with 

different bracing systems have been done at Advanced 

Research Center for Seismic Experiments and 

Computations (ARCSEC), Meijo University, and steel 

trusses are regarded as part of steel truss bridges. In this 

paper, test results of two truss specimens with H-shaped 

braces and BRBs are presented. Detailed results and 

discussion are given as follows. 

 

2.  TESTING PROGRAM 

 

2.1  Test Specimens 

As shown in Figure 1, this program investigated the 

behavior of two one-story, two-bay steel trusses, which are 

regarded as part of steel truss bridges, such as the Warren 

truss bridges. The dimensions of two truss specimens are 

identical except for diagonal braces. These specimens have 

a bay width of 800mm and a height of 800mm. The material 

of the H100×100×6/8 member is the JIS grade SS400 

steel with the nominal yield strength of 245MPa and BRBs 

and gusset plates were made of the grade SM400 steel with 

the nominal yield strength of 245MPa. Table 1 lists the 

average values from the coupon tests. The slip-critical 

bolted connections between chords or braces and gusset 

plates used M16 high-strength bolts in standard size holes. 

The test trusses were fabricated and assembled in the 

factory before testing. 

The nominal dimensions of the diagonal braces are 

given in Figures 1(b) and 1(c). The H100×30×6/8 

diagonal brace was manufactured from the H100×100×
6/8 formed steel by cutting its flanges’ edges with a width of 

35mm. Details of the geometric dimensions of the structural 

members are listed in Table 2. In the following sections, 

these trusses with H-shaped diagonal braces and BRBs are 

named the H30-Cy truss, the BRB-Cy truss, respectively. In 

these labels, “Cy” indicates a reversed cyclic loading pattern 

in this experiment and “H30” indicates an H-shaped 

diagonal brace with a 30-mm-thick flange. 
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Figure 1 Test Specimens: (a) Truss with H-shaped Diagonal 

Braces; Dimensions of (b) the H-shaped Brace Specimen 

and (c) the BRB Specimen 

 

Table 1  Material Constants of Members 

Member Material 
E 

(GPa) 

σy 

(MPa) 

σu 

(MPa) 

εu 

(%) 
ν 

Flange SS400 198 312 433 25.0 0.29 

Web SS400 209 301 447 26.4 0.29 

BRB SM400 206 279 436 28.9 0.32 

Note: E is the Young’s modulus; σy is the yield stress; σu is the ultimate 

tensile strength; εu is the ultimate strain and ν  is the Poisson ratio. 

 

Table 2  Geometric Dimensions of Structural Members 

 H100×100×6×8 H100×100×6×8 BRB 

Measured dimensions 

(mm) 

b=100; d=100; 

tf=7.7; tw=6.1 

b=30.0; d=100; 

tf=7.6; tw=5.7 

60.0×10.0 

(Core) 

Sectional Area (mm
2
) 2056 939 600 

i (mm) 25.0 6.2 2.9 

Ny (kN) 602 283 176 

Note: b and tf are the width and the thickness of the flange, respectively; d is 

the height of the cross-section; tw is the thickness of the web; r is the smaller 

radius of gyration and Ny is the yield force. 

 

2.2  Testing Setup 

As shown in Figure 3, a test truss specimen was 

vertically installed in a rigid testing frame. The horizontal 

load was applied by two actuators. In order to simulate the 

design load of bridge decks, three constant loads of 127kN 

were applied on the top of these vertical braces by three 

vertical actuators during all the loading histories and this 

load was about twenty percent of the axial yield force of the 

vertical brace. The left and right bottom corner joints of the 

steel truss were simply supported and they can only rotate in 

the truss’s plane, which is different with the previous 

experiments of the structure installed with the BRBs. The 

middle bottom joint of the steel truss was located on a 

sliding support and only the vertical force can transmit to 

the rigid testing frame. 

In order to prevent the out-of-plane displacement of the 

test truss, the upper chord of the truss was supported by 

three pin-connected bars. As shown in Figure 3(b), one ends 

of these bars were connected with specimen and the other 

ends were supported by the blocks, which can move along 

the given fixed path. The displacements of the truss or its 

members and the strain of the diagonal braces were 

monitored using transducers based on the need of the 

following discussion. Their values were collected by a 

digital data acquisition system. 

 

 

Figure 3 Photos of Testing Setup: (a) Front Elevation; (b) 

Out-of-plane Support System 

 

3.  TEST RESULTS 

 

3.1  Observations of H30-Cy Specimen 

Figure 4 shows the horizontal force versus drift 

relationship of the H30-Cy specimen. At the positive and 

negative peaks of each cycle, the specimen was held in 

place for inspecting the yielding or fracture of the specimen. 

Main observations are listed in Table 3 and detailed cyclic 

responses are discussed as follows. 

As shown in Figure 4, the specimen remained elastic 

during the first three cycles (Δ=1mm, 2mm and 4mm). AtΔ=-10mm, a small crack began to form at the weld of the 

left base plate, which was welded to the lower chord and 

bolted with the hinged support. Simultaneously, the small 

out-of-plane deformation of the left base plate was first 

@
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observed because of the tensile stress of the lower chord’s 

flange. AtΔ=+12mm, the global buckling of the right 

diagonal brace clearly took place and the corresponding 

force suddenly dropped by over 11.4%. AtΔ=-12mm, the 

local buckling of the lower chord’s flange was first observed 

on the right side and it was near the bolts’ hole, which 

means that the lower chord have yielded. AtΔ=-14mm, the 

overall buckling of the left diagonal brace was first clearly 

observed and the corresponding force decreased by 15%. AtΔ=-22mm, the cracks at the edge of the hole began to 

develop near the left hinged support, as shown in Figure 

5(c). AtΔ=+28mm, the similar cracks began to develop 

near the right hinged support, while the slight flange local 

deformation was observed at the lower side of the middle 

vertical brace. After the test, the fracture of the hole near the 

left hinged support has been found, as presented in Figure 

5(c). 

In summary, as shown in Figures 5(a) and 5(b), the 

overall buckling of the diagonal braces mainly leads to the 

degeneration of the truss bearing capacity, so the H30-Cy 

specimen exhibits the pinching hysteretic response. 
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Figure 4 Hysteretic Curve of H30-Cy Specimen 

 

Table 3  Observation during Test of H30-Cy Specimen 

Point Displacement Observations 

A Δ=+12 mm Overall buckling of the right diagonal brace 

B Δ=-14 mm Overall buckling of the left diagonal brace 

C Δ=-28 mm Cracks occurring at the left bottom corner joint 

D Δ=+28 mm Cracks occurring at the right bottom corner joint ; The 

flange of the lower middle vertical brace was deformed 

E Δ=-28 mm Cracks occurring at the left bottom corner joint 

 

 

 

   
Figure 5 Photos of H30-Cy Specimen: (a) Δ=+36mm; (b) Δ=-36mm; (c) Damage to the bottom corner joints. 

 

3.2  Observations of BRB-Cy Specimen 
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Figure 6 Hysteretic Curve of BRB-Cy Specimen 

Table 3  Observation during Test of BRB-Cy Specimen 

Point Displacement Observation 

A Δ=+12 mm Out-of-plane deformation of the right base plate 

B Δ=-12 mm Out-of-plane deformation of the left base plate 

C Δ=-28 mm Cracks occurring on the bottom left side of lower chord 

D Δ=+38 mm Deformation observed on top left side of lower chord; 

Cracks occurring on bottom right side of lower chord 

E Δ=+48 mm Fracture occurring on bottom left side of lower chord 

F Δ=+58 mm Deformation observed on the right side of the right 

vertical brace 

As shown in Figure 6, the BRB-Cy specimen exhibits a 

stable hysteretic curve with the spindle shape and remained 

elastic during the first one cycle (Δ=4mm). AtΔ=+12mm, 

the small out-of-plane deformation of the right base plate 

was observed. AtΔ =-12mm, the small out-of-plane 

deformation of the left base plate was also observed. AtΔ
=-28 mm, the cracks of the bolt hole occurred on the bottom 

left side of lower chord. AtΔ=+28mm, the force decreased 

(a) 

(b) 

(c) 
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by 4.9% and atΔ=-48mm, the force dropped by 5.8%. After 

test, fractures between holes and the welding of the base 

plate have been found, as shown in Figure 7(b) and the 

high-order buckling mode of the BRB’s core is clear, as 

shown in Figure 7(d). 

 

   

 

 

Figure 7 Photos of BRB-Cy Specimen: (a) Δ=+58mm; (b) 

Damage to the bottom corner joints; (c) Damage to the weld 

toes of the base plate; (d) high-order buckling of BRB’s core 

 

4.  Comparison of Hysteretic Behavior 

 

In order to compare between two truss specimens, the 

average skeleton curves are given in Figure 8, which are the 

mean values of the bearing forces under the positive and 

negative amplitudes. Moreover, the failure points are 

defined when the ultimate bearing capacity of the specimen 

is decreased by 5%. So, the failure displacementΔ95 is also 

given corresponding to the failure points. In this experiment, 

the tests did not stop after the failure points and, actually, 

stopped according to the observation of the specimens’ 

components. 

As shown in Figure 8, the BRB-Cy specimen exhibits 

the better ductility than the H30-Cy specimen. The failure 

displacement of the BRB-Cy specimen is over four times as 

large as the H30-Cy specimen. Moreover, from the 

observation of the tests, the failure of the H30-Cy specimen 

is due to the overall buckling of the diagonal brace, while 

the failure of the BRB-Cy specimen is owing to the damage 

to the left and right bottom corner joints. The buckling of 

the diagonal brace quickly decreased the bearing capacity of 

the truss, which is obviously harmful to the bridge under the 

strong earthquake excitation. The damage to the corner 

joints was progressive so that the bearing capacity of the 

truss did not drop clearly when the loading displacement 

was smaller than 38 mm. Besides, the BRB-Cy specimen 

dissipated more energy than the H30-Cy specimen. Before 

the failure points, the dissipation energy of the BRB-Cy 

specimen is two times as large as the H30-Cy specimen. 
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Figure 8 Skeleton Curves of truss specimens 

 

5.  CONCLUSIONS 

 

In this paper, the experiment employing two steel 

trusses with H-shaped and BRB diagonal braces has been 

conducted. Results are summarized here: (1) Test results 

shows that the truss with BRBs exhibits the better 

performance and dissipates more energy than the steel 

trusses with H-shaped diagonal braces. (2) the overall 

buckling of the H-shaped brace leads to the failure of the 

truss and the damage to the bottom corner joints results in 

the failure of the truss with BRBs. (2) The failure 

displacement of the BRB-Cy truss is over four times larger 

than the H30-Cy truss. 
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Abstract:  In the 1999 Taiwan Chi-Chi earthquake, a number of bridges suffered severe damage even collapsed due to 
fault dislocation. Before totally collapsing, bridges generally underwent linear behavior, hysteresis behavior, pounding, 
fracture, sliding and large rigid body motion. To recognize the failure mechanism of bridges under extreme earthquakes, it 
is extremely difficult to conduct a shaking table test by using a proto-model, especially for multi-span or long-span 
bridges. Also, it is quite complicated to analyze the bridges by using the conventional well-known finite element method. 
The Vector Form Intrinsic Finite Element (VFIFE) is superior in managing the engineering problems with material 
nonlinearity, discontinuity, large deformation, large displacement and arbitrary rigid body motions of deformable bodies. 
The VFIFE is thus selected to be the analysis method in this study. The required elements, such as sliding, pounding and 
hysteresis elements, in VFIFE have been developed for analyzing the collapse of bridges. The simulation results confirm 
that the VFIFE is a powerful computation method to simulate the failure mechanism of devices and structural elements so 
as to successfully predict the collapse procedure of bridges suffering from fault dislocation. 

 
 
1.  INTRODUCTION 
 

In the 1999 Taiwan Chi-Chi earthquake, a number of 
bridges crossing Chelungpu fault suffered severe damage 
even collapsed due to the fault dislocation. The damage can 
be attributed to not only the strong ground excitation but also 
ground dislocation. To recognize the failure mechanism of 
bridges under strong earthquakes with ground dislocation, it 
is extremely difficult to conduct a shaking table test by using 
a proto-model, especially for multi-span or long-span 
bridges. Also, it is quite complicated to analyze the bridges 
by using the conventional well-known finite element method. 
Therefore, bridge engineers are always perplexed to 
determine the type of bridges when designing bridges 
spanning an active fault. 

The Vector Form Intrinsic Finite Element (VFIFE), a 
new computational method developed by Ting et al. (2004), 
is superior in managing the engineering problems with 
material nonlinearity, discontinuity, large deformation, large 
displacement and arbitrary rigid body motions of deformable 
bodies. Once reaching the ultimate state, a bridge undergoes 
progressive failure, fragmentation and collapse. The 
structural members behave in nonlinear material range 
and/or exhibit large geometry nonlinearity even rigid body 
motion. Thus, the VFIFE was adopted to predict the ultimate 
failure condition of bridges under extreme earthquakes by 
Lee et al. (2009, 2010, 2011). Numerical simulation of 
bridges spanning a fault is conducted by using the VFIFE in 
this study. The failure states of two bridges are shown and 

compared. Some interesting results are observed and a 
design concept is proposed for the bridges spanning an 
active fault. 
 
 
2.  VECTOR FORM INTRINSIC FINITE ELEMENT 
 

The Vector Form Intrinsic Finite Element has been 
developed based on theory of physics to simulate failure 
responses of structural systems due to applied loads. The 
first step in the VFIFE analysis is to construct a discrete 
model for a continuous structure by using a lumped-mass 
idealization. It is noted that all lumped masses are connected 
by deformable elements without mass. Then applying 
Newton’s Second Law of Motion, the equations of motion 
are assembled at each mass for all degrees of freedoms. 
Assume that a structural system consists of a finite number 
of particles. A particle designated as   has a diagonal 
mass matrix M and a displacement vector ( )td  at time 
t . The equations of motion for particle   are written as 

 

      ( ) ( ) ( )t t t    M d P f  (1) 

 
where P  are the applied forces or equivalent forces 
acting on this particle; f are the total resistance forces or 
internal resultant forces exerted by all the elements 
connecting with this particle.  

Note that each element without mass in the VFIFE is 
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assumed to be in static equilibrium. Observed from Eq. (1), 
it is not necessary to assemble the global stiffness matrix for 
structures with multiple degrees of freedom in the VFIFE 
analysis. A matrix algebraic operation for the entire system is 
waived. In stead, each equation of motion for each particle, 
Eq. (1), can be individually solved. Since the failure progress 
of structures involves changes in material properties and 
structural configuration, discrete time domain analysis is 
used to solve the equations of motion. The central difference 
method, an explicit time integration method, is adopted to 
solve the equations of motion, Eq. (1).  

Compared to the traditional finite elements, the feature 
of the VFIFE is that element internal forces are calculated by 
deformations of elements through subtracting rigid body 
motion from total displacements. Therefore, a set of 
deformation coordinates are defined for each element in 
each time increment. The VFIFE is capable of dealing with 
large displacements, deformations and rigid body motion 
simultaneously. 
 
 
3.  SIMULATION OF ULTIMATE STATES 
 

Bridges may undergo highly nonlinear behavior even 
structural failure when subjected to strong earthquakes with 
ground dislocation. In the past large earthquakes, a number 
of bridges suffered deck unseating, which is high 
nonlinearity along with rigid body motion. To simulate the 
collapse mechanism of bridges, the failure mechanism of 
major bridge components should be taken into account. 

The studied failure components are hinge bearings, 
unseating prevention devices and plastic hinges of decks and 
columns. Firstly, hinge bearings are idealized as a linear 
model. Assume that the bearings fracture as the resistance 
force reaches rupture strength. Once the bearing ruptures, 
there is no resistance shear force between the superstructure 
and column other than the friction force in the interface. 
When the relative displacement between superstructure and 
column exceeds the unseating prevention length, the 
superstructure will lose the supporting force provided by the 
column and then fall down from the column due to the 
gravity force. 

The failure of bearings represents a typical failure 
mechanism completing material linear behavior, fracture, 
and sliding of structures. The writers have developed the 
nonlinear elements in the VFIFE in the previous studies. 
This paper herein introduces the element with a gap or a 
hook, the analytical methods for sliding structures and 
fracture of elements in the VFIFE (Lee et al. 2009, 2010). 
 
3.1  Elements with a Gap or a Hook 

Whenever deck unseating failure occurs, local cracking 
or crushing due to pounding between superstructures can be 
observed in the sites. To simulate the pounding effect, the 
pounding force during collision is generally modeled by 
impact elements. The simplest impact element first 
developed by Kawashima and Penzien (1979) is a linear 
elastic spring model simulated by an element with a gap. 

The unseating prevention devices are generally with 
non-working length before they are triggered to function. 
There are two categories of the unseating prevention devices, 
compression and tension. The compression device, such as a 
stopper, is idealized as an element with a gap, whereas the 
tension device is idealized as an element with a hook. The 
elements with a gap or a hook in the VIFIFE have been 
developed for studying the effectiveness of unseating 
prevention devices. (Lee et al., 2009, 2010) 
 
3.2  Sliding of Structures 

After a bearing ruptures, the interface between the 
superstructure and the column turns to a sliding surface if the 
relative displacement between the superstructure and the 
column is still within the unseating prevention length. The 
motion on the sliding surface can be separated into stick and 
slip phases. When the friction force is smaller than the 
maximum static friction force, there is no relative motion in 
the interface, i.e. in stick phase. Once the friction force 
overcomes the maximum static friction force, relative 
movement starts in the interface and the friction force 
converts to dynamic friction force, i.e. in slip phase. In this 
study, assume that the maximum static friction force is equal 
to the dynamic friction force, and the dynamic friction 
coefficient remains constant during sliding. 

In the calculation process of the VFIFE, the material 
properties and structural configuration are assumed to be 
unchangeable in each time increment. Therefore, the 
interface should be in either stick phase or slip phase during 
each incremental time. Before solving the response at next 
time step 1i  , the condition at the interface must be 
determined. In this study shear-balance procedure, which 
was proposed by Wang et al. (2001) for analyzing sliding 
structures by state-space approach, is used to determine 
which phase the interface is in. 

The first step is to calculate the friction force in the 
interface on assumption of stick phase. It is noted that the 
relative displacement is null in stick phase. The interface is 
in stick phase if the calculated friction force is less than the 
dynamic friction force while it is in slip phase if the 
calculated friction force is equal or larger than the dynamic 
friction force. 

Figure 1 illustrates the motion of the superstructure 
with mass pM  and the column with bM  at time step i  
and 1i  . The equations of motion for the two masses in the 
central difference equations are 

 

      1
ˆ ˆp p p

i Fii  K d P f  (2) 

      1
ˆ ˆb b b

i i Fi  K d P f  (3) 

 
where ˆ ˆ,p p

iK P  are the effective stiffness and force, 
respectively; Fif is designated the friction force in the 
interface. If the interface is in stick phase, the relative 
displacement p b

i i i u d d between the superstructure and 
the column at time step i  is the same as the relative 
displacement 1 11

p b
i ii  u d d  at time step 1i  . 
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      11
p b p b

i i ii    d d d d  (4) 

 
Rearranging and substituting Eqs. (2) and (3) into Eq. 

(4), the calculated friction force Fif  is obtained as 
 

 ˆ ˆ ˆ ˆ ˆ ˆ

ˆ ˆ

b p p b p b p b
i i i i

Fi p b

  




K P K P K K u u
f

K K
  (5) 

 
If the calculated friction force Fif  is less than the 

dynamic friction force, the assumption of stick phase is true 
and the calculated friction force can be used in the next time 
increment, i.e. Fi Fif f . Otherwise, the interface is in slip 
phase. The friction force Fif must be substituted by 
dynamic friction force N , i.e. Fi Nf . The above can 
be summarized as 

 

       if   ,  slip phase  

         if   ,  stick phase
Fi Fi

Fi Fi Fi

N N

N

 


  


 

f f

f f f



 
 (6) 

 
 
3.3  Fracture of Elements 

The bilinear model is used to idealize reinforced 
concrete columns and steel columns. All properties and 
configuration of elements are assumed to be unchangeable 
in each time interval 1i it t t    in the VFIFE. The 
internal forces are calculated based on the element properties 
and configuration at the initial time it . The deformation 
coordinates of elements are redefined at the beginning of 
each time step. Therefore, once an element undergoes 
nonlinear or discontinuous behavior, all changes are 
reflected at the beginning of next time step. 

In this study, the aforementioned elements are 
considered failure components. Assume that an element 
fracture as its deformation reaches rupture deformation. 
Whether the element failures or not is checked at the 
beginning of each time step. Once the element meets the 
fracture condition, the element and its resistance forces are 
released from the system. 
 
 
4.  GROUND MOTIONS WITH DISLOCATION 
 

The characteristics of near-fault ground motions are the 
effects of forward directivity and fling-step which can be 

represented by equivalent simple pulses (Kalkan and 
Kunnath, 2006). Forward directivity occurs where the fault 
rupture propagates forward relative to the site. Fling-step 
results in permanent deformation of ground surface. In this 
study, the near-fault ground motion recorded at JMA Kobe 
Observatory during the 1995 Kobe, Japan earthquake is 
selected for numerical simulation. Since the JMA Kobe 
ground motion possesses forward directivity, a sinusoidal 
wave is used only to simulate fling-step motion causing 
permanent ground displacement. The mathematical model 
for the acceleration time history of fling-step effect can be 
expressed as    

 

 2

2 2
( ) sin    ( )i i i p

pp

D
a T T T t t t T

TT

  
     

  
 (7) 

 
where D  is the maximum ground displacement obtained 
by double-integration of acceleration a(T), pT is the period 
of sine pulse wave, and it  is the pulse arrival time. 

Assume the fault is of type of reverse dip-slip and the 
dip angle is 60 degree. Figure 2 shows the original JMA 
Kobe N-S ground displacement, the artificial fling-step 
displacement and the modified ground displacement for a 
maximum horizontal ground displacement of 1 m. Figure 3 
shows the corresponding vertical ground displacements. The 

 

 

 

 

 

 

 

 

 

 

 
Figure 2 (a) original JMA Kobe N-S ground displacement, (b) 

fling-step pulse (c) modified ground displacement  

 

 

 

 

 

 

 

 

 

 
Figure 3 (a) original JMA Kobe vertical ground displacement, 

(b) fling-step pulse (c) modified ground displacement 
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arrival time of fling-step is assumed to be the time when the 
maximum velocity occurs in the original ground motion.   
 
 
5.  NUMERICAL SIMULATION 
 

Two types of bridges, a simply-supported bridge and a 
continuous-span bridge, are analyzed, as shown in Figure 4. 
All bridges consist of a six-span deck with a total length of 
6@40 m = 240 m and a width of 12 m, which is supported 
by five reinforced concrete columns with a height of 12 m in 
each and two abutments, as shown in Figure 4. The columns 
are idealized as a perfect elastoplastic model with a fracture 
ductility of 21.5 shown in Figure 5(a). The hinge bearings of 
the simply-supported bridge and the continuous bridge are 
idealized as a linear model with a fracture shear of 128 kN 
and 255 kN, respectively, as shown in Figures 5(b) and 5(c). 
After bearings rupture, the dynamic friction coefficient at the 
interface is assumed to be 0.15. The friction coefficient of 
the roller bearings is assumed to be 0.1. 

Steel tendons are installed between two adjacent decks 
and between the deck and abutment at each expansion joint 
as the unseating prevention devices. The tendons are 
simulated by a tension element with a yielding force of 839 
kN, an ultimate force of 932 kN and a hook of 40 cm shown 
in Figure 5(d). The pounding effect of two adjacent decks is 

also considered by using an element with a gap of 10 cm. 
The unseating prevention length at each column and 
abutment is 100 cm. In simulation, the columns and 
abutments are subjected to the above-mentioned original 
ground motions or artificial ground motions with fault 
dislocation from 1 m to 10 m at an increment of 1 m. The 
crossing span of the fault is varied from span 1 to span 6. All 
the columns and abutment on the right side of the fault are 
located on the hanging wall while those on the left side are 
located on the footwall.   

Through numerical simulation of two bridges, the 
ultimate states are demonstrated and compared. It is 
interesting to observe that the simply-supported bridge 
suffers unseating of the superstructure severer than the 
continuous bridge. Figures 6 and 7 depict the failure 
procedure of the simply-supported bridge and the continuous 
bridge under the near-fault ground motion spanning span 2 
with horizontal dislocation of 6 m and 8 m, respectively, 
where the first characters M, H, C, D, R of the notions 
denote the roller bearing, hinge bearing, column, deck and 
tendon, respectively. It is noted that all the tendons fracture 
before the fling-step pulse reaches the bridge. The collapse 
of both the simply-supported bridge and continuous bridge is 
attributed to the pounding effect and the insufficient 
unseating prevention length. Since the discontinuous joints, 
i.e. expansion joints, are fewer in the continuous bridge, the 

 

 

 

 

 

 

 

 

 

 

 
Figure 4  (a) a six-span simply-supported bridge, (b) a six-span three-span-continuous bridge  

 

 

 

 

 

 

 

 

 
Figure 5  Material property (a) column (b) isolator (c) hinge bearing (d) steel tendon  
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number of unseating decks is fewer.  
 
 
6.  CONCLUSIONS 
 

Since the VFIFE has the advantages in managing the 
engineering problems with material nonlinearity, 
discontinuity, large deformation, large displacement, 
arbitrary rigid body motions of deformable bodies and even 
fracture and collapse, it is adopted in this study to analyze 
the bridges spanning a fault under a strong earthquake with 
ground dislocation. Two types of bridges, a six-span simply- 
supported bridge and a continuous-span bridge, are analyzed 
under artificial JMA-Kobe ground motion.  The numerical 
simulation successfully predicts the failure process of the 
bridges under strong earthquakes with fault dislocation. It is 
interesting to observe that the simply-supported bridge 
suffers unseating of the superstructure severer than the 
continuous-span bridge. Based on the prediction of the 
failure conditions of bridges spanning a fault, the bridge 
suffers more unseating decks as the discontinuous joints of 
the superstructure increase. Also, the results confirm that the 
VFIFE is a powerful computation method to simulate the 
failure mechanism of devices and structural elements so as 
to successfully predict the ultimate states of bridges 
spanning a fault. 
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Figure 6  Failure process of the simply-supported bridge under the near-fault ground motion spanning span 2 with horizontal 

dislocation of 6 m  
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Figure 7  Failure process of the continuous bridge under the near-fault ground motion spanning span 2 with horizontal 

dislocation of 8 m  
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Abstract: Damage to bridge structures impacted by the tsunami following the March 11 2011 Tohoku Pacific 
Earthquake was severe. Some areas of California’s coast are susceptible to tsunami. Therefore, it is important to 
investigate the performance of typical California highway overpass bridges under tsunami loading. This investigation is 
performed on a PEER Center test-bed single-column California overpass bridge model using the recently published US 
guidelines to estimate tsunami forces on bridge structures. The modeling and the analyses are conducted using the 
OpenSees software framework. The preliminary results indicate that a typical overpass cannot sustain an extreme tsunami 
loading.  

 
 
1.  INTRODUCTION 
 

Damage to bridge structures impacted by the tsunami 
following the March 11 2011 Tohoku Pacific Earthquake 
was severe. Different bridge structures behaved differently: 
some remained virtually undamaged, superstructures of 
others were swept away, while some bridges suffered 
column and foundation failures. Repair of damaged bridges 
will take some time and requires significant investments.  

Some areas along California coast are susceptible to 
tsunami. Therefore, it is important to investigate the 
performance of typical California highway overpass bridges 
to forces generated by a tsunami. This investigation is 
performed on a PEER Center test-bed single-column 
California overpass (Mackie et.al, 2007, Terzic and 
Stojadinovic, 2009). The bridge model under gravity load 
was damaged using a recorded ground motion calibrated to 
induce a displacement ductility demand consistent with a 
Caltrans design-level event. Then, the bridge was exposed to 
an extreme tsunami loading acting in its transverse direction. 
The tsunami horizontal and vertical forces are computed 
using the recently published US guidelines for estimating 
tsunami forces on bridge structures (Solomon et.al, 2011) 
assuming the bridge is located in an area where both high 
tsunami wave heights and water velocities are possible. The 
modeling and the analyses are conducted using the 
OpenSees software framework (Aviram et.al., 2008). Details 
of the bridge model, the loads, and the bridge response are 
presented in this paper.  

The preliminary results indicate that the damaged 
bridge model cannot sustain the applied tsunami loads. The 
analysis was terminated before applying the entire tsunami 
load because the transverse drift of the bridge columns 

exceeded 10%. Therefore, a review of the California bridge 
inventory should be conducted to identify the bridges that 
can be exposed to significant tsunami action, and an 
assessment of their vulnerability to such loads should be 
conducted using a realistic estimate of potential tsunami 
heights and water velocities.  
 
2.  TEST-BED BRIDGE MODEL 
 

The bridge used in this investigation is a PEER Center 
test-bed bridge Type 11 Section D developed by (Ketchum 
et.al, 2004) In summary, this is a straight, cast-in-place 
box-girder bridge with five spans and four single-column 
bents. The bridge has three internal spans of 150′ (45.72 m), 
two external spans of 120′ (36.58 m), a 39′ (11.9 m) wide 
deck, and 50′ (15.24 m) tall circular columns 7’ (2.1 m) in 
diameter. The column, bent cap and box girder are 
connected monolithically. The superstructure is a 
pre-stressed (CIP/PS) 2-cell box girder. At the abutments, 
the girder is supported on neoprene bearing pads under each 
of the three box webs and restrained by shear keys. These 
pads offer some resistance against uplift. Bridge elevation 
and column details are shown in Figures 1 and 2. Deck cross 
section dimensions relevant for tsunami load estimate are 
shown in Figure 3. 

The reinforcement of a column consists of longitudinal 
bars placed around its perimeter and hoops encasing the 
longitudinal bars. The hoops are uniformly spaced along the 
height of the column. Each column has 36 longitudinal 
No.11 (Ø36) reinforcing bars and No.8 (Ø25) hoops. Hoop 
center-to-center spacing is 5.5 in. (0.14 m). Such 
reinforcement layout gives a longitudinal reinforcement ratio 
of 1.0% and a transverse reinforcement ratio of 0.72%. The 
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cover is 2″ (5.1 cm) all around. Following Caltrans SDC 
(SDC) recommendations, concrete nominal strength is set to 
4 ksi (27.5 MPa) and steel yield strength is set to 68 ksi (469 
MPa).  

 
2.1  OpenSees Model 

A finite element model of the bridge is developed using 
the OpenSees modeling and analysis framework 
(http://opensees.berkeley.edu). The bridge is modeled in 
three dimensions. The bridge deck and columns are modeled 
using three-dimensional beam-column elements located at 
the centroid of the deck and column cross sections following 
the alignment of the bridge. All six degrees of freedom are 
restrained at the base of each column. Single point 
constraints against displacement in the vertical direction 
(vertical support) and rotation about the superstructure 
longitudinal axis (full torsional restraint) are defined at the 
superstructure ends to model the bridge abutments. The 
shear keys are assumed to break, allowing the bridge deck to 
move freely in the horizontal plane at the abutments.  

The bridge deck is modeled using elastic beam-column 
elements with no reduction in moment of inertia (Section 
5.6.1.2 of Caltrans SDC) and no reduction in polar moment 
of inertia (Section 5.6.2 of Caltrans SDC). The columns are 
modeled using two types of elements. The top of the column 
representing the portion of the column embedded in the 
bridge deck is modeled as a rigid element. The remainder of 
the column is modeled using one nonlinear 
force-formulation beam-column element with 5 integration 
points. The integration points along this element are 
distributed following the Gauss-Lobatto integration rule. The 
cross sections at the integration points are defined using the 
fiber section approach. The column cross section is divided 
into three parts: reinforcing steel, concrete cover, and 
concrete core. Each part is assigned a uniaxial stress-strain 
relationship. The reinforcing steel is modeled using a 
Giuffre-Menegotto-Pinto uniaxial strain-hardening material 
model designated in OpenSees as Steel02. The strain 
hardening coefficient, defining the ratio of the pre- and 
post-yield elastic modulus, is set to 0.01. The concrete 
constitutive models are based on the Kent-Scott-Park model 
designated in OpenSees as Concrete01. Effect of 
confinement on the stress-strain response of concrete is 
accounted for using Mander’s model. Even though the effect 
of shear is not significant in a tall bridge columns reinforced 
following Caltrans SDC, shear is accounted for by 
aggregating an elastic-plastic shear force-deformation 
relationship with the fiber column section at each integration 
point of the beam-column elements. The shear strength and 
stiffness are calculated following equations from Section 3.6 
in Caltrans SDC. The column torsional response is assumed 
to be elasto-plastic with an initial elastic stiffness of 0.2GJ/L 
(Section 5.6.2 in Caltrans SDC). The torsional strength is 
calculated based on ACI 318-10 recommendations (Section 
11.5.3.6). The torsional stress-strain relationship is 
aggregated with the column sections at all integration points 
along the beam-column elements.  

 

2.2  Mass Model 
To perform the analysis of the bridge for gravity an 

earthquake loads, a set of masses are defined. Translational 
lumped masses are assigned at each deck node in the three 
global directions of the bridge (longitudinal, transverse, and 
vertical). Rotational lumped masses (mass moment of 
inertia) are assigned at each deck node providing for 
rotational inertia for torsion of the bridge deck. Damping is 
modeled using mass and stiffness proportional Rayleigh 
damping coefficients. The first transverse and longitudinal 
modal periods of the bridge, assuming the same damping 
ratio of 3% for both modes, and tributary masses, are used to 
calculate Rayleigh damping coefficients. Damping is 
assigned only to the bridge deck elements and the element of 
the nonlinear portion of the bridge columns (no damping is 
assigned to rigid elements). The effects of large 
deformations are accounted for using the P-∆ nonlinear 
geometric transformation in OpenSees. 

 
3.  TEST-BED BRIDGE RESPONSE 

Three types of loads are applied to the bridge in the 
following sequence: gravity load (static loading), an 
earthquake load (dynamic loading), and a tsunami load 
(static loading). 

 
3.1  Earthquake Response 

The Whittier Narrows ground motion record with its 
three components of acceleration (two orthogonal horizontal 
components and one vertical) is used to model the 
earthquake load on the bridge. This record is scaled 6 times 
to induce a peak displacement ductility demand in the 
transverse direction of the bridge of 4 (equivalent to 6.7% 
column drift). This target displacement ductility demand is 
selected as the ductility demand expected from a 
design-level ground motion for bridges designed following 
Caltrans SDC. The maximum base shear induced in each 
column during this analysis is 522 kip (2322 kN). The 
longitudinal reinforcement of the columns yields both at the 
bottom and at the top of the columns, indicating that the 
expected plastic hinges have formed. However, no strains 
indicating longitudinal reinforcement fracture are recorded. 
At the end of the nonlinear time-history analysis, the bridge 
remained standing with a residual transverse drift of 
approximately 0.4%.  

 
3.2  Tsunami Load 

Effect of tsunami on a bridge structures are estimated 
using the recommendations presented in Chapter 5 of 
(Solomon et.al., 2011). The hydrostatic and hydrodynamic 
effects of wave action and water pressure on a bridge are 
represented by two forces, a total horizontal force Fh and a 
total vertical force Fv, both acting at the geometric centroid 
of the bridge deck cross-section. The horizontal force is 
assumed to act in the transverse bridge direction. No 
moment twisting the bridge deck about its longitudinal axis 
is present in this tsunami action model.  

The horizontal and vertical force per unit length of the 
bridge deck are: 
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FH = !!hmaxAh + 0.5Cd"b(!hu

2 )max   (1) 
 

Fv = !!hmaxAb + 0.5"ux,max
2 Av   (2) 

 
The following symbols are used in these equations:  
• γ represents seawater unit weight, assumed to be 

20% larger than the unit weight of water 
(! =1.2!w = 74.4pcf =1200kg /m

3 ); 
• !hmax is the distance from the elevation of the 

underside of the bridge deck to the peak total 
seawater free surface elevation; 

• 

! 

Ah is the area of the bridge deck perpendicular to 
the tsunami horizontal force; 

• 

! 

Av  is the area of the bridge deck perpendicular to 
the tsunami vertical force; 

• b is the unit length of the deck; 
• Cd is a drag coefficient, equal to 3.5 for bridges 

with a box deck girder and 1.0 for bridges with an 
open deck comprised of multiple I-girders 
(Solomon et.al., 2011); 

• ρ is the seawater mass density ( ! = " / g ); 
• (!hu2 )max is the maximum seawater flux 

momentum; and 
• ux,max is the maximum horizontal velocity of 

seawater. 
 
The values of horizontal and vertical tsunami forces are 

computed using tsunami run-up characteristics computed for 
the Spencer Creek Bridge located on Oregon Coast. These 
following values from Appendix D of (Solomon et.al., 2011) 
were used: 

• !hmax = 69.2in =1.75m   
• (!hu2 )max = 6935"10

3in3 / s2 ; and 
• ux,max = 321in / s = 8.15m / s  
The geometry of the bridge deck is:  
• b =1in = 0.0254m  
• Ah = 6 ft ! b = 72in =1.83m  
• Av = 39 ft ! b = 468in =11.89m  

 
These input parameters result in the following values of 

the horizontal and vertical tsunami force (per unit length of 
the bridge deck): 

 
FH =1.46kips / in = 256kN /m  
FV = 4.08kips / in = 715kN /m  
 
These force values were normalized by the weight of 

the deck per unit length (0.77 kips/in per 1 in) to give 
tsunami force coefficients:  

 
CH =1.9  
CV = 5.3  
 
The values of the tsunami force coefficients indicate 

that the hydrostatic and hydrodynamic forces estimated to 
occur during a tsunami using the guidelines proposed by 
(Solomon et.al, 2011) are tremendous. The horizontal force 

is roughly equivalent to a 2g horizontal acceleration, while 
the vertical uplift imposes a tension force on the bridge 
columns roughly equivalent to 4 times the bridge weight. A 
comparison of a computer model (LS-Dyna) and three other 
approaches for computing horizontal and vertical tsunami 
effect forces presented in Chapter 7 of (Solomon et.al.,2011) 
shows that the horizontal and vertical forces obtained 
following the recommendations approach are of the same 
order of magnitude as the ones computed using a computer 
model and roughly in agreement with the other three 
approaches.  

 
3.3  Tsunami Response 

The tsunami-induced horizontal and vertical forces 
were applied to the bridge model after completion of the 
gravity load and the earthquake ground motion response 
analyses. Both forces were applied simultaneously as static 
loads: no dynamic effects were considered.  

The horizontal response of the bridge to tsunami loads 
is shown in Figure 4 for the exterior column C1 and the 
interior column C2. The load on the columns is normalized 
with respect to the maximum tributary value of the tsunami 
horizontal force FH, and the deformation of the columns is 
shown in terms of transverse-direction drift. The analysis 
was terminated when column C2 reached a drift of 12% 
even though the applied horizontal load was only roughly a 
quarter of the intended value. The 12% drift corresponds to a 
displacement ductility demand of 8, indicating sever damage 
to the column that includes fracture of a number of 
longitudinal bars and a high likelihood of loss of gravity load 
stability. The simultaneous response of the column in the 
vertical direction is shown in Figure 5, where the vertical 
load on the column is normalized by its tributary weight. 
The data in this figure indicates that the columns were still 
under slight compression when the analysis was terminated.  
 
3.  CONCLUSIONS 
 

An study of the effects of tsunami loads on a typical 
California overpass damaged after a design-level earthquake 
is presented in this paper. The effects of a tsunami on the 
bridge were computed using the recommendations presented 
in a recent report (Salomon et.al., 2011). The values of 
tsunami forces, computed for a location on Oregon Coast, 
are very large, easily exceeding the forces likely to be 
imposed on a bridge during a maximum credible earthquake.  

 The results of the OpenSees model analysis indicate 
that the earthquake-damaged bridge model cannot sustain 
the applied tsunami loads. The analysis was terminated 
before applying the entire tsunami load because the 
transverse drift of the bridge columns exceeded 12%, a value 
assumed to represent severe, collapse-threatening, damage to 
the bridge.  

Based on this outcome, the following actions are 
recommended. A review of the California bridge inventory 
should be conducted to identify the bridges that can be 
exposed to significant tsunami action. More accurate 
estimate of tsunami run-up characteristics at these locations 
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should be made to compute the hydrostatic and 
hydrodynamic parameters of the waves imposing the loads 
on the bridge. A fluid-structure interaction finite element 
model of a typical bridge should be made to accurately 
estimate the effects of a tsunami in terms of the magnitude 
and duration of the vertical force, horizontal forces, and 
overturning moments, as well as to observe the response of 
the modeled bridge. The results of this analysis should be 
used to calibrate a tsunami bridge loading model and to 
develop a more accurate tsunami load pattern to be used for 
design and evaluation of typical California bridges.  

 
Acknowledgements: 

The authors acknowledge support from the Pacific Earthquake 
Engineering Research Center, the University of California Berkeley, 
and the Swiss Federal Institute of Technology (ETH) Zürich. The 
findings and opinions presented in this paper are those of the 
authors.  
 
References: 
Solomon C. Y., Sutaporn, B.-I., Seshu, B. N., Holly, M. W., 

Moshen, A., and Kwok, F.-C. (2011) “Development of a 
Guideline for Estimating Tsunami Forces on Bridge 
Superstructures,” Final Report SR 500-340, Oregon Department 
of Transportation. 

Mackie, K., J.-M. Wong and B. Stojadinovic, Integrated 
Probabilistic Performance-Based Evaluation of Benchmark 
Reinforced Concrete Bridges, PEER Center Research Report No. 
PEER 2007/09, January 2008, pp. 1-180. 

Aviram, A., K. Mackie and B. Stojadinovic, Guidelines for 
Nonlinear Analysis of Bridge Structures in California, PEER 
Center Research Report No. PEER 2008/03, August 2008, pp. 
1-209. 

Terzic, V. and B. Stojadinovic, ”Post-Earthquake Traffic Capacity 
of Modern Bridges in California”, PEER Center Research 
Report No. PEER 2010/103, March 2010, pp. 1-218. 

Ketchum, M., V. Chang and T. Shantz, “Influence of Design 
Ground motion Level on Highway Bridge Cost,”, PEER Center 
Research Report No. PEER 6D01, Nov. 2004, pp. 1-54. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2  Test-bed bridge elevation. 

Figure 1  Test-bed bridge column. 

Figure 3  Test-bed bridge deck 
cross-section! Figure 1  Test-bed bride elevation. 

. 

Figure 4  Response to the horizontal component of the 
tsunami wave force 

cross-section

. 

Figure 5  Response to the vertical component of the 
tsunami wave force 

cross-section

. 
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Abstract:  This paper presents a study of the influence of spatially variable ground motion on the longitudinal seismic 
response of multi span Bridge. Non linear finite element model are created for various bridges and non linear inelastic 
time history analysis are conducted. Ground motion time histories are simulated according to the Algerian design spectra. 
In this study two types of excitations are considered the first utilizes the spatially variable ground motion and the second 
utilizes the uniform ground motion. The comparative analysis of the bridges models shows that the spatial variability 
ground motion has important effects on the dynamic behavior of the bridges. 

 
 
1.  INTRODUCTION 
 

Seismic analysis of extended structures, such as bridges, 
must take into account spatial variability of earthquake 
ground motion (SVGM) which can induce significant 
additional forces. In fact, it has been recognized that 
space-time variability of the seismic of ground motion is the 
results of three distinct effects (Der Kiureghian 1996): (1) 
loss of coherence of the seismic movement due to multiple 
refractions and reflexions of the seismic waves along their 
paths, named incoherence effect, (2) difference in arrival 
times of the seismic waves at the various recording stations 
due to the variation of their apparent propagation velocity, 
named wave passage effect, (3) space variation of the 
geotechnical properties, named site effect. The effect of 
SVGM on bridge is addressed in this paper by considering 
non linear inelastic time history analysis. The seismic 
motion is described by a set of displacement time histories 
compatible with Algerian design spectra (MTP 2010).  
 
 
2.  DESCRIPTION OF THE BRIDGE MODEL 

 
The bridges considered in this study have almost the 

same structural configuration but have different overall 
lengths: 200m for Bridge 1, 400m for Bridge 2, and 600m 
for Bridge 3. Their structural configuration was obtained 
from that of design example No. 1 from the Federal 
Highway Administration seismic design examples (FHWA 
1996). This example was selected because all of its structural 
data are readily available. The span length is 50 m. The 

number of spans is equal to 4 for Bridge 1, 8 for Bridge 2 
and 12 for Bridge 3. 

The superstructure is a 22.48 m wide post-tensioned 
continuous box girder. The columns are connected to the 
superstructure using a cap beam. The bents consist of three 
columns fully connected with square spread footings 
underneath. The columns have circular cross sections of 
diameter equal to 1.219 m and heights equal to 8.56 m. The 
girder cross section of the model of bridge is shown in 
Figure 1. 

 
 
 
 
 
 
 
 
 
 
 
 

 
Figure1. Girder cross-section (FHWA 1996). 

 
For the bridges examined in this study, all piers of the 

bridges have identical diameter and reinforcement. 
To investigate the effect of the SVGM on the seismic 

response of the bridges, nonlinear inelastic models are 
created. The nonlinear behavior of the bridges is represented 
by the model described in Lou et al (Lou et al. 2005). This 
model was created considering the inelastic behavior of the 
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columns, the elastomeric bearings at each end of the box 
girder and the contact between the two ends of the box 
girder and the abutments. 

The concrete superstructure is modeled using 3-D 
elastic beam elements with effective stiffness. To simulate 
the inelastic behavior of the pier columns, a plastic hinge is 
introduced at the top and bottom of the column. The code 
USC-RC (USC-RC) was used to determine the 
moment-curvature curve of the column section. The 
bearings are represented by two elastic, fully plastic spring 
elements in parallel with initial gaps equal to 0.1 m. The 
elastic, fully plastic force deformation relationship of the 
abutments is determined according to CALTRANS 
(CALTRANS 2001). 

The stiffness of each bent foundation is modeled by six 
springs at the lower end of the footing elements, which were 
determined using an elastic half-space approach. Finally, 5% 
Rayleigh damping is utilized. 
 
 
3.  SPATIALLY VARYING GROUND MOTION  

 
In order to study the effect of SVGM on bridges 

responses, it is necessary to generate acceleration and 
displacement time-histories at several locations on the 
ground surface, corresponding to the bridge supports. In this 
study, the seismic ground motions are simulated as non 
stationary from predefined time history, using time domain 
segmentation method (Liao et al. 2006; Shama 2007, and 
Zerva 2009). The predefined time histories are divided into 
nearly stationary segments with different durations. Then, 
each segment is used as a reference time series and 
stationary conditional simulations are carried out for each 
segment using the simulation technique proposed by 
Deodatis (Deodatis 1997). The simulated segments are 
joined together to obtain the entire non stationary and 
spatially variable acceleration time-histories, after the 
incorporation of a time shift to account for the wave passage 
effect. 

The generated acceleration time histories are further 
corrected and integrated in order to obtain the corresponding 
displacement time-histories. The properties of each set of 
simulated time-histories are the same in terms of target 
power spectral density function, peak of displacement and 
response spectrum compatibility.  

In this study, uniform soil conditions are assumed and 
only the longitudinal component of the excitation is 
considered. The accelerograms used for the conditional 
simulation of support motions are compatible with RPOA’s 
response spectrum (MTP 2010). Two ground types S1 (firm 
soil) and S3 (soft soil), 5% damping and 0.4g peak ground 
acceleration are selected to describe the ground motion at 
piers.  

The Harichandran and Vanmarcke model 
(Harichandran et al. 1986) is chosen to model the coherence 
loss between pair of bridge supports: 
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Where dlm is the separating distance between station l 

and m. The following parameters of the model are used: 
A=0.736, α=0.147, k=5210 m, ω0=6.85 rad⁄s and b=2.78, 
which correspond to data recorded during Event 20 at the 
SMART-1 array, Lotung, Taiwan. Since the span length is 
the same for all bridges, it was decided to simulate stationary 
SVGM every 50 m. In this study, an apparent propagation 
velocity v=750 m⁄s was used.  

For Monte Carlo simulation needs, the procedure of 
simulation is repeated 10 times. Figure. 2 gives one set of 
non stationary SVGM displacements corresponding to 
ground types S1 and S3 which were simulated for the 
longest bridge (600 m, i.e., 13 support points). 

 
 
 
 
 
 
 
 
 
 
 
 

(a) 
(a) 

 
 
 
 
 
 
 
 
 
 
 
 

(b) 
(b) 

 
 

Figure 2 One sample of non stationary SVGM 
displacements for ground types (a) S1 and (b) S3. 
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4.  RESULTS ANALYSIS  

 
Nonlinear inelastic bridges models presented in section 

2. are analyzed using the assumptions of uniform and 
spatially variable ground motions. Hence to assess the effect 
of SVGM, two cases of analysis are performed: 

 
UTHA:  Uniform Time History Analysis which 

assumes that displacement simulated for the first support 
point (section 3) is imposed at all supports. 

 
VTHA:  Time-history analysis using the 

asynchronous displacements simulated in section 3. 
 
In this paper the parameter used to describe the 

non-linear response is the ductility demand at bottom at the 
extreme column of each bent of studied bridges. The 
ductility demand is defined as the ratio of maximum rotation 
over the rotation at yield. It should be noted that all bridge 
columns have identical yield rotation. 

 
 
 
 
 
 
 
 
 
 
 
 
 

(a) 
 

 
 
 
 
 
 
 
 
 
 
 
 

(b) 
Figure 3 Ductility demand envelopes of the bridge pier: 

(a) S1, (b) S3 (Bridge 1). 
 
Figure 3, 4 and 5 present the results obtained for the 

two ground type considered: firm soil (S1) and soft soil (S3). 
These figures present mean values plus/minus standard 
deviations (denoted by vertical lines) obtained from 10 time 
history analyses (realizations). In these figures the horizontal 
axes indicate pier number. The dashed line is used for the 

results obtained through UTHA whereas the solid one is for 
the VTHA. 

For Bridge1, Figure 3 shows that VTHA may produce 
ductility demands lower or higher than the UTHA. For the 
firm soil, VTHA can amplify the means of ductility demands 
particularly in piers close to abutments. It is found that 
amplification is as high as 11% at the bottom of the pier 1. 
However, for the soft soil, a reduction in the resulting mean 
ductility demands is observed when the spatially variable 
input motions are considered.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) 
 
 

 
 
 
 
 
 
 
 
 
 
 

 
(b) 

Figure 4 Ductility demand envelopes of the bridge pier: 
(a) S1, (b) S3 (Bridge 2) 

 
Comparing VTHA with UTHA for Bridge2 (Figure 4), 

we note that, in the case of the firm soil, VTHA increases 
demand in means of ductility at the first three piers. It is 
observed that VTHA can amplify the results by 24%. But, 
for the soft soil, we note that mean ductility demands under 
SVGM were smaller than those under uniform motions with 
the exception of pier 1. 

 
The results for Bridge3 are presented in Figure 5. It is 

observed, for the firm soil, that VTHA gives higher mean 
ductility demands at the first three piers and the last one, 
than that given by UTHA. The mean ductility demand 
amplifications are in the range 8%-23%. Moreover, Figure 5 
illustrates that, for soft soil, VTHA increases the results only 
at the first two piers and decreases them at the others piers. 
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(a) 
 
 
 
 
 
 
 
 
 
 
 
 

 
(b) 

Figure 4 Ductility demand envelopes of the bridge pier: 
(a) S1, (b) S3 (Bridge 3) 

 
As a general comment, it is important to note this study 

shows that the SVGM may cause an increase or decrease in 
the ductility demand in the columns of the studied bridges. 
For firm soil, it is observed that VTHA increase the ductility 
demands especially at the lateral piers; but for the soft soil, 
the SVGM was generally beneficial, i.e., a reduction in the 
results was observed with exception of Bridge3.  

Consequently, when soil is firm (stiffer bridge model) 
the effect of SVGM on the bridge performance can be more 
significant than in the case of soft soil, because SVGM 
causes amplifications of pseudo-static component responses 
and, consequently, of the respective total responses. 
 
 
4.  CONCLUSION 

 
In this paper, the effect of spatially variable ground 

motion on the longitudinal seismic response of multi span 
bridge is analyzed. Three bridges having different lengths 
and seating on different types of site conditions are 
considered. For each bridge-site case, two types of non 
linear analyses are conducted. The first one considers that 
the seismic motion is spatially varying whereas the second 
one considers the seismic motion as uniform ground motion. 
The spatially variable ground motions are generated using 
conditional simulation starting from the response spectra of 
RPOA. The results of these analyses are compared in terms 

of ductility demands at piers. 
Based on this study, some conclusions arise. It is 

observed that spatial variation properties of the earthquake 
ground motion can locally increase the structural response 
even in the case of symmetric and short bridges seating on 
uniform soil conditions. In the case of firm soil the effect of 
SVGM on the bridge performance can be more significant 
than in the case of soft soil, because SVGM causes 
amplifications of pseudo-static component responses and, 
consequently, of the respective total responses. 
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Abstract:  As the number of bridge damaged or collapsed by serious scouring during flooding increased dramatically, 
researchers have focused on developing real-time monitoring system for disaster prevention. In order to monitor the 
scouring depth reliably and precisely, a mobile bridge health monitoring system combining the concept of expression 
array and Naive Bayes (NB) algorithm to detect the scouring depth by measuring the superstructure response only is 
proposed. The structural characteristic is extracted from the vibration history measured and then compared with database 
collected to identify the possible scouring depth. With the use of field programmable gate array (FPGA), the customized 
algorithm can be embedded into the developed prototype system easily. Moreover, a novel monitoring interface based on 
probability which can demonstrate the real-time scouring trend of bridge is also developed to enhance the functionality in 
practical application. To verify the performance of the proposed system, a series of dynamic scouring experiment was 
conducted on a scaled down single-column bridge model with various settings of initial embedded depth to clarify the 
complicated fluid-solid-coupling effect. Test result has shown that the scouring depth and trend can be reliably identified 
by the mobile monitoring system while the real-time processing concept is implemented successfully. 
 

 

 

1.  INTRODUCTION 

 

Different than other structures, bridge is prone to damage 

under external excitations such as earthquake, flooding, flow 

debris, or unexpected impact during its life cycle. For this 

special characteristic that the safety of most bridges which 

decreases gradually is determined mainly by the scouring 

phenomenon, scouring monitoring has become an important 

issue recently. Some bridge health monitoring systems have 

been proposed with deploying sensing network including 

thermo couples, humidity sensor, velocity meter, and 

accelerometer for long-term monitoring in the last decade. 

Based on the customized algorithms, the health condition can 

be rapidly evaluated, and the pre-warning signal can be 

broadcasted when the criterion condition is reached (Cheung et 

al. 2007, Fraser et al. 2010). The bridge health monitoring 

systems developed have also been practically applied on 

bridges such as the Tsing Ma Bridge (Wong 2003) and 

Handong Binzhou Yellow River Highway Bridge (Fraser et al. 

2006, Li et al. 2006), a cable-stayed bridge that crosses the 

Yellow river with a total length of 1698 m, in which 141 

permanent sensors are deployed. With the support of advanced 

sensing technology, hundreds of sensors including 

accelerometers, strain gauges, linear variable differential 

transformer (LVDT) are used to steadily monitor the response 

of the structure and the fundamental structural parameters.  

Traditionally, the safety of bridges is monitored by directly 

installing sensors on the substructure. For example,    

scouring brick, which is designed to float on the water when 

the scouring phenomenon reaches a presumed depth, and the 

monitoring steel tube that contains micro-electronic pressure 

device to detect the scouring condition by water pressure are 

the most common devices used these days. The warning signal 

can be sent back to the monitoring center immediately. Though 

the scouring depth can be directly reflected by the 

above-mentioned methods; however, these embedded 

monitoring systems are easily malfunctioned or destroyed 

during flooding. To solve this bottleneck, a reliable mobile 

bridge health monitoring system to evaluate the scouring depth 

is proposed in this research. To reflect the complex fluid-solid 

coupling effect between the current and the bridge column, a 

diagnosis algorithm composed of AR-ARX Expression Array 

and Naïve Bayes (NB) algorithm is applied (Keller et al. 2006) 

(Domingos and Pazzani 2006). By the bridge monitoring 
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system, the scouring depth can be rapidly estimated with the 

response from superstructure only.  

 

2.  RESEARCH METHODS 

 

2.1  AR-ARX Expression Array 

By the concept transplanted from the DNA array in 

molecular biology, the proposed bridge health monitoring 

system is constructed by utilizing a double-tier AR-ARX 

regression process to extract the expression array from the 

structural time history recorded during external excitations. 

The AR-ARX array is symbolized as the various genes of the 

structure in the viewpoint of molecular biology to reflect the 

possible damage condition existing in the structure. The 

concept of AR-ARX expression array has been successfully 

applied on a small mass device structure for health monitoring 

by Sohn (2001) and is briefly described as follows: 

Based on the assumption that the bridge model is simulated 

as a linear single input and single output system with uncertain 

vibration generated by the current impact, the unknown 

external force can be treated as the error generated from the 

first AR regression model. With the filtered error treated as the 

input to the second ARX model, the structural characteristic of 

the bridge model can be precisely reflected when the scouring 

depth changes with time. 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.1  Naïve Bayes Algorithm 

Meanwhile, the basic theory of the Naïve Bayes (NB) 

algorithm used as the core of the SHM system is also described. 

First, an unknown array X  with  n  different components 

is expressed as 
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The training patterns 
i

M of class i  under the 

assumption of Gaussian distribution for component g  are 

given as 
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Based on the Naïve Bayes algorithm, the class of the 

unknown array X can be classified by (Domingos and 

Pazzani 2006, Sohn 2001). 
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By assuming all the variables 
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X  of X to be 

independent to each other, equation 3 can be rewritten as 
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By integrating equations 4 and 5 with separate mean 

values and standard deviations among the coefficients in the 

AR-ARX array, the damage condition of the structure can be 

determined in equation 6. 
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2.3  Preliminary Test 

The proposed bridge health monitoring algorithm 

integrating the AR-ARX expression array and NB theory was 

verified by a series of preliminary test for its performance on 

predicting the trend of scouring depth before embedded into 

the on-site SHM prototype. A single bridge scouring 

experiment shown in Figure 2 was conducted to offer the 

database required. As shown in Figure 3, the scouring depth 

was divided into three categories of class A, class B, and class 

C. Class A is defined as the beginning of scouring with large 

variation on scouring depth; class B is defined as intermediate 

period, and class C represents the final stage of dynamic 

balance on the depth. The time history of each class is further 

cut into segments of 30 seconds and converted into AR-ARX 

array to establish the database supporting the NB theory.  

The classification result diagnosed by the NB theory is 

shown in Figure 4. Seven independent time histories of 

different scouring conditions were reserved from the database 

to verify the reliability of the system on predicting the scouring 

depth. As shown in the figure, about 70 % accuracy can be 

reached by the bridge health monitoring algorithm proposed. 

Figure 1  The AR-ARX Model 
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The feasibility of applying the AR-ARX array concept and NB 

theory is preliminarily demonstrated.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.  THE SHM PROTOTYPE 

 

3.1  RT&FPGA 

To implement the bridge health monitoring system 

practically, a SHM prototype is developed. Various mobile 

modules with the advantage of portability are designed to 

support the function required in this research. As shown in 

Figure 5, the hardware of the SHM prototype is divided into 

the Real Time (RT) level and the Field Programmable Gate 

Array (FPGA) shown in Figure 6 to accelerate the total 

processing of data acquisition and storage efficiency. In the 

FPGA end, two hot-plug input/output (I/O) modules 

including a high-resolution 16-bit input module in charge of 

stable data acquisition and the large storage memory module 

to process the storage of raw data. The SHM algorithm 

composed of the AR-ARX array extraction and the NB 

theory is then implemented by connecting the First Input 

First Output (FIFO) of each I/O module to the RT part for 

rapid signal processing.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2  Data Acquisition of FPGA 

In order to drive the high-resolution 16-bit input 

module correctly, software shown in Figure 7 is first 

embedded into the firmware of the FPGA to sample and 

deposit the vibration measured from the sensor. Several 

function blocks including data duplication, sampling rate 

setting, and the overwriting on temporary memory space are 

organized individually. The advantage of FPGA on data 

acquisition is the highly stabilization with the operation 

speed to 40MHz. Furthermore, the program under operation 

can be done in parallel by utilizing the Loop Timer 

technique to fix the sampling rate as 200Hz. After finishing 

the task of data acquisition in the FPGA end, the core of the 

SHM system which utilizes the pattern recognition 

technique is activated in the RT part. To guarantee no loss 

happened on the interface, the Direct Memory Access 

(DMA) method is introduced by setting up a temporary 

memory space. Data recorded in the FPGA level can be 

stored temporarily and then deleted automatically after 

transmitted to the RT as shown in figure 8. In other words, 

the DMA FIFO section acts as the buffer between the FPGA 

Figure 6  The structure of FPGA system 

Figure 4  Diagnosis Result by NB theory 

Figure 3  Category of Time History 

 

Figure 2  Preliminary Bridge Scouring Test 

 

Figure 5  The structure of the SHM prototype 
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end and the RT levels. Furthermore, the filter program in RT 

part can extract the data stored in data space between the 

frequencies of 0.1Hz and 200Hz. Data collected will be 

transferred into array expression format to process the NB 

algorithm and classification as shown in figure 9. For the 

feature of high stability on FPGA, where the maximum 

execution speed can reach 40MHz, the loop speed is set to 

200,000 ticks, and a sampling rate of 200Hz can be guaranteed 

as shown in Figure 10. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 10  Loop Timer 

 

3.3  Raw Data Storage 

The raw data storage by memory card module is another 

key issue in this research. In order to guarantee high speed 

acquisition, the FPGA I/O Method Node of memory card is 

selected to deposit the acquisition data. The raw data recorded 

can be easily accessed by utilizing the memory card treated as 

a backup mechanism on site. The concept of data storage is 

shown in figure 11. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Meanwhile, as the conversion of compressed raw data 

from binary code into digital form is not included in the 

software, the raw data are decoded independently by a 

post-processing software indicated in Figures 12 and 13. As 

only the unsigned integer format is supported on raw data 

storage by 16-floating-point number format, errors may occur 

when data are expressed the negative numbers, and the floating 

numbers are treated as unreadable data. To solve this problem, 

the vibration data collected by the sensor in a 16-bit floating 

number format is magnified 107 times and shifted with an 

offset of 2147483648. Furthermore, the data acquisition and 

SHM diagnosis can be operated in parallel. Moreover, the 

memory card can be taken out of the SHM prototype if 

required, and the raw data stored as a backup can be analyzed 

offline.  

 

 

 

 

 

 

 

 

 

Figure 7  The program in the FPGA level 

Figure 8  Demonstration of DMA FIFO 

Figure 12  The Automatic Storage of Raw Data 

Figure 9  The RT program 

Figure 11  The Concept of Raw Data Storage  

Figure 13  The storage program under FPGA 
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3.4  Real Time Monitoring 

The monitoring interface is designed to be clear, intuitive 

and easy for understanding. Although the NB algorithm can 

clarify the highest possibility of each classification; however, 

the scouring depth still can not be indicated directly. To clearly 

illustrate the time-variant trend of scouring depth, the 

probability density of NB theory is transformed into the form 

of accumulated probability to express the probability of 

scouring depth as shown in Figure 14. Moreover, By utilizing 

the concept, an real-time scattering figure as shown in Figure 

15 to indicate the present bridge scouring depths can be 

obtained with the estimation of expect value on the scouring 

depth. This real-time monitoring interface can clearly show the 

possibility of different classification or expected scouring depth. 

The method to transform the probability density function into 

total probability is briefly illustrated as follows: 

For an unknown array Xi with i coefficients, the 

probability density distribution array Di after compared by the 

NB theory with the database established is given as: 

 

}D...D..D,.D,D{D ng321i =
     (7) 

 
The offset Si can be obtained by subtracting the 

minimum value Dmin as 
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The ratio Ri between Si and the arithmetic mean of Si, 

can then be derived as   
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A new index Ki indicating the total probability can be 

defined by offsetting with the minimum value Rmin as  
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Assuming that the minimum total probability of the Ki= 

0, an index α can be derived by 
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Finally, the total probability Pi of scouring level i can be 

written as  
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i
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4.  EXPERIMENTAL VERIFICATION 

 

4.1 Procedure of Experiment 

To further verify the performance of the SHM system 

when applied practical bridges, a series of experiments was 

conducted with the experiment procedure shown in figure 16. 

With the integration of SHM diagnosis algorithm and the 

SHM prototype, the bridge scouring depth caused by 

flooding can be rapidly evaluated. In this experiment, the 

bridge column model was embedded in sand while sensors 

were deployed on the top of bridge deck. The bridge column 

was then scoured under constant flood velocity. Furthermore, 

as the soil in the down stream direction was gradually 

scoured by water flood, the boundary condition also changed. 

In order to fully simulate all the possible conditions the 

bridge may face on site, some relevant parameters of the 

model including the scouring depth, height of soil, height of 

bridge column, flood velocity, and bridge mass were 

carefully considered. The bridge model embedded with soil 

is shown in Figures 17 and 18 where the single bridge 

column containing the cap beam, bridge column and bridge 

pier is simulated with concrete. Part of the bridge pier was 

embedded in the soil, and the other part of the specimen was 

scoured by flood. Sensors were installed on the 

superstructure of the bridge to monitor the structural 

response with constant flood velocity. As the soil near the 

bridge column was scoured away, the boundary conditions 

of the bridge as well as the vibration response of the bridge 

Figure 14  The Transformation of Probability Function

Figure 15  The Real-Time Monitoring 

Real Time Monitoring System 
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were also changed. Experiment with different boundary 

conditions was conducted, and vibration response of bridge 

was collected and analyzed. Moreover, as the bridge 

specimen is treated as a time-variant system during the 

scouring process, the scouring depth as well as the vibration 

response were precisely recorded by the raw data acquisition 

system of the proposed SHM prototype during the whole 

experiment history. 

After setting up the experiment specimen, the SHM 

prototype was deployed on the bridge model. The AR-ARX 

database acquired from the bridge model vibration response 

under different scouring levels was used to calculate the 

mean and standard deviation of each scouring condition. 

With the support of NB algorithm, the bridge scouring depth 

can be rapidly evaluated and transmitted back to the SHM 

monitoring center as shown in figure 19. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 
 
4.2  Experimental Verification   

The time history of the bridge scouring depth was 

classified into four levels to demonstrate the total probability 

concept proposed above. By the customized monitoring 

interface, the total probability corresponding to each 

scouring level and the expected scouring depth by timing the 

total probability of each level and the scouring interval can 

be expressed. As shown in figure 20, the expected scouring 

depth from the experiment was first illustrated and compared 

with the actual scouring depth of blue line measured by 

sensors shown in Figure 21. The blue mark represents the 

analysis result of the first scouring level; the red represents 

the earlier period of the mild scouring effect; the green 

indicates the middle period of the mild scouring, and the 

purple is the later period of dynamic scouring condition. For 

the first scouring level, the predicted trend is relatively 

smaller than the practical depth measured. However, as the 

result can be treated as a conservative prediction, the result is 

acceptable. Meanwhile, the other three levels can be reliably 

estimated by the proposed method to match the scouring 

depth trend. Moreover, five time histories in each level were 

reserved and used as the off-line testing samples to examine 

the reliability of the system, and a satisfactory result is 

shown in Figure 22. It demonstrates again that the bridge 

structural damage condition can be classified by NB 

algorithm with the array dimension of 96-64-32. By 

verifying the proposed method through on-line and off-line 

Figure 19  The Setting of Instrument and Experiment 

Figure 18  The Experiment Specimen 

Figure 17  The Bridge Model 

Dig Sand 

Locate 

Embed Specimen

Alter Height Ramming 

Record 

Constant 

Figure 16  Experiment Procedure 
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analysis, the performance of the proposed method based on 

array expression data and NB algorithm is demonstrated. It 

is expected that the customized mobile bridge health 

monitoring system created in figure 23 can be further 

developed to meet the requirement of practical bridges. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 5.  CONCLUSIONS 

 

Two main contributions including the enhancement of 

the SHM prototype and the real-time monitoring of bridge 

scouring depth were accomplished in this research. By 

upgrading of the monitoring core into the FPGA part, a 

stable sampling frequency can be achieved. Moreover, by 

using the mobile module with memory card, the raw data 

can be stored and backed up. The real-time monitoring of 

bridge scouring depth was also achieved by introducing the 

NB algorithm and total probability concept. With the 

customized monitoring interface, different levels of scouring 

depth can be clearly indicated. Experimental verification has 

shown that the scouring trend predicted basically matches 

the scouring depth. Furthermore, the raw data storage system 

can collect new data as training patterns and enhance the 

reliability of database. The performance of the mobile bridge 

SHM system has been successfully demonstrated and can be 

expected to apply in practice in the near future.  
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Abstract:  In Cagayan Valley, the major means of transportation is by land as it is a region with solid mass of 

accessible land with some exceptions to those areas which by topographical reasons could not be reached by land 

transportation. Major highways here depend on bridges to carry the roadway along a logical alignment and the 

traveling public expects these bridges to be unfailingly safe and durable. This study was conducted is to determine 

primarily the conditions of the major bridges in the Cagayan Valley Road. This examined the different structural 

elements of those bridges such as Superstructure, Substructure, and other appurtenances. Data will be provided to the 

four (4) Engineering Districts and the Provincial Government of Isabela as basis on what appropriate actions should be 

done regarding this matter.  Data were gathered by going to the different bridges in the four districts of Isabela with 

the aid of digital cameras. The defects sighted were spalling and scaling of concrete, cracks, eroded embankments, 

corrosion and paint peel-off of steel members, scouring, pot holes and honeycombs.  Some of the bridge defects were 

caused by concrete expansion or contraction due to change of weather, by passing vehicles and due to heavy traffic, 

fatigue and also by human activities.  Some of the recommendations made were:  a wearing surface should be 

provided to the bridges with epoxy bonding compound, the eroded embankment of the bridges must be repaired 

immediately before the rainy season comes,  the bridge should undergo retrofitting measures to mitigate the effects of 

future earthquakes,  the houses under the bridges should be demolished to prevent the effect of heat to the bridges in 

case fire happens, and quarrying operations should be done at a minimum distance of 500 meters from the bridges to 

prevent scouring of bridge foundations. 

 
 

1.  INTRODUCTION 

 

As quoted by Reyes, Gragasi (2001) said that the whole 

stretch of Cagayan Valley Road from Sta. Fe to San Luis, 

Diadi, the provincial boundary of Nueva Vizcaya and 

Isabela is the main artery of transportation in the Nueva 

Vizcaya province. Likewise, the Cordon, Ilagan to San Pablo 

and Cordon, San Mateo, Roxas To Enrile Cagayan are the 

main arteries of transportation in the province of Isabela.   

It carries the volume of traffic from the province of Cagayan, 

Kalinga and Apayao in the North and Nueva Ecija, Nueva 

Vizcaya and Quirino in the South. It is also linked with 

province of Ifugao by the Nueva Vizcaya-Mountain 

Province Road, with Pangasinan by the Nueva 

Vizcaya-Pangasinan Road and with the province of Benguet 

by the Nueva Vizcaya-Benguet Road.  Major highways like 

Cagayan Valley Road depend on bridges to carry the 

roadway along a logical alignment and the traveling public 

expects these bridges to be unfailingly safe and durable.  It 

is on this premise that this research was conducted to 

determine the conditions of the major bridges in Isabela 

section of the Cagayan Valley Road.  

 

1.1.1. Objectives of the Study 

This study aimed to determine the conditions of the 

major bridges in the Isabela section of the Cagayan Valley 

Road. 

Specifically, this study was conducted to examine the 

different structural elements of those bridges such as 

substructure, superstructure, other appurtenances and the 

defects were noted. The possible factors that may have 

caused the defects were also identified. Likewise, the sites 

around the bridges were examined to identify the conditions 

that may have affected the bridges. 

 

1.1.2. Importance of the Study 

The findings of this study would be beneficial 

particularly to DPWH because they would be provided with 

informations which will serve as basis for the future 

rehabilitation or maintenance activities of these bridges. 

The Civil engineering students will also be benefited by 

this study, especially those who are taking Bridge 

Engineering and to the riding public for them to know the 

conditions of the bridges that they are using. Furthermore, 
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through this study, the riding public will be made aware of 

the conditions of these bridges. 

Finally, this study can also serve as resource material of 

the future researchers who will be working on bridges. 

  

1.1.3. Scope and Limitations 

This study covered the major bridges in the Isabela 

Section of the Cagayan Valley Road, like the Naguilian 

bridge, Ganano bridge, and Tumauini bridge among others.   

Specifically, the study is limited only to the following 

defects of bridges namely: (a.) Material defects, 

(b.)Hydrological defects and (c.) Structural defects.  The 

current situation of the defects after their repair due to 

natural calamities and other factors were also noted. 

 

 

2.  METHODOLOGY 

 

In this study the researchers used the 

descriptive-evaluative method with the use of digital camera 

as the foremost data gathering equipment. Visual inspection 

was done at the site and the defects of the bridges during 

normal and critical times when possible were also 

documented. 

 

3. FINDINGS 

The following are the defects of bridges found by the 

researches. 

  

3.1.1. Superstructure 

The concrete deck-slab of many bridges have a 

fatigue-type of failure and surface deteriorations like spalling 

and scaling that may lead to disintegration, cracks and 

abnormal spacing of slab.  The fatigue-type of failure and 

cracks were not yet repaired and so with concrete spallings.  

Some have been repaired using asphalt through patching. 

There were few small and shallow pot holes, and cracks 

were present in the deck of the bridges. 

The concrete girders and diaphragms of some of the 

bridges have cracks, delaminations and spalling.  The deck 

joints of some bridges were already destroyed. 

 

 

 

 

 

 
  

 

Figure 1.  Defects on the Superstructure of Bridges 

3.1.2.  Substructure 

The abutment of Curilao Bridge and Calao I Bridge 

manifested surface cracks while that of the other bridges 

were still in good conditions. 

The piers of the some bridges manifested slight 

damages only except for Minanga and Malalam bridges that 

have serious damage. The pier reinforcement of Minanga 

Bridge was already exposed due to spalling while the bridge 

seat of Malalam developed cracks. On the other hand, 

scouring of the base of bridge piers resulted in exposed piles.   

The embankments of some bridges were damaged due 

to the sinking or settlement of soil fill while the others were 

still in good condition.  Cracks on these embankments were 

observed due to settlement.   

 

 

  

  

 

Figure 2.  Defects on the Substructure of Bridges 

 

3.1.3. Appurtenances 

The railings and posts of some of the bridges were 

destroyed due to cracking and spalling. Some were with 

exposed reinforcement.  The other bridges with steel 

railings were also defective due to distortion and loss of 

some of its parts.  

The utilities of some of the bridges were made of PVC 

and GI pipes that carry water and telephone lines and some 

were still in good condition.  

The bridges do not have lighting appurtenances.  If 

signages are present these are just on the load capacity of the 

bridges. 
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Figure 3.  Defects on the Appurtenances of the Bridges 

 

3.1.4. Factors that Caused the Defects 

The bridge defects were commonly caused by concrete 

expansion or contraction due to change of weather, maybe 

due to weight of passing vehicles, and perhaps fatigue.  

Action of water is also a great factor in the scouring of the 

base of bridge piers as well as their abutments.  Weight of 

heavy trucks greater than the capacity of old bridges greatly 

affect the bridges that carry them.  Human activities also 

are factors in these bridge defects.  

 

 

4.  CONCLUSIONS AND RECOMMENDATIONS 

 

4.1.1 Conclusions 

In view of the foregoing findings, the following 

conclusions were drawn: 

1.  In general, the bridge defects observed were 

spalling and scaling of concrete, cracks, eroded embankment, 

corrosion and paint peel-off of steel members, scouring, pot 

holes and honeycombs.  

2.  The bridge defects were caused by concrete 

expansion or contraction due to change of weather, weight of 

passing vehicles, perhaps fatigue, and action of water.    

3.  The joints of the bridges may have been caused by 

heavy traffic.   

4.  Human activities also caused damages to the 

structure. 

5.  The Minanga, Gamu, Mallig, Siffu, Paza and Upi 

bridges had the most number of serious defects. 

 

4.1.2. Recommendations 

In the light of the aforementioned findings and 

conclusions, the following recommendations were made: 

1.  A wearing surface should be provided to the 

bridges with cracks and they must be treated with epoxy 

bonding compound. One advisable wearing surface to be 

used maybe made of latex modified concrete (LMC) or 

polymer modified concrete (PMC).  LMC/PMC is 

composed of cement, aggregates and latex emulsion 

admixture.  This type of wearing surface provides a surface 

which is less porous, enhance the ability of an overlay to 

adhere to the existing concrete slab and resist thermal forces 

caused by fluctuations. 

2.  The eroded embankment of the bridges must be 

replaced or repaired depending on the nature of the defect.  

3.  The bridge should undergo retrofitting measures to 

prevent serious damage later on. 

4.  The houses under the bridges should be 

demolished to prevent the effect of heat to the bridges in 

case fire happens. It has been found out that fire reduces the 

strength of concrete. 

5.  Quarrying operations should be done at a minimum 

distance of 500 meters from the bridges.  

6.  The National Government should provide enough 

funds for DPWH for the regular inspection, maintenance 

and rehabilitation of the different bridges in their areas of 

responsibility. 

7.  The agencies should be very strict in monitoring 

the vehicles passing these bridges.  They should make sure 

that no vehicle will pass a bridge beyond its capacity, 

otherwise it will be destroyed easily.   

8.  Future researchers should also consider excessive 

deflections and abnormal sounds emanating from the 

structure.  

9. Injection of epoxy bonding compound should be 

done to the cracks found in the abutment and piers whenever 

applicable. 
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Abstract:  The purpose of this study is to analytically investigate strength of beam-to-circular column connections of 
steel bridge frame piers with a tapered flange plate whose plate become wide toward the connections. First of all, the 
applicability of beam-to-circular column connections with the tapered flange plate was verified by comparing the strength 
of current designed beam-to-column connections. For design of beam-to-circular connections with the tapered flange 
plate, the change of plate thickness by considering shear lag phenomenon were not considered. As a result, the strength of 
beam-to-circular column connections with the tapered flange plate was roughly similar to that of beam-to-circular column 
connections whose flange plate thickness was changed by considering shear lag phenomenon. In addition, parametric 
analyses by using finite elements method analysis (FEM) were carried out to clarify the effects of strength increase of 
shape and length of tapered flange plate. 

 
 
1.  INTRODUCTION 
 

Many steel bridge frame piers were used in urban 
elevated highway bridges. Beam-to-column connections of 
steel bridge frame piers consist of thicker plates compared to 
general sections due to considering shear-lag phenomenon at 
beam-to-column connections in the design calculation.  

Reflecting tremendous damage of highway bridges in 
the Kobe Earthquake of January 17, 1995, seismic design 
specifications for highway bridges in Japan were revised 
(Japan Road Association 2002). In the revised specifications, 
large earthquakes, such as the Kobe Earthquake, were 
considered as seismic design earthquakes. With respect to 
beam-to-column, plate thickness increases with increase 
design earthquakes. Consequently, there are many 
difficulties in fabrication, design, and transportation of 
beam-to-column connections. Therefore, the design method 
of beam-to-column connections should be carefully 
investigated.  

For beam-to-column connections with box columns, 
new designed beam-to-column connections, whose plates 
have lower value of width-thickness ratio parameter by 
using stiffening methods, was proposed (Sasaki et al. 2001). 
This study also shows a comprehensive result, which is the 
shear-lag phenomenon doesn’t affect the ductility of 
beam-to-column connections. However, new design 
methods for beam-to-column connections with circular 
columns (beam-to-circular column connections) have not 
been investigated yet.  

This study analytically investigate strength of 
beam-to-circular column connections of steel bridge frame 
piers with a tapered flange plate whose plate become wide 

toward the connections as new designed beam-to-circular 
column connections. The applicability of beam-to-circular 
column connections with the tapered flange plate was 
verified by comparing the strength of current designed 
beam-to-circular column connections.  
 
 
2.  ANALTICAL OBJECTS AND METHOD 
 
2.1  Beam-to-Circular Column Connection Specimens 

Figure 1 shows beam-to-circular column connection 
specimens. The specimens have 860mm height and 
318.5mm diameter circular column with 10.3mm thickness 
plate and 200×200 box beam. SM490 was assumed as steel 
grade. Differences of the specimens are in plate thickness of 
beams as shown in Table 1 due to considering or not 
considering shear-lag phenomenon. For design of Specimen 
1 and Specimen 3, shear-lag phenomenon was not 
considered. Also, for Specimen 3, a tapered flange plate 
whose plate become wide toward the connections was used. 
Figure 1 also shows established test systems. Loading tests 
using the specimens will be conducted in near future. This 
system has 1980mm length between column center and 
loading point, and 1600mm height between an upper pin and 
a lower pin. 
 
2.2  Analytical Method 

DIANA was used in this research. FEM models were 
shown in Figure 2. The specimens were modeled by shell 
elements. A bi-linear stress-strain curve with a secondary 
slope 1/100 of the Young’s Modulus of steel was used for 
steel in FEM models. Yield stress of steel sets to be 
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315N/mm2 corresponding to the design yield stress of 
SM490. Minimum shell element size was approximately the 
thickness of beam flange for the elements near connections 
between circular columns and beam flanges.  
 
 
3.  ANALYSIS RESULTS 
 
3.1  Analysis results of Specimens 

Figure 3 shows elastic analysis results when load was 

A-A

200

2
0

0

9

2
0

0

2
5

0
250

9

1
4

C-CB-B

1980
1

8
80

Pin

Pin

Specimen

Oil Jack

B B
C C

A

A C

C

H Shape

H Shape

Column
Beam

(unit:mm)

Figure 1 Loading Test System 

and Specimen 

Table 1 List of Specimen 

Loading 
point

Figure 2 FEM models 

Specimen 1, 2 

Specimen 3 

Web Flange

1 Not Considered 9 9 61.5 0.417
2 Considered 12 12 72.9 0.302
3 Not Considered 9 9 61.5 0.417

Design
Load (kN)

Width-Thickness
ratio

Specimen
Number

Thickness of Beam (mm)Shear-lag
phenomenon

Normal Stress Distribution 

Figure 4 Load vs Displacement  

at loading point 

0

20

40

60

80

100

120

140140

120

100

80

60

40

20

0
0 50 100 150 200 250 300 350

P
(k

N
)

δ(mm)

Specimen 2

Specimen 3

128.9kN119.9kN

98.2kN

Specimen 1

1.2 times
1.3 times

Figure 3 Elastic analysis results 

750

-600

0

σ(N/mm2)

450

-450

300

600

150

-300
-150

200

500

600

300

400

σ(N/mm2)

100

0-50-100 50 100

Specimen 3

Specimen 2

Specimen 1

y(mm)

Specimen 1

Specimen 2

Specimen 3

- 1178 -



 

 

70kN. It can be seen that stress distributed to tapered flange 
plate near the connection of Specimen 3 and maximum 
stress in the stress distribution of Specimen 3 was roughly 
similar to that of Specimen 2. Hence, the effectiveness of 
tapered flange plate can be confirmed in the stress 
distribution in elastic region.  

Figure 4 shows elasto-plastic analysis results of load 
versus displacement at the loading point. Maximum strength 
of Specimen 1 is about 98kN, which is lower than that of 
Specimen 2 and Specimen 3. Maximum strength of 
Specimen 2 and 3 are 130kN, and 120kN, which are 1.3 
times and 1.2 times of Specimen 1.  

Figure 5 shows plastic strain distribution and 
out-of-plane deformation at analysis end of each model. 
Local buckling occurred at the near connections of 
Specimen 1 and 2. On the other hand, local buckling did not 
occur at the near connections of Specimen 3. This result 

indicates that the connection of specimen 3 does not become 
a weak point from the viewpoint of strength. Therefore, it 
seems that tapered flange plate can ensure the same strength 
as beam-to-circular column connections considering 
shear-lag phenomenon and have a good advantage for 
fracture of welding at the connections.  
 
3.2  Parametric analysis 

This study investigates the effectiveness of width and 
length of tapered flange plate. Various width and length are 
considered as parameter in this analysis as listed in Table 2.  

Results of the parametric analyses are presented in 
Figure 6 and 7. Figure 6 shows the results using various 
length. Figure 7 shows the results using various width when 
tapered length is 1.0L. From Figure 6, it can be found that 
strength increased with the increase of the length. 

Figure 5 Plastic Strain Distribution  

and Out-of-Plane Deformation 
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Figure 7 Influences of tapered width 
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Furthermore, it can be seen that strength increased with the 
increase of the width. Therefore, tapered flange plate having 
close to 1.0L and 1.0D is effective to increase strength of 
beam-to-circular column connections.  
 
3.3  Proposal of a new designed beam-to-circular 
column connections 

As limit states of beam-to-column connections during 
large earthquakes, not only local buckling but also fracture 
of welding, such as low cycle fatigue and brittle fracture due 
to high strain concentration, can be supposed. As mentioned 
3.2, we can achieved that tapered flange plate can avoid 
occurrence of local buckling at the near connections. This 

also has good advantages for fracture of welding. On the 
other hand, previous study (Miki et al. 2003) pointed out that 
there is difficulty in the welding quality for beam-to-circular 
column connections, because their complicated connections 
induce incomplete penetration area between circular column 
and beam flange. Therefore, fabrication, especially for 
welding, should not be complicated.  

Then a new designed beam-to-circular column 
connection is proposed as Figure 8. The proposed 
connection consists of 2 longer and wider tapered beam 
flanges plate combined diaphragms. Also, depend on shape 
of beam-to-circular column connections, 2 or 3 circular 
column plates, and 2 beam webs were used. The advantages 
for the fabrication of welding are that welding between 
beam flange and circular column plates can be conducted in 
flat positions，and welding intersections were reduced.  

Figure 8 also shows a FEM model of the proposed 
connection and Figure 9 shows elasto-plastic analysis results. 
From Figure 9, it can be said that strength of proposed 
connections is consistent with the strength of Specimen 3. 
However, decrease of post peak strength is relatively larger 
than that of other specimens. Figure 10 shows plastic strain 
distribution and out-of-plane deformation at the analysis end 
of the proposed connection. Local buckling occurred at the 
connection between specimen and loading beam. Ductility 
of this connection was not so high. Hence, this is the cause 
of decrease of post peak strength of proposed connections.  
 
 
4.  CONCLUSIONS 
 

In this research, in order to investigate strength of 
beam-circular column connections of steel bridge frame 
piers with tapered flange plates, elasto-plastic FEM analyses 
were carried out. In addition, parametric analyses were 
carried out to clarify effects of strength increase with shape 
and length of tapered flange plate. 

This research found that the strength of 
beam-to-circular column connections with a tapered flange 
plate was roughly similar to that of beam-to-column 
connections whose flange plate thickness was changed by 
considering shear-lag phenomenon. In addition, new 
designed beam-to-circular column concepts, which have 
good advantage not only for strength but also welding 
quality, were presented.  
 
References: 
Japan Road Association. (2002)， ”Design Specifications of 

High-way Bridges, Part V, Seismic Design,” Japan (in 
Japanese). 

Sasaki, E., Takahashi, K., Ichikawa, A., Miki, C. and Natori, T. 
(2001), “Influences of Stiffening Methods on Elasto-Plastic 
Behavior of Beam-to-Column Connections of Steel Rigid Frame 
Piers,” Journal of Structural Mechanics and Earthquake 
Engineering, Japan Society of Civil Engineers, 689/I-57, 
201-214. (in Japanese) 

Miki, C., Hirabayashi, Y., Tokida, H., Konishi, T. and Yaginuma, Y. 
(2003), “Beam-Column Connection Details of Steel Pier and 
Their Fatigue Damage Mode,” Journal of Structural Mechanics 
and Earthquake Engineering, Japan Society of Civil Engineers, 
745/I-65, 105-119. (in Japanese) 

Figure 8 Proposed connections 

Figure 9 Strength of proposed connections 

Assembly  FEM model 

Scallop

1.1D

Welding
by flat 
position

140

120

100

80

60

40

20

0
0 50 100 150 200 250 300 350

P
(k

N
)

δ(mm)

Specimen 2

Specimen 3

128.9119.9

Proposed 
Connections

121.9

Specimen 1

Figure 10 Plastic Strain Distribution  

and Out-of-Plane Deformation 

- 1180 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

PRELIMINARY DESIGN OF SEISMICALLY ISOLATED  
BRIDGES THROUGH A SPECIFIC SOFTWARE 

 
 

George C. Manos1), Stergios A. Mitoulis2) 
 
 

1) Professor, Laboratory of Experimental Strength of Materials, Dept. of Civil Engineering, Aristotle University of Thessaloniki, Greece 
2) Postdoctoral Fellow, Dept. of Civil Engineering, Aristotle University of Thessaloniki, Greece 

gcmanos@civil.auth.gr, mitoulis@civil.auth.gr 
 
 

Abstract:  Seismic design of isolated bridges, either new or existing ones that need retrofitting, involves conceptual, 
preliminary and detailed design. However, preliminary design is a non-straightforward procedure because of the 
sensitivity of bridge response on the initial decisions made by the designer, as well as on a series of broader criteria such 
as serviceability, target performance level and cost-effectiveness of the various design alternatives. Given the lack of 
design guidelines to ensure compliance with the above requirements, a “trial and error” procedure is typically followed in 
the design office to decide on the most appropriate isolation system; the latter typically based on engineering judgment to 
balance performance with cost. To this end, the particular research effort aims to develop a decision-making system for 
the optimal preliminary design of seismically isolated bridges. The proposed decision-making process is based on the 
current design provisions of Eurocode 8, but is complemented by additional criteria set according to expert judgment and 
laboratory testing, while using a combined cost/performance criterion. Software is also developed for the implementation 
of the system. The paper concludes with the validation of the methodology and software developed through more 
rigorous MDOF numerical analysis for the case of a real bridge. 

 
 
1.  INTRODUCTION 
 

The main objective of this research is to provide tools 
for helping design the isolation system of relatively regular 
short to medium span bridge structures as highway 
overpasses with the emphasis being on their earthquake 
performance and the inclusion of elastomeric bearings in 
their design. This objective addresses both new and existing 
structures in an effort to upgrade their earthquake 
performance (Dolce and Marnetto, 1998, Priestley et.al., 
1996) and is motivated by the fact that during the last decade, 
an extensive road network has been constructed in Northern 
Greece with more than 646 bridges built of a total of 40km 
length. These are structures of relatively small total lengths 
(i.e. L<100m) and their most common structural 
configurations are depicted in Figure 1. Along these lines, 
the application of seismic isolation in the design of new 
bridges or for the upgrade of the existing, older bridge 
structures, has attracted scientific attention (Naeim and Kelly 
1999). This increasing interest is also reflected, among other 
actions, on the research conducted in the framework of the 
Regional Innovation Pole (RIP) of the Region of Central 
Macedonia, in Northern Greece. This particular research 
framework focuses on both existing and new R/C bridge 
overpasses, which represent the majority of the bridge stock, 
and aims at a) the design and pilot production of elastomeric 
(steel-laminated) bearings, specifically by a local Hellenic 
industry, which then can be used in practice, b) the 
investigation of the mechanical properties of these pilot 

bearings at the Laboratory of Strength of Materials of 
Aristotle University and c) the development of a an expert 
system which can link the commercially available 
elastomeric bearings or the ones to be produced in the 
selection of an appropriate elastomeric bearing scheme for 
typical R/C bridge overpasses in Greece (figure 1) (Calvi 
GM, Pavese A., 1998). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
A series of tests were performed on unit elastomeric 

slice specimens of properties and dimensions representative 
of the pilot bearings as described by current codes (Eurocode 
8 Part 2, 2004; European Norms (EN): EN 1337-3, 2005; 
EN 15129, 2009). Summary results are presented in this 

Type 1: One span
Bearings on 
abutments

Type 2: Two spans
Bearings on piers 
and abutments

Type 3: Three spans
Bearings on piers and 
abutments

Type 4: Four spans
Bearings on piers and 
abutments

L

LL L1 L            L L11

L1 L1L

Figure 1 Overpasses with 1,2,3 and 4 spans and variable 
span lengths 
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paper of the aforementioned ongoing experimental 
investigation along with the measured mechanical 
characteristics under standard loading sequences. Numerical 
simulations are also performed for validation purposes and 
an expert system is developed. Summary information of this 
expert system is presented herein; it is aimed at selecting, 
during preliminary design, of a set of ‘optimal’ bearings 
from a database of commercially available ones, inclusive 
the foreseen pilot production. This selection process is based 
on the criteria set by the Greek Guidelines that conform with 
the relevant clauses of the Eurocodes, for seismic isolation, 
engineering judgment as well as on international standards. 
It is believed that the above described scheme can contribute 
towards a better link between production that is based on 
local industries and needs, experimentally-based 
optimization and final seismic design of bridges. 

 
 
 
 
 
 
 
 
 
 
 
 
 
2.  MECHANICAL CHARACTERISTICS OF 
RUBBER BEARINGS 
 

A series of standard tests were performed at the 
Laboratory of Strength of Materials and Structures of 
Aristotle University according to the International Standard 
ISO 22762-1 (2005). Initially, these tests were used as 
qualification tests for the materials used in the production; 
that is the elastomer, the steel plates and the adhesion 
materials and processes. Next, in an effort to study the 
influence of certain parameters in the mechanical 
characteristics of these elastomeric bearings, the 
vulcanization process was investigated and in particular 
influence of the time duration in the mechanical 
characteristics of the final product. Thus, a set of specimens 
were produced and tested with their vulcanization lasting 
either 15minutes or 25 minute. 
 
2.1  Shear cyclic tests of unit slices of elastomeric 
bearings 

Shear cyclic tests of a specimens made of two unit 
slices were performed according to the International 
Standard ISO 22762-1 (2005). Each unit slice included a 
layer of elastomer and two steel plates from a bearing with 
plan dimensions 200mm by 200mm. The dimensions of 
each slice of elastomer were 200mm by 200mm and 
7.62mm thickness. Thus, the tested specimens were formed 
by two slices of elastomer and four steel plates. Each steel 

plate had a thickness of 2.94mm and dimensions in plan of 
200mm by 200mm. Figure 2 depicts the loading 
arrangement. The final specimen was of relatively large 
dimensions as to be in plan a one to one representations of 
elastomeric bearings produced by the same process; that is 
employing identical unit slices and building it up at the 
desired height with the appropriate number of such unit 
slices (Abe, Yoshida and Fujino, 2004). A dynamic actuator 
of considerable displacement and force capability was 
utilized to introduce a series of cyclic shear strain imposed 
loading sequences to the specimens (see Figure 2). Initially, 
the series of tests did not exceed a maximum strain level of 
100%. Next a series of similar tests introduced maximum 
shear strain levels larger than 100% up to the failure of the 
specimen that appeared in the form of unbonding of the 
elastomer from the steel plating.  

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Apart from test specimens with the above dimensions, 

additional tests were also performed that corresponded to 
cylindrical elastomeric bearings having as plan dimensions 
of each slice of elastomer a diameter of 250mm with 
7.62mm thickness. These specimens were produced with the 
same process described before. Next, typical tests results are 
presented in brief. Throughout all the tests the applied load 
producing the shear strains was monitored together with the 
corresponding displacements of the specimen that were 
utilized to deduce the applied shear stress and shear strain 
levels to the specimen. At the same time the applied vertical 
load, normal to the slices of neoprene, was recorded and 
checked for any significant variations; the objective in this 
case being to keep the vertical load almost constant at the 
range of 2.0 to 2.5 Mpa. 

 
2.2  Shear cyclic tests with strain amplitude lower than 
100% 

Cyclic tests were performed for the following 
combinations: 3 to 11 cycles for each test, with temperature 
23oC and cyclic loading varying with frequency 0.2Hz. The 
shear strain amplitude was varied from 5% to 75% in the 
following steps: 5% (0.38mm), 10% (0.76mm), 25% 
(1.91mm), 50% (3.81mm), and 75% (5.72mm). The 
corresponding results for the initial shear tests are depicted 
in Figure 3. An increase in the shear stiffness was observed 
when the cyclic shear strain became larger than 75%. 
Subsequent tests that followed the initial tests with shear 

Figure 2 Loading arrangement of a unit slice 

Slice Bearing 7.5mm thick
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Figure 3  Initial shear cyclic test results for frequency 0.2Hz 
and shear strain amplitude from 5% to 75%
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strain amplitudes varying again in the range from 5% to 
75% exhibited an increase in the shear stiffness when they 
are compared with the results of the initial shear tests (Figure 
4). Again, the specimen exhibited a stable performance 
throughout the increasing shear strain amplitude from 5% to 
75%.  

 
 
 
 
 
 
 
 
 
 
 
 
 
Additional tests were also performed with the same 

specimens whereby the studied variable this time was the 
frequency of imposing the shear strain, keeping the 
maximum target strain amplitude constant and equal to 75%. 
The corresponding results are illustrated in Figure 5. In this 
case the specimen’s performance was examined for loading 
frequencies equal to 0.1Hz, 0.5Hz and 1.0Hz. As can be seen 
from this Figure no significant variation in the performance 
of the specimen could be observed from the obtained 
response whereby the loading frequency was varied from 
0.1Hz to 1.00Hz. 

 
 
 
 
 
 
 
 
 
 
 
 
An additional specimen of the same geometry and 

produced by the same process was tested by the loading 
arrangement shown in Figure 6. This time, apart from 
imposing the shear strain levels of continuously increasing 
amplitude, the specimen was placed under a constant 
compressive stress field normal to the horizontal plane of the 
elastomer. This stress field corresponded to an equivalent 
compressive stress equal to 2.4Mpa. The frequency of the 
cyclic load was equal to 0.5Hz and the shear strain 
amplitude was continuously increasing from 10% to 75%. 
The summary results of this test are depicted in Figure 7. By 
comparing the results of Figure 4 with those of Figure 7 an 
increase in the stiffness and a decrease in the equivalent 
damping ratio is evident when the specimen is subjected to 
the previously described compressive stress field of 2.4Mpa 
equivalent uniform stress normal to the elastomer. However, 

this observation should not be generalized; as was shown 
from the measurements of another investigation (Ryan et. al. 
2004) further increase in this compressive stress field has the 
opposite effect that is a decrease in the shear stiffness and an 
increase in the equivalent damping ratio. 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
2.3  Shear cyclic tests with strain amplitude higher than 
100% 

The previously described loading sequences were 
repeated again with unit slice specimens being loaded with 
shear strain amplitudes higher than 100% up to the failure of 
the specimen. Two distinct loading arrangements were again 
adopted. First, the shear strains were introduced without the 
application of compressive load normal to the horizontal 
plane of the elastomer (Figure 8), whereas in the second case 
a vertical load was applied and kept constant producing an 
equivalent uniform compressive stress normal to the plane of 
the elastomer (Figure 6) in the range of 2.0 to 2.5 Mpa.  
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Figure 6  Simultaneous application of a compressive stress 
field 
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Figure 8  Loading the unit slice specimen without the 
presence of the compressive stress field 
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Figure 8 depicts the failing mode of the specimen 
during this loading process, without the presence of the 
compressive stress field. Figure 9 depicts the results of this 
test with large shear strains without the application of 
compressive normal stress, whereas Figures 8 and 10 show 
the resulting unbonding of the elastomer from the steel 
plating at the end of this loading sequence. The load-unload 
behavior of this specimen is shown in Figure 9 for levels of 
shear strain starting from 100% and gradually increasing to 
275%. It can be observed that for shear strain levels lower 
than 200%, which corresponds to Eurocode’s (Eurocode 8 
Part 2, 2004) maximum allowable shear strain, the 
specimen’s behavior remains stable even for this demanding 
test that corresponds to an elastomeric bearing that does not 
have the beneficial stabilizing effect of the compressive 
stress field normal to the slices of the elastomer within the 
bearing. The maximum capacity reached for this specimen 
was equal to 1.7Mpa; this occurred for a maximum strain 
level equal to 275%. The load-unload behavior of the 
specimen with the simultaneous application of continuously 
increasing shear strains and an imposed compressive stress 
field normal to the elastomer equal to 2.4Mpa is shown in 
Figure 11; Figure 12 depicts the failure mode. The drops of 
stress that can be observed in this plot are due to the 
relaxation of the elastomer during small duration stops in the 
loading sequence. The levels of shear strain reached 230% 
during the first loading cyclic; then they were gradually 
increased to 300%, whereby the maximum bearing capacity 
equal to 2.0Mpa was reached for this specimen.  

 
 

 
 

 
 
 
It can be observed that for shear strain levels higher 

than 300% the specimen’s bearing capacity degrades; 
however this degradation does not progress rapidly; for 

shear strain levels 350% the specimen exhibits a bearing 
capacity almost equal to the maximum bearing capacity of 
the specimen. From the comparison of the performance of 
the specimens with and without the compressive stress field 
(Figures 11 and 9) it can be seen that the most severe test is 
that without the normal compressive stress field. 
 
 
 
 
 
 
 
 
 

 
 
 
 
3.  AN EXPERT SYSTEM FOR THE PRELIMINARY 
DESIGN OF BRIDGE SEISMIC ISOLATION  
 

The process to select the cost-effective seismic isolation 
system is often time consuming, as it commonly leads to 
iterative calculations and numerical analyses (Naeim et al., 
1999) and several design checks against target code-based 
criteria concerning both the maximum bearing strain and the 
overall performance of the bridge structure (Eurocode 8 Part 
2, 2004; AASHTO, 2001). This was the reason that led to 
the development of an expert system which aimed to 
become a design tool for Bridge Engineers in their 
preliminary stages of selecting an appropriate and 
cost-effective scheme of rubber bearings that could be 
applied in existing or new short to medium span regular 
bridges with typical structural forms and geometry. In 
general, it can be claimed that no comprehensive procedure 
has been presented to this date for the optimal (that is, 
cost-effective), preliminary design of seismically isolated 
highway bridges. 
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Figure 12  Failing mode of the unit slice specimen without 
the presence of the compressive stress field 
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3.1  Assumptions and limitations of the software  
The rigid deck model used in the software for the 

preliminary analysis of the bridge, is applicable when the 
total mass of the piers is less than 20% of the total bridge 
mass, as prescribed by Eurocode 8-Part 2. Moreover, the 
software assumes that bridges under design are level and 
straight; therefore structures with small curvature in plan or 
small longitudinal inclination can be approximated by this 
assumption. The developed software is not limited by the 
choice of the deck cross section. The user can employ a 
default vertical deck load value equal to 200 KN/m, 
considering that the used combination of loads includes 
earthquake loading. Otherwise, the user should input an 
appropriate vertical deck load value if the particular deck 
does not correspond to the default value. The software can 
be used in all isolated bridges with low damping elastomeric 
bearings with an effective damping not larger than 6% 
(Eurocode 8 Part 2, 2004). However, the validity of the 
software for high damping rubber bearings (HDRBs) is 
currently investigated. The software cannot be used when 
monolithic pier-deck or abutment-deck connections are 
combined with seismic isolation in a bridge. This later 
structural scheme represents a design alternative 
implemented for long cast-in-situ bridge decks or in irregular 
bridges, which have short piers and are usually protected 
from the deck’s movements through isolation bearings. 

As already mentioned, the software is developed for the 
preliminary design of the isolation for bridges having up to 
four spans. This limitation is not related to the seismic action, 
but mostly to the induced in-service movements of the deck. 
Serviceability movements become significant for bridges 
with total lengths greater than 150 meters according to the 
limits imposed by various transportation agencies as 
described by Dicleli et al., (2004). It was, consequently, 
decided that the simplified software should be restricted to 
overpasses and typical small, and intermediate span 
continuous deck bridges, having a total length of 
approximately up to 150 meters.  

The bearings are assumed to be located at the top of the 
mid-span piers or/and at the abutments supporting the bridge 
deck. At first, all the structural parts supporting the 
elastomeric bearings, such as the piers with their foundations 
and the abutments, are considered to have a much higher 
stiffness in the horizontal direction than the stiffness 
provided by the elastomeric bearings. Consequently, the 
software at this stage utilizes only the horizontal stiffness 
properties of the elastomeric bearings and ignores influences 
arising from the stiffness characteristics of their supporting 
structural parts (piers etc). It follows that this assumption 
presents a limitation in applying this software to bridges 
with a flexible pier-foundation system, that is, to bridges 
with slender or tall piers and/or with flexible foundations. To 
partially confront with this limitation an additional 
investigation was performed aiming to study the effect of the 
pier’s flexibility. This was done by examining parametrically 
the preliminary design of the seismic isolation system for 
typical bridge-structures having 5 different types of piers, as 
shown in Figure 13.  

 

 
 
 

The influence of twelve different types and dimensions of 
piers were investigated having three different heights, that 
conform to the required clearance for the bridge deck. This 
extra study was based on the maximum deck displacement 
response results obtained by either ignoring or including the 
flexibility of these piers. The obtained results demonstrate 
that the flexibility of the piers becomes significant for piers 
with relatively small cross sectional dimension (circular, 
square or rectangular sections) having a height greater than 
15 m. This study also showed that the seismic isolation 
system of the bridge is being adversely affected by the 
increasing flexibility of the piers. This is due to the increase 
in the fundamental period of the bridge-elastomeric 
bearings-piers dynamic system and the resulting increase of 
the total maximum deck displacement response. The first 
translational mode, in the longitudinal direction, remains the 
predominant mode of response for such an isolated structural 
system, even with relatively flexible piers. The results of this 
analysis demonstrate that for the mid-span flexible piers the 
increased deck displacement demand is partially provided by 
the displacement of the top of these piers; thus, the 
displacement demand of the elastomeric bearing at these 
locations is smaller than the maximum deck displacement 
demand. On the contrary, this increased deck displacement 
demand must be met at the abutments solely by the 
elastomeric bearings at this location; this becomes critical 
for the design of the total seismic isolation system. It was 
found, that the influence of the flexibility of the piers 
examined in this way can result in almost 15% increase in 
the seismic displacement of the deck. When comparing two 
identical seismically isolated bridges having as the only 
difference the flexibility of the piers, both employing the 
same number of elastomeric bearings with the same 
dimensions in plan, the increase in the deck displacement 
demand, due to the piers flexibility, will result in a 15% 
corresponding increase in the height of the elastomer of the 
bearings for the structure with the flexible piers. This height 
increase of the bearings will be dictated by the compliance to 
the safety criterion incorporated in the code provisions, as 
clearly stated by Equations 3 and 5, outlined in sections 3.2 
and 3.3. It must be pointed out here that this performed study 
was based on the possibility of multiple bearings per 
support; however, the software makes the assumption that, 

b

1m

Circular:  

Hollow:

Multi 
column: 

D=1m
D=1.5m
D=2m

Dεξ.=3.0m
Dεσ.=2.0m
Πάχος t=0.5m

Rectangular:

3m 3m

D
Square: 1.0x1.0m

1.3x1.3m

1.8x1.8m

1.0x5.0m
1.5x5.0m

a

h

Long.
Direction

Dimensions

Long.
Direction

Dimensions

Figure 13  Different types of piers for typical short to
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all the bearings used for the support of the deck, either on 
top of the piers or at the abutments, have the same geometry 
and are of the same number at each support. This is believed 
to be a reasonable assumption for bridge structures up to 
150m long, as, in this case, it is not useful to differentiate the 
geometry of the bearings per support.  

The software developed so far is also based on the 
assumption that the isolation system is active only along the 
longitudinal direction. The response of the bridge in the 
transverse direction was assumed to be restrained by seismic 
links, which join the deck with the piers’ heads. This 
assumption is deemed reasonable, because most bridges 
with isolated decks use such seismic links in the transverse 
direction (Eurocode 8 Part 2 Clause 6.6.3; 2004). For these 
structures the in-service movements, because of creep or 
shrinkage (Arockiasamy et al., 2005) and prestressing (PCI, 
2008), are negligible. Therefore, the software in its current 
version does not deal with the simultaneous longitudinal and 
transverse deck earthquake displacement response. The 
current extra study was extended to examine the case 
whereby the bridge deck is not restrained by seismic links in 
the transverse direction. Three different deck sections were 
examined for this purpose, as shown in Figure 14, for 
bridges with total lengths up to 150m The results of this 
study show that in this case the maximum deck 
displacement response for simultaneous longitudinal and 
transverse earthquake input motion is well approximated by 
the SRSS summation of the longitudinal dEd,X and the 
transverse dEd,Y maximum deck displacement response 
found separately along these two directions as expressed by 
the following equation: 

 

     dEd= 2 2
Ed,X Ed,d d Υ+  (1) 

 
It is also shown that, due to the flexibility of the bridge 
system in the transverse direction, the maximum deck 
response in the transverse direction dEd,Y is up to 12% greater 
than the corresponding transverse direction deck response 
dEd,Y when the bridge system stiffness in the transverse 
direction are quite stiff. As argued before, this is due to the 
increase in the fundamental period of the bridge-elastomeric 
bearings-piers dynamic system. It is also shown that the 
in-plane deformability of the deck in the transverse direction 
has negligible effect. Thus, for the transverse direction the 
flexibility of the piers will also result in up to 12% increase 
deck displacement when compared to the deck response 
when the piers at the transverse direction are quite stiff. 
These influences: (a) Of the flexibility of the piers in the 
longitudinal and transverse direction and (b) Of the 
simultaneous seismic input on both directions, are currently 
accommodated in a revised version of the initial software for 
the preliminary design of the isolating bridge system. 
 
3.2  Description of the software 
Within the framework described in the introduction and 
depending on (a) the period of construction and the 
corresponding seismic code used, (b) the pier type and 

cross-section, (c) the deck type and (d) the pier-deck 
connection, the selected bridge overpasses have been 
classified to four different categories based on the total 
number of spans (1 to 4 spans) that corresponds to bridges 
up to say 150m. Furthermore, an electronic database has 
been developed specifically for overpasses and 
commercially available and experimentally tested bearings 
that can be used in design and construction. Numerous 
geometrical (rubber and steel plate thickness, height, width 
and type) and material (shear modulus, maximum strain) 
data, have been archived for each (circular or rectangular) 
bearing. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

This developed expert system is capable to perform the 
selection of seismic isolation devices among the ones stored 
in the inventory. In particular, an interactive and 
user-friendly environment has been developed that 
elaborates the designer to define the structural configuration 
of the overpass bridge and its corresponding seismic 
exposure. The later is based on Eurocode 8 Part 2. First, the 
user defines (Figure 15 and Figure 16) the type of overpass 
(in terms of number of spans, span and total length and 
locations of bearing-type pier-deck connections). Next, the 
number of bearings at each support, the preferred bearing 
shape and the parameters that define seismic loading (soil 
classification, seismic zone, importance category), are 
defined. Then, the system automatically passes all bearings 
available in the database through a sequence of checks in 
order to filter out those that do not comply with the design 
criteria set. This filtering process, illustrated in Figure 16, is 
essentially broken down into two major checks, in order to 
ensure that the bearings satisfy particular criteria related to 
their maximum compression and seismic deformation 
according to the aforementioned guidelines. The two main 
relationships that control this performance are: 

 

Figure 14  Different types of decks for typical short to
medium span bridges 
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where εs,d the calculated maximum shear strain for the 
elastomeric bearing scheme due to the design horizontal 
earthquake and εc,d the calculated maximum shear strain for 
all the design vertical actions, that corresponds to permanent 
loading plus 20% of the variable loads (Eurocode 1 - Part 2, 
2003).  

 
3.3  Combined cost-performance criteria for the 
selection of bridge isolation systems 

Once a set of bearings is found to meet the above 
criteria, the system automatically rates and ranks them by 
using an ‘optimal performance’ (OP) criterion which aims at 
quantifying the relative safety that provides each bearing 
given its actual cost. This factor is expressed in the form of 
the following equation: 

 
      (i)

(i)
(i)

SC
OP

CC
=  (4) 

 
where SC(i) is a factor indicating the degree of 

compliance to the safety criterion incorporated in the code 
provisions as clearly stated by Equation 3. The value for this 
safety criterion is derived for each eligible bearing i through 
the following formula as: 

 

      s,max(i)
(i)

s,d(i)

SC
ε
ε

=  (5) 

 
εs,max(i) is in turn, the allowable (by these code provisions) 

maximum shear strain and εs,d(i) is the predicted shear strain due 
to the total design seismic displacement. When this safety 
criterion has a value just larger than one (1.0) the compliance to 
this safety criterion is only just satisfied according to the code 
safety requirements, whereas when this value is larger than one 
(1.0) this compliance to the code safety requirements has a 
corresponding margin. 

 
      (i)

(i)
(i)

FC
CC

minFC
=  (6) 

 
where FC(i) is the corresponding final item cost of each 

bearing i expressed in Euro currency (€) that is 
approximated as:  

   
FC(i) = sc + Vb(i) ·cv (in €) (7) 
 

that is, as a function of the bearing volume Vb(i), the 
cost per unit volume cv and the standard structural cost (sc) 
related to the bearing volume. 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

     
 

4.  CONCLUSIONS 
 

From the test results with frequencies ranging from 
0.2Hz to 1.0Hz it was demonstrated that the stable 
performance of the tested unit elastomeric slice specimens 
was not affected by the frequency of the imposed cyclic 
shear strain loading. 

The presence of a relatively mild compressive field is 
beneficial as it extends the stable behaviour of the tested 
specimens for shear strain amplitude up to 300%. Moreover, 
for shear strain levels higher than 300% the specimen’s 
bearing capacity degrades; however this degradation does 
not progress rapidly. 

An expert system was developed aimed to become a 
design tool for professionals in their preliminary stages of 
selecting an appropriate and cost-effective scheme of 
elastomeric bearings. 

One of the main criteria for selecting a scheme of 
elastomeric bearings is that it has to meet the requirements 
posed by the Eurocode, especially those safeguarding the 
satisfactory seismic behaviour.  

The flexibility of the piers in both bridge directions and 
the flexibility of the deck in the transverse bridge response 
typically increase the periods of the bridge and hence the 
displacements and the requirements of the seismic isolation 
system in terms of bearings’ total thickness of the elastomer. 
More specifically the piers’ flexibility led to an up to 15 and 
10% increase in the longitudinal and transverse seismic 
movement, of the deck and to the same increase in the 
bearings’ required total height of the elastomer. 
 
 
 
 
 
 
 
 

Figure 15  Typical bridge configurations supported by the
software developed and overview of the user’s interface of
the software developed for the preliminary design of bridge
isolation system: 
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Abstract:  The objective of this research is to examine the seismic behavior of reinforced concrete bridge columns 
under long duration ground motions. A preliminary cyclic loading protocol simulating the effects of long duration ground 
motions was developed. A typical reinforced concrete bridge column designed per current seismic bridge design codes 
was tested using the developed loading protocol. Test results showed that the column under the loading protocol exhibited 
a significantly greater stiffness and strength degradation than those of a typical response under the conventional cyclic 
loading protocol. Based on the test results, relationships between the hysteretic parameters, and hysteretic energy 
dissipation and maximum displacement experienced were discussed.   

 
 
1.  INTRODUCTION 

It has been noted that the recently occurred devastating 
earthquakes over the world have a longer duration 
comparing with earlier earthquake records, e.g., the 2011 
Tohoku earthquake (Japan, 03-11-2011), the 2010 Chile 
earthquake (Chile, 02-27-2010), the 2008 Wenchuan 
Earthquake (China, 05-12-2008). The durations of these 
earthquakes are approximately 300, 200, and 180 seconds, 
respectively. Earthquakes with longer durations are expected 
to cause more damage to bridge structures due to more 
cycles of shaking than those with short durations. To study 
the seismic behavior of reinforced concrete bridge columns 
under long duration ground motions, it is important that the 
loading protocol is able to reflect the response characteristics 
of the columns under the long duration ground motions. The 
objectives of this research are to develop lateral cyclic 
loading protocols representative of column responses under 
long duration ground motions, and to observe the response 
characteristics of the columns under the developed loading 
protocols.      

 
2.  SPECIMEN DESIGN 

The bridge column specimens were designed satisfying 
current seismic bridge design codes (Caltrans 2003; MOTC 
2009). The design acceleration spectrum is shown in Fig. 1. 
The period of the column along the strong axis of the cross 
section (loading direction) is 0.24 seconds. The transverse 
reinforcement in the potential plastic hinge region of the 
column was determined using the larger value from Eqs. (1) 
and (2). Figures 2 and 3 show the specimen design and rebar 

cage.   

 0.3 1  (1) 

 0.12 0.5
.

 (2) 

where =gross area of section; =area of core concrete 
measured to the outside diameter of the transverse 
reinforcement; =total cross sectional area of tie 
reinforcement within a section having limits of  and ; 

=specified compressive strength of concrete; =specified 
yield strength of reinforcement; =core dimension of tied 
column in the direction under consideration (out-to-out of 
ties); =design axial load (0.1 ); =vertical spacing 
of ties. 

 
Figure 1 Design response spectrum 
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Figure 2 Specimen design 
 

 
Figure 3 Specimen rebar cage 

3.  LOADING PROTOCOL 
3.1  Analysis Procedure 

The following procedure was used to develop the 
loading protocol. 
1. Carry out single-degree-of-freedom (SDOF) nonlinear 

dynamic analysis using ground motions. The nonlinear 
dynamic model for the analysis is presented in the 
companion paper (Ou et al, 2012).  

2. Adjust the PGA level of the ground motion so that the 
maximum displacement response of the SDOF system 
contains one cycle of 6% drift. 

3. Perform Rainflow counting algorithm (ASTM E 1049-85) 
to decompose the displacement response history of the 
SDOF system to a set of loading cycles at drift levels of 
0.25%, 0.375%, 0.5%, 0.75%, 1%, 1.5%, 2%, 3%, 4%, 
5%, and 6%.  

4. Average the loading cycles for each drift among all of the 
ground motions under consideration.  

 

3.2  Ground Motions 
Twenty-eight ground motions were considered in this 

research. The characteristics of the ground motions are listed 
in Table 1. The ground motions are classified as short 

duration and long duration ground motions using the number 
of crossing 5% PGA level as illustrated in Fig. 4. The short 
duration ground motions in Table 1 have the number of 
crossings less than 150 (ground motion Nos. 1 to 14). In 
contrast, the number of crossings for the long duration 
ground motion is more than 750 (ground motion Nos. 15 to 
28).  

 

 
Figure 4 5% PGA crossing level 

Table 1  Characteristics of ground motions 

No Earthquake Station Mw 
PGA 
(g) 

Duration 
(sec) 

No. of 
crossing 

1 1979     
Imperial 
Valley 6 

El Centro 
Array #6 

6.5 
0.44 30 122 

2 0.38 30 144 

3 1989     
Loma 
Prieta 

Los Gatos 
-Lexington 

Dam 
6.9 

0.41 30 52 

4 0.44 30 50 

5 

1994     
Northridge 

Sylmar 

6.7 

0.60 20 88 

6 0.84 20 72 

7 Santa Monica 
City Hall 
Grounds 

0.37 30 144 

8 0.88 30 92 

9 

1999     
Chi-chi 

CHY080 

7.6 

0.90 90 80 

10 TAP103 0.18 71 98 

11 TCU052 0.45 71 76 

12 TCU068 0.51 71 98 

13 1995     
Kobe 

Takatori 6.9 
0.61 41 72 

14 0.62 41 79 

15 2008 
Wenchuan  

7.9 
0.65 180 796 

16 0.30 219 1118 

17 
2010 Chile 

Concepcion 
San Pedro 

8.8 
0.65 202 818 

18 0.61 202 826 

19 

2011 
Tohoku 

MYG004 

9 

0.92 300 1150 

20 2.73 300 884 

21 
TKY007 

0.17 300 848 

22 0.20 300 752 

23 
FKS003 

0.32 300 2022 

24 0.25 300 1872 

25 
FKS016 

0.85 300 1012 

26 1.08 300 784 

27 
TCG008 

0.29 300 934 

28 0.32 300 880 

 
3.3  Loading Protocol  

Using the procedure stated in section 3.1, the average 
number of cycles at each drift level for short and long 
duration ground motions were calculated and illustrated in 
Fig. 5. It can be seen that the number of cycles is 
significantly larger for the long duration ground motions 
compared to short duration ground motions. Table 2 shows 
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the adjusted number of cycles from the long duration ground 
motion analysis. The first specimen was tested using this 
loading protocol. 

Note that the loading protocol presented in Table 2 has 
monotonically increasing drift levels. The effects of different 
loading sequence will be investigated in the future study.  

 
Figure 5 Loading protocols  

 
Table 2  Long duration loading protocol 

Drift (%) Number of Cycle 

0.25 45 
0.375 30 
0.5 30 
0.75 20 
1.0 20 
1.5 15 
2 15 
3 10 
4 3 
5 1 
6 1 

 
4.  TEST RESULT 
 
4.1  Damage Observation 

Only one specimen was tested at the time of this writing. 
The specimen was tested using the loading protocol listed in 
Table 2. Figure 6 shows the hysteretic behavior of the 
specimen tested. Compared to a typical hysteretic behavior 
obtained using conventional cyclic loading, the hysteretic 
behavior in Fig. 6 shows greater stiffness degradation in the 
lower drifts due to more cycles of loading. After 3% drift, 
the hysteretic behavior exhibits considerable strength 
degradation. This was due to extensive spalling of concrete 
and buckling of longitudinal reinforcement (bars B* and C* 
in Fig. 7). The most severe buckling occurred at longitudinal 
bars between ties (noted as C* in Fig. 7). These bars did not 
have effective confinement from hoops or ties. Significant 
damage events are summarized in Table 3 and illustrated in 
Fig. 8. The failure mode is a typical flexural failure with 
extensive spalling of core concrete and fracture of several 
longitudinal bars. 

 
Figure 6 Hysteretic behavior 

 
Figure 7 Locations of longitudinal reinforcement 

 
Table 3  Damage progress 

Drift (%) Damage Observation 
2 Spalling of cover concrete 

3 
Buckling of longitudinal bars; severe spalling 
of concrete 

4 Several 135 degree hooks bent out 
5 First fracture of longitudinal bars 

6 
Fracture of the second, third and fourth 
longitudinal bars 
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(e) (f) 

Figure 8 Damage progress: (a) 2% drift; (b) 3% drift; (c) 4% 
drift; (d) 5% drift; (e) 6% drift; (f) end of test 

 
4.2  Effects of Hysteretic Energy Dissipation 

Hysteretic energy dissipation and maximum 
displacement experienced are the two indices that will be 
used in the nonlinear dynamic model presented in the 
companion paper (Ou et al. 2012) to quantify the damages of 
the column reflected in the hysteretic behavior by stiffness 
degradation, strength degradation, and pinching.  

Figure 9 shows the comparison between the first and 
last cycles of the same drift loading (with the same 
maximum displacement experienced) for various drift levels. 
The comparison shows that hysteretic energy dissipation has 
significant influence to strength and stiffness degradation, 
but does not have a strong correlation with the pinching. 

 

 
(a) (b) 

 
(c) (d) 

Figure 9 Effects of hysteretic energy dissipation: (a) 1.5% 
drift; (b) 2% drift; (c) 3% drift; (d) 4% drift 

 
4.3  Effects of Maximum Displacement 

Figure 10 shows the comparison of hysteretic loops of 
three different drift levels. It can be seen that pinching is 
highly related to the drift levels (maximum displacement 
experienced). Pinching becomes more severe when the drift 
increases. Furthermore, there is a significant drop of strength 
from the first cycle to the second cycle for each drift level as 
illustrated in Fig. 11. The drop of the strength becomes much 
less in the subsequent cycles of the same drift level. This 
means the strength degradation is also related to maximum 
displacement experienced.  

 

Figure 10 Hysteretic loops at various drift levels 

Figure 11 Significant strength drop at the first cycle 
 
5.  SUMMARY 

Damages of the column are reflected by stiffness, 
strength degradation and pinching in the hysteretic behavior. 
These three hysteretic parameters can be evaluated using 
hysteretic energy dissipation and maximum displacement 
experienced. By using the developed long duration loading 
protocol, relationships between the hysteretic parameters and 
hysteretic energy dissipation and maximum displacement 
are preliminarily found to be as follows.  
1. Pinching is mainly related to maximum displacement. 
2. Strength degradation is related to maximum 

displacement and hysteretic energy dissipation. 
3. Stiffness degradation is mainly related to hysteretic 

energy dissipation. 
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Abstract:  This paper presents an innovative retrofitting method for masonry structures, which uses bamboo band 
arranged in a mesh fashion and embedded in a mortar overlay. Bamboo-band retrofitting technique is simple enough to be 
understood and applied by layman without any prior engineering expertise. In this study, shaking table tests were carried 
out to understand the dynamic response of unreinforced masonry buildings and those retrofitted by bamboo-band mesh, 
and crack propagation and failure mechanism of them were analyzed. 

Based on the experimental results, the retrofitted specimen exhibited good seismic performance and withstood over 
twice larger input energy than non-retrofitted specimen could do. Bamboo is universally available material and its use for 
retrofitting works not only enhances the seismic capacity of new and existing building but also promote the local new 
business in the vicinity. 

 
 
1. INTRODUCTION 
 

The collapse of the unreinforced masonry buildings due to 
grounmotion is one of the greatest causes of the human 
casualties during earthquake disasters around the world. The 
failure of unreinforced masonry structures contributes to 
more than 60 % of the structural damage of masonry 
structures. Around 30 % of the world's population live in 
adobe construction and large proportion of the structures are 
located in earthquake prone regions. Thus, strengthening of 
unreinforced masonry structure is indispensable to reduce 
the casualties significantly. Till date, several types of 
retrofitting methods have been developed for unreinforced 
masonry structures. Retrofitting technique for developing 
countries should consider not only the effectiveness in terms 
of seismic performance but also the issues like economic 
viability, cultural adoptability and material as well as 
technological availability. Under the aforementioned 
circumstances, PP-Band Retrofitting Technique is one of the 
appropriate retrofitting techniques and different aspects of 
this method have already been studied in Meguro Laboratory, 
the Institute of Industrial Science (IIS), The University of 
Tokyo. On the other hand, another strengthening technique, 
which uses bamboo band meshes as a strengthening system, 
has been proposed and different aspects are being researched 

in Meguro laboratory. Bamboo-band retrofitting technique is 
simple enough to be understood and applied by layman 
without any prior engineering expertise.   In the study, 
shake table tests were carried out to understand the dynamic 
response of unreinforced masonry buildings and those 
retrofitted by bamboo-band mesh, crack propagation and 
failure mechanism of them. 
 
2. EXPERIMENTAL PROGRAM 
 
2.1 Specimen Details 

Two models were built in the reduced scale of 1:4 using 
the un-burnt bricks (adobe bricks) as a masonry units and 
cement, lime and sand (1:2.8:8.5) mixture as mortar with 
c/w ratio of 0.33. Even though the materials used were from 
Japan, great attention was paid to make the models as true 
replica of adobe masonry building in developing countries in 
terms of masonry strength. Both models represented a 
one-story building with roof. As Figure 1 shows, the 
dimensions of both buildings were  
950mm×950mm×720mm with 50mm thick walls and the 
sizes of door and window in opposite walls were 
243mm×485mm and 325mm×245mm, respectively. The 
size of the adobe brick used was 75mm×50mm×35mm. 
Surface finishing was applied both on retrofitted and 
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ranging from 2 to 50 Hz for identifying the dynamic 
properties of the models. The sequence of loading is given in 
Table 1. The numbers in table indicate the run numbers. 

General trend loading was from higher frequency to low 
frequency and from smaller amplitude to larger amplitude.  
Motions with higher frequencies were skipped towards the 
end of the runs. 

 

 

 

 

 

 

 

 

 

 

 

 

 

3. CRACK PATTERNS AND FAILURE BEHAVIOUR 

 
At the end of each sinusoidal ground motion, inspection 

of the specimen was carried out. In addition, observed cracks 
were marked to highlight their locations. The crack 
formation for both specimens is shown in Figures 4 and 6 
after the 42nd run of input motion. The initial crack patterns 
for both specimens were similar. However, these cracks 
widen in each successive loading in case of non-retrofitted 
model and new cracks appeared and propagated in the 
retrofitted model. For non-retrofitted model, no major crack 
was observed up to run 25. Initial crack was appeared from 
Run 26.At run 26; minor cracks were observed close to 
connection between roof and south wall. Run 31 caused 
crack in point close to connection between roof and south 
and north wall. Similar cracks were also observed at the top 
of east wall and its adjacent wall. ’X’ shaped cracks were 
observed in south wall in the run 33.  

In addition, cracks from the corner of the door opening 
propagated up to the top layer of the wall. Existing cracks 
appeared from the previous run were propagated up to the 
bottom of the wall at run 38. Run 40 caused the falling of 
surface finishing from south wall. Large damages were 
observed in the run of 43 at which separation between east 
wall and its adjacent walls was occurred with the significant 
detachment of surface finishing from the walls. The run 44 
caused the total separation of top part of the East-North 
corner from the specimen. At run 45, all the top part of the 
north and south wall totally separated from the specimen and 
roof was totally supported by east and west walls which are 
perpendicular to the shaking direction. The run 47 led the 

non-retrofitted building to total collapse (see Figure 5).  In 
case of the retrofitted building model, similar cracks in the 
case of non-retrofitted building started from top corner of the 
door opening in the run 27. Run 28 caused the propagation 
of the existing vertical cracks to the top corner of the door 
opening.  

In addition, some vertical and diagonal cracks were also 
observed around the window opening. The new inclined 
cracks were appeared in south wall at the run 40.Lots of 
cracks were observed at run 43. The inclined cracks 
originated from the corner of the window opening were 
extended to the top and bottom layer of the wall. ’X’ shaped 
cracks were appeared in north and south wall with few 
detachment of surface finishing from the specimen. At run 
47, most of the existing cracks were extended to the top and 
bottom layer of the walls. Most of the new cracks were 
concentrated in the bottom parts of the walls. This run 
caused the significant detachment of surface finishing from 
the specimen. Widening of existing cracks with the 
formation of few new cracks was continued to the run 49. At 
run 50, most of brick joints were cracked and few brick units 
fell down from the bottom part of the door opening. There 
was a large gap in some part of the specimen between the 
brick units and the mesh was broken at the corner of the wall. 
At run 52, the building lost the overall integrity and 
collapsed completely (see Figure 7). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 

Table 1  Loading sequence 

 

Sequence of loading for both 
non-retrofitted and retrofitted 
models 

Sequence of loading
for retrofitted model  
after non-retrofitted 

model collapsed 

 

Figure 4  Crack patterns of non-retrofitted building model 

after 42nd run 

 

 

Figure 5 Non-retrofitted building model after 46 run (left) 
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4.PERFORMANCE EVALUATION 

 
The performance of the models was assessed on the 

damage level of the building at the different level of shaking. 
The damage level categories are specified on the Table 2. 
The Japan Meteorological Agency (JMA) seismic intensity 
scale is normally used in Japan to indicate the severness of 
ground motions. JMA seismic intensity is a single number 
ranging from 0 to 7 and it describes the degree of shaking at 
a point on the Earth’s surface. The JMA intensities were 
calculated based on the input motions to the structure at 
different runs. Table 3 shows the performance of model 
houses with different JMA intensities. The collapse of the 
non- retrofitting building was observed at 47th run at JMA 5+. 
The retrofitted model performed moderate structural damage 
level at 47th run at which the non-retrofitted model collapsed. 
Moreover, moderate performance continued to the 48th run. 
The retrofitted building sustained JMA 6- before going to 
complete collapse. Figure 8 shows the performance of the 
model house with respect to the duration of shaking. The 
non-retrofitted specimen collapsed at a time when a 
retrofitted performed heavy structural damage. The collapse 
time was extended that of 70 sec for retrofitted specimen, 
much longer than non-retrofitted specimen. The arias 
intensity was initially defined by Arias (Arias A., 1970) as 
 

2

0

( )
2

t

aI a t dt
g


 

   

   (1) 

and was called scalar intensity. It is directly quantifiable 

through the acceleration record a(t), integrating it over the 
total duration of the shaking. The arias intensity is claimed to 
be measure of the total seismic energy inputted to the 
specimen from the ground. Figure 9 shows the performance 
of the specimen based on arias intensity. From the results, 
retrofitted model could withstand over twice bigger input 
energy than non-retrofitted model. 
 

Table 2  Damage categories 
D0: No damage No damage to structure 
D1:Light 
structura 
damage 

Hairline cracks in very few 
walls.The structure resistant 
capacity has not been reduce 
noticeably. 

D2:Moderate         
sracutual damage  
Structural damage 

Small cracks in masonry 
walls, falling of plaster block. 
The structure resistant capacity 
is partially reduced. 

D3:Heavy structural  
damage 

Large and deep cracks in 
masonry walls. Some bricks 
are fall down. Failure in 
connection between two walls 
is observed. 

D4:Partially collapse Serious failure of walls. Partial 
structural failure of roofs. The 
building is in dangerous 
condition. 

D5: Collapse Total or nearly collapse. 

 
Table 3  Seismic performance of building models with 

different JMA intensities 

 

 

 

Acceleration

(g) 2 5 10 15 20 25 30 35

1.4

1.2

1

0.8 D3 D3 D2 D2 D1 D1

0.6 D5 D3 D2 D2 D2 D1 D1

0.4 D4 D3 D2 D2 D1 D1 D1

0.2 D0 D0 D0 D0 D0 D0 D0

0.1 D0 D0 D0 D0 D0 D0 D0 D0

0.05 D0 D0 D0 D0 D0 D0 D0 D0

Non-retrofitted building model

Frequency (Hz)

D5

D5

Acceleration

(g) 2 5 10 15 20 25 30 35

1.4

1.2

1

0.8 D3 D2 D2 D2 D1 D1

0.6 D3 D2 D2 D2 D2 D1 D1

0.4 D3 D3 D2 D2 D1 D1 D1

0.2 D0 D0 D0 D0 D0 D0 D0

0.1 D0 D0 D0 D0 D0 D0 D0 D0

0.05 D0 D0 D0 D0 D0 D0 D0 D0

Retrofitted building model

Frequency (Hz)

D5

D5

D4

D3

D5

D5

JMA 

index 

JMA ~4 JMA 5- JMA 5+ JMA 6- JMA 6+ JMA 7 JMA~4 JMA 5+ JMA 6-JMA 5- JMA 7JMA 6+JMA 5+ JMA 6- JMA 6+JMA 5+ JMA 6- JMA 7JMA 6+JMA 5+ JMA 6-JMA 5+ JMA 6- JMA 6+JMA 5+ JMA 6- JMA 7JMA 6+JMA 5+ JMA 6-JMA 6- JMA 6+JMA 6- JMA 7JMA 6+JMA 6-JMA~4 JMA 5-
JMA 

index 

JMA ~4 JMA 5- JMA 5+ JMA 6- JMA 6+ JMA 7 JMA~4 JMA 5+ JMA 6-JMA 5- JMA 7JMA 6+JMA 5+ JMA 6- JMA 6+JMA 5+ JMA 6- JMA 7JMA 6+JMA 5+ JMA 6-JMA 5+ JMA 6- JMA 6+JMA 5+ JMA 6- JMA 7JMA 6+JMA 5+ JMA 6-JMA 6- JMA 6+JMA 6- JMA 7JMA 6+JMA 6-JMA~4 JMA 5-

 

Figure 6  Crack patterns of retrofitting building model after 

42run 

 

Figure 7  Retrofitting building model after 51 run (left) and 

52 run (right) 
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Figure 8  Damage level comparison 

 

Figure 9  Seismic capacity comparison 

 

 

5. CONCLUSIONS 

This paper discussed the result of a shaking table test carried 
out using non-retrofitted and retrofitted ¼ scaled adobe 
masonry house model by the bamboo-band mesh as a 
strengthening system. The dynamic behavior of models was 
analyzed and failure behavior and performance was 
evaluated. The result showed that the bamboo-band mesh 
retrofitting technique enhanced the seismic capacity of the 
adobe masonry building significantly. The retrofitted 
masonry building could withstand over twice larger input 
energy than what non-retrofitted specimen could do. 
Bamboo is universally available material and its use for 
retrofitting works not only enhances the seismic capacity of 
new and existing building but also promote the local new 
business in the vicinity. 
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Abstract: Lessons learned from previous earthquakes in China indicate that in addition to possessing sufficient collapse prevention
capacity, the brick masonry structures should be able to collapse in a reasonable pattern that collapses of different structural
components can follow preferred sequence and walls enclosing particular spaces of the structure can be restrained fromcollapse for
the maximum protection of human lives and properties when the collapse is unavoidable a mega earthquake that largely exceeds the
code specified seismic fortification intensity level. In this paper, the equivalent diagonal strut model is introduced to establish the
load transfer path and the interaction between tie columns and brick walls. Then a confinement factor (CF) and a collapse prevention
index (CPI) are introduced and defined to reflect the confining capacity of the tie columns and tie beams and the collapse prevention
capacity of brick walls respectively. By choosing differentCPI for walls at different locations, the collapse sequence can be
controlled. The walls that enclose particular spaces for life safety such as the bed rooms can be assigned higher CPI compared with
other walls. Examples of the application of the collapse control design of brick masonry structures are presented.

1. INTRODUCTION
It has been well recognized that brick masonry

structures are characterized by cheap material cost,
high lateral stiffness and fast construction speed. As a
result, it is believed that brick masonry structures will
stay dominant in rural areas of China for a long period
of time in the future due to the relatively less
developed economical and social conditions. However,
the construction of brick masonry structures in
medium and high seismic regions has been in
controversy among researchers and practicing
engineers ever since the 2008 Wenchuan Earthquake,
when a large number of masonry structures were
severely damaged or even collapsed that led to a high
casualty and significant economic loss. According to
the Standard for Classification of Seismic Protection
of Building Constructions, brick masonry residential
and public structures, which are widely constructed in
rural areas of China, are classified in ordinary
category. Instead of a complete seismic calculation,
the seismic performance of such brick masonry
building is ensured only by conceptual design and
constructional measures. For example, the story height,
number of story and total height are limited according

to the local seismic fortification intensity. And
sufficient amount of tie columns and tie beams that
enclose a brick masonry wall are usually required by
the seismic design code for an improved seismic
performance especially the collapse prevention
capacity. However, since the extreme earthquake
events such as the 2008 Wenchuan Earthquake have
become more and more often in recent years, the
current seismic design method for brick masonry
structures becomes doubtful. The actual seismic
performance of brick masonry structures that are
designed following code specified conceptual design
and constructional measures needs to be evaluated. In
addition, when the brick masonry structure is hit by
mega earthquakes that largely exceed the design level
ones, it is most probably that the collapse of brick
masonry structures is unavoidable. Under this
condition, it will be more economical to control the
collapse pattern so that only minor components are
allowed to collapse while the key spaces that are
significant for human life protection are restrained
from collapse. To achieve this design objective, a
better understanding on the seismic induced collapse
mechanism and the collapse prevention capacity of
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brick masonry structures urgently needs to be
obtaineded. However, current design method based on
the code provisions is far from meeting this need.

The seismic induced collapse mechanism of brick
masonry structures is closely related to the seismic
failure patterns. The research on the brick masonry
structures carried out in China in last decades mainly
focused on the collection of observed failure
phenomenon in earthquake regions and some
experimental studies. The lessons learned from the
1979 Tangshan earthquake and the 2008 Wenchuan
earthquake indicate that brick masonry structures
confined with tie beams and tie columns exhibit good
seismic performance. Although the brick walls
cracked severely, collapse of the structure is prevented
due to the confining effect provided by the tie beams
and tie columns. Experiment results verified the
positive influence of tie beams and tie columns on
collapse prevention capacity of brick masonry
structures. As part of the conceptual design, tie beams
and tie columns have been adopted in the seismic
design code for brick masonry structures located in
seismic regions. However, the collapse mechanism as
well as its evaluation method of brick masonry
structures has been rarely studied. The empirical
knowledge on the brick masonry structures confined
with tie beams and tie columns is far from sufficient to
ensure a reliable performance when confronting mega
magnitude earthquakes.

In this paper, the equivalent diagonal strut model
of brick masonry wall is introduced to establish the
load transfer and interaction mechanism between tie
columns and enclosed brick masonry wall. Two
collapse mechanisms and corresponding calculation
method for confined brick masonry walls under mage
earthquakes are developed. As practical evaluation
means, the confining index (CI) reflecting the
confinement of tie columns and tie beams on brick
walls and the collapse prevention index (CPI)
indicating the relative collapse prevention capacity of
individual wall are proposed. The application of CI
and CPI on evaluating the seismic failure pattern and
collapse behavior is demonstrated through simple
examples.

2. EQUIVALENT DIAGONAL STRUT MODEL
The brick masonry wall is anisotropic material

which is essentially brittle. The compressive strength
and modulus of elasticity of the brick masonry
material are corresponding to the direction normal to
the mortar bed joint in the Chinese code. As shown in
Fig. 1(a), this paper adopts the orthotropic model to
simulate the brick masonry material. The compressive
strength and modulus of elasticity corresponding to
the direction normal to mortar bed joint are denoted
by f ’m-90 and Em-90 respectively. According to the
research results of Shi et al, the relationship between
the average brick masonry compressive strengthf ’ m-90

and the correspondingEm-90 can be approximated by
Eqn. (1),

5.1'
9090 370 −− = mm fE （1）

For simplicity the relationship of compressive

strength and modulus of elasticity along other

direction follows Eqn. (1). For the compressive

strength along the mortar bed joint can be obtained

approximately by

f ’m-0=0.7f ’m-90. And based on the constitutional model

of orthotropic plate and axis transform method, ratio

of modulus of elasticity of brick masonry material

along the directionθ, Em-θ, andEm-90 can be estimated

by Eqn. (2),

( ) θθθγυθγ
θ

4224
90 sinsincos25.2cos
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+−+
=

−

−

m

m

E

E

（2）

where, γ is the ratio ofEm-90 and Em-0; υ is the

Poisson’s ratio, which can be taken as 0.15. Fig. 2(a)

and 2(b) depict the relationship between the direction

θ and the ratios Em-θ/Em-90 and f ’m-θ/f ’m-90

corresponding to various values ofγ, wheref ’m-90 and

Em-90can be obtained through material testing.

θ

(a) orthotropy of brick masonry wall

HmH

Lm
L

D

L
s

θ

(b) equivalent diagonal strut model

Fig. 1 Macro model of brick masonry wall

f´m-90 , Em-90

f´m-0 , Em-0

f´m-θ , Em-θ
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Fig. 2 Mechanical properties along diagonal directions

of brick masonry walls

The equivalent diagonal strut model of brick

masonry walls is shown in Fig. 1(b). The two ends of

the diagonal strut represent the input point of the

horizontal load and the pilot point of the

corresponding overturning moment. Previous research

has verified the rationality and effectiveness of the

equivalent diagonal strut model in terms of simulating

the lateral force resisting behavior of brick masonry

wall with perimeter confining elements. Eqns (3), (4)

and (5) can be used to calculate the load carrying

capacity N and width D of the equivalent diagonal

strut, as suggested by FEMA 306.

'
θ−= mDtfN （3）

sI LHD 4.0)(175.0 −= λ （4）

25.0
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2sin












= −

mcolf

m
I HIE

tE θλ （5）

where t is the wall thickness;H is the tie column

height measured between center lines of tie beams;Ls

is the length of the strut;λ I is a calculation
parameter;Ef is the modulus of elasticity of concrete
material; Icol is the moment of inertia of tie columns
andHm the height of brick masonry wall. Eqn. (4) and
(5) were suggested by Mainstone and Stafford
respectively. According to Eqn. (5), the width of the
equivalent strut is dependent on the ratio of stiffness
of the brick masonry wall and tie columns.

3. CALCULATION MODEL FOR CONFINED

BRICK MASONRY WALLS
Figure 3(a) depicts the simplified calculation

model of a four-story and single bay brick masonry
wall confined with tie beams and tie columns based on
the equivalent diagonal strut model. Pin connections
are assumed for joints at tie beam, tie column and
diagonal strut. The lateral force resisting behavior of
the brick wall is simulated by the diagonal strut in
compression only. When the wall is subjected to the
lateral earthquake loads as shown in Fig. 3(b), the tie
column on the load input side will be in tension while
the tie column on the other side in compression.
Compared with other stories, the tie columns on the
bottom story suffer the maximum axial forces. In
order to balance the overturning moment, an internal
force couple should be formed, where the tensile force
has to be provided in the tie column since the tensile
strength of the brick masonry wall is very low. The
compressive force shall be provided by the tie column
and adjacent wall section. On the other hand, due to
the existence of the compressive diagonal strut, the tie
column should be able to provide the required tensile
force to balance the vertical component of the
diagonal strut force. Although the tie columns are
supposed to be out of the conceptual design, they
inevitably become part of the lateral load path. When
the earthquake load is of very high magnitude, the tie
columns should be considered in the seismic
calculation. Compared with tie columns, the tie beam
is relatively lightly loaded.

(a) four-story brick masonry wall
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(b) Simplified calculation model
（+: element in compression；-: element in tension）

Fig.3 Calculation model of confined brick wall

4. COLLAPSE MECHANISM OF CONFINED
BRICK MASONRY WALLS UNDER IN PLANE
EARTHQUAKE LOAD

The collapse of a brick masonry building with tie
beams and tie columns under earthquake event is a
complicated procedure. The lateral forces induced by
earthquake is resisted by a three dimensional system
consisting of walls, tie beams and tie columns. The
collapse of the masonry structure is usually initiated
by the collapse of individual walls, while the collapse
of the wall usually starts from the failure of the wall.
Therefore, the collapse of the structure and the failure
pattern of the wall are closely related. As shown in Fig.
4, the failure patterns of the brick masonry wall can be
basically divided into the shear failure (Fig. 4(a)) and
diagonal compression failure (Fig. 4(b). The shear
failure is caused when the horizontal shear exceeds the
shear capacity of the wall. The shear failure often
develops at the early stage of the earthquake loading,
when the horizontal force is mostly transferred to the
foundation through the shear behavior of the wall. The
energy dissipation relies on the cracking and inelastic
behavior of the wall. The corresponding tie column
forces are small. Along with the increase of
earthquake load and the further development of the
cracking, the shear strength of the wall is no longer
sufficient for the transfer of the horizontal force. Then
the diagonal compression mechanism of wall will
form, which utilizes the high compressive strength of
the masonry material to provide additional load
resistance. For such a diagonal strut mechanism to be
formed, the confinement provided by tie beams and tie
columns is indispensable. After the diagonal
compression field has been formed, the principle
tensile stress may exceed the tensile strength of the
brick masonry units, resulting in diagonal cracks,
which further indicates the formation of the diagonal
strut mechanism. Under such a mechanism, the tie
columns join in the lateral load transfer path and
mainly provide the tensile force required for the

balancing of overturning moment. Therefore, the
earthquake induced collapse of the brick masonry wall
with tie columns and tie beams can be attributed to the
failure of the diagonal strut and the failure of the tie
columns. The out-of-plane collapse is also another
phenomenon, which is not covered in the paper.

horizontal
shear sliding

stepwise
shear sliding

(a) Shear failure

corner
crushed

center
crushed

tie column
failure

diagonal
tensile cracking

(b) Diagonal compression failure

Fig. 4 Main failure patterns of brick masonry wall

4.1 Collapse caused by diagonal compression failure
This type of collapse is initiated by the dropping

of bricks at the center of the diagonal compression

field caused due to instability, which often occurs

when the slenderness ratio of the diagonal strut is

large. The corresponding collapse loadVDC can be

estimated by Eqn. (6) and (7),

θθ
θ θ cos5.0cos

cos

5.0 ''
'

−≤== mmam
mam

DC DtftfH
tfH

V （6）






 −= −
2'' )

32
(16.0

t

L
ff s

mma θ
（7）

wheref ’ma is the critical stress of brick masonry
considering the slenderness ratio of the diagonal strut.
It is worth noticing that f ’ ma is different from the
critical stress indicating the critical condition of
instability. When sufficient confinement provided by
tie beams and tie columns is still available, the
stability of the wall can be sustained even with a great
deal of cracks developed on the wall. As Fig. 5 shows,
the diagonal compressive stress distribution is
approximately parabolic. For the convenience of
calculation, an equivalent rectangular stress block

- 1204 -



equal tof ’ma is used.
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Fig.5 Diagonal compressive stress distribution of wall

4.2 Collapse caused by tie column failure
The tie column may fail due to tension,

compression, shear or flexure. Since the special

constructional measure is typically used, the tensile

failure is most frequent type. After the tie column fails,

the confinement will be largely weakened. The energy

accumulated in wall will be released in a very short

period of time. The toughness, lateral stiffness and

deformation capacity of the wall will be significantly

reduced. The Ritter’s equation can be applied to

estimate the stability of the diagonal strut after the

complete loss of confinement. The critical

compressive stressσcr can be expressed by Eqn. (8),

2
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Let η= Em-θ/fm´-θ, Eqn. (9) can be rewritten as
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According to previous research, the relationship

betweenσ cr/fm´ -θ and ls/t is plotted on Fig. 6 with

various values ofη. It can be seen that a higher

compressive strength of brick masonry wall can yield

a better stability while the larger the slenderness ratio

is, the lower the stability is. SinceLs is the length

of the diagonal strut, it is related to both span and

height of the wall. For a fixed story height of brick

masonry building, the span of the wall should be

limited. For example, a wall is 240mm thick, 3600mm

high and the height to span ratio is 1.5. The resulting

Ls/t is 18. According to Fig. 6, theσcr/fm´ -θ is about

0.3-0.8 for differentη values. After the wall loses the

confinement of tie beams and tie columns, the

probability of the collapse is much increased.
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Fig. 6σcr/fm´-θ vs.Ls/t relationship

Based on the calculation model in Fig. 3(b), the

required tensile force of the tie columnFot can be

calculated by

∑∑ −=− imiimbmot GLHVLLF
2

1
)5.0( α (11)

whereVi andGi are the lateral load and self weight of
the ith floor respectively. The width of the compressive
side is expressed byαbLm. To avoid the failure of the
tie columns,Fot should be less than the axial load
capacity of the tie column only considering the
longitudinal reinforcement.

5. CONFINEMENT INDEX CI AND COLLAPSE
PREVENTION INDEX CPI
Through introducing the equivalent diagonal strut

model, the interaction between tie columns and

masonry wall is revealed and a simple quantitative

evaluating method can be further proposed. In order to

indicate the confinement capacity of the tie beams and

tie columns, the confinement index (CI) is suggested

and can be calculated by

θθ sin'
−m

ts

Dtf

fA
CI＝ （12）

WhereAs is the total area of longitudinal rebars in tie

column; ft is the yield strength of the rebar. The larger

the confinement index, the stronger confinement the

tie columns can provide. Through assigning different

values for various walls, the failure sequence of the

walls can be controlled. CI can also reflect the failure

pattern of the wall. When CI is less than 1.0, the

failure of the tie column will be before that of the wall.
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When CP exceeds 1.0, the wall will fail in diagonal

compression first.

In order to effectively evaluate the collapse

prevention behavior of a brick masonry wall, a

collapse prevention index (CPI) is suggested based on

CI, as expressed below,

s

fCI
CPI

α
α

= （13）

'

'

ma

m
f f

f θα −=
t

Ls
s =α （14，15）

The collapse prevention index considers both the

strength and geometric characteristics of the confined

wall. The two indices reflect the inherent connection

between the failure pattern and the collapse behavior.

6. EXAMPLE
The application of CI and CPI can be demonstrated

through the following example. Figure 7 shows two

walls with the same thickness of 240mm. the rest

dimensions are also given in the figure. The cross

sections of the tie beam and tie column are

180mm×240mm. the compressive strengthf ’m-90 of

the masonry wall is 1.5MPa. the modulus of elasticity

Em-90 is 2400MPa. According to Fig. 2,f ’m-52.5 and

Em-52.5 are 1.35MPa and 2040MPa respectively. The

concrete strength and modulus of elasticity of the tie

members are 20MPa and 25500MPa respectively. The

tensile strength of the column reinforcement is

300MPa and 4 rebars with a nominal diameter of

12mm are used. The only difference between the two

walls in this example is the slenderness ratioLs/t,

which are 18 and 21 for wall 1 and wall 2 respectively.

The resulting widths of the equivalent diagonal strut

of each wall are 348mm and 407mm respectively. The

load carrying capacities of the two diagonal struts are

113kN and 132kN. Then the confinement indices for

the two walls are 1.52 and 1.30. And the allowable

stresses based on Eqn. (5) are 0.55MPa and 0.46MPa

respectively, resulting in values ofαf to be 2.46 and

2.94. Thus the collapse prevention indices of the two

walls are 0.21 and 0.18 respectively. It can be seen

that the failure patterns of both walls shall be the

diagonal compression failure of the walls. And wall 2

will fail before wall 1. The confining capacity of the

tie members of wall 1 is higher that that of the wall 2.

And the collapse prevention capacity of wall 1 is

better than wall 2. These results agree with the

conclusions that can be drawn out of qualitative

analysis based on the slenderness ratios of the two

walls. Therefore, the two indices proposed in this

paper can be regarded as reasonable in terms of

evaluating the failure patterns and the collapse

behavior.
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Fig. 7 Example walls of application of CI and CPI

7. SUMMARY AND FURTHER RESEARCH
In this paper, the equivalent diagonal strut model of

brick masonry wall is introduced to simulate the
interaction between the tie columns and the brick
masonry wall. Then main failure patterns of the brick
masonry walls under earthquake excitation are
summarized and concisely explained based on the
diagonal strut model. It is shown that the diagonal strut
model can be used to connect the failure pattern and the
collapse mechanism. In order to quantitatively evaluate
the failure-collapse procedure of the walls, the
confinement index and collapse prevention index are
proposed and demonstrated through a simple example.
Results indicate the two indices are helpful in evaluate
the failure-collapse characteristics of different walls,
which will build a sound foundation for further research.

The proposed indices can be used to design a brick
masonry building for the intended failure sequence and
collapse behavior. By assigning different indices to
various walls located at different locations on the plan,
some key walls that enclose important spaces can
achieve better failure-collapse behavior than other walls.

- 1206 -



Further experimental and numerical studies will be
needed to verify the effectiveness of the proposed indices
in controlling the behavior of the brick masonry
structures.
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Abstract:  Recent studies showed that post-installed reinforcing bars develop a bond stress-slip behavior equivalent to 
cast-in-place reinforcing bars, provided a suitable adhesive is used. However, the post-installed starter bars have to be 
designed according to the conventional reinforced concrete design concept. The resulting straight development length 
cannot be accommodated in structural joints, as for example column-to-foundation connections. Therefore, an alternative 
design concept is proposed in this paper, which potentially allows to design column-to-foundation connection starter bars 
with reduced development lengths and without hooks. 

 
1.  INTRODUCTION 
 

The aim of the research presented in this paper is to 
develop an alternative design concept which potentially 
allows the reduction of the development length to the extent 
that hooks can be omitted for column-to-foundation 
connections (Figure 1a). The advantage is the possibility of 
starter bar post-installations, increasing the options for 
seismic retrofit solutions. In addition, the workability and 
construction quality would be improved since anchorages 
with hooks may cause geometric reinforcing bar conflicts 
which frequently makes the construction difficult 
(Figure 1b). Reinforcement congestion at 
column-to-foundation connections is in particular critical 
because the reinforcement ratio of the first floor is generally 
high and the conglomeration of hooks hamper a proper 
concrete flow during casting, potentially leading to defects in 
the bottom concrete cover and therefore to corrosion. 

The conventional design concept for reinforced 
concrete as stipulated in ACI 318 (2011) or Eurocode 2 
(2005) defines a development length for the anchorage of 
bars which is universally valid, regardless of the actual 
installation situation of the bar. The provisions result in 
considerable lengths to ensure the reduction of the bond 
stress to uncritical low levels. The across-the-board approach 
is potentially over-conservative for specific situations, e.g. 
column-to-foundation connections. In this case, the 
confinement generated by the foundation prevents a splitting 
failure. 

Figure 2 illustrates for a single starter bar 'A' two further 
effects influencing the capacity of column-to-foundation 
connections which must be taken into account in particular 
for anchorages solely relying on bond: 

1. The compressive stresses induced by the column 
moment increase the load bearing capacity of the tensioned 
starter bars which are anchored in the foundation with or 
without hook (Herzog, M. (2008)), regardless of whether the 
column moment result from a fundamental or seismic load 
case (Figure 2a). 
2. In joints, e.g. column-to-foundation connections, cracks 
may run parallel to the reinforcement. Seismic excitation of 
a reinforced concrete structure causes alternating bending 
moments, resulting in cyclic loading of the reinforcing bars 
and cyclic variation of the crack widths which is critical 
because simultaneous load and crack cycling leads to a 
pronounced bond damage (Mahrenholtz, C., Eligehausen, R. 
et al. (2011)) (Figure 2b). 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 1 Column-to-Foundation Connection of Moment 

Resisting Reinforced Concrete Frame: (a) Anchorage 
without Hook; (b) Anchorage with Hook 

(a) (b) 

EQ 
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Figure 2 Two Effects Influencing the Connection Strength: 

(a) Increase due to Compressive Stresses induced by 
Column Moment; (b) Reduction due to Cyclic Excitation 

 
Both effects also occur at code conform anchorages 

with hooks, however, may then be considered as secondary 
since the tensile load of the reinforcing bar can completely 
fall back on the mechanical anchorage of the hook. 

In this contribution, the monotonic and cyclic tests on 
column-to-foundation connections of various designs are 
discussed which provide a basis for the development of the 
alternative design concept. Cast-in-place starter bars with 
hooks as well as substandard post-installed and cast-in-place 
starter bars without hooks were investigated, using various 
bar diameters and development lengths. The experimental 
study is part of a more comprehensive research project. A 
numerical study will be employed at a later stage to foster 
the development of a sound design concept which is 
applicable to seismic designs. 
 
2.  ANCHORAGE DESIGN OF CONNECTIONS 
 

Modern reinforced concrete design codes provide two 
coexisting concepts for the design of anchorages: The 
conventional reinforced concrete design concept and the 
concrete anchor design concept. Both concepts have 
advantages and disadvantages. Although a detailed 
discussion of the aforementioned design concepts is beyond 
the scope of this paper, some aspects of both concepts 
relevant to the context of this study are briefly discussed in 
the following. Figure 3 shows the range of application of 
these concepts in terms of concrete cover and embedment 
depth, synonymous with anchorage and development length. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3 Range of Application of Reinforced Concrete 
Design Concept and Concrete Anchor Design Concept (after 

Fellinger, M. (2009)) 

2.1  Reinforced Concrete Design Concept 
In this approach, the reinforcing bars are considered to 

be loaded in pure tension only. The forces are transferred to 
the concrete by bond, balanced either by local compression 
struts originating from splicing reinforcement (Figure 4a) or 
by a global compression strut which can be considered as a 
part of a truss system (Figure 4b). 

 
 
 
 
 
 
 
 
 
Figure 4 Balancing of Bond Stresses by (a) Local 

Compression Struts or (b) Global Compression Strut (fib 
Bulletin No. 58 (2011)) 

 
The reinforced concrete design concept serves as a 

basis for the design rules of concrete structures stipulated for 
example in ACI 318 (2011) and Eurocode 2 (2005) which 
basic anchorage concept is to specify sufficient concrete 
covers and development lengths to rule out splitting of the 
concrete and pullout of the bar. Therefore, anchorages 
designed according to the reinforced concrete design 
concept fail by yielding of the bar. Code compliant 
anchorages typically require a development length of around 
40 times the bar diameter. Most joints, for example 
column-to-foundation connections, do not provide sufficient 
depth to accommodate the required development length. 
Therefore, the anchorages are commonly designed with 
hooks. However, a typical development length with hook 
still amounts to around 25 times the bar diameter. Therefore, 
excess reinforcement is frequently designed to allow a 
further reduction of the development length. Excess 
reinforcement, in turn, increases reinforcement congestions, 
material and labor costs. Moreover, some codes stipulate 
limitations on excess reinforcement for seismic designs. 

Also post-installed reinforcing bars may be designed 
according to the reinforced concrete design concept which, 
however, require the post-installed reinforcing bars to 
develop a bond characteristic similar to cast-in-place 
reinforcing bars. Post-installed reinforcing bars are allowed 
to be designed according to the Eurocode 2 (2005) if the 
performance was successfully assessed according to 
EOTA TR 023 (2006). The only additional provision to be 
considered is an increased concrete cover and clear spacing 
to ensure the integrity of the concrete which is potentially at 
risk due to the hammer drilling of the anchorage holes. 

When post-installed anchorages are designed like 
cast-in-place anchorages according to the Eurocode 2 (2005), 
the same difficulties in terms of unhandy development 
lengths and the ban of excess reinforcement for seismic 
applications exist. In addition, for a given anchorage length, 
the full utilization of the concrete tensile strength and bond 
strength according to the concrete anchor design concept 
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potentially yields in higher performance ratios compared to 
the reinforced concrete design concept. For these reasons, 
the concrete anchor design concept is proposed as an 
alternative approach for the design of column-to-foundation 
connections. 

 
2.2  Concrete Anchor Design Concept 

The concrete anchor design concept was developed for 
post-installed mechanical and adhesive anchor. It forms an 
integral part of the concrete anchor design code CEN/TS 
1992-4 (2009) which integration in the Eurocode 2 (2005) as 
Part 4 is envisaged. Similar provisions are stipulated in ACI 
318 (2011), Appendix D which is referred to by design codes 
of many countries. The general load transfer mechanism of 
concrete anchors is identical to post-installed reinforcing bar 
anchorages. Therefore, the concrete anchor design concept is 
applicable on also to post-installed reinforcing bar 
anchorages. For the following calculation of the capacity the 
embedment depth hef is termed as anchorage length ℓb and 
the bond strength τu as fb to be consistent. The failure load 
and associated failure mode of the anchorage is governed by 
one of the following capacities: 
 
1. Steel capacity (mode S): The steel of the bar fractures. 
The steel capacity of the bar with a stressed cross section of 
As is based on the ultimate steel strength fu: 
 
 NR,s = Asfu (1) 
 
In the context of column-to-foundation connection design, 
however, the definition of the steel capacity based on the 
yield strength fy, in the following also termed as mode Y, 
which is more meaningful to comply with the common 
understanding of the reinforced concrete design concept: 
 
 NR,y = Asfy (2) 
 
2. Concrete capacity (mode C): A conical concrete 
breakout develops from the unloaded end of anchorage 
(Figure 5a). The concrete capacity is determined on the basis 
of the concrete capacity (CC) design model (Fuchs, W. et al. 
(1995)): 
 
 NR,c = k1fc

0.5ℓb
1.5 (3) 

 
When using metric units, k1 equals to k1,ucr = 10.1 and 
k1,cr = 7.2 for applications in uncracked and cracked concrete, 
respectively (k1,cr = 0.7k1,ucr).  
 
3. Pullout capacity (mode P): The adhesive fails and the 
bar is pulled out. The pullout failure is also denoted as bond 
failure, or combined pullout and concrete cone failure 
because of the accompanying secondary concrete cone 
(Figure 5b). The bond capacity is determined on the basis of 
the uniform bond (UB) design model (Cook, R. A. et al. 
(1998)): 
 
 NR,p = πφℓbfb (4) 

Where fb equals the bond strength τu,ucr generated in 
uncracked concrete which is reduced to the value τu,cr when 
the concrete is cracked. As a rule of the thumb, half the bond 
strength in uncracked concrete can be assumed for cracked 
concrete fb = τu = τu,cr = 0.5τu,ucr (Eligehausen, R., Mallée, R. 
et al. (2006), Simons, I. (2007)). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5 Individual Anchorage: (a) Concrete Failure Mode; 
(b) Pullout Failure Mode; (c) Schematic of Governing 

Failure Mode 
 
When designing post-installed anchorages, however, 

the practitioner is required to extract the design values for 
k1,ucr, k1,cr, τu,ucr, τu,cr from the technical specification of the 
used product, e.g. the ICC-ES report (ESR) or European 
Technical Approval (ETA) document. For the sake of clarity 
it is noted that the capacity of anchorages with hooks is not 
limited by the pullout capacity but only the steel and 
concrete capacity. 

The ultimate capacity available to anchor the tension 
load Tmax of a reinforcing bar is governed by the minimum 
of the strengths according to Eq. (2), (3) and (4): 
 
 Tmax = min{NR,y; NR,c; NR,p} (5) 
 

It is evident that the ultimate capacity and 
corresponding failure mode depend on the material strengths 
and anchorage length as illustrated by the schematic shown 
in Figure 5c for which the yield, concrete and pullout 
capacities are plotted using exemplary geometry and 
material parameters. For smaller anchorage lengths mode C 
is governing, for medium lengths mode P and for larger 
lengths mode Y. 

Eq. (2) to (4) are valid for individual anchorages. When 
applying the concrete anchor design concept on a 
column-to-foundation connection to determine the strength 
of the column starter bars anchored in the foundation slab, as 
illustrated in Figure 6a and 6b, additional factors accounting 
for the influence anchorage groups, edge distances, and 
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cracks have to be considered. The governing failure mode 
depends on the specific geometry and material parameters. 
The schematic in Figure 6c depicts an example for the yield, 
concrete and pullout capacities per anchorage of a 
column-to-foundation connection, assuming a cracked 
concrete condition. The material strengths and geometric 
layout equal the anchorage detailing of Specimens 7 of this 
study which will be introduced in the next section. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6 Group Anchorage of Column-to-Foundation 
connection: (a) Concrete Failure Mode; (b) Pullout Failure 

Mode; (c) Schematic of Governing Failure Mode 
 
The concrete anchor design concept for adhesive 

anchors is discussed in depth in Eligehausen, R., Cook, R. et 
al. (2006). However, three fundamental phenomena which 
are captured by the additional factors specified in the 
concrete anchor design rules are pointed out as follows: 
 
1. For a given constant total steel cross section and 
anchorage length the total pullout capacity (but not the 
concrete capacity) is increased if the load is transferred by 
increasing number of bars, since the bond area (φ · ℓb) 
required for the load transfer is increased accordingly. 
2. Because of the overlapping stress fields, the capacity of 
an individual anchorage in a group is reduced. The reduction 
is more pronounced for the pullout capacity than for the 
concrete capacity. 
3. Cracks reduce the pullout capacity of an anchorage 
more than the concrete capacity, which is reflected by 
k1,ucr = 0.7k1,ucr to be used for Eq. (3) and τu,cr = 0.5τu,ucr for 
Eq. (4). 
 
3.  EXPERIMENTAL TESTS 

 
3.1  Test Program and Specimens 

The tests presented in the following are part of a test 
program comprising sixteen tests. This paper, however, 

focus on six tests which support the discussion on the 
differences between post-installed and cast-in-place 
anchorages with and without hooks. Figure 7 provides 
details of the six selected tests. Each test specimen was 
produced twice to carry out one monotonic (mon) and one 
cyclic (cyc) type of loading for each test. Foundation and 
column were either cast monolithically in two steps to 
investigate the behavior of cast-in-place starter bars or 
separately to test the behavior of post-installed starter bars. A 
two component epoxy resin injection system (ETA-07/0260 
(2009)) was used for the post-installation. 

Grade 500 steel bars were employed for all 
reinforcement items. The columns were designed with 
grade 50 concrete and stirrups at 150 mm spacing to avoid a 
shear failure prior to the failure of the connection. The 
connections were detailed with four post-installed or 
cast-in-place starter bars in the corner of the columns and an 
anchorage length of ℓb = 420 mm with and without hooks. 
The foundations were designed with grade 20 concrete and 
without shear reinforcement; the longitudinal reinforcement 
fulfilled the requirements of the minimum reinforcement. 
Columns and foundations were designed in different 
concrete strengths to imitate the common practice of 
constructing the column with a concrete strength higher than 
the foundation concrete strength. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7 Test Program and Specimens 
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3.2  Test Setup and Loading Protocol 
To reasonably limit the number of influencing test 

parameters, the column was not axially loaded which is 
conservative since axial loads delay the strength degradation 
under cyclic loading (Saatcioglu, M., Ozcebe, G. (1989)). 
Also, the omission of a continuous bedding of the 
foundation is deemed to be conservative because stiffer 
beddings increase the column-to-foundation connection 
capacity (Bruckner, M. (2006)). The specimens were placed 
on line bearings and anchored to the strong floor, providing a 
bearing for vertical lifting forces. Horizontal bearings were 
used to carry the shear forces generated by push and pull 
actions of the actuator. A 500 kN actuator with a load cell 
was placed between the reaction frame and the bearing plate 
connected to the column y = 1500 mm above the foundation. 
A rotary pot was installed to measure the displacements Δ 
resulting from the applied load P. Linear pots placed at the 
column base measured the curvature. During testing, 
additional linear pots measuring the crack widths in the 
foundation were installed as the cracks developed. Figure 8 
shows the schematic view of the test setup and external 
instrumentation. 

Both, monotonic and cyclic tests started with thirty 
preloading cycles between Ppre and –Ppre, to simulate the 
stiffness degradation due to service loads which has to be 
anticipated in reality. The load Ppre was calculated by 

 
 Ppre = 1.3(Mn / y) 0.75 / 2.1 (6) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 8 Test Setup and External Instrumentation 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 9 Loading Protocol 

where 1.3, 0.75, and 2.1 represent a contingency on the 
nominal flexural strength Mn, the ratio of characteristic and 
mean capacity, and the approximate global safety factor, 
respectively. During the main testing the specimens were 
loaded under quasi-static displacement controlled protocol 
up to 5% drift at a quasi-static rate. The loading protocol for 
the cyclic loading which is given schematically in Figure 9, 
is an adoption of the recommendations formulated in 
ACI 374.1 (2005). Drift is defined as the displacement at the 
point of load application. 

 
4.  TEST RESULTS AND DISCUSSION 

 
4.1  General Behavior 

The key results of pushover and material testing are 
summarized in Table 1, showing that not only the code 
compliant anchorages with hooks but also the anchorage 
without hook failed in yield. The difference of the 
experimentally attained strengths expPmax for the monotonic 
and cyclic was below 15% which probably can be assigned 
to scatter since one cyclic tests yielded a higher strength than 
the monotonic counterpart. 

The performance of moment frame concrete members 
is commonly assessed with reference to the acceptance 
criteria given in ACI 374.1 (2005). For acceptance, the 
assessed member has to develop sufficient initial strength, 
must not exceed the calculative overstrength and has to 
provide sufficient ductility, damping and stiffness. The 
results of the evaluation of the column-to-foundation 
connection tests assuming an overstrength factor of λ = 1.7, 
an allowable drift of 1.5%, and a post-peak drift level of 
4.0% for which acceptance is sought (Table 1). It is 
noteworthy that all specimens complied with the 
requirements of ACI 374.1 (2005) even if designed with 
substandard anchorage lengths without hooks.  

In the following, the responses of the specimens are 
discussed in detail. Figure 10 provides the monotonic and 
cyclic load-drift curves of the tests on Specimen 5, 6 and 7. 
Because the column starter bar anchorage is influenced by 
the cracks developing in the foundation slab, sketches of the 
final damage pattern are also provided. 

 
Table 1 Key Test Results 
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The monotonic and the cyclic test on Specimen 5 
(cast-in-place with hooks) showed a similar behavior 
(Figure 10a). Bending cracks formed next to the column at 
around 1.5% drift, almost in parallel to the yielding of the 
starter bars. Both specimens failed by steel yielding, 
however, only the cyclic test developed secondary concrete 
cones at 5.0% drift. 

In the monotonic and cyclic test on Specimen 6 
(cast-in-place without hooks) bending cracks started to form 
at 1.5% drift and the yielding of the starter bar occurred at 
2.0% drift level. The further behavior of the both tests 
differed slightly (Figure 10b): The strength of the 
monotonically tested specimen decreased with a small jump 
followed by a progressive cracking. Concrete cone formed at 
3.0% drift. On the contrary, the strength of the specimen 
tested cyclically reached the peak at 3.0% drift and thereafter 
decreased similar to the monotonic test. 

First cracks appeared already at 1.0% drift for the 
monotonic and cyclic test on Specimen 7 (post-installed). 
Yielding of the column starter bars developed at around 
1.5% drift in parallel to the formation of concrete cones 
(Figure 10c). Although the following progressive decrease in 
strength was more pronounced than at Specimen 6, the 
overall behavior was similar. More concrete damage was 
observed for the cyclic test than for the monotonic test. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 10 Response and Final Damage Patterns: 
(a) Specimen 5; (b) Specimen 6; (c) Specimen 7 

 

Conclusively, the diagrams shown in Figure 10 
demonstrate that for all tested specimen, the adverse effect 
of simultaneous load and crack cycling (Figure 2b) was 
detectable only in the post-peak but not in the pre-peak 
domain. A further increase of the resistance due to strain 
hardening was possible for the specimens which anchorage 
was provided with hooks, whereas the resistance of the 
specimens in which anchorage was detailed without hooks 
decreased shortly after yielding before developing 
significant strain hardening. A possible explanation for the 
early decrease in strength is that the bond deterioration due 
to the excessive slip in the wake of yielding led to a 
progressive reduction in the resistance against pullout. To 
achieve a similar behavior as the specimen with hooked 
starter bars, the anchorage length of the specimens without 
hooked starter bars must be increased. 

 
4.2  Bond and Bearing Components 

In the following, the development of the tensile stresses 
along the anchorage under monotonic and cyclic loading is 
evaluated in more detail. Figure 11 shows the starter bars 
with indicated strain gage locations. While anchorages 
without hooks transfer the complete load by bond, 
anchorages with hooks transfer only a portion by bond 
action and the remainder by bearing action of the hook. In 
reality, bond is transferred also along the tail of the hook 
which is neglected in the following evaluation for 
simplification. 

Firstly, the decomposition of the tensile stresses in bond 
and bearing component is analyzed for Specimen 5 which 
anchorage was detailed with hooks. The diagrams shown in 
Figure 12 plot the tensile stress versus drift for the 
monotonic and cyclic test at the beginning of the anchorage 
(x = 0 mm) and at the onset of the hook bend (x = 240 mm). 
The test data show that initially the load was mainly 
transferred by bond. With increasing tensioning of the 
reinforcing bar, the load transferred by bond and bearing 
increased, however, the contribution was progressively 
shifted from the bond to the bearing component. The shift 
was more pronounced for the cyclic test than for the 
monotonic test, however, the difference appears to be 
insignificant. Before yielding, bond and bearing components 
carried roughly half the load each. 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 11 Simplified Definition of Bond and Bearing Zone 
and Location of Strain Gages 
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In general, the tensile stress of the starter bar reaches 
the maximum at the column-to-foundation interface. 
Therefore, the loaded end of the anchorage is the starting 
point for the yielding penetration which is triggered by the 
strain hardening in the previously yielded location. The 
penetration of yielding is accompanied by significant slip 
and secondary concrete cones. Both phenomena effectively 
cause a disconnection of reinforcing bar and concrete. The 
penetration of yielding has a positive contribution to the 
rotation capacity, however, reduces the bonded length, 
potentially causing a premature failure of anchorages 
without hooks which solely rely on the bond load transfer 
mechanism. Therefore, penetration of yielding is critical and 
analyzed in detail for the Specimens 5, 6 and 7. 

 
4.3  Penetration of Yielding 

The diagrams in Figure 13 show that it was possible to 
trace the penetration of yielding along the anchorage as long 
as the connection gained strength by strain hardening. 

 
 
 
 
 
 
 
 
 
 
 

Figure 12 Bond and Bearing Components under Monotonic 
an Cyclic Loading 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 13 Penetration of Yielding under Monotonic and 
Cyclic Loading 

The tensile stresses of connections without hooks fell 
below the yield stress as the bond deteriorated. However, it 
was impossible to trace this "retraction" of yield stress 
because the strain gages failed shortly after yielding which is 
indicated by a dashed plotted section in the diagrams 13b 
and c. 

In summary, the yielding penetrated roughly to ¼ of the 
anchorage length irrespective of the anchorage detailing. The 
diagrams show no fundamental differences in the 
penetration of yielding for the monotonically or cyclically 
loaded specimens. 

 
5  ANALYSIS OF CAPACITIES 

 
In Table 2 the experimentally determined ultimate 

connection shear capacities expPmax are compared with the 
calculated capacities calPmax. Since all specimens attained 
the flexural capacity, the expPmax / calPmax ratios are close to 
1.0. However, the used anchorage lengths do not comply 
with the conventional reinforced concrete (RC) design 
concept stipulated in ACI 318 (2011) and Eurocode 2 (2005). 
Therefore, the concrete anchor design concept is applied in 
the following to determine the connection capacity calPmax 
analytically. 

For this purpose, the capacities of the starter bar 
anchorages Tmax is converted to the shear capacity of the 
connection (Pmax = Tmax (z / y), where z equal the inner lever 
arm and y the distance between the point of load application 
and the column-foundation connection). The starter bar 
anchorage capacity Tmax is calculated by means of Eq. (2) to 
(4) under the assumption that the concrete is cracked. 
Therefore, the value for k1 = k1,cr is taken as 10.2. The 
assumed ratio for the bond strength in uncracked and 
cracked concrete of τu,ucr / τu,cr = 0.5 is equivalent to the ratio 
of the characteristic bond strength for uncracked and cracked 
concrete specified in the technical specification of the 
adhesive (ETA-07/0260 (2009)). Further, the additional rules 
stipulated in CEN/TS 1992-4 (2009), which takes into 
account group and edge effects (Part 5, 6.2.3.2, 6.2.3.3, 
6.2.4.2), were applied. The capacities calPmax finally 
calculated and the expPmax / calPmax ratios are shown in 
Table 2. 

The ratio of the tested connection capacity and the 
capacity calculated on the basis of the concrete anchor 
design concept expPmax / calPmax of about 2.0 show that the 
concrete anchor design concept strongly underestimates the 
capacity. Furthermore, the failure modes of the connections 
were not predicted correctly. A possible explanation for the 
conservative results and a reason why the yield failure is not 
identified as governing for several specimens can be the 
neglecting of the beneficial effect of the concrete 
compression stresses acting on the starter bar anchorage in 
the current concrete anchor design concept. Notably, the 
analytical approach presented in Herzog, M. (2008) to 
capture the beneficial effect by the factor 2.5 – (z / ℓb), where 
z equal the inner lever arm and ℓb the anchorage length, 
appears to be suitable (Table 2). However, further research is 
needed to substantiate the analytical approach. 
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Table 2 Capacity Analysis 
 

 RC design concept Concrete anchor design concept  

Speci- 
men ID 

calPmax 
(kN) 

expPmax / 
calPmax 

calPmax 
(kN) 

expPmax / 
calPmax 

Failure 
mode1) 

cal. 

2.5 – 
(z / ℓb) 

5mon 1.1 56.5 2.4 C 2.0 

5cyc 1.1 56.5 2.3 C 2.0 

6mon 1.0 57.2 2.0 P 2.0 

6cyc 1.1 57.2 2.3 P 2.0 

7mon 1.1 60.0 2.1 C 2.0 

7cyc 

116.6 

1.0 62.2 2.0 C 2.0 

 1) Y: Yielding failure; P: Pullout failure; C: Concrete failure 

 
6.  SUMMARY AND CONCLUSIONS 

 
Six out of sixteen large scale tests conducted to study 

the behavior of column-to-foundation connections with 
standard and substandard starter bar layout were presented in 
this paper. The six specimens were detailed with three 
different starter bar anchorage types, namely post-installed 
and cast-in-place anchorages with and without hooks. One 
specimen of each type was tested under monotonic loading, 
the other under cyclic loading. 

The results showed out that the 420 mm anchorage 
length of the post-installed and cast-in-place connections 
without hooks was sufficient to sustain the flexural capacity 
moment and therefore the starter bars yielded in the course 
of the testing. Furthermore, the performance of all 
specimens fulfilled the criteria stipulated in the ACI 374.1 
(2005). The pre-peak behavior of the monotonically and 
cyclically tested specimen of the same detailing was almost 
identical. A significant influence of the load protocol on the 
connection capacity could not be derived. However, a small 
adverse effect on the anchorage due to simultaneous load 
and crack cycling is detectable in the post-peak domain 
which probably can be considered as being secondary 
compared to the bond strength reducing effect of the crack 
itself. 

Because the substandard anchorages without hooks do 
not comply with the conventional reinforced concrete design 
concept, the concrete anchor design concept is proposed as 
an alternative approach. However, the current concrete 
anchor design concept turned out to be too conservative. 
Therefore, the aim of the ongoing research is the 
development of an advanced design concept which 
considers the adverse effect on the anchorage due to 
simultaneous load and crack cycling, the beneficial effect of 
increased pullout and concrete capacity due to the 
compression stresses induced by the column moment, and 
the connection detailing in terms of geometry and material 
parameters. An important aspect will be determination of the 
anchorage length which is required to generate a more 
favorable post-peak behavior in terms of strain hardening. 
The advanced design concept potentially will allow 

anchorage lengths, which may be reduced compared to 
current provisions, giving the opportunity to design 
post-installed column-to-foundation connections as part of a 
retrofit solution. 
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Abstract:  The purpose of this study is to assess the effect of soil-structure interaction (SSI) on the response and peak 
response of adjacent two buildings separated by insufficient gap distance. In order to quantify the effects of SSI, the 
dynamic responses of the colliding two buildings incorporating soil flexibility effect are compared with the corresponding 
adjacent buildings ignoring this effect. Parametric analysis of two adjacent buildings modelled as lumped mass systems 
with the use of two prototype foundation conditions: one very stiff (fixed-base) and the other simulates the flexibility of 
soil conditions has been conducted. In the analysis, strong ground motion records, which have been approximately scaled 
to be of identical peak ground accelerations, are used to excite the considered buildings model. The nonlinear viscoelastic 
model is incorporated to simulate the pounding forces during buildings impacting. In addition, an efficient 
discrete-element model with springs and dashpots is applied to represent the rotational and horizontal movements of the 
soil mass. The Newmark's step by step integration method is used to perform the nonlinear calculations of the 
soil-structure system. The response analysis show that SSI leads to significant changes in the dynamic response of SSI 
systems as compared to the associated colliding buildings with fixed-base system. Moreover, it is observed that the peak 
values of the response, including SSI effects, can be smaller than that for the corresponding fixed-base systems. The 
findings points to the need of incorporating SSI in the dynamic analysis of colliding structures to avoid the overestimation 
of the seismic response. 

 
 
1.  INTRODUCTION 
 

The safeguard of structures against the pounding 
phenomenon effect during earthquakes can be achieved 
either using enough space between the adjacent structures or 
using an alternative earthquake resistant design strategy. 
However, interactions between existing neighboring 
inadequately separated buildings are a frequently recurrent 
problem in strong earthquake. In spite of its complexity, the 
dynamic behavior of colliding buildings with fixed-base 
during horizontal excitations has been extensively studied 
applying various structural models and using different 
models of collisions (Anagnostopoulos 1988, Maison and Kasai 
1992, Athanassiadou et al. 1994, Jankowski et al. 1998 and 
Jankowski 2008). Although SSI is an important issue 
especially for stiff and massive structures constructed on 
relatively soft soil which may significantly alter the 
structural response behavior, a few research papers has been 
conducted to study the effect of soil flexibility on the 
dynamic response analysis of colliding buildings under 
earthquake excitations.   

Rahman et al. (1988) studied the collision between a 
particular case of adjacent 12 and 6 storey reinforced 
concrete moment resisting frames insufficiently separated 
incorporating the effects of soil flexibility by the means of 

finite element analysis considering impacts at story levels 
only. Chouw (2002) performed an analysis to the response of 
impacting buildings linked by a pedestrian bridge using the 
finite element taking into account the effect of soil flexibility 
employing the boundary element under earthquake 
excitations in the Laplace and time domain. An investigated 
to examine the effects of soil on mid-column seismic 
pounding of reinforced concrete buildings having unequal 
heights under near-field and far-field earthquakes has been 
studied by Shakaya and Wijeyewickrena (2009). In the study, 
a linear spring-dashpot model has been adopted to capture 
pounding forces as well as the simulation of foundation-soil 
interaction. 

A review of the above cited papers indicates that the 
conducted analyses concerned collisions between unequal 
height buildings. Moreover, the analyzed structures were 
usually modelled with the finite element modeling technique. 
Also, linear contact models were adopted to simulate 
pounding between adjacent structures. Therefore, the 
objective of the present paper is to explore the response of 
colliding two buildings separated by insufficient gap 
distances and subjected to different ground motions 
considering and ignoring SSI. A simplified lumped masses 
equal heights buildings model is utilized. The loma Prieta, 
Cape Mendocino, and Northridge earthquake records are 
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used to excite the two buildings model with assumed fixed 
as well as flexible base. The nonlinear viscoelastic model is 
used as an impact element model while an efficient discrete 
element is incorporated to account for the dynamic behavior 
of the supporting subsoil.  
 
 
2.  GOVERNING EQUATIONS OF MOTION 
 

In this section, the nonlinear equations of motion for the 
considered buildings model with and without SSI will be 
presented.  
                                                      
2.1 The Equations of Motion Ignoring SSI 

Let 1 1, ,L L L
lm c r , and 1 1, ,R R R

lm c r  be the masses,   
the viscous damping coefficients, and the system restoring 
forces for the left and right buildings respectively. The 
coupling equations of motion for two adjacent buildings 
shown in Figure 1-a with induced pounding force 

1f subjected to horizontal ground motion gu&&  as has the 
following form 

 
      
       (1) 
 

 
 
 

where 1 1 1, ,& &&
L L Lu u u and 1 1 1, ,& &&

R R Ru u u respectively denote  
displacements, velocities and accelerations of the left and 
right buildings. During the elastic stage, resisting forces, 

L
lr , R

lr  take the form 1 1( )=L L L
lr k u , 1 1( )=R R R

lr k u  
while during the plastic stage:  = ±L L

l yr f , = ±R R
l yr f  

where, 1
Lk , 1

Rk  and L
yf , R

yf are the storey stiffness 
coefficients and yield forces for the left and the right 
building, respectively. 
 
2.2 The Equations of Motion Considering SSI 

The coupling equations of motion for the considered 
structural model presented in Figure 1-b incorporating the 
horizontal and rotational movements of the soil at the 
structural bases can be written as:  

 

                                               

                   (2) 

  
 

 
where L LM ,C , and ,R RM C  are the masses, and 

damping coefficients matrices of the left and the right 
buildings, respectively. LU , LU&&&& , LU&&&&&&&& and RU , RU&&&& , 

RU&&&&&&&& denote the displacement, velocity and acceleration 
vectors of the left and the right structures, respectively; F is a 
vector contains the induced pounding forces. The diagonal 
mass matrices of left and right structures are LM%%%% and RM%%%%  
respectively; LR and RR are the restoring force vector, and 

gu&&  is the ground acceleration vector. Details of the matrices 

and vectors elements can be defined as: 
 

 
 

 
 
 

 

 

 

 

   

 

 

             

  

 

 

 

 

 
 
 
 

 
 
 
 

 
The Newmark constant average acceleration integration 

scheme with  γ = 0.5 and β = 0.25 is implemented in the 
dynamic time-history analysis and has been performed using 
MATLAB software.  
 
 
3.  MODELLING AND IDEALIZATION 
 
3.1 Adjacent Buildings Model 

The study presented in this paper is focusing on 
pounding-involved structural response of two adjacent 
buildings considering soil flexibility. The superstructures of 
the buildings are modelled as lumped mass with each story's 
mass lumped on the floor level, while the soil supporting the 
structure foundation is modeled as spring and damper acting 
in horizontal and rotational directions. In addition, a 
nonlinear spring together with a nonlinear damper is used to 
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account for the induced impact forces as shown in Figure 1. 
 
 
 
 
 
 

 
 
 
(a) 

 
 
 
 
 
 
 
 
 
 
 

(b) 
 
 

 
The lumped masses for the left and right buildings are 

denoted by L

1
m , and R

1
m  respectively.  Two rigid mats 

of masses L

b
m and R

b
m are carrying the superstructures 

through massless columns with stiffness coefficients L

1
k and 

R

1
k and viscous damping coefficients L

1
c and R

1
c . The 

values of structural stiffness and damping coefficients can be 
calculated from the formulas (Harris and Piersol 2002):        
           

                                          (3)  
 

where L
1T  and R

1T  denote the natural structural 
vibration period for the left and right buildings respectively. 
On the other hand L

1ξ  and R
1ξ respectively denote 

structural damping ratio for the left and right buildings.   
 
3.2 Structural Pounding Model 

In the current work, structural impacts are simulated 
using non-linear viscoelastic model (Jankowski 2005). In 
this model, a non-linear spring following the Hertz law of 
contact is applied. Additionally, a non-linear damper is 
activated during the approach period of collision in order to 
simulate the process of energy dissipation, which takes place 
mainly during that period. The pounding force, F (t), can be 
expressed as (Jankowski 2005): 

 
 
 

                                              (4) 
 

 
Where the relative displacement ( t )δ  between the  

colliding two buildings can be computed as 

L R
1 1( u u d ) 0 ,− − > ( t )δ& is the relative velocity during 

contact, β is an impact stiffness parameter and c ( t ) is an 
impact element’s damping which at any instant of time and 
can be obtained from the formula: 

  
                                                                
                                              (5)         
 

Where ξ  denotes an impact damping ratio 
corresponding to coefficient of restitution e which can be 
defined as Jankowski (2006): 
 
                                              (6)                                               
 
 
3.3 Soil Modelling 

The considered building model rests on a half-space 
elastic flexible soil with no slippage allowed between the 
base and the soil. The soil flexibility allows horizontal 
translation and rocking at the structure's base yielding a 
system with three degrees of freedom for the single storey 
building. For a foundation of length L  and widthB , the 
spring stiffness and damping coefficients of sway and 
rocking, which represent the SSI, are computed using the 
following expressions (Whitman  and Richart. 1967): 

 

 

 

                                      (7)    
 
 
 

 
where hk  and hc  are stiffness and damping coefficients 

of sway spring, rk  and rc  are stiffness and damping 
coefficients of rocking spring, ν  is the Poisson's ratio of 
soil, G  is the shear modulus, xβ  and φβ  are the correct 
constants of sway and rocking springs respectively and 
depending on the ratio L B , hr  and rr  respectively denote 
the equivalent radii of isolated foundation for sway and 
rocking springs, γ  is the density of soil, g refers to the 
acceleration of gravity and the shear modulus G  as a 
function of the shear wave velocity sV can be calculated  as 
(Whitman  and Richart. 1967): 

  
                                                                                         (8) 

 
 
3.4 Earthquake Modelling 

In this study, three near-fault ground motion records 
were selected as input ground motions to ensure strong 
ground motions. Specifically, the component of the ground 
motion records of 1989 Loma Prieta earthquake of 0.48g 
peak ground acceleration (PGA) taken from station number 
CLS090, 1992 Cape Mendocino earthquake of PGA equals 
0.59g from station number 89156 petrolia station, and 1994 

Figure1  Model of Colliding Two Buildings  
(a) ignoring SSI and (b) considering SSI 
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Northridge earthquake of PGA equals 0.84g from station 
number 77 Rinaldi Receiving Station.     
 
 
4.  NUMERICAL RESULTS 

 
The effects of soil flexibility on the seismic response of 

adjacent two buildings separated by insufficient gap 
distances to allow the occurrence of pounding have been 
investigated by carrying out inelastic analysis for the first 10 
seconds of the Loma Prieta, Cape Mendocino and 
Northridge, earthquake records. The aforementioned ground 
motion records have been used to excite the considered 
adjacent building model shown in Figure 1 with the 
specified properties in Table 1.  
 

Table 1 Properties of Buildings Used in The Study 

 
To simulate pounding, a nonlinear spring in conjunction 

with a nonlinear damper elements, named nonlinear 
viscoelastic model, has been incorporated. The stiffness of 
the spring was set equal to β 9 3 22.75 10 N / m= ×  and the 
dashpot constant was calculated based on Eq. (5) and Eq. (6) and 
a coefficient of restitution e 0.65= . In order to simulate the 
rotational and horizontal movements of the supporting soil, 
linear spring dashpot elements have been utilized with the 
properties of  the stiffness of swaying and rocking springs and 
the damping coefficients of dashpots have been evaluated using 
the formula given by Eq. (7). The soil mass density and 
Poisson's ratio are: γ 31.89 10= ×  kg/m3 and ν 0.3= . The 
shear wave velocity is given by sV 150=  m/sec. The radii of 
equivalent circular foundation for swaying and rocking have 
been estimated and found to be of equal values hr = rr 4= m 
(Takewaki 2005). 

The simulation analyses have been divided into two parts, 
in the first part only an arbitrary value of separation gap 
between the neighboring two buildings is considered. While, 
different separation gaps are implemented in the second part 
in order to assess the effect of SSI on the response of the 
impacting buildings with the variation of gap sizes.  

Initially, the two buildings were analyzed without soil 
flexibility incorporation with the use of the model shown in 
Figure1-a and subsequently the analyses were carried out 
utilizing the model presented in Figure1-b considering soil 
flexibility for fixed gap size of 10 mm. Figures 2,3,4 show 

the sequence of collision forces at the superstructure of the 
left and right buildings during the response to the Loma 
Prieta, Cape Mendocino, and Northridge ground motion 
records respectively. It can be seen that a reduction in the 
values of the induced pounding forces in the case of SSI 
inclusion compared with the case of assuming that the 
supporting soil exhibits as a rigid base. It has also been 
noticed that considering soil flexibility effect increases the 
number of impacts compared with the case of ignoring it as 
can be seen in Figure 3. 
 
 
 
 

 
 

 

 

 

 

 

 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Structural 

Characteristics  
Left  Building Right Building 

story height  (m) Lh1 = 3.5 Rh1  =3.5 

floor masses  (kg) Lm1 =30*103 Rm1 =75*103 

Base masses  (kg) L
bm =90*103 R

bm =90*103 

natural period  (sec) LT1 =1.2 RT1 =0.8 

damping ratio % Lξ1 =5% Rξ1 =5% 

yielding force (N) L
yf =1.369*105 R

yf =1.442*107 

Figure 2  Displacements, and Pounding Forces 
Time-Histories (a) without SSI and (b) with SSI 

under Loma Prieta Earthquake 

Figure 3  Displacements, and Pounding Forces  
Time-Histories (a) without SSI and (b) with SSI  

under Cape Mendocino Earthquake 
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Figure 5 gives the time histories of the top floor 

displacements, velocities, and accelerations with and without 
SSI for the right building under the considered herein 
earthquake records. A light decrease in the obtained response 
can be observed as a result of soil flexibility incorporation. 
Although, the numbers of significant cycles of large 
amplitude acceleration response for the building have been 
decreased due to the inclusion of SSI, the peak value has 
been increased. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Secondly, the considered ground motions is used as 

excitations for studying the dynamic response of the 
adjacent two buildings allowing them to collide at different 
gap distances with and without the inclusion of SSI effect. 
The peak responses of the two buildings model incorporating 
soil flexibility in terms of displacements, accelerations, and 
impact forces time-histories have been recorded and analyzed. 
Furthermore, these results are compared with the case of 
ignoring soil flexibility under the same earthquake records.      

Figure (6) presents the superstructure peak response with 
and without SSI for different separation distances under three 
different earthquake records. It is observed that SSI inclusion 
decreases the obtained peak response for the colliding buildings 
for all the considered separation distances and earthquake 
records except for the peak acceleration response. Moreover, 
from the analyses with and without the SSI inclusion, it has been 
found that, the peak response increase up to a certain value of the 
gap distance and a significant reduction with further increase in 
the gap distance can be observed.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4.  CONCLUSIONS 
 

This paper considers the seismic response behavior of 
colliding buildings with and without soil-foundation 
interaction. The nonlinear equation of motion of the systems 
have been presented and solved in an incremental way using  
the Newmark average acceleration method in which the 
response has been expressed in terms of displacement, 
velocity, acceleration, and pounding force time-histories for 
fixed and flexible-base as well. The obtained dynamic 

Figure 4  Displacements, and Pounding Forces  
Time-Histories (a) without SSI and (b) with SSI 

 under Northridge Earthquake 
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Figure 6   Peak Displacements, Accelerations and 
Pounding Forces  Time-Histories with and without SSI 

under Loma Prieta, Cape Mendocino and Northridge 
Earthquakes 
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Figure 5   Displacement,  Velocity, and Accelerations 
Time-Histories with and without SSI for the Right 
Building under Loma Prieta, Cape Mendocino and 

Northridge Earthquakes 
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response of the systems considered gives some useful 
representations regarding the SSI inclusion. It is concluded 
that the induced impact forces decrease with the 
incorporation of soil flexibility for all the considered ground 
motions. However, the number of impacts has been 
increased as can be seen for the Cape Mendocino earthquake 
records. The displacement, velocity, and acceleration 
response time histories obtained for colliding buildings with 
flexible show slight decrease compared to those obtained for 
colliding buildings with fixed base one. In addition, with the 
variation of the gap separations between the adjacent 
buildings rested on flexible soil, the peak displacements and 
peak impact forces significantly show smaller values 
compared to those obtained ignoring SSI. On the other hand, 
the peak acceleration response considering SSI has larger 
values although the acceleration time histories are smaller. 
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Abstract:  The shape of an inelastic demand spectrum may have a significant impact on the seismic evaluation of 
structures. The inelastic demand spectrum can be obtained from scaling down the related elastic response spectrum with 
applying the strength reduction factor (SRF). Considering properties of structural models and characteristics of past 
earthquake records, numerous formulas of SRFs have been suggested so far. This study has investigated the various 
formulas of SRFs that were suggested by previous studies, and has compared their characteristics including the curve 
shapes of SRFs and inelastic demand spectra. A mean curve is computed from the SRF curves generated by these various 
formulas. A new formula of the SRF curve is derived by regression analysis. It is shown that the proposed new formula of 
SRF can generate the mean inelastic demand spectrum for those spectrums previously suggested. 

 
 
1.  INTRODUCTION 
 

Seismic performance evaluation on important industrial 
structures such as nuclear power plants are performed using 
the method of seismic fragility analysis or conservative 
deterministic failure margin (CDFM). In these methods, 
increase of seismic performance due to inelastic behavior of 
a facility structure is defined by inelastic energy absorption 
capacity. The related practical guidance suggested by 
Electric Power Research Institute (EPRI) of USA includes 
the method of using inelastic demand spectrum as a 
prediction of the inelastic energy absorption capacity. 

The inelastic demand spectrum is constructed by 
applying either the equivalent damping ratio or the SRF to 
the elastic response spectrum with a certain damping, 
usually 5% damping. Many researchers pointed out that the 
method of equivalent damping ratio, in which the effect of 
inelastic behavior is considered by only the equivalent 
increase in damping, has weak points. The method using 
SRF has been preferably used in practice. In the method of 
the SRF, different types of formulas under various 
conditions were suggested by many researchers, and 
therefore it is not easy to select and apply formulas in 
practice. 

In this study, focusing on the elasto-plastic system the 
characteristics of previously suggested formulas for the SRF 
are investigated, their mean inelastic demand spectrum is 
constructed, and then the mean inelastic demand spectrum is 
compared with the inelastic demand spectrum from each 
previously suggested formula. 

 
2.  Strength reduction factor spectra 
 
2.1  Strength reduction factor 

The SRF is defined by the ratio of the elastic response 
spectrum acceleration A to acceleration equivalent to the 
yield force A  as shown Eq. (1) below, and here the 
deformation ductility is determined by the allowable 
ductility capacity due to the inelastic behavior. 

 

Rµ
A µ ,   T
A µ ,   T

   (1) 

 
where Rµis the SRF for a given deformation ductility µ at 
the given natural period T , A  is the elastic response 
spectrum acceleration, A is the inelastic response spectrum 
acceleration reduced by the SRF.  
 
2.2  Strength reduction factor formulas 

In the early days of the research, the prediction 
formulas for the natural period range were suggested mainly 
by applying inelastic model. And then, the hysteric behavior 
of structures such as bilinear models and stiffness 
degradation models were studied and applied. Recently, the 
several SRFs were suggested from application of different 
variables according to the site category considering effects 
of the damping type and characteristics of the earthquake 
wave. 
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In this study, we select representative several formulas 

among the previously suggested prediction formulas for the 
SRF, and investigate on their characteristics. For comparison 
under the same conditions, only the prediction formulas 
suggested for the elasto-plastic model and the rock site are 
investigated. The investigated prediction formulas are listed 
in Table 1. 

 
1. Newmark & Hall (NH) 

Performing analysis on the response spectrum for the 
El Centro earthquake and two other earthquakes and 
performing analysis on the response of the simple structure 
for an impulse load, Newmark and Hall suggested formulas 
of SRF for each range of natural periods as shown in Eq. (2). 
This study provided the basic concepts on how to construct 
the inelastic response spectra using the SRF. 
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where T is the natural period of structure and ,  and 

 is the period range limits: 
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where A , V  and D  are the maximum ground  
acceleration, velocity and displacement. According to ASCE 
4-98, ⁄  is 36 in/sec/g and 48 in/sec/g for rock and 
alluvium sites respectively, ⁄  is 6 for both. ,  
and  are amplification factors of elastic response 
spectrum respectively for the acceleration, velocity and 
displacement ranges, where 2.6, 1.9 and 1.4 are respectively 
suggested for a 5% damping median spectrum. 

 
2. Riddell & Newmark (RN) 

Riddell and Newmark suggested the formula as 
shown in Eq. (4) 
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Table 1 Formulas of SRFs selected in this study 

No. Proponent Symbol Characteristic Release

① Newmark & Hall NH 
Use wave type of El Centro earthquake.  

Suggest formulas for each range of natural periods. 
1973 

② Riddell & Newmark RN 
Apply inelastic model.  

Investigate the effect of force-deformation relationship and 
damping ratio of structures on the inelastic spectrum. 

1979 

③ Lai & Biggs LB 
Apply inelastic model.  

Apply factors for each range of natural periods and for different 
deformation ductility ratios.  

1980 

④ Riddell, Hidalgo & Cruz RHC 
Apply inelastic model.  

Investigate the effect of structures with short natural periods.  
1989 

⑤ Hidalgo & Arias HA Reinvestigate the study of Riddell, Hidalgo & Cruz 1990 

⑥ Nassar & Krawinkler NK 
Apply inelastic model.  

Investigate the effect of stiffness ratio after yielding.  
1991 
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They performed the first study of statistical analyses 

on inelastic response spectra for recorded earthquake. The 
suggested formula is based on studying 2, 5, 10 % damping 
models under rock and alluvium sites.  

When damping ratio β  is 2 β 10 , the 
parameter in Eq. (4) are 1 , 3.0 . , 

0.48 . , 1 , 2.7 . , 
0.66 . , 0.87 . , 1.07 . For 5% 

damping ratio, the amplification factors, ,  and 
 are assumed as 2.77, 2.15 and 2.10 respectively. 

 
3. Lai & Biggs (LB) 

Lai and Biggs suggested a logarithmic formula as 
shown Eq. (6) based on performing statistical analyses on 
elasto-plastic models with 20 artificial ground motions, 50 
natural periods and 4 deformation ductility ratios  

 
(log )R Tμ α β= +    (6) 

 
where coefficients α and β depend on the deformation 
ductility ratio and the spectral range as shown in table 2. 
 

Table 2 Coefficients in Equation (6) 

Period Range Coefficient μ=2 μ=3 μ=4 μ=5 

0.1s≤T<0.5s 

α 1.6791 2.2296 2.6587 3.1107 

β 0.3291 0.7296 1.0587 1.4307 

0.5s≤T<0.7s 

α 2.0332 2.7722 3.3700 3.8336 

β 1.5055 2.5320 3.4217 3.8323 

0.7s≤T<4.0s 

α 1.8409 2.4823 2.9853 3.4180 

β 0.2642 0.6605 0.9380 1.1493 

 
4. Riddell, Hidalgo & Cruz (RHC) 

Riddell, Hidalgo and Cruz categorized recorded 
earthquakes into four groups and performed parametric 
study for SDOF systems having an elasto-plastic hysteretic 
behavior under the categorized earthquake with 5% damping 
and ductility µ=2~10. Based on this study they proposed the 
following formula. 

 

*
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* *

1
1 0
R

T T T
R T

R T T
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⎧ −
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   (7)  

 
where  is the period range limit. If the natural period of 
structure is equal or more than , then  is converged to 
a constant value . Performing statistical analyses on 
collected earthquake records, they suggested values of these 
factors as shown in table 3. 

 

Table 3 Critical Values of Equation (11) 

 μ=2 μ=3 μ=4 μ=5 μ=6 μ=7 

R  2.0 3.0 4.0 5.0 5.6 6.2 

T (sec) 0.1 0.2 0.3 0..4 0.4 0.4 

 
5. Hidalgo & Arias (HA) 

Based on the approximate mean SRFs computed by 
Riddell, Hidalgo & Cruz, Hidalgo and Arias proposed a new 
formula as shown Eq. (8). 

0

1

1

T
R

T
kT

μ

μ

= +
+

−

   (8) 

where the constant k  and period range limit  are 
recommended to be 0.1 and 0.2sec, respectively. 

 
6. Nassar & Krawinkler (NK) 

Nassar and Krawinkler considered the response of 
bilinear stiffness degradation model when subjected to 15 
ground motions recorded in the Western United States. The 
records used were obtained at rock and alluvium site. 

( ) 1

1 1

1

c
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a

R c

T b
c

TT
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= +
+  

  (9) 

 
where α is the post-yield stiffness as percentage of initial 
stiffness of the system, and the parameters a and b are as 
shown in table 4. 

 

Table 4 Coefficients in Equation (9) 

Post-yield stiffness a b 

0.00 1.00 0.42 

0.02 1.01 0.37 

0.10 0.80 0.29 

 

2.2  Review of the previously suggested formulas 
 
In theory, SRF: T 0, 1 for all ductilities 

and dampings; also, if T ∞,  for all ductilities 
and dampings. 

SRFs calculated for rock or alluvium sites from the 
previously suggested formulas are shown in Figure 1. 
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Figure 2 Inelastic demand spectrums calculated from the previously suggested formulas for strength reduction factors

Figure 1 Curves for strength reduction factors suggested by different researchers
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According to the previous study, the maximum 
responses of elasto-plastic system, bilinear system and 
stiffness degradation systems are similar each other. In this 
paper, we compare the curves of SRFs for the elasto-plastic 
system and the bilinear system. The curves of SRFs in the 
figure have different shapes and magnitudes depending on 
the researchers and considered conditions. Most curves in 
the figure increase and converge to the deformation ductility 
ratio as the natural period increases. On the other hand, 
several curves in the figure continuously increase over the 
deformation ductility ratio as the natural period increases.  

 
3.  Evaluation of the inelastic demand spectra 
 

For the SRFs calculated above, the 
acceleration-displacement response spectra (ADRS) are 
constructed as shown in Figure 2 with applying the elastic 
demand spectrum used by Newmark and Hall. (1973). In 
order to investigate the difference between the prediction 
formulas for the SRF, the inelastic demand spectra for the 
same conditions are constructed by using the different 
prediction formulas described above. The mean inelastic 
demand spectrum for the constructed inelastic demand 
spectra is determined, and the related standard deviation is 
also determined. All curves are included in the 95% 
confidence interval (mean±2σ). Differences in the spectral 
acceleration between different formulas are relatively large 
in short period range, but differences become smaller in long 
period range. Figure 3 shows the comparison of the spectral 

displacements at specific natural periods. Except Lai & 
Biggs formula, the differences between most spectral 
displacements are within 1cm for the given deformation 
ductility. 

 

4.  Conclusions 

 
In this study, the effect of the SRF on the inelastic 

demand spectrum is investigated. Characteristics of the 
prediction formulas for the SRF previously suggested by 
different researchers under the various conditions are 
reviewed.  The prediction formulas suggested for the 
inelastic model and the rock site are applied to construct the 
inelastic demand spectra. The mean and standard deviation 
of the constructed inelastic demand spectra are determined 
and compared with the previously suggested inelastic 
demand spectra. The following results are obtained: 

 
1. The SRFs calculated from the prediction formulas 

suggested by the various researchers do not have large 
differences each other under the same conditions. However, 
the differences become larger as the deformation ductility 
increases. 

2. This study is limited to the conditions of inelastic 
model and rock site. However, the extended researches for 
the various conditions other than the above are being 
performed by us. Through this extended research, the 
prediction formula for better practical use will be developed 

Figure 1 Spectral displacements for =2 & 4 and =0.5s & 1.0s 
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to be applied for all inelastic models and all site conditions. 
3. It is anticipated that the results of statistical analyses 

on the prediction formulas for SRF can be used, in practice, 
to evaluate conservativeness of structural performance in the 
field of nuclear power plants or electrical power industries 
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Abstract：  This paper presents the use of Glass Fiber Reinforced Plastic (GFRP) composite bridge deck subjected to 
three-point bending test to determine the mechanical behaviors as well as the failure modes. Test results were compared 
with the results taken from Finite-Element Method (FEM) analysis software to verify the accuracy of the Finite-Element 
model. Three different GFRP composite bridge panel types were used for the experiments. One is the prototype panel, an 
epoxy mortar-filled GFRP panel, and the third is an epoxy mortar-filled GFRP panel wrapped with carbon fiber. A Load 
Cell and Dial Gauge were used in the three-point bending test to measure the force-displacement relationship of each 
specimen and also make a comparison of the failure mode. Finally, numerical analysis was done with finite-element 
analysis software, ANASYS, to verify the accuracy of the model and then comparing the analytical and experimental 
results. The finite element analysis results had a relative error of 12.8 % comparing to the experimental result. 

 
 
1.  INTRODUCTION 

 
In the past few years, there were heavy rains in Taiwan 

area; it caused floods and landslides which destroyed the 
roads leading to remote mountainous areas where rescue 
teams find it difficult to reach. So far, the most commonly 
used equipment by rescue teams in Taiwan include 
emergency cable cars, temporary steel bridges, concrete 
culverts and temporary Bailey bridges. Comparing the 
advantages and disadvantages of the various kinds of 
disaster relief equipments in use, the emergency cable car 
proves to have safety shortcomings.  The temporary steel 
bridge, concrete culvert and the Bailey bridge all have 
problems of being heavy, taking longer time to construct, 
and not easy to be moved around. A Fiber Reinforced 
Polymer (FRP) bridge has a higher bearing capacity, safer, 
lighter, faster to assembly, shorter construction duration, 
high durability, low maintenance cost etc. Therefore, it can 
be used as the emergency disaster relief equipments.  

The technique of using FRP composite decks has been 
fully developed in Europe, America, Asia and other regions 
for over a decade. GFRP composite deck has been design as 
the experimental basis in which we analyzed the test results 
as well as its practical applications. Due to the amount of 
ongoing FRP composite deck research, many researchers 
have done excellent jobs on the FRP bridge decks. Plecnik 
(1991a and 1991b) used an X-shaped, D-shaped (Diamond) 
and T-Shaped cross-sections as a model to analyze the 
fatigue behavior of FRP. Under the fatigue load test, the 
D-Shaped and T-Shaped cross-sections exhibited a 
de-bounding phenomenon. Liu (2007) used FRP composite 

system to reinforce a steel deck truss structure. Majumdar 
(2008) studied the role of fatigue loading on FRP composite 
decks using finite element analysis simulation software. 
According to the study, the design of FRP composite bridge 
decks should be based on their local deformation. Ji et al. 
(2010) used GFRP composite material, in a practical 
experiment, to make an Aluminum hybrid to form a 
trapezoidal composite sandwich bridge deck. He also used 
finite element software to analyze the structural performance. 
Chen et al. (2010) propose honey-comb lattice composite 
panel for a GFRP composite deck. The 4-Point bending test 
was used to analyze the bridge deck under lateral load shear 
strength. Ji et al. (2010) used GFRP fiber film to wrap up the 
bridge deck, and then analyzed the 3-Point bending test. His 
result showed that the composite bridge deck had a L/478 
deflection which was less than the original design’s 
deflection of L/425. 

Due to the shortcomings of the current 
domestic disaster relief services which have led to the delay 
of rescue teams executing their relief works, the use of high 
strength feature of FRP composite materials to make a 
temporary pedestrian bridge would play a very important 
role in the safety of domestic disaster relief services. With its 
lightweight characteristic, FRP composite materials display 
a very easy to transport and to assembly in disaster affected 
areas, thereby shortening the time required for disaster relief. 
The superiority of using FRP composites, therefore, includes 
its corrosion resistance, which improves the durability of the 
components and thus lowers the maintenance costs. In 
addition, this study has improved the failure mode of GFRP 
composite material when in-filled with epoxy resin and 
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subjected to a three-point bending test. Furthermore, the 
component has been wrapped with different fibers to 
increase the bearing capacity of the GFRP composite 
components and reduce the deflection in its failure mode. 
 
 
2. INTRODUCTION OF FRP MATERIAL 
PROPERTY AND PRODUCTION METHOD  
 

The choice of base material in forming the FRP 
components is important in determining the strength of the 
final FRP product. Therefore, according to the purpose and 
design strength of the FRP component, choosing the proper 
base material is necessary. Choosing the appropriate method 
of production can achieve both economical and efficiency 
benefits while also making it possible to meet the strength 
and safety requirements. 
 
2.1  FRP Material Properties  

In terms of Civil Engineering, in order to improve the 
domestic Engineering techniques and be able to break 
through the current engineering problems, apart from the 
innovation of being able to apply the advantages of FRP on 
the construction, we have to understand the characteristics of 
materials, and fully develop on new structure and 
reinforcement projects. The merits of CFRP are 
anti-corrosion, lightweight, low CO2 emission, easy cutting 
and construction, as well as high strength and high modulus. 

The use of FRP composite materials in civil 
engineering and building structures have solved most of the 
current problems and damage of buildings. In addition to its 
lightweight characteristic, the durability of FRP composite 
materials and the ease to be designed into required strengths 
has played a vital role in using FRP composites as reinforced 
members. 
 
2.2  FRP Pultrusion Process 

The pultrusion process involves a continuous 
production line in which continuous fibers are pulled 
through the guide into the resin bath. The fibers are then 
passed through forming mixtures that eliminate excess resin. 
The fibers are then heated then cooled and cured. The 
finished material is pulled out of the heating platform and 
cut into various specified lengths. The cross-sectional 
diagram of GFRP composite bridge deck is shown in Fig. 1.  

Pultrusion of composite material is a highly automated 
process and technique suitable for a continuous production 
of composite materials as long as there is a fixed 
cross-section. There has been mass production of FRP 
composite materials due to FRP material’s characteristics 
and low processing cost. Therefore, its industrial application 
has become highly competitive because of its corrosion 
resistance and insulation properties.  

 
 
3.  EXPERIMENTAL TEST PLAN AND RESULTS  

 
The research of this experimental plan is mainly for 

GFRP prototype deck, epoxy mortar filled GFRP deck and 
epoxy-mortar-filled deck wrapped with two layers of 90 
degrees fiber sheets. In order to change the failure mode of 
the GFRP components and to enhance the strength and the 
stiffness, the specimens are divided into three groups.  

The first group is the GFRP prototype specimen, the 
second is the GFRP composite deck filled with epoxy mortar, 
and the third is the GFRP component filled with epoxy 
mortar and wrapped with two layers of 90 degrees basalt 
fiber sheets, carbon fiber sheets and a hybrid basalt fiber and 
carbon fiber sheets.  

The GFRP composites were tested using a three-point 
bending test. During the process, the applied external load 
speed was 4.9 kN/min. The following is a detailed 
description of the ultimate strength, stiffness and failure 
mode. 

 
3.1  GRFP Specimen Design 

The research discusses GFRP components subjected to 
three-point bending and the different modes of deformation. 
This research divides the specimens into three groups. The 
first group is the GFRP prototype specimen, the second is 
the GFRP composite deck filled with epoxy mortar, and the 
third is the GFRP component filled with epoxy mortar and 
wrapped with two layers of 90 degrees basalt fiber sheets, 
carbon fiber sheets and a hybrid basalt fiber and carbon fiber 
sheets. 

The purpose of the GFRP components filled with epoxy 
mortar test is to enhance the bending rigidity to reduce the 
deflection of FRP decks. Because to the GFRP composite 
deck used were made by pultrusion, the fibers all go towards 
one direction (0 degrees), and the failure mode is a local 
buckling along the fiber direction of the sides of the 
component. Therefore, the wrapping with two layers of 90 
degrees fiber sheets is necessary. 

In view of the above failure mode of the GFRP 
composite material, the three-point bending test study has 
shown improvement to make the tensile strength of the 
material develop to the fullest, apart from the GFRP 
components filled with epoxy mortar and covered with two 
layers of fiber sheets at 90 degrees, the fiber sheets used 
include carbon fiber sheets (FAW=300), hybrid carbon and 
basalt fiber sheets (FAW=250) and basalt fiber sheets 
(FAW=400). Covering the GFRP components with such 
fibers enhanced the confinement strength leading to the 
deformation taking place at the bottom flange of the FRP 
decks. 

During the course of the experiment set up, the load cell, 
dial gauge and other sensor devices were used to measure 
the force and displacement relationship, and to obtain the 
failure modes and the corresponding displacements. 

This three-point bending experiment was conducted 
using the 100 tons universal test machine at the National 
Taipei University of Technology. All the GFRP composite 
decks were simply supported at 10 cm from the two ends, 
while the loading was applied at central span of the top of 
the GFRP deck. The dial gauge was also place immediately 
below the point of loading at midpoint to measure the 
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deflection of the displacement (shown in Fig. 2). Since the 
Universal Testing Machine is a force-controlled device, the 
machine will automatically stop at about 80 % of the 
maximum bearing capacity, the failure modes of the GRFP 
decks can be observed.   

 
3.2  Naming of GFRP Specimen 

The first group specimen is the empty prototype 
component was named GD1P. The second specimen type 
filled with epoxy resin mortar was named GDE. The third 
specimen type with epoxy resin mortar infill and external 
fiber cover was named according to the type(s) of fiber used. 
In so doing, the GFRP component filled with epoxy resin 
mortar and externally covered with carbon fiber sheets was 
named GDEC2; that in which the fiber cover used was made 
of a hybrid of carbon and basalt fibers was named GDEH1; 
that in which the fiber cover used was made of basalt fiber 
was named GDEB2. Details are shown in Table 3. 
 
3.3  Prototype GFRP Deck Three-Point Bending Test 

As seen from Fig. 3, the GD1P specimen failed due to 
buckling at the side because it was too thin. Another reason 
for the side buckling was due to the fact that GFRP 
composite materials were made by pultrusion in which all 
the fibers were arranged in the same (longitudinal) direction. 
In its three-point bending test, the GD1P specimen reached 
an ultimate bearing capacity of 26.44 kN with a 
displacement of 1.58 cm. In other words, the specimen failed 
in the compression side along the fiber direction. Lastly, 
since there was no failure at the bottom of the specimen, we 
cannot determine the actual ultimate strength of the 
specimen GD1P with only the results of the side buckling at 
the top. The force-displacement relationship is shown in Fig. 
4. 

 
3.4 Experimental Test Results of GFRP Deck Filled 

     with epoxy mortar 
From the experimental results of Specimen GD1P, we 

can learn that because the component was too thin, its failure 
mode was a side buckling. This phenomenon was due to the 
FRP component not been able to transfer the applied load 
evenly over the whole cross section. Therefore, the second 
type of specimen was filled with epoxy mortar to increase its 
moment of inertia, increase the stiffness and reduce the 
deflection and thus prevent the side buckling happening at 
the top of the GFRP component. 

According to the test of GDE (Fig. 5), the failure   
occurred at the bottom tensile zone of the specimen, along 
the fiber direction, and the crack extends to the supporting 
ends. As a result, there was no actual failure of the fibers, 
instead we found out that because the fibers were in the 
same direction, the force was not fully transferred to the 
sides of the specimen leading to the tearing of the sides in 
the failure mode. 

And because the GFRP composite deck was filled with 
epoxy mortar shown in Fig. 6, the experimental test results 
showed that the GDE obviously had a higher stiffness than 
specimen GD1P. Therefore, the study can be used to prove 

that the epoxy mortar effectively enhanced the components 
moment of inertia and stiffness of the GFRP component thus 
reducing the deflection. The GDE specimen reached an 
ultimate bearing capacity of 44.43 kN with a displacement 
of 1.37 cm. 

 
3.5  Experimental Test Results of GFRP Decks Filled 
With epoxy mortar and Covered With Two Layers of 
Fiber 

In view of the experimental test results of GDE and 
GD1P, the final failure mode was a tear in the fiber direction 
of the component. In this study, we used epoxy mortar to fill 
in the GFRP. Then we used 90 degrees two layers of 
different fiber sheets to wrap the specimen to increase the 
confinement of the component thereby reducing the 
possibility of failure along the fiber direction of the GFRP 
component. The wrapped fiber sheets are carbon fiber sheets 
(FAW = 300), hybrid carbon and basalt fiber sheets (FAW = 
250) and basalt fiber sheets (FAW = 400). 

From the experimental test results of specimens of 
GDEB2, GDEH2 and GDEC2 (shown in Fig. 7~Fig. 9), the 
failure occurred only at the top of the component been 
subjected to the force whereas the rest of the parts of the 
component had no obvious damage. The ultimate strengths 
of specimens GDEB2, GDEH2, and GDEC2 reache to 
66.07 kN, 67.66 kN and 68.13 kN; and their corresponding 
displacements were 2.60 cm, 2.93 cm and 2.34 cm. As seen 
in Fig. 10, it can be found that specimens GDE, GDEB2, 
GDEH2 and GDEC2 had almost the same stiffness under 
the 0.5 cm displacement. The main reason is that for the 
GDEB2, GDEH2 and GDEC2, the fiber sheets used to cover 
the specimens were in the 90-degree direction parallel to the 
force direction. Therefore the wrapped external fiber sheets 
did not significantly affect the stiffness, but instead the fiber 
sheets caused a slight reduction in the ultimate strength of 
the material. 

 
 

4.  NUMERICAL ANALYSIS OF FRP DECK 
 
In the study, experimental result of the three-point 

bending test of the hollow section GFRP composite deck 
was analyzed using the finite-element simulation software, 
ANSYS. 

 
4.1 Introduction of GFRP Deck Finite-Element  
     Analysis Model 

The Shell 99 element (Linear Layered Structural Shell) 
of ANSYS was used to simulate the GFRP materia, the 
element is two-dimensional eight-node linear (shown in Fig. 
11). Every node has X, Y, Z direction towards degrees of 
freedom, and the element can also simulate the composite 
materials with anisotropic layers and fiber orientation. In the 
three-point bending test, the loading of the GRFP deck 
model was applied as a static load at the centerline shown in 
Fig. 12. 

In Fig. 13, it shows the element number convergence 
test result. In this case, the 7,600-elements model was used 
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in the finite element analysis. The result of FD1P finite 
element model analysis showed that when GD1P finite 
element model (GD1P-FEM) moves 0.1 cm and reaches 
7,600 elements, in the tension side of the midpoint (Fig. 14), 
the stress is 9.3 MPa.  
 
4.2 Finite Element Simulation of Three-Point Bending 
    Test of GFRP 

According to the three-point bending test, it shows that 
the specimen GD1P had a web buckling failure mode from 
the middle towards the second end of the component. The 
final failure mode was a crack along the fiber direction while 
the bottom tensile fibers remained undamaged. Fig. 15 
shows the force-displacement relation of the test result the 
stiffness is less than that of the FEM analysis result. 

At the linear force-displacement relationship region, the 
force obtained from the experiment was 10.19 kN at the 
displacement equals to 0.5 cm, while the force of the FEM 
analysis was only 8.88 kN. And according to the 
force-displacement relationship, a 20.38 kN/cm obtained 
from the experimental results corresponded to 17.76 kN/cm 
of the FEM analysis results, and the value of the relative 
error was only 12.8 %. It could be proved that, in this study, 
the FEM analysis model was quite accurate (as shown in 
Table 5). 

 
 
5.  CONCLUSIONS 
1. As seen from the experiment of specimens GD1P and 

GDE, the failure mode of GFRP composite materials 
was in the fiber direction. And from the experiment 
result, we can know that infilling the GFRP composite 
deck with epoxy resin mortar increases the stiffness and 
ultimate load of the FRP component effectively and also 
reduces the deflection. 

2. From the experiment result of specimens GDEB2, 
GDEH2 and GDEC2, by wrapping the GFRP deck can 
effectively change the failure mode, enhance the stiffness 
and ultimate strength, and gives them a high tensile 
strength. 

3. From the result of finite-element method, the stiffness 
obtained from GFRP component was 20.38 kN/cm at 
displacement equals to 0.5 cm, and the stiffness obtained 
from FEM analysis was 17.76 kN/cm at displacement 
equals to 0.5 cm. The relative error was 12.8%. Thus, it 
can prove the correctness of FEM analysis model. 
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Fig. 1  Cross-sectional diagram of GFRP composite 
bridge deck 

 

Fig. 2  Three-point bending test setup of GFRP 
composite bridge deck 

 

Fig. 3  The failure of the specimen GD1P  
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Fig. 4  The force-displacement relationship of 
specimen GD1P  

 

Fig. 5  The failure of the specimen GDE  
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specimens GDE and GD1P 

 

Fig. 7  The failure of the specimen GDEB2  
 

Fig. 8  The failure of the specimen GDEH2  
 

Fig. 9  The failure of the specimen GDEC2  
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Fig. 10  The force-displacement relationships of the 
GFRP composite specimens 

 

Fig. 11  The illustration of the Shell 99 element  
(Reference: ANSYS Structural Analysis Guide) 

 

Fig. 12  FEM model of the GFRP composite specimen
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Fig. 13  The finite-element convergence analysis of 
GFRP specimen 

 

Fig. 14  The X-directional normal stress contour of 
specimen GD1P  
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Fig. 15 The comparison of the experimental and 
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Table 1  The comparisons of lightweight materials (strength 

to density ratio and elastic modulus to density ratio) 

Material type 

Strength to 

density 

ratio(σ/ρ) 

(MPa×cm3/g) 

Elastic modulus to 

density ratio(Ε/ρ)

(GPa×cm3/g) 

Steel 51.0 26.4 

Aluminum 1.7 2.7 

Titanium 2.1 2.5 

Glass fiber 500.0 21.5 

Carbon fiber 1100.0 78.0 

Basalt fiber 688.6 24.0 

(FRP 橋梁-技術とその展望) 

 
 

Table 2  Comparison of FRP and steel corrosion resistance 

Fluid Type FRP SS41 SUS32 Aluminum

Diluted 
sulfuric acid 

○ × ○ × 

Concentrated 
sulfuric acid 

○ ○ ○ × 

Dilute  
hydrochloric acid 

○ × × × 

Concentrated 
hydrochloric acid 

○ × × × 

Dilute 
phosphoric acid 

○ × ○ × 

Concentrated 
phosphoric acid 

○ × ○ × 

Hydrochloric 
Compound 

○ × × × 

(FRP 橋梁-技術とその展望) 

 

 

Table 3  Specimen type and name 

Length 
of 

GFRP 
Deck 

Type of hand lay-up fiber sheet Filled 

Fiber Direction 
No. of 
layer 

Nill 
Epoxy 
Mortar 

1 m 

Prototype - - GD1P GDE 

Basalt 90° 2 - GDEB2

Hybrid 90° 2 - GDEH2

Carbon 90° 2 - GDEC2

 

Table 4  Material properties of GFRP Deck 

Elastic Modulus E 
(MPa) 

Poisson Ratio ν Shear Modulus G 
(MPa) 

Ex= 20,580 νxy= 0.31 Gxy= 3,704  

Ey= 6,585  νyz= 0.03571 Gyz= 3,704  

Ez= 6,585  νxz= 0.31 Gxz= 3,704  

 

 

Table 5  Stiffness comparison, under the 0.5cm deflection, 

of experimental test results and FEM results of specimen 

GD1P 

 
Specimen GD1P 

Test Results FEM results

Load (P) ( kN) 10.19 8.88 

Displacement (δ) (cm) 0.5 0.5 

Stiffness (K) (kN/cm) 20.38 17.76 

Relative error (%) - 12.8 
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Abstract:  As early as 1970, the structural engineering and building safety community recognized that a large number 
of multi-story woodframe buildings designed with the first floor used either for parking or commercial space were built 
with readily identifiable structural system deficiencies, referred to as a “soft story”.   These buildings are prone to 
collapse during major earthquake events.  The NEES-Soft Project whose full title is “Seismic Risk Reduction for 
Soft-Story Woodframe Buildings” was funded by the U.S. National Science Foundation in 2010. The NEESsoft project 
will (1) enable seismic retrofit of soft-story woodframe buildings based on performance, i.e. performance-based retrofit, 
(2) experimentally validate recently proposed concepts and design methods for retrofit of soft-story woodframe buildings 
developed by the Applied Technology Council Project 71.1, and (3) provide a fundamental understanding of the way 
woodframe buildings collapse in earthquakes through a systematic experimental program consisting of two full-scale 
tests: A slow hybrid (pseudo-dynamic) test at NEES@Buffalo and a controlled collapse test at NEES@UCSD.  In this 
paper the hybrid test will be described and designs for several different soft-story retrofit strategies explained.  The 
retrofit strategies consist of both bottom-story only (ATC 71.1) and performance-based seismic retrofits (PBSR) based on 
inter-story drift limits. 

 
 
1. INTRODUCTION 
 
In the United States more than 80% of buildings and more 
than 90% of residential buildings are of light-frame wood 
construction.  Light-frame wood (woodframe) buildings 
designed to recent structural codes have performed well with 
regard to life safety but can be severely damaged in major 
earthquakes.  However, older woodframe buildings, 
typically two to four stories in Northern and Southern 
California (as well as elsewhere), may have a soft and weak 
story which makes them susceptible to collapse during even 
moderate shaking.  These buildings often have parking 
and/or open fronts and very few interior walls resulting in 
first story stiffnesses that are sometimes as low as 30% to 
40% of the story above.  Most local jurisdictions recognize 
this as a disaster preparedness problem and have been 
actively developing various ordinances and mitigation plans 
to address this threat. Some of the most visible efforts are 
taking place in San Francisco, Los Angeles, San Jose and 
other major metropolitan areas in the United States that have 
high seismic vulnerability. In 2008, the San Francisco 
Department of Building Inspection and the Applied 
Technology Council initiated the Community Action Plan 
for Seismic Safety (CAPSS) project with the main goal of 
identifying possible action plans for reducing earthquake 

risks in existing buildings. According to the CAPSS study, 
43 to 80 percent of the multi-story woodframe buildings in 
San Francisco will be deemed unsafe after a magnitude 7.2 
earthquake and a quarter of these buildings would be 
expected to collapse.  The mechanism that induces collapse 
of such buildings is not well understood and thus the margin 
against collapse can only be estimated. 
 
    The NEES-soft project is a five-university multi-partner 
three-year U.S. National Science Foundation (NSF) funded 
project that will (1) enable seismic retrofit of soft-story 
woodframe buildings based on performance, (2) 
experimentally validate recently proposed concepts for 
economical retrofit of soft-story woodframe buildings, and 
(3) provide a fundamental understanding of the way 
woodframe buildings collapse through a systematic 
experimental program consisting of full-scale whole 
building testing at two Network for Earthquake Engineering 
(NEES) equipment sites.  This paper presents an overview 
of the NEES-Soft project which, as of March 2012, is in its 
second year.  Figure 1 shows the ten tasks within the 
project, some of which are well underway and some of 
which are just beginning.  Progress on several of the key 
tasks that are underway is highlighted in the remainder of 
this paper. 
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Task Year 1 Year 2 Year 3
 1. Hybrid Testing of Soft-Story Woodframe Building 1.1 1.2

 2. 3-D Collapse Model Development 2.1

 3. PBR Method for Soft Story 3.1 3.2 3.3

 4. Evaluation of ATC-71.1 Retrofit Guidelines 4.1 4.2

 5. Seismic Protection Systems for Higher Performance 5.1 5.2 5.3

 6. Performance-Based Retrofit Guidelines 6.1

 7. Project Advisory Committee 7.1

 8. System Level Verification of Retrofit Procedures 8.1,2,3

 9. Education, Outreach, and Technology Transfer 9.1

10. NEES Awardee Meetings (every 18 months) 10.1

Figure 1  Schedule for the NEES-Soft Project (2011-2013) 
2. EVALUATION OF ATC 71.1 RETROFIT 
GUIDELINES (TASK 4) 
 
The codified design methodologies available to practicing 
engineers for determining seismic demand for a soft-story 
woodframe structure include the latest versions of ASCE 7, 
IEBC (International Existing Buildings Code) and ASCE 41. 
The application of ASCE 7 essentially brings the building 
into full compliance with current design practice and will 
generally require retrofit of the entire building which can be 
quite costly.  The IEBC allows use of its Appendix 4A for 
retrofit of a soft-story structure. Compliance with IEBC will 
generally limit retrofit to the ground level, leaving the upper 
levels in an "as-is" condition. The impact of the ground level 
retrofit on the upper levels is not considered, resulting in a 
high likelihood of shifting damage from the ground level to 
the level(s) above.  ASCE 41 provides a 
performance-based alternative for rehabilitation of existing 
buildings with the degree of retrofit being linked to the 
desired level of performance. The analytical procedures that 
can be used range from linear static and dynamic to 
non-linear static and dynamic and thus the level of effort to 
apply this methodology may be significant.  
    The Applied Technology Council Project 71.1 focused 
on development of a new procedure for retrofit of wood 
frame soft/weak story buildings. It is accompanied by a 
WeakTool TM software that would allow engineers to quickly 
and effectively determine whether it is possible to retrofit a 
building by limiting the improvements to the ground level 
only and to adjust the post-retrofit rigidity and strength of the 
ground floor to avoid shifting damage to the upper levels. 
 
3. PERFORMANCE-BASED RETROFIT (TASK 3) 
 
Performance-based seismic retrofit (PBSR) is essentially the 
same as Performance-based seismic design (PBSD) with the 
obvious exception of the additional constraints on the design.  
The PBSD method is a design methodology that seeks to 
ensure that structures meet prescribed performance criteria 
under seismic loads.  In displacement-based seismic design 
which is a subset of PBSD, the stiffness of the structure is 
distributed along its height such that a target displacement 
can be achieved under a specific seismic intensity, taking 
into account post-yield or stiffness degradation at large 
displacements.  Displacement-based design was originally 
proposed by Priestley (1998) and later modified by 
Filiatrault and Folz (2002) for wood structures.  Pang and 
Rosowsky (2009) proposed the direct displacement design 
(DDD) method by employing modal analysis of the structure 
and used the code-specified acceleration response spectral 

values in order to calculate the displacement at each story. 
Later, Pang et al (2009) proposed a simplified procedure for 
applying the DDD method by modeling the structure with an 
equivalent single degree of freedom system and Wang et al 
(2010) helped refine the procedure. The methodology 
behind the PBSR applies DDD but with an approximation to 
uncouple the translational and torsional modes. The PBSR 
can be used to retrofit existing buildings such that all stories 
meet the performance criteria (not necessarily meeting the 
exact target drift because of the constraints formed by the 
existing design); and it can be used to retrofit buildings that 
are weak in both translation and rotation. The DDD method 
developed in the previous studies and used as a PBSD 
approach is a reliable procedure for designing structures, but 
in its present form it can only be employed for structures 
which have negligible in-plane torsional motion. 
    In the Performance-Based Seismic Retrofit (PBSR) 
approach being developed in NEES-Soft, the DDD method 
is employed to design the retrofits such that the building 
meets the performance criteria communicated by the owner 
or stakeholders for different seismic hazard levels. The first 
step is identifying the target inter-story drift and 
corresponding seismic intensity at which that drift is not to 
be exceeded for the specific building; then, in the second 
step, the DDD method is employed to determine the 
distribution of lateral stiffness for each story such that the 
target performance requirements (inter-story drifts limits) are 
satisfied 50% of the time (i.e., a non-exceedance probability 
of 50%).  The method, which accounts for excessive 
torsion, is in the final stages of development but has been 
preliminarily verified for linear and non-linear systems and 
will appear in a forthcoming paper. 
 
4. HIGH-PERFORMANCE RETROFIT OF 
NEES-SOFT TEST SPECIMEN: APPLICATION OF 
AN ENERGY DISSIPATION SYSTEM (TASK 5) 
 
    The current philosophy for retrofitting soft-story 
wood-framed buildings is to stiffen/strengthen the first-story 
such that the potential for weak-story collapse is reduced and, 
by limiting the weak-story strength, the potential for damage 
to the upper stories is minimized (ATC 2011). Within the 
context of a high-performance retrofit using an energy 
dissipation system, the objective is to determine an optimal 
distribution of damping devices that results in the largest 
reduction of first-story deformations and at the same time 
limits the forces (and thus story drifts) transmitted into the 
upper stories. In the case of the NEES-Soft test specimen 
described in section 5 of this paper (representative of a 
typical three-story wood-framed building in Northern 
California), the optimization has been performed via a series 
of incremental dynamic analyses (for details, see Tian and 
Symans (2012)). The energy dissipation system consists of 
fluid viscous dampers (FVDs) located within a scissor-jack 
framing system (similar to the toggle-braced framing system 
investigated by Shinde and Symans (2010) for application to 
wood-framed shear walls).  Such framing systems provide 
a magnification of damper displacement to increase the 
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effective damping applied to the structure.  
    For the NEES-Soft test specimen, two damper layouts 
(plan-wise distributions) were considered (see Fig. 2 where 
Layout 1 has a relatively uniform distribution of FVDs 
around the perimeter of the first story and Layout 2 has 
FVDs located only along the flexible edges). The 
scissor-jack bracing system is assumed to provide an 
amplified damping coefficient for each damper of 175.2 
kN-s/m (1.0 kip-sec/in) (based on prior testing by Shinde 
and Symans (2010)). For both cases, the structural responses 
of interest are the maximum inter-story drift ratio of the soft 
south wall line with respect to a range of earthquake scaling 
factors ( 0 - 1.5λ= ) with ground motions being from the 
1994 Northridge earthquake (near-field Newhall County 
Fire station (NCF90) record and far-field Canoga Park 
station (CP106) records) and applied along the X-direction 
(East-West direction). 

 
 
 
 
 

 
 
 
 
 
 
 
 
 
 

 
 
 
 

 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 

Figure 2  Plan views of ground story and possible damper 
layouts for NEES-Soft test specimen 
 
 
As shown in Figures 3 and 4, the IDA analysis reveals that: 
(1) For both ground motions and both damper layouts, 
supplemental damping is highly effective in reducing the 

peak deformation of the soft wall line, (2) In the case of the 
strong motion (NCF90 record), supplemental damping 
reduces the peak inter-story drift ratio to approximately 1% 
for 1.0λ = , indicating that the structure has experienced 
minor or no structural damage for 100% of the ground 
motion, (3) In the case of the weaker ground motion (CP106 
record), the retrofitted structure remains nearly elastic up to 

1.5λ = , with peak inter-story drift ratio less than about 
0.7% for both damper layouts, and (4) Adding damping in 
the first story may increase drift in the upper stories and thus 
induce some damage (the drift ratio of second story in 
particular increases sharply for the NCF90 record, although 
large drifts associated with damage are for scaling factors 
that exceed unity and thus represent very strong motions). 
Note that the increased upper story drifts can potentially be 
controlled through strategic placement of the damping 
devices (e.g., damper layout 1 works somewhat better than 
layout 2 and therefore a more uniform distribution of 
damping (layout 1) may be more effective in reducing peak 
edge deformations while also minimizing the potential for 
damaging the upper stories). 

 
 

 
 
Figure 3 South wall line deformations for NCF90 record in 
X-direction for damper layout 1 (upper) and layout 2 (lower) 
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Figure 4 South wall line deformations for CP106 record in 
X-direction for damper layout 1 (upper) and layout 2 (lower) 
 
 
 
4. THREE-DIMENSIONAL COLLAPSE MODEL 
DEVELOPMENT FOR LIGHT-FRAME WOOD 
BUILDINGS (TASK 2) 
 
    As part of the NEES-soft project, a new three 
dimensional (3D) model for nonlinear dynamic analysis of 
light-frame wood buildings under large deformations is 
currently under development. In the new 3D model, the floor 
and roof diaphragms are modeled using a 3D two-node 
twelve degree of freedom (DOF) co-rotational frame 
element. In the co-rotational formulation, the orientation of 
the frame elements is updated in each modeling time step. 
The use of the co-rotational formulation and 3D frame 
elements allows the numerical model to accurately capture 
the in-plane and out-of-plane motions of the diaphragms 
under large rotations. Two-node six DOFs (three translation 
and three rotation) link elements which represent the shear 
walls and wall studs are used to connect the diaphragms in 
3D space. To reduce the computational demands of 
nonlinear dynamic analysis, a nodal condensation technique 

which utilizes the shape functions of the 3D frame elements 
to eliminate the DOFs of the link elements from the dynamic 
analysis, is employed In other words, the size of the building 
stiffness matrix for dynamic analysis does not increase as 
more link elements (shear walls) are added to the structural 
model.  

An example application of the proposed 3D model for 
modeling a three-story building with a soft first story is 
presented next. Figure 5(a) shows a 3D view of the model 
which was developed to represent the three-story NEES-soft 
hybrid test structure (which is discussed in more detail later 
in the paper). A portion of the 3D model is depicted in 
Figure 5(b). The two frame elements represent the 
boundaries of the floor diaphragms above and below a shear 
wall which is modeled using a 6-DOF link element.  The 
link element is used to connect one frame to another and 
hence it is herein referred to as the frame-to-frame (F2F) 
element. The stiffness matrix of the F2F element, is a 6x6 
diagonal matrix [KF2F] = diag(Kx,Ky,Kz,Kα,Kβ,KΘ). The shear 
wall stiffness, ky, is modeled using the Modified Stewart 
Hysteretic Model (Folz and Filiatrault 2001) while the uplift 
and bearing compression are characterized by the kz term 
using a bilinear spring. In conventional finite element (FE) 
models, two nodes must be defined for each link element. 
For the example configuration shown in Figure 5(b), a total 
of eight nodes, each with 6 DOFs, are required using the 
conventional FE formulation resulting in a model with 48 
DOFs. In the new 3D model, shape functions of the frame 
elements are utilized to eliminate the DOFs of the link 
elements. Note that the DOFs of the connection points of the 
F2F elements on the frames, labeled as slave nodes in Figure 
5(b), are internal DOFs. The global DOFs or the size of the 
stiffness matrix is a function of the total number of frame 
elements and not the number of F2F link elements (i.e., 
shear walls). Using the nodal condensation technique, the 
total DOFs of the configuration shown in Figure 5(b) is 
reduced to half (i.e., 24 DOFs) of that required by 
conventional FE models, thus achieving a high level of 
computation efficiency. This condensation technique has 
been successfully implemented in a wall-level model and 
used to analyze the collapse mechanism of shear walls (Pang 
and Shirazi 2012). The same nodal condensation technique 
employed in the 2D shear wall model is also employed in 
this 3D building model. More details on the derivation of the 
shape functions (interpolation matrix) and nodal 
condensation technique for a 2D shear wall model is 
provided by Pang and Shirazi (2012). 
 
5. HYBRID TESTING OF SOFT-STORY 
WOODFRAME BUILDING (TASK 1) 
 
5.1 Test Building Design 
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    The project called for a test structure that would be 
able to be representative of a variety of three to four-story 
wood-frame buildings built in the greater San Francisco, 
California, area during the early and mid 20th century, 
presently classified as soft/weak story structures.  The 
specification and design of the test structure presented a 
number of unique challenges related to differences between 
the time period of interest and current construction practices, 
architectural layouts and architectural finishes.  A number 
of site visits to examine existing buildings under retrofit 
construction and the review of the retrofit drawings were 
undertaken to assist in developing the test structure. The 
visual observations confirmed a number of known 
deficiencies associated with early 20th century construction 
practices. For example, there was no steel hardware used in 
any of the connections; tapered square nails were commonly 
used; diagonal block bracing was often used as part of the 
lateral load resisting system; and there was often a lack of 
connections between the walls and foundation. The 
architectural layouts featured relatively open ground floors 
intended for use as either tenant parking or leasable 
commercial office space, while upper levels were intended 
for residential use and had a large number of interior walls. 
The architectural finishes for exterior walls included stucco, 
plaster on wood lath and wood siding. The interior wall 
finishes were mostly either plaster on wood lath, plaster on 
gypsum board, or, where some remodeling may  

Figure 5   (a) 3D model view and (b) 6-DOF link element  
 

 
(a) 

(b) 
 

 
(c) 

 
Figure 6 (a) Building being retrofitted in California; (b) 
framing for NEES-Soft test building; (c) close-up view of  
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have occurred, gypsum wall board.  The exterior property 
line walls were primarily wood siding to accommodate 
constructability requirements (the exterior architectural 
finish had to be installed prior to wall placement, since no 
exterior access would be available). The floor and roof were 
typically covered with straight wood sheathing and in some 
cases additional wood flooring, thus forming diaphragms of 
undefined properties. Based on the site visits, and 
considering the constraints imposed by available space in the 
laboratory, the test structure is specified as a three-story 
building with a 6 m x 7 m (20 ft x 24 ft) footprint and 2.44 m  
(8 ft) typical wall height. 
    Figure 6a shows a typical building being retrofitted in 
Northern California.  Figure 6b shows a solid model of the 
NEES-Soft test structure framing and Figure 6c shows a 
close-up view of a typical existing wall and floor framing in 
which a lack of metal hardware is evident.   
 
5.2 Hybrid Test Planning 
    Hybrid testing, combining physical experimentation 
and numerical simulation, is well-suited for seismic 
performance evaluation of large-scale models. The 
objectives of the NEES-Soft hybrid testing are 1) to provide 
experimental validation of the ATC 71.1 retrofit 
methodology discussed earlier; 2) to experimentally 
investigate the behavior of a soft-story woodframe building 
with an array of retrofit techniques and; 3) to investigate 
performance-based seismic retrofits for improved 
performance of soft-story woodframe buildings. Focus is 
placed on developing an increased understanding of the 
effects of first story (soft-story) retrofits on the upper stories. 
The hybrid testing (i.e., slow rated pseudodynamic testing) 
will be conducted on the three-story full-scale woodframe 
building that was described previously.  The tests will be 
conducted at the NEES facility at the University at Buffalo 
(UB) and will be performed in two phases.  

During the first test phase, the existing first story with 
retrofits will be considered as the numerical substructure and 
the upper two-stories will be the physical substructure (see 
Figure 7).  To enable the first-story to behave as a 
numerical substructure, the first story will be replaced with a 
multi-column steel support frame as shown in Figure 8.  
Interactions between these two substructures will be 
simulated and applied through six actuators; two at each 
floor level to accommodate torsion. 

During the second test phase, the most promising 
retrofits identified from the first phase will be fully 
constructed and tested. In both phases, six actuators (two at 
each floor level) will be used to apply the simulated 
translational displacement and rotational responses at the 
floor level with restoring forces measured and fed back to 
the numerical model to calculate the command signals for 
the next step. For seamless integration of the numerical and 
physical domains, both numerical simulation and physical 
testing compensation will be implemented via UB’s real 
time hybrid simulation controller (Shao et al. 2011).  Table 
1 shows the retrofits that will be tested in Phase 1 including 
indicating whether the ATC 71.1 verification or a 

performance-based retrofit is being verified.   Table 2 
presents the retrofits anticipated to be tested in Phase 2. 
 
 
Table 1 Retrofits to be investigated in Phase 1 
 
Retrofit Type Target Verification 
Steel Special Moment 
Frame (SSMF) or 
Inverted Moment Frame 
(IMF) 

 
ATC 71.1 

Wood Shear Walls 
SSMF/IMF and Wood 
Shear Walls 

 
Performance-Based Seismic 
Retrofit Cross Laminated Timber 

(CLT) 
Dampers 
 
 
Table 2 Retrofits likely to be investigated in Phase 2 
 
Retrofit Type Target Verification 
Steel Special Moment 
Frame (SSMF) or 
Inverted Moment Frame 
(IMF) 

 
ATC 71.1 

SSMF/IMF and Wood 
Shear Walls 

Performance-Based Seismic 
Retrofit 

Knee-brace Other (only a limited numerical 
prediction being performed) 

 
6. EDUCATION AND OUTREACH (TASK 10) 
    The soft-story concept presents a valuable educational 
opportunity for undergraduate civil engineering students to 
develop an understanding of engineering design concepts 
such as demand-capacity relationships for structural 
elements and systems, and the relationship between design, 
structural modeling, construction detailing and actual 
behavior. The NEES- Soft Education, Outreach, and 
Training (EOT) involves the development of 30-minute long 
online educational modules consisting of PowerPoint 
presentations with detailed notes for each slide and a 
voiceover audio recording. The modules will be available 
through NEEShub under the NEES-Soft project and linked 
to the Learning and Outreach portion of the site. The 
modules under development include: 
NS 10 – Classification, typical construction and behavior 
of soft story wood frame buildings: This module will focus 
on the definition and classification of soft-story buildings, 
descriptiosn of common construction methods and detailing, 
and behavior of various components under seismic loading. 
The module will also highlight the technical and public 
policy concerns related to soft-story buildings. It will set the 
stage for the follow-up modules addressing technical 
concerns such as performance criteria, design methodologies 
and retrofit options. 
NS 20 – Understanding of design options for retrofit of 
weak/soft story buildings: (Using the NEES-Soft test 
structure) –This module will focus on specific design 
approaches available for retrofitting soft-story buildings and 
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will describe their advantages and disadvantages. 
NS 30 - Design example of weak/soft story retrofit using 
ATC 71.1 (Using the NEES-Soft test structure): This 
module will focus on the design methodology proposed by 
ATC 71.1 and will correlate the analytical results with the 
test structure performance. 
NS 40 - Design example of weak/soft story retrofit using 
direct displacement design methodology: This module will 
focus on applying the performance-based seismic retrofit 
procedure currently being developed within the NEES-Soft 
project. 
 
7. SUMMARY AND NEXT STEPS 
 
The NEES-Soft project, currently in its second year, is a 
multi-university project that is providing technical support 
and developing new approaches to reduce the seismic risk 
associated with soft-story woodframe buildings in the 
United States.  This is being accomplished through a 
combination of numerical and laboratory-based tasks.  A 
3-D nonlinear collapse model has been developed, outreach 
modules are in progress to instruct practicing engineers and 
students on retrofit approaches, and experimental validation 
of existing and new retrofit procedures are beginning.  
Final validation of the design methodologies will occur 
toward the end of the project when two three-story full-scale 
buildings are tested at the NEES facility at UCSD. 
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Figure 7 Conceptual sketch of first phase hybrid testing at 
the NEES@UB site 

 
 

Figure 8 Conceptual sketch of first phase hybrid test 
structure 
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Abstract:  This paper presents an experimental study into the dynamic response of structures that are permitted to uplift 
and rocking motion (RM) when subjected to strong ground excitations. Previous studies have demonstrated that rocking 
motion can mitigate level of structural damage. The purpose of this paper is to demonstrate the effectiveness of two 
passive control rocking systems for Japanese wood houses, each of these systems use natural rubber with hardening effect 
or steel joint damper, both of which are designed to install at the column base providing degrees of uplift freedom when 
buildings are subjected to seismic motion. Effectiveness of each system was determined by series of shaking table tests 
consisting of full-size one-story and two-story wood simple frame specimens. The seismic behavior and energy 
dissipation of each rocking system’s superstructure are evaluated and compared to that of conventional fixed column base. 
Test results indicate with correct arrangement of the rocking system, the system performed well under different excitation 
levels and the base shears were found to be smaller than those of conventional ones. 

 
 
1.  INTRODUCTION 

 

Currently, Japanese wood houses are built to avoid 

rocking motion (RM) by restraining from column uplift with 

the use of anchor bolts and column fasteners. However, with 

this design relying on inelastic deformations in structural 

members, buildings may be left with extensive damage after 

strong earthquake making the building uneconomical to 

repair. During the 1995 Kobe earthquakes, evidence of uplift 

has been observed where buildings permit uplifting of 

foundation were shown to have suffered smaller amount of 

structural damage (Hayashi 1996). The main philosophy 

behind RM is that a portion of earthquake input energy is 

substituted by the gravitational potential energy and kinetic 

energy associated with the vertical uplift movement hence 

the strain energy of the superstructure is reduced and by this 

energy dissipation, the approach when applied correctly can 

effectively enhance the seismic resistance of the structure. 

Inspired by this evidence, many engineers began to take a 

deeper interest into the rocking motion mechanism and have 

proposed several new construction techniques.  

A notable example of rocking solution for seismic 

protection is the use of uplift yielding mechanism at the steel 

base plates (Midorikawa et al.2003) which when take place 

would allow the building structure to permit column base 

uplift. In addition, the use of controlled rocking wooden 

walls composed of rigid braced frames, vertical post- 

tensioning strands and replaceable dampers (Kishiki and 

Wada 2010), has also been proposed and tested. However, 

the dynamic behavior of RM in wooden structure has not 

been fully explored and it is believed there are still areas 

have yet to be achieved. The authors in this paper present 

two similar rocking solutions using either natural rubber or 

steel damper. Both systems are replaceable and designed to 

easily implement into conventional wooden walls which can 

be applied into new buildings or as seismic retrofit 

permitting column uplift to occur under seismic motions. 

This paper summaries the shaking table tests and determines 

the seismic performance of both rocking systems to those of 

conventional fixed-column base specimens. The testing 

consisted multiple configurations and different arrangements 

of the systems were examined with one-story and two-story 

wood frame specimens shown in Figure.1. 

Firgure 1  Test Specimens 
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2.  EXPERIMENTAL CONFIGURATION 

 

2.1  Specimen 

The floor dimensions of both test specimens were 

2.73m×2.73m. The total height of the structure is 2.73m for 

one-story specimen and 5.6m (2.8m each story) for 

two-story specimen. Two shear wall arrangements both of 

which has a maximum base-shear capacity of around 32kN 

(Co=0.8) where one-story specimens were conducted with 

plan A illustrated in figure 2 and two-story specimens were 

conducted with both plan A and B. In order to give a more 

comparable test results from both specimens, the total 

seismic load of both specimens were designed to be around 

42kN.  

 

2.2  Details of Fastners and Rocking Systems 

Conventional Japanese Z mark hold down fastner and 

corner plate along with the proposed natural rubber and steel 

damper rocking system are shown in figure 3. Test 

parameters for one-story and two-story specimens are listed 

in table1. The steel damper system dissipates energy by RM 

and yielding on the butterfly fuse within the diamond-shaped 

core. Alternatively, a controlled rocking approach by 

inserting natural rubber into the hold down fastner simply 

allows column uplift to take place assuring the increase in 

potential energy to act as an energy dissipating source. 

Axial-deformation characteristic obtained from tensile 

static tests of natural rubber and steel damper are also shown 

in figure 4. Results of natural rubber are from 3 pieces of 

rubber piling up together which gives hardening 

phenomenon at compression load of around 4kN and 

increases up to 13kN with maximum deformation of 10mm. 

Alternatively, steel damper is designed with 2 stages of uplift 

movement with a allowable tension strength of 5kN and a 

maximum cyclic load of approximately 10kN/10mm at the 

1
st
 stage in respect to DBE level earthquakes and under very 

severe earthquakes such as MCE level, the core fractures as 

a fail safe measure and gives a further 30mm of free RM 

uplift movement in the 2
nd

 stage. In addition, a different type 

of steel damper with allowable tension strength of 15kN was 

also tested in two-story plan B specimen, and a total number 

of 10 pieces of natural rubber was employed to permit a 

larger uplift and also to achieve larger hardening effect at the 

column bases. Also, free RM test with no fasteners was 

conducted with one-story specimen, however due to safety 

concerns the same test was not carried out on two-story 

specimen. 

 

2.3  Instrumentation  

Details of global structure’s instrumentation include 

shaking table and each story’s horizontal accelerations, 

vertical absolute accelerations in the corner posts. Measuring 

of elemental responses are shown in figure 5 which include 

relative displacements of the specimen, vertical 

displacement and rotation of each column and compression 

loads cells were used to measure corner column’s uplift 

force. Inertial force was measured by the load cells 

underneath the H beam steels. 
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Figure 2  Elevation and Shear Wall Layout 
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Table 1  Specimen Parameters 

1 story 2 story 
Fastner 

Py 

[kN] Test Plan Test Plan 

Hold Down 15.6 ○ A ○ A 

Corner Plate 6.2 ○ A ○ A 

Rubber － ○ A ○ A 

S.Damper_A 5 ○ A ○ A 

S.Damper_B 15 － － ○ B 

Noun －  ○ － － － 

Py: Allowable tensile strength S.Damper: Steel Damper 

Natural Rubber
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Figure 5 Elemental Instrumentation 
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2.4  Ground Motions 

Uni-directional shakings with varying degrees of 

intensity was subjected to each specimen from BSL50%→
BSL100% (DBE), follow by JMA Kobe NS70% and 

100%(MCE). BSL is an artificial seismic motion with 

acceleration spectrum made to match terrain category II set 

by Japanese building standard law. In addition, NS 

component of JMA Kobe measured at Kobe Marine 

Observatory in 1995 was used and scaled in 70% and 100%. 

Kobe70% is considered to cause a safety limit shear 

deformation 90mm (1/30rad) while 100% is regard as a very 

severe earthquake likely to cause the specimen to collapse. 

Table 2 and figure 6 indicate the input seismic motions for 

each specimen and the seismic motion’s Sa-Sd curves. 

 

 

3.  TESTS RESULTS 

 

3.1  Natural Frequency 

Results shown in figure 7 obtained from step wave 

excitation suggest a difference of 1Hz in the initial frequency 

on both specimens, but initial stiffness within the specimens 

was consistent. However, strong frequency shift is observed 

with the hold down specimen follow by rubber and steel 

damper specimen. In addition, specimen with free RM had 

the least frequency shift after Kobe70% excitation, but was 

very heavily damaged after Kobe100% excitation and step 

wave excitation was unable to be performed. In contrast, the 

frequency shift of two-story specimens were smaller but 

showed the same trend as one-story specimen. 

 

3.2  Damage Inspection 

All specimens performed well after BSL100% 

excitation with no visible structural damage and only minor 

nail uplifts at the corners of the plywood were observed after 

Kobe70% excitation. However, figure 8 top illustrates the 

damage condition of one-story specimen with free RM after 

Kobe100% excitation. The specimen suffered severe 

damage with tenon joints been torn out of ground sill as 

uplift occurred which caused secondary damage to the upper 

floor beam being lifted out of the dovetail joints. Damage to 

the two-story specimens after kobe70% excitation included 

fracture in the steel core of S.Damper_A specimen and 

corner plate specimen’s tenon was lifted off the sill after the 

corner plates fractured in the excitation. The tenon then 

cracked as it dropped back into the mortise resulting an over 

whole slight inclination to the post. 

 

3.3  Rocking Specimen’s Base Shear 

Table 3 shows the maximum and minimum base shear 

of two story specimens obtained from Kobe70% excitation 

and the numbers below indicate the percentage decrease of 

base shear to those of hold down specimen. Notice both 

systems have smaller base shear and the steel damper_A 

specimen performed mostly well with a 21% reduction in 

the base shear. 

 

 

Table 2  Input Seismic Motions 

Seismic Motion Intensity[%] 1 story 2 story 
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Figure 7  Natural Frequency Shift  

  

  

Figure 8  Damage Condition 

 

Table 3 Maximum Base Shear of two-story specimen 

obtained from Kobe70% excitation 

Base Shear  H.D C.P Rubber S.D_A S.D_B 

Max [kN] 42.4  36.5 38.9  33.5 38.38 

-% －  -17% -8% -21% -9% 

Tenon torn out 

Beam uplifted 

Steel core  

fracture 

Tenon fracture 
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3.4  Global Hysteresis 

The global hysteresis loops at the first story of 

two-story specimens are presented in figure 9. Looking at 

the hysteresis one can see that all the specimens display 

elastic behavior under BSL50% excitation. At the next 

scaled BSL100% excitation, uplift motion occurred at the 

column base in natural rubber and steel damper 

specimens which contributed a larger story drift, but base 

shear of these specimens were effectively reduced. 

Moreover, the natural rubber specimen hysteresis 

indicates a clear secondary stiffness due to be the bending 

moment resistance of the beams acting against the 

column uplifts. Under Kobe70% excitation with the base 

shear exceeding the design capacity of 32kN; all 

specimens exhibited strong slip and pinching behavior in 

the hysteresis particularly with the hold down and natural 

rubber specimens. In addition, corner plate specimen 

exhibited RM when the plates fractured and this caused a 

large story drift particularly upon the load reversal. 

Although all rocking specimen’s base shears were smaller 

than the hold down specimen, but with larger uplifts, 

story drift were largely increased in particular with the 

natural rubber specimen performing as large as 135mm 

which was twice the story drift of the conventional 

specimen. On the other hand, the response of steel 

damper plan A and B specimen performed completely 

different to each other. Plan A indicates a significant 

decrease in both base shear and story drift suggesting this 

type of arrangement sufficiently reduces the strain energy 

of the superstructure. However, plan B underwent a larger 

RM resulted with large story drift. In addition, the 

hysteresis of natural rubber displayed a negative stiffness 

at around 70mm of story drift, and this confirms with the 

force-displacement relationship of the rocking motion of 

a free-standing block. However, shortly after the initiation 

of uplift, column base rose to its maximum allowable 

displacement and was interfered by the failsafe uplift 

limiter which can be seen in the loop with a clear 

secondary increase in the base shear.
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3.5  Time Histories of Uplift Force and Displacement 

Figure 10 shows the time history of two-story 

specimen’s uplift subjected to Kobe70% excitation. The 

natural rubber specimen exerted an uplift of 53.5mm and 

steel damper specimen with 19.1mm. This in effect 

reduced the uplift force shown in figure 11. The steel 

damper with the uplift force slightly exceeding its design 

capacity, but demonstrated large reduction in the uplift 

force to hold down specimen. Reason for this is explained 

in figure 12, where hold down specimen’s column is tied 

down by the fastener and when shear deformation occurs, 

a portion of overturning moment Mp is produced by the 

post due to the restrain from the fastner which in total 

contributes a larger overturning moment when combining 

with the overturning moment by the shear wall and this 

results an increase of column base’s uplift force. On the 

other hand, the rocking systems minimize the 

contribution of Mp, thus reducing the fastener’s tensile 

axial force. 

 

3.6  Hysteresis of Rocking Systems 

Figure 13 illustrates the effect of different rocking 

systems examined by comparing the response of steel 

damper_A and rubber specimen. Under BSL100% 

excitation, rubber system showed a linear elastic behavior 

while steel damper system resisted shear force through 

flexural action with a fat hysteresis loop, and a slight 

hardening was observed due to material strain hardening. 

The experimental yield strength was found to be 

approximately 80% of the design capacity. Under 

Kobe70% excitation, a significant hardening in the rubber 

was observed with maximum uplift ratio of around 2%. 

On the other hand, the hysteresis loops of steel damper 

indicate a large elongation up to 15.5mm with maximum 

load of 13kN which was 30% larger than the design 

capacity. After that, the steel core fractured caused a 

significant loss in the load carrying capacity of the system, 

and exhibited a maximum uplift ratio of 0.7%. Both 

systems’ hysteresis demonstrates different approach of 

energy dissipation under DBE and MCE level seismic 

motions. However, performance of the steel damper 

suggests more energy is dissipated under both excitations 

than that of rubber system. 

 

3.7  Shear and Rocking Deformation Ratio 

The overall story drift is composed of shear 

deformation and rocking deformation of shear walls 

illustrated in figure 14. Figure 15 shows the ratio results 

of both deformation obtained by the maximum story drift 

of two-story specimen. Results from BSL100% and 

Kobe70% excitation indicate natural rubber exerted the 

largest story drift followed by steel damper plan B, steel 

damper plan A showed the least shear and overall 

deformation. In addition, the large story drift in C.P 

specimen after Kobe70% excitation was due to the 

fracture of corner plates caused a larger RM resulting a 

maximum story drift similar to that of rubber specimen. 
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Figure 10  Time Histories of Corner Post Uplift 
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Figure 11  Time Histories of Corner Post Uplift Force 
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Figure 13  Rocking System Hysteresis  
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3.8  Energy Response of Rocking Systems 

 

Previous studies have suggested RM reduces the 

superstructure’s strain energy. With the results obtained 

from the experiments, energy dissipation performance is 

evaluated for both rocking systems as well as the 

maximum momentary energy input, which measures the 

momentary damage applied to the superstructure during 

the excitation. The energy balance equation for two story 

specimens is given as Eq.(1) below: 

 
 

 (1) 

 

Symbols used in the equation are as follows; [M]: 

Point mass matrix, y: Relative displacement of point 

masses (story drift),  :Ground acceleration, [C]: 

Damping matrix, [K]: Stiffness matrix. However, Eq.(1) 

can also be expressed as follows with We: Kinetic energy, 

Wh: Damping energy of the superstructure, Wp: Strain 

energy of the superstructure, E: Total input energy to the 

system. 

 

(2) 

 

Strain energy of the superstructure Wp is defined by 

the area of global hysteresis loops which is derived from 

multiplying the acceleration acquired off the specimen 

against the point mass of the superstructure and the story 

drift. However, the recorded acceleration was influenced 

by superstructure’s damping and restoring force upon 

RM and therefore apart from the strain energy of the 

system, the hysteresis loop Wp also contains the damping 

energy of the superstructure Wh and energy dissipated by 

the rocking system Wr. Hence, equations for Wp and Wr 

are given in Eq. (3) and (4). 

 

 

 

 

 

Where Q(yi) is the story shear and    is the 

horizontal uplift velocity. In addition, the momentary 

energy input ∆E is the increase in the amount of energy 

exerted to the system within a unit time ∆t (time takes to 

complete half a cycle of the hysteresis loop). Table 4 

indicates the momentary energy of each specimen and the 

time histories of energy response of both rocking systems 

are compared to conventional hold down specimen in 

figure 16. 

Table 4  Summary of Momentary Energy Input  

Energy(kNm) H.D Rubber S.D_A 

∆E 1.75 3.06 1.52 

∆Wp 1.46 2.99 1.39 

∆Wr  － 0.33 0.68 

E 6.52  8.15  6.32  
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Figure 16 Time History of Energy Response 

 

Figures in table 4 indicates the total input energy of 

rubber specimen was increased due to large uplift motion 

and the increase in shear deformation was also confirmed 

in chapter 3.7, thus the momentary strain energy exerted 

to the superstructure was larger than that of hold down 

specimen. However, with the replaceable energy 

dissipating damper, S.D_A specimen’s  momentary 

energy ∆E was greatly reduced, effectively limiting the 

force imposed to the rest of the structure. 

 

4.  SUMMARY AND CONCLUSIONS 

 

A series of shaking table tests on one-story and 

two-story constructed under Japanese wood frame were 

tested with column base composed of natural rubber 

inbuilt fastners and replaceable steel dampers that exhibit 

RM under earthquake motions. The tests results of the 

study are summarized as follows: 

 

(1) The rocking systems performed differently according 

to the excitation level. Both rocking systems showed 

significant small shear deformations to those of 

conventional hold down fastners suggesting decrease in 

the damage to the shear walls. However, the natural 

rubber system performed well up to BSL100% excitation, 

but exerted an extreme large story drift in Kobe70% 

excitation. 

 

(2) With correct arrangement like the steel dampers plan 

A, the system performed well under all excitations and 

the base shear and story drift were found to be smaller 

than the conventional hold down specimen.  
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(3) Test results from one-story specimen suggested during 

server earthquake motions, RM by itself does not help in 

minimizing structural damage. A controlled rocking 

approach is needed for RM to be effectively achieved. 

 

(4) By permitting larger uplift motion, more energy is 

being converted into potential energy. However, the 

increase in potential energy is assumed insignificant 

comparing to the increase in total input energy arise to the 

system. Additional viscous damping approach like the 

steel damper is required to achieve larger energy 

dissipation in rocking system. 
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Abstract:  This paper proposes an accurate, member-by-member analytical model for timber structures having energy 
dissipation walls and/or plywood shear walls.  Various member joints are modeled by using nonlinear spring elements 
whose properties derived from numerous test results, and model’s schemes are described in detail.  The analyses were 
found to reproduce both local and global responses obtained from cyclic loading tests and shaking table tests of a variety 
of one-story mult-span timber frames.  Moreover, difference between single wall and linked walls and difference of 
seismic response by variation of damper are discussed. 

 
 
1.  INTRODUCTION 
 

It is said that approximately 10 million wooden houses 
are insufficient for earthquake resistant in Japan, and those 
houses need to be reinforced immediately.  Moreover, to 
design new wooden houses to be resistant to earthquakes, it 
is important to investigate rational methods applying the 
passive control scheme to wooden houses.  In order to 
mitigate the earthquake response and damage of wooden 
houses, an energy dissipation wall was developed (Kasai and 
Sakata et al. 2005, Appendix 1) and a lot of experimental 
studies using the wall were carried out, such as dynamic 
cyclic loading tests of the energy dissipation walls (Matsuda 
et al. 2008), shaking table tests of 1-story and 2-story 
wooden frames (Sakata et al. 2007 and Matsuda et al. 2007), 
and so on. 

However, analytical studies need to be carried out to 
develop more effective energy dissipation wall and to 
propose the design method.  In particular, a framed analysis 
is effective to study their local behavior.  Therefore the 
objective of this study is to propose an accurate, 
member-by-member analytical model for timber structures 
having energy dissipation walls and/or plywood shear walls.   

Accurate, framed analytical models for the wooden 
energy dissipation wall with damper and plywood shear wall 
were proposed (Matsuda et al. 2011).  In this study, the 
frame model will be expanded to be able to apply to 2-story 
timber structure.  Also the accuracy of the analytical 
framed model will be confirmed by the comparison between 
the analytical results and shake table test of 2-story timber 
structure.  In addition, the energy absorption performance 
of damper by the wall configuration will be discussed. 

2.  ANALYTICAL FRAME MODEL OF 2-STORY 
TIMBER STRUCTURE 
 

2.1  Frame Models of Energy Dissipation Wall and 
Plywood Shear Wall 

Accurate, framed analytical models for the wooden 
energy dissipation wall with damper and plywood shear wall 
were proposed (Matsuda et al. 2011).  The framed 
analytical was constructed by using many kinds of nonlinear 
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springs whose properties are derived from the test results of 
the joint (see Fig. 1 and Tab. 1).  The joint spring between 
column and horizontal member consists of three types of 
spring, axial, rotational and shear spring.  The frame 
models were able to duplicate not only global behavior but 
also local behavior with a high degree of accuracy in many 
tests of 1-story structure.  A seismic response analysis 
software, PC-ANSR, was used. 

The method to create the detailed frame model is able 
to apply to 2-story timber frame basically.  Differences 
from 1-story are, elongating the holddown bolt length of 2nd 
floor wall and obtaining reaction force of the holddown bolt 
from 1st floor column (see Fig. 2).  Because each members 
are modeled individually, the modification points are 
minimalized. 

 
2.2  Hysteresis Rule of Bolt Between 1st and 2nd Floor 

The restoring force characteristic of the bolt includes 
two effects, axial deformation of bolt and deformation of 
metal.  In the case of energy dissipation wall, only the axial 
deformation of bolt was changed since the deformation of 
metal was exceedingly small.  When the bolt behaves in 
elastic, the axial stiffness of the bolt is estimated by axial 
stiffness which is calculated by tightening length LB, cross 

section area AB and Young’s modulus EB (Matsuda et al. 
2011).  Additionally, in this study, axial force of bolt 
was smaller than 55kN. 

The behavior of the holddown metal which is 
applied to the plywood shear wall (Tab. 1, HD), is 
affected to a large degree by deformation of metal (see 
Fig. 4).  In the case of 2nd floor HD metal, same HD 
metal is used for reaction force.  Therefore the model of 
the bolt is estimated as that flexibility for 1st floor is 
doubled.  In the result, the models of the bolt of 2nd 
floor are estimated as Fig 3. 

 
 

3.  COMPARISON BETWEEN TEST AND ANARYSIS 
 

3.1  Outline of 2-Story Frame Model 
In order to confirm the accuracy of the 2-story frame 

model, the comparison of shake table test (Sakata et al. 
2008) and seismic response analysis will be discussed.  Fig. 
5 indicates the test specimen.  Only center plane of the 
specimen is substituted to frame model since four-cornered 
columns hardly have horizontal force.  The letters of the 
model name indicate the kind of structural element, W 
means wood panel, V means viscoelastic damper, F means 
friction damper, - means no wall and / means border of 
between 1st and 2nd floor.  

Fig. 6 illustrates the examples of frame model.  There 
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are 1.713ton masses on 2nd floor beam and 1.917ton masses 
on 1st floor beam.  The mass ratio of the 2nd floor to the 
1st floor is 0.9, assuming the heavy roof and house where 
the area of the 1st floor is equal to that of the 2nd floor.  
Stiffness proportional damping 0.5% is used.  Acceleration 
record which was measured on the specimen’s sill during 
shake table test is used for the analysis and the record have 
been adjusted to JMA-Kobe 0.6g.  But for -VW-/VW-VW 
and -FW-/FW-FW JMA-Kobe 0.83g is used since their 
strength and stiffness are higher than the other specimens.  
Time step ∆t is 0.001 sec and total analysis time is 10 sec 
(10,000step).  

 
3.2  Comparison of Test and Analysis obal Behavior 

Fig. 7 shows the comparison of test result and analytical 
result in both global and damper behavior.  As for 
-1.6W-/W-W, although the maximum displacement 
corresponds each other, there is large error in the positive 
side.  The reason is that the effect of large deformation of 
the negative side on positive side is not considered in this 
analysis.  In the case of specimens which have energy 
dissipation wall in each floor, the test results and analysis 
results correspond each other with high accuracy.  On the 
other hand, as for -1.2W-/W-W, -1.6W-/V-V and -1.6W-/F-F, 
there were error of stiffness and strength in floor which has 
plywood shear wall.  Therefore Fig.7 indicates the result 
increased or decreased the nail quantity by 20% since there 
might be some scatter caused by material and construction.  
By adjusting the nail quantity, the analysis result is able to 
duplicate the test result including residual deformation of 
friction damper.  

 
3.3  Comparison of Test and Analysis of Local Behavior 

Fig. 8 shows the comparison of test result and analytical 
result of local behavior.  The rotational angle of local 
behavior shown in upper stage of Fig. 8 is duplicated with 
high accuracy since the rotation angle tends to follow story 
drift angle.  In the case of center capital of 1st floor, 

rotational resistance is strong since the joint has two metals 
(FC3x2 and holddown bolt) in both sides, therefore the 
rotational angle is smaller than the other joints.  The 
analysis result is able to duplicate this phenomenon. 

In the case of axial displacement shown in center stage 
of Fig. 8, the analytical displacement of capital part is 
smaller than the test result. Since the analysis is not able to 
duplicate axial displacement which the rotation provokes.  
However the other feature is similar between the analysis 
and the test. 

In the case of also axial force of bolt shown in lower 
stage of Fig. 8, the analytical result duplicates the test result 
nearly.  In particular, the analysis result is able to duplicate 
axial force of bolt caused by rotation.  As observed above, 
the frame model is able to duplicate the shake table test of 
2-story timber frame in terms of not only global behavior but 
also local behavior with a high degree of accuracy. 

 
 

4.  EFFECT OF LAYOUT OF WALLS 
 

4.1  Examination Object 
Although the check configuration of structural wall was 

adopted to the specimen for the shake table test, vertically 
continuous configuration of structural wall is often adopted 
to the real houses.  In addition, in the case of seismic 
retrofit or not continuous column vertically, the reaction 
force of the holddown bolt of 2nd floor is obtained from a 
just below beam.  Therefore the energy absorption 
performance of these cases will be estimated by using the 
detailed frame model.  In sequence, these model are called 
Specimen Model, Continuous Wall Model and Beam 
Reaction Model. 

 
4.2  Comparison of Global and Local Behavior 

As for the specimen which has viscoelastic damper, Fig. 
9 shows the relationship between story shear force Q and 
story drift ∆u in each model.  The stiffness of Continuous 
Wall Model decreases about 20% from Specimen Model in 
each floor and maximum deformation of 2nd floor increases 
about 50% from Specimen Model.  The stiffness of Beam 
Reaction Model decreases about 8% from Specimen Model 
in each floor and maximum deformation of 2nd floor 
increases about 25% from Specimen Model.  Axial force 
distribution of column and relative displacement of joint at 
peak strength of 1st floor are shown in Fig. 10.  When the 
1st floor reached a maximum strength, 2nd floor almost 
reached a maximum strength since the contribution of 1st 
deformation mode was extremely high.  

In the case of Fig10 (b) Continuous Wall Model, the 
axial force of 1st floor column increases because the axial 
force of 2nd floor column is transferred to just below 
column.  Therefore the method to select metal type has 
been established to consider the configuration of structural 
wall by Japanese building standard low.  Meanwhile, there 
is no rule to consider the configuration of energy dissipation 
wall.  A method to select specification of the joint 
considering the configuration of energy dissipation wall  

 
 
 
 
 
 
 

Fig. 6  Examples of Frame Model 
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Fig. 8  Comparison of Test and Analysis of Local Behavior (JMAKobe0.6g) 

(a) ‒V-/V-V (Energy Dissipation Wall) (b) ‒1.6W-/W-W (Plywood Shear Wall) 
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should be discussed. 
In the case of Fig10 (c) Beam Reaction Model, at the 

capital of leftside center column of 1st floor, axial tension 
force is increasing, and as a result, relative displacement is 
increasing at the point.  Because 2nd floor column and 1st 
floor beam are connected solidly, the beam is bending and 
the deformation is concentrated at the 1st floor capital which 
has weak connection relatively.  

 
4.3  Proportion of Local Deformation 

The deformed state and definition of symbol are 
illustrated in Fig. 11.  Rocking distortion angle of each 
floor θR1 and θR2 are calculated by Eq. (1) and (2).  
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Where, 1st parenthesis of Eq. (1) is contribution of 
bending deformation of groundsill, 2nd parenthesis of Eq. 
(1) is contribution of axial deformation of 1st floor column 

 
 
 
 
 
 
 

 
 
 
 
 
 
 

 
 
 
 
 
 
 

Fig. 10  Axial Force Distribution of Column and Relative Displacement of Joint at Peak Strength of 1st Floor 
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Fig. 11  Deformed State and Definition of Symbol 
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base, 1st parenthesis of Eq. (2) is contribution of axial 
deformation of 1st floor column, 2nd parenthesis of Eq. (2) 
is contribution of axial deformation of 1st floor capital, 3rd 
parenthesis of Eq. (2) is contribution of axial deformation of 
2nd floor column base. 

Assuming this energy dissipation wall is composed of 
series system of 3 springs, spring of rocking deformation, 
spring of damper deformation and the other spring, the 
contribution of each springs at peak story drift of 1st floor 
are listed in Tab. 2.  The contribution of rocking 
deformation is calculated by Eq. (1) and (2).  The 
contribution of damper deformation is obtained from ratio of 
3 times of damper deformation to story drift.  The other 
contribution is obtained from subtract the 2 contributions 
from 1.  

In the case of using viscoelastic damper, the 
contribution of damper deformation in 1st floor of Specimen 
Model is the highest.  As for 2nd floor of Specimen Model, 
the contribution of damper deformation is lower than 1st 
floor, however higher than the other model.  It is confirmed 
that the check configuration of energy dissipation wall is 
effective for energy absorption performance.  It is 
confirmed that controlling the rocking deformation is very 
significant for this energy dissipation wall since the 
contribution of the other deformation is almost equal and 
relatively small in all models.  In the case of using friction 
damper, contribution of damper deformation is higher than 
same model of using viscoelastic damper.  Since the 
damper force was low by the damper slipped and the other 
deformation.  

 
 

5.  CONCLUSION 
 
A detailed frame model of 1-story timber structure 

which is proposed by Matsuda .et al. (2011) is expanded to 
be able to apply to 2-story timber structure.  Major finding 
are: 
・ Differences from 1-story are, elongating the holddown 

bolt length of 2nd floor wall and obtaining reaction force 
of the holddown bolt from 1st floor column.  Because 
each members are modeled individually, the modification 

points are minimalized.  The frame model is able to 
duplicate the shake table test of 2-story timber frame 
(Sakata et al. 2008) in terms of not only global behavior 
but also local behavior with a high degree of accuracy.   

・ It is confirmed that the check configuration of energy 
dissipation wall is effective for energy absorption 
performance.  And it is confirmed that controlling the 
rocking deformation is very significant for this energy 
dissipation wall.  
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Bending Deform. of Groundsill 0.092 0.026 -0.010 0.118 0.033 0.090 0.096 0.036 -0.024 0.090 0.029 -0.009 0.060 0.012 -0.011 0.069 0.024 -0.017

Axial Deform. of 1st Floor Column Base 0.105 0.105 -0.041 0.238 0.153 0.182 0.139 0.166 -0.106 0.085 0.085 -0.030 0.136 0.066 0.141 0.090 0.091 -0.066

Axial Deform. of 1st Floor Column 0.050 0.074 0.006 0.031 0.039 0.011

Axial Deform. of 1st Floor Capital 0.137 0.069 0.364 0.081 0.020 0.221

Axial Deform. of 2nd Floor Column Base 0.136 0.103 0.166 0.083 0.040 0.126

Damper Deformation 0.630 0.603 0.553 0.497 0.561 0.363 0.612 0.549 0.453 0.695 0.659 0.745 0.797 0.859 0.677 0.803 0.757 0.658

Other 0.172 0.266 0.176 0.146 0.252 0.119 0.152 0.249 0.141 0.130 0.228 0.099 0.007 0.063 0.094 0.037 0.129 0.066

1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000

Specimen Model Continuous Wall Model Beam Reaction Model

Energy Dissipation Wall Using Viscoelastic Damper Energy Dissipation Wall Using Friction Damper

Rocking
Deform.

Total

Shear
Deform.

Beam Reaction ModelContinuous Wall ModelSpecimen Model

Tab. 2  Proportion of Local Deformation to Story Drift
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Appendix 1: Outline of Energy Dissipation Wall 

The feature of K-brace passive control wall is shown 
below (Fig. A1).  When the wall deforms by horizontal 
force, there is vertical deformation between the brace and the 
steel plate and the damper is inserted in the place.  The wall 
is classified in to a series of so-called shear link type. In 
order to reduce the effect of the column’s bending, the edge 
of the brace is fixed near the joint of the column and 
horizontal member.  There are many advantages because 
the contents of the wall are able to fit in inside of frames.  
For example it is possible to fix without an attachment of 
other walls.  K-brace is screwed on wooden frames by a lot 
of screws because of high safety factor.  

A stub tenon, L-type metal and bolt (hold-down metal) 
are allocated in the joint of the column and horizontal 
member.  The square steel pipe is fillet-welded to steel 
plate B and C (Fig. A1(c)). Energy absorption capacity is 
increased as much as possible by allocating the bolt closer to 
the column, and integrating the steel plate C into the 
hold-down metal. 

 

 

 

 
 
 
 

Fig. A1  Detail of Energy Dissipation Wall

(b) Detail of Part A (a) Overview (c) Detail of Part B 
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Abstract:  The restoring force characteristic of wooden houses is slip type. The energy absorption of slip type restoring 
force characteristic is less than the energy absorption of normal bi-linear characteristic restoring. On the other hand, a 
shear wall of wooden houses is evaluated with the resisting force ratio of various wooden walls. If a shear wall which has 
both normal bi-linear characteristic restoring and the high resisting force ratio of various wooden walls, that wall is 
valuable. In this paper, we develop a wooden wall which has the normal bi-linear restoring force characteristic and high 
resisting force ratio of various wooden walls with a steel frame and a friction dumper. As a result, the wall that we 
developed has the bi-linear restoring force characteristic, and the resisting force ratio of various wooden walls is 4.0. The 
bearing force deterioration of this wall is 0.1-0.2kN/cycle. 

 
 
1.  INTRODUCTION 
 

The restoring force characteristic of wooden structures 
is progressive slip-type. This progressive slip-type restoring 
force characteristic has less energy absorption capacity than 
that of a bi-linear type restoring force characteristic 
subjected to a repeated earthquake motion. To increase the 
energy absorption capacity, it is effective to use dampers. 
For example, Kawai et al (2008) make the hysteresis steel 
damper. Miyazawa et al(2008) also make the hysteresis steel 
damper using low-yielding steel. Sato et al (2007) use 
visco-elastic material as a damper.  Hirata et al (2005) use 
the high damping rubber. Fukazawa et al (2007) use a 
friction damper. Sakai el al (2005) and Kasai et al(2005) 
make K-type damper using visco-elastic material, a friction 
damper or a hysteresis steel damper. Whereas, Japanese 
wooden houses are designed by the amount of wall-length 
ratio. The wall with damping material is needed for the 
amount of wall-length ratio design. In this report, the wall 
with the friction damper using aluminum plate as a slide 
member. 

 

 
(a) Progressive Slip-type     (b) Bi-linear type 

Figure 1  Sample of Restoring Force Characteristic  
 

 
2.  PROPOSED SHEAR WALL & TEST METHOD 
 
2.1 Proposed Shear Wall 

Two walls in Figure 2 are proposed in this report. These 
proposed walls are composed of the steel frame within a 
wooden frame and crossing braces with a friction damper. 
The steel frame within a wooden frame transfers the load 
from beam to the base. Timbers in a wooden frame are 
shown in Table 1 based on the manual by Japan Housing and 
Wood Technology Center(2001). Steel plates and 
hold-downs reinforce joints in a wooden frame. The steel 
lumber of a steel frame is L-50*50*6 mm. L-50*75*6 is 
used at a slider. The connectors between a wood frame and a 
steel frame are lag screws, whose diameter is 10mm, and 
whose length is 65 mm. They are set at 250-mm interval in 
beam, and 300-mm interval in column. The loose joint at 
crossover of braces keeps braces from buckling. The friction 
damper is composed of an aluminum slider and high 
strength bolts. This slider allows that the maximum 
deformation angle of a frame is 1/18 rad. In addition, these 
high strength bolts make the friction controllable. The 
tightening torque is given as Eq. (1) below: 

dk

T
Ps

・
・μ=  (1) 

Here, 
Ps : Frictional force (N) 
T : Tightening torque (N m) 
k : Torque coefficient (0.15) 
d : Nominal diameter (mm) 
μ : Friction coefficient (0.82) 

F 

δ

F 

δ
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In this report, the tightening torque is 32 N m for a 
type-1 test wall and 24 N m for a type-2 test wall. These 
tightening torques give a Type-1 test wall 13.4 kN yielding 
load, and a Type-2 test wall 17.8 kN yielding load. 

(a)  Type-1 test wall

(b)  Type-2 test wall

(f)  crossing of braces   (g) Slider

Figure 2  Test Wall

Table 1 Timber
Type-1 test wall Type-2 test wall

member B*D
mm

L
mm

Moisture 
content %

L
mm

Moisture 
content %

Beam
(spruce) 105×180 1470 20.0 2380 18.7

column
(ceader) 105×105 2775 16.2 2775 20.5

base
(ceader ﾞ) 105×105 1470 15.3 2380 20.2

2.2 Test Method
The loading schedule is shown in Figure 3. This 

schedule is based on the manual by Japan Housing and 
Wood Technology Center (2001). An actuator is adopted for 
the loading test. 
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Figure 3 Loading Schedule

3.  RESULT AND CONSIDERATION

The test results are shown in Figure 4, 5. The restoring 
force characteristic of a Type-1 test wall is not bi-linear type 
in small deformation angle.  But it shows 10 - 15 kN 
yielding load at the deformation angle over 1/50 rad. The 
restoring force characteristic of a Type-2 test wall is 20 kN 
yielding load at the deformation angle over 1/200 rad. 

The deformability and damping factor, the allowable 
temporary shear load and the resisting force ratio is 
calculated from the envelope curve of all cyclic loading tests 
based on the manual by Japan Housing and Wood 
Technology Center (2001). Results in Table 2, 3 shows that  
the resisting force ratio of Type-1 test wall is 3.6, and the 
resisting force ratio of Type-2 test wall is 4.1.

Figure 6, 7 shows the equivalent damping ratio and 
the equivalent stiffness for the response-limit capacity 
analysis. The Type-2 test wall has 20% or more damping 
ratio at the deformation angle 1/150. But the Type-1 test wall 
has about 10% damping ratio at the deformation angle less 
than 1/75.

The proof tests are executed to estimate the 
degradation of energy absorption. The test condition of a 
Type-1 test wall is 40 cycles at the deformation 1/25 rad, and 
that of a Type-2 test wall are 40 cycles at the deformation 
1/50 rad and 80 cycles at the deformation 1/100 rad. The 
results of proof tests are shown in Figure 8 and Table 4. The 
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degradation of test walls is 0.1-0.2 kN /cycle at the 
deformation angle 1/50. And the degradation of Type-2 test 
wall is less than 0.1 kN /cycle at the deformation angle 
1/100.
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Figure 4 Loading test Result of Type-1 Test Wall

Table 2 Resisting Force ratio of Type-1 test Wall
Deformability and 
damping factor of 

structure：Ds
0.495

Allowable temporary 
shear load 

Pa kN

a) yielding load Py 12.41
b) ultimate loadPu×0.2/Ds 6.68

c) maximum load Pmax×2/3 13.82
d) at deformation andle1/120 rad 6.45

Resisting force ratio 3.61
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Figure 5 Loading test Result of Type-2 Test Wall

Table 3 Resisting Force ratio of Type-2 test Wall
Deformability and 
damping factor of 

structure：Ds
0.32

Allowable temporary 
shear load 

Pa kN

a) yielding load Py 17.96
b) ultimate loadPu×0.2/Ds 13.92

c) maximum load Pmax×2/3 16.67
d) at deformation andle1/120 rad 19.37

Resisting force ratio 4.07
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(a) restoring characteristic of Type-1 test wall and evaluation of degradation

(b) time history of Type-1 test wall at deformation angle 1/25 rad

(c) time history of Type-2 test wall at deformation angle 1/50 rad

(b) time history of Type-2 test wall at deformation angle 1/100 rad

Figure 8 Proof Test 

Table 4 Degradation per cycle
1P, 1/25rad 2P, 1/50rad 2P, 1/100rad

A -0.155 -0.181 -0.074

B -0.117 -0.196 -0.005

4.  EFFICANCY OF PROPOSED SHEAR WALL

The lumped mass model is analyzed to evaluate the 
proposed wall. This model is 2 storey house, whose 1st 
storey mass is 170kg / m2, 2nd storey mass is 150kg / m2. 
The amount of the structural walls is set as 1.0 - 1.5 times of 
legal amount. The amount of non-structural walls is 0.6m/m2. 
In addition, the amount of 2nd floor structural wall is 
increased to collapse the model at 1st floor. Parameters in 
this report are the magnification of legal amount and the 
ratio of the proposed wall.

The restoring force characteristics of wooden walls 
are shown in Figure 9 and Table 5, 6. These models are the 
composite of bi-linear type model and tri-linear slip type 
model. The model of Type-2 test wall is tri-linear shown in 
Figure 10.

The time history analysis is executed subjected to 2 
earthquake motion: El Centro NS and BCJ-L2 distributed by 
the Building Center of Japan. The maximum storey 
displacement response at 1st floor is shown in Figure 11. 
The increase of the proposed test wall makes the maximum 
storey displacement response decreased. But the increase of 
legal structure walls amount makes the more decrease of 
maximum displacement response in peak ground velocity 
50cm/s. The advantage of the proposed test wall is shown in 
peak ground velocity 75cm/s. 
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Figure 9 Restoring force Characteristic of Wooden Structural 
Wall and Non-structural Wall per m

Table 5 parameters of Restoring force Characteristic of 
wooden structural wall per m

Stiffness(kN/m) Yielding 
displacement(cm)

K1 K2 K3 Y1 Y2
Bilinear 180 10 0.38

Tri-linear 147 46 -56 2.25 5.63
Table 6 parameters of Restoring force Characteristic of  

non-structural wall per m
Stiffness(kN/m) Yielding 

displacement(cm)
K1 K2 K3 Y1 Y2

Bilinear 83 3 0.23
Tri-linear 62 3 -7 0.90 4.50
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Figure 11 Maximum Storey Displacement Response

5.  CONCLUSIONS

In this paper, authors develop a wooden wall which has 
the normal bi-linear restoring force characteristic and high 
resisting force ratio of various wooden walls with a steel 
frame and a friction dumper. As a result, the wall that authors
developed has the bi-linear restoring force characteristic, and 
the resisting force ratio of various wooden walls is 4.0. The 
bearing force deterioration of this wall is 0.1-0.2kN/cycle.
The earthquake response analysis shows that the advantage 
of inducing proposed wall is shown in the 1.5 times 
acceleration of legal earthquake load.
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Abstract: Composite members possess high strength, stiffness and energy dissipation capabilities, thus are commonly 
used for earthquake-resistant design pruposes. For structures subjected to earthquake, three-dimensional load including 
axial load, biaxial bending and torsion are usually observed on the structural members. These loads often induce 
unexpected structural responses, for example diagonal cracks at the unconfined areas, causing premature failures of the 
composite members and undesirable structural performance in the inelastic stages. This study is focused on the 
performance improvement of hollow composite members by adding cross inclined bars to the perimeters of the composite 
sections. A series of strengthened and unstrengthened composite members with various sectional aspect ratios were tested 
under three-dimensional loading. The test results were used to define the relationship among member performance, 
sectional aspect ratios, and the effectiveness of the proposed strengthening method. It was found from the experiments 
that the bearing capacity of members significantly decreased when members were subject to three-dimensional loads. 
Enhancement in energy dissipation further validated the applicability of the proposed method to the performance 
improvement of hollow composite members. 

 
 
1.  INTRODUCTION 
 

Composite members, comprising of reinforced concrete 
and structural steel, are widely used in buildings and bridges 
designed for earthquake-resistant purposes (Hsu and Liang 
2003, Ricles and Paboojian 1994, Zahn et al, 1990). In such 
designs, the member stiffness can be significantly improved 
by the component reinforced concrete and the member 
ductility can be sustained by the encased steel. The 
steel-concrete interaction also helps retain section integrity 
and delay the initiation of local buckling of structural steel 
during inelastic stages (Ali and White 1999, Galano and 
Vignoli 2000, Koutchoukali and Belarbi 2001). 

For structures subjected to earthquake, three-dimensional 
loads including axial load, biaxial bending and torsion are 
usually observed on the structural members. These loads 
often induce unexpected structural responses, for example 
diagonal cracks at the unconfined areas, causing premature 
failures of the composite members. In such cases, members’ 
strength and ductility will be significantly reduced. In order 
to ensure the structural safety, a remedy to sustain the 
member performance is essential.  

This study is focused on the performance improvement 
of hollow composite members by adding cross inclined bars 
to the perimeters of the composite sections. A series of 
strengthened and unstrengthened composite members with 
various sectional aspect ratios were tested under 
three-dimensional loading. The test results were used to 
define the relationship among member performance, 

sectional aspect ratios, and the effectiveness of the proposed 
strengthening method. 
 
 
2. EXPERIMENTAL PROGRAM 
 

In order to evaluate the member performance under 
three-dimensional load, twenty-one hollow composite 
members, including 6 strengthened and 15 unstrengthened 
members, comprising of various steel tubes and reinforced 
concrete were fabricated for testing. The cross-sections of 
the composite members were made from three A36 steel 
tubes, 150x150x4.5 mm, 150x100x4.5 mm, 200x100x4.5 
mm, and reinforced concrete, labelled series A, B, and C, 
respectively, so that the width/depth ratio effect of composite 
members could be evaluated. The details of the 
cross-sections of the test specimens were shown in Figure 1. 
Reinforced concrete was composed of four #6 deformed 
bars in the longitudinal direction, and #3 deformed bars 
laterally. Yielding stress of the steel tubes and the 
compressive strength of the concrete were 365.3 MPa and 
59.2 MPa, respectively. 

For strengthened members, cross inclined bars, made 
from #3 deformed bars by cold-bending the bars at 90 
degree, were adopted. The inclined bars were placed at the 
sections’ four sides in the center portions of the composite 
members. These arrangements were designed to improve the 
torsional rigidity of member segments originally possessed 
less resistance, so that premature cracks could be delayed 
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until members reached desired deformation. The specimen 
details and categorization are shown in Figure 2 and listed in 
Table 1, respectively. 

 

 

Figure 1  Cross-sections of Composite Members 
 

 
Figure 2  Specimen Details 

 
Table 1  Specimen Categorization 

Specimen Loading 
Transverse 
Bending 
(M/My) 

Inclined 
Bars D/B 

MP-A 1 
MP-B 0.857
MP-C 

Bending No No 
0.75

SEP-A 1 
SEP-B 0.857
SEP-C 

Bending + Small 
Torsion No No 

0.75
LEP-A 1 
LEP-B 0.857
LEP-C 

Bending + Large 
Torsion No No 

0.75
LEP-A-3 1 
LEP-B-3 0.857
LEP-C-3 

Bending + Large 
Torsion No Yes 

0.75
SEP25-A 1 
SEP25-B 0.857
SEP25-C 

Three-dimensional 
Loading 0.25 No 

0.75
LEP50-A 1 
LEP50-B 0.857
LEP50-C 

Three-dimensional 
Loading 0.5 No 

0.75
LEP50-A-3 1 
LEP50-B-3 0.857
LEP50-C-3 

Three-dimensional 
Loading 0.5 Yes 

0.75

 

Seven loading cases, including axial load, bending, 
torsion and their combinations, were used for testing. 
Required load combinations were generated by 
servo-controlled actuator under displacement commands. 
Member responses were measured by installed strain gauges, 
LVDTs, and tiltmeters. The test set-up is shown in Figure 3. 

 

Actuator

Reaction wall
Hydraulic jack
(only for loading
 combined with
 axial load)

Specimen Base platforms

Storng floor

Reaction beam
(only for loading
combined with axial
load)

Loading beam

Reaction rod
(only for loading 
combined  with axial load)

 

Figure 3  Test Set-up 
 
3.  FAILURE MODES 
 

For members subject to combined bending and axial 
load, the failure was governed by the formation of the plastic 
hinge. The failure mechanisms of members subject to 
combined bending, torsion and axial load can be described 
by the combination of horizontal flexural cracking and 
torsion-induced diagonal cracking. The failure modes of 
members varied when applied load was coupled with torsion. 
In general, the damage zone of such member was found to 
be shifted form the member bottom toward the middle of the 
specimen, and could be attributed to the application of 
torsion. 

For members subject to combined bending and torsion, 
flexural-torsional damages were found in the four sides of 
the section in the center portion of the members. However, 
more concentrated damage zones were found in the 
specimens that subject to three-dimensional loads. This 
phenomenon was due to the contribution of the additional 
moment applied at the section’s lateral direction. 
Compression induced by this additional moment caused 
significant damages in the members when bending and 
torsion were combined. Figure 4 shows the damage patterns 
of members subjected to various load combinations. 

       
(a)               (b)               (c) 

Figure 4  Damage Patterns of Members Subject to Various 
Loads: (a) Load with Small Eccentricity, (b) Load with 
Large Eccentricity, and (c) Three-dimensional Loading 
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Specimen

4.  STRENGTH 
 

Figure 5 shows the typical hysteretic loops for the 
strengthened and the unstrengthened members subject to 
various load combinations. It can be found from the figure 
that the strength of members was greatly affected when 
torsion coupled with bending was applied. For example, 
7.3% and 31.1% strength losses were observed in the 
members SEP-B and LEP-B when smaller and larger torsion 
were applied. Further reduction in member strength, for 
example LEP50-B, was exhibited when three-dimensional 
load was applied. It was further observed from the 
comparison that significant strength enhancement was 
achieved when inclined bars were added to the member. 
Table 2 compares the strength of members subject to various 
load combinations. It can be preliminarily concluded from 
the comparison that the effectiveness of the inclined bars 
was more significant in members with smaller D/B ratios. 
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Figure 5  Typical Hysteretic Loops 
 
 
 
 
 

Table 2 Strength of Members Subject to  
Various Load Combinations 

A B C 

 
Force
(kN)

%
Force 
(kN) 

% 
Force
(kN)

%

MP 120.11 100 84.25 100 96.88 100
SEP 108.37 90.2 78.12 92.7 90.28 93.2
LEP 76.00 63.3 58.01 68.9 70.38 72.6

LEP-3 82.84 69.0 63.23 75.1 76.28 78.7
SEP25 101.07 84.1 73.19 86.9 85.33 88.1
LEP50 70.79 58.9 54.00 64.1 65.50 67.6

LEP50-3 75.57 62.9 58.06 68.9 70.70 73.0
 
 

5.  ENERGY DISSIPATION 
 

To further evaluate the member performance under 
earthquake, the energy dissipation of members tested under 
various load combinations was compared. Energy 
dissipation was evaluated by the cumulative area bounded 
by the hysteretic curves when the member strength dropped 
to 80% of that of the unstrengthened members.. 

Figure 6 compares the typical energy dissipation of 
members under combined bending and torsion, and 
three-dimensional load. It can be seen from this figure that 
the energy dissipation capability of members subject to 
three-dimensional load was less than that of the former. This 
phenomenon indicated the importance of adequate 
estimation of member performance when the member was 
designed for earthquake-resistance purpose.  
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  (c) 

Figure 6 Comparisons of Energy Dissipation for 
Members Subject to Various Load Combinations: 

(a) Series A, (b) Series B, and (c) Series C. 

Load
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Effect of inclined bars on member performance can be 
further validated by the members’ energy dissipation 
capacity under various load combinations, as shown in 
Figure 7. It can be found from the comparisons that the 
energy dissipation of members with inclined bars was 
significantly higher than the unstrengthened ones. The 
performance gains for the three test series A, B, and C, 
which were 170%, 90%, and 60%, respectively, justified the 
applicability of the proposed method in the 
earthquake-resistant design of structures. 
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 (c) 
Figure 7  Effect of Inclined Bars on the Energy Dissipation 

for Members Subject to Three-dimensional Load: 
 (a) Series A; (b) Series B; (c) Series C. 

 
 

6.  CONCLUSIONS 
 

This study investigated the performance of hollow 
composite members subject to three-dimensional load. A 
series of cyclic loading tests were used to evaluate the 
member strength and their energy dissipation capacity. It can 
be found from the test results that the torsional resistance of 
members was significantly enhanced when inclined bars 
were used. It was also observed that the strength and the 
energy dissipation capability of members were significantly 
decreased when three-dimensional loads were applied. 
Comparisons of strength and energy dissipation between 
members with and without inclined bars validated the 
effectiveness of the proposed method in enhancing the 
seismic performance of hollow composite members. 
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Abstract: To survey the seismic behavior of low masonry structures, non-linear dynamic time history response analysis 
of a masonry structure model was carried out by using the explicit dynamic finite element analysis in the software 
ANSYS/LS-DYNA. The model was two stories and restrained by four core-tie-columns. Firstly, modeling and 
calculation method applied to ANSYS/LS-DYNA were introduced. Then, modal analysis and time-history analysis were 
carried out. The periods, vibration modes, acceleration responses, plastic strains and deformation of the model were 
analyzed. Meanwhile, the analysis results were also compared with the results from the shaking table test of the same 
masonry structure model. Finally, the collapse process of the model was predicted with appropriate material model, 
failure criterion using the software ANSYS/LS-DYNA. 

 
 
1.  INTRODUCTION 
 

Masonry structures are and would be the main 
structural style for buildings in rural area in China for a long 
time. The non-linear behavior of masonry structures under 
seismic actions is an important issue. In previous studies, 
Ruifeng et al. (1979), Feng et al. (2000), Quanbiao et al. 
(2005) and Yingmin et al. (2006) analyzed the non-linear 
seismic response of masonry walls at element level, Haixu et 
al. (2009) surveyed the non-linear of masonry structures 
based on story model. In recent research, Nina (2011) 
studied the seismic response of whole structure. To 
investigate the seismic performance of masonry structures, 
non-linear history analysis of a masonry model with 
core-tie-columns, which was defined by Yingmin (2010) in a 
shaking table test, was carried out using the software 
ANSYS/LS-DYNA. The analysis results were compared 
with those measured from the shaking table test and the 
collapse behavior of the model was predicted. 
 
 
2.  MODEL 
 
2.1  Model introduction 

The two-story analysis model was as same as the model 
in the shaking table test, the height of both floors was 2.8m, 
and the width of all masonry wall in the model was 240mm. 
There were doors and windows in the longitudinal walls and 
there were for core-tie-columns at four corners of the model. 
The layout of the model is shown in Figure 1. The masonry 
wall was built by MU15 fired perforated brick and M1.5 

cement mortar. The live uniform load of the first and second 
floors was 1.8 kPa and 1.0 kPa, respectively. 

 

(a) 

 

(b) 

Figure 1 Layout of the model 

(a) First story  (b) Second story 

 
2.2  Model in finite element analysis 

The model was built and analyzed by using the 
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software ANSYS/LS-DYNA. All the elements such as 
masonry walls, reinforced concrete floors and 
core-tie-columns were simulated using the 8-node solid 
element named as SOLID164. The mesh scale was 
120mm×120mm×120mm. The three-dimension analysis 
model is shown in Figure 2. 

 

 
Figure 2 Analysis model 

 
The live uniform load on the floor was considered as 

equivalent density. The contacts of masonry walls and the 
core-tie-columns were set as tie restrain. The section of the 
core-tie-column was set 240 mm×240 mm, but the Young's 
modulus of the core-tie-column was reduced according to its 
cross section. 

 
2.3  Parameter of the material 

①Masonry wall 
The material of masonry wall was as same as in the 

shaking table test, the compressive stress and strain curves  
in the analysis was given by (Figure 3):  
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Figure 3 Compressive stress and strain curve of masonry 
 

where σ is the stress and ε is the strain of a point on the curve, 
fmax is the average value of axial compressive strength which 
was determined according to the masonry material such as 
MU15 fired perforated brick and M1.5 cement mortar. ε0 is 
the corresponded strain when the stress is fmax which was 
determined by test generally. In this paper ε0 was taken as 
0.003. The ultimate stress is 1.6 times of ε0.  

② Concrete  

The strength of concrete of the floor and the 
core-tie-column were both C20, the single axial compressive 
stress and strain curve was as below (Figure 4): 
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Figure 4 Compressive stress and strain curve of concrete 
 

where fc is the average value of axial compressive strength, 
and it was 20 MPa, ε0 is the strain corresponded fc, and it 
was taken as 0.002. The ultimate stress, named εu, was taken 
as 0.0038. 

③ Reinforced concrete  
The whole solid model was adopted for reinforced 

concrete slabs, the reinforced bars were assumed distributing 
uniformly in the concrete. The areas of reinforced bar were 
equivalent to areas of concrete by the relationship of the 
ration of their Young’s modulus. The effective tensional 
strength of the equivalent concrete was estimated according 
to equivalent strength principle as below:  

 

s s
t

c

1c
R V

R R
R V

⎛ ⎞
= +⎜ ⎟

⎝ ⎠
              (3) 

 
where, Rt is the tensional strength of the equivalent concrete, 
Rc is the tensional strength of the concrete only, Rs is the 
yield strength of the steel bar, Vs/V is the percent volume 
ratio of steel bars in the reinforced concrete. The yield 
tensional strength is 1.02~1.05 times of Rt generally.  

 
2.4  Parameter of the material and the failure criterion  

The material type 3, *MAT-PLASTIC-KINEMATIC, 
in soft LS-DYNA was adopted. The parameters of the 
materials were list in Table 1 some of which were 
determined by test. 

The variable FS of *MAT-PLASTIC-KINEMATIC 
was adopted to define the compressive failure strain for 
masonry and concrete material, the compressive failure 
strain of concrete and masonry material were 0.0038 and 
0.0046 respectively. 
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Table 1 Physical parameters of the materials 

 
ρ 

(kg/ m3) 
E (Pa) ν fc (Pa) ET(Pa)

Masonry wall 

(MU15, M1.5) 
1500 91.80 10× . 0.15 61.23 10× 83.29 10×

concrete(C20) 2500 102.27 10×  0.2 61.79 10× 93.41 10×

Steel 

bar(HRB235) 
7850 112.10 10×  0.3 84.00 10× 83.75 10×

Reinforced 

concrete floor 
4300 102.46 10×  0.2 64.96 10× 92.46 10×

Note: ρ:Mass density; E:Young’s modulus；ν：Poisson’s 
ratio；fc: Compressive yield strength; ET: Tangent modulus. 

 
The material type *MAT_ADD_EROSION was 

adopted to define tensional failure. For masonry and 
concrete were brittle materials, the principle strain at failure, 
εmax was taken as the control variable. The principle strain at 
failure of masonry and concrete were 0.00038 and 0.0007 
respectively. When the maximum principle strain was equal 
to or greater than the critical value, the element would be 
deleted from the calculation. 

④Ground material 
To simulate the falling of bricks and collision with the 

ground when the masonry structure collapses, the 
*MAT_RIGID was used for ground material in the model. 
The freedom of x, y, z displacement and rotation were all 
constrained. Therefore, when bricks were impacting the 
ground, the local failure and deformation of ground would 
not occur and the brick would not breakthrough the ground. 
In the simulation, the element defined by *MAT_RIGID 
would be skip over, and then the cost of calculation time 
would be conserved.  

 
 

3.  MODAL ANALYSIS 

 
Based on the model built according to above process, 

the implicit analysis in ANSYS/LS-DYNA was used for 
modal analysis. The first three modes are shown in Figure 5. 

The first mode is translation along x axial and the 
natural frequency is 11.147 Hz; the second mode is 
translation along y axial and the natural frequency is 14.189 
Hz; the third mode is torsion type, the natural frequency is 
19.991 Hz. The stiffness of structure is very great so that the 
natural period is small. 

 
 

4.  TIME HISTORY ANALYSIS AND COMPARED 
WITH THE TEST 

 
The load case S45 in the shaking table test was taken as 

the analysis condition. The input waves were H1-x along X 

axial and H2-y along Y axial in this case. The peak ground 
accelerations of H1 and H2 were 4.49m/s2 and 2.98m/s2 

respectively. H1-x and H2-y were recorded (measured) by 
the acceleration transducers during the test, and the curves of 
H1-x and H2-y were shown in Figure 6. The time history 
analysis of the masonry model was carried by explicit 
analysis with ANSYS/LS-DYNA. 
 

(a) (b) 

(c) 
Figure 5 Vibration modes 

(a) The 1st mode (b) The 2nd mode (c) The 3rd mode 
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Figure 6 The acceleration curves in calculation 
(a) H1-x       (b) H2-y 

 
 
4.1  Analysis on acceleration response 

The average acceleration curve of four acceleration 
transducers on 2.8m floor were obtained, so as for 5.6m floor. 
The Peak accelerations and the errors compared with the 
corresponding test values are listed in Table 2.   

It can be seen from Table 2 that, the errors of 
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calculation are no more than 30%, and the acceleration 
responses in y axial are more close to test values than those 
in x axial.  

 
Table 2 Peak acceleration responses  

Direction 
Value and 

error 

PA2.8m 

(m/s2) 

PA5.6m

(m/s2)

Value in test 6.681 6.611

Value by 

calculate 
4.602 7.280

x 

Percentage 

error 
-31.12% 9.19%

Value in test 4.521 8.155

Value by 

calculate 
4.439 7.563

y 

Percentage 

error 
-1.81% -7.26%

Note: PA2.8m  is the peak acceleration of the 2.8m floor;  
PA5.6m  is the peak acceleration of the 5.6m floor. 

 
 

4.2  Strain and deformation response analysis 
The strain response can reflect the failure mode of the 

model, the principle strain of the model at the time 7.1659s 
(near the time of peak acceleration) and the final picture of 
the model in the test are shown in Figure 7.  

 

(a)

(b) 
Figure 7 The maximum principal strain and eventual failure 

pictures of the model in test 
(a) The maximum principal strain (b) Failure pictures in test 

 

It can be seen from Figure 7 that, at the moment of 
7.1659 s, there were largest tension strain on the structural 
model. For stress concentrating on the corner of the door and 
the windows, the principle strain on the corners of the door 
and windows are larger than the other zone of the masonry 
wall. Cracks emerged firstly on the corner of the door and 
the window. There is good agreement between the principle 
strain graph and the final failure picture of the longitudinal 
wall in axis A in the shaking table test.  

The story drift is important to evaluate the seismic 
performance of structures. The story drift rotation is the ratio 
of story drift to story height. The maximum story drift 
rotations in x and y axial are listed in Table 3, the values 
tested from the shaking table test and the percentage errors 
of them are also listed. 

 
Table 3 Maximum story-drift rotation θ 

 θ1x θ2x θ1y θ2y 

Value in test 1/1845 1/1000 1/1726 1/1335

Value by 

calculate
1/2433 1/2017 1/3492 1/3189

Percentage 

error 
-24.17% -50.42% -50.57% -58.14%

Note: θ1x  is the story drift rotation in x direction of the 
first story and so on. 

 
It can be seen from the Table 3 that, the maximum story 

drift rotations calculated are all smaller than the values from 
test, the maximum percentage error is -58.14%, and the 
minimum percentage error is -24.17%. The error may come 
from the different initial condition of the model, in the 
shaking table test, the model had been lightness damaged by 
suffered forty-four test loading while the model was 
undamaged in the computer simulation. The accuracy of 
simulation of deformation is satisfied to some extent 
 
 
5.  COLLAPSE PROCESS PREDICTION 

 
Due to the limit of loading equipment, the model did 

not collapse in the shaking table test. The collapse process of 
the model was predicted by the LS/DYNA. The input 
direction was x direction (longitudinal direction). 

The south-north component of El Centro wave was 
selected as input and the peak acceleration was set as 
620cm/s2. The collapse process of the model is shown in 
Figure 8 by the post processing modular LS-PREPOST of 
LS/DYNA.  
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(a) 

(b) 

(c) 

(d) 
Figure 8 Collapse process of the model 

(a) t=2.2664s (b) t=4.2329s (c) t=5.9661s  (d) t=7.6326s 
 
It can be seen from Figure 8 that, at the beginning of 

shaking, the model was integral shaking in the x direction. 
At the time of 2.2664s, the cracks were emerging at the 
corners of the door and windows at the first floor, with the 
input acceleration lasting and enhancing, the cracks were 
extending. At the time of 4.2329s, there were some 
penetrating cracks at the masonry wall of the first floor. The 
wall was split to some individual blocks and the 
transmission way of vertical load was broken. Then, with the 
input acceleration enhancing, at the time of 5.9661s, the wall 
at the first floor began incline and collapse. The wall blocks 
impacted each other and so the collapse aggravated. The 
core-tie-column constrained the nearby wall blocks and 
delayed the collapse of them. At the time of 7.6326s, the 
longitudinal walls of the first story were collapse entirely, the 
collapse blocks were piled-up and the second floor fallen 
down. The final collapse condition was very similar with the 
earthquake damage of masonry buildings in Wenchuan 

earthquake as described by Yingmin (2008).  
 
 

6.  CONCLUSION 
 
It is shown from the non-linear time history analyses 

and collapse process prediction of the masonry structure 
model that, 

The non-linear seismic response analysis of masonry 
structure under severe earthquake action can be realized by 
choosing simple plastic kinematic model and defining 
appropriate failure criteria with the aid of 
ANSYS/LS-DYNA, and the analysis accuracy is satisfied.  

The damage occurs at the corners of doors and 
windows where the stress concentrations are severe. With 
the earthquake action continuing, the bottom of masonry 
structure would be damaged and even collapsed firstly. 
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Abstract:  The damage of confined-masonry-brick and concrete-block houses is assessed subjected to a tsunami wave 
load due to the recent three earthquakes and tsunamis at the 2001 Near Coast of Peru, the 2009 Samoa Islands, and the 
2010 Maule, Chile. We analyze 13 data surveyed for affected houses, which are single-storey ones located along the 
coastlines, focusing on the evaluation of tsunami wave pressure distribution on a house inferred by various failure modes 
when subjected to an inundation depth. Based on the related formula by Asakura et al. (2000) hydraulic experimental 
results, we identify the required tsunami strength of a wall which is not suffered with an inundation depth. 

 
 
1.  INTRODUCTION 
 

Recent severe earthquakes and tsunamis in the world 
cause many fatalities and missing: the 2001 Near Coast of 
Peru, June 23 (UTC 20:33:14, MW=8.4) (2001 Peru tsunami), 
the 2004 Sumatra, Indonesia, Dec.26 (UTC 00:58:53, 
MW=9.1) (2004 Indian Ocean tsunami), the 2006 South of 
Java, Indonesia, July 17 (UTC 08:19:28, MW=7.7) (2006 
Java tsunami), the 2009 Samoa Islands, Sept. 29 (UTC 
17:48:10, MW=8.1) (2009 Samoa tsunami) and the 2010 
Maule, Chile, Feb.27 (UTC 06:34:14, MW=8.8) (2010 Chile 
tsunami) as well as the Great East Japan earthquake and 
tsunami occurred on March 11, 2011 in Japan (UTC 
05:46:24, MW=9.0) (2011 Japan Tohoku tsunami). The 
reason of the catastrophe is that houses located within few 
kilometers from a coastline are suffered severely by a 
tsunami wave. Therefore it is very essential to clarify the 
mechanism of a tsunami wave load acting on a structural 
component of a house, based on the tsunami damage 
assessment for suffered houses.  

Matsutomi and Izuka (1998) propose the simple 
formulation to derive the tsunami fluid velocity on a house, 
based on the results of hydraulic experiments. Matsutomi et 
al. (2004) clarify the dependence of tsunami fluid force on a 
house on hydraulic quantity such as a drag coefficient. 
Asakura et al. (2000) propose the formula (Asakura formula) 
to evaluate tsunami wave pressure distribution on a structure 
located at the land behind on-shore structures and this 
formula is used for designing a tsunami evacuation building 
(Japanese Cabinet Office 2005). Shoji et al. (2007) discuss 
validness of Asakura formula from damage assessment for 
suffered houses at the 2006 Java tsunami. Regarding the 
research on development of tsunami damage functions of 

structures, Matsutomi and Shuto (1994) reveal relations 
between the inundation depths and velocities, and damage 
ranks of suffered houses. Koshimura et al. (2009) propose 
the methodology to develop tsunami damage functions by 
using tsunami damage data from remote sensing, field 
survey and numerical analysis. 

From the reason above, we analyze the tsunami damage 
data of confined-masonry-brick and concrete-block houses 
affected by the 2001 Peru tsunami, the 2009 Samoa tsunami 
and the 2010 Chile tsunami. Based on the Asakura formula, 
we identify the required tsunami strength of a wall which is 
not suffered with an inundation depth. 
 
 
2.  SUBJECT EARTHQUAKE TSUNAMIS AND 
STRUCTURES 
 

We use the investigation data on damage of 
concrete-block houses at the 2001 Peru tsunami (Tani et al. 
2010) (Peru data), data on damage of lifeline systems and 
confined-masonry-brick houses at the 2009 Samoa tsunami 
(Miyajima et al. 2009) (Samoa data) and data on damage of 
confined-masonry-brick houses at the 2010 Chile tsunami 
(Shoji et al. 2010) (Chile data). Walls in suffered houses are 
analyzed. Among all survey data we select houses for the 
analysis which are single-storey ones located along the 
coastlines and do not affected by floating debris as well as 
by seismic excitations. It means that houses for the analysis 
have no crack at joint parts of beams and columns, and 
related structural components such as a beam, a column and 
a wall get damaged dominantly due to a tsunami wave load.  

Table 1 shows height H, width B and thickness w of 
subject wall. In addition Table 1 shows inundation depths h 
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Table 1 Height, Width and Thickness of Subject Wall and Related Observed Inundation Depth 
(‘p’ denotes Peru, ‘s’ denotes Samoa and ‘c’ denotes Chile respectively) 

 

 (a)    (b) 

Figure 1: Relation between Direction of a Tsunami Wave and Longitudinal Axis of Subject Wall: 
(a) Paired Walls placed at Right Angles to a Coastline, and (b) Wall out of Placed along a Coastline 

 
and the related references. Height H, width B and thickness 
w of subject wall are basically from Peru, Samoa and Chile 
survey data. When the related data are lacked, we detect 
those parameters by analyzing the digital pictures for subject 
walls. 
 
 
 
 
 
 
 

3.  COMPUTATION OF TSUNAMI STRENGTHS OF 
SUBJECT WALLS 
 
3.1  Calculation of Tsunami Strengths 

As shown in Figure 1(a), when shear cracks occur in 
paired walls which are placed at right angles to a coastline, 
we classify the failure mode of a wall as type1 failure mode 
(hereinafter ty1). Shear strength of a wall with ty1 1V is 
calculated as the following equation, by setting W=W/2 
when adapting Asakura formula,  
 
 1 1V A  (1) 

House's

number※
Wall's

number
Latitude Longitude

Wall's
height
H [m]

Wall's
width
B [m]

Wall's
thickness

w [m]

Inundation
depth
h [m]

References for inundation
depths

p1 p1 S16°39'19.6" W72°40'35.1" 2.35 3.50 0.16 2.60
Inundation depth measured

3.3km in the nearest direction
(Tani et al., 2010)

p21 2.60 3.20 0.16 2.60

p22 2.60 3.60 0.15 2.60

p3 p3 S16°39'36.0" W72°38'04.7" 0.65 4.95 0.16 2.13
Inundation depth obtained near

the investigation
spot(Koshimura, 2001)

p4 p4 S16°39'35.9" W72°37'59.9" 2.20 3.30 0.16 2.13
Inundation depth obtained near

the investigation
spot(Koshimura, 2001)

p5 p5 S16°39'35.8" W72°37'57.2" 2.50 2.80 0.16 2.28
Inundation depth masured in
the house  (Tani et al., 2010)

s11 2.00 2.53 0.15 2.55

s12 2.03 3.96 0.15 2.55

s21 1.80 2.68 0.15 2.55

s22 1.80 2.16 0.15 2.55

c1 c1 S36°33'9.69" W72°57'25.33" 2.33 3.82 0.15 0.97
Inundation depth measured at

the side wall in subject
house(Shoji et al., 2010)

c2 c2 S36°32'14.89" W72°57'32.42" 2.07 1.35 0.15 0.81
Inundation depth measured at

the side wall in subject
house(Shoji et al., 2010)

c3 c3 S36°44'48.72" W73°5'3.57" 2.67 2.90 0.15 1.00
Inundation depth measured at

the side wall in subject
house(Shoji et al., 2010)

Inundation depth mesured in
the house  (Tani et al., 2010)

Inundation depth measured at
the front wall in subject

house(Miyajima et al., 2009)
Inundation depth measured

0.3km in the nearest
direction(Miyajima et al.,

2009)

p2

s1

s2

S16°39'31.8" W72°38'45.3"

S14°15'06.7" W170°33'53.5

S14°15'15.5" W170°33'51.9"

Tsunami 
H

B w

W A

Crack

H

B

w

Tsunami 
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Table 2 Computed Ty1 Shear Strength 1V ,Ty2 Tensile Strength 2T
 
and Ty2 Shear Strength 2V , and the Parameters 

related with Tsunami Wave Pressure on Subject Wall 

 

 
where A is cumulative surface areas of bricks and 
concrete-blocks with shear cracks, since a wall is made by 
bonding bricks and concrete-blocks with mortar. In Eq. (1)

1  
is shear stress and we set the value of 1  based on the 

following procedure by referring the value of 0.4 N/mm2 by 
previous research (Nakano 2005, Nakano and Park 2005a, 
2005b). For dealing with Peru data (concrete-blocks) 1  is 
assumed to be 0.2N/mm2 which is 1/10 of compression 
strength of a concrete-block used for a 
non-proof-strengthening wall (Ministerio de Vivienda, 
Republica del Peru 2006). For dealing with Chile data 
(masonry-bricks) 1  is assumed to be 0.35N/mm2, which is 
conservative value, and is 1/20 of compression strength of a 
brick used for a prism-type wall specimen (Yanez et al. 
2004). 

As shown in Figure 1(b), when tensile and shear 
failures occur out of a wall placed along a coastline, we 
classify the failure mode of a wall as type 2 failure mode 
(hereinafter ty2). Ty2 is classified into two mechanisms: 
tensile failure between bricks and concrete-blocks bonded 
with a frame by mortar (mechanism 1; ty2-m1) and shear 
failure between those (mechanism 2; ty2-m2). 

We calculate tensile strength 2T  and shear strength 

2V  by the following equations, by setting W = B when 
adapting Asakura formula,  

 
Figure 2 Relation between Inundation Depth and Damage 

Rank of Subject Wall 
 
 
  2 22T B H w   (2a) 
  2 22V B H w   (2b) 
 
where 2  is tensile stress between bricks and 
concrete-blocks bonded with a frame by mortar, and we use 
the value of 2 =0.24N/mm2 by referring Architectural 
Institute of Japan Standard Specifications for 
Concrete-Block Structures (1997). 2  is shear stress 
between bricks and concrete-blocks bonded with a frame by 
mortar, which value is assumed to be 0.09N/mm2 from the 

Wall's
number

Failue mode
number

Tensile stress
[kN]

Shear stress
[kN]

η' a

p1-ty2-m1 449.28 ‐ 6.75 2.60

p1-ty2-m2 ‐ 168.48 3.26 1.25

p21-ty2-m1 445.44 ‐ 6.76 2.60

p21-ty2-m2 ‐ 167.04 3.35 1.29

p22-ty1 ‐ 108.00 2.77 1.07

p22-ty2-m1 446.40 ‐ 6.16 2.37

p22-ty2-m2 ‐ 167.40 3.12 1.20

p3-ty2-m1 215.04 ‐ 7.14 3.35

p3-ty2-m2 ‐ 80.64 2.88 1.35

p4 p4-ty1 ‐ 105.60 2.66 1.25

p5-ty2-m1 407.04 ‐ 7.18 3.15

p5-ty2-m2 ‐ 152.64 3.47 1.52

s11-ty2-m1 326.16 ‐ 7.57 2.97

s11-ty2-m2 ‐ 122.31 3.46 1.36

s12-ty2-m1 431.28 ‐ 6.49 2.55

s12-ty2-m2 ‐ 161.73 3.06 1.20

s21-ty2-m1 322.56 ‐ 7.72 3.03

s21-ty2-m2 ‐ 120.96 3.46 1.36

s22-ty2-m1 218.88 ‐ 8.38 3.29

s22-ty2-m2 ‐ 82.08 3.70 1.45

c1-ty2-m1 442.80 ‐ 6.23 6.77

c1-ty2-m2 ‐ 166.05 3.07 3.34

c2 c2-ty1 ‐ 70.88 3.57 4.41

c3 c3-ty1 ‐ 152.25 5.12 5.12

c1

s21

s22

p1

p21

p22

s11

s12

p5

p3

0 1 2 3

Concrete block

Masonry brick

Collapse

Cracking

No damage

Inundation depth[m]

p3
p1,p2

p5p4c2

c1 c3

s1,s2
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(a) (b) 

(c) 
Figure 3 Relation between Computed Horizontal Wave Pressure Index a  and Observed Inundation Depth h  for Peru, 

Samoa and Chile Data: 
(a) Peru Data, (b) Samoa Data, and (c) Chile Data 

 
research by Sanada et al. (2006). 
 
3.2  Results on Tsunami Strengths 

Table 2 shows results of ty1 shear strength 1V , ty2 
tensile strength 2T  and ty2 shear strength 2V , and the 
parameters related with tsunami wave pressure on subject 
wall as we mention later. 

Wall p1 failure mode is assumed to be ty2 since p1 
failed out of the plane. Based on ty2-m1, 
T2=2× 2350mm+3500mm ×160mm×0.24N/mm2=449.28
kN, while based on ty2-m2, V2=2× 2350mm+3500mm ×    
×160mm×0.09N/mm2=168.48kN. Similarly, wall p21 
failure mode is assumed to be ty2 since most part of it was 
collapsed in the same failure modes as wall p1. Hence, for 
p21 T2 and V2 are computed respectively as shown in Table 2. 
In contrast, wall p22 is placed at right angles to the coastline 
in the same house as wall p21, then the failure mode is 
assumed to be ty1. Based on ty1 for wall p22 
V1=0.2N/mm2×3600mm×150mm=108.00kN .  O n  t h e 
other hand we can suppose wall p22 failed out of the plane 
after the tsunami flow attacking wall p21. Viewed in this 
light wall p22 failure mode is assumed to be ty2, and the 
related values of T2 and V2 are computed as shown in Table 2. 
Wall p3 failure mode is assumed to be ty2 since most part of 
it was collapsed as well as wall p1. By considering wall p3 

boundary conditions as upper and one side boundaries are 
free, we compute T2 and V2 by modified Eq (2a) and (2b): 

σ  and τ  as shown in 
Table 2. In the same way, for rest of Peru data (p4, p5), 
Samoa data (s11, s12, s21, s22) and Chile data (c1, c2, c3), 
the related wall failure modes are classified into ty1 and ty2, 
and we compute V1, T2 and V2 as shown in Table 2. 
 
 
4.  TSUNAMI WAVE PRESSURE DISTRIBUTION 
ON SUBJECT WALLS 
 
4.1  Relation between Inundation Depth and Damage 
Rank 

Figure 2 shows relation between observed inundation 
depth and damage rank of subject wall. We categorize wall 
damage into three damage ranks: completely and mostly 
collapse (collapse), partially collapse and occurrence of 
cracks (cracking), and no structural damage (no damage). 
Damage ranks of ‘collapse’ and ‘cracking’ for 
concrete-block houses (Peru data) show in the range of 
inundation depth from 2.13m to 2.60m. Damage ranks of 
‘no damage’ and ‘cracking’ for masonry-brick houses 
(Samoa and Chile data) show with inundation depth from 
0.81m to 1.00m, and damage rank of ‘collapse’ with 
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(a) (b) 

Figure 4 Relation between Computed Horizontal Wave Pressure Index a  and Observed Inundation Depth h  for Sri 
Lanka and Thailand Data (Nakano et al. 2005), and Java Data (Shoji et al. 2007): 

(a) Sri Lanka and Thailand Data, and (b) Java Data 
 
inundation depth of 2.55m. 
 
4.2  Evaluation of Tsunami Wave Pressure Distribution 
based on Observed Inundation Depth 

Tsunami wave pressure distribution on subject wall in 
horizontal direction is computed by the following Asakura 
formula (Asakura et al. 2000), 
 
    maxxp z g a z    (3) 
 
where  xp z  is horizontal wave pressure, max  is 
maximum run-up height, ρ is density of mass of sea water in 
a unit volume and z  is height from ground level. a  is 
defined as horizontal wave pressure index which means 
magnification factor of hydrodynamic pressure on a rigid 
body due to a tsunami wave compared with hydrostatic 
pressure with max . Asakura et al. indicate 3.0a   for a 
non-breaking wave from their experimental results. 
Therefore it indicates that assumption of 3.0a   is 
required theoretically to design a tsunami-proof structural 
component subjected to a non-breaking tsunami wave. To 
put it another way in case by subjecting by a non-breaking 
tsunami wave, horizontal wave pressure distribution of 

3.0a   on a structural component is the border that a 
structural component becomes whether damaged or 
undamaged.  

In this study firstly we suppose ty1, ty2-m1 and ty2-m2 
failure modes defined in Section 3.1 for subject walls 
exposed to a tsunami wave and calculate the corresponding 
tsunami strength R (including ty1 shear strength V1, ty2 
tensile strength T2 and ty2 shear strength V2). Second we 
compute inversely the value of a  as the following 
equations by assuming max  equal to be observed 
inundation depth h . By comparing the value of a  with 
tsunami damage of subject walls, we discuss validness of 
Asakura formula. 
 

 
1 2R

a
h gW

  (4a)

 
1 2

2

R
a H

h gWH
 

  
 

 (4b)

 
where W is width of a wall subjected to a tsunami wave as 
shown in Figure 1. When the value of maxa    is less 
than or equal to a wall height H, horizontal wave pressure 
distribution is the triangle one and a  is computed by Eq 
(4a). When the value of maxa    is more than a wall 
height H, horizontal wave pressure distribution is the 
trapezoid one and a  is computed by Eq (4b).  

Table 2 also shows computed   and a . Figure 3 
shows relation of a  with observed inundation depth h . 
Similarly, Figure 4 shows the results for Sri Lank and 
Thailand data at the 2004 Indian Ocean tsunami by Nakano 
et al. (2005) and Java data at the 2006 Java tsunami by Shoji 
et al. (2007) as well as in Figure 3, with showing the 
analytical results corresponding to ty1 and ty2 failure modes 
for subject walls. 

From Figure 3(a) among Peru data 10 data with 
3.0a   are observed. a  shows 1.07~2.60 for inundation 

depth h  of 2.13m~2.60m, which indicates Asakura 
formula is valid in these cases because these walls are 
actually suffered with the damage rank of either ‘collapse’ or 
‘cracking’. On the other hand among Peru data 2 data with 

3.0a   are observed, showing the collapse: 3.35 with h  
of 2.13m and 3.15 with h  of 2.28m. It is inferred from 
these data that when the value of a  is slightly larger than 
3.0, a wall has low possibility to actually collapse due to 
variation of strength of material properties and construction 
condition when fabricating a wall. For Samoa data (Figure 
3(b)) 6 data with 3.0a   are observed, showing 1.20~2.97 
with h  of 2.55m. These walls collapse actually, the reason 
is why Asakura formula is valid in these cases. In addition 2 
data with 3.0a   are observed as well as for Peru data: 
3.03 and 3.29 with h  of 2.55m. These walls also collapse 
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although 3.0a  . From Figure 3(c) Chile data has 4 data 
with 3.0a  : they show 3.34~6.77 with h  of 
0.81m~1.00m. Among them we can say Asakura formula 
may be valid because 3 data have no damage although one 
data shows cracking. 

When walls with a  of slightly larger than 3.0 in Peru 
and Samoa data are assumed to be suffered by ty2-m2, a  
becomes less than or equal to be 3.0. It is quite likely that 
these walls actually collapsed with a failure mode by not 
ty2-m1 but ty2-m2. 

By comparing Figure 3(a), (b) with Figure 4(a), no data 
with 3.0a   showing no damage in Peru and Samoa data 
are observed whereas 4 data with 3.0a   showing no 
damage in Sri Lanka and Thailand data are observed. In 
contrast, Sri Lanka and Thailand data have one data with 
collapse regardless of 3.0a   as well as Peru and Samoa 
data. By comparing Figure 3(c) with Figure 4(b), as we 
mentioned above, there are one data with 3.0a   showing 
cracking with ty1 failure mode in Chile data as well as two 
data in Java data, which a  especially show 4.19~5.33. 
Therefore it is possible that a wall with a of around 4~5 
beyond 3.0a  , that has larger tsunami strength, suffers 
with cracking failure mode due to a tsunami wave. 
 
 
5.  CONCLUDIONS 
 

We analyzed the tsunami damage data of 
confined-masonry-brick and concrete-block houses affected 
by the 2001 Peru tsunami, the 2009 Samoa tsunami and the 
2010 Chile tsunami. We classified them into three failure 
modes of a wall subjected to a tsunami wave: shear cracks 
induced in paired walls which are placed at right angles to a 
coastline (ty1), tensile failure induced out of a wall between 
bricks and concrete-blocks bonded with a frame by mortar 
(ty2 mechanism 1) and shear failure induced out of a wall 
between those (ty2 mechanism 2). Based on the formula 
proposed by Asakura et al. (2000) (Asakura formula) to 
evaluate tsunami wave pressure distribution on a structure 
located at the land behind on-shore structures, used for 
designing a tsunami evacuation building (Japanese Cabinet 
Office 2005), by assuming 24 failure modes for subject 13 
walls, we identified the required tsunami strength of a wall 
which is not suffered with an inundation depth. Following 
conclusions were deduced. 
(1) 16 data with 3.0a   show collapse and cracking 
failure modes, and 3 data with 3.0a   show no damage 
among 24 assumed failure modes. Hence from these results, 
Asakura formula is almost valid to evaluate tsunami strength 
of a wall subjected to a non-breaking tsunami wave. 
(2) When subject walls with a  of slightly larger than 3.0 
(3.03~3.35) in Peru and Samoa data are assumed to be 
suffered by ty2 mechanism 2, a  becomes less than or 
equal to be 3.0. It is quite likely that these walls actually 
collapsed with failure mode by not ty2 mechanism 1 but ty2 
mechanism 2. 
(3) One data with 3.0a   showing cracking with ty1 
failure mode in Chile data is observed as well as two data in 

Java data, which a  especially show 4.19~5.33. Therefore 
it is possible that a wall with a of around 4~5 beyond 

3.0a  , that has larger tsunami strength, suffers with 
cracking failure mode due to a tsunami wave. 
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Abstract:  This paper discusses various effects of horizontal diaphragm flexibility on dynamic properties and seismic 
responses of timber structure.  Equations of motion of a building with multiple discretized diaphragm elements are 
derived by defining reduced degrees of freedom.  A method to predict seismic responses is proposed by using the 
reduced degrees of freedom, and example structures are used to demonstrate its accuracy and advantages.  Modification 
of the method to rationalize and improve the conventional method is also discussed, by indicating good accuracy except 
when horizontal diaphragm is very flexible and stiffness eccentricity is large.  A criteria for “rigid diaphragm” is 
proposed, and required values of the key parameters are clearly indicated.  Finally, Application of the method to 
multi-span structure more than 3-span is also demonstrated. 

 
 
1.  INTRODUCTION 
 

All the elements resisting horizontal forces should be 
connected with stiff and strong floor diaphragm in terms of 
seismic resistance.  Additionally, rigid floor is necessary to 
analyze seismic behavior of structure using simplified model 
such as multi-mass model with shear spring.  Therefore, 
seismic design codes in many countries are based on “rigid 
floor assumption”. 
    However, floor diaphragm of Japanese timber 
structures may not be stiff enough to satisfy rigid floor 
assumption.  The relation between floor stiffness and 
seismic response has been studied through many 
experiments and analyses of 3-dimensional frame model.  
Kawai (2000) studied applicability of equivalent 
linearization method for evaluating seismic response of 
timber structure with plywood shear walls and flexible floor 
diaphragm.  The study showed that the prediction had good 
accuracy except when stiffness eccentricity was large 
because the method considered equally distributed inertial 
force. 
    Conventional methods do not seem to have enough 
accuracy because theoretical approach is lacked.  Therefore, 
evaluation method of dynamic properties considering floor 
flexibility is required. 
    In Japan, floor diaphragm usually consists of timber 
panels fastened to floor frame with nails.  Since 
connections of timber structure are like pin joints, floor 
frame deforms keeping parallelogram.  Considering above 
behavior of timber structure, the authors have already 

presented dynamics-based approach for 1-span model, 
which is able to consider exact distribution of inertial force 
and displacement mode subjected to earthquake.  The 
theory gives dynamic properties using some familiar 
properties of structure. 

The objective of this research is to extend the theory to 
2-span model and present reduced expression for timber 
structure with flexible floor diaphragm.  How to determine 
criteria for “rigid floor” is also discussed using key 
parameters derived from equation of motion.  Finally, 
proposed method is applied to multi-span structure more 
than 3-span, and its validity and advantage are demonstrated. 
 
 
2.  EQUATION OF MOTION 
 
2.1  Considered Model 
    As shown in Fig. 1, 2-span single story model with 
multiple discretized diaphragm elements subjected to 
x-directional input motion is considered.  Three springs and 
dashpots in each direction represent frames or walls.  Floor 
diaphragm is divided to four areas ; Area11, Area12, Are21 
and Are22, respectively. 
    If each area acts like shear panel, displacement mode of 
structure is defined as shown in Fig. 2.  Components of 
rigid body which does not includes shear deformation of 
floor diaphragm are ux and θ.  These are displacement of 
center of mass (c.m.) in x-direction and rotation around c.m., 
respectively.  Other components are attributed to shear 
deformation of floor diaphragm ; γx1, γx2, γy1 and γy2, 
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respectively.  These are selected in condition that γx1 + γx2 - 
γy1 - γy2 equals to zero, which means shear forces do not 
rotate floor diaphragm. 
    If bilaterally symmetric structure is considered, γy1 = γy2 
(= γy) is derived.  Moreover, ux, (θ + γx1), (θ + γx2) and (θ - 
γy) are dominant parameters to express motion of structure.  
As a result, it is found that the structure can be dealt with 
4-degrees of freedom system. 
    Besides, beams are likely to affect stiffness of floor 
diaphragm.  For example, if γx1 does not equal to γx2, beams 
must be bent around their weak axes.  Aoki et al. (2002) 
have reported that bending stiffness of beams is likely to 
affect total stiffness of floor diaphragm especially when floor 
shear stiffness is small.  Owing to this, rotational springs 
are added in boundary of each area as shown in Fig. 3, 
which represents bending of beams and outputs moment 
proportional to (γx1 – γx2). 
 
 
2.2  Equilibrium of Force in An Area 

Fig. 4 shows an example of equilibrium of force in Area 
11.  1) Total forces and moment of stiffness element in 
Area11, 2) Inertial force, 3) Shear forces transmitted from 
adjacent panels and 4) Bending moment of beams are taken 
into account.  Coordinate of stiffness element and mass 
element in Area ij is defined as shown in Fig. 5, and the 
following parameters are calculated. 
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Where, the following parameters are added. 
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right member of Eq. (5) is satisfied only when mass is 
equally distributed.  G, V0 = shear modulus and volume 
when floor diaphragm of each area is assumed to be elastic 
plate.  bKθ = Rotational stiffness of spring located in 
connection between lower areas (i.e. Area 11 and Area 12) 
and upper areas (i.e. Area 21 and Area 22).  Qx1, Qy1 = 
shear forces transmitted from adjacent panels, which are not 
shown in equilibrium of total area because these are internal 
forces of floor diaphragm. 
 
 
2.3  Equilibrium of Force in Total Area 
    By considering equilibrium of force in all areas and 
setting origin in center of mass, equation of motion is 
obtained as follows. 
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Where, we use m = 4m0 and V = 4V0, and the following 
parameters of global coordinate system are also defined. 
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In Eq. (8)-(9), index “1” and “2” mean that the parameter is 
defined in “lower areas” and “upper areas”, respectively.  
Hence, the following relations are satisfied. 
 

21 xxx KKK +=  ,  ( ) ( ) ( )yxx KKKK θθθθ ++= 21  

( ) xyxyxy KeKeKe 2211 +=  (10a-c) 

 
These three parameters are commonly-used for rigid 
diaphragm structure. 
 
2.4  Normalization of Equation of Motion 
    In this section, parameters in equation of motion are 
normalized instead of physical parameters.  At first, the 
followings are defined. 
 

mKxx =ω  ,  IKθθω =  (11a,b) 
 
Where, ωx , ωθ = the natural circular frequency of the 
structure assuming its rotation/translation is fixed, 
respectively.  In addition, the following coordinate 
conversions are conducted. 
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Where, rm = radius of gyration, I = moment of inertia.  The 
right member of Eq. (12d) is satisfied only when mass is 
equally distributed.  Using above parameters, Eq. (6) is 
converted as follows. 
 

{ } gu&&&& 1mukum −=+  (13) 

( )
( )

( ) ⎥
⎥
⎥
⎥
⎥

⎦

⎤

⎢
⎢
⎢
⎢
⎢

⎣

⎡

−
+

+
−

=

21.
041
0041
0441

α
α

α

sym

rlrl mymy

m , 

⎪
⎪
⎭

⎪
⎪
⎬

⎫

⎪
⎪
⎩

⎪
⎪
⎨

⎧

=

y

x

x

x

u
u
u
u

Δ
Δ
Δ

2

1u , { }
⎪
⎪
⎭

⎪
⎪
⎬

⎫

⎪
⎪
⎩

⎪
⎪
⎨

⎧

=

0
0
0
1

1  

⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥

⎦

⎤

⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢

⎣

⎡

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
+

−⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
++

−−⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
++

−−

=

2

2
2

2

2

2

2

2

2

2

2

2

2
2

2
2

2

2

2

2

2

2

2

2

2

2

2

2

2

2
1

1
2

2

2

2
2

1
1

2

4
sin.

88
cos

88
cos

01

θ

γθ

θ

γθ

θθ

γ

θ

θθ

θ

γθ

θ

θ

θθ

γ

θ

θθ

ω
ω

ψ
ω
ω

ω
ω

ω
ω

ω
ω

ω
ω

ψ
ω
ω

ω
ω

ω
ω

ω
ω

ω
ω

ω
ω

ω
ω

ψ
ω
ω

ω

x
x

x

b
x

x

x

b

x

b
x

x

x

x
y

x

x
y

x

sym

K
K

K
K

K
Ke

K
Ke

k

  

 (14a-d) 
Where, 
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ωγ and ωb means floor stiffness against shear and bending, 
respectively.  Since their units are the same as circular 
frequency, “ω” is used.  In the stiffness matrix (Eq. (14d)), 
stiffness of floor diaphragm is expressed in nondimensional 
parameters ; ωγ/ωθ for shear and ωγ/ωθ for bending, 
respectively. 
 
 
3.  EVALUATION OF DYNAMIC PROPERTIES 
 
3.1  Model 
    In this paper, we focus on the effects of not only floor 
flexibility but also stiffness eccentricity.  As shown in Fig. 
6, two types of model with different stiffness balance are 
considered.  These models have nearly the same eccentric 
ratio Rex which is used in Japanese Building Standard Law.  
Rex means vulnerability to torsion, and it is calculated as 
follows. 

( ) 2
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y
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eKK

e
R

−
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θ

 (18) 

As for design of timber houses in Japan, Rex must be lower 
than 0.3.  Rex of model 1 and model 2 are about 0.3. 
    Another characteristic of this research is consideration 

of bending stiffness of floor diaphragm.  As mentioned by 
Aoki et al. (2002), the effect should not be neglected 
especially in the case of quite flexible floor diaphragm.  In 
this study, bending flexibility is simulated considering ideal 
rotational spring, and how to determine its stiffness is 
explained as follows. 
    As shown in Fig. 7, simple beam and rigid link system 
are considered.  When deflection of the two models are the 
same, we can obtain Kθb = 3EI / (2ly) .  Where, E = Young’s 
modulus of beam, I = moment of inertia of beam around 
weak axis.  However, we can not exactly evaluate I because 
wood panels are typically fastened to beams with nails.  
Therefore, E = 8 kN/mm and ly = 3.64 m are assumed, and 
two cases of I ( = (240*1203/12)*3, (240*1203/12)*3*10 ) 
are considered.  The former means that there are three 
usual beams (Kθb = 342 kNm/rad), and the latter is ten times 
of it (Kθb = 3420 kNm/rad).  These are described as “small 
bending stiffness” and “large bending stiffness”, 
respectively.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  
3.2  Comparison of dynamic properties 
    We can obtain dynamic properties such as natural 
circular frequencies and modal shapes by solving eigen 
problem of Eq. (13).  Examples of evaluation are shown in 
Fig. 8.  Three combinations of ωγ/ωθ (shear stiffness) and 
Kθb (bending stiffness) are considered ; ωγ/ωθ = 0.7 (small 
bending stiffness), ωγ/ωθ = 0.7 (large bending stiffness) and 
ωγ/ωθ = ∞ .  ωi means natural circular frequency of i-th 
mode.  In all cases, dominant motion of 1st. mode is 
translation, 2nd. is torsion, 3rd. and 4th. are floor 
deformation, respectively.  In the case of ωγ/ωθ = ∞ , 3rd. 
and 4th. modes do not appear. 
    Fig. 8 shows that if ωγ/ωθ is low, modal shape of 1st. 
mode includes not only torsion but also shear deformation of 
floor and ωi is reduced.  In the case of model 2, bending 
stiffness also affect dynamic properties of 1st. mode.  In  
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contrast, those of model 1 are not so affected by bending 
stiffness.  While natural circular frequency of 4th. mode is 
quite affected by binding stiffness, it is not likely to be 
important in terms of seismic response. 
 
 
4.  EVALUATION OF SEISMIC RESPONSE 
 
4.1  Procedure of Evaluation 
    In this paper, two evaluation methods are used. 
a)  Spectrum procedure 
    It is assumed that pseudo acceleration spectrum Spa is 
constant and damping ratio of all modes are the same.  
Using SRSS method, maximum deformation of inner frame 

max,xu , flexible side frame max,1xu , stiff side frame max,2xu  
and orthogonal outer frame max,2yu  are calculated as 
follows. 
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Where, φi , βi = eigen vector and participation factor of i-th 
mode, respectively. 
    Similarly, maximum acceleration of each frame is 
evaluated as follows. 
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In Eq. (21), only 1st. mode is taken into account because of 
the reason described later. 
 
b)  Static procedure 
    Generally, equally distributed lateral force is used for 
pushover analysis for 3-dimensional model even when floor 
diaphragm is not so stiff.  Maximum displacement by this 
method is calculated as follows. 
 

{ }1mku 1
smax,

−= paS  (22) 
 
m, k and {1} are shown in Eq. (14).  This procedure 
assumes paxxx Suuu === max,2max,1max, &&&&&&  and 0max,2 =yu&& . 
 
 
4.2  Results and Discussions 
    In this section, results from two procedures are 
compared.  Spectrum method using SRSS method is likely 
to be accurate result, and accuracy of spectrum procedure 
considering only 1st. mode and static procedure are 
examined. 

Fig. 9 shows distribution of maximum displacement 
and acceleration of model 1 (small bending stiffness), model 
2 (small bending stiffness) and model 2 (large bending 
stiffness).  As for model 1, only “small bending stiffness” is 
examined because dynamic properties of model 1 are not so 
affected by bending stiffness as described in section 3.2.  
ωγ/ωθ = 0.7, 1.5,∞  and Spa = 196 cm/s2 are considered. 
    At first, it is found that the results of maximum 
displacement from spectrum procedure using SRSS method 
and 1st. mode are nearly the same.  For this reason, when 
we conduct pushover analysis, distribution of external force 
should be similar to modal shape of 1st. mode.  However,  
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distribution shapes of acceleration from spectrum procedure 
(1st. mode) and static procedure are quite different.  
Therefore, the reliability of static procedure seems to be a 
little lacked.  Actually, the accuracy of static procedure is 
reduced in the case of model 1 while they are not so reduced 
in the case of model 2. 
    Secondly, maximum displacement of various ωγ/ωθ is 
focused on.  When ωγ/ωθ is infinity, maximum 
displacement angle of flexible frame of all models are nearly 
less than 1/100rad.  However, the less ωγ/ωθ is, the larger 
maximum displacement become.  It is remarkable 
especially in the case of model 1 and model 2 (small 
bending stiffness).  As we have pointed out in the previous 
research (2011), 5.1/ ≥θγ ωω  seems to be reasonable 
criteria for rigid diaphragm, which means dynamic 
properties and seismic response are not so different from 
those of structures with infinitely rigid diaphragm. 
 
 
5.  APPLICATION TO MULTI-SPAN STRUCTURE 
 
5.1  Modification of Equation of Motion 
    If inner frame is eccentric, we can not use Eq. (6) and 
(13).  Therefore, modification of model and equation of 
motion is necessary.  As shown in Fig. 10, let ply and (2－
p) ly be the length of lower/upper areas in y-direction, 
respectively.   In the previous chapters, we assumed p = 1. 

    Origin is set in the position as shown in Fig. 10 instead 
of c.m..  As a result, ux is defined as displacement in origin.  
Therefore, Eq. (6) is modified as follows. 
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Index “,0” means that the parameter is defined when origin 
does not overlap with c.m. (i.e. 1≠p ).  Therefore, the 
following relations are satisfied. 
 

( ) yyy lpee −+= 110,1  ,   ( ) yyy lpee −+= 120,2  (24a,b) 
( ) ( ) ( ) ( )[ ]yyyx

xx lpelKpKK −+−+= 121 1110,1 θθ  
( ) ( ) ( ) ( )[ ]yyyx

xx lpelKpKK −+−+= 121 2220,2 θθ  (25a,b) 
 
Normalization of equation of motion like section 2.4 is 
omitted. 
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5.2  Example Structure 

In this section, Eq. (23) is applied to multi-span 
structure more than 3-span.  As shown in Fig. 11(a), the 
model of two spans in x-direction and four spans in 
y-direction are studied.  This is modeled on the specimen of 
traditional timber house tested by Shimizu et al. (2010).  
Only mud walls are considered as stiffness element and floor 
stiffness is thought to be relatively low.  The stiffness is 
identified from other tests.  Natural period of the model is 
assumed to be 0.4 sec when the model has no stiffness 
eccentricity and floor diaphragm is rigid. 

 
 

5.3  Verification of Adequacy 
    When the model is converted to reduced 2-span model, 
we can not determine where to locate inner frame.  

Therefore, three cases (p = 0.67, 1, 1.33) are tried as shown 
in upper part of Fig. 11(b),(c),(d).  By doing so, natural 
period and modal shape of 1st. mode are evaluated.  These 
are compared with the results from eigen analysis of detailed 
frame model (Fig. 11(a)) in lower part of Fig. 11(b),(c),(d).  
It is found that the model of p = 0.67 shows good accuracy 
and its T1 is longest in all models.  It is noted that if p is 
smaller than 0.67, T1 becomes shorter than 0.488 sec. 
    As a result, we can conclude that dynamic properties of 
multi-span structure are estimated by calculating those of a 
few reduced 2-span models.  The model of longest T1 is 
reasonable solution. 
 
 
6.  CONCLUSIONS 
 
    In this paper, reduced expression for timber structure 
with flexible floor diaphragm is presented.  The findings of 
this research are as follows. 
1) Equations of motion of a building with multiple 

discretized diaphragm elements are derived by defining 
reduced degrees of freedom. 

2) In this model, not only shear stiffness of floor 
diaphragm but also bending stiffness of beams are taken 
into account.  If shear stiffness of floor diaphragm is 
quite low, bending stiffness may affect dynamic 
properties. 

3) Considering characteristics of typical timber houses, 
seismic response mainly derives from 1st. mode.  
Therefore, if pushover analysis for 3-dimensional 
model is conducted, we should consider not equal 
distribution of external force, which is typically used, 
but distribution similar to 1st. modal shape. 
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4)  Proposed method is based on definition of 2-span 
structure.  However, it can be applied to 3-span 
structure or over.  
In this research, linear structure is considered.  

However, equivalent linearization method based on this 
approach is likely to be effective for non linear structure.  
We will show the applicability in the future. 
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Abstract: Timber framed buildings exist all over the world. There are many examples, especially since the 16th century 
until today. These buildings are made of timber frames (columns, beams and diagonals) that can be filled with clay brick 
or natural stone masonry. 
In some countries timber framed masonry buildings are considered historical heritage, requiring particular attention their 
seismic resistance evaluation, including numerical and experimental studies. In REABEPA project, financed by FCT 
Portugal, four wall specimens were tested in a quasi-static regime, with cyclic horizontal increasing displacements up to 
failure under a constant vertical load. The experimental study was conducted on two pure timber braced frames and two 
timber framed masonry walls. 
This experimental campaign, presented in the paper, allowed assessing the role of the timber and masonry elements in the 
whole wall behavior. Moreover, based on the analysis of the collapse modes, more effective reinforcement techniques 
may be defined in order to improve the strength, deformation capacity and energy dissipation of this type of walls. 

 
 
1.  INTRODUCTION 
 

Pombaline buildings, named after Marquis of Pombal, 
built after the great earthquake that destroyed Lisbon in 1755, 
represent one of the best examples of earthquake resistant 
historic buildings with timber framed masonry structure. 
However, these buildings, in addition to their natural 
degradation and many inappropriate interventions, are not 
prepared to withstand severe seismic actions currently 
required by seismic codes. In this context, they are more and 
more subjected to retrofitting and strengthening. The success 
of such projects strongly depends on the accuracy of 
structural modeling, which in turn depends on existing 
knowledge about the behavior of existing structure. 
 

 
 

 
Limited knowledge about the behavior of the whole 

pombaline system and, in particular, the behavior of  its 
structural walls, motivated experimental research project 

PTDC/ECM/100168 - REABEPA, carried out in the 
Department of Civil Engineering of IST, Technical 
University of Lisbon, Portugal, being funded by FCT. 

Until this project few experimental studies were made 
on the pombaline walls, but insufficient to characterize their 
behavior. 

Due to the structural complexity of the pombaline 
system and the numerous involved factors, only the simplest 
module, namely, the St. Andrew’s cross, with and without 
masonry infill, was studied within the first experimental 
campaign of REABEPA project. Testing objective was to 
assess the resistance and deformation capacity of the 
specimens and to analyze the contribution of the two 
constituent materials - wood and brick - to the behavior of 
the specimen. 

As expected, specimens with masonry infill showed 
higher stiffness and strength than simple timber frames. 
Masonry infill also influences failure mode, avoiding lateral 
instability of compressed diagonal. Masonry contribution is 
expected to be even more important when timber skeletons 
are subjected to higher vertical loads. 
 

 
2.  EXPERIMENTAL PROGRAM 
 

In the second experimental campaign a bigger part of a 
wall was studied, but, for practical reasons, still smaller than 
an entire wall. Thus, all sizes were according to the real 
situation, as shown in Figure 2. 

 

Figure 1  Lisbon’s city center with pombaline heritage 
buildings 
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For numerical modeling structural analysis programs 
SAP 2000 and Abacus were used in parallel, to check the 
accuracy of the results. 

Analyzing previous experimental studies data it was 
found that numerical analysis overestimates the behavior of 
specimen under lateral force for masonry, therefore in the 
current study the numerical analysis was calibrated with the 
existing experimental results. 

Specimens will be herein after referred to as timber 
frame (TF) and, respectively, masonry wall (MW), as seen in 
Figure 3. 
 

 

Figure 3  Timber frames – TF (left) and masonry walls – 
MW (right)  

 
To be noted that this type of wall can be found inside of 

pombaline building, in both directions (Figure 4) having a 
structural role. 
 

 

 
 

The four tested panels are parts of structural walls, 
which are components of the pombaline structure, and each 
of them consists of 4 simple modules (St. Andrew's cross). 
Specimens have a timber frame structure with and without 
masonry infill, the objective being to understand the 
contribution of each material (timber, masonry) to the wall’s 
global structural behavior. 

The testing consisted in quasi-static cyclic testing 
applying horizontal displacements at the top of the specimen 
and at the same time a vertical load to simulate the weight of 
the rest of the structure. 

Horizontal displacements application was carried out 
according to a loading protocol (Figure 5) which was 
developed in the project CUREE/Caltech Woodframe 
(Krawinkler H. et al., 2000). All specimens were subjected 
to the same loading protocol so the results can be compared. 

The objectives of this procedure were to obtain 
sufficient information to describe elastic and inelastic cyclic 
properties of the specimen wall and the representative 
requirements imposed to walls by seismic action. 
Amplitudes of reversible cycles depended on the average 
ultimate displacement obtained in numerical analysis, 
du = 54 mm. 

 

 
 
 

 
3.  TEST SETUP 

 

The main test set-up fixed equipment consisted of: 
foundation steel beam with box supports, 1000 kN screw 
jack actuator mounted on a reaction wall and a bracing 
frame to avoid lateral displacement of the specimens upper 
part. The instrumentation equipment consisted of 
displacement transducers and load cells. The transducers 
were used to measure horizontal displacement at the top of 
the wall and along the height of the wall (Figure 6, D1-D4), 
vertical displacement (settlement) (Figure 6, D5-D7) and 
diagonal elongation (Figure 6, D8, D9). Load cells were 
used to control the vertical load (Figure 7). 

Figure 2  Dimensions of tested pombaline panels 
 

Figure 4   The position of structural timber framed walls 
inside the pombaline structure (Ramos J., 2002) 

Figure 5  Loading protocol (Krawinkler H. Et al., 2000)
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The data acquisition and control system consists of 

three basic elements, namely, the control unit, the data 
logger and the power jack screw command. The control unit 
is a personal computer that commands all the other 
equipment and that is used also for data storage. The data 
logger is the unit where the transducers are connected to, and 
where their analog signals are treated and digitized. The 
instruments used in these tests (displacement transducers and 
load cells) are composed by full Wheatstone bridge 
arrangements that are supplied and read by the data logger 
unit. The power jackscrew command controls the actuator 
motion and is, itself, controlled by the control unit. 

 
 

The testing campaign was developed in LERM 
laboratory of IST. A general view is presented in Figure 8. 
 

 

 
 

The specimens are considered rigidly connected to the 
steel beam. The connection was made with metal plates and 
screws. 

At the upper part the bracing frame was mounted to 
avoid lateral displacement of the specimen (Figure 9). To 
ensure an uniform distribution of the vertical load simulating 
the self-weight of upper storeys a I profile steel beam was 
also mounted at the upper part of the specimens where the 
load was applied with steel cables connected to hydraulic 
jacks.  
 

 
 

 
 
 
4. TESTS’  RESULTS 

 

The main result of each test is the recorded force – 
displacement curve. It may be used to quantify the strength, 
the stiffness and the “ductility” of the specimen and the 
reduction of strength and stiffness due to cyclic loading. 
These tests results are presented in the following Figures 10 
to 13 together with the failure mode of each panel (Dutu A. 
et al, 2011).  

 

 
Figure 10  Lateral load – drift curve and failure mode for TF1 

 

 
Figure 11  Lateral load – drift curve and failure mode for TF2 

 

Figure 8  Testing scheme 
 

Figure 9  Steel frame at the top of the panel  
 

Figure 7  Load cells 
 

Figure 6  Displacement transducers  
 

- 1295 -



Figure 12  Lateral load – drift curve and failure mode for MW1
 

Figure 13  Lateral load – drift curve and failure mode for MW2
 

Figures 14 to 16 show the settlements of the walls, 
measured with displacement transducer D6 (Figure 6) 
subjected to cyclic load (Seki M. et al., 2010). Because the 
instrumentation of the first panel was different from the 
other 3, settlement could not be measured. 

 

 

Figure 14  Lateral - vertical displacement relation for TF2
 

 

Figure 15  Lateral - vertical displacement relation for MW1
 

Figure 16  Lateral - vertical displacement relation for MW2
 

 
5. DISCUSION 

 

The four force-displacement curves obtained in the tests 
are compared in Figure 17. 
 

 
 

 
The difference of behavior between pure timber frames 

and timber framed masonry walls is visible, considering the 
higher stiffness of the latest. All specimens failed around 
6.75% drift, but due to some limitations of the equipment 
used to introduce vertical load only the results up to 2.7% 
drift were considered. 

The failure for the pure timber braced frames happened 
in the same diagonal, the one subjected to compression load. 
A significant lack of stability and out-of-plane behavior was 
observed at TF1 and TF2 panels.  

MW1 and MW2 both failed in the middle horizontal 
wood element, subjected to share force. The masonry infill 
reduced the out-of-plane behavior and increased stiffness 
with 50%. 

For the numerical modeling before the second 
experimental campaign of REABEPA, the timber vertical, 
horizontal and diagonal elements were defined as liniar 
elements with a Young modulus that was reduced according 
to Table 1, adding the fact that the reduction was only for the 
diagonals, the rest of the elements having the same Young 

Figure 17  Force – displacement curves 
for all the tested panels 
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modulus as in the first experimental campaign of REABEPA, 
12 GPa. The masonry was simplified modeled with „solid” 
elements, having also a reduced Young modulus, starting 
from the 0,5 GPa value (Table 1). 

 
 
 
 

Material 

Elasticity modulus (GPa) 

Before first 
campaign 

Before the 
second 

campaign 

After 
second 

campaign  

Timber 

Horizont
al and 
vertical 

elements 

12 12 0,3 

Diagonal 
elements 

12 0,3 0,3 

Masonry 0,5 0,1 0,05 

 
Considering experimental results and the fact that the 

numerical model is linear-elastic, initial stiffness was 
compared and a 50% difference was noticed, the numerical 
results overestimating the panels’ behavior when subjected 
to lateral force. Therefore, the numerical model was 
calibrated acording to experimental tests results, thus being 
necessary a new decrease of elasticity modules values (Table 
1). 

The results are shown in Figure 18 for pure timber 
(TF1) and in Figure 19 for timber framed masonry (MW1), 
where model 1 represents numerical model before the 
second experimental campaign of REABEPA, and model 2 
represents numerical model after calibration with latest 
experimental tests.  

 

 

 

 

 

 

 

 

 

 

 
An explination for the significant stiffness difference 

can be that for numerical modeling the joints were 
considered rigid, while in the reality they are flexible, 
especially because of the half-timbering that decreases the 
element’s strength on the reduced section. This is 
highlighted by the failure mode of the two pure timber 
panels, namely in the compressed diagonal, where the 
half-timbering was made.   

Though for timber framed masonry panels the failure is 
not happening in the compressed diagonal, there is the same 
stiffness difference between numerical and experimental 
results, of 50%, that can be explained by considering the 
masonry as homogenized continuum (Lourenco P.B, 1996), 
and not as a complex nonlinear behavior material. 

Regarding the settlement, that can be observed from the 
lateral - vertical displacement relation, to be noted that the 
timber vertical central element makes it insignificant 
comparing it to the settlement values for unreinforced 
masonry panels (Seki M. Et al., 2010). 
 

 
5. CONCLUSIONS 

 
According to the force-displacment curves, all four 

specimens presented reduced capacity to dissipate seismic 
energy, but they showed important stiffness, the failure 
occurring at 6.75 % drift, good deformation capacity being 
obvious. Up to the considered drift value of 2.7% no 
significant damage was observed.  

Comparison of pure timber with timber framed 
masonry panels showed an increase of stiffness of 50% of 
the latest. The masonry infill reduced significantly the 
out-of-plane behavior. 

Considering experimental results and the fact that the 
numerical model is linear-elastic, initial stiffness was 
compared and a 50% difference was noticed, the numerical 
results overestimating the panels’ behavior when subjected 
to lateral force. Therefore, the numerical model was 
calibrated acording to experimental tests results, thus being 
necessary a new decrease of elasticity modules values, of 0,3 
GPa for timber elements, respectively, 0,05 GPa for 
masonry. 

Figure 18  Comparison of experimental with numerical 
lateral force – lateral drift curves for TF1 

Figure 19  Comparison of experimental with numerical 
lateral force – lateral drift curves for MW1 

Table 1  Calibration of elasticity modulus with the results of 
experimental campaigns of REABEPA 
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The settlement is significantly reduced comparing to 
unreinforced masonry panels situation (Seki M. Et al., 
2010). 

This experimental campaign, presented in the paper, 
allowed assessing the role of the timber and masonry 
elements in the whole wall behavior. Moreover, based on the 
analysis of the collapse modes, more effective reinforcement 
techniques may be defined in order to improve the strength, 
deformation capacity and energy dissipation of this type of 
walls. 
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Abstract: Expensive architectural components that are common in light-frame buildings such as cladding and partition 
wall finishes and cabinetry are vulnerable to damage at very small drift levels. While engineering practice has moved 
toward providing increased structural ductility in exchange for reducing strength, this approach makes less sense for light 
residential construction where added strength is inexpensive and damage produced by small deformations can be costly. 
This paper outlines new design methodologies which have been formulated to minimize damage to low-rise light-frame 
structures during earthquakes. Two design approaches are being considered as part of this research plan. The first concept 
involves providing increased lateral strength and stiffness in a cost- effective manner by utilizing architectural 
components that are already installed as finishes in light-frame structures. The second design approach includes 
developing a base isolation system composed of inexpensive parts. Experimental results from tests of building 
components designed to increase strength and stiffness in framed structures are presented and compared to 
conventionally-built components. Data from tested elements including sheathing-to-framing fasteners, sheathing joints, 
and gypsum-clad shear walls are presented. Physical and computational simulations that will be carried out in the future 
as part of this test program are also outlined. 

 
 
1.  INTRODUCTION 

 

    While building codes in the US generally provide 

adequate life safety for low-rise residential facilities, 

economic loss and disruption to structural functionality can 

be severe in cases of moderate and severe earthquakes. For 

example, the 1994 Northridge Earthquake produced $20 

billion in estimated losses to light-frame buildings (Schierle 

2002). Similarly, it is estimated that a repeat of the 1906 San 

Francisco Earthquake could displace 160,000 to 250,000 

households (Kircher et al. 2006). One reason these 

catastrophic consequences occur is because architectural 

components that are common in light-frame buildings such 

as cladding and partition walls are often vulnerable to 

damage at very small drift levels. Repair or replacement of 

these damaged components that are usually considered 

architectural is often expensive. Unlike larger steel and 

concrete buildings, partitions, stucco, and other finishes in 

light-framed buildings are integral to the structural system; 

this means that they attract loads and are subjected to similar 

deformations as the structural system during seismic loading. 

While engineering practice over the past decades has moved 

toward providing increased lateral structural ductility in 

exchange for less strength, this approach makes less sense 

for low-rise residential construction where added strength is 

inexpensive and small deformations can be costly.   

    The goal of this research is to investigate ways of 

improving the damage resistance of low-rise residential 

structures during earthquakes. Two design approaches are 

being considered as part of this research plan. The first 

concept involves providing more lateral strength (i.e. using a 

smaller response modification coefficient) in a cost effective 

manner by utilizing the strength and stiffness of architectural 

components that are already installed in framed structures. 

This limited-ductility design approach is likely appropriate 

for areas of low to moderate seismicity where the likelihood 

of structural demands exceeding prescribed limits is low. 

The second design method involves designing a low-cost 

base-isolation systems composed of Commercially available 

Off-the-Shelf (COTS) parts that effectively limit story drifts 

and damage during strong ground shaking. This alternative 

would be more suitable for high seismic areas or near fault 

locations where the enhanced strength design is deemed 

insufficient to eliminate or minimize seismic damage. 

 

1.1 Limited Ductility Design Concept for Light-Framed 

Buildings 

    This design approach is focused on exploring various 

methods of providing increased strength and stiffness to 

light-weight wood framed structures at a nominal cost by 

adequately incorporating the installation of architectural 

components into the lateral force-resisting system. Currently, 
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most low-rise framed structures are designed by providing 

plywood, oriented strand board (OSB), or metal sheathed 

shear walls to resist the design level lateral loads, which are 

reduced by a large response modification coefficient. The 

partitions, cladding, ceilings, and other finishes are then 

added; however, their strength contribution is often 

neglected in design calculations. This is likely done because 

partition walls are allowed relatively low response 

modification coefficients, and are thus considered brittle. 

This current design methodology presents difficulty for 

light-frame structures since response modification 

coefficients are based on the concept that displacement 

demands aren’t sensitive to lateral strength (i.e. the “equal 

displacement” notion). However, Ruiz-Garcia and Miranda 

(2003) demonstrated that for short period buildings such as 

framed residential structures, the deflection amplification 

factor should be much greater than one. This is especially 

true for cases where the response modification is large (i.e., 

large R-values in U.S. seismic design standards). This 

suggests that increasing design strength can significantly 

decrease inelastic drift demands for short-period structures. 

Additionally, providing increased stiffness will decrease 

elastic displacement demands while not significantly 

changing strength demands; this occurs because the design 

acceleration spectra are typically flat at short periods. 

 

1.2 Base Isolated Light Framed Structures 

    Base isolation has not often been used in light-weight 

framed structures because many isolation systems require 

relatively large masses to appropriately function; most 

isolation systems are not economically feasible for use in 

small lightweight residential construction. However, some 

researchers have proposed systems for use in light-frame 

buildings. Sakamoto et al. (1990) investigated an elastomeric 

isolation bearing system for use in residential structures. The 

system’s implementation resulted in reduced acceleration 

demands and substantial damping, but the bearings were too 

small to accommodate the large lateral deformations 

required in high seismic areas. Pall and Pall (1991) installed 

a friction sliding isolation system on a 2-story house in 

Canada. Though appropriate for areas of moderate seismicity, 

the system again did not allow for adequate displacements 

which might be incurred in high seismic regions. Still other 

researchers have proposed friction pendulum isolators for 

light low-rise systems (Zayas and Low 1997, Van de Lindt 

2011). Though effective, these devices are costly due to the 

amount of machining required to form the concave sliding 

surfaces in the devices, particularly for large design 

displacement. 

    For base isolation to be financially feasible for 

light-framed structures, a cost-effective system must be 

devised. The proposed system involves the use of smooth 

steel bearings or transfer balls sliding on steel plates. This 

isolation alternative is fairly inexpensive, allows for large 

lateral deformations, and requires a small restoring force to 

bring the superstructure back to its initial location. Self 

centering will be achieved through the use of mechanical 

springs or fluoroelastomer cords. Damping will be provided 

by shock-absorbers produced for trucks or other machinery. 

Since the desired damping coefficient is proportional to 

mass and frequency, the amount of required damping to 

control isolation drifts is relatively small. 

 

1.3 Research Objectives 

    This research is aimed at improving the performance of 

light-framed residential structures when subjected to seismic 

loading. In addition to life safety considerations, this 

research is focused on minimizing residual damage which 

leads to displaced households and monetary loss. The 

following items describe the major research objectives. 

 

1. Formulate new limited-ductility design concepts which 

provide additional lateral strength and stiffness to 

low-rise framed structures at a nominal cost. This will 

be done by effectively unifying structural and 

architectural systems to operate in unison to limit story 

drifts and damage. This assimilation will be 

accomplished by enhancing partition walls and facades 

through the use of novel sheathing fasteners, panel 

joining methods, tie-downs, and other detailing. 

2. Develop low-cost base isolation systems for low-rise 

framed structures. These systems are intended to be 

used in areas or especially high seismicity where 

providing increased strength may be inadequate. 

3. Create and verify numerical models that simulate the 

behavior of both strength-enhanced and base-isolated 

low-rise systems. Computational models of building 

substructures will also be investigated and calibrated 

with data from test results. 

4. Devise a new design methodology that incorporates not 

only life safety concerns, but also considers life-cycle 

costs. This will involve designing structures to limit 

residual seismic damage in addition to the traditional 

force-based design procedure. 

    This paper focuses on evaluating details that have been 

developed to increase strength and stiffness in low-rise 

framed structures at a nominal cost. At the end of the paper, 

some details of physical and computational simulations that 

will be performed to verify the limited-ductility and base 

isolation design concepts are also shown. 

 

 

2.  EXPERIMENTAL PROGRAM 

    

    In order to understand the extent to which partition 

walls can be utilized to increase lateral strength and stiffness 

in framed structures, components of gypsum partition walls 

were tested. In this paper, the test results of two components 

of gypsum sheathed partition walls are presented. These 

components include gypsum-to-framing fasteners (including 

adhesives) and gypsum panel joints. Both conventional 

construction details and enhanced ones are presented.  

Additionally, small 1.21 m x 1.21 m (48 in x 48 in) walls 

sheathed with gypsum on both sides were tested in racking 

to determine the effect of gypsum-to-framing fastening 
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methods on the global behavior of partition walls.

the tests presented, 15.9 mm (⅝ in) -thick

retardant gypsum board was used as the sheathing

Fastener and wall tests utilizing both wood and cold

steel framing were performed. When wood framing was 

used, all framing members were composed of stud grade 

Douglas Fir. When cold-formed steel framing was utilized, 

20 gauge (1.0 mm) galvanized studs and tracks were used.

 

 

2.1 Wood and Cold-Formed Steel Framing

Fastener Tests  

    Two types of mechanical connections and an adhesive 

gypsum-to-framing connection were tested using wood 

framing. The first fastener tested was a conventional 41.2 

mm (1-5/8 in) coarse threaded screw; these fasteners are 

often used in the construction of gypsum-sheathed partition 

walls. The second mechanical fastener tested is an enhanced 

drywall fastener. This enhanced mechanical fastener is 

somewhat longer (44.5 mm) than the conventional screw

Also, the cross-section area of the top of the sc

somewhat larger as to provide a larger bearing area against 

the gypsum sheathing. The threaded portion of the enhanced 

fastener begins farther from the screw 

conventional drywall screws. This threaded region was 

designed to fit completely within the underlying wood 

member in the connection because many fasteners 

experience fracture at the narrow points of the threads. 

Placing the uppermost threads deep into the wood framing 

was used as a strategy to postpone fastener fracture.

enhanced fasteners used in this study were designed and 

commissioned by Ben Schmid who developed

MAXI-SYSTEM, a Trademarked construction method 

enhanced strength and stiffness for wood-frame structures

When using cold-formed steel framing, the mechanical 

fastener investigated was a conventional 41.2 mm (1

fine threaded screw with a self-drilling tip. The enhanced 

fastener wasn’t used in this case because the longer, thicker 

shank of the enhanced screw is intended for wood framing 

only. Additionally, an inexpensive construction adhesive was 

tested with both wood and cold-formed steel framing

connected to gypsum drywall. Mechanical fasteners were 

also tested in conjunction with the construction adhesive

Figure 1 shows the appearance of the mechanical fasteners 

tested. 

   

Figure 1. Mechanical Gypsum Fasteners

 

    In order to determine the behavior of individual 

al behavior of partition walls. For all of 

thick Type X fire 

was used as the sheathing material. 

Fastener and wall tests utilizing both wood and cold-formed 

When wood framing was 

used, all framing members were composed of stud grade 

formed steel framing was utilized, 

studs and tracks were used. 

Formed Steel Framing-to-Gypsum 

Two types of mechanical connections and an adhesive 

were tested using wood 

conventional 41.2 
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sheathed partition 

tested is an enhanced 

enhanced mechanical fastener is 

than the conventional screw. 

section area of the top of the screw shank is 

to provide a larger bearing area against 

he threaded portion of the enhanced 

screw head than 

This threaded region was 

designed to fit completely within the underlying wood 

member in the connection because many fasteners 

points of the threads. 

t threads deep into the wood framing 

was used as a strategy to postpone fastener fracture. The 

enhanced fasteners used in this study were designed and 

developed the 

a Trademarked construction method with 

frame structures. 

formed steel framing, the mechanical 

41.2 mm (1-5/8 in) 

illing tip. The enhanced 

fastener wasn’t used in this case because the longer, thicker 

shank of the enhanced screw is intended for wood framing 

Additionally, an inexpensive construction adhesive was 

formed steel framing 

echanical fasteners were 

with the construction adhesive. 

Figure 1 shows the appearance of the mechanical fasteners 

 
Mechanical Gypsum Fasteners 

behavior of individual 

fasteners and construction adhesive wh

gypsum to wood and cold-formed steel

panels (851 mm x 914 mm) were constructed. 

wood connections, these panels were framed on all sides 

with stud grade or better Douglas Fir 51 mm x 102 mm (2

x 4 in) nominally dimensioned members

connections, 20 gauge (1.0 mm) cold-formed members with 

outside dimensions of 38.1 mm x 88.9 mm were used. 

was provided on the center of one frami

placement of another stud framing member

parallel to the edge framing members. 

member was attached to the rest of the specimen only by the 

fasteners and/or adhesive to be tested, which were installed 

on the center stud to gypsum wallboard sheath

side of the panel. When mechanical fasteners were used, 

each panel contained four tested fasteners on each side of the 

panel spaced 178 mm (7 in) apart; the produced data 

indicates the average behavior over the eight fastener

utilized for each specimen. For connections

the adhesive compound was applied liberally to the entire 

contacting surface of the center stud before the gypsum 

sheathing was applied and allowed to 

framing was attached with an excess of mechanical fasteners 

to ensure failure occurred along the test stud during testing. 

In some tests, mechanical fasteners were used in conjunction 

with the tested adhesives along the center stud.

fasteners were used to connect the sheathing to the center 

stud, the tops of the fasteners were spackled

painted in order to observe the initiation and progression of 

damage during testing. The test panel setup is shown in 

Figure 2. 

 

Figure 2. Fastener Test Setup 

 

    All specimens were tested in an MTS 322 Test Frame 

using MTS System Software. The left and right panel

were attached to steel end channels throug

when used to attach 

formed steel framing, small 

mm x 914 mm) were constructed. When testing 

hese panels were framed on all sides 

Fir 51 mm x 102 mm (2 in 

members. When testing steel 

formed members with 

f 38.1 mm x 88.9 mm were used. A gap 

was provided on the center of one framing edge for the 

member to be positioned 

l to the edge framing members. This center stud 

member was attached to the rest of the specimen only by the 

to be tested, which were installed 

center stud to gypsum wallboard sheathing on each 

When mechanical fasteners were used, 

ach panel contained four tested fasteners on each side of the 

panel spaced 178 mm (7 in) apart; the produced data 

r the eight fasteners 

connections using adhesive, 

was applied liberally to the entire 

contacting surface of the center stud before the gypsum 

sheathing was applied and allowed to cure. The edge 

framing was attached with an excess of mechanical fasteners 

the test stud during testing. 

In some tests, mechanical fasteners were used in conjunction 

dhesives along the center stud. If mechanical 

o connect the sheathing to the center 

spackled, sanded, and 

painted in order to observe the initiation and progression of 

The test panel setup is shown in 

 
Fastener Test Setup  

All specimens were tested in an MTS 322 Test Frame 

The left and right panel edges 

were attached to steel end channels through the use of large 
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wood screws. The end channels were then connected to slots 

in the testing table of the machine through the use of large 

steel bolts. The center stud of the specimen was connected to 

a steel yoke using large wood screws. A threaded rod was 

used to attach the yoke to the test machine which moved the 

center stud vertically relative to the panel. For specimens 

utilizing cold-formed steel framing, in locations where the 

panels were attached to the test table and where the center 

stud was attached to the yoke, wood 51 mm x 102 mm (2 in 

x 4 in) nominally dimensioned members were shaped to fit 

inside the studs and screwed to the yoke and end channels 

through the cold-formed steel members. No deformation 

was observed at the connections of the specimens to the 

table or yoke during any of the tests. 

    Two potentiometric displacement transducers were 

used on each face of the panel to measure relative 

displacement between each sheathing sheet and the center 

wood stud.  Each type of connection was tested using a 

pseudo-static monotonic protocol and the CUREE Caltech 

displacement-controlled loading protocol (Krawinkler et al. 

2001). For the cyclic protocol, displacement steps of up to 

±51 mm (2 in) were taken. 

 

2.2 Framed Wall Tests 

    To determine the effect of fastener behavior on wall 

racking performance, three wood-framed 1.21 m x 1.21 m 

(48 in x 48 in) wall panels were built, one utilizing 

conventional 41.3 mm (1-⅝ in) coarse threaded screws, one 

with the enhanced mechanical fasteners, and a third with 

both enhanced mechanical fasteners and the construction 

adhesive to connect the framing to the gypsum.  Two 

cold-formed steel framed walls were also tested: one 

utilizing 41.3 mm (1-⅝ in) fine threaded drywall screws, and 

another using both fine threaded screws and the construction 

adhesive. When using wood framing, the panels were built 

with double top and sill plates to accommodate large shear 

bolts that were used to attach the specimen to the reaction 

floor and to the loading apparatus.  For all walls tested, 

double end studs were used to provide necessary connection 

area for large holdowns (Simpson HDU8) which were 

included to ensure minimal uplift of wall ends occurred 

during testing.  Two holdowns were used at each end of the 

walls. All wood used was of nominal size 51 mm x 102 mm 

(2 in x 4 in) cross section and all steel members were 20 

gauge (1.0 mm) 38.1 mm x 88.9 mm members. Each wall 

was sheathed on both sides with 15.9 mm (⅝ in) Type X fire 

retardant gypsum sheathing.  Vertical studs were spaced at 

406 mm (16 in) on center.  A perimeter fastener spacing of 

178 mm (7 in) and a field spacing of 305 mm (12 in) was 

used.  The plans for the wood wall panels are shown in 

Figure 3.   

 

Figure 3. Framed Wall Specimen Configuration 

 

    The top of each wall was attached to a long steel 

channel section by six shear bolts that passed through the top 

plate of the wall. The channel was bolted to an end plate that 

was connected to a 200 kN (45 kip) single ended MTS 

actuator (model 201.45T) attached to a reaction wall. The 

shear connection at the base of each wall was provided by 

six shear anchor bolts attached to a steel plate. The 

hold-down rods were also bolted to the bottom plate at the 

end of each wall to provide uplift resistance. The plate was 

then bolted to two channels which were attached to the 

reaction floor. Out-of-plane stiffness was provided by steel 

angles which were attached to the reaction floor, the top steel 

channel, and the base steel plate. The connections of the 

out-of-plane bracing were designed to be very flexible 

in-plane as to not contribute significantly to the measured 

racking resistance of the walls. 

    Each wall was fitted with six linear potentiometric 

transducers to measure the horizontal displacement at the top 

and bottom of the wall in both the sheathing and the wood 

members. Six additional transducers were included to 

measure the vertical uplift at the bottom of each wall, either 

in the base wood sill plates or the gypsum sheathing.   

    The actuator was programed to perform a cyclic 

displacement protocol, measuring target displacements 

based on the readings of a transducer that captured the 

horizontal displacement of the wall’s top plate near its center 

point. Nine displacement steps were used ranging from ±1.3 

mm (0.05 in) to ±51 mm (2.0 in). These lateral deformation 

correspond to story drift ratios of 0.1 to 4.1 percent.The 

panels were subjected to three cycles per load step. 

 

2.3 Gypsum Panel Joint Tests 

    Carrying load across gypsum sheathing joints is critical 

to harnessing the strength and stiffness of partition walls. 

The next series of tests was performed in order to determine 

the provided strength and stiffness as well as damage states 

after loading when different methods of gypsum panel 

joining were provided. Two different joining methods were 

tested. The first panel joining technique is conventional and 

involved affixing 47.6 mm (1-⅞ in) -wide paper joint tape to 

the panel joints using a common premixed joint compound. 

The second technique consisted of using a 76.2 mm (3 in) 
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-wide fiberglass tape to cover the joint. With this method, an 

enhanced joint compound was utilized. This enhanced 

compound was formed by mixing a quick-drying powder 

compound with water and a liquid concrete bonding 

adhesive to add extra strength and hardness. All of these 

tests were carried out using 15.9 mm (⅝ in) Type X gypsum 

drywall panels. 

    This series of tests was meant to determine the strength 

of gypsum panel joints connected using the two methods 

described when subjected to pure shear. Specimens with and 

without underlying blocking were tested. The test panels 

were about 1.23 m (48 in) high and 1.20 m (47 in) wide and 

constructed out of three separate components. The end 

panels were 410 mm (16 in) wide and the center panel was 

383 mm (15 in) wide. The narrow center panel included a 

center stud to which the actuator of the testing machine was 

attached. Before the application of the joint taping and 

compound, the three parts of the panel were completely 

separate, with no framing elements crossing the joint 

boundaries, except for blocking, when used. During testing, 

in-plane bending of the panel was inhibited by steel side 

channels which transferred load from the end panels near the 

joints to the testing table. Eight of these tests were performed, 

four with blocking and four without. Of the four panels 

without blocking, two of the specimens were constructed 

using conventional paper tape and premixed joint compound 

while the other panels were joined with fiberglass tape and 

the enhanced joint compound. For each of the panel joining 

techniques employed, two different loading protocols were 

carried out. The first loading protocol was a monotonic one 

while the second was the CUREE-Caltech protocol 

(Krawinkler et al. 2001). The test setup is shown in Figure 4. 

 

 

 
    Figure 4. Gypsum Panel Joint Test Setup 

 

     

 

3.  RESULTS 

 

3.1 Wood and Cold-Formed Steel Framing-to-Gypsum 

Fastener Tests 

    Several repetitions of each fastener test were performed, 

varying loading protocol and fastener type. Typical 

monotonic test result for each of the wood mechanical 

fastener and adhesive tests are presented in this paper and 

shown in Figure 5. Monotonic mechanical and adhesive test 

results when using cold-formed steel framing are shown in 

Figure 6. The load per fastener indicated assumes a 178 mm 

(7 in) fastener spacing or a 6774 mm2 contact area between 

the framing member and the sheathing when adhesive is 

used.  

 

Figure 5. Wood-Framed Fastener Monotonic Test Results 

 

 

Figure 6. Cold-Formed Steel Framed Fastener Monotonic 

Test Results 

     

    The force-displacement data plotted in the figures 

indicates that the enhanced fasteners provide somewhat 

more strength than the conventional screws when wood 

framing is used, but adhesive wood-to-gypsum connections 

provide much more strength and initial stiffness than 

conventional screwed connections. The steel-to-gypsum 

adhesive connections were also found to be much stronger 

and stiffer than conventional screwed connections.  Table 1 

shows the strength and initial stiffness of each of the 

fasteners tested with wood framing for both loading 

protocols.  The initial stiffness displayed in the table is the 

secant stiffness at a load of 0.16 kN (35 lbs). When the 
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cyclic loading protocol was used, a highly pinched load- 

displacement curve was obtained for all specimens.  This 

occurred because when the mechanical connections deform, 

the shank of the fastener crushes the gypsum wallboard.  

When the load reverses, the fastener travels inside the 

groove which has been formed inside the gypsum until 

uncrushed gypsum is reached in that loading direction.  

The connections utilizing adhesive didn’t exhibit this 

behavior and the connections using adhesive with 

mechanical fasteners didn’t exhibit pronounced pinching 

behavior until the adhesive had fractured. 

 

 

 

Table 1. Gypsum-to-Framing Fastener Connection Results 

 

 

 

    The data from these tests shows that when using wood 

framing, enhanced screws provide a strength increase of 

about 20% compared to conventional coarse threaded 

drywall screws. For wood framing, the construction 

adhesive provided a strength more than five times that of 

conventional screws for the fastener spacing used. Using 

adhesive and enhanced screws in wood framing produced a 

connection strength more than seven times higher than that 

of conventional coarse threaded screws. While the enhanced 

mechanical fastener did not provide increased initial stiffness, 

using adhesive alone or in conjunction with mechanical 

fasteners increased initial stiffness by at least six times for all 

cases tested.  

    When using cold-formed steel framing, adhesive alone 

provided a strength more than double that of conventional 

screws alone, while using mechanical fasteners in addition to 

the adhesive increased strength by more than three times. 

When using adhesive with cold-formed steel framing, the 

initial stiffness was found to be at least eight times higher 

than when using screws alone at this spacing. The adhesive 

steel-to-gypsum connections were markedly weaker than the 

wood-to-gypsum connections. This occurred because the 

surface of the steel is smoother and less porous than wood 

and. The bond of steel-to-gypsum connections could 

potentially be improved by providing a rougher, possibly 

perforated surface to the contacting steel flanges or by using 

a different adhesive that bonds better to steel. While the 

mechanical fastener connections failed due to crushing of 

the gypsum or fracture of the fasteners, the adhesive 

wood-to-gypsum connections failed by breaking the gypsum 

around the framed member. In other words, the adhesive 

was able to develop the strength of the gypsum drywall 

when wood framing members were used. When steel 

framing was used, failure occurred in the adhesive between 

the gypsum and framing. 

    For connections using both types of framing and all 

types of mechanical fasters, damage initiation was found to 

occur at very small displacements. Bulging of the paint and 

spackle above the mechanical fasteners was found to initiate 

at relative framing-to-sheathing displacements as small as 

0.7 mm. This further illustrates the deformation sensitivity of 

gypsum-sheathed partition walls.   

 

3.2 Framed Wall Tests 

    Each of the three gypsum-clad walls tested with wood 

framing and the two walls tested with cold-formed steel 

framing were loaded using a cyclic loading protocol. The 

holdowns and anchor bolts were intentionally overdesigned, 

so as to force failure to occur at the fastener or adhesive level.  

As a result, negligible uplift and sill plate slippage were 

observed in the wall tests. Figure 7 shows the cyclic skeleton 

curves for the five tests performed where drift is measured at 

the top of the each wall’s top plate. Again, a fairly pinched 

hysteretic behavior was observed for the walls built with 

mechanical fasteners alone and for those built with adhesive 

after the adhesive connection failed. 

 

 

 

Figure 7. Framed Wall Test Results 

 

    Table 2 shows the racking strength and initial stiffness 

of each wall. The initial stiffness indicated in the table is the 

secant stiffness measured at a drift level of 0.1%. The story 

drift ratio corresponding to the ultimate load for each wall is 

also shown. 

 

 

 

 

1-⅝" Coarse Screws Monotonic 0.45 1.2

1-⅝" Coarse Screws CUREE 0.49 1.4

Enhanced Screws Monotonic 0.48 0.90

Enhanced Screws CUREE 0.67 0.52

Adhesive Monotonic 3.0 9.0

Adhesive CUREE 3.1 12

Adhesive + Enhanced Screws Monotonic 4.0 13

Adhesive + Enhanced Screws CUREE 3.6 12

1-⅝" Fine Screws Monotonic 0.53 0.53

1-⅝" Fine Screws CUREE 0.46 0.28

Adhesive Monotonic 1.2 5.8

Adhesive CUREE 1.7 4.7

Adhesive + Fine Screws Monotonic 1.5 6.3

Adhesive + Fine Screws CUREE 2.4 4.4

Cold-

Formed 

Steel 

K0 

(kN/mm)

Wood

Framing Fastener Type Loading
Fu 

(kN)
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Table 2. Wall Test Data 

 

 

    This data shows that for walls framed with wood 

members and the fastener spacing specified using enhanced 

mechanical fasteners increased strength was by over 20% 

and stiffness by about 60% compared to the wall utilizing 

conventional fasteners. While this strength increase 

corresponds to that found in the fastener tests, the increase in 

stiffness was unexpected because no significant initial 

stiffness difference was found in the mechanical fastener 

tests. The wood framed wall with adhesive and enhanced 

fasteners was found to be about twice as strong and about 

four times as initially stiff as a wall built with conventional 

drywall fasteners only. This strength and stiffness increase 

over conventional drywall fasteners is less for the entire wall 

than that indicated by the fastener tests alone. This is likely 

due to the fact that the adhesive wood-to-framing 

connections failed in the gypsum around the perimeter of the 

wood member. For the wall tests, since the edge framing 

members are located at the edge o the gypsum panels, 

gypsum is only provided on one side of the framing 

member; this means that there is less cross-sectional gypsum 

area to be broken. 

    For the walls built with cold-formed steel framing, 

using adhesive in conjunction with fine threaded screws 

produced a wall that was almost twice as strong and twice as 

stiff as a wall built conventionally with fine threaded 

mechanical fasteners only.  

    Figure 7 shows that when adhesives were used to 

connect the wall sheathing to the either wood or steel 

framing, the maximum load resisted occurred at much 

smaller drift ratios (0.3-0.4%) when compared to walls 

sheathed using mechanical fasteners alone (2.0%). When 

this drift was exceeded in walls built with adhesive, the 

walls behaved similarly to walls built with mechanical 

fasteners alone. 

    For all walls tested, the first observable damage 

localized around mechanical fasters and occurred at very 

small drift levels. At drifts of about 0.2%, bulging of the 

spackle and paint around fasteners toward the corners of the 

walls occurred. As drift levels increased, the fasteners carved 

grooves in the gypsum or fractured. Damage concentrated in 

the fasteners in the top and bottom plate and along the edge 

studs.  

 

3.3 Gypsum Panel Joint Tests 

    The gypsum panel joints were loaded in pure shear and 

attached to the test frame as to minimize gap opening of the 

joint. Figure 8 shows the monotonic load vs. displacement 

behavior across joints utilizing different joint connection 

methods, with and without blocking. 

      

 

Figure 8. Monotonic Joint Test Results 

 

    Table 3 shows the strength achieved at each joint.  

Because the displacement across the joint was negligible 

until the joint fractured, no initial stiffness measurements are 

shown. 

 

Table 3. Gypsum Panel Joint Test Data 

 

 

    In the cases with and without blocking, using fiberglass 

joint tape and an enhanced joint compound almost doubled 

the observed strength of the joint. When utilizing either the 

conventional or enhanced joints, using blocking only 

increased observed strength by 17-23%; however, blocking 

improved post peak behavior by allowing sustained larger 

strength resistance of the joints at large displacements. With 

both panel joining techniques, very little shear displacement 

was recorded at the joint before fracture occurred. When 

paper tape was used without blocking, very little load was 

carried across the joint after breaking the compound. 

However, when the fiberglass tape was used, the tape fibers 

remained intact and resisted loads after breakage of the 

enhanced joint compound.   

 

4. CONCLUSIONS 

 

    The following conclusions and recommendations were 

found based on the results of the gypsum-to-framing fastener 

tests: 

Coarse Threaded 26.3 4.5 2.0

Enhanced 35.1 7.3 2.1

Adhesive + Enhanced 49.1 20 0.27

Fine Threaded 23.4 5.9 0.97

Adhesive + Fine 46.4 11 0.40

K0 

(kN/mm)

SDRu 

(%)

Wood

Steel

Framing Fastener Type
Fu 

(kN)

Test # Blocking Joint Protocol Fu (kN/m)

1 No Conventional Monotonic 4.8

2 No Conventional CUREE 4.7

3 No Enhanced Monotonic 8.7

4 No Enhanced CUREE 7.3

5 Yes Conventional Monotonic 5.3

6 Yes Conventional CUREE 5.8

7 Yes Enhanced Monotonic 10.3

8 Yes Enhanced CUREE 9.4
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• Using enhanced mechanical fasteners with wood 

framing increases connection strength by about 20%, 

but doesn’t significantly increase initial fastener 

stiffness when compared to conventional drywall 

screws. 

• Utilizing construction adhesive to connect wood 

framing to gypsum sheathing increases strength and 

initial connection stiffness by more than six times when 

compared to conventional drywall screws spaced at 178 

mm. 

• Using construction adhesive to connect cold-formed 

steel framing to gypsum sheathing doubles strength 

when compared to conventional fine-threaded drywall 

screws spaced at 178 mm. Adhesive increases initial 

connection stiffness more than eight times.   

• Using mechanical fasteners with adhesives provides 

connection ductility similar to that of a mechanical 

faster alone after the adhesive has fractured. 

    The results of the 1.21 m x 1.21 m gypsum wall 

racking tests indicate the following: 

• Using enhanced mechanical fasteners in wood framing 

can increase wall racking strength by 25%. 

• Using adhesive with mechanical fasteners in both wood 

and cold-formed steel framing increases racking 

strength by more than 90% when compared to walls 

built with conventional fasteners alone for the fastener 

spacing used. Using adhesives increased racking 

strength by two to four times when compared to walls 

built with mechanical fasteners only. 

• In all wall types, using mechanical fasteners in addition 

to adhesive produced walls that behaved similarly to 

those built with conventional fasteners alone after the 

adhesive had been broken. 

    The results from these tests indicate that if harnessing 

the strength and stiffness of partition walls to control 

deformations is important, using adhesives can be key to 

achieving this goal. While enhanced mechanical fasteners 

were found to be somewhat beneficial to increasing strength, 

adhesives were shown to be much more effective than any 

mechanical fastener tested.   

    The following conclusions were drawn from the panel 

joint shear tests: 

• Using a fiberglass joint tape and enhanced joint 

compound provides a joint that is more than 70% 

stronger than a conventional joint built with a paper 

tape and pre-mixed compound. 

• Adding blocking to the either a conventional or 

enhanced joint connection increases joint shear strength 

by about 20% and provides improved joint ductility. 

• The enhanced joint without blocking provides more 

strength than the conventional joint with blocking; this 

indicates that if strength is the primary concern, the 

enhanced joint without blocking can be used in lieu of 

the conventional joint with blocking. 

 

 

5. FUTURE WORK 

 

5.1 Limited-Ductility System Testing 

    In order to further validate the limited ductility design 

concept, the potential strength and stiffness contribution of 

other structural finishes must be investigated. The onset and 

progression of damage must be noted in all contributing 

structural components to ensure that moderate and severe 

ground motions can be applied to enhanced limited-ductility 

low-rise residential structures without significant damage 

requiring repair. Since damage often initiates and 

concentrates in element and sub-assembly connections, 

understanding load paths and creating robust transitions 

between components such as walls, ceilings, and floors is 

important to controlling damage. 

    Larger scale wall tests will soon be carried out to 

determine the effect of geometric irregularities common in 

framed assemblies such as end returns and wall perforations. 

In addition to gypsum-clad walls, strengthened stucco walls 

will be tested with both wood and cold-formed steel framing.  

The number of and location of holdowns and shear anchors 

will be varied to understand their effect on wall performance 

and failure modes.  

   Room assembly tests which incorporate the findings of 

earlier tests will be performed to investigate the paths 

followed by seismic loads through floor diaphragms, into 

walls, and finally to the house foundation. These tests are 

critical to demonstrate the feasibility of limited-ductility 

design in resisting damage in geometric transitions from 

floors and ceilings into walls and from one wall into 

adjoining walls. Specimens with different wall perforations, 

cladding material, and hold down configurations will be 

investigated. The room assemblies will be tested with 

bi-directional loading. A schematic of a potential planar 

room test is shown in Figure 9. 

 

 

Figure 9. Room Assembly Test 

 

    Finally, a two-story residential framed structure will be 

constructed using the strengthened and stiffened design 

details formulated and refined in the smaller component tests. 

This house will include stucco cladding and partition walls 

which are integrated into the structural system. The building 

will be tested on the shake table at the NEES@UCSD lab 

with ground motion intensities up to the design basis 

Maximum Considered Earthquake (MCE) to verify that 

these limited ductility design concepts are effective in 
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controlling damage in low-rise framed structures. 

 

5.2 Base Isolation System Testing 

    Preliminary design and experimentation on the 

low-cost isolation bearings and damping system is now 

being performed. Further development of the bearings, 

dampers, and self-centering system will soon be carried out. 

Full scale isolator systems will be tested with dynamic 

ground motions at the NEES@Berkeley facility. Ultimately, 

the two story house tested at NEES@UCSD will be tested 

with this isolation system in place before the isolation 

system is removed and the limited-ductility building tested. 

This will be done to demonstrate the viability of the low-cost 

residential base isolation system.   

 

5.3 Numerical Simulations 

    Detailed finite element modeling of light-frame wall 

subassemblies is now being performed using the behavior of 

individual sheathing fasteners, panel joints, and connections 

as found from component testing. This framework will be 

expanded to include high-fidelity full building models that 

incorporate the behavior of all building components tested 

into the simulation of the entire structure. These models will 

be calibrated with test results from physical simulations 

performed as part of this and other research.     
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Abstract:  Large earthquakes have harmful effects and their consequences for human life are devastating, it can be 
noted in that most earthquakes-related deaths are caused by the collapse of structures; this state of structures are not 
necessarily caused by the main shock, but for the following shakings, in some cases more destructive as the above. On the 
other hand, time between motions and partial damages occurred due to main shock may avoid the direct ways to know the 
actual condition of the existing structure. In this sense, a practical method for the evaluation of residual seismic capacity 
of existing buildings and the estimation of their seismic performance is proposed based on the equivalent linear analysis 
using elastic response spectra. In order to develop an instrument to determine the residual seismic performance of existing 
buildings, several numerical simulations were carried out and their responses are analyzed by comparison between the 
capacity curve and main shock response spectrum of earthquake records and artificial waves. These numerical 
simulations are performed in a single-degree of freedom system, which was widely set in order to obtain diverse 
conditions, such as different elastic periods, target yielding factors, degrading stiffness parameters and different hysteresis 
models. 
 

 
1.  INTRODUCTION 

 

This study estimates the residual seismic performance 

of existing structures by comparing their capacity curve and 

demand curve, and it provides a quick method to evaluate 

the earthquake response. 

The substitute damping model is one most straight 

forward approximate analysis technique to estimate whether 

or not a building survive an earthquake and, if it does 

survive, how damaged the building will be. 

The performance (level) is estimated as the maximum 

earthquake response (horizontal displacement) of a structure 

by the intersection of the capacity curve, which represents 

the whole structural performance of the building, and a 

reduced response spectrum (demand spectrum) for the 

assumed earthquake. The advantage of this method is that it 

estimates positively the response of a structure for an 

assumed earthquake. 

Figure 1 shows the concept of the residual seismic 

evaluation method. The demand spectrum with 5% of 

damping ratio is applied for the elastic range, represented by 

the curve-1. According to Eq. (3) and (4), when the structure 

exceeds the yield point (A) the damping also increases, then 

the demand spectrum is reduced as the curve-2, and its 

intersection with the capacity curve determines the 

performance during the main shock at point (B). This 

additional damping is supposed to be highlighted, since the 

equivalent damping increases along with the damage level. 

 

Figure 1  Capacity Curve and Demand Spectrum 

On the other hand, if the record from the beginning of 

the main shock to the end of the aftershock is considered as a 

very long motion; it is possible to assume the main shock 

record as the expected maximum aftershock. Then, the 

demand spectrum for the expected maximum aftershock is 

the same as that for the main shock, since the maximum 

response calculated by the elastic analysis is independent 

upon the number of times that the motion is inputted. 

Therefore, the maximum response point during the 

aftershock (C) can be anticipated with the same method 

shown in Figure 1, and the performance during the 

aftershock may be exceeded by the performance during the 

main shock. Thus, the apparent damping ratio for the 
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aftershock is less than that for the main shock; in 

consequence, the effect of damping decreases for the 

aftershock as the curve-3, shown in Figure 1. 

In this paper, time-history simulations of single degree 

of freedom system were performed with different parameters 

for the nonlinearity and input motion. The motion was 

inputted twice in order to simulate the aftershock scenario; 

the second time, the motion was reentered after the system 

reached rest by means of input of zero ground acceleration. 

The additional damping and response reduction ratio 

obtained from all simulations are analyzed in order to 

propose equations of the equivalent damping factor for 

aftershocks. 

 

 

2.  HYSTERESIS DAMPING 

 

The equation of motion of SDOF system is given by Eq. 

(1). Where, m is the mass, c is the damping coefficient 

and k represents the stiffness. 

� ∙ �� + 	 ∙ �
 + � ∙ � = −� ∙ ��� (1) 

The energy response of the system during a motion, 

assuming this system vibrates from 0 sec to � sec, can be 

calculated by multiplying x
  and integrating in Eq. (1) by �. 

If a steady forced vibration is considered in the system, 

the work done by this external force is the same as the work 

done by the damping force in one cycle. The damping ratio 

can be expressed in terms of the hysteretic energy 

dissipation, ∆�, and maximum strain energy, � , as is 

written in Eq. (2). 

ℎ�� =
1

4�
∙

∆�
�

 (2) 

Figure 2 shows two hysteretic bilinear models, each 

assumes: a) perfect elastoplastic behavior and, b) stiffness 

degradation. 

  

a) Perfect elastoplastic model   b) Degrading model 

Figure 2  Equivalent damping for bilinear models 

Eq. (2) holds good at resonance for the harmonic force. 

Taking into account the nonlinearity of the system, the 

equivalent viscous damping caused by the hysteresis 

damping can be rewritten in terms of maximum strain 

(ductility factor, �). These expressions are written in Eq. (3) 

and Eq. (4), which are solved assuming a perfect 

elastoplastic bilinear model and a degrading bilinear model, 

respectively, shown in Figure 2. 

ℎ�� = 2 �⁄ ∙ �1 − 1 �⁄ � (3) 

ℎ�� = 1 �⁄ ∙ �1 − 1  �⁄ ! (4) 

Notification from Ministry of Land, Infrastructure and 

Transportation of Japan #1457-6 gives estimated equations 

for the damping factor due to the damage of the structure 

during a main shock. Eq. (5) in case of material which 

constitutes the member, and joint connected to the adjacent 

member are rigid and, Eq. (6) in case of other members or 

brace members where the buckling strength is degraded by 

the compressive forces when seismic force acts. 

ℎ�� = 0.25 ∙ �1 − 1  �⁄ ! (5) 

ℎ�� = 0.20 ∙ �1 − 1  �⁄ ! (6) 

Therefore, the apparent damping ratio is given by Eq. 

(7), considering 5% of initial damping ratio (ℎ�). 

ℎ = ℎ�� + 0.05 (7) 

Also, an estimated equation for the response reduction 

ratio is given there by Eq. (8). 

%& =
1.5

1 + 10 ∙ ℎ
 (8) 

 

 

3.  PROCEDURE OF THE STUDY 

 

3.1  Aftershock assumption 

As is mentioned above, the concept of equivalent 

viscous damping is based on the assumption of a steady 

forced vibration and perfect elastoplastic bilinear model for 

the nonlinearity; in case of the random motion, the response 

differs significantly from the steady-state response, although 

the concept of equivalent viscous damping may hold good. 

In this sense, the concept of equivalent viscous damping for 

aftershock may also hold good, if the steady force vibration 

and perfect elastoplastic bilinear model are also assumed. 

 

a)  Under main shock         b)  Under aftershock 

Figure 3  Maximum response with perfect elastoplastic 

bilinear models 

Figure 3 shows the hysteretic response of the assumed 

system during a main shock and an aftershock; a) shows the 

maximum deformation, δ()* , after the main shock and its 

residual deformation, δ,-./01)2. Assuming the same motion 
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as aftershock and that its response resumes from rest, the 

maximum deformation will be the same as the main shock 

deformation; so that the maximum expected aftershock 

deformation shall be exactly the sum of the residual 

deformation and maximum deformation during its main 

shock, as is shown in b). In general, the maximum 

deformation during aftershocks shall be greater than the 

main shock deformation and less than twice the main shock 

deformation. 

However, theoretical relationships that come from this 

concept provide larger responses than responses under 

earthquakes; even than relationships provided by 

Notification from Ministry of Land, Infrastructure and 

Transportation of Japan #1457-6. Figure 4 shows a 

comparison among the above relationships. 

 

Figure 4  Theoretical equivalent damping models 

 

3.2  Method of Analysis 

Figure 5 shows the steps of the method of analysis, 

which are described as follows: 

a) Find an input Level-1 to reach the target ductility 

factor for each model and ground motion. And, determine 

the maximum response, displacement and representative 

restoring force, as a point on the capacity curve, Level-1. 

The maximum representative restoring force is A()*. 

b) Calculate the equivalent period at Level-1 and perform 

the elastic analysis of the system with a viscous damping 

ratio of 5% and determine the maximum response; the 

maximum representative restoring force is A@%. Seek the 

point established in the step a) by means of conducting the 

elastic analysis of the system through finding an equivalent 

damping ratio  h-C . Calculate the reduction ratio of 

acceleration for the main shock FE = A()* A@%⁄ . 

c) Resume the nonlinear analysis performed in the step a). 

After Level-1, input zero ground acceleration in the measure 

that the response converges to zero, and then input the same 

ground motion again. Determine the maximum response for 

the aftershock as a point on the capacity curve, Level-2. The 

maximum representative restoring force for the aftershock 

is A′()*. 

d) Calculate the equivalent period at Level-2 and perform 

the elastic analysis of the system with a viscous damping 

ratio of 5% and determine the maximum response; the 

maximum representative restoring force is  A′@%. Seek the 

point established in the step c) by means of conducting the 

elastic analysis of the system for finding an equivalent 

damping ratio  h′-C . Calculate the reduction ratio of 

acceleration for the aftershock F′E = A′()* A′@%⁄ . 

 

Figure 5  Method of Analysis 

The maximum nonlinear responses calculated in the 

step a) and c) are supposed to be same as the pseudo 

acceleration, GH, and the pseudo displacement, GI, on the 

capacity curve for the equivalent damping under finding, so 

that the equivalent period and the damped natural period are 

also supposed to be the same. Thus the input natural period 

 J required to calculate the demand spectrum by the elastic 

SDOF system is approximately the same as the damped 

natural period J′  obtained by Eq. (9); although several 

simulations showed that both values differs significantly 

when the elastic SDOF system has large values of input 

natural period and damping ratio. 

J�� = JK�GI , GH� = 2� GI GH⁄ > J (9) 

In consequence, the iterative process does not require 

the equivalent period as input natural period to calculate the 

pseudo response by the elastic SDOF system, though it is 

used as a control parameter. 

 

3.3  Parameters of this study 

In order to perform a nonlinear analysis with different 

hysteresis rules, five types of hysteretic models were chosen; 

such as: degrading bilinear, Takeda, Takeda-slip, degrading 

trilinear and origin-oriented models. 

The parameters to determine the nonlinearity are shown 

in Figure 6, and those were arbitrarily chosen as follows: 

- Elastic period, (J): from 0.2 seconds to 2.0 seconds, 

with an interval of 0.2 seconds, a total of 10 periods. 

- Degrading factor of yielding stiffness (M): from 0.5 to 

0.9, with an interval of 1, a total of 5 factors. 

- Reduction ratio of yielding force (N): 0.25, 0.50 and 

0.75, a total of 3 factors. 

- All the above parameters are set to find the ductility 

factors (�): 1, 2, 3, 4 and 5. 

In case of bilinear models, degrading factor of yielding 

stiffness and reduction ratio of yielding force are neglected. 
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Target ductility 

factor (µ) 
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Capacity curve with 
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Demand spectrum with 

h=5% 

Demand spectrum with 

h=5% 

Demand spectrum with 

h=5% 

Demand spectrum with 
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J9O for Level-2 

a)  Finding level-1 for target ductility b)  Seek level-1 by finding ℎ9O and calculate %ℎ  

c)  Calculate level-2 for target ductility d)  Seek level-2 by finding ℎ9O and calculate %ℎ  

J9O for Level-1 

P′5% 

P5% 

Eq. (3)

Eq. (4)
Eq. (5)

Eq. (6)
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Figure 6  Parameters for the nonlinearity 

The ground motions selected for this study are: 8 actual 

earthquake records, such as El Centro, Hachinohe, JMA 

Kobe and Taft in NS and EW components and; 10 artificial 

waves, such as WG60 to WG69. Normalized demand 

spectra are plotted in Figure 7. 

a)  Earthquake records

b)  Artificial waves 

Figure 7  Normalized Demand Spectra 

For this study, the mass was arbitrarily chosen to be the 

unit and the analysis was performed using Newmark-β 

numerical method (β=1/4) with the damping coefficient, 	, 

proportional to the initial stiffness and the initial damping 

ratio, ℎ�, of 5%. 

 

4.  RESULTS 

 

Simulations under earthquake records and artificial 

waves conducted a total of 24,400 and 30,500 cases, 

respectively. Thus, in order to achieve better results, Eq. (10) 

defines the convergence error taken into account for this 

study. 

Q =
|Target parameter − Calculated parameter|

|Target parameter|  (10) 

A total of 54,900 cases were performed in this analysis, 

and 50,532 cases reached convergence error smaller than 5% 

of error which represents 92.04% of all cases. 

Rates shown in Table 1 and 2 represent the amount of 

cases in which the response from analysis exceeds estimated 

response. In other words, this value indicates how much the 

relationship is unsafe to be used, hereinafter referred to as 

the error rate. 

Table 1  Error rates for main shock cases

 

Table 1 (column (1) to (5)) shows the error rate for the 

main shock cases in relation to formulas provided by 

Notification from Ministry of Land, Infrastructure and 

Transportation of Japan #1457-6 (Eq. (5) and (6)). Error 

rates of systems with bilinear model are greater than those 

with Takeda, Takeda-slip and Trilinear degrading models 

(quite similar results); but less than those with 

Origin-oriented model. 

Table 2  Error rates for aftershock cases

 

In the case of response under aftershocks, coefficients 

of Eq. (5) and (6) (0.25 and 0.20, respectively) are reduced 

in order to achieve accurate and safer results. Thus, proposed 

coefficients obtained after a fitting analysis are written in Eq. 

34  3�6� = � ∙ 34  
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(11) and (12), and their error rates are shown in Table 2 

(column (1) to (9)). 

ℎ�� = 0.12 ∙ �1 − 1  �⁄ ! (11) 

ℎ�� = 0.08 ∙ �1 − 1  �⁄ ! (12) 

Figure 7 shows the relationship between damping factor, 

h, with an initial damping ratio of 5% and ductility factor,  μ, 

obtained by the analysis, whose nonlinearity follows the 

rules of Takeda hysteresis model. 

a)  For earthquake records 

b)  For artificial waves 

Figure 7  Relationship between equivalent damping factor 

and ductility factor (Takeda model) 

In the case of bilinear model, error rates of equivalent 

damping relationships for main shock by Eq. (5) and (6) are 

39% and 30% in average, respectively; error rates are quite 

similar under earthquake records and artificial waves (Table 

1). For aftershock (Table 2), error rates by coefficients of 

0.25 and 0.20 are 63% and 55% in average, respectively; 

while, with reduced coefficients of 0.12 and 0.08 (Eq. (11) 

and (12)), error rates are 38% and 30% in average, 

respectively. 

Systems with Takeda, Takeda-slip and Trilinear 

degrading models have error rates for main shock from 1% 

to 24%; and the means using Eq. (5) under earthquake 

records and artificial waves are 22% and 6%, respectively; 

while using Eq. (6) are 18% and 3%, respectively. For 

aftershock, error rates using Eq. (5) and (6), under 

earthquake records and artificial waves are 38% and 16%, 

respectively; while using the proposed coefficients (Eq. (11) 

and (12)) are 20% and 2%, respectively. 

Systems with origin-oriented model have error rates for 

main shock of earthquake records slightly greater than those 

under artificial waves, 50% in average. For aftershock, error 

rates using Eq. (5) and (6) under earthquake records are also 

slightly greater than those under artificial waves, 72% in 

average; while using the proposed coefficients, error rates 

under earthquake records are greater than artificial waves; 

those are respectively 43% and 15% in average. 

The response reduction ratio,  FE, is calculated as the 

maximum response acceleration for the nonlinear system 

Aaba2/a-), divided by the maximum response acceleration 

for the elastic system with a 5% of viscous damping A@% 

(S)�Ed�). Figure 8 shows the relationship between response 

reduction ratio,  FE, and damping factor,  h, obtained by the 

analysis. The error rate for these relationships is represented 

by the points on top the curve defined by Eq. (8) and less 

than 1. 

a)  For earthquake records 

b)  For artificial waves 

Figure 8  Relationship between response acceleration ratio 

and damping factor (Takeda model) 

Figure 9 shows the relationship between response 

reduction ratio obtained by the analysis and the equivalent 

damping factor estimated by relationships given in Eq. (5) 

and (11) for main shock and aftershock, respectively. 

Eq. (5)
Eq. (6)

Eq. (11) 

Eq. (12) 

Eq. (5)
Eq. (6)

Eq. (11) 

Eq. (12) 

Eq. (8)

Eq. (8)
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a)  For earthquake records

  

b)  For artificial waves 

Figure 9  Relationship between response acceleration ratio 

and estimated damping factor (Takeda model) 

In the practical way, this relationship is the most 

significant; because it shall determine the response reduction 

ratio, %&, calculated by the equivalent damping relationship 

from deformation (ductility factor, μ). 

In the case of bilinear hysteresis model, error rates of 

FE estimated by coefficients 0.25 and 0.20 for main shock 

are quite similar under earthquake records and artificial 

waves; these rates are 44% and 30% in average estimated by 

coefficients 0.25 and 0.20, respectively. For aftershock, error 

rates of FE estimated by the proposed coefficients are also 

similar under the both types of motions, 30% and 18% 

estimated by coefficients 0.12 and 0.08, respectively; which 

are quite shorter than those for main shock. 

Systems with Takeda, Takeda-slip and trilinear 

degrading hysteresis models do not present a large difference 

and error rates are significantly greater for earthquake 

records than for artificial waves. For main shocks, error rates 

of %& estimated by coefficient 0.25 have means of 34% and 

9% under earthquake records and artificial waves, 

respectively. And for aftershock, error rates of %& by the 

coefficients 0.25 and 0.20 are quite larger; then error rates of 

%& estimated by the reduced coefficient 0.12 have means of 

24% and 2% under earthquake records and artificial waves, 

respectively; which are safer than the results obtained for 

main shock. 

In the case of origin-oriented hysteresis model, error 

rates for main shock present slight difference between 

earthquake records and artificial waves. For aftershock, with 

the reduced coefficients, error rates of %& are smaller than 

those for main shock and this rate is much greater under 

earthquake records than artificial waves; it varies from 3% to 

17% under artificial waves and 28% to 50% under 

earthquake records, what means these results are also safer 

than the results for main shock. 

 

 

5.  CONCLUSIONS 

 

Nonlinear analysis and linear analysis were conducted 

in order to verify and formulate equivalent relationships to 

estimate the residual seismic performance of existing 

structures. Different parameters and input motions 

performed a total of 54,900 cases and 92.04% reached 

convergence errors smaller than 5%. 

The equivalent damping factor for main shock is 

overestimated in 76% and 81% of cases by Eq. (5) and (6). 

For aftershock, with the same equations, this parameter is 

overestimated in 59% and 66% of cases, respectively; while 

by using the reduced coefficients, Eq. (11) and (12), is 

overestimated in 82% and 89% of cases, respectively. 

The equations, Eq. (5) and (6), given by Notification 

from Ministry of Land, Infrastructure and Transportation of 

Japan #1457-6 can safely estimate the response reduction 

ratio for main shock in 70% and 89% of cases, respectively. 

While, the proposed equations with the reduced coefficients, 

Eq. (11) and (12), are able to safely estimate the response 

reduction ratio for aftershock in 84% and 93% of cases, 

respectively. Thus, the reduction of coefficients of equivalent 

damping relationships for the estimation of response 

reduction ratio by Eq. (8) is not enough to guarantee at all 

the safe estimation of the response. The analysis shows that 

the relationship, Eq. (8), to estimate the response reduction 

factor for aftershock should be taken into account to be 

adjusted, as is shown in Figure 8. 

Equivalent damping factors calculated in this analysis 

are quite large in some cases; since this analysis was 

performed assuming the damping coefficient, 	 , as 

proportional to the initial stiffness. Otherwise, smaller 

equivalent damping factors are expected if the damping 

coefficient is assuming as proportional to instantaneous 

stiffness. However, this parameter is an intermediate step to 

estimate the response reduction factor, shown in Figure 9. 
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Abstract:  Assessment of lateral strength of masonry structures is an extremely important issue from the view point of 
earthquake resistance. Strength of such building can be gazed if the in-plane and out-of-plane strength of masonry wall 
can be obtained. In this context, the present study is an effort to computationally model the masonry walls adequately for 
obtaining in-plane and out-of-plane strength of them with the help of well-known OpenSEES software platform. A 
parametric study has been made to compute the in-plane and out-of-plane strengths of walls with length, height and 
thickness varying in a feasible range. All failure mechanisms including tension and shear are checked in the process of 
analysis. An analytical expression for in-plane strength of such masonry walls have been derived in an earlier study while 
the expression for out-of-plane strength of such walls has been derived in the present study following same line. The 
results of computational and analytical methods have been compared and found to exhibit good agreement. So, these 
analytical and computational researches may further be extended to obtain the lateral strength of the buildings and may 
provide crucial input in assessing seismic safety of such masonry structures. 

 
 
1.  INTRODUCTION 
 

Unreinforced masonry (URM) buildings are most 
vulnerable against lateral loading, while their performance 
against gravity load is quite satisfactory. Due to brittleness of 
URM structures their performance even against low to 
moderate earthquake is unsatisfactory. In this context, to 
judge the performance of URM buildings against earthquake 
excitations, it is most vital to assess the lateral strength of 
these structures. To predict the lateral strength of URM 
building, it is required to calculate the in-plane and 
out-of-plane strength of masonry wall against lateral loading. 
A room having four walls is subjected to lateral loading from 
one direction, then the two walls parallel to the plane of the 
wall are known as in-plane loaded wall and the other two 
perpendicular to the direction of lateral loading are known as 
out-of-plane loaded wall.    

 
The present study aims to predict the in-plane and 

out-of-plane lateral strength of masonry walls using well 
accepted OpenSEES software platform. The effectiveness of 
the results for in-plane lateral strength calculated 
computationally have also been checked with the analytical 
expressions derived in a previous study (Mukhopadhyay et 
al. 2010). An analytical expression for estimating 
out-of-plane lateral strength has been derived in the present 

study in the same line as done for the in-plane strength in the 
previous study. The analytical and computational result for 
out-of-plane lateral strength has been compared. Parametric 
study has also been carried out to have the clear idea. The 
outcome of the present study can be considered as an 
valuable input for prediction of lateral strength of masonry 
building, which will help to assess the safety of the masonry 
building against earthquake excitation.   
 
1.1 Strength Mechanism of Masonry Wall 
    Masonry structure offers resistance in terms of 
primarily compression while very little in terms of shear and 
tension while being subjected to external loading either in 
terms of gravity or lateral excitation. Performance of 
masonry structure against gravity is quite satisfactory, which 
means the compressive strength of masonry is high. 
However, when masonry structures are being subjected to 
lateral forces in the form of seismic excitations, there are 
chances of failure due to shear or tension. However, it is well 
known that the tensile strength of the masonry across the bed 
joints is not considered while designing as it is very low. The 
shear strength of masonry depends upon the bond between 
brick and mortar. As the bonding is not so strong so the shear 
strength of masonry is quite low too. Whenever masonry 
walls are subjected to in-plane lateral excitations, the 
diagonal cracks develop resulting in shear failure. On the 
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other hand, if the walls are subjected to out-of-plane lateral 
excitations, then catastrophic collapse takes place resulting 
failure. The catastrophic failure occurs in out-of-plane 
loaded masonry wall as the out-of-plane strength of masonry 
wall is very low as compared to in-plane strength. 
 
1.2 An Overview of the Previous Study 
    Prediction of maximum strength of masonry is quite 
difficult due to the complexity involved in masonry structure. 
However, a few limited studies have been carried out in this 
direction. Drysdale and Hamid (1984) carried out a study to 
predict the tensile strength of ungrouted and grouted 
concrete masonry considering the tension failure criteria. 
Finite element program has been proposed by Ali and Page 
(1988), Riddington and Naom (1994) for prediction of 
ultimate compressive strength of masonry. Chiostrini et al. 
(2000) carried out experiments to study the shear strength of 
masonry walls. Further, shear strength of masonry walls has 
also been estimated from an experimental study (Corradi et 
al. 2003) carried out upon some typical masonry walls of the 
Umbrian areas struck by the earthquake. A study (Massart et 
al. 2005) has been carried out using mesoscopic modeling 
approach (i.e. the discretization of both the units and the 
mortar joint) to predict the load-bearing capacity and failure 
mode of brick masonry structures subjected to in-plane 
loading. Development of a finite element model has been 
made by Gabor et al. (2005) to study the in-plane shear 
behavior of URM panel. Another numerical formulation has 
been proposed by Chaimoon and Attard (2007) to analyze 
the URM walls under shear-compression fracture. To predict 
the bearing capacity of masonry walls under lateral loads a 
study (Mebarki et al. 2009) has been carried out upon 
different models. The study revealed that some of the 
models considered the wall failure is due to the excessive 
compression in the equivalent compressive diagonal strut 
while some other models assume that, the wall failure is due 
to tension.  
 
    An arc-length method has been proposed by Lu et al. 
(2005) for the prediction of tensile strength and slenderness 
parameter on the buckling capacity for masonry wall under 
out-of-plane lateral load. To predict the collapse load and 
failure mechanism of out-of-plane loaded masonry wall, a 
study (Milani et al. 2007) has been carried out by limit 
analysis using heterogeneous upper bound finite element 
model. However in this context, it may be appreciated that a 
detailed study providing idea about strength of masonry 
walls of different aspect ratios in a feasible range may 
provide crucial design inputs and is need of the hour. The 
present study is a small step in this direction. 
 
 
2.  PREDICTION OF LATERAL STRENGTH 
 
2.1 Analytical Formulation 

The present study proposes an analytical formulation 
for out-of-plane lateral strength, which is being derived in 
the same line (neglecting the effect of tensile strength of 

mortar) as per a previous study (Mukhopadhyay et al. 2010) 
carried out to derive the formulation for in-plane lateral 
strength which was verified through limited number of 
experiments. The formulation for out-of-plane lateral 
strength in a non-dimensional form is presented below. 

				
B

2
1  

 
    Where, VB = Base-shear, ρ = unit weight of masonry 
material, L = length of masonry wall, t = thickness of 
masonry wall, W = self-weight of masonry wall, P = 
additional axial load on masonry wall. 
 
2.2 Finite Element Modeling Using OpenSEES 
    URM wall is modeled using finite element approach 
using OpenSEES software. Eight noded standard brick 
element is used to model brick and mortar. Elastic modulus, 
shear modulus, initial yield stress, final saturation yield 
stress and linear hardening parameters are adequately 
provided as input. Only horizontal mortar layer is considered, 
neglecting the marginal effect of vertical mortar layer. In fact, 
it has been observed in an earlier study that vertical joints 
have very marginal effect on lateral resistance of such walls. 
Convergence studies have been made in sample form to 
arrive at the finite element mesh sizes. 
 
3.  RESULTS AND DISCUSSION 
     
    The in-plane lateral strength obtained analytically using 
the expression proposed in a previous study (Mukhopadhyay 
et al. 2010) has been compared with the same obtained 
computationally using OpenSEES software for varying 
length, height and thickness of the wall and is presented in 
Table 1, 2, 3 & 4. Table 1 presents the comparison of 
analytical and computational results of in-plane lateral 
strength with varying length and height, keeping the wall 
thickness fixed as 125 mm. Similar comparisons for wall 
thicknesses of 75 mm, 250 mm and 500 mm are presented in 
Table 2, 3 and 4, respectively. The ratio between the 
strengths calculated computationally as well as analytically 
is found to be close to 1 in most of the cases as observed 
from Table 1 to 4. This implies that both the results are in 
close agreement and the analytical as well as the 
computational formulation can be used to predict the 
strength of masonry walls with reasonable accuracy. As 
intuitatively it is well known that, with increase of thickness 
(keeping other two parameters length and height fixed) the 
strength should be increased, the results seem to be 
physically acceptable. Again, it is noticed that strength 
reduces with increase in height while length remaining 
constant, it increases with increase in length if height 
remains constant.  
 
    Figure 1 presents the variation of lateral strength with 
respect to length/thickness and height/thickness ratio for 
wall thickness of 125 mm, 75 mm, 250 mm and 500 mm for 
in-plane loaded wall. This figure is a pictorial representation  
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Table 1  Comparison of Analytical and Computational 
         Results of In-plane Lateral Strength for URM 

       having Thickness 125 mm, subjected to 
         Triangularly Varying Load in the Plane of the 

Wall 
 

Length 
of 

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational 
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  

 
 

1.5 

1.5 2.262×103 2.339×103 0.966 
2.0 2.020×103 2.157×103 0.936 
2.5 1.935×103 2.070×103 0.934 
3.0 1.831×103 1.927×103 0.950 

 
 

2.0 

1.5 4.528×103 4.640×103 0.975 
2.0 3.955×103 4.184×103 0.945 
2.5 3.753×103 4.011×103 0.935 
3.0 3.507×103 3.779×103 0.928 

 
 

2.5 

1.5 7.867×103 7.886×103 0.997 
2.0 6.748×103 7.065×103 0.955 
2.5 6.353×103 6.734×103 0.943 
3.0 5.874×103 6.332×103 0.927 

 
 

3.0 

1.5 12.470×103 12.531×103 0.995 
2.0 10.535×103 10.816×103 0.973 
2.5 9.852×103 10.309×103 0.955 
3.0 9.025×103 9.654×103 0.934 

 
 

Table 2  Comparison of Analytical and Computational 
         Results of In-plane Lateral Strength for URM   

     having Thickness 75 mm, subjected to    
          Triangularly Varying Load in the Plane of the 

Wall 
 

Length 
of 

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational 
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

1.5 

1.5 1.677×103 1.713×103 0.978 
2.0 1.462×103 1.527×103 0.957 
2.5 1.362×103 1.428×103 0.953 
3.0 1.269×103 1.340×103 0.947 

 
 

2.0 

1.5 3.476×103 3.500×103 0.993 
2.0 2.965×103 3.100×103 0.956 
2.5 2.727×103 2.879×103 0.947 
3.0 2.509×103 2.675×103 0.937 

 
 

2.5 

1.5 6.203×103 6.235×103 0.994 
2.0 5.206×103 5.372×103 0.968 
2.5 4.741×103 4.977×103 0.952 
3.0 4.315×103 4.589×103 0.940 

 
 

3.0 

1.5 10.043×103 10.177×103 0.986 
2.0 8.320×103 8.397×103 0.990 
2.5 7.518×103 7.769×103 0.967 
3.0 6.781×103 7.162×103 0.946 

Table 3  Comparison of Analytical and Computational 
         Results of In-plane Lateral Strength for URM   

     having Thickness 250 mm, subjected to    
          Triangularly Varying Load in the Plane of the 

Wall 
 

Length 
of 

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

1.5 

1.5 3.668×103 3.850×103 0.952 
2.0 3.426×103 3.680×103 0.931 
2.5 3.341×103 3.600×103 0.928 
3.0 3.237×103 3.516×103 0.920 

 
 

2.0 

1.5 7.028×103 7.275×103 0.966 
2.0 6.455×103 6.907×103 0.934 
2.5 6.253×103 6.725×103 0.929 
3.0 6.007×103 6.542×103 0.918 

 
 

2.5 

1.5 11.774×103 11.886×103 0.990 
2.0 10.654×103 11.245×103 0.947 
2.5 10.259×103 10.994×103 0.933 
3.0 9.780×103 10.626×103 0.920 

 
 

3.0 

1.5 18.095×103 18.213×103 0.993 
2.0 16.160×103 16.745×103 0.965 
2.5 15.477×103 16.331×103 0.947 
3.0 14.650×103 15.790×103 0.927 

 
 

Table 4  Comparison of Analytical and Computational 
         Results of In-plane Lateral Strength for URM   

     having Thickness 500 mm, subjected to    
          Triangularly Varying Load in the Plane of the 

Wall 
 

Length 
of 

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

1.5 

1.5 6.481×103 6.858×103 0.945 
2.0 6.239×103 6.755×103 0.923 
2.5 6.153×103 6.700×103 0.918 
3.0 6.050×103 6.641×103 0.911 

 
 

2.0 

1.5 12.028×103 12.512×103 0.961 
2.0 11.455×103 12.326×103 0.929 
2.5 11.253×103 12.217×103 0.921 
3.0 11.007×103 12.082×103 0.911 

 
 

2.5 

1.5 19.586×103 19.847× 103 0.986 
2.0 18.467×103 19.687×103 0.938 
2.5 18.071×103 19.444×103 0.929 
3.0 17.593×103 19.238×103 0.914 

 
 

3.0 

1.5 29.345×103 29.476×103 0.995 
2.0 27.410×103 28.554×103 0.959 
2.5 26.727×103 28.379× 103 0.941 
3.0 25.900×103 28.065×103 0.922 

 

- 1317 -



 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(b) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(c) 
 
 
 
 
 
 
 
 
 
 
 
 
  
 

                          (d) 
Figure 1 In-plane lateral strength computed from FEM 
model with varying L/t and H/t, for wall thickness of 

(a) 125mm (b) 75mm (c) 250 mm (d) 500 mm 

which may be helpful in providing a visualization of the 
nature of variation of strength with aspect ratio. All the 
possible combinations of the parameters are considered 
while plotting the figure. However, only some exemplary 
cases are being presented in the tabular form with numerical 
details. Variation of strength with respect to the two aspect 
ratios may prove useful while designing the masonry walls.      
 
    Similarly, the comparison of out-of-plane lateral 
strength of masonry walls obtained in computationally, as 
well as analytically has been presented in Table 5 to 8, for 
two typical lengths of 2.5 m and 3.0 m, respectively. 
Likewise, in-plane lateral strength, the close agreement of 
computational and analytical results have been obtained in 
this case too. 

 
 

Table 5  Comparison of Analytical and Computational   
         Results of Out-of-plane Lateral Strength for URM 

   having Thickness 125 mm, subjected to  
        Triangularly varying Load Perpendicular to the 

Plane of the Wall 
 

Length 
of  

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational 
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

2.5 

1.5 0.393×103 0.366×103 1.073 
2.0 0.337×103 0.328×103 1.028 
2.5 0.318×103 0.303×103 1.048 
3.0 0.294×103 0.263×103 1.118 

 
 

3.0 

1.5 0.520×103 0.529×103 0.981 
2.0 0.439×103 0.458×103 0.958 
2.5 0.411×103 0.412×103 0.996 
3.0 0.376×103 0.382×103 0.984 

 
 

Table 6  Comparison of Analytical and Computational 
      Results of Out-of-plane Lateral Strength for  

         URM having Thickness 75 mm, subjected to  
         Triangularly varying Load Perpendicular to the 

Plane of the Wall 
 

Length 
of  

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational 
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

2.5 

1.5 0.186× 103 0.184× 103 1.010 
2.0 0.156× 103 0.148× 103 1.055 
2.5 0.142× 103 0.132× 103 1.075 
3.0 0.129× 103 0.113× 103 1.141 

 
 

3.0 

1.5 0.251× 103 0.248× 103 1.012 
2.0 0.208× 103 0.204× 103 1.019 
2.5 0.188× 103 0.181× 103 1.037 
3.0 0.170× 103 0.152× 103 1.118 
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Table 7  Comparison of Analytical and Computational  
      Results of Out-of-plane Lateral Strength for  

         URM having Thickness 250 mm, subjected to 
         Triangularly varying Load Perpendicular to the 

Plane of the Wall 
 

Length 
of  

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational 
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

2.5 

1.5 1.177× 103 1.219× 103 0.966 
2.0 1.065× 103 1.109× 103 0.960 
2.5 1.026× 103 1.064× 103 0.964 
3.0 9.780× 103 1.003× 103 0.974 

 
 

3.0 

1.5 1.508× 103 1.538× 103 0.980 
2.0 1.347× 103 1.407× 103 0.957 
2.5 1.290× 103 1.352× 103 0.953 
3.0 1.177× 103 1.219× 103 0.966 

 
 

Table 8  Comparison of Analytical and Computational 
      Results of Out-of-plane Lateral Strength for  

         URM having Thickness 500 mm, subjected to 
         Triangularly varying Load Perpendicular to the 

Plane of the Wall 
 

Length 
of  

Wall 

Height 
of 

Wall 

Analytical 
Values of 
Lateral 

Strength 

Computational 
Values of 
Lateral 

Strength 

Ratio 
between 
the two 
values 

(m) (m) (N) (N)  
 
 

2.5 

1.5 3.917× 103 4.054× 103 0.966 
2.0 3.693× 103 3.921× 103 0.942 
2.5 3.614× 103 3.848× 103 0.939 
3.0 3.519× 103 3.791× 103 0.928 

 
 

3.0 

1.5 4.891× 103 4.977× 103 0.982 
2.0 4.568× 103 4.820× 103 0.947 
2.5 4.455× 103 4.727× 103 0.942 
3.0 4.317× 103 4.615× 103 0.935 

 
 
    Figure 2 presents the variation of out-of-plane lateral 
strength with respect to length/thickness and 
height/thickness ratio for wall thickness of 125 mm, 75 mm, 
250 mm and 500 mm.  As observed in Figure 1, the same 
trend of variation of strength is found in Figure 2 also. It can 
be noted down from the figure that the strength increases 
with increase of length/thickness ratio and with decrease of 
height/thickness ratio for all the cases presented in the figure. 
This variation is in line with intuitive understanding 
regarding the lateral resistance of such walls. 
 
    Though, very few researches has been carried out in 
investigating the lateral strength of masonry, in one of the 
studies (Mukhopadhyay et al. 2010), a limited parametric 
variation has been carried out to predict the in-plane lateral  
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Figure 2 Out-of-plane lateral strength computed from FEM 
model with varying with L/t and H/t, for wall thickness of 

(a) 125 mm (b) 75 mm (c) 250 mm (d) 500 mm 
 

(d) 
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strength of masonry wall. In this context, the present study is 
an effort with detailed parametric study for prediction of 
in-plane and out-of-plane lateral strength of masonry walls. 
This study will be a valuable input for the designers while 
designing the masonry buildings to withstand lateral loading. 
 
 
4.  CONCLUSIONS 
 
    The paper aims to propose reasonably accurate 
computational and analytical methodologies for assessing 
in-plane and out-of-plane lateral strength of masonry walls 
with feasible range of variation of the aspect ratio. The close 
agreement of results obtained by both of the methodologies 
indicates the reliability of both the methods. In fact, the 
analytical formulation for in-plane lateral strength was 
chosen from a previous study (Mukhopadhyay et al. 2010) 
which was verified at least through limited experiments. 
Thus, matching the results of computational model with this 
analytical formulation helps to build confidence about its 
adequacy. They can be used in assessing the lateral strength 
of masonry buildings. 
 
    Further, the variation of surfaces presented in the paper 
for both in-plane and out-of-plane lateral strength for 
feasible variations of aspect ratios can be a useful tool for 
assessing the lateral strength of masonry structures. The 
study can further be extended to provide overall lateral 
strength of masonry buildings of various feasible standard 
dimensions and storeys. Such studies including the present 
one may prove useful in assessing the seismic safety of 
masonry buildings, a kind of habitat where large number of 
people in the world live. 
 
     
References: 
Ali, S. and Page, A.W. (1988), “Finite Element Model Masonry 

Subjected to Concentrated Loads”, Journal of Str. Div., 
Proceedings, ASCE, 114, No ST8, 1761-1784. 

Chaimoon, K. and Attard, M.M. (2009), “Experimental and 
Numerical Investigation of Masonry Under Three-point 
Bending”, Engineering Structures, 31, 103-112. 

Chiostrini, S., Galano, L. and Vignoli, A. (2000), “On the 
Determination of Strength of Ancient Masonry Walls via 
Experimental Tests”, Proceedings of 12th World Conference in 
Earthquake Engineering, Paper No. 2564. 

Corradi, M., Borri, A. and Vignoli, A. (2003), “Experimental Study 
on the Determination of Strength of Masonry Walls”, 
Construction and Building Materials, 17, 325-337. 

Drysdale, Robert. G. and Hamid, Ahmad. A. (1984), “Tension 
Failure Criteria for Plain Concrete Masonry”, Journal of 
Structural Engineering, ASCE, 110 (2), 228-244. 

Gabor, A., Bennani, A., Jacquelin, E. and Lebon, F. (2006), 
“Modeling Approaches of the In-plane Shear Behaviour of    
Reinforced and FRP Strengthened Masonry Panels”, Composite 
Structures, 74, 277-288. 

Lu, M., Schultz, A.E. and Stolarski, H.K. (2005), “Application of 
the Arc-length Method for the Stability Analysis of Solid 
Unreinforced Masonry Walls under Lateral Loads”, Engineering 
Structures, 27, 909-919. 

Massart, T.J., Peerlings, R.H.J., Geers, M.G.D. and Gottcheiner, S. 
(2005), “Mesoscopic Modeling of Failure in Brick Masonry 
Accounting for Three-dimensional Effects”, Engineering 

Fracture Mechanics, 72, 1238-1253. 
Mebarki, A., Bui, Q. H., Saada, R. Ami., Delmotte, P. and Tizapa, S. 

Sanchez. (2009), “A Simplified Mechanical Model to Assess the 
Bearing Capacity of Masonry Walls: Theory and Experimental 
Validation”, Construction and Building Materials, 23, 
1109-1117. 

Milani, G., Zuccarello, F.A., Olivito, R.S. and Tralli, A. (2007), 
“Heterogeneous Upper-bound Finite Element Limit Analysis of 
Masonry Walls Out-of-plane Loaded”, Computational 
Mechanics, 911-931. 

Mukhopadhyay, P., Goswami, K., Chatterjee, P., Mandal, U., Bala, 
S., and Dutta, S.C. (2010), “An Attempt Towards Modeling the 
Behaviour of Masonry Element Under Lateral Loading With 
Limited Experimental Verification”, The Bridge & Structural 
Engineer, ING-IABSE, 40(1), 1-23. 

OpenSEES, (2007), “Open System for Earthquake Engineering 
Simulation”, Available online; http://opensees.berkley.edu.  

Riddington, J. R. and Naom, N. F. (1994), “Finite Element 
Prediction of Masonry Compressive Strength”, Computers and 
Structures, 52(1), 113-119. 

 
 
 
 
 
 
 
 

- 1320 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 
 
 
 
 

EFFECTIVENESS OF POLYMER TEXTILE REINFORCED MATRIX SYSTEMS FOR SEISMIC 

RETROFITTING OF HISTORIC MASONRY BUILDINGS
 

 
 

Najif Ismail1), and Jason M. Ingham3) 
 
 

1) PhD Student, Department of Civil Engineering, University of Auckland, New Zealand 
2) Associate Professor, Department of Civil Engineering, University of Auckland, New Zealand 

Nism009@aucklanduni.ac.nz, j.ingham@auckland.ac.nz 
 
 

Abstract:  Details of an experimental program investigating the structural performance of historic unreinforced masonry 
(URM) walls strengthened using two different polymer textile reinforced mortar (TRM) systems is presented. The testing 
was performed in two series, with series 1 involving in-plane testing of two (02) pier-spandrel assemblages representing 
part of a perforated URM wall and series 2 involving out-of-plane testing of three (03) slender walls having no 
penetrations. To replicate the physical characteristics of historic masonry materials, vintage solid clay bricks and a low 
strength hydraulic cement mortar were used for construction of the test walls. Numerous structural characteristics 
pertaining to the seismic behaviour of TRM strengthened historic URM walls were investigated and then compared to 
those obtained from corresponding as-built tested URM walls. In general, strengthened walls exhibited a ductile 
behaviour until the polymer textile ruptured in a brittle manner. The strength increment due to TRM strengthening was 
observed to range from 128% to 136% when the URM test walls were loaded in-plane and from 575% to 786% when the 
URM test walls were loaded out-of-plane.   

 
 
1.  INTRODUCTION 

Unreinforced masonry (URM) buildings represent a 
large proportion of the historic building stock worldwide, 
but the majority of these buildings are vulnerable to collapse 
in a moderate to large magnitude earthquake and pose a 
safety risk to their occupants. According to one estimate, 
roughly 75% of the fatalities caused by earthquakes in the 
last one hundred years have resulted due to the collapse of 
URM buildings (Coburn and Spence 1992). The seismic 
hazard associated with these earthquake prone buildings can 
be mitigated by either demolition or the implementation of 
seismic retrofits, with the latter option being preferred for 
buildings having important heritage value. Despite the 
observed poor seismic performance of URM buildings in the 
recent 2010/2011 Canterbury (New Zealand) earthquake 
series being consistent with the performance expected for 
such a large magnitude earthquake, with numerous cases of 
URM buildings having partially or completely collapsed 
(Ingham et al. 2011; Ingham and Griffith 2010; Ingham and 
Griffith 2011), it was observed that URM buildings having 
well-conceived retrofit design generally performed 
satisfactorily (Dizhur et al. 2010). These observed 
deficiencies in unretrofitted URM buildings further 
highlighted the seismic hazard associated with this building 
type and emphasised the priority for further investigation to 
acquire experimental data on the structural characteristics of 
seismically retrofitted URM walls.  

It has been suggested in the technical literature that 
polymeric composite materials offer several advantages over 
traditional retrofitting materials (such as steel) that include a 

large strength to weight ratio, faster application rate, thinner 
cross section, better corrosion and fire resistance, and easy 
handling (Papanicolaou et al. 2011). Owing to these 
advantages the potential use of polymer materials for 
retrofitting earthquake prone buildings has attracted interest 
from academia and practicing engineers. Currently, different 
retrofitting techniques involving use of these polymeric 
materials are being implemented that include surface 
bonding of carbon fibre reinforced polymer (CFRP) plates, 
near surface insertion of CFRP strips/bars, surface bonding 
of organic epoxy impregnated glass fibre reinforced polymer 
(GFRP) sheets and surface overlay of a mortar matrix 
reinforced with fibre reinforced open grid textiles (referred 
to as TRM herein). Of these different techniques, TRM was 
selected for further investigation because it offers better 
compatibility with older weak masonry constituent materials, 
relatively larger ductility, relatively higher fire resistance, 
lesser handling problems, and greater porosity when 
compared to counterpart surface bonded GFRP retrofit 
applications (Papanicolaou et al. 2007; Papanicolaou et al. 
2008).  

It should be noted that porosity (also referred to as 
breathability), which is the ability of a retrofit overlay to 
create a porous water resistant layer, is crucial for the 
longevity of a retrofit solution. Additionally, the use of an 
open grid pattern of these polymer textiles provides better 
surface adhesion than do GFRP sheets, due to additional 
mechanical interlocking attributed to the mortar matrix 
protruding through the grid openings of the textile 
(Papanicolaou et al. 2011).  
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TRM draws upon traditional steel mesh reinforced 
mortar applications to masonry walls, referred to as 
ferrocement, which involves the application of steel or 
galvanised iron mesh onto the masonry surface using a 
strong cement-sand mortar. In TRM applications, the 
conventional steel reinforcement grid is substituted by a 
polymer textile and an improved mortar matrix is used 
instead of a cement-sand mortar to provide better bonding 
between the reinforcement textile and the masonry substrate. 
The commercially available mortar matrices used for a TRM 
applications are either cement based mortars or acrylic 
polymer based matrices, with the latter having been only 
recently developed. Different polymeric composite materials 
are used to make the reinforcement textiles for such TRM 
applications, including polyester fibre, fibreglass, basalt fibre, 
and propylene. These different types of polymer textiles are 
commercially available in a variety of textile configurations 
and densities. 

 
1.1  Literature Review 

The use of TRMs dates back to the early 1980s, when 
the technique was mainly used in new concrete construction. 
Research investigating the suitability of TRM systems for 
seismic retrofitting of buildings progressed at a slow rate, 
with most experimental studies having been undertaken in 
the last 10 years and primarily being focused on retrofitting 
of concrete frames (Mantegazza et al. 2006; Peled 2007; 
Triantafillou and Papanicolaou 2006).  In some relatively 
recent research studies, the effectiveness of TRM systems 
for retrofitting clay brick masonry walls was investigated by 
performing induced diagonal shear testing of retrofitted 
masonry assemblages (Faella et al. 2010; Ismail and Ingham 
2011b; Papanicolaou et al. 2011; Papanicolaou et al. 2007). 
Parisi et al. (Parisi et al. 2010) performed quasi-static testing 
of a single URM wall with openings. The wall was first 
tested as-built and then repaired using a TRM system similar 
to that used in this testing program. The effectiveness of the 
TRM system for repairing damaged historic URM buildings 
was investigated by comparing the results from the as-built 
tested wall and the repaired test wall. The study concluded 
that TRM repairing not only restored the in-plane strength, 
but also led to increased ductility of the wall.  

Furthermore, the cyclic out-of-plane flexural response 

of small scale TRM retrofitted masonry assemblages has 
been investigated by performing pseudo-static cyclic 
out-of-plane testing (Harajli et al. 2010; Papanicolaou et al. 
2008), with loading being applied using a three point loading 
arrangement. Following the above mentioned experimental 
studies it was reported that TRM is a viable seismic retrofit 
technique for masonry walls, and a large strength increment 
was reported for retrofitted masonry assemblages when 
compared to corresponding as-built tested masonry 
assemblages. 

 
1.2  Retrofitting Procedure 

Figure 1 show photographs representing different 
steps involved in a TRM retrofit application. The masonry 
surface is first prepared by removing all rendering coats 
down to the underlying brickwork, and loose materials are 
removed. The substrate must be cleaned to achieve good 
adhesion between the polymer textile and the masonry, free 
from disintegrated masonry fragments, dust, oil and 
paintwork. The cleaned substrate is made wet by sprinkling 
water and left to dry until a saturated surface dry condition is 
achieved. If a saturated surface dry condition can not be 
achieved then to create a permeable layer between the 
mortar matrix and the masonry substrate, a primer coat is 
applied onto the cleaned masonry surface.  

As the adhesive mortar can only be applied up to a 
maximum thickness of 4-10 mm, a levelling mortar base 
coat is applied for uneven masonry surfaces. Commercially 
available levelling mortars can be applied up to a thickness 
of 25 mm. A galvanised steel mesh fixed using light capacity 
steel mechanical anchors is also used as additional 
reinforcement in the levelling mortar layer and to improve 
the de-bonding strength. For such applications 100 mm long 
expansion galvanised steel nail anchor assemblies are 
typically used, which consist of a steel nail having a 
diameter of 8 mm and a polyamide dowel sleeve with two 
perforated polyamide retaining plates (refer Figure 1a). For 
installing these steel anchors, equally spaced holes (roughly 
300 mm o.c. in both directions) are drilled in the prepared 
masonry substrate using a rotary drill. The dowel sleeves for 
anchors are inserted into the drilled holes, the steel mesh is 
placed between the retaining discs, and the steel anchors are 
driven into the pre-installed dowel sleeves. 

  
(a) Fixing anchor (b) Mixing mortar (c) Levelling mortar application (d) Adhesive mortar application

Figure 1. Photographs of retrofit application
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Table 1. Test wall details 

Test 
Series 

Test Wall Type of 
loading 

Wall dimensions  Strengthening details 
H 

(mm) 
B 

(mm) 
T 

(mm) 
 Grid type Adhesive 

mortar 
Additional base 

coat 
No. of faces 
strengthened 

1 ABI-1+ IP see Figure 1a 220  - - - - 
1 TMI-2 IP see Figure 1a 220  FG225 RM2 - 1 
1 TMI-3 IP see Figure 1a 220  EF335 RM3 LM1+SM156 1 
2 ABO-4 OOP 3670 1200 220  - - - - 
2 TMO-5 OOP 3670 1200 220  FG225 RM2 - 1 
2 TMO-5ʹ OOP 3670 1200 220  FG225 RM2 - 1 
2 TMO-6 OOP 3670 1200 220  EF335 RM3 LM1+SM156 1 
2 TMO-6ʹ OOP 3670 1200 220  EF335 RM3 LM1+SM156 1 

Where: H = test wall height; B = test wall length; T = test wall thickness; IP = in-plane; and OOP = out-of-plane. 
ʹTest wall loaded in out-of-plane direction up to destruction; +As-built perforated wall was tested and reported by Knox (2012) 

 

A levelling base coat is then applied, which covers the 
mounted steel mesh. Once the base coat has been applied, it 
is left to cure under normal environmental conditions for 
several days. It is recommended to wait until the levelling 
mortar layer is completely dry. The adhesive mortar is mixed 
as per the manufacturer’s recommendations and a 3-4 mm 
thick layer of the mixed adhesive mortar is uniformly 
applied over the dry levelling mortar layer using a flat metal 
trowel. The textile is pressed into the freshly applied mortar 
layer using a flat trowel so that mortar protrudes through the 
textile grid openings. It is thought that these mortar 
protrusions provide additional mechanical interlocking. A 
final rendering coat of a 2 3 mm thick layer of adhesive 
mortar is then applied over the textile and the surface is 
smoothened using a flat trowel. The recommended curing 
time for commercially available adhesive mortars for such 
TRM applications varies between 7 to 28 days. 
 
2.  EXPERIMENTAL PROGRAM 

The experimental program was comprised of two series 
of tests. Series 1 involved pseudo-static reversed cyclic 
in-plane testing of two (02) TRM strengthened full scale 

pier-spandrel assemblages (representing part of a perforated 
URM wall, also referred to as a URM frame) and series 2 
involved reversed cyclic out-of-plane testing of three (03) 
full scale slender URM walls. Series 2 testing was further 
performed in two stages, with the first stage involving the 
testing of walls subjected to reversed cyclic loading up to a 
drift of roughly 4% and the second stage of testing involving 
walls loaded in one direction only until the wall collapsed. 
Because the majority of heritage URM buildings have 
exposed brickwork on their exterior façade and therefore a 
strengthening application is only desirable on the interior 
wall face, the experimental program considered only one 
sided TRM strengthening, as is the norm for earthquake 
strengthening of historic URM buildings. 
 
2.1. Wall specifications 

Test wall dimensions and strengthening details are 
shown in Table 1. Test walls were given the notation ABX-N 
or TMX-N, where AB refers to as-built tested walls, TM 
refers to test walls strengthened using TRM, X denotes the 
loading direction (I refers to in-plane and O refers to 
out-of-plane) and N denotes the test number. 
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Figure 2.  Test wall geometric configuration 
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It should be noted that test assemblage ABI 1 was tested 
and reported by Knox (2012) and details of the as-built test 
wall are reproduced herein for comparison only, with the 
tested assemblage subsequently repaired by repointing the 
spandrel cracks and having a single sided TRM full surface 
overlay applied on the spandrel (the repaired assemblage is 
referred to as test assemblage TMI 2). Because the piers of 
assemblage TMI-2 were completely intact at the conclusion 
of testing, for the construction of test assemblage TMI-3 the 
existing piers were reused and a new spandrel was 
reconstructed.  

Figure 2a shows the geometric dimensions of series 1 
pier-spandrel assemblages. The test assemblages were 
constructed over two concrete footings, which were 
anchored to the laboratory strong floor to avoid lateral 
sliding of the piers but allow bed joint shear sliding to 
potentially occur at the pier base. It was observed in 
previously performed testing of such as-built pier-spandrel 
URM assemblages (Knox 2012) that damage was mostly 
concentrated in the unsupported middle span of the 
spandrels. Therefore, to limit such damage, the spandrel of 
both test assemblages was strengthened by applying a full 
TRM overlay on one face and the piers were left 
unstrengthened. Figure 2b shows the geometric dimensions 
of series 2 test walls, which were strengthened by applying a 
full TRM overlay on one face. 

 
2.2  Material Properties 

All test walls were constructed by an experienced brick 
layer under supervision. The masonry was laid following a 
common bond pattern, with roughly 15 mm thick mortar bed 
joints between two successive brick courses. In order to 
replicate the physical characteristics of historic URM walls, 
a low strength hydraulic cement mortar having a volumetric 
mix ratio of 1:2:9 (cement:lime:sand) and vintage solid clay 
bricks were used. The vintage clay bricks used were 220 mm 
long × 110 mm wide × 75 mm high, which were recycled 
from the rubble of two different historical URM buildings 
(one source for each series of testing) known to have been 
built between 1900 and 1910. Hence the bricks were 
approximately 100 years old.  

Physical characteristics of the constituent masonry 
materials were determined using standardised testing 
procedures. Masonry flexural bond strength was determined 
by testing masonry prisms in accordance with ASTM 
C1072-10 (ASTM 2010a). Mortar compressive strength was 
determined by testing 50 mm mortar cubes in accordance 
with ASTM C109/C109M-11 (ASTM 2011b). The 
compressive strength of bricks and masonry were 
determined in accordance with ASTM C67-11 (ASTM 
2011a) and ASTM C1314-11 (ASTM 2011c) respectively. 
The test results are reported in Table 2 as mean values and 
corresponding coefficients of variation (COV). Two different 
types of commercially available TRM systems were selected 
for strengthening series 1 and series 2 test walls, with 
summary details of these strengthening materials given in 
Table 1 and full material properties reported in Table 3. The 
selection of these strengthening materials was based on the 

results of a precedent study (Ismail and Ingham 2011b) that 
involved diagonal shear testing of URM assemblages in 
accordance with ASTM E519/E519M-10 (ASTM 2010b) 
that had been strengthened by applying both single sided and 
double sided overlays using a variety of commercially 
available TRM systems. 

Table 2. Masonry material properties 

Test Series fʹb (CoV) f j́ (CoV) fʹm (CoV) fr (CoV) 
MPa MPa MPa MPa 

1 39.4 (0.39) 1.3 (0.26) 10.7 (0.33) 0.09 (0.66) 
2 21.3 (0.28) 1.4 (0.18) 6.5 (0.30) 0.08 (0.80) 

Where: fʹb = brick compressive strength; f j́ = mortar compressive strength; 
fʹm = masonry compressive strength; and fr = flexural bond strength of 
masonry. 

 

Table 3. Retrofit material properties 

Strengthening textile properties 
 SM156 FG225 EF335 
Material Steel Fibreglass Fibreglass 
Density (kg/m2) 156 225 335 
Roving Spacing (mm) 19 (Warp) 

19 (Weft) 
25 (Warp) 
25 (Weft) 

10 (Warp) 
18 (Weft) 

Tensile strength (kN/m) 20 (Warp) 
20 (Weft) 

45 (Warp) 
45 (Weft) 

94 (Warp) 
82 (Weft) 

Strengthening mortar properties 
 LM1 RM2 RM3 
Adhesion (MPa) - 15 1540 
Max. thickness (mm) 2 10 1800 
Density (kg/m3) >1.2 10 1600 
Where: LM1 = Lightweight mortar with polystyrene beads; 
RM2 = Pozzolana-reaction based ductile mortar; and RM3 = Acrylate mixed 
polymer dispersion based ductile mortar with mineral fillers. 

 
2.3  Testing Details 
 
2.3.1  Series 1Testing 

Figure 3 shows the test setup used for series 1 testing, 
where LC refers to load cell; P refers to pier (suffix A and B 
identify the pier location); S refers to spandrel; H refers to 
horizontal; V refers to vertical; X refers to diagonal; PC 
refers to pier-spandrel connection; B refers to pier base; and 
Z refers to control displacement gauges recording the lateral 
displacement. A gradually increasing displacement 
controlled reversed cyclic loading history was applied at the 
topmost fibre of series 1 test assemblages using a rigid steel 
loading beam, with each displacement excursion repeated 
twice. The displacement was increased as a function of drift 
values, with an increment step of 0.2% drift between two 
consecutive excursions. The testing of strengthened 
assemblages was continued until either the hydraulic ram 
reached its stroke capacity or the post-peak strength of the 
assemblage degraded to 80% of the peak strength. The 
loading beam was supported on top of the spandrel by two 
sets of rollers, with these rollers positioned at the centreline 
of each pier. The rollers minimized frictional resistance 
between the loading beam and the test assemblage. The 
reversed cyclic pseudo-static lateral loading was applied 
using a hydraulic ram coupled with a 500 kN load cell, 
which were together positioned between the loading beam 
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and the strong wall.  
An axial force of 44 kN was applied to each pier using 

two external posttensioned (PT) threaded bars, replicating 
the overburden weight as if the test assemblages were 
located at the lower storey of a two storey URM building. 
The magnitude of applied axial load was maintained by 
placing a spring at the bottom of each PT tendon, between 
the strong floor and the end anchorage plates. Additionally, 
PT tendon stress variation was monitored by placing a 40 kN 
load cell at the top end of each PT bar. A total of 34 portal 
gauges were used to record deformations in the piers and the 
spandrel and two control displacement gauges (Z1 and Z2) 
were attached to the spandrel at one end and to a free 
standing steel frame at the other end. 

 
2.3.2  Series 2Testing 

Reversed cyclic out-of-plane testing was performed 
using the test setup shown in Figure 4a, being consistent 

with similar precedent research studies (Derakhshan 2011; 
Ismail and Ingham 2011a; Ismail et al. 2011). In the first 
stage of testing a pair of air bags was positioned on each side 
of the wall between the test wall and a backing frame to 
apply a uniformly distributed pseudo-static load. The 
backing frames were placed over two pairs of smooth 
greased steel plates having negligible friction, such that the 
backing frame self-weight did not impair the test results. 
One linear variable differential transducer (LVDT) was 
located at wall mid-height to determine lateral displacement 
and eight 10 kN s-shape load cells (with four on each side of 
the wall) were used to determine the magnitude of applied 
lateral force. The strong reaction frame acted as a backing 
and also supported the top of the wall, creating boundary 
conditions that were comparable to those when a 
strengthened wall is connected to a floor or ceiling 
diaphragm.  
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Figure 3.  Series 1 test setup 
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(a) reversed cycling testing (b) one directional cyclic testing 

Figure 4. Series 2 test setup 
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Gradually increasing displacement controlled cyclic 
loading was applied by alternatively inflating and deflating 
the air bags. Displacement amplitude for every third loading 
cycle was increased gradually as a function of wall drift, 
with each displacement cycle consisting of a push and pull 
excursion. The reversed cyclic testing was continued until 
the test came into contact with the backing frames. Therefore, 
in the second stage of testing, one backing frame was 
removed and the strengthened walls were tested up to 
collapse by applying one-directional cyclic loading (refer to 
Figure 4b). This loading arrangement enabled the behaviour 
of TRM strengthened URM walls to be established when 
loaded out-of-plane to beyond the collapse prevention limit 
state, which is not well documented in technical literature. 
 
3.  EXPERIMENT RESULTS AND DISCUSSION  

An overview of testing results is reported in Table 4. 
The first cracking limit state corresponds to the elastic limit 
of the test walls, which was observed to occur at an applied 
lateral force of approximately 0.7Vu and is consistent with 
typical code recommended elastic limits for a bi-linear 
idealisation (ASCE/SEI 2006; CEN 2005). The ultimate 
strength limit state was defined as the point on the 
experimental force-displacement curves when post-peak 
strength degraded to 80% of the peak strength. Ductility was 
quantified using the measured ultimate drift ratio, calculated 
as γu = Δu/H for in-plane loaded walls and as γu = 2Δu/H  for 
out-of-plane loaded walls, where Δu is the lateral 
displacement corresponding to an ultimate strength limit 
state and H is the effective height of the wall.  

Additionally, a pseudo-ductility value µ = Δu/ Δy   was 
calculated for each test wall, where Δy is the effective yield 
displacement corresponding to extrapolation of the first 
cracking limit state when considering a bi-linear 
elasto-plastic system (refer Figure 5). It should be noted that 
as the bi-directional cyclic testing was stopped before the 
walls reached their ultimate strength limit state, the 
maximum measured drift values determined for test walls 
ABO-4, TMO-5 and TMO-6 give conservative ultimate drift 
values.  
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Figure 5. Bi-linear idealisation 

 
3.1  Failure Modes 

 

3.1.1  Series 1 Testing 
Figures 6 shows damage patterns observed at the 

conclusion of series 1 testing. Knox (2012) reported that the 
as-built tested wall ABI-1 exhibited a strong-pier 
weak-beam failure mechanism, with pier rocking resulting 
in opening of horizontal cracks at the base of each pier and 
diagonal shear cracks forming in the middle portion of the 
spandrel. Some localised cracking was also observed at the 
projecting edges of the spandrel, which was attributed to 
stress concentration at the interface between the masonry 
and the edge of the loading beam. The damage pattern 
observed for test wall TMI 2 was similar to that for as-built 
tested wall ABI-1, being rocking induced cracking in the 
middle portion of the spandrel. The majority of cracks were 
observed to propagate through mortar joints, which were 
attributed to the low ratio of mortar strength to brick strength. 
A horizontal bed joint crack at the unstrengthened spandrel 
pier connection was also observed to widen before the textile 
rovings that crossed the spandrel cracks started to rupture 
and resulted in rapid loss of wall strength. Test wall TMI 3 
also exhibited pier rocking until one of the piers failed in a 
step joint sliding shear failure mode, without any visible 
cracking in the spandrel. 

 

Table 4. Test results 

Test Series Test Wall Vc Vu Mu Vu /Vo Δy Δu γu µ 
 kN kN kN.m Ratio mm mm % ratio

1 ABI-1 34.44 74.38 - 1.00 10.5 40.3 1.51 3.8 

1 TMI-2 68.37 93.74 - 1.28 12.8 38.5 1.39 3.0 

1 TMI-3 52.58 101.83 - 1.36 10.6 36.8 1.36 3.0 

2 ABO-4 3.64 3.64 1.67 1.00 8.42 56.2 3.06+ 6.7 

2 TMO-5 15.04 22.15 10.16 6.09 10.43 81.4 4.44+ 7.8 

2 TMO-5ʹ - 20.92 9.60 5.75 - 89.6 4.88 8.6 

2 TMO-6 10.94 26.18 12.01 7.19 14.38 90.9 4.95+ 6.3 

2 TMO-6ʹ - 28.62 13.13 7.86 - 101.1 5.51 9.2 

Where: Vc = measured lateral force at first cracking; Δy = effective yield displacement corresponding to extrapolation of the first cracking limit state; 
Vu = maximum measured lateral force; Mu = maximum measured analogous moment; Δu = measured displacement at ultimate limit state; Vo = strength of as-built 
tested wall; γu = measured drift at ultimate limit state; and µ = pseudo-ductility.
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Figure 6. Damage patterns (series 1) 
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Figure 7. Damage patterns (series 2) 
 

It was established from the failure mode observed for 
TMI-3 that careful consideration was necessary regarding to 
the amount of strength increase applied to the spandrel, with 
respect to the assessed pier strength, in order to avoid such 
brittle shear failure of the piers. Alternatively to avoid pier 
diagonal shear failure, TRM strengthening of URM piers at 
selected locations could also be performed, such that the 
strength corresponding to all three possible failure modes 
(pier cracking, spandrel cracking and cracking at the 
spandrel-pier connection) is greater than the seismic demand 
corresponding to a moderate earthquake and in the event of a 

large magnitude earthquake the spandrel-pier connection 
fails before either of the piers or the spandrel reaches 
ultimate strength. 

 
3.1.2  Series 2 Testing 

Figure 7 shows the damage patterns observed at the 
conclusion of stage 1 and stage 2 of series 2 testing. The 
as-built tested wall ABO-4 behaved linearly until a single 
large horizontal crack developed at a location that was three 
courses above wall mid-height, separating the wall into two 
portions. Upon further application of lateral out-of-plane 
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loading, the upper and the lower portions of the wall started 
to rock about the crack location and continued to exhibit this 
rocking phenomenon until the test was stopped prior to 
reaching an instability mid-height displacement.  

 

(a) TMO-5ʹ (b) TMO-6ʹ

Figure 8. Photographs of series 2 walls 

In test walls TMO-5 and TMO-6, when subjected to 
face loading causing compression stresses in the TRM layer, 
a horizontal crack developed near the top end of the wall, 
that started to widen upon further application of face loading 
in the same direction. When the strengthened walls were 
subjected to face loading in the opposite direction, the textile 
reinforcement acted in tension and distributed stresses over a 
large masonry area, resulting in several hairline horizontal 
cracks to form on the TRM surface. The second stage of 
series 2 testing was continued until the walls collapsed. Test 
wall TMO-5ʹ continued to resist the applied loading, with 
opening of several distributed hairline flexural cracks until 
rupture of the polymeric textile rovings that crossed a single 
bed joint crack located near mid-height (refer Figure 8a), 
resulting in sudden wall collapse. Test wall TMO 6ʹ 
exhibited a similar failure mode but the additional steel mesh 
reinforcement provided some lateral resistance even after the 
polymeric textile reached its ultimate capacity, thus avoiding 
collapse of the test wall (refer Figure 8b). 

 
3.2  Force-Displacement Response 

Figures 9a to 9f show the measured hysteretic 
response for the test walls, with secondary axes to allow 
comparison of experimental results for walls of different 
height. The secondary horizontal axis represents drift values, 
calculated as θ = Δ/H for in-plane loaded walls and as   for 
out-of-plane loaded walls, where Δ is the lateral 
displacement and H is the wall/assemblage height. 
Additionally, analogous moment values are shown on the 
secondary vertical axis for out-of-plane loaded walls, 
calculated as M = VH/8, where V is the total applied lateral 
force and H is the wall height. The result for the 
corresponding as-built tested wall (dotted line) is also 

included on each plot, to illustrate the seismic improvement 
due to TRM strengthening.  

 
3.2.1  Series 1 testing 

The as-built tested wall ABI 1 responded linearly until 
cracking occurred in the spandrel, resulting in narrow 
hysteretic loops which are typical for pseudo-statically 
rocking structures where no account is made for radiation 
damping due to dynamic rocking. The test wall did not 
exhibit any loss of strength and continued to resist lateral 
force even at large displacement excursions until the 
hydraulic ram reached its stroke capacity and the testing 
could not be continued further. In test wall TMI-2, the TRM 
layer resisted crack openings by distributing stresses over a 
large masonry area until textile rovings spanning across 
cracks started to rupture at a lateral displacement of 38.5 mm. 
As a result the repaired wall TMI-2 exhibited larger energy 
dissipation than the as-built tested wall ABI-1, resulting in 
larger hysteretic loops. The strengthened test wall TMI-3 
exhibited a rocking response and resulted in relatively 
pinched hysteretic loops. The strengthened spandrel of 
TMI-3 did not reach its cracking strength before one pier 
failed in diagonal shear at a lateral displacement of 36.8 mm, 
which led to rapid post-peak wall strength loss.  

 
3.2.2  Series 2 testing 

For the bi-directional cyclic testing (ABO-4, TMO-5 
and TMO-6), testing of all walls was discontinued prior to 
reaching ultimate strength and post-peak strength was not 
observed for any of the test walls, as shown in the 
experimental force-displacement plots. The as built tested 
wall ABO-4 behaved linearly up to cracking and then started 
to exhibit rigid body rocking without further strength gain. 
Test walls TMO-5 and TMO-6 exhibited a bi-linear response, 
with both walls having minor flexural cracking and returning 
to their original positions without any residual displacement. 
The flexural strength of these walls was observed to be 
noteably higher than for the as-built wall ABO-4 when the 
TRM layer acted in tension, but when the walls were loaded 
in the reverse direction and the TRM acted in compression, 
the strengthened walls performed similarly to the as-built 
test wall ABO-4. The observed asymmetric strength 
increment for single sided strengthened walls suggested that 
a two sided TRM strengthening strategy should be 
performed for URM walls, which could either be applied as 
a full surface overlay or as vertical strips offset on each side 
of the wall. In the second stage of testing, strengthened walls 
TMO-5ʹ and TMO 6ʹ continued to exhibit a bi-linear 
behaviour, similar to that observed in the first stage, until the 
tensile strength of the reinforcement textile was exceeded 
and the walls collapsed. In general, the strengthened walls 
exhibited similar behaviour, with the governing failure mode 
being brittle and the ultimate strength of the walls dictated 
by the tensile strength of the polymer textile. Test wall TMO 
6ʹ performed relatively better than test wall TMO-5ʹ and 
failed at a larger out-of-plane force in a relatively more 
ductile failure mode, which was partially attributed to the 
introduction of additional steel mesh.
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(a) ABI-1 and TMI-2 (b) ABI-1 and TMI-3 (c) ABO-4 and TMO-5 

 
(d) ABO-4 and TMO-5ʹ (e) ABO-4 and TMO-6 (f) ABO-4 and TMO-6ʹ

Figure 9. Hysteretic curves 

4.  SUMMARY AND CONCLUSIONS  
The history and development of TRM systems is 

briefly discussed. A summary of precedent experimental 
programs was presented, with regard to repair and 
strengthening of masonry structures and a gap in the current 
technical literature was identified. An overview was 
provided of an experimental program that was undertaken to 
investigate the performance of URM walls strengthened 
using TRM. The experimental program consisted of several 
small scale standardised material tests, pseudo-static reverse 
cyclic testing of two (02) large scale TRM strengthened 
URM assemblages (series 1), and out-of-plane flexural 
testing of three (03) large scale slender URM walls (series 2). 
Two commercially available TRM systems, selected on the 
basis of a precedent study, were used to strengthen the test 
walls. Numerous structural characteristics pertaining to the 
seismic behaviour of TRM strengthened historic URM walls 
were investigated and then compared to those obtained from 
as-built tested URM walls. The key findings of the 
experimental program are: 

 In general, the two TRM systems performed similarly 
and resulted in similar strength increments. However, 
the introduction of steel mesh in addition to the TRM 
resulted in a small increase in the strength and ductility 
of the test walls. 

 The primary reinforcement mechanism for TRM 
systems is the distribution of stresses over a large area 
prior to masonry cracking and once the masonry began 
to crack (micro hairline cracking), the textile rovings 

spanning these cracks acted in tension to resist further 
opening of these cracks. 

 The in-plane strength of pier-spandrel assemblages 
having a TRM strengthened spandrel ranged from 
128% to 136% when compared to their as-built 
strength.  

 Two different failure modes were observed for in-plane 
loaded strengthened pier-spandrel assemblages, the first 
being the rupture of textile rovings spanning masonry 
cracks and the second being shear failure of 
unstrengthened piers without any spandrel cracking. 

 It was established that in-plane loaded URM 
pier-spandrel assemblages should be strengthened at 
selected locations, with a strengthening scheme selected 
such that the strength corresponding to all three possible 
failure modes (pier cracking, spandrel cracking and 
cracking at the spandrel-pier connection) is greater than 
the strength demand corresponding to a moderate 
earthquake and that in the event of a large magnitude 
earthquake the spandrel-pier connection fails before 
either of the piers or the spandrel reach their ultimate 
shear/flexural capacity, such that a pier rocking 
mechanism is expected. 

 The out-of-plane strengthened walls behaved in a 
bi-linear fashion until rupture of the textile rovings that 
crossed the mortar joint located at or near mid height 
(maximum moment point). 
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 The out-of-plane flexural strength of strengthened walls 
was observed to range from 5.75 to 7.86 times the 
strength of the as-built tested wall when the TRM 
strengthened face of the wall acted in tension. However, 
the out-of-plane strength was similar to that of the 
as-built wall when the TRM strengthened face acted in 
compression. 
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Abstract: By controlling the clamping force, semi-active variable friction damper (SAVFD) is able to adjust its slip 
force and remain in slip state throughout an earthquake of arbitrary intensity. The seismic responses of two adjacent 
structures connected with SAVFD are being investigated under various earthquake excitations. The optimum value 
of gain parameter, the ratio of damper force to critical damper control force, is being investigated for SAVFD 
connected adjacent structures, subjected to four different types of earthquake ground motions. The predictive control 
with direct output feedback concept is considered and the results are compared with uncontrolled and passive control 
cases. It was observed that adjacent structures of different fundamental frequencies connected by SAVFD, 
earthquake-induced responses of either structure can reduce effectively. However, the performance of SAVFD is not 
much improved than that of passive friction damper.  

 
 
1. INTRODUCTION  
 

The natural disturbances like strong wind and 
earthquakes produce excessive structural vibration, 
which creates human discomfort and many times lead to 
catastrophic structural failure. Past earthquake events 
around the world shows that urban earthquake risk is 
greatest and most rapidly growing in developing 
countries. Over the last century the average lethality of 
earthquakes in US and Japan has significantly decreased, 
while in the developing countries it has remained high. 
The civil engineering structures can be protected from 
such natural disturbances, either by conventional design, 
or by using energy dissipation devices. To protect civil 
engineering structures from such natural disturbances, 
structural control devices have been developed mainly in 
civil engineering structures, to dissipate energy from 
such natural disturbances and reduce vibrations in 
structures, thereby reducing human and material losses. 
In last decade, significant efforts have been given for 
design of engineering structures with various control 
strategies to increase their safety and reliability against 
strong earthquakes. These control strategies are able to 
modify dynamically the response of structure in a 
desirable manner, thereby termed as protective systems 
for the new structures and the existing structures and the 
existing structures can be retrofitted or strengthened 
effectively to withstand future seismic activity.   

According to the energy consumption, the control 
system can be classified as passive, active, semi-active 
and hybrid system (Spencer and Nagarajaiah 2003). 
Semi-active combines the features of active and passive 
systems. They utilize the response of a structure to 

develop control action through the adjustment of 
damping or stiffness characteristics of the system 
(Djajakesukma et al. 2002). A variety of semi-active 
devices have been considered for seismic applications, 
including variable orifice dampers, variable friction 
devices, adjustable tuned liquid dampers, controllable 
fluid dampers and variable stiffness dampers (Spencer 
and Nagarajaiah 2003). Because of their relatively high 
performance and low energy requirement, a number of 
different devices have been proposed for the practical 
implementation of semi-active control systems and more 
research has been focused on improving semi-active 
control devices or control laws to enhance its 
performance (Symans and Constantinou 1999). A friction 
damper is displacement dependent energy dissipation 
device and the damper force is independent of the 
velocity and frequency-content of excitation.  For a 
passive friction damper, the slip force of the damper is a 
pre-determined fixed value. A friction damper starts to 
slip and dissipate energy once the seismically induced 
damper force exceeds the pre-determined slip force, 
otherwise an inactive damper behave as a regular bracing 
system. The energy dissipated by the friction damper is 
proportional to the damper slip force. If the level of slip 
force is set too low, then the friction damper may not be 
efficient. Where as if the slip force is set too high, during 
most of the earthquake duration damper will not slip, 
hence during stick condition no energy dissipation take 
place and damper will act as a regular bracing. During an 
earthquake the damper may be switched between slip and 
stick states, which can results in high-frequency 
structural responses. A semi-active damper is able to 
adjust its slip force by controlling its clamping force in 
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real time in response to a structure’s motion during an 
earthquake. In order to determine the appropriate level of 
adjustable clamping force of the damper, semi-active 
dampers require a feedback control algorithm and on-line 
measurement of structural response. The control action is 
carried out by adjusting the clamping force of semi-
active damper, the energy requires can be very small, and 
it is not adding energy to the controlled structures, 
stability problem will not arise. However, the 
performance of the semi-active damper significantly 
depends on the control algorithm used.  There are many 
control algorithm includes, instantaneous optimal control 
(Feng et al. 1993), the control algorithm that determines 
the next time step clamping force (Akbay and Aktan 
1995), on-off control (Dowdell and Cherry 1994), bang-
bang control (Kannan et al 1995), modulated 
homogenous friction control (Inaudi 1997), linear 
quadratic regulator control (Lu and Chung 2001, Lu 
2004), combined viscous and Reid control (Chen and 
Chen 2002), predictive control (Lu 2004a), modal and 
optimal control (Lu et al 2004b), novel semi-active 
friction controller (He et al 2003), H�  
controller(Narasimhan and Nagarajaiah 2006) for smart 
base isolation buildings with variable friction system.  

In modern city, many buildings are often built 
closely to each other because of limited availability of 
land and preference for centralized services. During an 
earthquake mutual pounding (severe loading condition 
during an earthquake) may also occur, which has been 
observed in the 1985 Maxico City earthquake (Bertero 
1985), the Loma Prieta earthquake (Kasai and Maison 
1992) and many others. Among the various structural 
control techniques, the coupling of two adjacent 
structures with suitable mechanisms when possible is a 
developing methodology for mitigation of the structural 
vibrations. The mechanism does not require additional 
space for installation of control devices and the free 
space available between adjacent structures can be 
effectively utilized for installation of control devices. 
This mechanism is working on the concept of exerting 
control forces upon one another to reduce the overall 
responses of the system and also prevent mutual 
pounding between two adjacent structures. which is more 
severe loading condition during an earthquake which has 
been  observed during past earthquake events (Kasai and 
Maison 1992). The response control of adjacent 
structures coupled by passive energy dissipation devices 
have been investigated  ( Bhaskararao and Jangid 2006,  
Kasai et al. 1993, Kasai et al 1996) and it has been found 
that it is an effective alternate for seismic protection.  

The performance of SAVFD in mitigating the 
seismic responses in terms of namely, displacement, 
acceleration and shear forces of the adjacent connected 
structures under various earthquakes is evaluated. The 
specific objectives of the study are to (i) investigate the 
effects of variation in the gain multiplier of SAVFD, (ii) 
investigate the hysteretic energy dissipation behavior of 
the damper and (iii) investigate the efficiency of SAVFD 

in comparison with the passive friction damper for 
seismic response control of adjacent structures. 
 
 
2. MATHEMATICAL FORMULATION OF 

DAMPER CONNECTED STRUCTURES 
 
2.1   Assumptions and Limitations 

The schematic diagram of SAVFD and its 
mathematical model is as shown in Fig. 1. The two 
Multi-degree-of-freedom (MDOF) structures are 
assumed to be symmetric with their symmetric planes in 
alignment. The ground motion is assumed to occur in the 
direction in the symmetric planes of the structures so that 
the problem can be simplified as a two-dimensional 
problem as shown in Fig. 2.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Each structure is modeled as a linear MDOF flexible 
shear type structure with lateral degree-of-freedom at 
their floor levels. The floors of each structure are at the 
same level, but the height of the each structure can be 
different. The total plan dimensions in the direction of 
the excitation are not large, so, both structures are 
assumed to be subjected to the same ground acceleration. 
Any effects due to spatial variation of the ground motion 
are neglected. The earthquake excitation is assumed to be 
not so severe and/or due to the enhanced energy 
absorbing capacity of the structures because of the 
connected dampers, the structures are assumed to be 
remain in linear elastic and hence, do not yield under the 
considered earthquake excitations. Neglecting soil-
structure interactions limits the applicability of the results 
to structures on stiff firm ground and less restrictively to 
structures whose foundation are not massive (e.g. footing 
foundations). 
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Figure 1 Schematic diagram and Mathematical model 
of SAVFD 
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2.2 Formulation of Equation of Motion of Connected 

Structures 
Let two structures, Structure 1 and Structure 2 

have  and  stories, respectively as shown in Fig. 2 
with mass, shear stiffness and damping coefficient values 
for the  story are  and  for Structure 1 and 

 and  for Structure 2, respectively. The 
combined system will then be having a total number of 
degrees of freedom equal to . A friction damper 
consist of two interface, which sides with respect to each 
other when subjected to a controllable clamping force N 
(≥0) and coefficient of friction µ between the interface.  
The stiffness of the member connecting two adjacent 
floors of the structures and controllable clamping force of 
the  damper is denoted by  and  respectively. The 
governing equation of motion for the damper connected 
system is expressed in the matrix form as  
 

(1) 
 
where  are the mass, damping and stiffness 
matrices of the combined structure system, respectively; 

 is the relative displacement vector with respect to the 
ground and consist of first  position is Structure 2’s 
displacement and last  position is Structure 1’s 

displacement; and  represent the first and second time 
derivatives of , respectively; 

is control force vector;  is  matrix 
of zeros and ones, where one will indicate where the 
damper force is being applied;  is a vector with all its 
element equal to unity; and   is the ground acceleration 
at the foundations of the structures. The details of each 
matrix are given under 
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Figure 2 Schematic diagram of adjacent structures             
connected with SAVFD 
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     (5a) 
 
 

 

 
                      (5b) 
 
   
Equation (1) can be further transformed to state space 
representation as  
 

(6) 
 
where  is the state vector of structure, and contains the 
relative to ground displacement and velocity of each 
floor;  denotes the system matrix composed of 
structural mass, damping and stiffness matrices;  
represents the distributing matrices of the control forces;  
and   represents the distributing matrices for excitation. 
The Equation (6) is discretized in the time domain and 
excitation force is assumed to be constant within any 
time interval and can be written into a discrete-time form 
(Meirovitch 1990)  
 

(7) 
 
 where  denotes the time step. The discrete time 
counterpart of the matrices  and  are the constant 
coefficient matrices may be written as  
 

(8) 
 
 

(9) 
 

Let the actual friction force vector be denoted by 
 and critical force vector by , which are reduced 

to scalars   and . The state of the damper may be 
either stick or slip condition. 
 
     a). in stick state, if       (10a) 
 
     b). in the slip state, if   (10b) 
 
where   is the frictional coefficient of the damper.  Let 
the clamping force   of the   damper be kept 
always slightly less than the critical force , so   that 

the damper will remain in slip state for the entire time 
history (Lu 2004).  Based on this concept, the control 
rule for determining the clamping force of a semi-active 
damper is given as  
 

                                                           
for( )   (11) 
                                                                                                                                            
 

 where  a gain multiplier is defined as the ratio of 
damper force to critical damper control force and plays 
an important role in the present control law.  A larger 
value of   will leads to higher control force, but this 
does not necessarily guarantee better energy dissipation 
capacity, the optimum value of  parameter will be seen 
and obtained by the numerical results shown in the latter 
section. 
 
2.3 Friction Damper Control Law  
The effective performance and utilization of the semi-
active friction damper strongly depends on the control 
strategy used.  Here, a recently developed predictive 
control with direct output feedback concept is 
considered. This method employs the technique of 
multiple-step feedback(Lu 2004).  The equation of 
control law of direct output feedback can be written as 
(Lu 2004) 
                                         

 
(12) 

 
 

The damper control force evaluated from Equation 
(12) is termed as the critical damper force obtained from 
the predictive control law.  The actual damper force 
considered is multiplied by the factor   expressed by  

    

 
      (13) 

 
In Equation (13), the applied control force depends on 
the value of gain multiplier parameter . The parameter 

  is selected for the best damper performance for 
controlling the responses. Further, the time delay in the 
control force between computation and actual 
applications is neglected.  
 
 
3. NUMERICAL STUDY 

A thorough study is conducted to evaluate the 
optimum damper parameter in the SAVFD for MODF 
adjacent structures considering,  N00S component  of 
Imperial Valley, 1940  (peak ground acceleration (PGA) 
0.32g),  N90E component of Kobe, 1995 (PGA 0.63g), 
N00E component of Northridge, 1994 (PGA 0.84g) and 
N00E component  of Loma Prieta, 1989 (PGA 0.57g), 
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where g is the acceleration due to gravity. The response 
quantities of interest are peak top floor relative 
displacements, peak top floor absolute acceleration and 
peak base shear.  The shear force is normalized with the 
weight of the structure.   

Two adjacent structures with 20 and 10 stories with 
uniform mass and inter-storey stiffness are considered. 
The masses of the two structures are assumed to be same 
and the damping ratio in each structure is taken as 2 
percent. The stiffness of each floor of the structures is 
chosen such that to yield a fundamental time periods of 2 
sec and 1.03 sec for Structure 1 and Structure2, 
respectively and uncontrolled first three natural 
frequencies considering first three modes are 3.1416, 
9.4063, 15.6158 and6.1293, 18.2511, 29.9651 rad/sec for 
Structure 1 and Structure 2, respectively. Thus, the 
Structure 1 may be considered as softer structure and 
Structure 2 as stiff structure.  These frequencies clearly 
show that the modes of the two structures are well 
separated.  

To arrive at the optimum gain multiplier of the 
SAVFD connected at all floor levels of the adjacent 
coupled structures, The variation of the top floor relative 
displacements (T F D), top floor absolute accelerations 
(T F A) and base shears (N B S) of the SAVFD connected 
at all floor levels of the adjacent coupled structures are 
shown in Fig. 3.  
 

 
 

 
 
 

 
It shows the influence of gain multiplier on the peak 

responses under different earthquake ground motions. It 
is observed that the responses of both structures are 
reduced up to certain value of the gain multiplier and 
later on, they are again increased.  Thus, it can be 
concluded that the optimum gain multiplier value exists 
to yield the lowest responses of both structures.  As the 
optimum gain multiplier is not the same for both 
structures, the optimum value is taken as the one, which 
gives the lowest sum of the responses of the two 
structures. The optimum value is the one, which gives 

lowest displacement and base shear responses and as far 
as possible with no increase in acceleration.  It is 
observed that optimum value of the gain multiplier is 0.1 
for Imperial Valley, 1940; 0.84 for Kobe, 1995; 0.12 for 
Northridge, 1995; and 0.1 for Loma a Prieta, 1989 
earthquake ground motion.  
 

 
 
 
 
 

 
A thorough study is also conducted to evaluate the 

optimum slip force in passive friction dampers of MDOF 
adjacent structures under various earthquakes described 
earlier. To arrive at the optimum slip force in the friction 
dampers, the variation of responses of the two structures 
are plotted with the normalized slip force and are shown 
in Fig. 4 for all four earthquakes considered.  
 
 

 
 
 
 
 
 
 
 
The time history of the top floor displacement 

responses of the two structures without dampers, with 
passive friction damper of optimum slip force and with 
SAVFD of optimum gain multiplier obtained above are 
shown in Fig. 5.  The effectiveness of passive friction 
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Figure 3 Variation of peak responses of coupled 
structures against damper force gain multiplier 

when connected with SAVFD, subjected to different 
earthquakes 
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damper and SAVFD in reducing the base shear can be 
noticed from Fig. 6 that shows the time history of the 
base shear of two structures without damper, connected 
by friction dampers of optimum slip force and connected 
by SAVFD of optimum gain multiplier.  These figures 
clearly indicate the effectiveness of SAVFD in mitigating 
the earthquake response of both structures.   
 

 
 
 
 
 
 

 
 

 

 
 
 
 
 
 
A large value of gain multiplier  will leads to 

higher control force, but this does not necessarily 
guarantee better energy dissipation capacity.  The damper 
force and damper displacement of SAVFD of respective 
optimum gain multiplier under different earthquake, at 
10th floor is shown in Fig. 7.  It is observed that during 
Imperial Valley, 1940 earthquake ground motion SAVFD 
is more effective for energy dissipation. For Kobe, 1995 
many times small straight lines of the energy dissipation 
plot has been observed indicates SAVFD under stick 
condition and energy dissipation capacity of damper is 
not utilize effectively. Thus, the characteristics of the 
ground motion influence the performance of SAVFD.  
Figures 8 and 9 show the variation of the displacement 

and shear force, respectively in all floors for three 
different cases, when case (i) unconnected, case (ii) 
connected with passive friction damper of optimum slip 
force and case (iii) connected by SAVFD of optimum 
gain multiplier.  

 

 
 
 
It shows the performance of SAVFD and passive 

friction damper to mitigate the displacement and shear 
force of damper connected structure. However, from Fig. 
9, it is observed that in some cases the introduction of 
dampers may worsen the seismic performance as is seen 
on Kobe earthquake wherein for Structure 1 the shear 
force is increases above 10th floor. This is because, the 
sway of the taller structure, in this case, is abruptly 
restricted by the shorter structure and hence, the storey 
shear increases above the height of the shorter structure. 
This phenomenon is not observed in other earthquakes. 
Thus, the characteristics of the ground motion influence 
the structural behavior and its performance.   
 

 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
The reduction in the peak top floor displacement and 

normalized base shears of the two structures for without 
dampers, connected with passive dampers of optimum 
slip force and connected with SAVFD of optimum gain 
multiplier at all floors are shown in Table 1.  
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Figure 6 Time histories of the normalized base shear 
of two MDOF structures, under unconnected, 

connected with SAVFD and connected with passive 
dampers, subjected to different earthquakes 
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earthquakes. 
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Figure 9 Variation of the peak floor shear along 
the height of structures. 
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4. CONCLUSIONS  
 
The governing equations of motion are formulated for 
two adjacent structures connected with dampers and the 
behavior of adjacent structures connected with SAVFD 
and passive friction damper is investigated under various 
earthquake excitations. The optimum gain multiplier of 
the SAVFD for minimum seismic responses of the two 
structures is studied. The various conclusions drawn from 
the results of present study are summarized as:  

1. The SAVFD are found to be effective for 
earthquake responses mitigation of the adjacent 
coupled structures. 

2. Optimum gain multiplier for SAVFD for 
minimum earthquake responses is different for 
both the structures; however there exists 
optimum value for the coupled system. 

3. The higher efficiency and better energy 
dissipation is obtained by optimum gain 
multiplier rather than large value of gain 
multiplier.  

4. The neighboring floors having maximum 
relative displacement and or velocity should be 
selected for effective dampers locations. 

5. The seismic responses of adjacent structures is 
mitigated by connecting them with SAVFD, 
however, the performance of SAVFD is not 
much improved than that of passive friction 
damper. A SAVFD requires the measurement of 
the response quantity for controlling the 

clamping force to adjust its slip force, where as 
passive friction damper not require any response 
quantity measurement.  
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Abstract: The plastic flow of the lead creates a large effect of energy dissipation. The dynamic behavior of two 
adjacent single-degree-of-freedom (SDOF) structures connected with a lead extrusion damper (LED) is investigated 
under harmonic ground acceleration.  The governing equations of motion of the coupled system are derived and 
responses are obtained under harmonic excitations. A parametric study is also conducted to study the influence of 
important system parameters on the response behavior of damper connected structures. The important parameters 
included are structure damping ratios, frequency ratio, and mass ratio. Results show that LED is found to be effective 
for response control of adjacent coupled structures. The effect of frequency ratio on performance of damper is 
significant, whereas effect of mass ratio is marginal.  

 
 
1. INTRODUCTION  
 

To protect civil engineering structures from natural 
disturbances like strong wind and earthquakes, structural 
control devices have been developed, which dissipate 
energy from such natural disturbances and reduce 
vibration in structures, thereby reducing human and 
material losses. Past earthquake events around the world 
shows that urban earthquake risk is greatest and most 
rapidly growing in developing countries. Over the last 
century the average lethality of earthquakes in US and 
Japan has significantly decreased, while in the 
developing countries it has remained high. In structural 
control, large forces are required in order to reduce the 
earthquake response, to limit amplitude of motion. The 
subject of structural control deals with modifying the 
responses of structures to undesirable excitations. These 
control strategies are able to modify dynamically the 
response of structure in a desirable manner, thereby 
termed as protective systems for the new structures and 
the existing structures can be retrofitted or strengthened 
effectively to withstand future seismic activity. The 
significant progress in the reduction of the overall 
seismic response of civil structures has been made by 
development of new structural technologies.  

The active and semi-active systems are more 
significant for seismic protection. But, they involve 
added complexity. In comparison, passive system does 
not require any of sensing, computing, or actuation 
mechanisms and can thus be relatively simple and 
inexpensive to manufacture and implement.  It require 
only little regular maintenance.  

Among the various control techniques, coupling 
adjacent structure is a developing method of structural 

control for mitigating structural responses due to wind 
and seismic excitations. The concept is to allow two 
dynamically dissimilar structures to exert control forces 
upon one another to reduce the overall response of the 
system. Installation of such devices does not require 
additional space and the free space available between two 
adjacent structures can be effectively utilized for placing 
the control devices.  Such types of arrangement are also 
helpful in reducing the mutual pounding of structures, 
which is more severe loading condition, occurred in the 
past major seismic events such as 1985 Maxico City 
(Bertero 1985) and 1898 Loma Prieta earthquakes (Kasai 
and Maison 1992) and many others.  Researchers have 
proposed passive, active and smart damping devices by 
coupling adjoining structures to mitigate the structural 
response to wind and seismic excitations. The response 
control of adjacent structures coupled by passive energy 
dissipation devices have been investigated ( Bhaskararao 
and Jangid 2006,  Kasai et al. 1993, Kasai et al 1996) and 
it has been found that it is an effective alternate for 
seismic protection.  However, this coupling system alters 
the dynamic characteristics of the uncoupled buildings, 
increase the undesirable torsional response if the 
buildings have asymmetric geometry, and increase the 
base shear of the stiffer building.  

The present study is aimed to investigate the 
dynamic response of two adjacent SDOF structures 
connected with LED under base excitation. The specific 
objectives of the study are to (i) derive the dynamic 
response of adjacent SDOF structures connected by a 
LED, (ii) ascertain the optimum value of the damper 
coefficient and (iii) examine the effect of the important 
parameters such as frequency ratio and mass ratio on the 
performance of LED. 

- 1339 -

mailto:drccmpatel@gmail.com�


 

 

2. LEAD EXTRUSION DAMPER  
 

A LED absorbs vibration energy by plastic 
deformation of lead and there by mechanical energy is 
converted in to heat by the extrusion of lead. On being 
extruded, the deformed lead re-crystallizes immediately 
and recovers its original mechanical properties before 
next extrusion. The process makes suitable for absorbing 
the excitation energy of structural system during an 
earthquake. Accordingly, work hardening or the fatigue 
load does not limit the amount of energy absorbed 
(Dubey et al. 2010). LEDs were first suggested by 
Robinson et al,. (1987), as a passive energy dissipation 
device for base isolated structures in New Zealand. The 
basic concept is to provide a resistive force by plastically 
extruding the lead through an orifice created by an 
annular restriction. The full-scale prototype of LED had 
been tested to verify force levels and hysteretic behavior 
(Rodger et al. 2006), it encloses the maximum possible 
area within the force-displacement plane, providing 
maximum energy dissipation, achievable per cycle in a 
consistent and repeatable manner.  Similar to most 
friction devices, the hysteretic behavior of LED is 
essentially rectangular. They have long life and do not 
have to be replaced or repaired after an earthquake 
excitation since the lead in the damper returns to its 
undeformed state after excitation. A LED are insensitive 
to environmental condition and aging effects. 

The photographs of LED (Rodgers et al. 2008) of 
different capacity are as shown in Fig. 1(a) and (b). The 
cylindrical type LED is as shown in Fig. 1(c).  Because 
of comparatively small size of LED, it may be more 
suitable for nearer building to couple them for seismic 
protection. 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3. MATHEMATICAL FORMULATION OF 

DAMPER CONNECTED STRUCTURES 
 
3.1   Assumptions  

The adjacent structures are idealized as SDOF 
systems and referred as Structure 1 and 2. The two 
structures are assumed to be symmetric with their 
symmetric planes in alignment. The ground motion is 
assumed to occur in one direction in the symmetric 
planes of the structures so that the problem can be 
simplified as a two-dimensional problem as shown in 
Fig. 2. Both the structures are assumed to be supported 
on stiff ground and subjected to the same ground 
acceleration.  
 

 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) 

(b) 

(c) 

Figure 1 LED photograph 
(a) 120 kN LED (b) 250 kN LED 

(Rodgers et al. 2008) 
(c) Cylindrical type LED (Dubey 2010) 

Structure 1 
 

Structure 2 

 

Lead extrusion  
damper 

(a) Adjacent Structures with Lead extrusion 
damper 

1    m
 

2    m
 

1k
 

1c
 

dF
 

gx  
 

1x  

2k
 

2c
 

2x
 

(b)    Mathematical model 

Figure 2 Structural model of two SDOF adjacent 
structures connected with lead extrusion damper 

and its corresponding mathematical model 

- 1340 -



 

 

3.2  Mathematical Modeling 
Let us consider two adjacent structures connected with a 
LED as shown in Fig.2. The adjacent structures are 
idealized as SDOF system.  Let 1 1 1, ,m k c and 2 2 2, ,m k c be 
the mass, stiffness and damping coefficient of Structures 
1 and 2, respectively. Let 1 1 1k mω = and 

2 2 2k mω = be the natural frequencies and

1 1 1 12c mξ ω= and 2 2 2 22c mξ ω= be the damping ratios 
of Structures 1 and 2, respectively. Let µ and β be the 
mass and frequency ratio of two structures, respectively, 
expressed as  
 

                                                                                                    (1) 
 
 
 

                                                                                    (2) 
 
A LED can be mathematically modeled as a non-linear 
velocity-dependent damper, where the damper force,       

is given by  

 
(3) 

 
where aC is a constant dependent on the device geometry 
and working material, x the relative velocity of the 
damper end, and α the velocity exponent. For bulged 
shaft LED, a value of α in the range of 0.11 – 0.15 is 
appropriate based on the previous research and 
experimental data (Cousins and Porritt, 1993). The 
hysteretic behavior of LED is essentially rectangular, 
similar to most of friction devices.  The governing 
equation of motion for the damper connected system can 
be written as  

     
(4a) 

 
(4b) 

 
where 1x and 2x  are the displacement responses, relative 
to the ground, of Structures 1 and 2, respectively; gx  is 
the ground acceleration; and  
 

                                                                                   (4c) 
 

 
 
4. RESPONSE TO HARMONIC BASE 

ACCELRATION  
 
In this section, the displacement responses of the 

damper connected system to the harmonic base excitation 
are obtained. Let us consider the coupled system 
subjected to harmonic base acceleration given by  
 

       (6) 
 

where 0a andω are amplitude and excitation frequency 
respectively of the harmonic ground motion. For the 
analysis purpose the damper force is considered as 
constant f . Thus, from Equations (4), the steady-state 
responses 1x and 2x  are obtained as  
 
 
 

 
 

(7) 
 

 
(8) 

 
 
 
 

(9) 
 
 
 
 

(10) 
 
 
where 2

1 11dω ω ξ= − is the damped natural frequency 
of Structure 1.  
The corresponding dynamic response of Structure 2 can 
be obtained using Eqs. (7) – (10) by interchanging 1ξ and 

1ω to 2ξ  and 2ω  respectively and  2 0f m a− in place of 

1 0f m a . 
  
 
5. PARAMETRIC STUDY  
 

A detailed parametric study is conducted to study the 
influence of system parameters on the response of 
structures connected with LED under harmonic 
excitation. The important parameter considered are 
frequency ratio ( 2 1β ω ω= ), mass ratio ( 1 2m mµ = ), 
damping ratios of the two structures ( 1ξ and 2ξ  ), damper 
force ( dF ) and excitation frequency (ω ).The response 
quantities of interest are the displacement of adjacent 
structure (i.e. 1x and 2x ) relative to the ground. The 
relative displacement of structures is important, as the 
stresses in the structural members are directly 
proportional to it.  In addition, the optimum value of 
damper force for minimum displacement response of 
connected structure is also investigated  
 In the present study, the time period of the Structure 1 is 
taken larger than that of the Structure 2 and hence, the 
Structure 1 can be considered as softer and Structure 2 as 
stiffer structure. The results are presented in terms of 
non-dimensional parameters, wherein the displacement 
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responses of the two connected structures are normalized 
with their corresponding static displacements, viz., 1stx
and 2stx ; the excitation frequency is normalized with 
either 1ω or 2ω . 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

In order to study the effect of damper force, the 
variation of peak relative displacement response of the 
Structure 1 (softer ) is plotted in Fig. 3 against the 
excitation frequency for various value of damper force 
(i.e. varying from zero to infinity) for 2% structural 
damping. It is observed that the peak displacement of the 
Structure 1 reduces up to certain increase in the value of 
damper force for all value of frequency ratio β . 
However, with further increase in damper force, the peak 
displacement of the structure increases.  This shows that 
there exists an optimum value of damper force for which 
the peak displacement response of the structure is 
minimum. Further, there is significant reduction in the 
peak response of the structure at optimum damper force 
implying that the the LED can be very effective in 
controlling the dynamic response of connected structure. 
The corresponding peak displacement of Structure 2 
(stiffer) is shown in Fig. 4 for different damper force. The 
effect of damper force on the variation of the peak 
displacement of Structure 2 is similar to that observed for 
Structure 1. As expected, for the lower value of damper 
force the peak displacements of the two structures are 
occurring in the vicinity of their natural frequencies, 
whereas for higher value of damper force, the peak 
displacements are occurring in the vicinity of the 
combined system. Thus, there exists an optimum value of 
damper force for which the peak displacements of the 
structure attain the minimum value.  

The variation of the peak displacement of the two 
structure are shown in Fig. 5 against damper force for 
different mass ratio (i.e. µ =1 and 1.5) and frequency 
ratio ( β =1.25,1.5, 2 and 2.5). As observed earlier, there 
is an optimum damper force for minimum response of 
the two structures. The increase of frequency ratio 
increases the optimum damper force and reduces the 
peak responses of both the structures corresponding to 
the optimum value.  This implies that the LED performs 
more effectively when the frequencies of the connected 
structures are well separated. Further, it can also be seen 
from Fig.5 that the reduction in the response of the softer 
structure is more than that of the stiffer structure. Thus, 
the softer structure is more benefited by connecting them 
with a LED. 

To arrive at the optimum damper force, the 
parametric study is carried out for four frequency ratios 
of the two structure ( β =1.25, 1.5, 2 and 2.5), three mass 
ratios ( µ =1, 1.5,and 2) and damping ratio in structures 
( 1 2ξ ξ= =0.02 and 0.05) as described in Table 1.  The 
table presents the corresponding value of the optimum 
damper force for the minimum displacement responses in 
coupled structures and the percentage reduction in peak 
responses. The various observations made from Table 1 
are (i) the optimum damper force is not identical for both 
the structures, (ii) the mass ratio has less effects on the 
value of optimum damper force of stiffer structure but it 
has considerable effects on that of the softer structure, 
and (iii) the frequency ratio does not have noticeable 
effects on the optimum damper force.  optimum damper 

Figure 3 Variation of peak displacement of 
Structure 1 against excitation frequency   
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Figure 4 Variation of peak displacement of 
Structure 2 against excitation frequency   
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force for a structure depends on its damping ratio. The 
maximum reduction in the peak displacement responses 
obtained here are 83.76 and 97.77 for  softer and stiffer 
structure respectively. Thus, it can be concluded that 

significant reductions in the response  of both adjacent 
structures can be achieved by connecting them with LED 
of optimum damper force. 

 
   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
6. CONCLUSIONS  
 
 The dynamic behavior of two adjacent structures 
connected with friction damper is investigated under 
harmonic base excitation. From the trend in the results of 
the present study, the following conclusions may be 
drawn: 

1. The LED is found to be very effective in 
reducing the peak displacement response of 
adjacent structures. There exists an optimum 
damper force of the LED for which the 
displacement response of the adjacent structures 
attains the minimum value.  

2. The increase in frequency ratio increases the 
optimum damper force. 

3. The effect of mass ratio is marginal.  
4. The soft structure is more benefited than the 

stiff structure by connecting them with the LED. 
Also, the effectiveness of the LED increases if 
the frequencies of the two structures are well 
separated. 
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Response µ  1 2ξ ξ=
 

Optimum  f  Percentage response reduction 
1.25β =  1.5 2.0 2.5 1.25β =  1.5 2.0 2.5 

1x  

1 
0.02 0.769 0.878 0.908 0.920 64.21 73.92 79.10 8076 
0.05 0.501 0.622 0.689 0.739 36.10 48.71 57.09 59.96 

1.5 
0.02 0.809 0.939 0.932 0.925 68.29 77.21 81.94 83.38 
0.05 0.512 0.690 0.738 0.779 39.17 53.11 61.25 64.16 

2 
0.02 0.80 0.911 0.968 0.813 70.22 79.04 83.42 83.76 
0.05 0.59 0.689 0.779 0.753 41.24 55.67 63.78 66.41 

2x  

1 
0.02 0.873 0.972 0.930 0.891 77.78 89.78 95.96 97.77 
0.05 0.672 0.832 0.866 0.848 56.08 77.02 90.29 94.54 

1.5 
0.02 1.271 1.361 1.378 1.344 74.26 87.94 95.33 97.35 
0.05 0.905 1.190 1.259 1.297 51.28 73.73 89.02 93.76 

2 
0.02 1.487 1.895 1.805 1.820 70.96 86.19 94.74 97.04 
0.05 1..052 1.560 1.641 1.769 47.14 70.71 87.53 92.72 

 

Table 1 optimum damper force and percentage reduction in the peak displacement response of coupled 
structures 
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Abstract:  The iconic Theme Building at the Los Angeles International Airport (LAX), constructed in 1960’s, uses a 
reinforced concrete core wall as its main lateral load-resisting element. A detailed analytical and experimental procedure 
was employed to assess the as-is condition of the building and to develop seismic retrofit for the structure. The accuracy 
of the analysis was verified by using data from the in-situ field-testing of the structure. Analysis showed that the concrete 
core was subject to large seismic forces and had insufficient flexural and shear capacity to resist the loading. Non-ductile 
shear failure and reinforcement pull out were identified. To address the deficiencies, a seismic retrofit was devised to 
reduce the demand on the building and to mitigate the inadequate length of reinforcement splices. A mass 
damper—comprised of elastic isolators and viscous dampers—was selected as the main retrofit option to reduce the 
seismic demand. Such retrofit allowed preserving the unique architectural features of the building. Parametric studies 
were conducted to optimize the properties of the damper. Reliability-based analyses were conducted and showed that the 
confidence in avoiding non-ductile modes of failure was significantly increased. At the conclusion of the retrofit, field 
tests of the structure were conducted. Force vibration and snap back tests showed that the dynamic properties of the 
structures correlating closely with the values obtained from analysis and that the mass damper was effective in reducing 
seismic demand on the structure. 

 
 
1.  INTRODUCTION 
 

The iconic Theme Building at the Los Angeles 
International airport is a well known structure. A comprehensive 
investigation was undertaken to assess the performance of its 
components to dynamic loading. The concrete core, supporting 
exterior walls, floor slabs, steel supporting arches, and wind 
stability cables were investigated and retrofitted as necessary. 
The evaluation and the ensuing voluntary seismic upgrade of the 
main part of the structure are presented in this paper. 
 
 
2. DESCRIPTION OF THE BUILDING 
 

The LAX Theme Building is a landmark structure at the 
Los Angeles International Airport. The building was constructed 
in 1959. It is comprised of a concrete core and a system of steel 
arches. Figure 1 presents a recent photograph of the structure. 
The overall height of the structure is 44 m extending from 
ground, at elevation 27.5 m, to the apex of the arches at elevation 
71.5 m. 

 
 

 

Figure 1. Photograph of the building 

2.1 Concrete Core 
 

The concrete core is approximately 33 m tall and extends 
from base to the roof. Access to the building is provided at the 
first floor and at the plaza level at 38 m. The first floor and plaza 
slabs are independently supported by a system of exterior 
concrete walls. At elevation 51 m, there is the restaurant and 
entertainment area. The observation level is located at elevation 
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55 m. The concrete core is connected to the four arches at the 
observation level.  

The concrete core consists of a 5.2-m radius annular wall 
and a system of internal walls. The core thickness is 300 mm 
above the first floor. The core is supported by a mat foundation 
and a system of 128 steel H piles. Structural drawings specify 
28-MPa normal weight concrete (NWC) up to elevation of 43 m 
and 21-MPa lightweight concrete (LWC) above. Longitudinal 
reinforcement consists of two curtains varying from #36M bars 
at the to #16M bars at the top. Typical splice length is 25 times 
bar diameter. Figure 2 presents typical cross section of the 
concrete core. 
 

 

Figure 2. Cross Section of Concrete Core 

 
3. MATERIAL TESTING 

Comprehensive material tests of the structural components 
were conducted (Twining Laboratories 2007). The testing 
comprised sampling concrete cores, reinforcement coupons, 
reinforcement splices, and tests of both fillet and full penetration 
welds at the upper arches. 

ASCE/SIE 41-06 (ASCE 2006) requirements for 
comprehensive testing were followed. A minimum of three 
samples for each test component were sampled. Since the 
concrete strength and unit weight varied along the height and for 
different walls, 37 concrete cores were extracted and tested.  

Table 1 summarizes the test data. Note that the annular wall 
has compressive strengths of 35 and 32 MPa, for locations were 
28 and 21 MPa nominal values were, respectively, specified.  

 

Table 1. Compressive strength of concrete walls, MPa 
 NWC LWC 

All wall, nominal 28 21 
Annular wall, test 35 32 
Exterior walls, test 32 29 

 

The measured splice lengths equaled to or exceeded the 
nominal values and reinforcement coupons had an average yield 
and tensile strengths of 350 and 520 MPa, respectively. These 
values are consistent with the expected strength values as 
recommended by ASCE 412 for Grade 40 (280 MPa) 
reinforcement. 

4. SEISMIC HAZARD 
Using the available site condition, past seismic events, and 

active faults that could produce large motions at the site, 
site-specific response spectra were prepared (Van Beveren & 
Butelo 2007, and JP Singh 2007). The (Design Earthquake or 
475-year event) DE spectrum is anchored at 0.4 g and has a peak 
spectral acceleration of 0.92 g. The spectral peaks are similar to 
the values computed using the ASCE-SEI 7-05 (ASCE 2005) 
procedure based on the mapped acceleration of the USGS web 
site (USGS 2011). The fault-normal (FN) and fault-parallel (FP) 
components have similar spectral amplitudes up to periods of 
2-2.5 sec.   

Three pairs of spectrum-compatible motions were 
developed based on the seeds from past earthquakes of similar 
magnitude and site condition. Recorded earthquake acceleration 
traces were synthesized such that their response spectra closely 
matched the target spectra.  

Figure 3 present the synthesized acceleration record based 
on the recorded accelerations at Saratoga during the 1989 Loma 
Prieta Earthquake. The computed response spectrum (average of 
FN and FP components) and the target spectrum are shown in 
Figure 4. The records have acceleration spectra that closely 
match the target values. 

 

Figure 3. Spectrum-matched acceleration history 

 

Figure 4. Site-specific target, and computed spectra 

-0.6

-0.4

-0.2

0.0

0.2

0.4

0.6

0 10 20 30

A
cc

el
er

at
io

n,
 g

Time, sec

- 1346 -



5.  EXPERIMENTAL PHASE 
Field tests were conducted by the University of California 

at Los Angeles (Nigbor and Wallace 2007) to determine the 
dynamic properties of the structure. This data was then used to 
verify the accuracy of the mathematical model of the building 
and to design the building retrofit.  

Field tests consisted of ambient vibration surveys and 
forced vibration (sine sweep and sine hold) tests. For the 
force-vibration tests, a concrete pad was cast and anchored at the 
observation level; see Figure 5. Two 10-kip capacity shakers 
were used. The shakers were placed and ran to excite the core 
mode shapes in both of the lateral and torsional directions. 

 

 

Figure 5. Mass-shaker installed at the observation level 

The structure was subjected to low amplitude sinusoidal 
loading and the acceleration data was collected using 51 
accelerometers. Instrumentations were strategically placed; see 
Figure 6, so as to capture the modal properties of the structure.  

 

Figure 6. Instrumentation layout 

The data was collected in the time domain. Figure 7 
presents the time-domain trace of one set of tests. It was 
transferred to the frequency domain and the building frequencies 
and mode shapes were computed.  

Figure 8 presents the FFT data corresponding to the 
fundamental core mode. This mode has a frequency of 
approximately 2.5 Hz. The same frequency was obtained in 
either of the principal orthogonal directions. The principal modal 
frequencies are presented in Table 2. The core frequency has a 
damping ratio of 5-percent of critical. 

 

 

Figure 7. Traces of recorded motion  

 

Figure 8. Acceleration power spectra from tests 

Table 2. Forced vibration data 

Mode. T, sec Location Direction ξ, % 

1 & 2 0.54 Upper arch Y & X  

3 0.45  Z  
4 & 5 0.39 Concrete core X & y 5 
9 0.25 Observation steel Torsion  
11 0.18 

observation slab 
Z  

12 0.15 Rocking  

 
The fundamental core mode is presented in Figure 9. Note 

that due to presence of more flexible LWC at the upper levels, 
the fundamental mode deviates from the typical cantilever mode 
shape observed in concrete towers constructed of similar 
material throughout the height.  

 

Figure 9. Fundamental mode of the concrete core 
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6. ANALYTICAL PHASE 
 
6.1 Mathematical model 

Computer program SAP (CSI 2008) was used to prepare 
mathematical models of the structure. All pertinent mass and 
stiffness components were incorporated in the model; see Figure 
10. The analytical model was a three-dimensional representation 
with shell elements were used for Model 2.  

 

Figure 10. Mathematical Models of building 

The computed core mode shape from analytical models 
and the measured mode shape from field tests are presented in 
Figure 11. Note that the analytical model closely tracks the field 
measured fundamental mode shape. It is noted that the field data 
is obtained at low amplitude of excitation when cracking of the 
concrete core is not significant. Furthermore, at the time of tests, 
construction scaffolding was in place. These factors were 
accounted for in the mathematical model by specifying a large 
(0.8) cracked factor (Icr/Ig) and incorporating the mass of the 
scaffolding. 

 

Figure 11. Fundamental core mode Shape 

6.2 Calculation of capacity 
Program xSection (Mahan 2007) was used to compute the 

flexural capacity of the concrete core at various elevations. The 
cross section was modeled using fiber elements. Figure 12 
presents the analysis results for a typical elevation with openings. 
The compressive area (shown in black) is shown at the top of the 
core section.   

 

Figure 12. Fiber model 

The strain corresponding to the compressive strength was 
set at 0.002. Typical moment-curvature results are presented in 
Figure 13. 

 

Figure 13. Moment curvature relation 

 
6.3 PERFORMANCE OF THE EXISTING BUILDING 

Figure 14 presents the distribution of shear demand and 
capacity along the height of the concrete core. The shear 
demands were computed from response history analyses, 
selecting the maximum values from the three records. The shear 
capacity was computed based on the ACI provisions and looking 
at the most critical direction. The shear demands exceeded 
capacity along most of the height of the core and thus the 
building will not be able to withstand the DE event. 
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Figure 14. Story shear, existing structure 

Figure 15 presents the distribution of bending moment 
demand and capacity along the height of the concrete core. The 
flexural demands were the computed maxima from analysis and 
the capacity was derived from X-Section analyses. The flexural 
demands exceeded capacity in the bottom half of the building. 

 

Figure 15. Story moment, existing structure 

  
7. SEISMIC RETROFIT 

 
7.1 Overview 

Both conventional and innovative seismic retrofits were 
investigated. The conventional retrofit of the building would 
consist of adding a layer of concrete to the outside core of the 
structure. The purpose of the retrofit would be to increase the 
flexural and shear capacity of the core. External prestressing 
would also likely been needed. The innovative retrofit consists of 
adding a tuned mass damper (TMD) to the top of the core.  

The TMD option was selected based on the following 
reasons associated with the conventional retrofit: 
• More expensive 

• Would have altered the aesthetics of the building and would 
have been difficult to apply because of presence of ribs on 
the outside of the core. 

• Would have resulted in the closure of building for an 
extended period of time. 
 

7.2 TMD design 
The addition of TMD will alter the fundamental mode of 

the concrete core by introducing two modes. In one, the TMD is 
in-phase with the concrete core, whereas, in another mode, the 
TMD motion is out-of-phase with the concrete core. Ass result, 
most of seismic motion is taken up by the TMD and reducing 
drifts and seismic demand of the concrete core. A high-damped 
TMD with a mass ratio (defined as mass of TMD to the concrete 
core) of 25% was selected. The TMD properties were computed 
based on the procedure developed by Sadek et al (1997) and 
Villaverde (2002); see Equation 2.  
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In this equation, μ is the ratio of TMD to first mode mass, f 
is the ratio of TMD to first mode frequencies, ξ, in the damping 
of the concrete core, and ζ is the damping of the TMD. The 
TMD properties were further optimized by conducting 
sensitivity analyses with different TMD frequency and damping 
rations and evaluating response (displacement, acceleration, base 
shear, and overturning moment) reductions. 

 
7.3 TMD Retrofit 

 
The addition of TMD will alter the fundamental mode of 

the concrete core by introducing two modes. In one, the TMD is 
in-phase with the concrete core, whereas, in another mode, the 
TMD motion is out-of-phase with the concrete core. As a result, 
most of seismic motion is taken up by the TMD and reducing 
drifts and seismic demand of the concrete core. A high-damped 
TMD with a mass ratio (defined as mass of TMD to the concrete 
core) of 20% was selected. This large mass corresponds to 25% 
of the mass in the fundamental mode and was selected to get 
approximately 30-40% reduction in the responses. 

The TMD will be mounted at the top of the core. A concrete 
slab will be placed and the core walls will be extended to 
accommodate the TMD; see Figure 16. 
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Figure 16. Elevation view of the TMD 

The TMD mass will be supplied by a system of steel plates, 
The TMS will weigh approximately 1200 kips. Eight lead rubber 
bearings will be used to supply the TMD stiffness. The TMD 
damping will be provided by eight fluid viscous dampers. Figure 
17 presents plan views of the dampers and bearings. The 
dampers will be arranged to ensure that the constant damping is 
provided in all directions. 

 

Figure 17. Plan view of the TMD 

7.4 Response of retrofitted structure 
Figure 18 presents the shear response of the structure. The 

capacity values are shown along the orientation with the smallest 
capacity (most openings). Note that addition of TMD has 
resulted in significant reduction in shear demand throughout the 
height of the structure. The demand to capacity ratios (DCRs) are 
all below 1.0. Figure 19 presents the bending moment 
distribution along the height of the concrete core for the 
retrofitted structure. The flexural demands are less than the 
capacity. In particular, only minor yielding of the reinforcement 
is expected at one level. At all other locations, the flexural 
response will result in steel stresses below the yield value. 

Figure 20 and Figure 21 present the response at the top of 
the core (displacement and acceleration, respectively) along of 
one axis for one of the DE acceleration records. The 
displacement response is normalized with respect to the height of 
the core. Drift and force demands were reduced by 
approximately 30 %. 

 

 

Figure 18. Shear response of the retrofitted structure 

 

Figure 19. Flexural response of the retrofitted structure 

 

Figure 20. Roof displacement 
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Figure 21. Roof acceleration 

Figure 22 presents the force-displacement response for the 
TMD stiffness and damper components. The data is shown for 
the eight stiffness or damper element combined. The 
force-displacement response for one of the typical bearing and a 
damper unit was extracted from Model 2, and was used for the 
design of the individual units. The stiffness of individual bearings 
is approximately one-eighth of the TMD stiffness. The 
individual damper force is approximately one-fourth of that of 
the TMD damper because four dampers will provide resistance 
along each axis.  

 

Figure 22. Hysteresis response of TMD components  

7.5 Production tests 
Production tests of the rubber bearings have been 

completed. Figure 23 presents a photograph of a typical test. 
Shown in Figure 24 is the force-displacement response of a 
typical bearing.  

Production tests of the viscous dampers have been 
completed. Figure 25 presents a photograph of a typical test. 

Shown in Figure 26 is the force-displacement response of a 
damper. 

 

 

Figure 23. LAX  bearing under cyclic testing  

 

Figure 24. Force displacement response of bearings  

 

Figure 25. Damper in the test frame  
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Figure 26. Force-displacement response of a damper  

 
CONCLUSIONS 
 

Seismic evaluation of the LAX Theme Building showed that 
the structure had deficiencies consistent with its construction 
vintage and would suffer severe damage or collapse in the 
event of major earthquake. Seismic retrofit was comprised 
of adding strength and reducing demand. 
• TMD with an equivalent mass of 25% was place at the 

roof and resulted in reduction of over 30% in seismic 
demand 

• Rehabilitation of reinforcement splices, significantly 
increased flexural capacity of the concrete core. 

• We have proposed adding FRP at two critical locations 
along the core axis with the lowest shear capacity to 
provide additional safety. Although mot part of the 
current scope, the client is investigating implementing 
this item. 

• The retrofitted structure met its performance goal and 
there was moderate to high confidence of satisfactory 
performance in a major earthquake. 
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Abstract:  The dynamic response of isolated buildings is influenced by the isolator properties. The mechanical 
properties of isolators are affected by environmental conditions, such as the effects of aging, and temperature. An 
analytical study to investigate the effect of material degradation on the mechanical properties of lead rubber bearing 
(LRB) due to aging and temperature rise in lead core on the dynamic response of multi-story seismic isolated 
building are presented in this study. Nonlinear analyses (FNA) of a six-story seismic isolated building subjected to 
bi-directional near-fault ground motions were conducted using finite element software SAP2000. The non-linear 
force-displacement of LRB is modeled as bi-linear hysteretic curve considering nominal and deteriorating properties. 
The critical parameters of nominal properties of LRB (Q and Kp) are modified by factors to take into account the 
deterioration in properties. The analysis results of nominal and deteriorating properties for LRB are compared in 
terms of bearing displacement, force-displacement loops, MIDs and MIFs.  It was observed that MID and MIF for 
nominal and deteriorating properties are underestimated with increase the normalized characteristic strength ratio 
Q/W regardless of time period and ground motions.   
 
 
Keywords: seismic isolation; lead rubber bearing; rising temperature and aging; multi-story building; time domain; 
bi-directional near fault. 

 

 

1. INTRODUCTION   

 

    Seismic isolation system is now widely accepted 

throughout the world to protect buildings against 

strong earthquakes. Lead rubber bearings (LRBs) have 

been extensively used both in seismic retrofit and new 

construction of buildings and bridges. Seismic isolators 

are designed to provide flexibility and energy 

dissipation capacity that is placed between the 

superstructure and its foundation. Lead rubber bearing 

provides an excellent energy dissipation capacity with 

a magnitude dependent on the diameter of the lead 

plug (kalpakidis and constantinou  2008). The seismic 

energy which absorbed by LRB is transformed into 

thermal energy, so heat is generated causing high 

temperature in the lead core. Its behavior is markedly 

affected by heating of its lead core during cyclic the 

motion (kalpakidis and constantinou 2008). The 

phenomenon is characterized by reduction of the 

characteristic strength and the energy dissipated per 

cycle (EDC) of LRB with increasing number of cycles 

and has been observed in numerous experimental 

studies (kalpakidis and constantinou 2009) . LRBs are 

characterized by two critical parameters which are the 

characteristic strength Q and the post-elastic stiffness 

KP. 

    Constantinou et al (2007) performed experimental 

studies on LRBs to investigate the behavior of its 

mechanical properties. Experimental results of large-

scale of LRB showed that there is a large reduction in 

energy dissipated per cycle and the effective yield 

stress of lead with an increasing number of cycles as a 

result of heating of the lead core. Kalpakidis and 

Constantinou   (2009) investigated the effects of 

heating on the behavior of LRBs in two companion 

papers. A theory to predict the temperature rise of the 

lead core and the reduction in the characteristic 

strength and dissipated energy of LRBs was presented 

and verified. Dynamic loading tests presented in 

Takaoka et al using full-scale and reduced scale rubber 

bearing specimens to ascertain the effects of increased 

temperatures on the mechanical behavior of lead 

rubber bearings. Tests results show that the 

temperature of the lead core rapidly increases, the 

hysteretic curve in the force-deformation relationship 

becomes smaller and the yield load becomes lower 

with cyclic loading. After 20 cyclic, Q reduced to 

about 50% of those observed at the third cycle. There 

is property modifications factors developed by 
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Constantinou et al. to account the change in the 

mechanical properties of seismic isolators due to 

environmental conditions and these factors have been 

adopted by the 1999 AASHTO Guide Specifications 

for seismic isolation design.  Property modifications 

factors method establishes upper (maximum) and 

lower (minimum) bound bearing properties by 

applying different modifications factors to its nominal 

properties (Cheng et al. 2008). The upper bound values 

of properties usually result in the largest force demand 

on the substructure elements while the lower bound 

values of properties usually result in the largest 

displacement demand on the isolators (Constantinou et 

al. 2010). Ozdemir et al. (2011) studied the effect of 

temperature-dependent behavior of LRBs on the 

response of seismic isolated bridges. Nonlinear 

response history analyses were conducted to 

investigate the variations in maximum isolator 

displacements (MIDs) and maximum isolator forces 

(MIFs) when lower and upper bound properties of 

LRBs were used in the analyses instead of 

temperature-dependent deteriorating properties. Warn 

(2004) presented an analytical study investigating how 

changes in the mechanical properties of individual 

seismic isolators affect system response in seismically 

isolated bridges subjected to earthquake excitation. 

Variations in the mechanical properties are considered 

by modifying the bilinear parameter using 

modification factor. For lead rubber isolators, post 

elastic stiffness, Kp is modified accounting for changes 

in the isolator but variations in the properties of the 

lead core which govern the characteristic strength Q 

were ignored.  . Long term changes in the mechanical 

properties of elastomer compounds can result from 

stiffening (hardening) due to continued vulcanization 

of the elastomer and degradation of the elastomer due 

to exposure to oxygen and ozone ( Morgan and 

Whittaker 2001). For lead rubber bearing, age 

hardening can lead to an increase in the post-yield 

stiffness with time.    

    The main objective of this study is to investigate the 

changes in the dynamic response of seismically 

isolated buildings subjected to bi-directional near-fault 

motions i.e. two horizontal components, considering 

variations in the mechanical properties of LRBs due to 

lead core heating, and the combined effect of lead core 

heating and aging. Variations in the mechanical 

properties of LRBs are represented by modifying the 

nominal values of the bilinear parameters Q and Kp by 

deteriorating factors. Nonlinear time history analyses 

of 3-D seismic isolated building model are performed 

considering nominal and deteriorating bilinear 

hysteretic behaviors of LRBs. Results of nonlinear 

analyses considering nominal and deteriorated seismic 

isolators are compared to discuss the change in 

response in terms of bearing displacement, force-

deformation curves, MIDs and MIFs. 

 

2. MODELING OF SEISMICALLY ISOLATED 

BUILDING 

 

    The superstructure is assumed to remain within the 

elastic limit during the earthquake excitation. The 

floors and base are assumed to be rigid diaphragms. 

The isolation system installed between the base and the 

foundation of the superstructure and the force-

deformation behavior of the isolator is considered as 

bilinear hysteretic model as shown in Figure 1(a). The 

system is subjected to bi-directional components of 

earthquake ground motion. The governing equations of 

motion superstructure and the base mass for LRB are 

as follows: 

 

                                                         

 
                                                             

 

    where [M], [C] and [K] are the mass, damping and 

stiffness matrices of the superstructure; respectively, 

                   represent the floor acceleration, 

velocity and displacement vectors, respectively, 

relative to the bass mass;      is the vector of base 

acceleration relative to the ground;     is the vector of 

ground acceleration;      is the influence coefficient 

matrix. Mb is the diagonal mass matrix of the base 

mass; Cb is the resultant viscous damping matrix due to 

rubber of the LRB;     is the vector of the base 

acceleration relative to the ground; Fb  is the restoring 

force mobilized in the LRB; C1 and K1 is the stiffness 

and damping matrix of the first story of the 

superstructure, respectively.  

 

 

3. BILINEAR MODEL OF LRBs 

 

    The bilinear of force-displacement relationship of 

LRB can be defined by three parameters as shown in 

Figure 1(a): elastic (or unloading) stiffness, Ku, yielded 

(or post-yield) stiffness, Kp, and characteristic strength 

Q. These three parameters properly reflect the 

mechanical properties of bearings and provide 

satisfactory estimations of a bearing’s nonlinear 

behavior (Cheng et al. 2008 and Kelly 2001).  LRB 

isolator in Figure 1(b) consists of insertion of a lead 

plug in the laminated rubber bearing which provides its 

characteristic hysteretic energy-dissipation effect. The 

characteristic strength of the lead rubber bearing LRB 

is given by equation: 

 

                                                                                                     

                                                         

    where,       the yield strength of the lead core, and  

     is the area of lead plug. 
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The post-yield stiffness, kp of the LRBs is shown as 

follows: 

 

                                       
    

  
                                                  

 

    where G is the shear modulus of the rubber, Ab is the 

bounded area of rubber; Tr is the total thickness of 

rubber consisting of n layers; and the factor      is 

close to unity (according to UBC-97).   

    For LRBs, the elastic stiffness Ku is defined as: 

 

                                          
     

  
                            

 

    where Ar is the reduced area of the rubber.  

      

          (a)                                                                        (b) 

Figure 1   (a) Bi-linear hysteretic model of isolator unit.  (b)  Lead rubber bearing (kalpakidis and constantinou 2008).  

 

 

4. NUMERICAL STUDY 

 

    A typical 3-D model of six-story reinforced concrete 

seismically isolated building supported by 20 LRBs as 

shown in Figure (2) is considered. The plan 

dimensions are 24.0 m × 12.0 m and the height is 3.5 

m for each floor. Dead weight load is 5.8 KN/m2 and 

the live load for residential occupancies is 1.9 KN/m2 

according to the Uniform Building Code UBC-97. The 

total weight of the building is W=11692.8KN. The 

building is assumed to be placed in high seismic zone, 

Zone 3, i.e. Z=0.3 at a distance 10 km from seismic 

fault. Two bi-directional horizontal components of the 

1979 Imperial Valley (Array #6) El-Centro earthquake 

and 1994 Northridge earthquake (Sylmar) records are 

considered. The peak ground acceleration, velocity and 

ratios AP/VP of the earthquake motions is given in 

Table 1. 3-D seismically isolated building model is 

utilized by finite element computer program SAP2000 

ver.14 (SAP 2009) to conduct nonlinear time-history 

analyses.  Damping of 5% is used for the 

superstructure in all the modes of vibrations.  

Variations in the mechanical properties of LRBs due to 

environmental conditions such as temperature and 

aging are considered in this study. The methodology 

followed in this study to describe the deteriorating of 

LRBs depends on the variation of nominal yield stress 

of lead σyl and the post-elastic stiffness Kp.  Bi-linear 

hysteretic behavior of LRBs was represented in three 

types. Firstly, non-deteriorating bi-linear 

representation by using the nominal yield stress of lead 

was considered as 10 MPa. Secondly, the nominal 

yield stress of lead was reduced to 50% to simulate 

deteriorating bi-linear hysteretic behavior due to 

heating of lead core. Thirdly, decrease by 50% in the 

nominal yield stress of lead and increase 50% in the 

post-elastic stiffness to consider combined effect of 

lead core heating and aging deteriorations of LRBs. 

Table 2 presents the predicted deterioration factors to 

modify the critical parameters (Q, Kp) due to lead core 

heating and aging of LRBs are presented in Table 2. 

Excel spreadsheets are applied for designing LRBs, 

considering the variations of Q/W were 0.05, 0.08 and 

0.13, and the period ranging from 1.5 seconds to 2.5 

seconds with interval of 0.5sec. Two diameters of the 

LRBs are considered. The properties of designed 

isolator for radius of bearing, B=620 mm are shown in 

Table 3. 

Shear 
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Displacement 

Fy 

Q 

                   Fmax 

 
Kp 

Ku 

Keff 

                      Δy                             Δm             

 
 

 

       EDC (hysteretic area) 
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Figure 2   3-D model of six story building (as modeled 

using SAP2000). 

 

 

 

 

Table 1   Bi-directional horizontal components of two 

near-fault earthquake motion used for analysis (.Naeim 

1999). 

 

Earthquake 

motion/component 

Peak 

acceleration 

AP (g) 

Peak 

velocity 

VP 

cm/sec 

Ap/VP 

(s-1) 

1979 Imperial valley, (Array# 6) 

El-Centro/140o 0.376 63.130 5.84 

El-Centro/230o 0.436 100.709 4.25 

1994 Northridge 

Sylmar/0o 0.843 128.884 6.42 

Sylmar/90o 0.604 76.936 7.70 

 

Table 2   Modifying factors for lead rubber bearing. 

 

Type of 

deterioration 

Critical 

parameter 
Factor 

Lead core heating Q 0.5 

Heating and aging Q and Kp 0.5  and 1.5 

 

Table 3   Isolator properties used for analysis, (B=620 mm). 

 

Q/W 

ratio 

Period 

(sec) 

Lead 

Core 

Keff (KN/mm) Fy (KN) (KP/Ku) ratio 

Nominal 
50 % 

σyl 

50% 

σyl 

1.5KP 

Nominal 
50 % 

σyl 

50% σyl 

1.5 KP 
Nominal 

50 % 

σyl 

50% σyl 

1.5KP 

0.05 

1.5 

2.0 

2.5 

60mm 

0.747 

0.700 

0.671 

0.653 

0.630 

0.615 

0.963 

0.940 

0.926 

31.94 15.97 9.58 0.115 0.115 0.119 

0.08 

1.5 

2.0 

2.5 

80mm 

0.888 

0.805 

0.750 

0.720

0.680 

0.654 

1.030 

0.987 

0.962 

 

56.22 

 

28.11 

 

16.87 0.106 0.106 0.110 

0.13 

1.5 

2.0 

2.5 

100mm 

1.070 

0.940 

0.860 

0.810 

0.743 

0.700 

1.110 

1.050 

1.010 

 

86.90 

 

43.45 

 

26.0 0.096 0.096 0.100 

The height of lead core, hL = 307 mm. 

 

 

5. RESULTS AND DISCUSSION 

 

    Nonlinear history analyses (FNA) considering 

nominal and deteriorating properties of LRBs due to 

lead core heating and the combined effect of lead 

rubber heating and aging were conducted.  The results 

of nonlinear analyses of deteriorating properties are 

compared with nominal properties in terms of bearing 

displacement, force-displacement curves, MIDs and 

MIFs. The normal component for 1979 Imperial 

Valley (Array #6) El-Centro earthquake is the larger, 

so the response in the y- direction is considered and 

discussed here. And the maximum response is in the 

X-component when Northridge earthquake is applied.  

    Figure 3 shows the time variation of bearing 

displacement of building isolated by the LRB system 

under El-Centro Imperial Valley # 6 earthquake 

motion. The response is shown for two values of 

bearing sizes (B=620 mm and 870 mm), three values 

of the normalized characteristic strength (i.e. Q/W = 

0.05, 0.08 and 0.13) and time period T = 2.0 sec. The 

figure shows that there is significant increase in the 
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bearing displacement with reduction in the nominal 

yield strength of lead i.e. lead core heating for B= 620 

mm, whereas, there is slightly increase for B=870 mm. 

The peak bearing displacement for nominal and 

deteriorating properties are decreased with increases 

the normalized characteristic strength of the LRB i.e. 

Q/W. And for bearing size B=870 mm, it can observed 

that there is significant reduction in the nominal 

bearing displacement comparing with nominal bearing 

displacement of bearing size 620 mm, is likely as a 

result of the contribution from the rubber. On the other 

hand, the bearing displacement of deteriorating 

properties due to the combined effect of lead core 

heating and aging is underestimated the nominal 

properties especially for bearings with lower Q/W. 

Similar comparison between nominal and deteriorating 

properties is also observed for Northridge earthquake a 

shown in Figure 4.  

    The corresponding force-displacement loop areas of 

LRBs for different ratios of Q/W and period 1.5 sec are 

plotted in Figures 5 and 6 for El-Centro and Northridge 

earthquake, respectively. They show that the energy 

dissipation per cycle (EDC) is reduced as a result of 

the reduction in the yield strength. It is clear that the 

change in the bearing displacement and the shear force 

as a result of the degradation in the material properties.  

    The comparisons of response of isolated building 

LRB in terms of (MIDs) and (MIFs) for El-Centro and 

Northridge ground motions are plotted in Figures 7 and 

8, respectively. The comparison is between two sizes 

of bearing and three time periods. It can observe that, 

there is significant difference in MIDs between the two 

bearing size and the reduction in MID about 50% for 

El-Centro earthquake and about 20% under Northridge 

earthquake. It can also observe that, the maximum 

isolator displacement MID depends on the ratio of 

Q/W, as Q/W ratio increases the MID decreases for 

nominal and all cases of deterioration and the MID 

decreases when considering both temperature rising in 

the lead core and aging of rubber comparing with 

nominal properties in Figures 7, 8 regardless of time 

period and ground motions.  

    Comparisons of MIFs for nominal and partially 

damaged seismic isolator are given in Figure 9 and 10 

for El-Centro and Northridge earthquakes, 

respectively. In general, the figures show that the MIFs 

increase with change in the mechanical properties 

comparing with the nominal properties. 

 

 
 

Figure 3 Comparison of bearing displacement of nominal and partially damaged seismic isolators due to heating of lead 

core and aging for isolated building with LRB subjected to El Centro earthquake/normal component (T= 2.0 sec). 
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Figure 4 Comparison of bearing displacement of nominal and partially damaged seismic isolators due to heating of lead 

core and aging for isolated building with LRB subjected to Northridge earthquake/X- component (T= 2.0 sec). 
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Figure 5 Comparison of the reduction in the initial loop of force – displacement (hysteretic curves) for LRB isolators 

with partially damaged, El-Centro earthquake (T=1.5 sec, B=620 mm) 

 

 

 

Figure 6 Comparison of the reduction in the initial loop of force – displacement (hysteretic curves) for LRB isolators 

with partially damaged, Northridge earthquake (T=1.5 sec, B=620 mm) 
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Figure 7 Nominal and deteriorating Maximum isolator displacement (MIDs) due to lead core heating and aging verses 

strength ratio for different periods and isolator bearing size, Imperial Valley #6 El-Centro earthquake/Y- component. 

     

     

Figure 8 Nominal and deteriorating Maximum isolator displacements (MIDs) verses strength ratio for different periods 

and isolator bearing size, Sylmar Northridge earthquake/X- component. 
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Figure 9 Nominal and deteriorating Maximum isolator force (MIFs) verses strength ratio for different periods and 

isolator bearing size under El-Centro earthquake/normal component. 

    

     

Figure 10 Nominal and deteriorating Maximum isolator force (MIFs) due to environmental conditions verses strength 

ratio for different periods and isolator bearing size under Northridge earthquake/X-component. 
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6. CONCLUSION 

 

    In this study, an analytical study to investigate the 

change in the dynamic response of multi-story building 

isolated by (LRBs) due to the change in the mechanical 

properties of LRBs as a result of environmental 

conditions such as lead core heating and aging has 

been presented. Non-linear analyses (FNA) 

considering nominal and deteriorating properties were 

performed for two bi-directional near fault ground 

motion records. Bi-linear behavior of force-

displacement of isolation is modeled in SAP2000 

considering nominal and deteriorating properties. The 

responses are compared considering different time 

periods (1.5, 2, 2.5 sec), normalized characteristic 

ratios Q/W (5, 8, 13 %) and different size of bearing in 

terms of bearing displacement, force-displacement 

behavior, MIDs and MIFs. On the basis of the 

presented comparison, it is concluded that:  

 

1- The dynamic response of multi-story building 

isolated by lead rubber bearings (LRBs) under near-

fault ground motions are affected by the change in the 

critical parameters of the bilinear  hysteretic curve of 

the isolation system i.e. Kp and Q 

2- The MIDs and MIFs are decreased with 

increase the normalized characteristic strength ratio 

Q/W regardless of time period and ground motions.   

3- MIDs of the nominal properties are 

overestimated when compared with MIDs of both 

temperature rise in lead core and aging together. MIFs 

of the both lead core heating and aging together are 

higher values compared to MIFs obtained from the 

nominal properties. This is consistent with lower and 

upper bound analyses. 
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Abstract:  Many tall buildings in Tokyo metropolitan area were strongly shaken during the Tohoku Pacific Earthquake, 
March 11, 2011.  Most of them are less than 40 years old, and have not experienced the shaking of such a strong level.  
The tall buildings are of steel construction, concrete construction, or hybrid construction, and those less than 15 years old, 
constructed after the 1995 Kobe Earthquake, are installed with dampers due to the increased concern about serious 
consequence of seismic damage in major buildings. Some tall buildings are instrumented with sensors and their motions 
were recorded during the event.  This paper discusses the responses of the Japanese tall buildings based on their motions 
recorded in Tokyo during the 2011 Tohoku Pacific Earthquake. 

 
 
1.  INTRODUCTION 
 
1.1  The Tohoku Pacific Earthquake 

At 14:46 on March 11, 2011, the Tohoku Pacific 
Earthquake of magnitude 9.0 occurred off Sanriku coast of 
Japan. It caused tremendous tsunami hazard in the pacific 
coast of eastern Japan, killing more than 15,000 people, 
destroying and washing away cities.  

The epicenter was 129km from Sendai, the largest city 
in the northeast of Japan. The depth of the hypocenter was 
24 km. The recorded magnitude places the earthquake as the 
fourth largest in the world since 1900, following 1960 Chile 
Earthquake M9.5, 1964 Alaska Earthquake M9.2, 2004 
Sumatra Earthquake M9.2, and it is the largest in Japan since 
modern instrumental recording began 130 years ago. The 
earthquake has recorded the seismic intensity 7, highest in 
the Japan Meteorological Agency scale, in the north of 
Miyagi prefecture.  

There were many strong earthquake observation 
networks in operation under the management of research 
institutes, universities and companies. A large amount of 
data was well recorded during the earthquake, and various 
maps are available. For instance, the readers may refer to the 
distribution of peak ground acceleration (PGA) recorded 
during the earthquake, summarized by Earthquake Research 
Institute (ERI), the University of Tokyo. 

K-NET Tsukidate, located in Kurihara city, Miyagi 
prefecture, is the only station that recorded Intensity 7 during 
the main shock. A maximum acceleration in the N-S 
direction reached almost 2699 cm/s2, representing that the 
main shock caused excessively severe earthquake motions. 
Strong motions with PGA larger than 200 cm/s2 were 

observed over a very wide area from Ibaraki to South Iwate. 
Tokyo is located 300 km away from the epicenter, and its 
stations recorded PGA of 50 to 150 cm/s2.  

The records from stations close to epicenter, such as 
Sendai, show two wave groups with a time interval of about 
50 seconds, and those from southern station such as Ibaraki 
and Tokyo areas show one large wave group. Such 
phenomenon occurred due to difference of focal rupture 
process and the wave propagation to recording stations in the 
northern and southern portions of the fault area of 500 km 
long. 
 
1.2  Building responses and records 

Where ground acceleration was large, except for some 
areas of soft ground, the response spectrum indicates short 
dominant period, which was probably the main reason for 
relatively small seismic damage.  

On the other hand, Tokyo relatively far from the 
epicenter was subjected to theground motion of short to long 
period components. Many tall buildings have been 
constructed for the last 40 years in Tokyo, and the shaking 
they experienced is much stronger than those in the past. 
Therefore, the response observed are believed to be the 
precursors for the performance of the tall buildings against 
the stronger shaking that will definitely occur in future. 

Since some tall buildings were instrumented with 
accelerometers, acceleration records obtained during the 
earthquake would be one of the best resources to study the 
building responses (Kasai 2011a). 
 
1.3  Objectives and scopes 

Pursuant to these, the objective of the present paper is 
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to clarify behavior of tall buildings in Tokyo, based on the 
responses recorded during the 2011 Tohoku Pacific 
Earthquake. The paper will analyze acceleration records of a 
typical seismically-resistant building with a low damping 
ratio, and response-controlled buildings whose damping 
ratios are increased by the new technology using various 
types of dampers.  

Virtually, most Japanese tall buildings constructed after 
the 1995 Great Hanshin Earthquake are response-controlled 
in order to protect not only the human lives but also the 
structural components,  nonstructural components, and 
building functions. Therefore, effectiveness of the new 
technology in achieving the above-mentioned performance 
will be discussed. 

 
 
2.  OVERVIEW OF BUILDINGS EXAMINED 
 
2.1  Nine tall buildings selected 

We select one conventional seismically-resistant 
building and eight response-controlled buildings that have 
various types of dampers for seismic energy dissipation. All 
the selected buildings are over 60 meters high, commonly 
considered as the lower limit of height of high-rise buildings 
in Japan. Time history analysis is compulsory for these 
buildings when performing structural design.  The number 
of floors of the buildings ranges from 19 to 54. Note that 
some of the buildings will be anonymous in this paper, due 
to the request of building owners. 

In Table 1, structural types of buildings, fundamental 
periods of x- and y-directions, peak accelerations of top and 
base are given. Hereinafter, the top means the highest 
instrumented floor, and the base means the instrumented 
floor closest to the ground level. The vibration periods are 
obtained from the transfer function of acceleration of top to 
base; the frequency at the peak value of transfer function is 
defined as the vibration period of structure.  

The peak acceleration at the base ranged from 52 to 142 
cm/s2, and their average is about 80 cm/s2. The peak 
acceleration response at top of the building ranged from 113 
to 251 cm/s2, and the average story drift angle (ratio of peak 
displacement of top to its height) is 1/300 rad. at most. 

 
2.2  Spectral responses at building sites 

Fig. 1 shows the response spectra of the base 
acceleration records of both x- and y-directions, the damping 
ratio of 5% is used. The nine buildings are located in 
Shinjuku ward, Chiyoda ward, Bunkyo ward, Minato ward, 
and Meguro ward of Tokyo. As can be seen from Fig. 1, 
response spectra have small coefficient of variation of about 
0.2 at the middle to long period range. 

In view of the strong randomness of earthquake 
motions, the intensity and characteristics of these input 
earthquake motions may be considered as similar ones. 
Consequently, it is reasonable to use the average to represent 
the input earthquake level in this area.  In one sense, it 
could be considered that all the nine buildings were 
subjected to a common ground shaking characterized by the 
average spectral plots.  

It should be also noted that in Tokyo and Osaka city 
relatively far from the epicenter, long-period earthquake 
motions were observed during the 2011 Tohoku Pacific 
Earthquake. The spectral characteristics in Tokyo differed 
considerably from the well-known motion recorded during 
the 2004 Niigata Chuetsu Earthquake. As partly shown by 
Fig.1b, the spectral velocity was almost uniform for the 
vibration periods from 0.5s and 20s, and its magnitude 
exceeded even the largest spectral value due to the 2004 
Niigata Chuetsu Earthquake that concentrated at the period 
about 7s (not shown). 

Thus, unlike the responses during the 2004 quake, the 
responses of the tall buildings in Tokyo were dominated by 
not only the long period motion but also the shorter period 
motions during the 2011 Tohoku Pacific Earthquake. 
 
2.3  Amplification of acceleration 

The ratio of accelerations of top to base will be named 
as “acceleration amplification ratio”. In Fig. 2, its value is 
shown with respect to each building height. In addition to 
the nine buildings of 14-story or higher discussed above 
(Table 1), two shorter response-controlled buildings with 
steel dampers and ten short to tall seismically-resistant 
buildings (Kasai 2011a) are added for comparison over wide 
range. 

 
 
 
 
 
 
 

Table 1  Basic information on buildings examined. 

Note: S = Steel structure, CFT = Concrete-filled tube columns.

X Y X Y X Y X Y
1 No Damper S 29 127.8 2.96 3.09 235 316 91 89 2.58 3.55
2 Steel+Viscous S 14 66.0 1.21 1.66 217 155 112 127 1.94 1.22
3 Viscous S 19 79.5 1.83 1.58 142 154 75 71 1.89 2.17
4 Steel+Viscous S 21 99.6 1.83 1.97 113 128 75 71 1.51 1.80
5 Viscous CFT+S 37 178.0 4.96 5.21 99 145 108 92 0.92 1.58
6 Oil CFT+S 41 186.9 3.97 4.10 118 124 53 52 2.23 2.38
7 Oil CFT+S 42 157.3 4.78 4.31 147 152 47 68 3.13 2.24
8 Steel+Viscous CFT+S 43 152.5 4.75 4.23 136 199 72 78 1.89 2.55
9 Oil S 54 223.0 5.37 6.43 236 161 94 142 2.51 1.13

Amplif. FactorHeight
(m)

Period (s)  Top Acc.  (cm/s2) Base Acc.  (cm/s2)
 No. Type of Damper Type of

Frame
Number
of Floors
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As stated in the previous section, the response spectra 
for the buildings are similar, and the vibration period of the 
building is well correlated to its height. However, 
acceleration amplification ratio in Fig. 2 does not follow the 
trend of acceleration spectra in Fig. 1a: It is very high for 
taller buildings, in contrast to low spectral accelerations in 
Fig. 1a (Kasai, 2011a,b).  

This is due to significant contribution of higher modes 
as will be explained in later sections, and, in case of 
seismic-resistant buildings, their damping ratios below the 
value of 5% used in the spectra of Fig. 2. Note also the 
shorter response-controlled buildings with steel dampers 
show similar trend as the seismically-resistant building, 
since damper was elastic or yielding very little for the level 
of the ground shaking in Tokyo. 

In Japanese practice to-date, design criteria for 
response-controlled buildings have been set for displacement 
control, and rarely for acceleration control. In spite, 
excessive accelerations have been found to cause large 
economic loss due to the damage on non-structural 
components and facilities. Thus, acceleration amplification 
such as shown in Fig. 2 should be taken in structural design 
more seriously. By this reason, the following discussion will 
refer to both displacement and acceleration. 

 
2.4  Calculation of displacements 

By using the following two different methods, the 
displacements of structure are calculated from the recorded 
accelerations. The results are compared with each other in 
order to confirm their reliability (Kasai, 2011a).  

Method 1 performs double integration together with 
hi-pass filtering in frequency domain.  The cut-off 

frequency is typically 0.05 or 0.1Hz. Method 2 first obtains 
modal properties such as vibration period, damping ratio, 
and participation vector, by applying a basic system 
identification technique for the story where recording was 
done. Then, the time histories of acceleration and 
displacement of each mode are calculated by using the base 
acceleration recorded, and thus-obtained responses typically 
for modes 1 to 3 are added together.  This is a so-called 
modal superposition analysis, and is conducted easily, 
without modeling numerous structural elements of the 
building.   

For all the nine buildings considered, the displacements 
from method 2 agreed well with those from method 1, and 
accelerations from method 2 agreed with those recorded. In 
such cases, the modal properties obtained are considered 
valid, and the contribution of each individual mode to the 
total response of system, and the effect of damping can be 
furthermore examined.  

Note that method 2 is based on the assumption of linear 
response, proportional damping, and real number mode. The 
agreement between the two methods suggests that the 
buildings had linear or slightly nonlinear behavior during the 
earthquake as well as moderate amount of damping.  In the 
next sections, four selected buildings will be considered to 
describe in detail typical responses and modal contributions. 

 
 

3.  PERFORMANCE EXAMPLES 
 
3.1  Building 1 (seismically-resistant conventional structure) 

Building 1 is a seismically-resistant 29-story steel 
building constructed in 1989 (Hisada et al. 2011, 2012). It is 
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Fig. 1  Response spectra ((a) to (c)) generated from the base 
motions of the nine buildings (damping ratio 5%). 
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a school building of Kogakuin University, located in 
Shinjuku ward of central Tokyo. The building height is 143 
m, and floor plan dimension is 38.4 and 25.6 m in EW and 
NS directions, respectively.  See Hisada et. al. (2011, 2012) 
for the building details and sensor locations. 

As indicated in Table 1, the peak accelerations in x- and 
y-directions were 91 and 89 cm/s2 at the base, and 235 and 
316 cm/s2 at the top floor, respectively.  The acceleration 
amplification ratios are 2.58 and 3.55, respectively. The 
average drift angle (i.e., top floor displacement divided by 
the height) is 1/350 rad., and the structure remained elastic. 
The vibration periods for the first three modes are 2.96s, 
1.00s, and 0.52s for x-direction, and 3.10s, 0.94s, and 0.47s 
for y-direction, respectively. Likewise, damping ratios are 
1.7%, 1.8%, and 3.4% for x-direction, and 2.1%, 1.6%, and 
3.4% for y-direction, respectively. Prof. Hisada of the 
University reported damping ratio of 0.01, based on the 
small amplitude vibration test which he conducted before 
2011 ( Hisada 2011). 

Fig. 4 top shows y-direction pseudo-acceleration 
response spectra Spa of Building 1 (building acceleration 
spectrum, solid line) and a component at building top floor 
(component acceleration spectrum, broken line) due to the 
y-direction accelerations recorded at the building base and 
top floor, respectively. Damping ratios are set to 2% and 3%, 
considering responses of building and non-structural 
component such as ceiling (Kasai 2011b), respectively. 
Similarly, Fig. 4 bottom shows displacement spectra Sd of 
Building 1 (building displacement spectrum, solid line) and 
a component (component displacement spectrum, broken 
line), respectively.  The two vertical axes on two sides of 
each figure are in reference to responses of the Building 1 

and the component, respectively. 
Spa’s of Building 1 at the 2nd (0.94s) and 3rd (0.47s) 

mode periods are large, suggesting possible higher mode 
contributions to the accelerations in the building. Also, Spa’s 
of components resonant with the 1st (3.09s) and 2nd (0.94s) 
modes are extremely high, and their values are 1,600 and 
2,400 cm/s2, respectively. Time history analyses of such 
components have indicated many cycles of large 
accelerations. 

On the other hand, Sd’s of both Building 1 and 
component are highly dependent on the building’s 1st mode 
period (3.09s). Note that broken line in Fig. 4 bottom 
indicates the component may move 400cm, if it is flexible 
and resonate with the building’s 1st mode.  

According to Hisada et al. (2011, 2012), moving of 
furniture, falling of ceiling and books occurred due to the 
high acceleration. The control of building’s higher mode 
responses is a problem that needs to be resolved in case of a 
conventional seismically-resistant tall building (see also later 
sections). 

Fig. 5a compares acceleration records at top floor and 
base in y-direction. The earthquake duration is long, and is 
considered to be about 200 seconds (Fig. 5a). For the first 90 
seconds of the figure, high frequency response of the top 
floor is apparent, as confirmed by the large number of cycles 
per unit time. These are caused by the high-frequency 
ground shaking, as shown by the base accelerations. In 
contrast, for the last 110 seconds, low frequency response is 
dominant. The ground shaking is weak (Fig. 5a), but its low 
frequency contents excited the first mode and caused 
resonated response. 

Fig. 5b compares the top floor acceleration recorded 
 
 
 
 
 
 
 

Fig. 4  Response spectra of Building 1 (solid lines) 
and component at top floor (broken lines). 
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Fig. 3  Building 1  
(Seismically resistant conventional structure) 
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with that calculated by method 2. The good agreement 
suggests that the mode method is effective, and the first three 
modes are adequate in response calculation for this case. Fig. 
5c compares relative displacement of top floor obtained by 
double integration of the record (method 1) with that 
calculated by method 2. In some cycles the peak values by 
the both method differ a little, but the displacements agree 

well overall. 
As is known, the contribution of each vibration mode 

depends on the type of response as well as the story level 
determining participation vector. Since the properties and 
responses of each vibration mode have been obtained, it is 
possible to discuss such contributions: 

Fig. 6a shows the acceleration of each mode at the top 

 
 
 
 
 
 
 

(b) Comparison: acceleration obtained by mode superposition vs. actual recorded acceleration.  

Mode superposition 
Actual Acc. 

Top acceleration Base acceleration 

(a) Accelerations recorded at top and base. 

Mode superposition 
Double integral of actual acc. 

(c) Comparison: dispt. obtained by mode superposition vs. double integral of recorded acceleration. 

High Frequency Low Frequency 

Fig. 5  Records and accuracy of mode superposition method. 

2nd mode 
1st mode 3rd mode 

 

(c) Modal contributions to top floor displacement.  

2nd mode 
1st mode 3rd mode 

2nd mode 
1st mode 3rd mode 

(a) Modal contributions to top floor acceleration.  

(b) Modal contributions to 16th floor acceleration.  

Fig. 6  Contributions of the first three modes to acceleration and displacement of Building 1. 
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floor. As mentioned earlier, it is dominated by the 2nd, 1st, 
and 3rd modes in the order of weight for the first 90 seconds. 
For the later 110 seconds, the 1st mode response increases 
and become dominant, with slight contribution from the 2nd 
mode. As Fig. 6b shows, for the 16th floor the 2nd mode is 
much more dominant, developing almost the same 
acceleration as top floor. As for the displacement at top floor 
(Fig. 6c), the 1st mode dominates throughout the entire 
duration. 
 
3.2  Buildings 4, 6, and 9 (response-controlled structures) 

Building 4 is a 21-story government office building 
(Koyoma and Kashima 2011, Kasai 2011b). It consists of a 
steel frame and 336 low yield point steel (wall) dampers and 
284 viscous (wall) dampers (Fig. 7a). For seismic energy 
dissipation, the steel damper utilizes yielding of steel 
material, and viscous damper utilizes flow resistance of the 
polymer liquid with high viscosity (Kasai et al. 2009). 

Note that a contrasting case of using only steel dampers 
lead to large accelerations like the seismically-resistant 
building in the previous section, since the damper remained 
elastic for the level of shaking in Tokyo (Kasai et al. 2011b). 
Building 4 had been designed to avoid such a situation, 
expecting that viscous damper would dissipate energy from 
a small earthquake, and steel damper, the most economical 
among all types, would dissipate considerable amount of 
energy at a large quake, respectively. 

Building 6 is a 41-story office building (Kasai et al. 
2009, 2011b). It consists of a frame using concrete-filled 

tube columns and steel beams, and 688 oil dampers (Fig. 7b). 
For energy dissipation, the damper utilizes flow resistance of 
oil with low viscosity. The valve placed at orifice is shaped 
to produce the force linearly proportional to velocity, but a 
relief mechanism to limit the force is provided, making the 
hysteresis to switch from an elliptical shape to a rectangle 
shape. Most likely, the relief did not occur for the level of 
shaking. 

Building 9 is a 54-story office steel building constructed 
in 1979. It was retrofitted in 2009 (Maseki et al. 2011) by 
attaching 288 oil dampers (Fig. 7c). 12 dampers per floor 
were attached to middle 24 stories of the building. The oil 
damper is similar to those used for Building 6, except that its 
relief mechanism is modified to reduce forces near peak 
responses.  This aims to reduce the axial force of the 
column transmitting the damper force, and consequently 
uplift force of foundation. Most likely, however, the relief 
did not occur for the level of shaking. 

As indicated in Table 1, average of acceleration 
amplification ratios of Buildings 4, 6, and 9 is less than 2, 
well below those of Building 1, and they remained elastic. 
Modal properties are obtained from method 2, and estimated 
1st mode damping ratios are about 4%, and those of the 2nd 
and 3rd modes are almost equal or larger.  The 1st mode 
vibration periods are indicated in Table 1, and those up to the 
3rd mode will be mentioned later. 

For all the three buildings, their accelerations and 
displacements are obtained from superposition up to the 3rd 
mode, and accuracies are confirmed as in to be even better 
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Fig. 7  Buildings 4, 6 and 9 from left (Response-controlled buildings and dampers) 
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than those shown in Figs. 5b and c shown earlier. Such 
responses at top floor are shown by black lines in Figures 8, 
9, and 10 for buildings 4, 6, and 9, respectively. 

In these three buildings, the acceleration (Figs. 8 to 10) 
is dominated by the 2nd and 3rd modes for about 100 
seconds, and by the 1st mode for later 200 seconds. Whereas, 
the displacement (Figs. 8 to 10) is dominated by the 1st 
mode throughout the shaking.  

This trend is like that of seismically-resistant Building 1, 
but the amplitudes are believed to be smaller due to the 
supplemental damping. Thus, the responses are compared 
with those of lower but possible damping ratio representing 
a hypothetical case of not using the dampers. The modal 
period is unchanged, assuming small stiffness of the damper. 
The 1st to 3rd mode damping ratios are uniformly set to 1% 

and superposition is repeated. The results are shown by gray 
lines in Figs. 8, 9, and 10 for Buildings 4, 6, and 9, 
respectively.  

In all the three buildings, their responses are 
considerably smaller (black lines) than those with low 
damping (gray line). The peak accelerations and 
displacements are about 0.5 and 0.7 times those of the low 
damping case. Moreover, between significant ground 
shakings, the responses decay much faster, and number of 
large cycles is reduced considerably. These help reducing 
damage and fatigue of structural and non-structural 
component as well as fear or discomfort of the occupants. In 
order to quantify such an effect, root mean square of the 
acceleration and displacement at top are calculated, and their 
values appear to be about 0.4 and 0.5 times those with low 

 
 
 
 
 
 
 

Fig. 8  Building 4 with different damping ratios (y-dir.). 

Original damping 
Decreased damping (1%) 

Decreased damping (1%) (a) Acceleration of top floor 

(b) Displacement of top floor  

Original damping 

 

Original damping 
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(b) Displacement of top floor  

  

 Original damping 

Fig. 9  Building 6 with different damping ratios (x-dir.). 
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Fig. 10  Building 9 with different damping ratios (y-dir.). 
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damping, respectively. 
 
 
4. COMMENTS ON ACCELERATION AND  

NONSTRUCTURAL DAMAGE 
 

Inertia forces against structural and non-structural 
components including equipment and building content are 
produced by accelerations in the building. Large 
accelerations typically developed at upper stories cause 
falling, overturning, shifting, crashing, rapture, and 
excessive vibration of a variety of non-structural 
components. 

As a matter of fact, economic loss due to damage of 
non-structural components is much more than that of 
structural damage. Falling of ceilings and other components 
may also cause death of occupants. Such failures due to the 
2011 Tohoku Pacific Earthquake were enormous. 

Figure 11 shows component acceleration spectra for the 
top floors of the four buildings 1, 4, 6, and 9. Damping ratio 
of the component is assumed to be 3%. The value attached 
to “original damping” is the first mode damping ratio. For 
Building 1 (Fig. 11a) that is seismically resistant, the broken 
line is based on the recorded top floor acceleration of the 
original building having low damping ratios as mentioned 
earlier, and solid line shows a case where the building 
damping ratios of the first three modes are increased to 4%. 
In contrast, for Buildings 4, 6, and 9 (Fig. 11b-d) that are 
response-controlled, the solid line is based on recorded top 
floor acceleration of the original building (Figs. 8 to 10), and 
the broken line shows when the first three modal damping 
ratios of the building are reduced to 1%. These examine a 
merit of increasing building modal damping ratios for 
protecting the acceleration-sensitive components. 

According to Fig. 11, the past belief that short-period 
components are safer in a tall building is incorrect. They are 
as vulnerable as the long-period components due to multiple 
resonance peaks created by different modes of the building.  
The peaks are extremely high, even greater than 2,000 cm/s2 
(≈2G). Thus, the resonant acceleration of the components 
may be greater than 8G at a so-called major quake 4 times or 

stronger. The problem may become more serious when 
damage and softening of components cause period shifting 
from one resonance peak to others. Note that three peaks for 
each building are shown in Fig. 11, since the first three 
modes were identified. But more peaks may emerge in an 
actual low damping case.  

As a rule of thumb, facilities may overturn when floor 
acceleration exceeds 0.3G, and ceiling whose vibration 
period typically ranges from 0.3s to 1s may fall when its 
acceleration response exceeds 1G.  These indicate the needs 
for an immediate attention to component responses at a 
major quake that will occur in Tokyo. Fig. 11 also clearly 
indicates that even moderately increasing the building 
damping ratio by 3% or so would reduce the component 
acceleration considerably.  
 
 
5.  CONCLUSION 
 

Responses of the tall buildings in Tokyo during the 
2011 Tohoku Pacific Earthquake are discussed based on the 
strong motions recorded. By successfully analyzing 
contributions of multiple vibration modes, various shaking 
phenomena in the tall building that had not been experienced 
are clarified.  

Based on this approach, the merit of damping 
technology for occupants and contents in the tall building is 
explained. Immediate attention must be given to the 
acceleration-induced hazard in tall buildings, considering 
much stronger shaking likely to occur in the near future. 
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Abstract: A mixed Lagrangian formulation for the 2D dynamic analysis and earthquake response of hybrid base isolation 
systems is presented. The governing equations of the system are derived and discretized in time by midpoint central 
differences. Algebraic manipulation of the discretized equations leads to a non-linear constrained optimization problem in 
terms of plastic and friction forces in the isolators. The formulation is implemented in a MATLAB computer program and 
its reliability is first checked against results obtained from a 1D analytical solution. Numerical applications are performed 
on a real base isolation system under a 2D resonant harmonic ground motion and a 2D earthquake ground motion. The 
results are shown in terms of the orbits described by individual isolators and significant force-displacement relationships 
at the isolator level. 

 
 
1.  INTRODUCTION 
 

Hybrid Base Isolation Systems (HBIS) rely on the use 
of different isolation devices to achieve the optimal 
performance of base-isolated structures under earthquake 
and environmental excitations. The HBIS considered in this 
work is composed of 12 High Damping Rubber Bearings 
(HDRB) and 13 Low Friction Sliding Bearings (LFSB). At 
the turn of the century such system was used for the seismic 
retrofit of two four-story reinforced concrete buildings in the 
town of Solarino in Eastern Sicily (Oliveto et al. 2004). 
Once the retrofitting works were completed, one of the 
buildings was subjected to a set of free vibration tests by 
sudden release of a statically imposed initial displacement. 
The dynamic response of the building was recorded in each 
test.  

Subsequently, dynamic structural identification studies 
were conducted on the building, using a 1D analytical model 
and the response data recorded during the tests (Oliveto et al. 
2010). The dynamic identification studies provided system 
parameters that were in reasonable agreement with those 
obtained from laboratory tests on the individual isolators. 
The analytical model initially used to predict the 1D 
response consisted of a bilinear spring model in parallel with 
a linear viscous damper, describing the behavior of HDRB, 
and a Constant Coulomb Friction Model (CCFM) modeling 
the LFSB. The above model was improved by introducing a 
Linear Coulomb Friction Model (LCFM) to describe the 
behavior of the LFSB (Athanasiou and Oliveto 2011). In this 
model the friction force is dependent on the displacement 

amplitude and on the sign of velocity. At this stage of the 
studies, particularly important was the evaluation of the 
energy dissipated by the HDRBs and that by the LFSBs. The 
identification studies conducted using the new model led to 
slight improvements in the identified parameters. While 
earlier studies were performed using identification 
procedures based on least squares methods, recent studies 
have involved the use of state-of-the-art evolution strategies 
which simplify considerably the identification process 
(Athanasiou et al. 2011-a). 

Analytical solutions developed originally for free 
vibration response have been recently extended to include 
the response to earthquake ground motion (Athanasiou et al. 
2011-b). Numerical solutions based on a Mixed Lagrangian 
Formulation (MLF) have also been developed and the 
results compared to the analytical ones (Oliveto et al. 2011). 

The aim of the present paper is to develop a MLF for 
the dynamic and earthquake response of 2D HBIS. The 
formulation should enable a realistic prediction of the 
dynamic response of HBIS and also provide a basis for the 
dynamic identification of these systems under any kind of 
environmental and engineered excitation, including 
earthquake ground motions and displacement release tests. 
 
 
2.  MIXED LAGRANGIAN FORMULATIONS 
 

The pioneering work for the application of MLF in the 
evaluation of the dynamic response of non-linear structures 
to earthquake ground motions is due to (Sivaselvan and 
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Reinhorn 2006) and to (Sivaselvan et al. 2009). In the 
present paper a previous application to 1D -HBIS (Oliveto et 
al. 2011) is extended to 2D-HBIS. 
 
2.1  Kinematics and Equilibrium 

The structure above the isolation system is considered 
as rigid. The isolators are assumed to be axially inextensible 
and therefore rocking motions are excluded. The horizontal 
displacements of each isolator may be expressed in terms of 
three degrees of freedom, corresponding to the two 
horizontal translations of a reference point and the rotation 
about a vertical axis through that point: 
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Eq. (1) may be written in compact form as: 
 

 i
i 0d = H d  (2) 

 
Similar expressions hold also for velocities and 

accelerations: 
 

 i i
i 0 i 0v = H v a = H a  (3) 

 
The displacement vectors for the individual isolators 

may be assembled in the following vector:    
 

  
 

TT T T
1 2 Nd = d ,d , ...,d  (4) 

 
The following equation then holds: 

 

  0d Hd  (5) 

where 

  
 

TT T T
1 2 NH = H ,H ,...,H  (6) 

 
Similar equations hold for velocities and accelerations: 
 

  0 0v Hv a = Ha  (7) 

 
To each displacement herein defined corresponds a dual 

force: 
 

  i i 0 0d F d F  (8) 

The static-kinematic duality, established via the virtual 
work principle, allows for the definition of relationships 
between forces analogous to the corresponding ones 
between displacements: 

  

 T T
i i 0 0H F = F H F = F  (9) 

 
2.2  Mass and Damping Matrices 

The mass matrix is taken of the following form: 
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m S
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 (10) 

 
where m is the total mass of the building, Sx and Sy are the 
first mass moments, and I0 is the moment of inertia about the 
vertical axis through the reference point.   

The individual components in Eq. (10) can be easily 
evaluated if the mass distribution within the building is 
known. The damping matrix may be taken proportional to 
the mass matrix and is intended to account for energy 
dissipation in the structure above the isolation system. The 
proportionality factor is evaluated by the following 
relationship: 

 
 2 n n   -1I M C I  (11) 
 
The damping ratio and the frequency used in Eq. (11) 

should reflect values expected for the base isolated structure. 
If the fixed base properties are used instead, these can lead to 
high values of damping that are unrealistic for the isolated 
structure. 
 
2.3  Constitutive Equations for the HDRB isolators 

Separate constitutive equations will be considered to 
model the behavior of the HDRB and the LFSB. A bilinear 
spring model is used for the HDRB while a LCFM, 
described in the next section, is used for the LFSB. 

The mechanical model for a typical HDRB isolator is 
shown in Figure 1. The spring constants in the model of 
Figure 1 are related to the primary and secondary stiffness of 
the bi-linear spring model shown in Figure 2. 

Two equilibrium equations hold for this system: 
 
 e r h p r

i i i iiF = F F + F = F  (12) 
 
The following compatibility equations written in terms 

of velocities must also be satisfied: 
 
 e h r e p r

i i i i iiv + v = v v + v = v  (13) 
 

The constitutive equations relating velocities to forces 
in each rubber isolator are: 
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  e e e h h h
i i i i i iv A F v A F   (14) 

 
The compliance matrices are related to the spring 

constants as follows: 
 

 1 11 0 1 0

0 1 0 1ei hik k    
    

   
e h
i iA A  (15) 

 

 
Figure 1  Mechanical model for HDRB isolators: (a) 
un-deformed model; (b) deformed model under force Fr; (c) 
un-deformed model after rigid body translation de; (d), (e) 
and (f) equilibrium conditions. 
 
 

 
Figure 2  Bi-linear model and spring parameters. 
 

In assembled form the constitutive Eqs (14) may be 
written as: 
 

  e e e h h hv A F v A F   (16) 

 
The compliance matrices in Eqs (16) are diagonal block 

matrices built by assembling the block matrices of the 
individual isolators. The equilibrium and compatibility 
equations in assembled form can be written as follows: 
 

 e r h p rF = F F + F = F  (17) 

 

 e h r e p rv + v = v v + v = v  (18) 

   
 

 
The velocity in the plastic slider is the gradient of the 

plastic dissipation function and can be expressed as: 
  

  p p
pv = F  (19) 

 
The dissipation function is the indicator function of the 

elastic domain of the bilinear spring: 
 

    :p EU E   p p p
yF F F F  (20) 

 
Finally it should be mentioned that the velocity vector 

rv is related to the velocity of the reference frame through 
the kinematic compatibility equation: 
 

 r
r 0v H v  (21) 

 
2.4  Constitutive Equations for the LFSB Isolators 

The LCFM used by (Athanasiou and Oliveto 2011) and 
by (Oliveto et al. 2011) for 1D base isolation models is 
considered for the present 2D model, Figure 3.  

 

 

Figure 3  Friction models for LFSB isolators. (a) slider in 
neutral position; (b) slider in displaced position; (c) CCFM; 
(d) LCFM. 

 
The compatibility equation is similar to the one used in 

section 2.3 for the HDRB isolators:   
  

 s
s 0v H v  (22) 

 
In this case the sliding velocity is the gradient of the 

dissipation function related to friction: 
 

  s s
sv = F   (23) 

 
The friction dissipation function is the indicator 

function of the Coulomb admissible friction force domain: 
 

    :s CU C   s s s
cF F F F  (24) 

where 

  c c
0 c sF F + K d  (25) 
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The Kc matrix in Eq. (25) is a diagonal matrix whose 
entries are the kc of the individual LFSB isolators. 
 
2.5  A Note on Admissible Domains 

The admissible domains for the plastic forces in the 
HDRB isolators and for the friction forces in the LFSB 
isolators are defined for each isolator in terms of the 
resultant of the two force components: 

 

    2 2
 p p p

x yF F F  (26) 

 

    2 2s s s
x yF = F + F  (27) 

  
2.6  Governing equations 

The dynamic response of any system is governed by 
equilibrium, compatibility and constitutive equations. The 
equations of motion for the hybrid base-isolated structure 
may be written in terms of the quantities defined in the 
previous sections as follows: 

 

 T r T s
0 0 r s gMa + Cv + H F + H F = -Ma  (28) 

 
The compatibility equations, combined with the 

constitutive equations, can be written as follows: 
 

 e e h h
r 0A F + A F = H v   (29) 

 

 e e p
r 0A F + v = H v  (30) 

 
 s

s 0v H v  (31) 

 
 Eqs (28) to (31) can be derived from variational 
principles like Hamilton’s principle or the principle of least 
action, involving the preliminary definition of a Lagrangian 
functional and dissipation functions. The interested reader is 
referred to (Sivaselvan and Reinhorn 2006) and (Sivaselvan 
et al. 2009) for a detailed description. Herein the equations 
have been obtained directly based on first principles of 
Mechanics. The next section focuses on the time 
discretization and manipulation of the governing Eqs (28) to 
(31), which leads to the formulation of a quadratic 
optimization problem.  
 
 
3.  TIME DISCRETIZATION 
 

A central difference time discretization scheme with 
midpoint rule is used throughout this work. The 
discretization procedure aims to eliminate a set of variables 
from the governing equations, leading to the formulation at 

each time step of a non-linear optimization problem. 
Although the procedure is based on methods already 
exploited and well documented in the literature, many 
aspects of the problem at hand appear to be original as well 
as the solution path established by the present authors. 

  
3.1  Discretization of the Equations of Motion 

The equation of motion (28) is first written in the 
following form: 

 

 T r T s
0 0 r sM v + Cv + H F + H F = P  (32) 

 
Using central difference midpoint discretization, Eq. 

(32) may be written as: 
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Eq. (33) can be solved for the velocity at the end of the 

step leading to: 
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where 

 ˆ
2 2

h h
   M M C M M C  (35) 

 
Eq. (34) can be written more effectively in the 

following form: 
 

 1 1 1
1 1ˆ

2 2
i i

i i
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   T r T s
0 0 r sv v M H F M H F  (36) 

where 
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3.2  Discretization of the Compatibility Equations 
 

Discretization of  Eqs (30) and (31) gives: 
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3.3  System Reduction 
Substituting Eq. (36) into Eq. (38) and Eq. (39) leads 

to the following system of equations: 
 

 1 1i i i  AF c v  (40) 
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The unknowns in the system of Eqs (40) are forces 

and velocities in the isolators. However with respect to the 
HDRB isolators the forces and velocities are not dual of 
each other, since the total force Fr is related through Eq. (40) 
to the plastic velocity vp and not to the total velocity vr. In 
the next section a system of linear equations is derived 

where the forces and velocities are dual in the work sense. 
 
3.4  Plastic Forces and Velocities 

To reach the objective set at the end of section 3.3, the 
following equilibrium and compatibility equations are used: 

 

  h p r p h h hF + F = F v v A F  (48) 

 
The compatibility equation may be derived directly 

from the model in Figure 1 or may be obtained by 
subtracting Eq. (29) from Eq. (30). By inverting the 
compatibility equation and using it in the equilibrium 
equation, the following expression is obtained: 

 

 1  p r p
hA v F F   (49) 

 
After discretization, the plastic forces may be expressed 

in terms of total forces and plastic velocities as follows: 
 

 1
11 1

ˆ
2iii i
h 

   p p r p
hF F F A v  (50) 

where 

 1ˆ
2

  F F F A vp p pr
i i i h i

h
 (51) 

 
3.4  The Resolving System 

Eq. (50) can be used to express the total forces in the 
HDRB isolators in terms of the plastic forces and plastic 
velocities as follows:  

 

 1
1 1 1

ˆ
2i ii i
h 

    r p p p
hF F A v F  (52) 

 
Eq. (52) can be then used in Eq. (40) to replace total 

forces for plastic forces. After some algebraic manipulations 
the following system of equations is obtained:  
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4.  THE OPTIMIZATION PROBLEM 
 

The resolving system provided by Eq. (53) can be 
written in compact form as follows: 
 

 ˆ v v BF  (60) 

                       
Eq. (60) shows that the plastic and sliding velocities at 

the end of each time step are functions of the corresponding 
plastic and friction forces.  

The dissipation power can therefore be calculated as 
follows: 
 

      ˆDP     T TF dF v F dF v BF  (61) 

or 

   1
ˆ

2DP  T TF F v F BF  (62) 

 
The problem of finding the solution to Eq. (60) can be 

cast as an optimization problem whereby the maximum 
dissipation power is sought under the satisfaction of the 
plasticity and friction conditions:  
 

 
 Maximize

Subject to:

1
ˆ

2

;

 

 

T T

p s c
y

F F v F BF

F F F F

DP
 (63) 

 
Once the optimization problem has been solved for the 

plastic and friction forces, all the other variables of the 
problem may be evaluated through a backward substitution 
process. Displacements and accelerations are found from 
velocities using midpoint central difference methods and 
appropriate initial conditions. 

 
 

5.  NUMERICAL APPLICATIONS 
 
The numerical applications were conducted with 

reference to a real base isolation system investigated by the 
senior author and his research group over the past decade, 
namely the base isolation system used for the seismic 
retrofitting of the Solarino buildings, (Oliveto et al. 2004). 
The layout of the isolation system and details on the free 
vibration tests conducted on one of the two buildings are 
shown in the above referenced paper. The identified 
properties of the base isolation system from full scale tests 
may be found in (Oliveto et al. 2010), (Athanasiou and 
Oliveto 2011) and (Athanasiou et al. 2011-a). The set of 
parameters used for the analyses presented herein is 
presented in Table 1. The HDRB and LFSB isolators used 
for the Solarino buildings are all identical. The parameters 
provided in Table 1 therefore apply to all the bearings of 
each class.  

 
Table 1   Identified Parameters for the Solarino Base 
Isolation System. 

m  

(kN·s2/m) 

dy  

(m) 

Fy  

(kN) 

k0  

(kN/m) 

k1  

(kN/m) 

1207 0.0132 16.02 1213.4 646.5 

ke  

(kN/m) 

kh  

(kN/m) 

kc  

(kN/m) 

Fc
0  

(kN) 

1213.4 1383.7 25.60 2.46 

 
The numerical analyses carried out in this paper serve 

different purposes. First of all it is desirable to assess the 
performance of the presented numerical method against 
reliable results. An analytical solution is available for 1D 
systems (Athanasiou et al. 2011-b), (Oliveto et al. 2011). 
This solution was used for the simulation of the Solarino free 
vibration tests and for the simulation of the Solarino HBIS 
1D dynamic and earthquake response. The present 
formulation can be checked against the analytical solution 
by setting the 12 HDRB and the 13 LFSB of the Solarino 
HBIS at the origin of the reference frame and applying a 1D 
ground motion. In this case the two formulations are 
expected to provide the same response. 

Moreover, when a 1D ground motion is applied to the 
real Solarino HBIS, even if the center of mass of the 
building coincides with the center of rigidity of the HDRB 
system, the response is bound not to be 1D due to small 
asymmetries in the distribution of the LFSB. The aim of this 
kind of analysis is to assess the accuracy and reliability of 
1D models in the evaluation of the response of nearly 
symmetric base isolation systems, bearing in mind that an 
asymmetric response may also be related to mass 
eccentricity.  

Finally the response of the Solarino HBIS to 2D ground 
motions is evaluated and compared to the response obtained 
by the 1D model. 
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The origin of the reference frame is taken coincident 
with the center of rigidity of the isolation system. The x and 
y axes are oriented along the longitudinal and transverse 
direction of the building respectively. For the time being we 
assume that the center of mass is on the vertical axis through 
the center of rigidity, resulting in the off diagonal terms of 
the mass matrix given by Eq. (10) to be zero. The moment 
of inertia I0 can be evaluated by the following expression: 

 

 
2 2

0 12

a b
I m


  (64) 

 
where a=24.70 m and b=10.70 m are the length and the 
width of the rectangular plan of the building. No damping 
from the superstructure is considered in the applications 
although a mass proportional damping matrix could be 
easily introduced, with the proportionality coefficient 
defined by Eq. (11). The coordinates of the isolators of the 
Solarino HBIS are given in Table 2. 
 
Table 2   Coordinates of Isolators Positions. 

HDRB LFSB 

No xr (m) yr (m) No xs (m) ys (m) 

1 -12.200 3.875 1 0 3.875 

2 -8.600 3.875 2 -12.200 0 

3 -5.000 3.875 3 -8.600 0 

4 5.000 3.875 4 -5.000 0 

5 8.600 3.875 5 -1.475 0.375 

6 12.200 3.875 6 1.475 0.375 

7 -12.200 -3.875 7 5.000 0 

8 -8.600 -3.875 8 8.600 0 

9 -5.000 -3.875 9 12.200 0 

10 5.000 -3.875 10 -1.475 -3.900 

11 8.600 -3.875 11 1.475 -3.900 

12 12.200 -3.875 12 -1.475 -5.150 

   13 1.475 -5.150 

 
5.1  Preliminary Analyses 

As a way of assessing the reliability and the correct 
implementation of the formulation presented, preliminary 
applications are carried out aiming to replicate the results 
obtained by the 1D analytical model. To this purpose all the 
isolators are first ideally positioned at the origin of the 
reference frame and analyses run under resonant 1D 
harmonic ground motions. As expected, for any angle of 
incidence of the ground motion, the response is the same as 
that obtained with the 1D analytical model. Moreover, all the 
isolators of the same class exhibit identical responses in 

terms of displacement, velocity, acceleration and forces. 
The Solarino HBIS is symmetrical with respect to the y 

axis and therefore the response to a 1D ground motions 
along the y direction is expected to be unidirectional and 
coincident with the one predicted by the 1D model. Indeed 
this is the case showing that the formulation is working 
properly.  

The asymmetry of the LFSB isolators along the x axis 
ensures that a 1D ground motion along the x direction leads 
to response components in both the x and y directions. This 
asymmetric behavior is shown in Figure 4 for the case of a 
resonant harmonic ground acceleration having 0.02g 
amplitude and a frequency of 0.4035 Hz.  

For the sake of clarity only the response of the isolators 
that exhibit the largest y components of displacement are 
shown. These are HDRB 1, 6, 7, 12 and LFSB 2, 9. It is 
clear from Figure 4 (a) that even for these isolators the y 
component is negligible as compared to the x component. In 
Figure 4 (b), where the y scale is altered, it can be seen that 
the orbits of isolators 1, 7 and 2 are practically superimposed 
and so are those of isolators 6, 7 and 9. 

-15 -10 -5 0 5 10 15
-2

0

2

 dx (cm)

 d
y  (

cm
)

(a)

-15 -10 -5 0 5 10 15
-0.4

-0.3

-0.2

-0.1

0

0.1

0.2

0.3

 dx (cm)

 d
y  (

cm
)

 

 

HDRBs 6, 12
& LFSB 9

HDRBs 1, 7
& LFSB 2

(b)

 

Figure 4  Resonant harmonic motion in the x direction. 
Orbits of isolators with largest y component: (a) same scale 
for x and y axes; (b) different scales for x and y axes. 
  
5.2  Mass Eccentricity Effects 

In section 5.1 the center of mass of the building was 
assumed to be on the vertical through the center of rigidity of 
the HBIS. But this is hardly ever the case and therefore 
building codes require that an accidental eccentricity be 
considered. For instance ASCE 7-05 (Chapter 17: Seismic 
Design Requirements for Seismically Isolated Structures) 
requires to consider an accidental eccentricity equal to 5% of 
the maximum building dimension perpendicular to the 
direction of the seismic action. Actual and accidental mass 
eccentricities can easily be dealt with in the present 
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formulation by properly calculating the terms of the mass 
matrix given by Eq. (10). Based on the 5% rule, in the case 
of excitations along the y direction, an accidental 
eccentricity in the x direction equal to ex=1.235 m should be 
considered for the Solarino buildings. This eccentricity 
results in the following changes in the first and second mass 
moments: 

 

 0
y xS m e   (65) 

 

 2
0 G xI I m e    (66) 

  
where IG is the moment of inertia about the vertical axis 
through the eccentric center of mass. For the sake of 
simplicity, in the following applications IG is taken equal to 
the value obtained by Eq. (64). However, in real applications 
the components of the mass matrix should be evaluated 
accurately based on the actual distribution of mass in the 
building.      

Figure 5 shows the response of the system subjected to 
the same resonant harmonic ground acceleration as in the 
previous example, but this time acting along the y direction. 
Only the responses of the isolators that exhibit the largest x 
components of displacement are shown, namely HDRB 
1,6,7,12 and LFSB 1. 
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Figure 5  Resonant harmonic motion in the y direction. 
Orbits of isolators with largest x component: (a) same scale 
for x and y axes; (b) different scales for x and y axes.   
 

If the ideal Solarino system were to be considered 
instead, Figures 5 (a) and (b) would both result in a vertical 
flat line, meaning that there would be no component of 
displacement in the x direction and all isolators would 
exhibit the same y displacement. The presence of the x 
component is due to mass eccentricity and is accompanied 
by an increase of the y displacement for the peripheral 
isolators that are on the same side as the center of mass and a 
decrease for those that are on the opposite side. On the 
contrary isolator LFSB 1, which lies on the y axis, keeps the 
y component of displacement unchanged. This is shown 
clearly in Figure 5 (b). As compared to isolator LFSB 1, 
isolators HDRB 6 and 12, which are on the same side as the 

center of mass, show an increase of the displacement in the y 
direction, while HDRB 1 and 7, which are on the opposite 
side, show a decrease of the y displacement. This also results 
in increases and decreases of the amplitude of the total 
displacement and confirms how torsion effects can increase 
the displacement demand for peripheral isolators. 
 
5.3  2D Excitation and Response 

The response to a 2D earthquake ground motion is 
considered in this section. The two horizontal components 
recorded at the AQV station during the L’Aquila 2009  
earthquake are used as input motion because they produce a 
displacement response of the order of magnitude of the 
design displacement for the Solarino buildings HBIS. The 
displacement orbits of all the 25 isolators are shown in 
Figure 6, in the case that no eccentricity is considered 
between the center of mass and the center of rigidity. 
 

-6 -4 -2 0 2 4 6 8 10
-15

-10

-5

0

5

10

15

20

 dx (cm)

 d
y  (

cm
)

 
Figure 6  Orbits of the 25 isolators of the Solarino buildings 
under the horizontal ground motion recorded at station AQV 
during the 2009 L’Aquila earthquake. ASCE 7-05 accidental 
eccentricity ignored. 
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Figure 7  Orbits of the 25 isolators of the Solarino buildings 
under the horizontal ground motion recorded at station AQV 
during the 2009 L’Aquila earthquake. ASCE 7-05 accidental 
eccentricity included. 
 

It is remarkable how the orbits are almost coincident, 
showing that the system is close to symmetric and that the 
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rotation of the building is hardly existent. The maximum 
amplitude of the displacement is about 14.00 cm. 

If the accidental eccentricity is included, as required by 
ASCE 7-05 (Chapter 17), the orbits take the shapes shown in 
Figure 7. It is clear in this case that the rotation of the 
building is significant and that each isolator describes a 
different orbit depending on its position. The maximum 
displacement amplitude of 16.72 cm is attained by isolator 
HDRB 7. Among the LFSB isolators the maximum 
amplitude of 16.53 cm is attained by isolator 2. 
 
5.4  Satisfaction of Problem Constraints 

The solution to the optimization problem (63) is 
achieved by first inverting the sign of the functional PD, in 
order to transform the maximization problem into a 
minimization one, and then by using the MATLAB function 
fmincon. 

The plastic force developed in the isolator HDRB 7 
under the horizontal components of the ground motion 
recorded at station AQV during the 2009 L’Aquila 
earthquake is shown in Fig.8 as a function of the 
displacement amplitude: 
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Figure 8  Plastic force in HDRB 7 as a function of the 
displacement amplitude. Ground motion recorded at station 
AQV during the 2009 L’Aquila earthquake. ASCE 7-05 
accidental eccentricity included. 
 

The following convention is used to determine the sign 
of the force: 

 

  2 2
x yF F F sign d    (68) 

where 

 yx
x y

dd
d v v

d d
   (69) 

 

The friction force in LFSB 2 is shown in Figure 9 as a 
function of the displacement amplitude. The sign of the force 
is again established by the rule given above. The constraint 
conditions are seen to be never violated both for the plastic 
force in HDRB 7 and the friction force in LFSB 2. The same 
applies for all the other isolators. 
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Figure 9  Friction force in LFSB 2 as a function of the 
displacement amplitude. Ground motion recorded at station 
AQV during the 2009 L’Aquila earthquake. ASCE 7-05 
accidental eccentricity included. 
 
5.5  Residual Displacements 

Due to the non-linearity in the models used to describe 
the behavior of the isolators, residual displacements are 
expected when the ground motion ceases and the system 
comes to rest. The ideal system, with the orbits shown in 
Figure 6, exhibits the residual displacements shown in 
Figure 10. The system with accidental eccentricity, and the 
orbits shown in Figure 7, displays the residual displacements 
shown in Figure 11. As expected, the residual displacements 
are closer to each other in the ideal system than they are in 
the system with accidental eccentricity.  
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Figure 10  Residual displacements of the 25 isolators of the 
Solarino buildings at the end of the motion shown in Figure 
6.  ASCE 7-05 accidental eccentricity ignored. 
 
5.6  Comparison between 1D and 2D Model Responses 

The 1D model allows for the evaluation of the response 
to only one earthquake component at a time. Moreover it 
cannot automatically account for actual and/or accidental  
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Figure 11  Residual displacements of the 25 isolators of the 
Solarino buildings at the end of the motion shown in Figure 
7.  ASCE 7-05 accidental eccentricity included. 
 
eccentricity. Therefore it seems interesting to compare the 
results obtained by the 1D model to those obtained by the 
2D model. For the AQV ground motion the 1D model 
predicts maximum displacements of 6.50 cm in the NS 
direction and 13.58 cm in the EW direction. A vector 
composition of these two displacements yields a combined 
response of 15.06 cm. This value is larger than the 14.00 cm 
obtained by the 2D model in the absence of eccentricity but 
smaller than the 16.72 cm obtained in the presence of mass 
eccentricity.  
 
 
6.  CONCLUSIONS 
 

A method has been developed for the dynamic analysis 
and simulation of the earthquake response of 2D Hybrid 
Base Isolation Systems (HBIS). The method is based on a 
mixed formulation where the unknowns are both forces and 
displacements. The governing equations of the system are 
obtained by first principles of mechanics and then 
discretized in time using central differences and a midpoint 
rule. A judicious manipulation of the discretized equations 
leads to the formulation of a constrained optimization 
problem where both the object function and the constraints 
are expressed in terms of the plastic and friction forces in the 
isolators only.      

Several numerical applications have been presented. 
First the reliability and correct implementation of the 
formulation developed is checked against results from an 
analytical solution for 1D HBIS. Then the response of the 
Solarino HBIS to a resonant harmonic excitation and to a 
strong earthquake ground motion is evaluated. Results are 
presented in terms of the orbits described by individual 
isolators and in terms of force-displacement relationships. 
The latter show how the plastic and friction conditions are 
never violated. 

The influence of accidental eccentricity has also been 
investigated. The results obtained by using ASCE 7-05 
requirements show that accidental eccentricity can 
significantly change the behavior of base-isolated structures, 

introducing torsion motions which may significantly 
increase the displacements of some peripheral isolators.  

Finally, the response of the 2D model has been 
compared to the best result that a 1D model can yield. For 
the particular ground motion considered, a vector 
composition of the maximum displacements obtained from 
the two 1D analyses exceeds the value resulting from the 2D 
analysis if accidental eccentricity is excluded, but it 
underestimates it if accidental eccentricity is included. This 
shows how an empirical way of accounting for mass 
eccentricity should be considered when 1D models are used.  
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Abstract:  This paper proposed a design method for reinforced concrete building structures passively controlled by 
hysteretic dampers. The dynamic properties of the passive system are described, and the variation of equivalent 
parameters of system is discussed. The performance curves for reinforced concrete structures, which describe the 
interaction between dampers, structural component, and seismic input intuitively, are developed, and a damper 
distribution method for MDOF RC building structure is proposed. The time history analysis on a 7-story RC building 
passively designed by the present method shows good accuracy. 

 
 
1.  INTRODUCTION 
 

Energy dissipation technology for seismic protection of 
building structures has got significant advance and active 
practice in recent years. As one of the major types of energy 
dissipation device, hysteretic damper including steel damper 
and friction damper are being widely used both in new 
construction and in retrofitting of various types of structures, 
particularly reinforced concreted (RC) building structures. 
Compared with other types of dampers, hysteretic damper 
has relatively high energy dissipation capability and less 
dependence on the usage environment. Therefore, the 
hysteretic damper becomes one of the most popular types of 
energy dissipation devices in structural engineering.   

On the other hand, due to the complex mechanical 
behavior of RC materials and VE dampers, it is highly 
desirable to develop a comprehensive design rule that clearly 
indicates effects as well as necessary capacities of the 
dampers for the target performance of RC buildings. The 
writers have extended design method for elastic main frame 
(JSSI 2005, 2007) to main frames showing nonlinear 
behaviors including steel frame and timber frame (Kasai and 
Pu 2010, Kasai et al. 2010). And so far, the visco-elastic 
damper was considered for such nonlinear structures.  

This study will propose a design method for RC 
building structure added with hysteretic dampers by 
extending the previous method. The aim of the present 
design method is to provide an optimum distribution rule of 
hysteretic damper for multi-story RC building so that 
structure develops identical story drift prescribed beforehand 
in each story. That will be realized by tuning the equivalent 
stiffness of the system, as will be described in the next. 

2. DYNAMIC PROPERTIES OF SYSTEM  
2.1 Degrading stiffness model for RC frame 

The stiffness degrading Takeda model is used to 
reproduce the hysteretic curve of RC material. In this model, 
hysteresis has dependence on experienced maximum 
deformation umax . In the model, structure is elastic when 
umax<uc, where uc = cracking deformation defined by 
micro-cracking of the concrete material. Figure 1(a) shows 
the hysteresis and skeleton curve for uc<umax<uy, where uy is 
yield deformation. Figure 1(b) shows the hysteresis for 
uy<umax. 

As can be seen from Figure 1, Takeda model has tri-linear 
skeleton curve, and the turning point of the curve show the 
cracking point, yield point and the maximum response point, 
respectively. The elastic stiffness, second stiffness and third 
stiffness are represented by Kf , α1Kf , and α2Kf, respectively. 
Hereinafter, μ and μc are used to denote the maximum 
deformation and cracking displacement normalized by uy. 
The μ is also called as ductility ratio (of main frame), which 
depends on the maximum displacement during the dynamic 
response; μc is constant for a given Takeda model (Eq. (1)).  

  
 yuu /max ,  ycc uu /                   (1a,b) 
 

The stationary state hysteresis curves of Takeda model are 
governed by different unloading rules depending on the 
maximum displacement. The unloading stiffness u

fK  is 
expressed by Eq. (2a) and (2b), where yield displacement 
has been and not been exceeded, respectively.  

   μc<μ≤1：  
c

cc
fu

f KK 






)(2 1               (2a) 

- 1383 -



 

 

  1<μ：     4.0
1

)1(
)1(2




c

cc
f

u
f KK




              (2b) 

The reloading curve can be constructed by connecting 
the point with zero force with the point reached in the 
previous cycle, if that point lies on the skeleton curve or on a 
line aimed at a point on the skeleton curve. The more details 
about loading and unloading rules can be found in Takeda et 
al. (1970).  

The equivalent stiffness at maximum displacement is 
given by Eq. (3),  
 

  pKK feqf ,                                 (3) 
 
where p is ratio of equivalent stiffness to initial stiffness of 
frame and given as Eq. (4).   
 

μc<μ≤1：     /)(1 ccp                 (4a) 

1<μ：    /)1()1( 21  ccp               (4b) 
 

The damper considered in this paper is actually a 
combination of an elasto-plastic energy dissipating element 
and an elastic supporting such as brace (Figure 2). This 
combination is also called as added component in the 
authors’ previous research papers. Because both the damper 
and the brace are deformation dependent, for purpose of 
convenience, the combination of the two elements is called 
as hysteretic damper in this paper.  

By the way, after the elastic stiffness Kd and ductility 
ratio of damper d are determined, for given stiffness of 
brace, the necessary stiffness and ductility ratio for energy 
dissipating element can be calculated easily. The yielding 

forces for the damper and the added component are equal, 
and the elastic stiffness and ductility ratios for the damper 
and added component become large or small simultaneously. 
 
2.2 Dynamic properties of system  

The ratio of damper stiffness to the elastic stiffness of 
RC frame is defined as damper stiffness ratio. The elastic 
stiffness of system is denoted by K, the ratio of K to Kf can 
be calculated by Eq. (5) 

 
df rKK 1/                                 (5) 

 
Use Tf, hf to denote the natural period, damping ratio of 

RC frame, the natural period and damping ratio of the elastic 
system with added hysteretic damper can be expressed as: 

 
df rTT  1/1/0  , df rhh  1/1/0             (6)  

However, the RC system often shows elasto-plastic 
behavior rather than elastic behavior when subjected to 
earthquake excitation. The equivalent stiffness of RC frame 
Keq,f is defined as the secant stiffness of RC frame at the 
maximum deformation, and expressed as Eq. (7),  

 
ffeq pKK ,                                (7) 

 
Where p is the ratio of the equivalent stiffness to the initial 
elastic stiffness of RC frame, is expressed as the function of 
ductility ratio  as given in Eq. (8). 


 )(1 ccp 

  , μc<μ≤1                (8a) 


 )1()1( 21 

 ccp  , μ>1             (8b) 
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Figure 1. Hysteresis loop of stiffness degrading model
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     The equivalent stiffness Keq and equivalent period Teq 
of the system are given as follows.  

 feqdeqeq KKK ,,                              (9) 

dddeq KK /,                           (10) 

pr
TT

dd
feq




/

1/                           (11) 

Dissipated energy in one stationary state cycle of 
maximum displacement Ep is given by Eq. (12a) and Eq. 
(12b), respectively.  


 p

ppuKE
c
c

yfp 



)1(2 22 , μc<μ≤1             (12a) 












 )1(2

)1(2
1

2
22

cc
c

yfp
ppuKE 




, μ>1        (12b) 

The energy dissipated by damper in one stationary state 
cycle, Ed, is given by Eq. (13). 

 
2)1(4 dyddd uKE                             (13) 

 
The strain energy possessed by system is calculated 

based on the equivalent stiffness of the system, and is the 
sum of the strain energy of the frame Esf and the strain 
energy of damper Esd.  
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1
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Therefore, the contribution of the deformed RC frame 

to the damping ratio of system in stationary state is obtained 
as follows. 
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The contribution of the damper to the total damping ratio of 
system is obtained as, 
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    The above describes the equations of energy dissipation 
and the damping ratios for the system and constitution 
elements in stationary state. Figure 3 shows the curves for 
Teq/Tf versus damping ratio heq, where the ductility ratio of 
damper is set to be 1, 2, 3, 4, and 5 and damper stiffness ratio 
set to be 0.05, 0.1, 0.2, 0.35, and 0.5. Generally, as Kd/Kf 
increases, the Teq decreases; as ductility ratio of damper 
becomes larger, heq increases significantly. On the other hand, 
for small ductility ratio of damper, as the quantity of damper 
is increased, the decrease of Teq is more significant than the 
increase of heq. For given damper strength requirement, 
through increasing the stiffness of damper lead to high 
ductility ratio of damper for target displacement, and high 
damping ratio is expected.  
     

3. ACCURACY VERIFICATION ON EQUIVALENT 
PARAMETERS  

     The authors have previously proposed the optimum 
design methods for the systems consisting of main frame 
including elastic frame, elasto-plastic bilinear frame, and 
slip-hysteretic frame and the visco-elastic damper. Such a 
series of design methods was constructed on the basis of the 
spectrum-based maximum response prediction of the 
equivalent SDOF damped system. If the response of damped 
system can be calculated using the response spectrum, the 
time-consuming time history analysis can be avoided, and an 
efficient damper design method can be developed. Before 
the construction of the design method, this chapter proposes 
a maximum response prediction method for the RC structure 
added with hysteretic damper, whose equivalent parameters 
have been described in chapter 2.  
    In order to use the elastic response spectrum, the 
elasto-plastic damping system is converted to an equivalent 
elastic system. The equivalent stiffness has been defined in 
Eq. (9). The damping ratio for system in stationary state has 
been defined; however, the response of system subjected to 
earthquake excitation is of randomness, the direct use of the 
previously defined damping ratio lacks of reasonability. 
Hereinafter, the average damping proposed by Newmark 
and Rosenblueth (1971) is introduced. Namely, the average 
of the damping ratios of the stationary state cycles with 
amplitude ranging from 0 to the maximum will be used. 
With the initial damping ratio included, the total equivalent 
damping ratio is calculated by Eq. (17). 
 
        0 ))()((1 dhhhh dpfeq              (17) 
    

The ductility ratio of the main frame varies between 0 
and maximum . Therefore, it is considered that the 
equivalent period for the system changes accordingly 
between T0 and Teq. In view of this, during the calculation of 
the spectrum response, the following averaged spectrum 
response rather than the response at Teq is used.  

 


eqT
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Equation (18) indicates an average process of the 

pseudo-velocity response spectrum.   
The reduction of response due to the increase of the 

damping ratio from h0 to heq is calculated by Eq. (16) (Kasai 
et al. 2003).  
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In Eq. (19), Dh is called as damping effect factor, and the a is 
a constant, for which different value is used depending on 
the characteristics of earthquake wave.  
    Using the damping effect factor Dh, the velocity 
response and subsequently the displacement response with 
damping ratio heq can be calculated based on the response 
spectrum with damping ratio h0 (Eq. (20)). 
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    Moreover, instead of the response spectrum at elastic 
damping ratio h0, the response spectrum of damping ratio hf 
is also usable. Either spectrum produces the same response.  

The following carries on the time history analysis on 
the nonlinear response of damped RC structure to verify the 
accuracy of the prediction method described above. The 
period of elastic RC frame Tf is set to be 0.5, 1, 1.5, and 2.0, 
the damper stiffness ratio is set to be 0.05, 0.1, 0.2, 0.35, and 
0.5, the target ductility ratio of frame is set to be 1, 2, 3, and 
4, and the damper ductility ratio is set to be 2, 6, and 10 
times of that of main frame. The initial damping for main 
frame is considered to be tangent stiffness proportional, and 
3% is used. The input earthquake waves include 9 recorded 
waves and 1 artificial wave as listed in Table 1 in Kasai et al. 
(2009). Even though the general way to use the equivalent 
linearization to predict the maximum response is the 
convergence calculation method, herein in order to examine 
the accuracy of the prediction method, based on the ductility 
ratio  obtained in time history analysis, the equivalent 
parameters are calculated, and the corresponding response is 
calculated based on the response spectrum. The response 
obtained from linear response spectrum is compared to that 
obtained from time history analysis. Obviously, if the 
prediction method is correct, the responses obtained from 
different methods should agree with each other.  

Figure 4(a), 4(b), and 4(c) show the ratios of the 
prediction results to the analysis results for the case of the 
d=2, d=6, and d=10, respectively. The horizontal axis 
show the number of the earthquake wave, the No.1 is the 
artificial earthquake wave BCJ-L2, No.2-10 are the recorded 
waves. For each earthquake wave, from left to right, the 4 
symbols show the results for  = 1, 2, 3, and 4, respectively. 
The results for 5 types of stiffness ratio are averaged. 
Compared to the artificial wave, the recorded waves show 
relatively large dispersion, but on the whole the prediction 
results match well with the analysis results.    
 
4. DAMPER DESIGN BASED ON PERFORMANCE 

CURVE FOR SDOF SYSTEM 
4.1 Response reduction of passive system 

The evaluation method of response reduction of passive 
control building has been proposed based on the elastic 
response spectrum previously. In this section, the design 
method for RC structure added with hysteretic damper is 
constructed by extending the previous method. The 
displacement spectrum, pseudo-velocity spectrum, 
pseudo-acceleration spectrum are defined as Sd , Spv and Spa , 
respectively. From any one of the three spectra, the other two 
spectra can be calculated in terms of Eq. (21).  
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The response reduction is the combination effect of 

decreased vibration period and increased damping effect by 
adding damper into structure. We define the ratios of the 

displacement u, force F of passive system to the 
displacement and force of original elastic frame uel, Fel as 
displacement reduction ratio Rd, pseudo-acceleration 
reduction ratio Rpa, respectively.  
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where ),( feqpv hTS  is the averaged pseudo-velocity 
spectrum over period range from T0 to Teq (Kasai et al. 2005, 
2009). The reason to use averaged pseudo-velocity spectrum 
is in that the spectrum is smoothed and the possible 
difference between the spectrum value at Tf and Teq can be 
reduced in such a way. 

Assume the pseudo-acceleration spectrum in 
short-period range and pseudo-velocity spectrum in 
medium- to long-period range are identical, respectively, the 
response reduction of system can be rewritten as 
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Given parameters of main frame hf , μc, 1, 2, f, and 

parameters of damper d, Kd /Kf, calculate T0 /Tf, Teq /Tf, and 
heq, and then obtain Rd and Rpa by using Eqs. (23) and (24). 
The plot for Rd-Rpa estimated for varied parameters is 
defined as “performance curve”. 

Assume μc=0.1, 1 = 0.22, 2 = 0.05 and hf = 0.02, the 
performance curves for  = 0.7, 1, and 2 are plotted in 
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Figure 4 Accuracy of prediction method 
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Figures. 5-7, where constant pseudo-acceleration spectrum 
Spa, and constant pseudo- acceleration spectrum Spa are 
considered separately. The ductility ratio for damper d＝1
～8 and damper stiffness ratio Kd /Kf＝0～2 are considered. 
The constant a in Dh is 75。 

Figures 5-7 show the following tendency. The use of 
large stiffness of damper and low yield strength can make 
the damper yield early, and produce large ductility ratio of 
damper. Such a design can reduce the displacement as well 
as shear force. This means the friction damper with high 
initial stiffness is very effective. On the other hand, if 
damper has high yield strength, the ductility ratio becomes 
small. In such a case, increasing stiffness ratio has little 
effect to reduce the displacement, and increase of shear force 
should be pay attention to. Comparatively, the response 
reduction effect in more significant in Spa = constant than 
that for Spv = constant.   

 
4.2 Passive control design based on performance curve 

The already-known include the initial period Tf, initial 
damping ratio hf, all structural parameters for RC frame, 
brace stiffness ratio Kb/Kf, target ductility ratio . Based on 
the performance curve, the passive control design to 
determine the quantity of damper can be performed as 
following.  
(1). Make performance curves for target ductility ratio .  
(2). Calculate responses of elastic frame uel, Fel.  
(3). Calculate the response reductions Rd, Rpa. 
(4). Determine the damper stiffness ratio Kd/Kf, with an 

assumed damper ductility ratio d. 
(5). Get the pseudo-acceleration reduction Rpa, and 

subsequently get maximum shear force of system. 
If both the target maximum force and maximum 

displacement are satisfied, the design is finished. 
 

5. DAMPER DISTRIBUTION RULE FOR MDOF 
SYSTEM  

5.1 Design procedure 
As outlined in Chapter 1, the present design method 

contains a rule to optimize damper distributions so as to 
produce uniform story drift angle that matches with the 
target value even for frames with irregularly distributed 
structural parameters.  

The writers have developed a series of design methods 
for elastic and elasto-plastic frames with various types of 
dampers, and validated them by extensive numerical tests 
considering arbitrary parametric distributions. The present 
study extends the previous methods to RC building 
structures typically having complex hysteretic properties.     
  The general design procedure is shown as follows.  
Step 1. Establish the required basic design data, including 

mass mi and story height hi of each story of building, 
and determine the target drift angle, design spectrum 
and earthquake motions for dynamic analysis.  

Step 2. Establish the constitutive model for each story based 
on the pushover analysis, and construct a MDOF 
shear beam model for building.  

Step 3. Reduce the degree of freedoms to get an equivalent 

SDOF model at target drift level. 
Step 4. Get the necessary damper quantity for SDOF system 

through performance curves.  
Step 5. Distribute damper into each story of MDOF system 

(Section 5.3). 
Step 6. Examine the performance of passive control system 

by time history analysis.   
 

5.2 Conversion of MDOF frame to SDOF frame 
The conversion of MDOF structural frame into an 

equivalent SDOF frame is divided into three cases according 
to the target drift angle θt. Firstly, the elastic stiffness of the 
equivalent SDOF system is estimated by,  
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where Heff is the effective height of the RC building, and 
straight-line mode giving uniform story drift angle is 
assumed, as often considered by the writers (Kasai et al. 
2006, 2010). 

The storage and dissipated energies are respectively 
assumed equal between equivalent SDOF system and 
MDOF system, namely,  
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Figure 5 Passive control performance curve（μ = 0.7） 
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In case of μi>1, namely, yielding happens in one or 
more stories at target drift angle θ, it is assumed similarly 
that μ>1 holds true for SDOF system. In addition to the 
previous two constraint conditions, μc and α2 of SDOF 
system are assumed to be the average value of μci, α2i of each 
story level of MDOF frame (Eq. (27)).  
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In this way, an equivalent SDOF system is determined. 
It is noted that the equivalent SDOF system depends on the 
target displacement level, because the equivalent SDOF is 
made based on the equivalence of damping and period 
SDOF and MDOF systems at specified performance level.     
 
5.3 Damper distribution rule for MDOF system 
  The damper quantity obtained in equivalent SDOF system 
is distributed to each story of MDOF system by using the 
following two constraint conditions.  
(a) The equivalent damping ratios of SDOF and MDOF 

passive control systems are equal. 
(b) The equivalent stiffness of passive control MDOF 

system at target drift angle is proportional to the story 
shear force Qi acting on each story.  

    Equations (28) and (29) are constructed based on the 
above conditions.    
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The stiffness of hysteretic damper distributed to i-th 

story Kdi is obtained as Eq. (30). 
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6. DESIGN EXAMPLE 

Time history analysis is performed to verify the 
accuracy of present design method. The x-direction of a 
7-story RC building considered in Kasai et al. (2011) is used 
as example. The total height of the building is 28.8m, and 
the fundamental period in x-direction is 1.43s. In reference 
11, the authors have converted the pushover curves into the 
tri-linear skeleton curves, whose parameters are shown in 
Table 1.  
    Four artificial earthquake waves including BCJ-L2, 
Hachinone, JMA Kobe, Tohoku University are used in 
design. These waves show almost constant 
pseudo-acceleration response spectrum between 0.16-0.64s, 
and constant pseudo-velocity spectrum over 0.64s. The 
response spectrum of 2% damping have constant spectrum 

Figure 8. Response spectra of ground motions 

 (a) Pseudo-velocity spectrum 

  (b) Pseudo-acceleration spectrum 

 Spv (cm/s) 

Spectrum for design  
Spectrum of each motion  
Average  

Spv=143(cm/s) 

0 1 2 3
0

50

100

150

200

hf=0.02 

 Spa (cm/s2) 

Spa=1434(cm/s) 

0 0.2 0.4 0.6 0.8 1
0

500

1000

1500

2000

hf=0.02 

Table1. Parameters for 7 story RC building structure
X-direction Story 

No. 
Wi   

(kN) 
hi   

(mm) Kfi 
(kN/mm) 

α1iKfi 
(kN/mm)

α2iKfi 
(kN/mm) 

uci   
(mm) 

uyi   
(mm) 

Fci   
(kN)

Fyi   
(kN)

7 5351 5000 73 68 3.7  10.0  31.5  733 2200
6 10417 4200 238 140 11.9  8.4  36.1  1947 5840
5 10084 3600 327 203 16.4  8.3  34.2  2667 8000
4 10221 3600 366 245 18.3  8.6  33.8  3139 9419
3 10427 3600 395 280 19.8  8.6  33.5  3467 10400
2 9369 4200 382 259 19.1  10.1  38.6  3776 11328
1 11152 4600 658 329 32.9  7.4  35.4  4686 14059

Table 2. Parameters for equivalent SDOF frame 

 Heff 
(cm)

Kf 
(kN/cm) α1 α2 μc μ hp 

θ=1/100 1889 1141 0.58 0.05 0.25 1.11 0.043

θ=1/75 1889 1141 0.57 0.05 0.25 1.48 0.081

Kdi(kN/cm) Kdi/Kfi Fdi (kN)
1040 1.42 1040
1036 0.44 870
1846 0.56 1329
2730 0.75 1966
3480 0.88 2506
3210 0.84 2696
561 0.09 516

a=75

7
6
5
4
3
2
1

階 Kdi(kN/cm) Kdi/Kfi Fdi (kN)
1446 1.98 1446
2083 0.88 1749
3581 1.10 2578
4903 1.34 3530
6027 1.53 4340
5631 1.48 4730
2977 0.45 2739

a=25

Kdi (kN/cm) Kdi/Kfi Fdi (kN)
635 0.87 847
361 0.15 405
725 0.22 696

1235 0.34 1185
1663 0.42 1597
1490 0.39 1668

0 0.00 0

a=75
Kdi (kN/cm) Kdi/Kfi Fdi (kN)

876 1.20 1168
972 0.41 1088

1728 0.53 1659
2483 0.68 2384
3117 0.79 2992
2863 0.75 3206
674 0.10 827

a=25

7
6
5
4
3
2
1

階

Table 3. Damper design results for MDOF system 

(b) θ=1/75 

(a) θ=1/100 

No.

No.
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of Spa=1434cm/s2 and Spv=143cm/s in corresponding range. 
The constant a in Dh uses 25 for JMA Kobe wave, and 75 
for other 3 waves.  

Through time history analysis, it is found that the 
7-story RC building produces very large story drift of about 
1/41 in 2nd and 3rd story when subjected to the design 
earthquake waves. In the passive control design, the target 
drift angle is set to be 1/75 and 1/100, which lead to ductility 
ratio of main frame of about 1.5 and 1.0 in each story. The 
parameters for the equivalent SDOF frame are shown in 
Table 2.  
    The target ductility ratio for damper is considered to be 
5. In terms of the proposed method, the damper stiffness 
ratios are designed as shown in Table 3. Figures 9(a) and 
9(b) show the maximum story drift of RC building for 
cita=1/75 design and cita=1/100 design, respectively. The 
response for building with dampers is shown by solid line, 
the response for building without dampers is shown by 
broken line. Before dampers are added, the building 
produces irregular story drift over the height, and very large 
story drift in 2nd and 3rd story. By adding the damper design 
by the proposed method inproportionally, the story drift 
angles are almost identical and satisfy the target value.  
       
7.  CONCLUSIONS 

This paper proposed a passive control design method 
for RC structure added with hysteretic damper. The dynamic 
properties of the system constituted by the main frame and 
the added component in parallel are discussed, the variation 
of equivalent period and damping were described.  

The dampers are designed by tuning the equivalent 
stiffness of the system so that an optimum equivalent 
stiffness distribution can be achieved at target drift by adding 
hysteretic dampers, while the earthquake energies are 
dissipated by plastic deformation of dampers as well. The 
time history analysis on structures with irregular distribution 
of structural parameters was performed, and good accuracy 
of the proposed method was verified. 
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Abstract:  The abundance of the earthquake events in the past has necessitated the use of seismic isolation devices for 
safety related structures. The ongoing research trend is mainly dealt with the improvisations and enhancing the 
sustainability of the base isolated nuclear power plants (NPPs). Recent seismic devastations in the eastern Japan have 
augmented the provisions of strict seismic guidelines and design for safety class structures against such events. The 
present study is carried out to evaluate the performance of isolated nuclear power plants subjected to long-period seismic 
excitations. The ground motions are selected according to the performance based regulatory guide for the safety related 
structures issued by U.S Nuclear Regulatory Commission (NRC). Seven seismic motions recorded during Tohoku 
earthquake with the high long-period component are applied to the base isolated NPP model. The obtained responses are 
compared with those resulted from ground motions of common nature. The results are discussed with the suggestions for 
the future research and provisions in the seismic code.     
 

 
 
1.  INTRODUCTION 
 

Recently, the issue of long-period ground motions is 
gaining importance because of the rapidly growing 
large-scale structures like high-rise buildings, sky 
scrapers, oil storage tanks and long span bridges. The 
medium and long-period structures such as base isolated 
buildings can also be affected by the long-period 
component of the far-source or near-fault seismic 
excitations. In this context, the devastating hit of Tohoku 
earthquake occurred off the pacific coast of Japan on 
March 11, 2011 has caused extreme disasters due to high 
tsunami waves and strong ground motions. As, the 
subduction zone earthquakes like Tohoku produce 
long-period, long-duration ground motions at larger 
distance from the rupture zone that tend the long-period 
structures to resonate for longer durations and can 
credibly lead to severe structural damages and stability 
hazards. Limited studies have been carried out on the 
categorization of the long-period character of a seismic 
input and the dynamic characteristics of medium and 
long-period structures subjected to such strong ground 
motions. 
 
    Tkewaki (2011) and Tkewaki et al. (2011) reported 
the severe aspects of the devastating Tohoku earthquake 
along with the response characteristics of the tall 

buildings under the resonance and critical impact of the 
recorded long-period motions. The observed velocity and 
earthquake input energy spectra strongly inferred the 
presence of fairly large long-period wave components in 
the Tohoku records. The buildings were noticed to 
efficiently damp the corresponding vibrations using 
high-hardness rubber dampers, in shorter durations 
comparative to the buildings without dampers. Xiang and 
Li (2000) analyzed the characteristics of long-period 
response spectra of strong ground motions recorded in 
US. The horizontal motion components were grouped in 
terms of site categorization and corner periods of the 
spectra were statistically determined corresponding to the 
design spectrum of China. The long-period spectra 
presented in this study were suggested to be referred for 
the revision of the seismic design code of buildings in 
China. Araki et al. (2011) examined the dynamic 
instability in high-rise steel moment resisting frames 
subjected to a pair of strong long-period ground motions. 
The drifting trend was found quite prominent in the lower 
stories when the natural periods of the high-rise steel 
frame were close to the dominant periods of the seismic 
inputs. Moreover, the drifting either led to residual inter 
story drift ratio over 0.01, or to collapse corresponding to 
the smaller design base shear. Hurtado et al. (1996) 
reported the stochastic response of isolated buildings 
subjected to strong bidirectional seismic inputs. The work 
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is mainly focused on the effects of the response of 
non-stationary character of the seismic excitation and the 
upshots of the biaxial loading. A sequence of low 
frequency cycles in the excitation has reflected its 
non-stationary nature and caused a credible increase in 
the displacements of the isolation device and the 
superstructure.  
 
    In this study, the performance and the probabilistic 
response of the base isolated nuclear power plants (NPPs) 
subjected to strong seismic motions have been 
numerically investigated using OpenSees platform 
(McKenna and Fenves, 2001). The earthquake inputs 
with fairly large long-period component and, of common 
nature are selected corresponding to the guidelines 
provided by the performance based regulatory guide for 
the safety related structures issued by U.S Nuclear 
Regulatory Commission (NRC) relevant to spectral 
compatibility. The dense recordings are obtained through 
the K-NET and KiK-net strong ground motion networks 
for Tohoku mega thrust earthquake. The comparative 
response of the base-isolated NPP under long-period and 
common earthquake inputs is taken under discussion to 
demonstrate the substantially significant impact of 
long-period ground motions. 

 
 
2.  THE NPP MODEL 
 

The structural stick model of the NPP reactor 
building (Lee and Song, 1999) was modeled in the 
OpenSees platform (McKenna and Fenves, 2001). The 
finite element model is 65.84 m long and contains 15 
nodes and 14 elements, where the first element initiating 
from the base comprises a highly stiff zero-length 
elastomeric bearing element as shown in Figure 2. The 
actual masses are transferred as lumped to the 
corresponding nodes of each element. The average 
translational mass associated to each node is 2221 
KN.s2/m where the mean area and moment of inertia of 
each element is 168.69 m2 and 39803.40 m4. The 
allowable displacement of the bilinear isolator is 
calculated using guidelines provided by Naeim and Kelly 
(1999). 
 
    Two sets of selected inputs were applied at the base 
of the NPP model with the PGA 0.2g. The response was 
recorded in terms of shear force, displacement and the 
hysteresis energy. The probabilistic mean of the responses 
were used for the significant comparison of the structure 
for both type of earthquakes. 

 
 
3.  SELECTION OF GROUND MOTIONS 

 
Tohoku earthquake is primarily considered because 

of its lengthy time history and better demonstration of the 

long-period component in the recorded spectra. 
Eventually, seismic motions of common nature were also 
recorded and so adopted from this event. In earthquake 
response analysis, the theory of response spectra is 
fundamentally involved where it further contributes to the 
design based methods for most of the seismic codes used 
worldwide. So, the input data for two groups of motions 
i.e. long and short-period; are selected based on the target 
spectrum specified by the NRC performance based 
regulatory guide. 

 

 

 

    Figure 2 sequentially shows the seven selected 
long-period and common ground motions recorded at 
different stations during Tohoku earthquake. The selected 
motions here are named after the stations at which it was 
originally recorded and extracted from K-NET and 
KiK-net ground motion record networks. The 
acceleration response spectra of long and short-period 
ground motions are shown in Figure 2(a, b), respectively, 
along with the NRC target spectrum.  Figure 2(c) 
signifies the mean spectrum of the two groups of ground 
motions and compared with the design spectrum. The 
maximum deviation in the mean spectra is noticed in the 
period range of 0.5 to 1.0 sec approx. The natural period 
1.345 sec, of the base isolated NPP and the corresponding 
average spectral acceleration of the mean long and 
short-period earthquake is clearly pointed in the figure. 
Beyond 1.345 sec, the spectra seem to go along the 
designed one whereas the major magnitude difference 
can be clearly seen before the specified time period. 
 

Figure 1 NPP reactor building and Stick Model 
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4.  RESULTS AND DISCUSSIONS 
 

The dynamic numerical analyses give the 
comprehensive picture of the performance of the NPP in 
terms of maximum displacement, attributed shear force at 
each node and the overall energy dissipated by the 
structure. 
 

    Figure 3(a, b) shows the nodal displacements of 

isolated NPP under long and short-period earthquakes. It 
can be observed that in both cases the isolator 
displacement is quite large and predominant such that the 
relative displacement of the superstructure is small which 
in turn can be neglected. In case of long-period inputs, the 
maximum displacement attained by the isolator is 0.16 m 
which is fairly large compared to that of short-period 
motions i.e. 0.12 m approximately. So, the deviation of 
the maximum displacement is 25% higher in case of 
long-period ground motions. If the mean values are 
observed, the deviating percentile almost approaches 
30% as the average displacement is 0.117 m and 0.082 m 
for long and short-period inputs, respectively. Even for a 
couple of long-period excitations, the isolated node is 
seemed to exceed the allowed displacement of 0.157 m 
but the limit is not crossed in case of common natured 
ground motions as shown in Figure 3(b). The evident 
generation and propagation of the long-period wave 
component, specifically from a far-source earthquake is 
distinctly elaborated in most of the seismic provisions. 
And, the scenario can turn cumbrous if the structure is 
located over deep soil plateau and in high seismic hazard 
area. Consequently, the long-period ground motion of 
even moderate intensity may cause failure of NPP. 

(a) 

(b) 
 

  

Figure 2 Acceleration response spectrum (a) long-period 
motions (b) short-period motions (c) comparison of mean 

spectra with NRC design spectrum 

Figure 3 Nodal displacements of the isolated NPP under 
(a) long-period ground motions (b) short-period ground 

motions 

0 1 2 3 4 5 6
0

1

2

3

4

5

6

7

8  NRC Spectrum
 CHB009-NS
 TKY005-NS
 TKY006-NS
 TKY007-NS
 TKY014-NS
 TKY015-NS
 TKY020-NS

S
pe

ct
ra

l A
cc

el
er

at
io

n 
(m

/s
ec

2
)

Time Period (sec)

0 1 2 3 4 5 6
0

1

2

3

4

5

6

7

8  NRC Spectrum
MYGH06-NS
AKT012-EW
AOMH06-EW
YMTH01-NS
YMN002-EW
YMT010-EW
YMT010-NS

S
pe

ct
ra

l A
cc

el
er

at
io

n
 (

m
/s

e
c2 )

Time Period (sec)

0 1 2 3 4 5 6
0

1

2

3

4

5

6

T
1
=1.345 sec

 NRC Design Spectrum
 Mean Long Period Spectrum
 Mean Short Period Spectrum

S
p

ec
tr

a
l A

cc
e

le
ra

tio
n

 (
m

/s
e

c2
)

Time Period (sec)

0.00 0.05 0.10 0.15 0.20
0

2

4

6

8

10

12

14

 

 CHB009-NS
 TKY005-NS
 TKY006-NS
 TKY007-NS
 TKY014-NS
 TKY015-NS
 TKY020-NS

Displacement (m)

N
o

d
e 

N
o.

0.00 0.05 0.10 0.15 0.20
0

2

4

6

8

10

12

14

 

 MYGH06-NS
AKT012-EW
AOMH06-EW
YMTH01-NS
YMN002-EW
YMT010-EW
YMT010-NS

Displacement (m)

N
o

d
e

 N
o

.

- 1393 -



 

 

   The shear forces along the NPP are shown in Figure 4. 
For the two groups of ground motions it can be seen that 
the maximum resistance is shown by the base followed 
by a couple of nodes from the bottom. The shear forces 
after the first two elements have shown a gradual 
descending trend which approaches to minimum at the 
top node. Figure 4(a, b) credibly reflects the higher effect 
of long-period components as the response is fairly 
amplified in this case due to greater intensity when 
compared to the short-period excitations 

(a) 

(b) 

(c) 
 
 
 

 
    For the clear demonstration, the comparative mean 
values are plotted in Figure 4(c) where the probabilistic 
values of the base shear for both long and short-period 
ground motions are illustrated in Table 1. The shear force 
at the base node due to long-period input can be 
visualized as 24% larger than short-period motions and 
the change in the difference of forces with the height is 
quite clear. A large deviation can be observed initially but 
it lessens up gradually with the elevation and the 
difference turned negligibly small at the end nodes.  

 

Long-period Short-period 
Mean 15910.84 12130.18 

Mean-Std 12066.46 9559.82 
Mean+Std 19755.23 14700.54 

 
    Table 2 describes the comparison of maximum 
hysteresis energy exhibited by the isolated NPP under 
long and short-period ground motions. The overall impact 
for both types of earthquakes is studied by comparing 
mean and standard deviation values to get the upper and 
lower limit of the effect. The 25 % higher mean values 
indicate the oppressive performance of the NPP under 
long-period ground motions.  

 
Long-period Short-period 

Record 
 Name 

Max. 
Energy 

Record 
 Name 

Max. 
Energy 

CHB009 20457.82 MYGH06-NS 5146.25 

TKY005 14130.03 AKT012-EW 11386.72 

TKY006 29772.95 AOMH06-NS 28880.00 

TKY007 8705.60 YMTH01-NS 16633.38 

TKY014 24911.28 YMN002-EW 8804.48 

TKY015 18080.67 YMT010-EW 15801.70 

TKY020 20203.73 YMT010-NS 16002.98 

Mean  19466.01  14667.64 

Mean - Std 12591.06  7091.58 

Mean + Std 26340.97  22243.70 

 

    The comparative energy dissipation phenomenon of 
the structure is portrayed in Figure 5. The maximum 
hysteresis energy is clearly dissipated by the structure 
when subjected to ground motions with large long-period 
component. Moreover, the initial energy change rate of 
NPP under short-period motion is noticeable. At point A, 
the NPP has responded in a similar manner for both types 
of excitations. Beyond that point, a gradual rise of the 
mean hysteresis energy is noticed for short-period 
motions up to point B at 170 sec and the corresponding 
slope i.e. slope 2, is quite mild. As the time ascends, the 

Table 2 Comparison of maximum hysteresis energy (KN.m)

Table 1 Comparison of shear force at base node (KN) 

Figure 4 Shear forces of the base isolated NPP under 
(a) long-period motions (b) short-period motions (c) 

comparison between mean shear forces 

0 5 10 15 20 25
0

2

4

6

8

10

12

14

 
N

od
e

 N
o

.

 CHB009-NS
 TKY005-NS
 TKY006-NS
 TKY007-NS
 TKY014-NS
 TKY015-NS
 TKY020-NS

Shear Force (x103 kN)

0 5 10 15 20 25
0

2

4

6

8

10

12

14

Shear Force (x103 kN)

 
N

od
e

 N
o.

 MYGH06-NS
 AKT012-EW
 AOMH06-EW
 YMTH01-NS
 YMN002-EW
 YMT010-EW
 YMT010-NS

0 5 10 15 20 25
0

2

4

6

8

10

12

14

 
N

o
de

 N
o

.

 Long Period
 Short Period

Shear Force (x103 kN)

- 1394 -



 

 

curve turns smooth and flat, depicting no further 
significant dissipation with time. However, slope 1 has 
shown an abrupt rising mechanism up to 145 sec and a 
gradual increase in the energy curve until it reached point 
C. No credible change in energy is observed after 220 sec 
time.   

 

 

 
5.  CONCLUSIONS 
 
    Since, after the devastating event of Tohoku 
earthquake, the curiosity of setting the guidelines in the 
seismic design code of structures has been keenly 
observed. The high-rise buildings and structures with 
medium and long natural periods were badly manifested 
by the long-period wave component of this event. The 
generation and propagation of such onerous attribute of 
these earthquakes are more associated with the far-source 
ground motions rather than near-fault. Such long-period 
wave motions can act more severe if the structures are 
located in the area of deep soil plateau and high seismic 
hazards. Hence, based on such arguments, the present 
study reports the response of base-isolated NPP subjected 
to long-period ground motions. The conclusions drawn 
from the study are as follows: 

 
    The maximum displacement attributed by the NPP 
under long-period inputs is 0.16 m which is fairly large 
than that under short-period motions i.e. 0.12 m 
approximately. Hence, the comparative displacement 
magnification is about 25%. For the average 
displacement exhibited, the deviating percentile has 
reached 30% higher in comparison to short-period 
ground motions. Moreover, for certain long-period 
earthquakes, the structure has exceeded the allowable 
displacement limit which in turn signifies the substantial 
failure of the NPP.  

 
    The structural model has shown great difference in 

the shear force resistance for the two groups of ground 
motions. Generally, under long-period excitations, the 
response is high but immense change in the difference of 
the force along the height is observed. The mean 
deviation is 24% at the initially stages which is gradually 
minified along the elevation and negligibly small at the 
top. In the similar manner, the mean hysteresis energy 
dissipated by the isolated NPP is 25% greater under 
long-period ground motion. It is observed that for the 
selected set of inputs, sharp change rate of mean 
hysteresis energy is noticed in the curve for long-period 
ground motions. The curve ascends gradually and turns 
flat as the time reaches 220 sec. While, for short-period 
motions the hysteresis energy curve sharply rises and 
beyond 170 sec no credible change in energy dissipation 
is observed. 

 
Hence, under long-period ground motions the 

overall response of the base-isolated NPP is seen to be 
amplified by 25%. So, it can be inferred that such ground 
motions can cause magnified damages and hazards to the 
NPP in similar proportions. This fact necessitates the 
need to consider the effects of long-period components of 
earthquakes in the seismic design provisions of the safety 
related and high-rise structures with greater natural 
periods such as base-isolated NPP.  
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Abstract: In the design of seismic isolated buildings, it is a general requirement of ASCE 7 that the analysis consider 
possible variations in the mechanical properties of the isolation system. Uncertainty in the mechanical behavior of 
individual isolator units at the time of installation include natural variation in behavior due to manufacturing processes and 
material properties. Currently, there are no explicit recommendations for accommodating uncertainty in either a single 
unit or in the total isolation system consisting of multiple isolator units in parallel. Code provisions imply that variation in 
the system properties are taken as either the maximum and minimum effective stiffness and minimum equivalent damping 
(as appropriate) for a single isolator unit based on prototype testing. This approach, however, is overly-conservative and 
does not account for the likely statistical distributions associated with structural systems composed of multiple nonlinear 
units in parallel. In this paper, a reliability-based approach is taken to assign rational bounds to effective stiffness and 
equivalent damping used for analysis. This approach is based on allowable variation in physical properties of bilinear 
isolators as measures from production testing. Rigorous probabilistic methods are used to develop an approach which is 
applicable to both sliding and elastomeric bearings. Accuracy of the proposed methodology is established through Monte 
Carlo analysis. 

 
 

1. INTRODUCTION 

Acceptance criteria for production bearings is generally 
based on some derived mechanical properties from a testing 
program meeting a range specified in the contract 
documents by the design engineer. The most common 
derived properties specified are effective stiffness and 
effective damping. These properties are derived from 
hysteretic relations that depend of physical properties of the 
bearing components. Physical properties include yield force 
and rubber shear stiffness for elastomeric bearings, and 
friction coefficient and geometric stiffness for sliding 
bearings. The values of these parameters are generally 
subject to inherent random variations which may be reduced 
but rarely eliminated. This paper summarizes a rational 
method to estimate upper- and lower-bound effective 
stiffness and damping for a single device, or an isolation 
system consisting of a collection of devices. 

2. DEFINITIONS 

By the definitions of ASCE 7 [2005], the upper- and 
lower-bound effective stiffness for the isolation system is 
computed at some displacement amplitude D as 

 

max max
max

min min
min

2

2

F F
k

D

F F
k

D

+ −

+ −

+
=

+
=

∑ ∑

∑ ∑
 (1)a,b 

where the summation is over all isolator units, of the 
maximum absolute value of force at a positive displacement 
equal to D. Furthermore, the equivalent viscous damping is 
defined as 

 
2

max2
DE

k D
β

π
= ∑  (2) 

It is noted here that, regardless of the stiffness observed for a 
particular isolator unit, the maximum stiffness is assumed 
such that the effective damping is minimized for 
conservatism. To presume that a low effective stiffness 
could be realized in combination with a low effective 
damping is to ignore the underlying parameters contributing 
to both. It is unreasonable and inconsistent to stipulate this 
impossible combination of parameters, and it is much 
preferable to develop a rational method such as the one 
proposed here. 

It is possible to re-write the above expressions for 
stiffness and damping in such a way that the contributions 
of each isolator are more apparent. If we assume an isolator 
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is tested at fully reversed cycles with displacement 
amplitude D then the maximum and minimum effective 
stiffness simply becomes  

 max ,max min ,min
1 1

,
N N

j j
j j

k k k k
= =

= =∑ ∑  (3) 

Additionally, the effective damping can be re-written 
similarly as 

 
1

1 N

j
jN

β β
=

= ∑  (4) 

Where jβ  follows the definition in Eq. (2) without the 
summation. With these slightly modified definitions, the 
effective system properties are clearly described as 
summations of the effective isolator properties which 
compose the system. These definitions are used in 
subsequent discussions where a distinction between system 
and device properties is needed. 

3. INDIVIDUAL ISOLATOR UNIT VARIABILITY 

First we examine the likely variation of effective 
properties for a single device given an assumed statistical 
distribution of physical properties. A single isolator unit is 
assumed to be comprised of a linear restoring mechanism 
with stiffness k in parallel with an elasto-perfectly plastic 
(EPP) energy dissipation mechanism with yield force q. 
Here we assume the yield displacement uy of the EPP 
dissipator is small compared to the displacement demand um, 
and can therefore be ignored. Given some imposed cyclic 
displacement of amplitude um on this isolator, a 
force-displacement loop can be constructed as in Figure 1.  

q k
ke

um

f

uy u

q k
ke

um

f

uy u

 
Figure 1: Idealized force-displacement for isolator unit 

 
As defined in ASCE 7, for equivalent static analysis, 

the isolator unit is characterized by effective stiffness and 
effective damping. Given some stiffness k, strength q, and 
displacement amplitude um, the effective stiffness ek  
(indicated in Figure 1) and effective damping eζ , can be 
expressed as [Naeim and Kelly, 1999]  

 
1 2

,e e
m m

q
k q k

u q ku
ζ

π
= + =

+
 (5)a,b 

In the case of either elastomeric or sliding types of bearing, 
both the stiffness k and strength q could be considered 
random, so we let K denote the random stiffness, and Q 
denote the random strength. With no information to suggest 
a distribution a priori, the uniform distribution is a 
reasonable candidate as it is generally considered 
uninformative. The input parameters of the uniform 
distributions are the bounds over which the random variable 
is constrained to exist. We define some uniform random 
stiffness  

 ˆ ˆ(1 ) (1 )K Kk K kα α− ≤ ≤ +  (6) 

where k̂  is the target stiffness, and Kα  defines the range 
over which K may exist (henceforth, a carat over a variable 
indicates this is a target quantity.) From the properties of the 
uniform distribution [see Gut, 2009], the mean, variance, 
and coefficient of variation (c.o.v.) of K is defined as 

 
2 2

2
ˆ

ˆ, ,
3 3

K K
K K K

k
k

α α
μ σ δ= = =  (7) 

We similarly define some uniform random strength 

 ˆ ˆ(1 ) (1 )Q Qq Q qα α− ≤ ≤ +   (8) 

where q̂  is the target strength, and Qα  defines the range 
over which Q may exist. Therefore the mean, variance, and 
c.o.v. of Q is 

 
2 2

2
ˆ

ˆ, ,
3 3

Q Q
Q Q Q

q
q

α α
μ σ δ= = =  (9) 

The assumed uniform probability densities for random 
stiffness K and strength Q as defined above are shown in 
Figure 2.  

fK(k)

k

q

fQ(q)
k̂ ˆ(1 )Kk α+ˆ(1 )Kk α−

q̂ ˆ(1 )Qq α+ˆ(1 )Qq α−

fK(k)

k

q

fQ(q)
k̂ ˆ(1 )Kk α+ˆ(1 )Kk α−

q̂ ˆ(1 )Qq α+ˆ(1 )Qq α−  
Figure 2: Assumed probability densities for random 

variables K and Q 
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By Eq. (5)a, the random effective stiffness eK  is 
simply a linear combination of K and Q, so the mean, 
variance, and c.o.v of eK  is given by 

 

2
2 2

2

2 2 2

ˆ ,Q Q
Ke e K Ke K

m m

Q m K

Ke
Q m K

k
u u

u

u

μ σ
μ μ σ σ

σ σ
δ

μ μ

= = + = +

+
=

+

 (10) 

The estimation of the uncertainty associated with the 
random effective damping eZ  is not direct since random 
variables Q and K appear in both the numerator and 
denominator. However, approximation-based techniques 
may be used to estimate the mean and variance of eZ . First, 
we re-write eZ  in terms of the effective stiffness eK  so 
that only a single random variable appears in both the 
numerator and denominator. Noting that e m mK u Q Ku= + , 

 
2

e
m e

Q
Z

u Kπ
=  (11) 

An expression for the approximate mean of a quotient of 
two random variables based on a second-order Taylor 
expansion is given by Mood et al. (1974) as 

 ( )
( )

2
2

ˆ

2 Cov(2 , )
1Q m e

Ze Ke
m Ke m Ke

e

Q u K

u u

ζ

μ π
μ δ

π μ π μ
≈ + −  (12) 

where the target effective damping ˆ
eζ  is indicated. Since 

eK  is a linear function of Q, they are clearly not 
independent, and the covariance must be computed. It is 
easy to show that 2Cov( , )m QQ Q u K σ+ = , and setting 

e m mK u Q u K= +  implies that 2Cov(2 , ) 2m e QQ u Kπ π σ= . 
After substitution, Eq. (12) simplifies to 

 ( )
2

2 2ˆ 1 Q
Ze e Ke

Ke mu

σ
μ ζ δ

π μ
⎛ ⎞

≈ + − ⎜ ⎟
⎝ ⎠

 (13) 

It is noteworthy that the target effective damping êζ  is 
generally not an unbiased estimator of the random effective 
damping eZ , whereas ˆ

ek is an unbiased estimator of eK . 
Furthermore, the approximation of the variance of a 
quotient by Mood et al. (1974) is given as 

 
2

2 2 2

ˆ

2 Cov(2 , )Q m e
Z Q Ke

m Ke m Q Ke

e

Q u K

u u

ζ

μ π
σ δ δ

π μ π μ μ
⎛ ⎞⎛ ⎞

≈ + −⎜ ⎟⎜ ⎟ ⎜ ⎟⎝ ⎠ ⎝ ⎠
 (14) 

Applying the above-expression for covariance yields the 

variance estimate of eZ  

 2 2 2 2
2ˆ Q Q

Ze e Q Ke
Ke mu

δ σ
σ ζ δ δ

μ
⎛ ⎞

≈ + −⎜ ⎟
⎝ ⎠

 (15) 

With expressions developed for the mean and variance of 
the common derived properties effective stiffness and 
effective damping, it is possible to extend this to a rational 
bounding analysis framework. 

Bounding analysis formula 

Given the estimates of mean and variance for key 
isolator parameters, we wish to construct rational bounding 
intervals for these parameters given some target reliability. 
Here we develop the general framework for constructing 
such bounding intervals.  

The Vysochanskij–Petunin inequality [1980], a 
refinement to the well-known Chebyshev inequality [Gut, 
2009], applies to any real-valued random variable X 
characterized by an arbitrary uni-modal distribution and 
having finite variance. The inequality is stated in the 
following form  

 
2

4
1

9X XP X n
n

μ σ⎡ − < ⎤ ≤ −⎣ ⎦  (16)a,b 

Where Xμ  and Xσ  are the mean and standard deviation 
of X, respectively, and 8 / 3 1.63n ≥ ≈ . This inequality 
establishes an upper bound on the likelihood that some 
sample varies from its expected value by more than n 
standard deviation. For instance, the likelihood that some 
sample of an random variable is more than three standard 
deviations from its mean is at most 4.94%. 

Suppose one is interested in establishing conservative 
bounds on some random variable X such that a sample falls 
within these bounds with probability no less than p. 
Defining the coefficient of variation as /X X Xδ σ μ= , 
from Eq. (16)b we can write the bounding probability as 

 [ ] 2

4
(1 ) (1 ) 1

9X X X XP n X n
n

μ δ μ δ− < < + = −  (17) 

We are interested in the number n that defines the interval 
over which there is a likelihood p that X lies within this 
interval. Setting the expression above equal to p, we 
compute n as 

 
2

3 1
n

p
=

−
 (18) 

The target interval is conveniently expressed as 
[ ](1 ), (1 )X X X Xμ α μ α− + , where Xα  is a bounding 
factor (strictly less than one) which defines the interval as 
some percentage of the mean (e.g. 0.50Xα =  is 
equivalent to X being assumed to lie within 50%±  of its 
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expected value.) Setting X Xnα δ=  and substituting n 
from Eq. (18) into Eq. (17), we arrive at a definition of the 
bounds on X as 

 

[ ](1 ) (1 )

2

3 1

X X X X

X
X

P X p

p

μ α μ α
δ

α

− < < + =

=
−

  (19) 

This formulation may be applied to the problem of 
establishing bounds on the assumed effective stiffness and 
effective damping for an isolator unit. 

Application of bounding formula to equivalent 
stiffness and damping 

From the previous section, an appropriate bounding 
interval for the effective stiffness of a single unit is 

 ˆ ˆ(1 ) (1 )e Ke e e Kek K kα α− ≤ ≤ +  (20) 

Where ˆ
ek  is the target effective stiffness. From Eq. (19), 

the bounding factor can be computed from 
eKδ  in Eq. (10) 

as 

 
2 2ˆˆ( ) ( )2

ˆ 3(1 )3

Q K m
Ke

e m

q ku

pk u

α α
α

+
=

−
 (21) 

Stated succinctly, the effective stiffness would be expected 
to fall with the range of the target value Keα±  with a 
probability p. 

The same approach can be taken to estimate bounds on 
effective damping. As before, we define the bounding 
interval for damping as 

 ˆ ˆ(1 ) (1 )e Ze e e ZeZζ α ζ α− ≤ ≤ +  (22) 

where êζ  is the target effective damping. From Eq. (19) 
the bounding factor is computed as 

 
2

3 1
Ze

Ze

Ze p

σ
α

μ
=

−
 (23) 

where ,Ze Zeμ σ  are defined approximately in Eqs. 
(13),(15). As with stiffness, the effective damping would be 
expected to fall with the range of the target value Zeα±  
with a probability p. 

4. ISOLATION SYSTEM VARIABILITY 

Here we extend the treatment of uncertainty in a single 
isolator unit to a group of N isolators. In developing 
bounding friction values for nonlinear response history 
analysis (NLRHA). In what follows, it is assumed that a) all 
isolators are from the same production process and b) all 

isolators in a group subject to an earthquake have equal 
lateral displacement. 

Let the total effective stiffness for an isolator group of 
N units be expressed as 1eff Ne eK K K= + +  where ejK  
is the random effective stiffness of the jth unit. Each 
effective stiffness is characterized by some expectation 

Keμ  and variance 2
Keσ , as defined previously. We assume 

that all ejK  are independent and identically distributed. 
The expectation of the total effective stiffness is then  

 1[ ]eKeff eN KeKE NKμ μ+ =+=  (24) 

Furthermore, the variance of the total effective stiffness is 

 1
2 2[ ]Keff eN Ke eKV NKarσ σ+ =+=  (25) 

Now, we can define a new random variable 

 eff Ke

Ke

K N

N
Z

μ

σ

−
=  (26) 

where Z is some total effective stiffness which has been 
normalized by subtracting its expectation and dividing by its 
standard deviation. From the well-known Central Limit 
Theorem (CLT), as the number of isolators in the group 
becomes large, the distribution of Z converges to standard 
normal, or Gaussian with zero mean and unit variance. This 
fact is true even though the distribution of eK  is unknown, 
so long as they are independent and identically distributed. 
As a result of Eq. (26), the total effective stiffness effK  is a 
Gaussian random variable with a mean KeNμ  and a 
standard deviation Ke Nσ . 

We also wish to estimate the distribution of the 
effective damping for the isolation system. Let the total 
effective damping of the isolation system be the average of 
all units, expressed as 1 ) /(eff e NeZ Z NZ= + +  where 

ejZ  is the random effective damping of the jth unit. As 
before, each effective damping is characterized by some 
expectation Zeμ  and variance 2

Zeσ . Following the same 
logic as with effective stiffness, Zeff Zeμ μ=  and 

2 2 /Zeff Ze Nσ σ= . 
To form an estimate for upper- and lower-bound total 

effective stiffness for a group of N isolators, we may use a 
confidence bound approach. Suppose we wish to estimate 
the bounds of effK  such that there is a 95% chance that the 
actual total effective stiffness will fall within the defined 
upper- and lower-bound. Given the Gaussian distribution of 

effK  based on the CLT, the 95% confidence bounds on 

effK  are computed as 

 2 2Ke Ke eff Ke KeN N K N Nμ σ μ σ− ≤ ≤ +  (27) 

Recall that Keμ  and Keσ  are the mean and standard 
deviation, respectively, of the effective stiffness of a single 
isolator unit as defined in Eq. (10). 

Similarly, the 95% confidence bounds on effective 
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damping can be computed as  

 
2 2Ze Ze

Ze eff ZeZ
N N

σ σ
μ μ− ≤ ≤ +  (28) 

where Zeμ  and Zeσ  are the mean and standard deviation, 
respectively, of the effective damping of a single isolator 
unit as defined in Eq. (13) and (15). 

Suppose we wish to estimate the likelihood that the 
isolation system stiffness effK  exceeds m standard 
deviations of the individual expected isolator effective 
stiffness. Since we have shown that 

2( , / )eff Ke KeK N Nμ σ∼ , it is simple to express this 
likelihood as  

 ( )1eff Ke KeP K m m Nμ σ⎡ ⎤> + = −Φ⎣ ⎦  (29) 

Consider an isolation system is composed of only 9 bearings, 
a minimum number of bearings possible for a full-size 
structure. If the upper bound system stiffness is taken as the 
mean plus m = 2 standard deviations of the individual 
isolator stiffness, the likelihood of the system stiffness 
exceeding this upper bound is computed in the usual way as 

101 (2 9) 9.8659 10p −= −Φ = × , or about 1 in a billion. 
This constitutes a stringent upper bound criteria, and is no 
doubt much more conservative than what is done for 
conventional structural systems. The procedure described 
herein promotes a more rational method of establishing 
bounding properties. 

5. ACCURACY OF PROPOSED BOUNDING 
ANALYSIS FRAMEWORK 

To validate the accuracy of the proposed bounding 
analysis framework, results of the above-described 
procedure are compared to those obtained from Monte 
Carlo simulations. We assume an isolation device which 
supports a unit weight of 1 kN, with a target post-yield 
stiffness ˆ 4.471k =  kN/cm that gives a period T = 3 sec, 
and a target strength ˆ 0.07q = . Assume the allowable 
variation in strength is 50%±  and the allowable variation 
in stiffness is 25%± . This implies 0.5, 0.25Q Kα α= = . 
Furthermore, suppose the test displacement is mu = 50 cm, 
which gives a target effective period ˆ 2.62eT =  sec and 
effective damping  ˆ 0.152eζ = .  

To compare the bounds computed for an isolator with 
the above properties, 50,000 Monte Carlo samples were 
generated assuming uniform distribution of strength Q and 
stiffness K. For each sample, the effective stiffness and 
damping are computed. The bounds are then computed 
from the resulting empirical distribution (shown in Figure 
3.) A comparison of the bounds on both effective stiffness 

eK  and effective damping eZ  are reported for three 

levels of reliability p = 0.8, 0.9, 0.95. It is clear from this 
table that for all cases the framework developed gives 
bounds which are reasonable close top those obtained from 
Monte Carlo analysis. As the level of reliability increases 
(hence the conservatism), the framework gives wider (and 
therefore more conservative) bounds. This is a desirable 
property in the case of a bounding analysis methodology.   

 
Table 1: Comparison of computed bounds with Monte 
Carlo estimates 

Formula 4.74 7.01 9.57% 20.70%

MC 4.84 6.89 9.99% 20.23%

Formula 4.27 7.48 7.27% 23.00%

MC 4.61 7.13 9.08% 21.44%

Formula 3.60 8.14 4.01% 26.26%

MC 4.44 7.30 8.41% 22.33%

* Formula = method developed in this paper, MC = Monte Carlo

p  = 0.95

K e  bounds (kN/cm) Z e  bounds

p  = 0.8

p  = 0.9
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Figure 3: Empirical probability density for Ke (left) and 
Ze (right) 

6. CONCLUSIONS 

This study focused on the development of rational 
bounds for important isolator properties. The framework 
assumes a uniform distribution for physical properties of an 
isolator such as yield strength and post-yield stiffness based 
on allowable production bearing variation, which are 
applicable to both elastomeric and sliding devices. From 
this distribution, the upper- and lower-bound effective 
stiffness and damping are computed given some target level 
of reliability, for both a single device or a system composed 
on many devices. Finally, Monte Carlo methods are used to 
establish the accuracy of the proposed framework. 
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Application of the framework described in this paper will 
lead to less conservative but more rational and appropriately 
realistic analysis of isolated structures. 
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Abstract:  Fluid Viscous dampers added to structures to protect structural members, nonstructural components, and 
building contents. In new building construction, dampers are designed and sized to forces produced by the maximum 
considered earthquake intensity. The efficacy of dampers in providing seismic protection and the code-prescribed 
methodology for design of these units have been validated by the excellent performance of buildings fitted with dampers 
in the past earthquakes. However, little data is available for buildings with viscous dampers subjected to large earthquakes. 
A multi-year research project is underway investigating the seismic performance of building with dampers subject to 
large earthquakes. Initial analyses revealed that the limit states of viscous dampers have a significant effect on the 
response of the building to which they are installed. Experimental data from laboratory tests of dampers were used to 
calibrate a model of viscous dampers with limit states. Next, analytical model of steel buildings with viscous dampers, 
incorporating damper limit states, were prepared and subjected to incremental dynamic analysis to determine the collapse 
performance. Analysis showed that performance of the buildings with viscous dampers was acceptable when subjected to 
large earthquake. Furthermore, the use of factors of safety to delay the onset of reaching limit states was seen to be 
beneficial and cost effective. 

 
 
1.  INTRODUCTION 
 

Viscous dampers were originally developed as shock 
absorbers for the defense and aerospace industries. In re-cent 
years, they have been used extensively for seismic application 
for both new and retrofit construction. During seismic events, the 
devices become active and the seismic input energy is used to 
heat the fluid and is thusly dissipated. Subsequent to installation, 
the dampers require minimal maintenance. They have been 
shown to possess stable and dependable properties for design 
earthquakes. Figure 1 depicts the application of dampers to a 
new building in California (Miyamoto and Gilani, 2008). 

 

Figure 1. Steel moment frame with dampers 

 
At the time of this research, no comprehensive study had 

been undertaken to investigate limit state of viscous dampers and 
to characterize the effect on the building once a damper limit 
state is reached. This paper presents some preliminary result 
from a comprehensive research currently underway to address 
this issue. Since dampers are ideal for drift control in steel 
moment frame buildings, the investigation is focused on this type 
of construction. 
 
2.  MODELING OF VISCOUS DAMPERS 
 
2.1 Component of Viscous Dampers 
 

Viscous dampers consist of a cylinder and a stainless steel 
piston. The cylinder is filled with incompressible silicone fluid. 
The damper is activated by the flow of silicone fluid between 
chambers at opposite ends of the unit, through small orifices. 
Figure 2 shows the damper cross section. 

 

Figure 2. Viscous damper cross section 
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2.2 Maxwell Model 
 

In most applications, the dampers are modeled as simple 
Maxwell model of Figure 3. The viscous damper itself is 
modeled as a dashpot in series with the elastic driver brace 
member. Such model is adequate for most design applications, 
but is not sufficiently refined for collapse evaluation. In particular, 
force and displacement limit states are unaccounted.  

 

Figure 3. Maxwell model 

 
2.3 Damper Limit States 
 

Although dampers are comprised of many parts, the limit 
states are governed by a few elements. The dampers bottoms out, 
once the piston motion reaches its available stroke. This is the 
stroke limit and results in transition from viscous damper to a 
steel brace with stiffness equal to that of the cylinder wall. The 
force limit states in compression and tension are governed by the 
buckling capacity of the driver brace and the tensile capacity of 
the piston rod, respectively. 
 
2.4 Advanced Model for Viscous Dampers 
 

Figure 4 presents the proposed refined model for viscous 
dampers. This model is developed to incorporate the pertinent 
limit states and consists of five components. The constitutive 
relation for the refined model in terms of force, velocity, and 
displacement is listed in (Eq 1) 

 

Figure 4. Refined model 

 

 (1) 

 
The damper components are as following: 
 

• The driver used to attach the damper to the beams and 
columns is modeled as a nonlinear spring. 

• The piston rod and undercut is modeled as a nonlinear 
spring. The piston undercut is the machined down section 
between the end of the piston and the start of the piston 
male threaded part. In tension, the undercut section of the 
pi-ton can yield and fracture.  

• Dashpot is used to model the viscous component. 
• Gap element and linear springs (are used to model the limit 

state when the piston retraction equals the stroke). The 
elastic stiffness depends on the damper construction and its 
cylinder properties.  

• Hook elements and linear springs are used to model the 
limit state when the piston extension reaches the damper 
stroke. The stiffness is the same as that associated with the 
gap element. 
 

2.5 Response of the Limit State Model 
 

In analysis, once the stroke limit is reached, the damper 
becomes numerically equivalent to a steel brace. Upon 
unloading, this process is reversed. When the force limit is 
reached, the entire damper is ineffective and thus permanently 
removed, even after unloading. The sudden transmissions 
between viscous damper, steel brace, and no members can 
impart large impact forces on the structure. 

At the instant that the gap closes, the damper force is zero. 
However, as loading is continued, the unit displacement can 
increase due to deformation in the cylinder wall and thus velocity 
is non-zero. At the large peaks, the damper force, which is 
algebraic sum of the force in the dashpot and the cylinder wall, 
can be smaller than the force resisted by the wall cylinders. This 
is because the forces in the viscous element and cylinder wall can 
be out-of-phase.  

 
3 ANALYTICAL SIMULATIONS 

 
3.1 Overview 
 

To illustrate the response of the refined model and illustrate 
its capability to capture all the limit states, simulations were 
conducted. The damper was modeled in program OpenSees 
(PEER 2009a) using the refined model. All analysis was 
conducted using a sinusoidal displacement loading function. The 
damper used in simulation is the 700-kN unit and has a 
constitutive relation (force in kN and velocity in mm/sec) of Eq. 
2 

 (2) 

3.4 Displacement and force limits 
 

The stroke limit is reached first. If the loading is increased, 
then the driver will buckle in tension or undercut will yield and 
fracture in tension. This simulation was conducted to investigate 
the damper response for the limit state of piston fracture 
following bottoming out of damper at full extension. The 
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response is shown in Error! Reference source not found.. At 
4.5 sec in the response, the piston extension reaches the stroke 
limit and the damper bottoms out. At this point, velocity is zero 
and thus the force in the viscous element drops to zero. The 
damper acts as a elastic brace. The undercut yields but does not 
fracture. Loading is then reversed. This results in the 
disengagement of cylinder walls, and re-loading of the viscous 
component. At 5.3 sec, piston bottoms out again. The damper 
again becomes an elastic brace. Loading is increased further 
resulting in fracture of undercut. The entire damper is now 
ineffective and removed.  
 
3.5 Response to Earthquake Acceleration 

The damper was next subjected to the 1994 Kobe record to 
assess its performance of the damper. The unsealed input 
acceleration is shown in Figure 5a, and was used as acceleration 
input along the axis of the damper element. Figure 5b presents 
the response at 100% intensity. Note that the response is that of 
the pure viscous damper and no limit states are reached. Next the 
record was amplified to 125% and the response is shown in 
Figure 5c. Even such modest amplification, resulted in the 
damper reaching its displacement limit and bottoming out in 
both tension and compression. Once damper bottomed, large 
elastic forces (twice the maximum viscous force) were generated 
and which must be resisted by steel members in structural 
applications. Finally, the force limit state was reached when the 
record was amplified by 175%; see Figure 5d. This is not a large 
scaling. The damper bottomed out in compression twice, 
followed by bottoming in tension which leads to the yielding and 
fracture of piston undercut. After this point, the damper is 
completely ineffective. In structural applications, this implies 
removal of beneficial supplementary energy from the system. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

a. Damper 

b. Viscous element 

c. Gap/hook element and cylinder walls 

d. Damper hysteresis 

Response for compound case 
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a. Input acceleration 

b. Response, 100% event 

c. Response, 125% event 

d. Response, 175% event 

Figure 5. Response to amplified Kobe record 

 
 

3.6 Correlation with Laboratory Testing  
 

Experimental data from a damper (Taylor, 2009) was used 
to assess the accuracy of the refined mathematical model of 
dampers. This damper was laboratory tested and was subjected 
to large velocity and displacement pulses in succession and 
experienced several of its limit states. This damper had a 
nominal capacity of 2000 kN at a velocity of 330 mm/sec. It had 
a stroke of 140 mm, a damping constant of 3.5 kN/mm and a 
damping exponent of 0.5. Hence its constitutive relation (force in 
kips and velocity in in./sec), in the design range, is written as in 
Eq 3. 

5.0)sgn(5.3 vvF =
 (3) 

The damper was placed in the test rig and subject to a 
displacement loading history. The unit was placed with its piston 
extended to within 10 mm of the stroke limit prior to start of the 
displacement cycles.  

The experimental displacement, velocity, and force 
responses are presented as solid lines in Figure 6a through Figure 
6c, respectively. The damper limit states are identified in this 
figure.  

At 4.3 sec, the unit was pulled in tension at 910 mm/sec and 
stopped just before it bottomed. This large velocity was close to 
300% of its nominal design. This resulted in the forces 
developed in the damper that exceeded the nominal value 
computed from the constitutive relation. 

At 4.61 sec, the damper bottoms out in tension, resulting in 
sharp increase in the measured force. This is followed by tensile 
yielding. The displacement response after this point is nearly flat 
with a slight increase due to yielding.  

Finally at 4.68 sec, fracture occurs and the damper load 
drops to zero. After this time, no force can be transferred by the 
damper. 

The dashed lines in these figures represent the results obtain 
from simulation using the refined damper element. Good 
correlation is obtained between the experimental data and 
analytical simulations. The analytical model was able to capture 
the bottoming of the damper and tensile fracture correctly.  

Figure 6d presents the force-displacement hysteresis and 
the dissipated energy in the damper. The analytical model 
captures the experimental responses closely, implying that the 
analytical model is able to reproduce the energy dissipation 
properties of the laboratory-tested unit. 
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a. Displacement 

 

b. Velocity 

 

c. Force 

 

d. Damper hysteresis 

Figure 6. Experimental and analytical results 

4. ANALYSIS PROCEDURE 
 
4.1 Ground Motions 

The input histories used in analysis were based on the two 
components of the 22 far-filed (measured 10 km or more from 
fault rupture) NGA PEER (2009b) records. These 44 records 
have been identified by ATC 63 (FEMA 2009) for collapse 
evaluation analysis.  The selected 22 records correspond to a 

relatively large sample of strong recorded motions that are 
consistent with the code (ASCE/SEI 7) and are structure-type 
and site-hazard independent. Figure 7 presents the acceleration 
response spectra for these records. The design MCE spectrum is 
shown as the thick solid line in the figure. For analysis, the 44 
records were first normalized and then scaled.  Normalization 
of the records was done to remove the record-to-record variation 
in intensity.  

 

Figure 7. Response spectra of original records 
 
4.2 Model Properties 
 

Program OpenSees (PEER 2009a) was used to conduct the 
nonlinear analyses described in this paper. Pertinent model 
properties are listed here. 

• Analytical models are two-dimensional 
• Beam and column elements, are represented as one 

dimensional frame elements. The members are 
prismatic and linear. 

• Material nonlinearity is represented by 
concentrated plastic hinges represented by RBS 
hinges placed at the center of the reduced section 

• The damper element is represented by the refined 
model including the limit states. 

4.3 IDA 
For collapse analysis, the normalized records are then 

scaled upward or downward to obtain data points for the 
nonlinear incremental dynamic analysis (IDA) simulations 
(Vamvatsikos and Cornell, 2004). 
 
5. APPLICATION TO STEEL BUILDINGS 
 
5.1 General 
 

To illustrate the concepts described in this paper, design and 
analysis of a group of archetypes with viscous damping was 
conducted.  

A total of 15 archetypes (from one to thirty story buildings) 
are currently under consideration. The basic geometry and 
distribution of dampers for these models are summarized in 
Table 1. The selected building models will be regular in plan and 
elevation with a dominant first mode response. The period of tall 
buildings is limited to approximately 5 sec to ensure sufficient 
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energy is present in the input histories. The investigations for all 
but the 20- and 30-story structures have been completed.  

 
The frames were designed using the code provisions and 

special requirements for SMRFs. The ASCE 7 maximum period 
used to compute base shear period is used for evaluation.  A 
typical 5-story archetype is shown in Figure 8. 

 

 
 

Figure 8. Five-story archetype 

 
Table 1. Archetypes 

Archetype Stories Column 
base 

Story 
Drift 
Ratio, % 

Damper FS 

O1 1 Pinned 2.5% 1.0
O2 1 Pinned 1.0% 1.3
O3 1 Fixed 2.5% 1.0
O4 1 Fixed 1.0% 1.3
A1 2 Pinned 2.5% 1.0
A2 2 Pinned 1.0% 1.3
A3 2 Fixed 2.5% 1.0
A4 2 Fixed 1.0% 1.3
B1 5 Fixed 2.0% 1.0
B2 5 Fixed 1.0% 1.3
C1 10 Fixed 2.0% 1.0
C2 10 Fixed 1.0% 1.3
D1 20 Fixed 2.0% 1.0
D2 20 Fixed 1.0% 1.3
E1 30 Fixed 1.0% 1.0
 

O4 1 Fixed 1.0% 1.3 
 
 

5.2 SMRF Connection  
Steel SMRFs with reduced beam sections (RBSs) are one 

of the prequalified connections for seismic applications and were 
used in this analysis. The constitutive post-yield relation for the 
RBS plastic hinges developed by Lignos and Krawinkler (2007), 
Lignos (2008), and Ibaara and Krawinkler (2005) was used in 
this subject study. Those authors used experimental data from a 
database of 42 RBS connections tested in laboratories using 
regression analysis, they identified the plastic hinge properties as 
a function of flange slenderness, web slenderness, lateral bracing, 
and yield strength of beams. The moment-rotational definitions, 
the multilinear moment-rotation constitutive relation for the RBS 

plastic hinges was thus defined. A sample hinge response is 
shown in Figure 9. 

 

 

Figure 9. RBS  hinge Moment-rotation relation  

 
 
  
FEMA 350 (FEMA 2000) recommends the introduction a 

reduction in the flexural stiffness to account for the effect of the 
reduced beam flanges. Such reduction will result in an increase 
in the story drifts by 3% to 7% in typical applications. FEMA 
350 also recommends increasing story drifts by 10% to account 
conservatively for this effect. This approach was used to scale up 
the computed inelastic drifts:   

  
5.3 Damper property selection 

Following the design of moment frames according to 
ASCE/SEI 7 requirements for strength, dampers were sized to 
limit story drift ratios. ASCE/SEI 7 presents recommendations 
for the design of dampers. This approach was used to provide an 
approximate damper size, assuming stiffness proportional to 
damping. However, because dampers had a velocity coefficient 
(α of 0.5 and because they did not extend throughout the full 
building height, the damper constant was then computed more 
accurately by conducting nonlinear analysis at the design 
earthquake (DE) level.  

 
Three sets of spectrum-compatible records that matched the 

DE spectrum were developed. Northridge, Kobe, and Newhall 
records were used from the Pacific Earthquake Engineering 
Research Center (PEER) Next Generation Attenuation (NGA) 
database (PEER 2009b). Additionally, the Kobe record was 
scaled such that the ordinate of its response spectrum matched 
the DE spectrum at the building’s fundamental period   

 
6. ANALYSIS PROCEDURE AND RESULTS 

 
6.1 Analysis Model 

Program OpenSees (PEER 2009a) was used to conduct the 
nonlinear analyses described in this paper. Pertinent model 
properties are listed here. 

 
• Analytical models were two-dimensional 
• Beam and column elements, were represented as one 

dimensional frame elements. The members were prismatic 
and linear. 

• Material nonlinearity was represented by concentrated 
plastic hinges represented by RBS hinges placed at the 
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center of the reduced section 
• The damper element was represented by the refined model 

including the limit states. 
 
6.2 Analysis procedure 

A step-by-step procedure was used to perform the nonlinear 
analysis. A sufficient number of points were used in performing 
IDA for each record to ensure that the nonlinear response was 
accurately captured. Typical analysis included five to 10 points 
for each record. Additional points were used to capture MCE and 
DE points (corresponding to Tmax, per ASCE/SEI 7 and FEMA 
P695 procedures). 

 
6.3 Pushover results 

 
Figure 10 presents the pushover curve for the archetypes 

B1 and B2. The solid and dashed lines correspond to the cases 
where damper are excluded and included, respectively, in 
analysis. As long as the damper does not bottom out, the plots are 
identical. Once the damper bottoms, there is significant increase 
in stiffness and strength since a stiff brace (cylinder wall) is now 
added to the system. After the damper fails, the damped 
pushover curve asymptotically approaches the undammed case. 
The dotted line, corresponds to a bilinear approximation used to 
compute the yield and ultimate drifts and the corresponding 
ductility (μc). Using the building period and ductility, the spectral 
shape factor (SSF) is the computed. Note that B2 has a larger 
damper and thus a larger increase in overall strength once the 
damper bottoms out. For al archetypes, the computed system 
ductility was 8.0 and resulted in a SSf of 1.34. 
 

a. B13 

b. B2 
Figure 10. Static pushover curves 

 
6.4  IDA results 

 
Error! Reference source not found. presents the IDA 

plots for the B1 and B2. The solid and dashed red lines 
correspond to the MCE (SMT) and the median collapse capacity 
(SCT), respectively. Note that the addition of small damper 
factor of safety significantly increases collapse margin. The 
collapse margin ratio (CMR) is defined as the ratio of SCT and 
SMT. The adjusted collapse margin ratio (ACMR) is then 
computed as the product of SSF and CMR. FEMA P695 
specifies a minimum ACMR of 1.59 for acceptable 
performance.  

 

a. B1 

b. B2 
Figure 11. IDA plots 

 
The collapse margin ratio (CMR) is defined as the ratio of 

SCT and SMT. The adjusted collapse margin ratio (ACMR) is 
then computed as the product of SSF and CMR. FEMA P695 
specifies a minimum ACMR of 1.59 for acceptable performance. 
As shown in Table 2, both archetypes have significantly larger 
collapse margins and therefore pass easily. 

 
Table 2. IDA results 
Archetype SCT SMT CMR SSF ACMR P/F 

B1 1.24 0.82 1.51 1.34 2.20 Pass 

B2 1.81 0.82 2.25 1.34 3.10 Pass 
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5.4 Fragility data 
 

Figure 12 presents the fragility plots for B1 and B2. The 44 
collapse data are statiscally organized (data points in the figures) 
and a lognormal curve is filled to the data (dashed lines in the 
figures). The plot was then rotated to correspond to a total 
uncertainty of 0.55 (solid line) per FEMA P695. Finally the 
curve was shifted to account for the effect of the SSF (dark solid 
lines in the figures).  

he probability of collapse at MCE intensity was then be 
computed using the fragility curves as listed in Table 3. Note that 
the probability of collapse at MCE level was reduced by a factor 
of approximately 4 when an additional damper factor of safety of 
30% is included in design. Such small increase is cost efficient 
and provides significant additional protection to the structure. 

 

a. B1 

b. B2 
Figure 12. Fragility plots 

 
Table 3. Collapse probability for archetypes at MCE 

Archetype MCE Pr of collapse %
B1 8.0 
B2 2.0 

 
5.5 Damper responses 

Figure 13 and Figure 14 presents the fragility plots for the 
damper strike and force, respectively. For each response quantity 
and archetype, the 44 data are points for the damper reaching its 
stroke or force limit states were statiscally organized (data points 
in the figures) and a lognormal curve is filled to the data (dashed 
lines in the figures). The plot was then rotated to correspond to a 

total uncertainty of 0.55 per FEMA P695 (solid line).  
 

a. B1 

b. B2 
Figure 13. Damper stroke fragility 

 

a. B1 

b. B2 
Figure 14. Damper force fragility 
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The probability of the damper reaching its limit state at the 

MCE intensity can then be computed from the fragility plots. at 
MCE intensity can then be computed using the fragility curves 
as listed in Table 4. Note that the probability of damper reaching 
a limit state is significantly reduced when a damper factor of 
safety of 30% is included in design. Such small increase is cost 
efficient and provides significant additional protection to the 
dampers. 

 
Table 4. Damper fragility data 

Archetype 

Median Sa 
intensity to reach 
limit 

Probability of 
reaching limit state at 
MCE 

Stroke Force Stroke Force
B1 1.1 1.2 33% 22% 
B2 1.6 1.6 11% 10% 

 
 
CONCLUSIONS 

New steel buildings were designed using performance 
based engineering (PBE) and provisions of ASCE 7. SMRFs 
were used to provide strength; dampers were used to control 
story drifts. PBE design using dampers is superior to the 
conventional design. The demand on both structural and 
nonstructural components is reduced. 

To date, a model of viscous dampers with limit states has 
been formulated that includes damper limit states. 

Current research using IDA and limit states of dampers is 
currently underway. The outcome of this study will provide a 
more realistic assessment of the performance of moment frames 
with dampers. 

All the archetypes had significant margin against collapse 
and thus had satisfactory performance. When a damper factor of 
safety is included in design, additional protection for the 
structures and dampers is provided. 

As one of the research deliverables, pertinent information 
will be provided for the designers to assist in seismic design 
using this approach 
 
 
ACKNOWLEDGEMENTS: 
The authors acknowledge financial support from Taylor Devices 
and Armor Steel. The technical assistance of Mr. Doug Taylor and 
Mr. John Metzger of Taylor Devices is also acknowledged. 
 
REFERENCES: 

ASCE (2005), “ASCE 7-05: Minimum design load for 
buildings and other structures,” American Society of Civil 
Engineers, Reston, VA 

FEMA (2000), FEMA 350: Recommended Seismic Design 
Criteria for New Steel Moment Frame Buildings, Federal 
Emergency Management Agency, Washington DC. 

Liel, A.B.., and Deierlein G.G., (2008), Assessing The 
Collapse Risk Of California’s Existing Reinforced Concrete Frame, 
Structures: Metrics For Seismic Safety Decisions, John A. Blume 
Earthquake Engineering Center Report No. TR 166, Department of 
Civil Engineering, Stanford University. 

Lignos, D. G.(2008), Sidesway Collapse Of Deteriorating 

Structural Systems Under Seismic Excitation, PhD dissertation, 
Department of Civil and Environmental Engineering, Stanford 
University. 

Miyamoto, H.K., and Gilani, A.SJ. (2008), Design of a new 
steel-framed building using ASCE 7 damper provisions, ASCE 
Structures Congress, Vancouver, BC, SEI institute. 

NEHRP (2009), “ATC 63, FEMA P695: Quantification of 
Building Seismic Performance Factors,” Federal Emergency 
Management Agency, Washington, D.C. 

PEER (2009a), Open System for Earthquake Engineering 
Simulation (OpenSees), McKenna, F., Fenves, G., et al, Pacific 
Earthquake Engineering Research center, University of California, 
Berkeley. Berkeley, CA. 

PEER (2009b), PEER NGA, Records  Pacific Earthquake 
Engineering Research center, University of California, Berkeley. 
Berkeley, CA. 

Taylor (2009), Personal Communications 
Vamvatsikos, D. and Cornell, A.C. (2004) Applied 

Incremental Dynamic Analysis, Earthquake Spectra, Volume 20, No. 
2, pages 523–553, Earthquake Engineering Research Institute, 
Oakland, CA 

 

 
 

 
 

- 1411 -





JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

DYNAMIC RESPONSES OF BASE ISOLATED STRUCTURE WITH MASS 
ASYMMETRY IN PLAN UNDER RANDOM SEISMIC GROUND MOTIONS 

 
 

Van Tu Nguyen1), Dookie Kim2), Sung Gook Cho3), and Yang Hee Joe4) 
 
 

1) Researcher, Department of Civil Engineering, Kunsan National University, Republic of Korea 
2) Associate Professor, Department of Civil Engineering, Kunsan National University, Republic of Korea 

3) Doctor, &D Center, JACE KOREA Company, Gyeonggi-do, Republic of Korea 
4) Professor, University of Incheon, Republic of Korea  

nhungtudcct@gmail.com, kim2kie@chol.com, sgcho76@hanmail.net, yhjoe@incheon.ac.kr 
 
 

Abstract: In this paper, the effect of mass asymmetry in the fixed and base isolated structure is studied in order to 
clarify the effect of the various mass eccentricities of the structure. Therefore, these models with mass eccentricity of 5%, 
10%, 15%, 20% and 25% of the largest dimension of the structure are considered. The obtained results such as base shear 
is compared for asymmetric fixed and base isolated structure. Besides, the influence of incident angles of earthquakes on 
seismic responses of the asymmetric structure which includes fixed and base isolated structure is presented. The torsion 
irregularity factor is used to consider the torsion effect and is complied with the requirements of seismic design concept of 
structure. Therefore, the influence of mass eccentricity as well as incident angles of ground motions on that factor is 
basically needed to be assessed in the design process.  

 
 
1.  INTRODUCTION 
 

For years, researchers have been working on the base 
isolation, which have emerged as a viable structural option 
in seismic zones to reduce the vulnerability of structural 
systems subject to earthquakes. There is a few works 
available in the literature where dynamic response of base 
isolated asymmetric structures has been studied. 

Tena and Gomez (2002) presented the torsional 
response of three-story rigid structure with bilinear isolators 
subject to the bidirectional lateral ground motions when the 
eccentricity existed in: (a) superstructure, (b) the isolation 
system and (c) in both the superstructure and the isolation 
system. Their study is concentrated on peak responses for 
design parameters of base isolator such as displacement 
ductility demand, peak displacement, amplification factor 
etc. After that, torsional amplifications due to static 
eccentricities related to the differences in the lateral stiffness 
of the resisting elements were compared directly with those 
due to the positions of the centers of mass, which are 
investigated by Tena and Escamilla (2007). Simultaneously, 
it is also concluded that torsional amplifications in the 
isolation system are higher as the Tl/Ts ratio diminishes, 
particularly for systems with stiffness eccentricities in the 
superstructure. Carlos, et al. (2008) used the dynamic 
interaction between the base and superstructure to study the 
seismic behaviors of asymmetric buildings. 

In the other research, Zheng, et al. (2004) showed out 
that the effects caused by irregularity of plan layout of 
seismic structures have been emphasized in several codes. 

However, there is difference in the criteria from one code to 
another. The difference between codes in USA, China and 
Euro are investigated. It is indicated by the analysis results 
that some provisions are not reasonable.  

Adibramezani, et al. (2009) assessed the effect of a 
bilinear hysteric elastomeric base isolation system to 
decrease the torsional moments generated in a superstructure 
due to the bidirectional actions of selected ground motions. 
The mean peak responses are compared to the corresponding 
responses of the fixed base system to investigate the 
effectiveness of base isolation.  

Recently, the multistory fixed and base isolated 
structure with unidirectional and bidirectional asymmetric 
for regular and irregular plan under unidirectional 
earthquake are studied by Khante and Lavkesh (2010). 
Simultaneously, they mentioned the effect of mass 
eccentricity in symmetric and asymmetric structure also. 
Besides, Etedali and Sohrabi (2011) compared the torsional 
behavior of asymmetric structures with the fixed and 
isolated base. The analysis results have shown the efficiency 
of seismic isolations is to reduce the rotation of asymmetric 
structure stories. However, increasing the eccentricity 
reduces the effect of isolations on decreasing torsion which 
is negligible for large eccentricity. Therefore, practical 
solutions to reduce torsion of the base-isolated asymmetric 
structures have been proposed by increasing the Flexible 
Edge stiffness of isolation system.  

In this study, the influence of mass eccentricity is 
investigated for the fixed and base isolated structure. 
Simultaneously, incident angles of ground motions are 
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demonstrated that it has an important role in design process. 
The torsional irregularity factor is used to assess the torsion 
effects of the fixed structure and base isolated structure 
based on GB50011 (2001) and ASCE/SEI 7-10 (2010). 

 
2. STRUCTURE MODEL AND CHARACTERISTICS 
OF THE BILINEAR ISOLATOR 

 
 
The fixed structure is one way single story building 

shown in Figure 1. The building consists of a rigid 
diaphragm where the entire story mass is lumped. CM, Ms 
and IM denote the center of mass and the translational and 
rotational masses, respectively. At each column, the plastic 
hinges subjected to nonlinearities are located at the both ends 
of the column. The dimensions of square sections of 
columns are equal to 40 cm. The stiffness center (CS) and 
resistance center (CR) are coinciding with the center of 
geometry of the plan. In this study, the geometric dimensions
b , a  and h  refer 10, 5 and 3m, respectively. The stiffness 
of the elements is equal to 5892 kN/m while the mass 
distribution is characterized by values of M and IM, 
respectively, equal to 68.8 kN/(m/s2) and 3000 kN(m/s2).  

Besides, base isolated structure which is idealized as a 
superstructure of fixed structure mounted on the base 
isolators. There are six base isolators which are arranged 
between base mass and foundation as shown in Figure 1. 
Each base isolator is placed under each column with the 
similarities.  The base mass in this case is equal to 45.9 
kN/(m/s2). The distributed mass in the plan are varied in 
order to provide the eccentricity xe  in the x-direction 
between the CM and CR. All the studied models are 
investigated in this paper as follows in Table 1: 

 

 
The elastomeric bearing isolators which are designed 

for the base isolated structure as shown in Figure 2. The base 
isolators are designed following some recommendations of 
the ASCE/SEI 7-10.  

 

 
 
 
 
 
 
 
 

 
 

 
 
 
 
 
 
 
 
 

 
 
 
Artificial earthquakes with peak ground acceleration 

(PGA) of 0.154g shown in Figure 3 are used according to 
the seismic design guideline of Korea (MOCT, 1997). Two 
same ground motions are simultaneously applied in the main 
and secondary directions. The incident angles of the main 
and secondary ground motions are α  and 90α +  to the 
x-axis respectively as shown in Figure 1. 

 
3.  RESULT DISCUSSION 

3.1  Maximum base shear 
 
 
 

 
 
 
 

 
 
In the Figure 4, it is observed that the maximum base 

shear in x-direction gets maximum value at 1350 and 3150 

angle of incident ground motions for all of models, which 

Table 1 Models for investigation 

Figure 2 Design envelope curve for bilinear isolators 
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Figure 3 The artificial earthquake in seismic design 
guidelines II, Seoul, Korea (MOCT, 1997) 

Figure 4 Maximum base shear 

Figure 1 Structural model for investigation 
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includes the fixed building and base isolated building with 
the changing mass eccentricity. However, the maximum 
base shear in z-direction gets maximum value at 450 and 
2250. It is evident that the influence of incident angles of 
ground motions is necessary to consider because the 
maximum base shear in x- and z-direction according to 
different angles of ground motions is very various. The 
maximum base shear in x-direction base isolated structure of 
model II, IV, VI, VIII, X, and XII are decreased by 52.12%, 
50.99%, 51.16%, 51.76%, 51.76% and 51.17%, respectively, 
in comparison to fixed base buildings of model I, III, V, VII, 
IX, and XI at 1350. However, the maximum base shear in 
z-direction in base isolated building of model II, IV, VI, VIII, 
X, and XII are decreased by corresponding 55.64%, 57.32%, 
58.97%, 59.23%, 58.59%, and 58.87% in comparison to 
fixed base buildings of model I, III, V, VII, IX, and XI at 450. 
Based on the obtained results, it is concluded that the effect 
of base isolators in decreasing the maximum base shear in 
both of directions is very significant. Besides, the influence 
of mass eccentricity according to the obtained outcomes is 
also showed that if the mass eccentricity increases, the effect 
of base isolators in decreasing maximum base shear in 
x-direction lessens (from 52.12% to 51.17%). On the 
contrary, the effect of base isolators in decreasing maximum 
base shear in z-direction augments (from 55.64% to 58.87%). 
Moreover, the effect of mass eccentricity for fixed structure 
is clearer than those of base isolated structure. Specially, the 
differences of the maximum base shear in z-direction of the 
fixed structure according to the changing of mass 
eccentricity are relative larger. However, this phenomenon in 
base isolated structure is not so much clear. On the other 
hand, mass eccentricity seems not to affect so much the 
maximum base shear in x-direction for both types of 
structure. 

 
3.2  Torsional irregularity 

In ASCE/SEI 7-10 and GB50011 Code, regarding 
structures with hard irregularities in layouts of mass and 
stiffness, the torsion effects under bi-directional seismic 
ground motions should be considered. In this study, the 
torsion effect of the fixed and base isolated asymmetric 
structure under random bi-directional seismic ground 
motions will be pointed out. The key point which is used to 
assess, is the torsional irregularity factor ( µ ). In the codes, 
the criterion for torsional irregularity of structures is 
basically in the same form as shown by Fig. 5. Torsional 
irregularity shall be considered to exist when maximum 
story displacement or drift story at one end of the structure 
transverse to an axis ( 2δ ) is more than 1.2 times the average 
of the story displacement or story drift at two ends of the 
structure. The criterion is interpreted by formula (1) and (2). 

 

1 2
2 / 1.2

2

δ δδ +  > 
   

 (1) 

1 2
2 /

2

δ δµ δ + =  
 

   (2) 

In the ASCE/SEI 7-10, torsional irregularity factor is 
not required to exceed 2.01, which is calculated according to 
story drift only. However, this factor which is not required to 
exceed 1.5 in GB50011, which is calculated according to 
story drift and displacement. It is clearly that the requirement 
about this factor in GB50011 is stricter than those in 
ASCE/SEI 7-10. Therefore, GB50011 is used to consider the 
torsion effects in this study. 

And assuming that xe  and ze  (in this case, ze = 0) 
are the eccentricities along x- and z-direction, some definite 
parameters are also shown as follow:  

xr xe e / r=          (4) 

2 2
xr x ze e e / r= +  (5) 

2 2r (a b ) /12= +  (6) 

where, xre is the relative eccentricity for structures with 
eccentricity in x- direction while re on two directions, r  is 
the radius of torsion rotate of the floor; a, b are the length of 
structure along x- and z- direction. 
 

 
 
 
 
 
 
 
 
 

 
 

3.2.1  Fixed building 
The maximum torsional irregularity factor of fixed 

asymmetric structures is shown in Figure. 6. It is observed 
that the maximum torsional irregularity factor gets 
maximum value at 450 and 2250 angle incidence of ground 
motions. Based on the obtained results, the influence of 
incident angles of ground motions is very important. 
Simultaneously, it also shows that when the mass 
eccentricity is less than 20% of largest dimension of 
structure, the torsional irregularity factor always is less than 
1.2; therefore, torsional irregularity shall not be considered. 
However, when mass eccentricity obtained 20% of largest 
dimension of structure, the torsional irregularity factor 
exceeds 1.2 which is the threshold of the start of torsion. The 
maximum torsional irregularity of model XI at 450 angle 
incidence of ground motions is 1.283, which is still less than 
1.5, that means this factor is satisfying the requirement of the 
criteria. Besides, from Figure 6, it is easy to realize that the 
torsional irregularity factor is directly proportional to the 
relative eccentricity of the structure. The relative eccentricity 

xre  of fixed structure corresponding to µ  of 1.2 at 00, 450 

Figure 5 Graphic of torsional irregualarity in GB50011 Code 
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angle of ground motions are less than 0.5, 0.6, respectively. 
 

 
 
 
 

 
 
 
 
 

 
 
 
3.2.2  Base isolated structure 

In GB50011 1δ , 2δ  can be story drift or story 
displacements. In case of one story fixed structure, the story 
drift and story displacement are the same. However, in the 
one story base isolated structure, two types of the 
displacement are different so the torsional irregularity factor 
will be calculated for two types of displacement. 

Figure 7 and Figure 8 show the torsional irregularity 
factors which are calculated according to the displacement at 
base isolators and at the upper floor of the base isolated 
structure. It is observed that all of base isolated models get 
maximum of torsional irregularity factor at 450 and 2250 
incident angle of ground motions. According to obtained 
results, the tendency of this factor at base isolators and at 
upper floor is the same, only their value is little different. 
Torsional irregularity factor at base isolators is bigger than 
those obtained at the upper floor of the base isolated 
structure. Moreover, the factor obtained at base isolated 
structure is so much larger than those obtained at fixed 
structure because when mass eccentricity is 5% of the largest 
dimension of the structure, all models of base isolated 
structure get torsional irregularity factor which is larger than 
1.2. The difference of incident angles of ground motions 
which will have different value of this factor; it is shown 
clearly in Figure 7 and Figure 8. Besides, when mass 
eccentricity is equal to 20% of the largest dimension of the 
structure, some angles of incidence of ground motions in 
which the torsional irregularity factor is larger than 1.5 that 
is the limited value of torsional irregularity according to 
GB50011. At 450 incident angle of ground motions, the 
torsional irregularity factor is also in direct ratio to the 
relative eccentricity. However, at 00 angle of incidence of 
ground motions, as the mass eccentricity changes from 10% 

to 15% of the largest dimension of the structure, the torsional 
irregularity factor abruptly decrease. It is demonstrated that 
the angles of incidence of ground motions and mass 
eccentricity have the big influence in evaluating the torsional 
effect of the structures. Figure 7 and Figure 8 also show that 
relative eccentricity xre  of the base isolated structure 
corresponding to µ  of 1.2 at 00, 450 angle of ground motions 
are less than 0.15 at the base isolators and upper floor of 
base isolated structure. However, relative eccentricity xre  of 
base isolated structure corresponding to µ  of 1.5 at 00, 450 
angles of ground motions are less than 0.65 at base isolators 
of base isolated structure. And relative eccentricity xre  of 
base isolated structure corresponding to µ  of 1.5 at 00, 450 
angles of ground motions are less than 0.7, 0.65, respectively 
at upper floor of the base isolated structure.  

On the other hand, if the torsional irregularity factor is 
calculated according to story displacement, it is much larger 
in comparison with those calculated according to story drift, 
which is shown in Figure 9. It is observed that the torisonal 
irregularity factor is less than 1.2 for all of models of base 
isolated structure. Therefore, the torsion effect and the 
influence of mass eccentricity are negligible in this case. 
However, the effect of base isolators in reducing the torsion 
of the base isolated structure is still noticeable. Besides, the 
influence of incident angle of ground motion only happens 
when mass eccentricity of 5% and 10% of the largest 
dimension of the structure or relative eccentricity vary in 
range from 0.15 to 0.31. After that, if the relative eccentricity 
continues to increase, torsional irregularity factor reduces 
and converges together with all angles of incidence of 
ground motions. This implies that the torsional irregularity 
factor does not depend upon angles of incidences of ground 
motions any more when relative eccentricity is larger than 
0.45. 
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Figure 6 Torsional irregularity factor in fixed asymmetric 
structure 

Figure 7 Torsional irregularity factors calculating 
according to story displacement at base mass of base 

isolated structure 
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3.  CONCLUSIONS 

Based on the obtained results, the maximum base shear 
in x-direction gets maximum value at 1350 and 3150. 
However, in z-direction, the maximum value is achieved at 
450 and 2250 for all structural models. Therefore, the 
influence of angle incidence of ground motion needs to be 
considered properly. Moreover, it is observed that the base 
isolation has reduced the seismic response of all the mass 
eccentric models in comparison to the fixed structure. From 
the comparison between the mass eccentric model of base 

isolated and fixed structure, it shows that the base shear of 
the base isolated structure decrease drastically. 

The maximum torsional irregularity factor is used to 
consider the torsion effect. In GB50011, story displacement 
and story drift can be used to calculate the torsional 
irregularity factor. However, the obtained results point out 
that if the torsional irregularity factor is calculated by story 
displacement, the torsion effect of the base isolated structure 
is much larger than those of the fixed structure. The mass 
eccentricity has big influence on the torsion effect of the 
fixed as well as base isolated structure. Besides, this factor is 
affected drastically by angles incidence of ground motions 
because this factor can exceed 1.5 at 450 angle of incidence 
of ground motion but at 00 this factor cannot exceed 1.5. 
Therefore, considering incident angles of ground motions in 
seismic design is very important.  

According to the fixed structure, the torsional 
irregularity factor is directly proportional to the relative 
eccentricity of the structure. However, there is a little 
difference in the base isolated structure that at 00 angle 
incidence of ground motions; when mass eccentricity 
changes from 10% to 15% of the largest dimension of the 
structure, the torsional irregularity factor abruptly decreases. 
Such phenomenon emphasizes more on the importance of 
angles of incidence of ground motions. 

On the other hand, in the base isolated structure, if the 
torsional irregularity factor is calculated based on story drift, 
it is much smaller than those based on story displacement. 
The torsion effect is negligible because torisonal irregularity 
factor is less than 1.2 for all base isolated structures. If the 
relative eccentricity continues to increase, the torsional 
irregularity factor decreases and converges together with all 
incident angles of ground motions. The torsional irregularity 
factor does not depend on incident angles of ground motions 
any more when the relative eccentricity is larger than 0.45 in 
this case. Therefore, it is concluded that for the base isolated 
structures, the story drift is not significant in considering the 
torsional effect. However, the most important thing is used 
to assess torsional effect, is the displacement at base isolators 
of the base isolated structure. 
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Abstract:  It is well known that, supplemental dampers will reduce the expected displacements during a severe 
earthquake in a multi-story building. However a weak-story will still have a large inter-story displacement, which causes 
a non-uniform inter-story displacement distribution among the stories. To prevent such behavior, on the weak story, a 
displacement controller device with a force-displacement relationship of hardening type hysteresis was used, in this study. 
A special analytical model was developed for the dynamic analyses and the equation of motion was modified, in order 
that it may include the restoring force of the frame, dampers and the displacement controlling limiter, as well. The 
function of the device was to restrict the movement of the weak-story to obtain uniform inter-story displacement 
distribution, without significant changes in acceleration and inertial force values.  On the other hand, an energy-based 
damper design method, which assumes a uniform inter-story displacement distribution, was proposed to determine the 
necessary viscous damping coefficient. The parameters used for the design method were obtained through several 
analyses with different input data. By the damper design, seismic displacement response of the multi story structure is 
expected to be reduced to the target inter-story displacement value. 
 

 
 
1.  INTRODUCTION 
 

Dampers are effectively used to reduce seismic 
response of structures. The function of dampers in a 
structure is to dissipate the input energy from ground 
motions and thereby, keeping the structural members 
undamaged or with minor damage. Hanson and Kobori have 
reviewed the state-of-the-art and state-of-the-practice in 
seismic energy dissipation (Hanson and Kobori 1993). 
However, a weak-story in a multi-story structure may have 
excessive displacement, when the structure is subjected to a 
severe ground motion. The use of viscous-dampers on each 
story is well known to reduce the displacements but the 
weak-story will still have a large inter-story displacement, 
which causes a non-uniform inter-story displacement 
distribution among the stories. To prevent this, on the 
weak-story, a displacement controller device with a 
force-displacement relationship of hardening type hysteresis 
(which is called a limiter) is used in this study. A special 
analytical model is developed for the dynamic analyses and 
the equation of motion is modified, in order that it may 
include the restoring force of the frame, viscous-dampers 
and the displacement controlling limiter as well. The target 
of using a limiter is to restrict the movement of the 
weak-story to obtain uniform inter-story displacement 

distribution, without significant changes in acceleration and 
inertial force. 

 
An energy-based damper design method, which 

assumes a uniform inter-story displacement distribution, is 
also proposed to determine the necessary viscous damping 
coefficient. The parameters used for the design method were 
obtained through several analyses with different input data. 
By the damper design, seismic displacement response of the 
multi story structure is expected to be reduced to the target 
inter-story displacement value. 
 
 
2.  ANALYSIS MODEL AND CONDITIONS  
 

Eleven storied elastic building model was used for the 
analysis (Figure 1). The height of each story was 4m. 
Assuming a plan with the dimensions of 26.0m x 19.2m and 
0.8t/m2 unit mass, the building mass was considered to be 
399 tons for each story. Stiffness distribution through the 
stories was obtained by assuming Ai story shear force factor 
(IAEE 1992) and uniform inter-story displacement. Stiffness 
of 6th story, Kweak was assumed to be 30% less than its 
original value, which makes it a “weak-story in the middle”. 
It was assumed that structural damping factor, hf was 2%. 
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Figure 1: Building model 
 
T1 (1st natural period in sec.) is given by the following 

formula for elastic buildings. 
 
T1=0.03*H=1.32sec                    (1) 
 
, where H is height (in m.) of the building (IAEE 1992). 

Six observed ground motions shown in Table 1 were used. 
These are the 1995 Hyogoken-Nanbu earthquake Japan 
Meteorological Agency (JMA) record at Kobe  (N-S 
component), the 1978 Off Miyagiken earthquake Tohoku 
University record (N-S component) , the 1940 El Centro 
earthquake(N-S component), the 1952 Taft earthquake Kern 
County record (E-W component), 1968 Off Tokachi 
earthquake Hachinohe port record (E-W component) and the 
1999 Kocaeli earthquake Duzce record (N-S component) .  

 

 
Figure 2: Elastic displacement spectra for observed motions 
 

Input motions were normalized by elastic displacement 
spectra and scaled, before analysis. Namely, Kobe 
earthquake was scaled by a scaling factor which makes PGV 
(peak ground velocity) 50cm/sec. Displacement spectrum 
(SD) for T=1.32sec was calculated for this scaled input 
motion and the rest of input motions were normalized by this 
spectrum. 

 

 

Table 1: Input earthquake motions    

m 
WEAK-STORY 44.0

4.0
4.0
4.0
4.0
4.0
4.0
4.0
4.0
4.0
4.0
4.011f

10f
9f
8f
7f
6f
5f
4f
3f
2f
1f

 
INPUT 
MOTION 

Observed 
SD (cm) 

T=1.32sec 

Input 
Level 
(%) 

Input Level
PGV 

(cm/sec) 
PGA 
(gal.)

Kobe 35.3 60.5 50.0 494.8
Tohoku 18.4 116.3 48.4 240.1
El Centro 8.9 238.0 80.2 813.4
Taft 4.6 463.3 80.3 808.1
Hachinohe 14.9 142.9 47.4 252.3
 
Equal amount of viscous damper was used in each story 

and supported by a steel brace. The stiffness of steel brace 
was Kbrace=1516000kN/m. Since 6th story was a weak-story, 
displacement limiter was installed here with an exact gap 
distance, to control the excessive displacement. When the 
building is subjected to a severe earthquake, the steel brace 
touches the limiter and behaves like it is fixed on the 
building. This behavior of the steel brace prevents the 
exceeding deformation and damage as well. But this touch 
causes impact in the building. Consequently, a rubber 
cushion material was used on the limiter to relief the shock 
in the impact (Fig.3). Characteristics of cushion material 
were investigated and a non-linear hysteresis model was 
obtained by the previous tests and studies, as shown in Fig.4. 
(Kang 2004) 

0 300000 600000
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Figure 3: Limiter and cushion material 

 

 
Figure 4: Cushion material hysteresis loop 
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For the analytical model(Fig.5), the equation of motion 
was obtained as follows: 

[ ]{ } { } { } [ ]{ } { }0⎡ ⎤ ⎡ ⎤Δ + Δ + Δ = − Δ − Δ⎣ ⎦ ⎣ ⎦f fM x C x K x M x F  (2) 

 
Where, [M] is the mass matrix, [Cf] is the damping 

matrix, [Kf] is the elastic stiffness matrix,{ xΔ } is the 
ground acceleration vector, {Δx} is the displacement vector 
and {ΔF} is the external force terms vector representing the 
resisting force of viscous damper and limiter.  

 

 
Figure 5: Analytical model for weak story 

 
 

3. DAMPER DESIGN 
 
Target of the damper design is to obtain the necessary 

viscous damping coefficient (CDi) that makes δmax 
(maximum displacement of the model building) smaller than 
δdesign=3.0cm which is 1/133 of story height. For such 
purpose, 5 steps were followed. 

  
3.1. Step 1 - Predicted total input energy, EI

* 
 EI

* was calculated by carrying out a dynamic response 
analysis where, hf (frame damping factor) was assumed to 
be 7% and no additional dampers were installed. Although 
input energy is independent of damping factor, in Step2 
initial viscous damping factor will be assumed 5% and initial 
structural damping factor for building model was assumed to 
be 2% in the beginning which makes a total 7% damping.  
Hence, in this step hf =7% assumption was made to 
represent a similarity to the building model with dampers.   

 
Table 2: predicted total input energy 

Input  
Motion 

EI*  
(kNm) 

Kobe  6103.9 

Tohoku  7958.5 

El centro  9254.9 

Taft  8102.6 

Hachinohe  5105.9 

Duzce  4223.1 

 

3.2. Step 2 – Ratio of dissipated energy 
The relation between EI (total input energy) and EFD 

(total energy absorbed by frame itself) was investigated 
through several dynamic response analyses. It is found out 
that the relation between EI and EFD is depending on frame 
damping factor hf and viscous-damper damping factor hd. 
(Figure 6) 

1

 
Figure 6: Ratio of dissipated energy and hd influence 

 
It is independent of initial period T1, input motion and 

input motion intensity. Therefore a generalized equation for 
ratio of dissipated energy depending on hf and hd was 
derived from Figure 5 and used for each earthquake. (Eq. 3)  

 

     ( ) ( )I FD
d f d

I

E E 34.5h 2.8 h 2h 1.01
E
−

= − − + − +   (3) 

It is assumed that the initial viscous damping factor hd 
is 5% and structural damping factor, hf is 2%, therefore the 
equation becomes: 

 I FD

I

E E 0.82
E
−

=

I FD DE E E

                (4) 

Total input energy EI is the sum of energy absorbed by 
frame and energy absorbed by dampers. (Eq.5) ED is total 
energy absorbed by the dampers. Using Eq.4 and Eq.5, we 
can obtain Eq.6. 

= +

I FD D IE E E 0.67 E

               (5)  
− = =         (6) 

 
3.3. Step 3 – Damper energy on each story 

It was assumed that dampers at each story absorb 
energy equally. 

D DE E 11i =                     (7) 

, where EDi is energy absorbed by damper on ith story 
and 11 is the number of stories. 

 
3.4. Step 4 - Assumed damper energy, ΔEDi 

ΔEDi is the maximum energy that can be absorbed with 
one cycle.(Eq.8) To determine the relation between ΔEDi and 
EDi, SDOF was used and an equivalent cycle number 
spectrum was calculated for each input motion (Figure7). 
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The equivalent cycle number nc was obtained from the 
spectra and rounded down. (Table 3) 

D
D

c

EE
n

Δ = i
i

 (NC: equivalent cycle number)       (8) 

 
Figure 7: Equivalent cycle number spectra 

Table 3: Assumed equivalent cycle number 

Input  
Motion 

nc 
(cycle number) 

Kobe  3 

Tohoku  4 

El centro  4 

Taft  3 

Hachinohe  3 

Duzce  2 

 
3.5. Step 5 - Calculation of CDi 

 A building with a weak-story in the middle is expected 
to have a non-uniform maximum inter-story displacement 
(δimax) distribution among the stories. Different input 
motions will cause different displacement levels and 
distributions, as well. However, by the use of the proposed 
damper design and limiter, in this stage, we can assume that 
all stories will have the same δimax = δdesign  for each input 
motion.  Assumed damper energy ΔEDi is described in 
Figure8 and Equation9.  From Equation 9, necessary 
viscous damping coefficient CDi can be evaluated. 

 
 
 
 
 
 
 
 
 
 
 

Figure 8: Assumed damper response 

D
D D max max D

max max

EE C C Δ
Δ = π δ δ ⇒ =

π δ δ
i

i i i i i

i i

max 1 maxδ = β ω δi i 1
1 1

max design

1
2 / T 4.75 sec

3.0cm

    (9) 

, where  −

β =⎧
⎪ω = π =⎨
⎪δ = δ =⎩ i

 

 

 These evaluated CDi values shown in Table 4 were directly 
used in the dynamic response analysis. 

 
Table 4: Viscous damping coefficients. 

Input 
Motion

CDi  
(kNsec/m) 

Kobe  9227.8 

Tohoku  9023.6 

El centro  10493.6 
Taft 12249.4 

Hachinohe 7719.0 

Duzce 9576.7 

 
 

4. GAP DESIGN 
 
In the first stage of gap design, it was assumed that, by 

the use of the displacement limiter, the inter-story 
displacement distribution becomes uniform among the 
building. The target displacement for this study was 
δdesign=3cm. Shear force for each story can be evaluated as 
shown in Eq.10. 

 
Qi=Ki δdesign                   (10) 
 
Where, Qi and Ki are the shear force and stiffness of the 

ith story respectively (Fig 9). It was assumed that shear force 
in the weak story, Qweak is the average of shear forces in one 
upper and one lower stories. (Eq.11) 

 

upper lower 7 5
soft

Q Q Q QQ
2 2
+ +

= =           (11) 

 
Where Qupper and Qlower are the shear forces in one story 

upper and lower of the weak story, respectively. After the use 
of limiter, some portion of the shear force on the weak story 
must be supported by the limiter (Qlimiter) due to the decrease 
in the inter-story displacement.(Eq.12) 
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Figure 9: Story shear force 

 
limiter soft weak designQ Q K= − δ                (12) 

After the determining the portion of shear force 
supported by the limiter (Qlimiter) the non-linear hysteresis 
loop model for the cushion material (Fig.4) can be used to 
evaluate the limiter displacement, δlimiter for this shear force. 
The third loading slope of this model can be extended to 
reach the desired value.(Fig.10) 

 
 

 

 

 

 

 

 

 

 

Figure 10: Evaluation of limiter displacement 
 
As the brace is not rigid and makes movement (Eq.13), 

this effect must be considered during the evaluation of the 
Gap(Eq.14)  

 
δbrace= Qlimiter /Kbrace    (13) 
 
Gap= δdesign- (δlimiter+ δbrace)  (14) 

 
Where δbrace is the brace displacement. In this study gap 

was evaluated to be 12.0mm. 
 

4. DYNAMIC RESPONSE RESULTS 
 

As seen in the following figures, in the “frame only” 
case, namely, when no additional dampers were installed, all 
stories had large displacement, inertial force and acceleration 
values. Especially the weak story had excessive 
displacement. 

 
In the “frame+damper” case, viscous dampers with 

designed damping coefficients were used. By the use of 
viscous dampers on each story, a significant decrease was 
obtained in the story displacements. Inertial force and 
acceleration values decreased, as well.  However, the weak 
story still had excessive displacement. 

 
Finally, in the “damper+limiter” case, besides the 

designed dampers on each story, the proposed displacement 
controlling limiter was used with the designed gap, in the 
weak story. Therefore, exceeding displacement in the weak 
story was prevented and uniform displacement distribution 
is obtained among the building. No significant change 
occurred in the inertial force and acceleration values, as well. 
Moreover, with the damper design, δmax values were 
obtained almost equal to the target displacement value. 

Figure11. Maximum inter-story displacement. 
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4. CONCLUSIONS 
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Exceeding displacement can be successfully controlled 

by using the displacement limiter. It makes almost no change 
in the acceleration and inertial force values. 

 
By the use of energy based damper design method, 

necessary viscous damping coefficient was determined and 
target maximum displacement values were obtained 
successfully. These results show that damper design is an 
effectual method. 
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 Figure12. Maximum shear force obtained by inertial force. 
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Figure13. Maximum acceleration. 
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Abstract:  This study aims to incorporate the tuned mass damper (TMD) design concept into a mid-story isolated 
building, in order to effectively control the dynamic responses of both the superstructure and substructure respectively 
above and below the isolation system. This new structural design method, denoted as building mass damper (BMD) 
design, should essentially combine the advantages of mid-story isolation design and TMD design methods for seismic 
protection of building structures. In a building structure using BMD design, the superstructure serves as a tuned absorber 
mass whose stiffness and damping can be provided by the isolation system composed of elastomeric bearings and 
additional dampers. By means of a simplified three-lumped-mass structural model in which three lumped masses are 
assigned to the superstructure, isolated layer and substructure, the influences of different parameters of interest on the 
dynamic characteristics of a building structure with the BMD system are investigated thoroughly. To experimentally 
verify the effectiveness of the BMD system on the seismic protection of building structures, a shaking table test scheme 
on a series of specimens with optimum and non-optimum design parameters subjected to several real earthquake records 
with distinct seismic characteristics (including the 11th March 2011 Tohoku Pacific Earthquake recorded around 
MYG013 station) is conducted. 

 
 
1.  INTRODUCTION 
 

For particular concerns of architectural functionality 
and construction feasibility, the mid-story isolation design 
method in which the isolation system is incorporated into the 
mid-story rather than the base of a building is recently 
gaining popularity for seismic protection of building 
structures. The effectiveness of mid-story isolation design in 
reducing seismic demand on the superstructure above the 
isolation system has been numerically and experimentally 
proved in many previous researches [1-5]. It was also 
indicated that the improper design for the substructure below 
the isolation system may result in adverse effects on the 
seismic performance of the isolated superstructure, e.g. the 
enlarged acceleration responses at the superstructure or 
coupling of higher modes [1, 2, 5]. 

The TMD system is an energy absorbing device 
essentially consisting of a mass, spring and damper to reduce 
the undesirable vibrations of the attached vibrating system 
subjected to harmonic excitations [6]. This technology has 
already been applied in many high-rise buildings to mitigate 
the wind-induced vibrations [7]. The optimum design 
parameters for a building structure with the TMD system 
can be determined using different objective functions [8-10]. 

Because of a significant phase lag between the main 
structure and TMD system, the dynamic responses of the 
main structure induced by wind or seismic excitations can be 
mitigated effectively. 

In order to combine the advantages of conventional 
TMD and mid-story isolation design for seismic protection 
of both the superstructure (or tuned absorber mass) and 
substructure (or main structure) of a building structure, a 
new structural design concept, denoted as building mass 
damper (BMD) design, is proposed in this study. In a 
building structure using BMD design, the superstructure 
serves as a tuned absorber mass whose stiffness and 
damping can be provided by the isolation system composed 
of elastomeric bearings and additional dampers. In that case, 
the size limitation for the tuned absorber mass of 
conventional TMD design can be easily overcome. A 
simplified three-lumped-mass structural model is rationally 
assumed to represent a building structure with the BMD 
system considering the dynamic characteristics of the 
superstructure and substructure. The motion equation of the 
simplified structural model is formulated in terms of the 
author-defined mass ratios, frequency ratios and damping 
ratios. The objective function to determine the optimum 
design parameters for the BMD system is that three modal 
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damping ratios which are dominant respectively for the 
superstructure, isolated layer and substructure
direction of interest are important and should be taken as an 
approximately equal value [10-11]. 
interaction among the superstructure, isolated layer and 
substructure of a building structure using BMD design can 
be taken into account in the simplified structural model
thorough sensitive analysis is performed to discuss the 
feasibility of the proposed BMD design method.
a shaking table test scheme is conducted to verify the 
effectiveness of the BMD system on the seismic protection 
of a building structure. 
 
2.  ANALYTICAL STUDY 
 
2.1  Three-Lumped-Mass Structural Model

In a building structure with the BMD system, the 
superstructure (or tuned absorber mass) may be a multi
structure and is generally much weightier than a 
conventional tuned absorber mass. Therefore,
masses are suggested to be respectively 
substructure, isolation layer and superstructure
simplified structural mode is denoted as three
structural model thereafter and is shown in Fig. 1.
motion equation of the simplified structural model 
written as 
 

guMuKuCuM ɺɺɺɺɺɺ −=++

� � �m1 0 00 m2 00 0 m3

�
 

� � �c1 � c2 �c2 0�c2 c2 � c3 �c30 �c3 c3

�

	 � �k1 � k2 �k2 0�k2 k2 � k3 �k30 �k3 k3

�
 

where u1, u2 and u3 = the lateral displacements of the 
substructure, isolation layer and superstructure relative to 
ground, respectively; 
� g= the ground acceleration;
and m3 = the generalized seismic reactive masses of the 
substructure, isolation layer and superstruc
k1 and k3 = correspondingly the generalized elastic lateral 
stiffnesses of the substructure and superstructure; 
effective lateral stiffness of the isolation system; 
= respectively the viscous damping coefficients of th
substructure and superstructure; and c2

viscous damping coefficient of the isolation system. 
motion equation can also be characterized using the 
author-defined mass ratios, frequency ratios and damping 
ratios. The mass ratio � is defined as each lumped
divided by the substructure mass m1 
 

damping ratios which are dominant respectively for the 
superstructure, isolated layer and substructure in the 
direction of interest are important and should be taken as an 

 Accordingly, the 
superstructure, isolated layer and 

of a building structure using BMD design can 
in the simplified structural model. The 

analysis is performed to discuss the 
the proposed BMD design method. In addition, 

a shaking table test scheme is conducted to verify the 
effectiveness of the BMD system on the seismic protection 
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structure and is generally much weightier than a 
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three-lumped-mass 

shown in Fig. 1. The 
motion equation of the simplified structural model can be 
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= the lateral displacements of the 
substructure, isolation layer and superstructure relative to 

= the ground acceleration; m1, m2 
= the generalized seismic reactive masses of the 

substructure, isolation layer and superstructure, respectively; 
= correspondingly the generalized elastic lateral 

stiffnesses of the substructure and superstructure; k2= the 
effective lateral stiffness of the isolation system; c1 and c3 
= respectively the viscous damping coefficients of the 

 = the equivalent 
viscous damping coefficient of the isolation system. The 
motion equation can also be characterized using the 

defined mass ratios, frequency ratios and damping 
defined as each lumped mass mi 

1m

mi
i =µ , i= 2, 3

 
where i= 2 and 3 represent the 
superstructure, respectively. The 
are defined as  
 

1ω
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Figure 1  Simplified three-lumped

 
2.2  Optimum Design Criterion

BMD System 
The system matrix A’ of Equation (1)

Equation (10), can be obtained in terms of the nominal 
frequency ��, mass ratios �� and 
and ��, and component damping ratios 
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The component damping ratios 
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eigenvalues of Equation (10) in the 
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direction of interest can be determined in the form of 
conjugate pairs 
 ��,���� � ���� ��� ±  ��� �1 � ���� (11) 

 
where ���  is the rth modal eigenvalue of the system; �����  
is the conjugate of ��� ; ���  and ���  are the rth modal natural 
frequency and the rth modal damping ratio of the system, 
respectively; and i is the unit imaginary number (i.e.  � √�1). The objective function to determine the optimum 
design parameters for the BMD system is that three modal 
damping ratios which are dominant respectively for the 
response mitigation of the superstructure, isolated layer and 
substructure are important and should be taken as an 
approximately equal value, i.e. ��� ≅ ��� ≅ �$� . 
 
2.3  Sensitivity Analysis 

After the reasonable values of ��, ��, �� and �� are 
determined, the optimum design parameters ��, �� and �� 
can be calculated in accordance with the aforementioned 
objective function. The optimum design parameters ��, �� 
and ��  varying with respect to ��  and ��  considering 
different damping ratios of the substructure and 
superstructure are illustrated in Figs. 2, 3 and 4, respectively. �� and �� are assumed to vary within a reasonable range 
in these figures. It can be seen from these figures that the 
optimum design parameters are proportional to ��  and 
non-proportional to �� . Besides, it is obvious that the 
influence of �� is more significant than that of �� on the 
optimum design parameters. Most importantly, the analysis 
results indicate that higher �� , ��  and ��  may not be 
beneficial for the BMD design when �� becomes larger. 

 

 

Figure 2  �� varying with respect to �� and �� 

 

 

Figure 3  �� varying with respect to �� and �� 

 

 

Figure 4  �� varying with respect to �� and �� 

 
3.  EXPERIMENTAL STUDY 
 

The effectiveness of the BMD system with optimum 
design parameters on the seismic protection of building 
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structures is evaluated through a series of shaking table tests. 
 
3.1  Design of Test Specimen with BMD System 

Considering a scale-down factor of 1/4, the plane 
dimension and height of each story of the test steel structures 
are 1500mm by 1100mm and 1100mm, respectively. The 
columns are wide flange sections with a sectional- 
dimension of 100×100×6×8 (mm), and the beams are 
channel sections with a sectional-dimension of 100×50×5×5 
(mm). The material properties of the columns and beams are 
A36 steel. In this study, the total heights of two types of test 
specimens, Specimens A and B, are the same but the 
isolation systems are installed at two different stories (or two 
different elevations), as shown in Fig.5. Specimen A consists 
of 4-story superstructure, isolation system composed of 
rubber bearings (RB) and linear viscous dampers (VD), and 
3-story substructure. Specimen B consists of 6-story 
superstructure, isolation system composed of RBs and linear 
VDs, and 1-story substructure. A seismic reactive mass of 
0.5 kN-sec2/m is assigned to each floor of Specimens A and 
B. 

 

 

Figure 5  Design drawings of Specimens A and B 

 
After calculating the predominant modal masses and 

modal periods of the substructure and superstructure with a 
fixed base condition for each test specimen, the 
author-defined parameters and the optimum design 
parameters  ��, �� and ��  can be determined using the 
proposed method described in Section 2.2. It is apparent that 
different mass ratio cases may result in different optimum 
design values of �� . Therefore, for the optimum design 
purpose, the superstructure of Specimen B needs to be 
stiffened because the original value of �� (i.e. ��,)*+,-.) is 
smaller than the optimum value of ��  (i.e. ��,/01,232 ), 
while the substructure of Specimen A needs to be stiffened 
due to a smaller demand for ��. The angle-section steel 
braces with different section dimensions are designed and 
installed in the superstructure or substructure in order to 
achieve the design objectives. The stiffness contributed by 
RBs and the equivalent damping ratio of linear VDs in the 
isolation layer can be calculated according to the determined 
optimum values and  ��  and �� , respectively. The 
preliminary design procedure is illustrated in Fig. 6. The 

optimum design results for Specimens A and B, denoted as 
Specimens A-1 and B-1 thereafter and depicted in Fig. 7, are 
summarized in Table. 1. 

 

 

Figure 6  Design procedure of BMD system 

  

Figure 7  Photos of Specimens A-1 and B-1 on shaking table 

 
In order to verify the validity of the proposed method 

for optimum BMD design, as well as to discuss the 
influences of the parameters of interest on seismic control, a 
series of benchmark building structures are also designed 
and fabricated as described in the following: 
(1) Compared to Specimen A-1, Specimen A-2 has a lower 

stiffness contributed by RBs �� (or nominal frequency 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Preliminary design of substructure ( �1, �1) 

and superstructure ( �3, �3) 

Determine damping ratio �1 and �3 

Calculate mass ratio �2, �3 and �3,678 9:  

Calculate BMD optimum parameters �2, �2 and �3,;<= �
�  

Stiffen substructure �1 or superstructure �3 

Calculate stiffness �2 and damping 

coefficient >2 of isolation layer 

Yes 

No 

No 

Check if �1 and �3 

are reasonable 

Check if �2 and >2 
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��) while Specimen A-3 has a higher one. Meanwhile, 
in order to fix the component damping ratio �� which 
is related to ��, the damping coefficients of linear VDs 
for Specimens A-2 and A-3 should also be adjusted 
adequately. 

(2) Specimen A-4 has a lower �� while Specimen A-5 has 
a higher one, compared to Specimen A-1 

(3) Compared to Specimen A-1, Specimen A-6 has a lower 
substructure stiffness �� (or nominal frequency �� ) 
while Specimen A-7 has a higher one. Meanwhile, 
because the variation of ω� also leads to the variations 
of ��  and �� , the damping coefficients of linear 
viscous dampers for Specimens A-6 and A7 should also 
be adjusted adequately. 

(4) Specimen B-2 has a lower superstructure stiffness �� (or nominal frequency ��) while Specimen B-3 has 
a higher one, compared to Specimen B-1 
The non-optimum design results for Specimens A and 

B, including Specimens A-2, A-3, A-4, A-5, A-6, A-7, B-2 
and B-3, together with the design results for the bare frame 
structure, are summarized in Table. 1. 
 

Table. 1. Design parameters for all test specimens 

 
3.2  Input Ground Motion 

Five real earthquake records with distinct seismic 
characteristics adopted in this research, including 1999 
Taiwan Chi-Chi earthquake recorded at TCU047 and 
TCU068 stations, 1940 United States Imperial Valley 
earthquake recorded at I-ELC270 station, 1995 Japan Kobe 
earthquake recorded at KJM000 station, and 2011 off the 
Pacific coast of Tohoku earthquake recorded in the THU 
building close to MYG013 station (respectively denoted as 
TCU047, TCU068, EL Centro, Kobe and THU thereafter), 
are summarized in Table. 2. The critical component of each 
earthquake time history that possesses a larger peak ground 
acceleration (PGA) value is chosen for the ground input of 
the shaking table tests. Furthermore, since the test specimens 
are scale-down building structures, a time scale (= �8>@A7 �@>=;B = 1/√4 ) should be considered for all the 
earthquake excitations to meet the similitude law. The scaled 
acceleration spectra for all the test earthquake excitations 
normalized to a PGA value of 1g are illustrated in Fig. 8. 
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Figure 8  Acceleration spectra of earthquake excitations 

Table. 2. Earthquake test program 

 

 
 

3.3  Seismic Response 
 
The comparison of peak acceleration responses at each 

story of Specimen A-1 and the bare frame structure under 
EL Centro and TCU068 earthquakes is shown in Fig. 9. It 
can be seen that the structure with optimum BMD design 
can reveal a better seismic performance compared to the 
bare frame structure. That is to say, the BMD system with 
optimum design parameters is beneficial as expected for 
structural control.  

 

Stiffness of  RB Damping of VD Brace section

ξ2 f 2 f 3 kN/m kN-s/m (mm)　

Bare Frame - - - - - -

A-1 0.22 0.43 0.47 952.57 25.56 L70×70×6

A-2 0.22 0.29 0.47 435.13 17.28 L70×70×6

A-3 0.22 0.53 0.47 1470 31.88 L70×70×6

A-4 0.09 0.43 0.47 952.57 10.46 L70×70×6

A-5 0.35 0.43 0.47 952.57 40.67 L70×70×6

A-6 0.22 0.43 0.52 811.93 23.6 L60×60×5

A-7 0.22 0.43 0.42 1226.3 29 L90×90×9

B-1 0.28 0.45 0.4 1452.29 46.98 L20×20×2

B-2 0.28 0.45 0.34 1452.29 46.98 L15×15×1

B-3 0.28 0.45 0.45 1452.29 46.98 L25×25×3

Specimen
Structural Parameter

 

Test Name Input Excitation 
Earthquake 

Component 
Time Scale 

Shaking 

Direction 

Test PGA

Original PGA
 
Test PGA 

Value (g) 

I-ELC270 

El Centro/I-ELC270 

Imperial Valley, U.S. 

1940/05/19 

Real Earthquake 

NS 
√scale factor

1 / 4=  
X 

80% 0.28g 

160% 0.56g 

240% 0.84g 

KJM000 

KJMA/KJM000 

Kobe, Japan 

1995/01/16 

Real Earthquake 

NS 
√scale factor

1 / 4=  
X 

40% 0.33g 

60% 0.50g 

80% 0.66g 

921TCU04

7 

Chi-Chi/TCU047 

Chi-Chi, Taiwan 

1999/09/21 

Real Earthquake 

NS 
√scale factor

1 / 4=  
X 

80% 0.35g 

160% 0.70g 

240% 1.06g 

921TCU06

8 

Chi-Chi/TCU068 

Chi-Chi, Taiwan 

1999/09/21 

Real Earthquake 

NS 
√scale factor

1 / 4=  
X 

30% 0.19g 

60% 0.37g 

90% 0.56g 

THU 

Tohoku/THU 

Tohoku, Japan 

2011/03/11 

Real Earthquake 

NS 
√scale factor

1 / 4=  
X 

50% 0.17g 

100% 0.33g 

150% 0.50g 
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Figure 9  Peak acceleration responses of Specimen A-1 and 
bare frame structure 

 
The peak acceleration responses at each story of 

Specimens A-1, A-2 and A-3 subjected to all the earthquake 
excitations are depicted in Fig. 10. The values of �� for 
Specimens A-1, A-2 and A-3 are 0.43 (optimum design 
value), 0.29 and 0.53, respectively, as summarized in Table. 
1. It is of no surprise that more flexible the isolation system 
is (i.e. �� is smaller), smaller acceleration responses the 
superstructure has. On the contrary, a stiffer isolation system 
(i.e. �� is larger) would lead to larger acceleration responses 
at both the superstructure and substructure. Besides, 
although there is no significant difference between the peak 
acceleration responses at the superstructures of Specimens 
A-1 and A-2, the flexibility of the isolation system may 
result in enlarged acceleration responses at the substructure. 
In summary, Specimen A-1 for which the optimum BMD 
design parameters are designed has a better seismic control 
capability than Specimens A-2 and A-3. 

 
Figure 10  Peak acceleration responses of Specimens A-1, 

A-2 and A-3 

 
The peak acceleration responses at each story of 

Specimens A-1, A-4, and A-5 under all the earthquake 
excitations are depicted in Fig. 11. The values of �� for 
specimens A-1, A-4 and A-5 are 22% (optimum design 
value), 9% and 35%, respectively, as summarized in Table. 1. 
It is of no surprise that Specimen A-4 reveals a worse 
seismic performance compared to Specimens A-1 and A-5 
due to a smaller �� value (i.e. ��= 9%). It is worth noting 
that the reduction of acceleration response in Specimen A-1 
with the optimum design value (i.e. ��= 22%) is similar to 
and even better than that in Specimen A-5 with a larger �� 
(i.e. ��= 35%). In other words, an increase of �� is not 
very beneficial for acceleration reduction when  ��  is 
larger than the optimum design value, especially at the 
superstructure. 
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Figure 11  Peak acceleration responses of Specimens A-1, 
A-4 and A-5 

 
 
The peak acceleration responses at each story of 

Specimens A-1, A-6, and A-7 under all the earthquake 
excitations are depicted in Fig. 12. The values of �� for 
Specimens A-1, A-6 and A-7 are 0.47 (optimum design 
value), 0.52 and 0.42, respectively, as summarized in Table. 
1. It can be seen that the influence of �� on the acceleration 
responses at the substructure is more significant than that at 
the superstructure. It should be noted that the peak 
acceleration response at the substructure is increased 
significantly with increasing �� under TCU047 and THU. 
The effect of �� on the seismic performance of a building 
structure with the BMD system should be further studied 
after the test data are processed completely.  

 

Figure 12  Peak acceleration responses of Specimens A-1, 
A-6 and A-7 

 
 

Based on the preliminary experimental results, it can be 
concluded that Specimen A-1 for which the optimum BMD 
design parameters are designed has a satisfactory seismic 
performance. 
 
3.  CONCLUSIONS 
 

Using the simplified structural model and the proposed 
objective function, the effects of different parameters of 
interest, including mass ratios, frequency ratios and damping 
ratios, on the dynamic characteristics of a building structure 
with the BMD system are investigated thoroughly in this 
study. The preliminary experimental results indicate that the 
BMD system with optimum design parameters can 
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effectively control the seismic responses of both the 
superstructure and substructure. Therefore, the complete 
experimental data will be further studied and the comparison 
of numerical predictions and experimental results will be 
performed in the next stage of this research. Based on the 
experimental and numerical results, it is the final goal to 
provide an appropriate and feasible design procedure for a 
building structure with the optimum BMD system in 
practice.   
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Abstract:  We clarify the seismic response of coupled long-period structures with Maxwell-type dampers subjected to 
long-period ground motions. The simulated long-period ground motions induced in anticipated Nankai earthquake are 
used for analyses. By varying damping coefficient cd and stiffness kd of dampers, the minimal relative displacements for 
2DOF systems are computed to analyze the dependence of long-period components of the ground motions on the 
effectiveness of optimal structural control by installing dampers from view of points of frequency ratio ωf/ω 

  defined as 
the value of dominant angular frequency of a ground motion ωf compared with 1st natural angular frequency of the 
systems ω 

 , mass ratio μ (m2/m1), frequency ratio γ (ω2/ω1) defined as the ratio of natural angular frequency for system 2 
ω2 by that for system 1 ω1, stiffness ratio of dampers n defined as the ratio of damper's stiffness kd by system 1's stiffness 
k1 and damping ratio ζ defined as the ratio of damping coefficient cd by system 1's damping coefficient. Furthermore, we 
analyze long-period components of the ground motions recorded at 506 K-NET and KiK-net stations in the 2011 off the 
Pacific Coast of Tohoku earthquake, which are possible to affect seismic response of coupled long-period structures with 
Maxwell-type dampers. 

  
 
1.  INTRODUCTION 

 

    The off the Pacific Coast of Tohoku earthquake (Mw 

=9.0) occurred on March 11, 2011 in Japan, which has 

widespread rupture with lengths of about 500km and widths 

of about 200km (JMA 2011), (hereinafter as Tohoku 

earthquake). There are 15,845 fatalities and 3,380 missing 

due to the event (as of January 23 by National Police 

Agency).  

    Infrastructures were severely suffered by the induced 

ground motions as well as by the tsunami wave loads. 

Long-period ground motions (hereinafter as LGM) were 

induced at the plains and basin regions such as Aomori, 

Akita, Miyagi, Fukushima, Yamagata, Ibaraki, Chiba, 

Kanagawa and Yamanashi prefectures and Tokyo 

metropolitan areas. They might excite long-period 

infrastructures such as long viaducts and energy plant 

facilities. We have possible high seismic hazards due to huge 

plat boundary earthquakes such as Tonankai and Nankai 

earthquakes are considered to induce LGMs and then we 

take countermeasures for reducing the infrastructure damage 

due to the induced LGMs. 

    From the reason above, the related researchers are 

involved in dynamic responses analyses for super 

high-raised buildings with natural period of 3.0 sec to 5.0 sec 

and isolated buildings subjected to LGMs (for Kitamura and 

Mayahara 2006, Tanaka and Takenaka 2006). For 

infrastructures, the response for oil storage tanks and 

long-period bridges subjected to LGMs are clarified (Zama 

2006, Shoji et al. 2008). One of countermeasures for 

reduction of their seismic responses is the structural control 

by seismic dampers with adjacent parallel structures such as 

adjacent high-raised buildings and long viaducts.  

    From view of points of structural control for adjacent 

parallel structures, Iwanami et al. (1986) analyzed the 

response of parallel structures by dampers and springs, and 

proposed optimal vibration control method. Kageyama et al. 

(2000) proposed the formula，on designing optimal damping 

parameters for adjacent structures with dampers and springs 

and Yasui (2007) proposed the framework for designing 

optimal damping coefficients for Maxwell-type dampers 

(hereinafter as MDs). However the related previous studies 

have not dealt enough with evaluation of seismic response 

for long-period adjacent structures subjected to LGMs.  

    Therefore, we clarify seismic response mechanism of 

long-period adjacent structures with MDs subjected to 

LGMs. For numerical analyses, the simulated waveforms for 

anticipated Nankai earthquake are used for input LGMs. In 

addition we select LGMs recorded at K-NET and KiK-net 

stations in the Tohoku earthquake (National Research 

Institute for Earth Science and Disaster Prevention 2011) in 

order to carry out seismic response analyses. Finally, we 

discuss the effectiveness of MDs on seismic responses for 
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Table 2  Parameters of MDs 

 

f [Hz] 0.01 0.05 0.1 0.5 1.0 5.0 10.0

k d [MN/m] 0.1 0.2 0.5 1.0 5.0 10.0

c d [MNsec/m] 0.005 0.01 0.05 0.1 0.5 1.0 5.0 10.0 50.0

adjacent coupled long-period structures subjected to LGMs 

by comparing the results for the Tohoku earthquake with 

those for anticipated Nankai earthquake. 

 

2. STRUCTURAL MODELING AND INPUT 

GROUND MOTIONS  

 

2.1  Subject Structures 

    Subject adjacent long-period structures are modeled as 

two degrees of freedom (2DOF) systems  connected by 

MDs as shown in Figure 1. 

    The equations of motion are given by 

 

       uxcxxcxxkuxkxm
vv  

1112121111

 

       uxcxxcxxkuxkxm
vv  

2212122222

 

 

where xi, u are absolute response displacement of system i 

and an input displacement, mi, ki, kv, ci, cv are a mass of 

system i, a stiffness of system i, a stiffness of dampers, a 

damping coefficient of system i and a damping coefficient of 

dampers. First, we assume Voigt-type dushpots (hereinafter 

as VDs) model for constructing above equations of motion. 

Second, we exchange the VDs model to MDs model by 

using the following equations.  
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where ωd (2πf) is an angular frequency of MDs, kd is a 

stiffness of MDs and cd is a damping coefficient of MDs. We 

vary natural frequency of MDs f for the analyses. 

 

2.2  Parameters of Structures and MDs 

    Table 1 shows parameters of subject structures. We 

vary 1st natural period of the coupled model T1 from 2.50 

sec to 7.50 sec and 2nd natural period of the coupled model 

T2 from 1.24 sec to 5.12 sec. This results in variation of mass 

ratio μ (m2/m1) from 0.09 to 1.0 and frequency ratio γ 

(1) 

(2) 

(3) 

 

Figure 1  Subject Structures 
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Table 1  Parameters of Subject Structures

 

No. of Systems No.1 No.2 No.3 No.4 No.5 No.6 No.7 No.8 No.9 No.10

T 1 2.50 3.00 3.50 4.00 4.20 4.50 4.50 5.00 5.00 5.00

T 2 1.24 1.26 1.28 1.28 2.93 1.28 3.23 1.29 1.80 1.33

m 1 [kg]×106 2.17 3.24 4.49 5.95 6.00 7.56 6.00 9.40 9.40 9.40

m 2 [kg]×10
6 0.80 0.80 0.80 0.80 2.50 0.80 3.00 0.80 1.88 0.94

c 1 [MNsec/m] 0.15 0.19 0.24 0.29 0.32 0.34 0.32 0.39 0.40 0.40

c 2 [MNsec/m] 0.19 0.21 0.21 0.22 0.51 0.22 0.56 0.22 0.44 0.31

k 1 [MN/m] 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43

k 2 [MN/m] 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43

μ 0.37 0.25 0.18 0.13 0.42 0.11 0.50 0.09 0.20 0.10

r 1.65 2.01 2.37 2.73 1.55 3.07 1.41 3.43 2.24 3.16

No. of Systems No.11 No.12 No.13 No.14 No.15 No.16 No.17 No.18 No.19 No.20

T 1 5.10 5.20 5.30 5.40 5.50 5.60 5.80 6.00 6.70 7.50

T 2 2.23 2.54 2.73 2.93 3.12 3.28 3.39 3.49 4,76 5.12

m 1 [kg]×106 9.40 9.40 9.40 9.40 9.40 9.40 9.40 9.40 12.00 15.00

m 2 [kg]×10
6 2.82 3.76 4.70 5.64 6.58 7.52 8.46 9.40 10.00 10.00

c 1 [MNsec/m] 0.40 0.40 0.40 0.40 0.40 0.40 0.40 0.40 0.45 0.50

c 2 [MNsec/m] 0.54 0.63 0.70 0.77 0.83 0.89 0.94 0.39 1.02 1.02

k 1 [MN/m] 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43

k 2 [MN/m] 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43 10.43

μ 0.30 0.40 0.50 0.60 0.70 0.80 0.90 1.00 0.83 0.67

r 1.83 1.58 1.41 1.29 1.20 1.12 1.05 1.00 1.10 1.22
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(ω2/ω1) from 1.00 to 3.43, defined as the ratio of 

ω2=        divided by ω1=      . 378 MDs patterns 

are set by varying natural frequency f of 7 patterns, stiffness 

kd of 6 patterns and damping coefficient cd of 9 patterns as 

shown in Table 2. 

    We carry out dynamic response analyses for natural 

frequency f of 7 patterns. For 54 cases with stiffness kd of 6 

patterns and damping coefficient cd of 9 patterns, we 

compute minimal values of maximum relative 

displacements for system 1 and system 2, and minimal 

values of maximum relative displacement between system 1 

and system 2. The corresponding cd and kd are optimal ones 

for MDs. 

    We use transmissibilities on relative displacement for 

system i |(Xi-U)/U| and relative displacement between 

system 1 and system 2 |(X2-X1)/U| as the function of 

frequency ratio ωf/ω 
  defined as the value of dominant 

angular frequency of a ground motion ωf compared with 1st 

natural angular frequency of couple model ω 
 . These 

indices are measures of the sensitivity of dynamic responses 

for the systems subjected to an input excitation. These values 

are defined as those of minimal values of maximum relative 

displacements (Xi-U), (X2-X1) divided by maximum input 

displacement U. For analyses, we use related four dynamic 

parameters: frequency ratio ωf/ω 
 , mass ratio μ (m2/m1), 

frequency ratio γ (ω2/ω1), stiffness ratio n (kd/k1) and 

damping ratio ζ (   2     ). n is defined as the value of 

stiffness of dampers kd compared with stiffness of system 1 

k1. ζ is defined as the value of damping coefficient of 

dampers cd compared with damping coefficient of system 1． 

 

2.3  Input Ground Motions  

    70 ground motions for anticipated Nankai earthquake 

simulated by Kamae et al. (2004) and Kawabe and Kamae  

(2008) are used for dynamic response analyses (Table 3). 

Figure 2 shows relation between Fourier amplitude Ff and 

dominant angular frequency of a ground motion ωf. From 

Figure 2, we classify input LGMs into 5 groups: LGMs with 

natural periods Tf of 2.55 sec to 2.93 sec (Group 1), LGMs 

with Tf of 3.21 sec to 3.97 sec (Group 2), LGMs with Tf of 

4.15 sec to 4.91 sec (Group 3), LGMs with Tf of 5.00 sec to 

6.92 sec (Group 4) and LGMs with Tf of 9.64 sec to 17.99 

sec (Group 5). The corresponding frequency ratio ωf/ω 
  are 

in the range of 0.49 to 2.96 for Group 1, that of 0.63 to 2.34 

for Group 2, that of 0.50 to 1.81 for Group 3, that of 0.36 to 

1.54 for Group 4, that of 0.14 to 0.79 for Group 5. Figure 3 

shows example of Group 4 waveform of anticipated Nankai 

earthquake LGMs. 

    In addition, for the analyses we compute 1,518 

three-component acceleration spectra, velocity spectra, and 

displacement spectra recorded at 506 K-NET and KiK-net 

stations in 14 prefectures (Aomori, Iwate, Miyagi, Akita, 

Yamagata, Fukushima, Ibaraki, Tochigi, Gunma, Saitama, 

Chiba, Kanagawa, Yamanashi and Shizuoka) and Tokyo 

metropolitan areas during the Tohoku earthquake. First, we 

select 471 candidate input LGMs for the analysis, that might 

have an impact on seismic response for coupled long-period 

structures, with setting the threshold that velocity response 

spectra are over 0.4 m/s and displacement response spectra 

are over 0.2 m at natural periods of 1.0 sec to 5.0 sec. 

Second, among 471 LGMs we select 46 ground motions for 

input LGMs with setting the threshold at which dominant 

Table 3  Input LGMs（Anticipated Nankai Earthquake） 

  

 

No. Name of Waveforms ω f [rad/sec] T f [sec] F f [m/sec]

1 OSK003 NS 2.47 2.55 569.06

2 OSK003 EW 1.23 5.09 424.32

3 OSK005 NS 1.77 3.55 354.23

4 OSK005 EW 2.44 2.57 307.61

5 OSK008 NS 2.37 2.65 573.05

6 OSK008 EW 2.47 2.55 467.13

7 New-Nankai008_FKS_NS 1.16 5.40 417.97

8 New-Nankai008_FKS_EW 1.16 5.40 440.89

9 New-Nankai008_OSK003 NS 2.47 2.55 283.02

10 New-Nankai008_OSK003 EW 1.23 5.09 447.97

11 New-Nankai008_OSK005 NS 0.47 13.49 220.44

12 New-Nankai008_OSK005 EW 1.84 3.42 242.90

13 New-Nankai008_OSK006 NS 1.23 5.09 661.09

14 New-Nankai008_OSK006 EW 1.19 5.29 502.63

15 New-Nankai008_OSK008 NS 2.14 2.93 254.57

16 New-Nankai008_OSK008 EW 2.14 2.93 260.42

17 New-Nankai008_OSKH02 NS 1.02 6.13 507.00

18 New-Nankai008_OSKH02 EW 1.02 6.13 608.69

19 New-Nankai008_ROKKO-G NS 0.91 6.92 804.76

20 New-Nankai008_ROKKO-G EW 0.93 6.75 725.03

21 New-Nankai008_WOS NS 1.23 5.09 516.55

22 New-Nankai008_WOS EW 1.07 5.87 385.59

23 New-Nankai008_YAE NS 0.95 6.58 298.64

24 New-Nankai008_YAE EW 1.19 5.29 278.10

25 Nankai021_ABN NS 1.28 4.91 483.35

26 Nankai021_ABN EW 1.12 5.62 343.50

27 Nankai021_AMA NS 1.07 5.87 464.69

28 Nankai021_AMA EW 1.00 6.28 381.34

29 Nankai021_CHY NS 0.40 15.87 120.06

30 Nankai021_CHY EW 0.42 14.99 91.40

31 Nankai021_HDS NS 0.51 12.27 81.13

32 Nankai021_HDS EW 0.37 16.87 134.46

33 Nankai021_HYG021 NS 0.47 13.49 208.49

34 Nankai021_HYG021 EW 0.58 10.79 136.46

35 Nankai021_HYG022 NS 1.58 3.97 438.88

No. Name of Waveforms ω f [rad/sec] T f [sec] F f [m/sec]

36 Nankai021_HYG022 EW 1.47 4.28 366.10

37 Nankai021_IMF NS 0.35 17.99 338.10

38 Nankai021_IMF EW 0.56 11.24 179.75

39 Nankai021_KBU NS 0.47 13.49 219.62

40 Nankai021_KBU EW 0.56 11.24 130.50

41 Nankai021_KMN NS 0.37 16.87 407.35

42 Nankai021_KMN EW 0.49 12.85 199.59

43 Nankai021_MOT NS 0.47 13.49 222.05

44 Nankai021_MOT EW 1.35 4.65 174.35

45 Nankai021_MRG NS 1.09 5.74 525.95

46 Nankai021_MRG EW 1.14 5.51 347.09

47 Nankai021_NRS NS 0.44 14.20 99.11

48 Nankai021_NRS EW 0.42 14.99 116.03

49 Nankai021_OCU NS 1.42 4.42 501.47

50 Nankai021_OCU EW 1.37 4.57 281.43

51 Nankai021_OSKH01 NS 1.65 3.80 249.37

52 Nankai021_OSKH01 EW 1.95 3.21 258.94

53 Nankai021_OSKH03 NS 0.44 14.20 111.93

54 Nankai021_OSKH03 EW 0.42 14.99 107.74

55 Nankai021_OSKH04 NS 0.42 14.99 151.21

56 Nankai021_OSKH04 EW 0.40 15.87 112.24

57 Nankai021_SKI NS 1.33 4.73 403.39

58 Nankai021_SKI EW 1.26 5.00 481.65

59 Nankai021_SMA NS 1.72 3.65 712.90

60 Nankai021_SMA EW 1.49 4.22 438.71

61 Nankai021_SMY NS 0.40 15.87 97.36

62 Nankai021_SMY EW 0.40 15.87 108.63

63 Nankai021_SRK NS 1.86 3.37 323.89

64 Nankai021_SRK EW 1.63 3.86 302.10

65 Nankai021_TDO NS 1.51 4.15 514.21

66 Nankai021_TDO EW 1.58 3.97 498.15

67 Nankai021_TRM NS 0.40 15.87 236.51

68 Nankai021_TRM EW 0.65 9.64 158.47

69 Nankai021_TYN NS 0.44 14.20 186.79

70 Nankai021_TYN EW 0.44 14.20 112.87

- 1435 -



 

 

natural period of input LGMs Tf is over 2.5 sec (Table 4). 

Figure 4 shows the locations of the 32 observatory stations at 

which 46 LGMs are observed. Figure 5 shows that we 

classify them into 4 groups: LGMs with natural periods Tf of 

2.42 sec to 2.94 sec (Group 1), LGMs with Tf of 3.09 sec to 

3.95 sec (Group 2), LGMs with Tf of 4.04 sec to 4.99 sec 

(Group 3) and LGMs with Tf of 5.15 sec to 6.79 sec (Group 

4). The corresponding frequency ratio ωf/ω 
  are in the range 

of 0.83 to 2.96 for Group 1, that of 0.72 to 2.42 for Group 2, 

that of 0.56 to 2.01 for Group 3 and that of 0.42 to 1.43 for 

Group 4. Figure 6 shows example of Group 2 waveform of 

the Tohoku Nankai LGMs. 

 

 
Figure 2  Fourier Amplitude Ff of LGMs（Anticipated 

Nankai Earthquake） 
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Figure 3  Input LGM (Anticipated Nankai 

Earthquake) 
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Figure 4  Observatory Stations (Tohoku earthquake） 
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Table 4  Input LGMs（Tohoku Earthquake） 

  

No. Name of Waveforms Name of Station ω f [rad/sec] T f [sec] F f [m/sec]

1 AKT005EW NOSHIRO 1.80 3.48 182.48

2 AKT006NS KADUNO 2.03 3.09 163.14

3 AKT008EW IITAGAWA 1.26 4.99 133.50

4 AKT008NS IITAGAWA 1.39 4.53 165.07

5 AKT010EW AKITA 1.26 4.99 133.50

6 AKT010NS AKITA 1.39 4.53 165.07

7 AKT020EW KISAKATA 2.42 2.60 147.83

8 AKT020NS KISAKATA 2.48 2.53 183.21

9 AKTH16NS NISHISENBOKU 1.81 3.48 249.58

10 AOM008EW YOKOHAMA 1.76 3.57 162.92

11 AOM008NS YOKOHAMA 2.14 2.94 169.31

12 AOM016EW HIROMAE 1.53 4.11 201.21

13 AOM016NS HIROMAE 1.49 4.22 135.62

14 AOM019EW GOSHOGAWARA 1.70 3.70 257.61

15 AOM019NS GOSHOGAWARA 1.88 3.33 290.41

16 AOM020EW AOMORI 2.53 2.48 274.84

17 AOM020NS AOMORI 1.59 3.95 242.68

18 AOM025EW IMABETSU 1.88 3.33 156.43

19 AOMH08EW AGIGASAWA 1.51 4.16 211.22

20 AOMH08NS AGIGASAWA 1.49 4.22 205.40

21 CHB004NS SAWARA 1.43 4.39 332.58

22 CHB013EW MOBARA 2.60 2.42 351.46

23 CHB024NS INAGE 1.41 4.46 398.39

24 CHB025NS CHIKURA 1.88 3.33 148.35

25 CHB026EW CHOUNAN 2.37 2.65 195.08

26 CHB026NS CHOUNAN 1.68 3.75 232.89

27 CHBH04EW SHIMOHSA 0.92 6.79 395.06

28 CHBH10EW CHIBA 2.54 2.47 258.45

29 CHBH11EW YOURO 2.42 2.60 174.01

30 CHBH11NS YOURO 1.51 4.15 155.80

31 FKS021EW KITAKATA 1.95 3.23 312.00

32 FKS021NS KITAKATA 1.32 4.76 296.00

33 IBRH07NS EDOSAKI 1.40 4.48 394.54

34 KNG005NS KAMAKURA 2.23 2.82 162.51

35 KNG006EW FUTAMATAGAWA 1.68 3.74 180.20

36 KNG006NS FUTAMATAGAWA 2.14 2.93 152.46

37 MYG005EW NARUKO 1.82 3.45 1065.00

38 TKY007EW SHINJUKU 2.45 2.56 245.00

39 YMNH12EW MASUHO 1.85 3.40 81.09

40 YMT001EW SAKATA 1.53 4.09 441.67

41 YMT001NS SAKATA 1.45 4.33 315.47

42 YMT002NS SHINJOH 1.43 4.39 210.47

43 YMT009EW SAGAE 1.22 5.15 203.02

44 YMT017EW SHINJYO BRANCH 1.55 4.04 442.02

45 YMT017NS SHINJYO BRANCH 1.47 4.27 315.05

46 YMTH02NS YAMAGATA 2.54 2.47 335.09

 
Figure 6  Input LGM (Tohoku Earthquake) 
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Figure 5  Fourier Amplitude Ff of LGMs（Tohoku 

Earthquake） 
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3.  PROPOSED SCHEME FOR SETTING OPTIMAL 

DAMPING PARAMETERS n AND ζ BASED ON P,Q 

THEORY 

 

    We propose scheme for setting optimal damping 

parameters n and ζ based on P,Q theory in order to compare 

simulated results with theoretical reference values on 

transmissibilities on relative displacement for system i 

|(Xi-U)/U|. Now, absolute displacement xi for system i 

subjected to a harmonic excitation is given by 

 
tititi UeueXxeXx   ,,

2211

 

 

where X1, X2 and U are displacement amplitude of system 1, 

system 2 and an input excitation, ω is natural angular 

frequency of an input harmonic excitation and i is the 

imaginary unit. By substituting Eq. (4) into Eq. (1) and Eq. 

(2) with Eq. (3), we derive |(Xi-U)/U| with MDs as shown in 

Eq. (5) and Eq. (6), which are used to be theoretical values 

compared with simulated ones with MDs. 

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

where μ (m2/m1) is a mass ratio, ωi (      ) is an angular 

frequency for system i, γ (ω2/ω1) is an frequency ratio, ξi is a 

damping ratio for system i, n (kd/k1) is a stiffness ratio and ζ 

(   2     ) is a damping ratio. 

    Now, with setting of mass ratio μ, frequency ratio γ and 

ξ1=ξ2=0 in Eq.(5) (c1=c2=0 in Fig.1), we compute |(Xi-U)/U| 

and frequency ratio ωf/ω 
  at fixed P and Q points, which are 

determined to be intersections between ζ=0 curve and ζ=∞ 

curve. By using the P,Q points, we seek the optimal n and ζ 

in the following two steps. 

(A)  Determine optimal stiffness ratio n to minimize the 

difference of the values of |(Xi-U)/U| at P and Q points. 

(B)  Determine optimal damping ratio ζ when the value of 

|(Xi-U)/U| with reintroducing μ, γ, optimal n and ξi for 

system i in Eq. (5) and Eq. (6), becomes maximum in the 

nearly vicinity of P or Q point. 

    In addition, we derive |(Xi-U)/U| with VDs as shown in 

Eq. (7) and Eq. (8), which are used to be theoretical values 

compared with simulated ones with MDs. 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

We derive also |(Xi-U)/U| with only dampers as shown in Eq. 

(9) and Eq. (10), which are used to be theoretical values 

compared with simulated ones with MDs. 

 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

Furthermore, if γ is set to be variable, we derive |(Xi-U)/U| 

with only dampers as shown in Eq. (11), which are used to 

be theoretical curve describing the relation of |(Xi-U)/U| and 

μ. 
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By using the relationship between μ and γ (μ=1/γ) in Eq.(11) 

and solving the following Eq.(12), we finally get the relation 

of ζ-γ, which are used as theoretical curve. 
 
 
 
 
 

 
 

 

 
 
 
 
 
4.  SEISMIC RESPONSE OF THE SYSTEMS WITH 

MDS 

 

4.1  Relation between Transmissibility and Frequency 

Ratio 

    Figure 7 shows the relation between transmissibilities 

on relative displacement for system 1 |(X1-U)/U| and relative 

displacement between system 1 and system 2 |(X2-X1)/U| as 

the function of frequency ratio ωf/ω 
  defined as the value of 

dominant angular frequency of a ground motion ωf 

compared with 1st natural angular frequency of couple 

model ω 
 , for anticipated Nankai earthquake. From the 

reason of limitation of paper lengths, we show the cases for 

f=0.01Hz and f=10.0Hz MDs. The case for f=0.01Hz MDs is 

that with most effective dampers and the cases for f=10.0Hz 

MDs is that with relatively worst effective dampers. 

    The peak value of |(X1-U)/U| shows 3.22 at ωf/ω 
 

 of 

1.12 (Group 4) with f=0.01Hz MDs, whereas that shows 

3.95 at ωf/ω 
 

 of 1.02 (Group 4) with f=10Hz MDs. Similarly, 

the peak value of |(X2-X1)/U| shows 0.29 at ωf/ω 
 

 of 2.17 

(Group 1) with f=0.01Hz MDs, whereas that shows 1.34 at 

ωf/ω 
 

 of 0.97 (Group 1) with f=10Hz MDs. This indicates 

that f=0.01Hz MDs are more effective for the reduction of 

seismic response of relative displacement than f=10Hz MDs. 

    Hence, in the following discussion, we focus on the 

results with f=0.01Hz MDs. |(X1-U)/U| for Group 1 has two 

peaks at ωf/ω 
 

 of 1.30 and ωf/ω 
 

 of 2.30 with scattering the 

values at ωf/ω 
 

 of 0.49 to 2.96. |(X1-U)/U| for Group 2 has 

the peak at ωf/ω 
 

 of 1.50 with scattering the values at ωf/ω 
 

 

of 0.63 to 2.34. |(X1-U)/U| for Group 3 has the peak at ωf/ω 
 

 

of 1.19 with showing the values at ωf/ω 
 

 of 0.36 to 1.54. 

|(X1-U)/U| for Group 4 shows the maximum value 3.22 at 

ωf/ω 
 

 of 1.12 compared with |(X1-U)/U| for other groups, 

and increases rapidly in the range of ωf/ω 
 of 0.83 to 1.12. 

|(X1-U)/U| for Group 5 shows the smaller values compared 

with |(X1-U)/U| for other groups, and has the peak at ωf/ω 
  

of 0.57. 

    |(X2-X1)/U| has the maximum value 0.29 at ωf/ω 
 

 of 

2.17 for Group 1, whereas |(X1-U)/U| has the maximum 

value 3.22 at ωf/ω 
 

 of 1.12 for Group 4 as previously 

described. It indicates that effect of dominant frequency 

LGMs on transmissibilities |(X1-U)/U| and |(X2-X1)/U| is 

different.  

    Figure 8 shows the relation between simulated data for 

f=0.01Hz MDs and theoretical curves on |(X1-U)/U|. 

Theoretical curves are computed by applying Eq.(5) with 

optimal n and ζ for given γ as previously described in section 

3. The theoretical curves can predict ωf/ω 
 

 of 1.02 showing 

the maximum |(X1-U)/U|, whereas the simulated data shows 

ωf/ω 
 

 of 1.12. However, theoretical curves shows 5.63 times 

maximum value of |(X1-U)/U| compared with simulated 

values for Group 4, since the former data is subjected to a 

harmonic excitation. From view of points of frequency ratio 

γ, theoretical curves with γ near 1.0 have high 

 
Figure 7  Relation between Transmissibilities |(Xi-U)/U| and Frequency Ratio ωf/ω 

  (for Anticipated Nankai Earthquake): 

(a) |(X1-U)/U|, and (b) |(X2-X1)/U| 
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Figure 9  Relation between Transmissibilities |(Xi-U)/U| and Frequency Ratio ωf/ω 
  (for Tohoku Earthquake): 

 (a) |(X1-U)/U|, and (b) |(X2-X1)/U| 
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transmissibilities |(X1-U)/U|, since natural frequencies for 

adjacent system 1 and system 2 become close for γ=1.05 

(No.17) and γ=1.10 (No.19) cases. 

    Figure 9 shows the relation between transmissibilities 

on relative displacements |(X1-U)/U|, |(X2-X1)/U|, and 

frequency ratio ωf/ω 
  for the Tohoku earthquake LGMs. 

Both results for anticipated Nankai earthquake and the 

Tohoku earthquake have the same trend that the case for 

f=0.01Hz is that with most effective dampers and the case 

for f=10.0Hz is that with relatively worst effective dampers. 

On the other hand, the results for the Tohoku earthquake 

have the different trend with those for anticipated Nankai 

earthquake. The results for anticipated Nankai earthquake 

show high |(X1-U)/U| at ωf/ω 
  of 1.0 to 1.2, whereas those 

for the Tohoku earthquake show high |(X1-U)/U| at ωf/ω 
  of 

1.4 to 1.8. The peak value of |(X1-U)/U| subjected to the 

Tohoku earthquake LGMs shows 4.86 at ωf/ω 
 

 of 1.69 

(AKT005 EW LGM in Group 2) with f=0.01Hz MDs, that 

shows 1.51 times maximum value compared with |(X1-U)/U| 

of Group 4 LGMs for anticipated Nankai earthquake. 

However from velocity and displacement response spectra 

for AKT005 EW LGM, it shows high value of velocity 

response of almost 50[cm/sec] at natural periods from 3.5 

sec to 4.0 sec. The high value of |(X1-U)/U| over 4.0 for 

Group 3 LGMs shows 4.43 and 4.23 for FKS021 NS LGM. 

This is because velocity spectra for FKS021 NS LGM show 

high values of almost 60[cm/sec] at natural period from 4.5 

sec to 5.0 sec although its Ff is not high value of 

296.00[m/sec].  

 

4.2 Relation between Transmissibility and Mass Ratio 

    Figure 10 shows the relation between transmissibilities 

on relative displacement for system 1 |(X1-U)/U| and relative 

displacement between system 1 and system 2 |(X2-X1)/U| 

and mass ratio μ (m2/m1) for anticipated Nankai earthquake. 

Here, we focus on the results for f=0.01Hz MDs because 

these cases are most effective with MDs. Similarly, we focus 

on for results for Group 4 because these cases have strong 

impact on the seismic response of subject structures, that 

have the maximum |(X1-U)/U|. 

    |(X1-U)/U| for Group 1, Group 2 and Group 3 has the 

same trend that the value increases gradually when μ varies 

from 0.09 to 1.0. The maximum |(X1-U)/U| at μ of 0.09 

among Group 1, Group 2 and Group 3 shows 1.21 for Group 

3. The maximum |(X1-U)/U| at μ of 1.0 among Group 1, 

Group 2 and Group 3 shows 2.80 for Group 3. |(X1-U)/U| for 

Group 4 and Group 5 has the same trend that the value 

increases gradually when μ varies from 0.09 to 0.68, and 

from μ of 0.68 the inclination decreases and |(X1-U)/U| 

approaches to nearly 3.20. The maximum |(X1-U)/U| at μ of 

0.09 among Group 4 and Group 5 shows 1.20 for Group 4. 

The maximum |(X1-U)/U| at μ of 0.68 among Group 4 and 

Group 5 shows 3.22 for Group 4. The maximum |(X1-U)/U| 

 

Figure 8  Relation between Transmissibility |(X1-U)/U| 

and Frequency Ratio ωf/ω 
  with Theoretical Curves 
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at μ of 1.0 among Group 4 and Group 5 is 3.20 for Group 4. 

|(X2-X1)/U| for all groups has the same trend that the value 

decreases gradually when μ varies from 0.09 to 1.0. 

    The maximum |(X1-U)/U| at μ of 0.09 shows 1.21 for 

Group 1, 0.99 for Group 2, 0.98 for Group 3, 1.20 for Group 

4 and 0.51 for Group 5. The minimal of maximum 

|(X1-U)/U| at μ of 0.09 among all groups is for Group 5. It 

indicates Group 5 LGMs have the least influence on 

adjacent long-period structures at μ of 0.09. The maximum 

of maximum |(X1-U)/U| at μ of 0.09 among all groups is for 

Group 1. It indicates Group 1 LGMs have the most 

influence on those structures at μ of 0.09. The maximum 

|(X1-U)/U| at μ of 1.0 shows 2.80 for Group 1, 2.04 for 

Group 2, 2.28 for Group 3, 3.20 for Group 4 and 1.38 for 

Group 5. The minimal of maximum |(X1-U)/U| at μ of 1.0 

for all groups is for Group 5. It indicates Group 5 LGMs 

have the least influence on adjacent long-period structures at 

μ of 1.0. The maximum of maximum |(X1-U)/U| at μ of 1.00 

among all groups is for Group 4 that indicates Group 4 

LGMs have the most influence on those structures at μ of 

1.0. 

    The maximum |(X2-X1)/U| at μ of 0.09 shows 0.29 for 

Group 1, 0.17 for Group 2, 0.14 for Group 3, 0.28 for Group 

4 and 0.11 for Group 5. The minimal of maximum 

|(X2-X1)/U| at μ of 0.09 for all groups is for Group 5. It 

indicates Group 5 LGMs have the least influence on 

adjacent long-period structures at μ of 0.09. The maximum 

of maximum |(X1-U)/U| at μ of 0.09 among all groups is for 

Group 1. It indicates Group 5 LGMs have the most 

influence on those structures at μ of 0.09. |(X2-X1)/U| at μ of 

1.0 for all groups is almost 0. 

    Figure 11 shows the relation between simulated data for 

f=0.01Hz MDs and theoretical values and curve on 

|(X1-U)/U|: those with MDs for given γ, those with VDs for 

given γ, theoretical values with only dampers for given γ and 

theoretical curve with only dampers for variable γ. The 

theoretical values and curve are computed by the procedures 

as previously described in section 3. From Figure 11, 

simulated |(X1-U)/U| for f=0.01Hz MDs are 0.99, 1.84 and 

2.58 at μ of 0.09, 0.4 and 0.9. Theoretical |(X1-U)/U| with 

MDs for given γ are 2.97, 5.85 and 18.01 at μ of 0.09, 0.4 

and 0.9. Theoretical |(X1-U)/U| with MDs for given γ are 3.0 

times, 3.2 times and 7.0 times compared with simulated 

(X1-U)/U|. It is because theoretical values are computed by 

using a harmonic excitation. Theoretical |(X1-U)/U| with 

MDs for given γ can not be computed for reason that both of 

system 1 and system 2 have same natural periods. 

    Figure 12 shows the relation between transmissibilities 

on relative displacements |(X1-U)/U| , |(X2-X1)/U| and mass 

ratio μ for the Tohoku earthquake. Here, we show the results 

for Group 2 and for f=0.01Hz MDs for the same reason in 

the case of anticipated Nankai earthquake. 

    |(X1-U)/U| for Group 1, Group 2 and Group 3 subjected 

 

Figure 10  Relation between Transmissibilities |(Xi-U)/U| and Mass Ratio μ (for Anticipated Nankai Earthquake): 
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Figure 11  Relation between Transmissibility |(X1-U)/U| 

and Mass Ratio with Theoretical Data and Curve 
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Figure 12  Relation between Transmissibilities |(Xi-U)/U| and Mass Ratio μ  (for Tohoku Earthquake): 

 (a) |(X1-U)/U|, and (b) |(X2-X1)/U| 
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to the Tohoku earthquake LGMs has the same trend with 

|(X1-U)/U| for anticipated Nankai earthquake LGMs that 

|(X1-U)/U| increases gradually when μ varies from 0.09 to 

1.0. |(X1-U)/U| for Group 4 also has the same trend with 

|(X1-U)/U| for anticipated Nankai earthquake LGMs that 

increases gradually when μ varies from 0.09 to 0.68 and 

from μ of 0.68 the inclination decreases and |(X1-U)/U| 

approaches to nearly 1.51. The maximum |(X1-U)/U| at μ of 

0.09 shows 0.90 for Group 1, 1.67 for Group 2, 1.58 for 

Group 3 and 0.50 for Group 4. The minimal of maximum 

|(X1-U)/U| at μ of 0.09 for among groups is for Group 4. It 

indicates Group 4 LGMs have the least influence on 

adjacent long-period structures at μ of 0.09. The maximum 

of maximum |(X1-U)/U| at μ of 0.09 among all groups is for 

Group 2. It indicates Group 2 LGMs have the most 

influence on those structures at μ of 0.09. The maximum 

|(X1-U)/U| at μ of 1.0 shows 2.73 for Group 1, 4.86 for 

Group 2, 4.43 for Group 3, and 1.51 for Group 4. The 

minimal of maximum |(X1-U)/U| at μ of 1.0 among all 

groups is for Group 4. It indicates Group 4 LGMs have the 

least influence on adjacent long-period structures at μ of 1.0. 

The maximum of maximum |(X1-U)/U| at μ of 1.00 among 

all groups is for Group 2. It indicates Group 2 LGMs have 

the most influence on those structures at μ of 1.0. 

 

4.3  Optimization for MDs Parameters 

    Figure 13 shows the relation of optimal stiffness ratio n 

(kd/k1) and optimal damping ratio ζ (   2     ) with 

frequency ratio γ for |(X1-U)/U| subjected to anticipated 

Nankai earthquake LGMs. Figure 13 also shows theoretical 

values with MDs, those with VDs and curve with only 

dampers for variable γ. Here, we focus on results for 

f=0.01Hz MDs and for Group 4. 

    1177 data among 20 subject systems for 70 anticipated 

Nankai earthquake LGMs (20×70 simulation cases) are 

optimized by n=1.0: 105 data for 7 Group 1 LGMs (9%), 

121 data for 9 Group 2 LGMs (10%), 114 data for 8 Group 3 

LGMs (10%), 327 data for 20 Group 4 LGMs (28%) and 

510 data for 26 Group 5 LGMs (43%). It indicates that 

longer dominant natural period of an input LGM Tf becomes, 

larger rate of n=1.0 data with total number of simulation 

cases becomes. 223 data among above 20×70 simulation 

cases are optimized by n of 0.01 to 0.1 when γ varies from 

1.0 to 3.43. The values of ζ scatter from 2.0×10-4 to 2.52 

with γ of 1.05 to 1.83: those for Group 1 LGMs from 

2.0×10-4 to 2.52, those for Group 2 LGMs from 2.0×10-4 to 

2.52, those for Group 3 LGMs from 0.05 to 2.52, those for 

Group 4 LGMs from 0.05 to 2.52 and those for Group 5 

LGMs from 2.0×10-4 to 2.52. It indicates that variation of ζ 

for Group 3 and Group 4 becomes narrow, and on the 

contrary values of ζ for Group 1, Group 2 and Group 5 in the 

lower γ show close values to theoretical curve. In addition 

from Figure 13, 69 data for Group 4 in case of showing 

maximum |(X1-U)/U| among 73 corresponding Group 4 data 

with the values of n under 1.0 show the value in the range of 

ζ under 1.0. 

    Figure 14 shows n-γ and ζ-γ relations for |(X1-U)/U| 

subjected to the Tohoku earthquake LGMs as well as those 

in Figure 13. Here, we focus on results for f=0.01Hz MDs 

and for Group 4. 503 data among 20 subject systems for 46 

Tohoku earthquake LGMs (20×46 simulation cases) are 

optimized by n=1.0: 131 data for 12 Group 1 LGMs (26%), 

135 data for 14 Group 2 LGMs (27%), 216 data for 18 

Group 3 LGMs (43%) and 21 data for 2 Group 4 LGMs 

 

Figure 13  Relation of Optimal Stiffness Ratio n and Optimal Damping Ratio ζ with Frequency Ratio γ for |(X1-U)/U| (for 

Anticipated Nankai Earthquake) : 

 (a) n-γ, and (b) ζ-γ 
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Figure 14  Relation of Optimal Stiffness Ratio and Optimal Damping Ratio with Frequency Ratio γ for |(X1-U)/U| (for 

Tohoku Earthquake):  

(a) n-γ, and (b) ζ-γ 
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(4%). It indicates that longer Tf becomes, larger rate of n=1.0 

data with total number of simulation cases becomes. It is 

same trend with results for anticipated Nankai earthquake. 

417 data among above 20×46 simulation cases are 

optimized by n of 0.01 to 0.1 when γ varies from 1.0 to 3.43. 

The values of ζ scatter from 2.0×10-4 to 2.52 with γ of 1.05 

to 1.83 for all Groups. It indicates values of ζ for all Groups 

in the lower γ show close values to theoretical curve. It is 

different trend with results for anticipated Nankai earthquake. 

In addition from Figure 14, 137 data for Group 2 in case of 

showing maximum |(X1-U)/U| among 145 corresponding 

Group 2 data with the values of n under 1.0 show the value 

in the range of ζ under 1.0. 

 

 

5.  CONCLUSIONS 

 

    We clarify the seismic response of coupled long-period 

structures with Maxwell-type dampers subjected to 

Long-period ground motions (hereinafter as LGM). The 

simulated LGMs induced in anticipated Nankai earthquake 

are used for analyses. By varying damping coefficient of 

dampers cd and stiffness of dampers kd, the minimal relative 

displacements for 2DOF systems are computed to analyze 

the dependences of long-period components of the ground 

motions on the effectiveness of optimal structural control by 

installing dampers from view of points of frequency ratio 

ωf/ω 
 , mass ratio μ (m2/m1), frequency ratio γ (ω2/ω1), 

stiffness ratio n and damping ratio ζ. Furthermore, we 

analyze LGMs recorded at 506 K-NET and KiK-net stations 

in The off the Pacific Coast of Tohoku earthquake 

(hereinafter as Tohoku earthquake), which are possible to 

affect seismic response of coupled long-period structures 

with Maxwell-type dampers. Following conclusions are 

deduced. 

(1)  Input LGMs for anticipated Nankai earthquake are 

classified into 5 groups: LGMs with natural periods Tf of 

2.55 sec to 2.93 sec (Group 1), LGMs with Tf of 3.21 sec to 

3.97 sec (Group 2), LGMs with Tf of 4.15 sec to 4.91 sec 

(Group 3), LGMs with Tf of 5.00 sec to 6.92 sec (Group 4) 

and LGMs with Tf of 9.64 sec to 17.99 sec (Group 5). Input 

LGMs for the Tohoku earthquake are classified into 4 

groups: LGMs with natural periods Tf of 2.42 sec to 2.94 sec 

(Group 1), LGMs with Tf of 3.09 sec to 3.95 sec (Group 2), 

LGMs with Tf of 4.04 sec to 4.99 sec (Group 3) and LGMs 

with Tf of 5.15 sec to 6.79 sec (Group 4). 

(2)  The peak value of |(X1-U)/U| subjected to anticipated 

Nankai earthquake LGMs shows 3.22 at ωf/ω 
 

 of 1.12 (for 

Group 4 LGM) with f=0.01Hz MDs. The peak value of 

|(X1-U)/U| subjected to the Tohoku earthquake LGMs  

shows 4.86 at ωf/ω 
 

 of 1.69 (for Group 2 LGM) with 

f=0.01Hz MDs. |(X1-U)/U| for Group 2 subjected to the 

Tohoku earthquake LGMs shows the 1.51 times maximum 

value compared with that for Group 4 subjected to the 

Nankai earthquake LGMs. 

(3)  |(X1-U)/U| for Group 1, Group 2 and Group 3 for both 

LGMs has the same trend that the value increases gradually 

when μ varies from 0.09 to 1.0. |(X1-U)/U| for Group 4 and 

Group 5 for both LGMs has the same trend that the value 

increases gradually when μ varies from 0.09 to 0.68, and 

from μ of 0.68 the inclination decreases and |(X1-U)/U| 

approaches to nearly 3.20 for anticipated Nankai earthquake 

and 1.51 for the Tohoku earthquake at μ of 1.0. 

(4)  Both results for anticipated Nankai earthquake and for 

the Tohoku earthquake indicate that longer natural period of 

input LGMs Tf becomes, larger rate of n=1.0 data with total 

number of simulation cases becomes. The results for 

anticipated Nankai earthquake show that variation of ζ for 

Group 3 and Group 4 becomes narrow, and on the contrary 

values of ζ for Group 1, Group 2 and Group 5 in the lower γ 

show close values to theoretical curve, whereas the results 

for the Tohoku earthquake show values of ζ for all Groups in 

the lower γ show close values to theoretical curve. 
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Abstract:  The design procedure of a combined seismic-isolation system that consists of sliding bearing, rubber spring 
bearing and viscous damper is presented in this paper; the system can make a three-story villa improve its seismic 
precautionary capability 1.5 degree(from intensity 7.5 to intensity 9)in Shanghai. The disadvantages caused by the thick 
soft site characteristic to the seismic-isolation implementation, the expected horizontal displacement of the 
seismic-isolation story, the value of rubber spring stiffness employed, the damping force required and so on, are 
discussed.  

 
 
1.  INTRODUCTION 
 

In recent years, the devastating earthquake occurred 
frequently. For instance, in 2008, a 8.0Ms earthquake 
attacked Wenchuan in south of China, it caused great 
casualties and economic loss; in 2011, a 9.0Ms earthquake 
occurred near the northeast coast of Japan, it caused 
extremely destructive tsunami and serious nuclear leakage 
accident. People who subjected to the terrible earthquake 
desperately want to find a favorable seismic technology that 
can improve seismic safety of their buildings. Especially in 
Shanghai, with the rapid development of its economy, much 
higher seismic safety of buildings is demanded by more and 
more rich people who have enough economic condition to 
support, and the seismic-isolation technology is required to 
increase the seismic precautionary capacity of their buildings. 
But as regulated in Chinese Code for seismic design of 
buildings (GB 50011-2010): the isolated buildings with 
site-class assigned to I, II and III; and the stable foundation 
types shall also be selected. The site-class of Shanghai is IV, 
so it is not suitable to adopt the seismic-isolation technology 
in Shanghai according to the Code. The main reason is that 
the soft site-class IV may filter out the scopes of medium 
and high frequency of the seismic wave but may amplify the 
scopes of low frequency of the wave; the characteristic 
period of its response spectrum is longer relatively, if the 
conventional seismic-isolation design is applied to reduce 
the seismic response effectively in the soft site like Shanghai, 
the increased vibration period of isolated structure need to be 
much longer, It will cause the displacement of the 
seismic-isolation story so large that the seismic-isolation 
design is too hard to be accomplished. This is the difficulty 
of seismic-isolation design in Shanghai. Pursuant to this, for 

satisfying the increasing demand of seismic safety in 
Shanghai, focus of this paper is mainly on the application of 
a kind of combined seismic-isolation system on soft site to 
improve the seismic precautionary capability of buildings 
from intensity 7.5 to intensity 9. It is expected that limitation 
can be broken that seismic-isolation technology cannot be 
applied to site-class IV. 
 
 
2.  SEISMIC-ISOLATION ANALYSIS IN SOFT SITE 
 

The characteristic period of response spectrum is 0.9s 
and suitable for most area of the Shanghai city 
(DGJ08-9-2003). The natural period of horizontal vibration 
of the multi-story building is less than the characteristic 
period and the horizontal stiffness of the multi-story building 
above seismic-isolation story is much larger than the 
horizontal stiffness of seismic-isolation story should be 
assumed here.  
 
2.1  Period of the Seismic-isolated Structure 

As regulated in Code for seismic design of buildings 
(GB50011-2010), the horizontal seismic influence 
coefficient α with a characteristic period of response 
spectrum of 0.9s can be determined by equation (1) and 
shown in Figure 1. The period T is prolonged from 6s to 10s 
here. 
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Figure 1  Seismic influence coefficient curve 
 
Where αmax is the maximum of seismic influence 

coefficient, T is the structural natural period of vibration, the 
characteristic period of response spectrum Tg is 0.9s, γ is the 
attenuation index in the curvilinear decrease section of curve, 

1  is the modified coefficient of descent slope in the linear 
decrease section (when it is less than 0, shall equal 0), 2 is 
the modified coefficient of damping. γ and 2  are 
determined by the equation(2) and (3). 
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Where   is the structural damping ratio. 
The natural period T of the non-isolated structure may 

be in the range of 0.1s to 0.9s, so the α of the non-isolated 
structure is equal to αmax. Assuming that Tiso (the natural 
period of isolated structure) is in the range of 0.9s to 4.5s, so 
we can get the seismic-reduced coefficient as follow: 

2

0.9
=

max isoT


 


 
  
                   

(4) 

Case 2.1.1: The seismic-isolation devices don’t dissipate 
seismic energy, the damping ratio is: 0.05  , then 

0.9
max/ (0.9 / )isoT                 (5) 

 1/0.90.9 /isoT                   (6) 

When 0.5  , seismic-isolation period： 1.94isoT  s 

When 0.25  , seismic-isolation period： 4.2isoT  s 

Case 2.1.2: The seismic-isolation devices dissipate seismic 
energy, the damping ratio is: 0.2  , then 

0.2 0.8   ，
2, 0.2 0.625    

max 2/ (0.9 / )isoT                (7) 

   1/ 0.80.9 /( / 0.625)isoT             (8) 

When 0.5  , seismic-isolation period： 1.19isoT  s 

When 0.25  , seismic-isolation period： 2.38isoT  s 

2.2  Horizontal Displacement of Seismic-isolation Story 
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Where m is mass of the structure above seismic-isolation 
story, hk  is the horizontal stiffness of seismic-isolation story, h  
is the horizontal displacement of seismic-isolation story, hF  is 
the horizontal force of seismic-isolation story. 

Case 2.2.1:  The rarely earthquake of intensity 7, max 0.5  , 

0.05  , then 

2248.5h isoT  , 1/ 0.90.9 /( )isoT   

When max0.5 0.25and     , then 

1.94isoT s , 935 234( )h mm    

When max0.25 0.125and     , then 

4.2isoT s ,  4384 548( )h mm  
 

Case 2.2.2: Rarely earthquake of intensity 7, max 0.25  , 

0.2  , then 

2248.5h isoT  , 1/ 0.80.9 /( / 0.625) )isoT   

When max0.5 0.25and     , then  

1.19isoT s , 352 88( )h mm    

When max0.25 0.125and     ，then  

2.83isoT s , 1990 249( )h mm  
 

The horizontal displacement of seismic-isolation story 
under fortification intensity 7, 8 and 9 are shown in the 
table1. 

Table 1  Horizontal Displacement of Seismic-isolation Story  

Horizontal displacement of seismic-isolation story under different fortification intensity 

 
 Seismic-reduced 

ratio 
Seismic-isolation 

period(s) 

Displacement of seismic-isolation story(mm) 

Intensity 7 intensity 8 intensity 9 

Damping ratio 0.05 
0.50 1.94 234 421 655 

0.25 4.20 548 986 1534 

Damping ratio 0.20 
0.50 1.19 88 158 246 

0.25 2.83 249 448 697 
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As to Table 1, it is noted that, if the conventional 
seismic-isolation method that offers limited damping in the 
seismic-isolation story is adopted, too large horizontal 
displacement of seismic-isolation story will be produced. 
This is not allowable. As regulated in Chinese Code for 
seismic design of buildings (GB 50011-2010): the horizontal 
displacement of the rubber isolator should not exceed 
0.55times its effective diameter or 3 times of the total 
thickness of all rubber layers, or else, the isolator will lost its 
stability. Therefore, in order to prevent the isolator from 
losing its stability, the diameter of the isolator will be 
enlarged, in this way, its horizontal stiffness will be 
increased, which will jeopardize the seismic-isolation 
performance. So the conventional seismic-isolation method 
should not be adopted in the soft site like Shanghai, other 
effective methods need to be explored. 
 
 
3. A COMBINED SEISMIC-ISOLATION METHOD 
USED IN THE SOFT SITE 

 
3.1  Selection of Seismic-isolation Devices in the 
Seismic-isolation Story 

If the conventional seismic-isolation method was 
adopted, horizontal displacement and horizontal stiffness of 
the seismic-isolation story will be incompatible with each 
other. To control the horizontal displacement of 
seismic-isolation story will inevitably incur excessive 
horizontal stiffness of seismic-isolation story, which will 
jeopardize the seismic-isolation performance. For this, the 
proper energy-dissipating components should be installed in 
the seismic-isolation story to offer enough damping that can 
control the significant displacement without jeopardizing the 
seismic-isolation performance. The energy-dissipating 
device may adopt the speed-relating type, the 
displacement-relating type or other types. In this paper, the 
speed-relating viscous dampers are used. The relationship 
between the damper force and velocity can be presented by 
the formula (Weng et al., 2002): 

          ( ) ( ) ( ( ))d df t c u t sgn u t
             

(12)
 

Where ( )df t  is the viscous damping force, which directly 
depends on the relative velocity across the damper, sgn 
denotes the symbolic function, cd is the damping coefficient, 
α is the velocity exponent (0≤α≤1). Apparently, equation 
(12) signify linear viscous damper when α=1, and friction 
damper when α=0. The direction of damping force always 
converse to the direction of horizontal displacement, and the 
hysteretic performance of the viscous damper is good. So the 
objective to offering enough damping to control the 
structural horizontal displacement can be achieved. 

Considering that the great vertical stiffness is demanded 
in the seismic-isolation story, the sliding bearing should be 
set up to offer vertical support. The slide board of the sliding 
bearing is made of Teflon, it can slide freely with the 
stainless steel of the cover plate to fit vertical displacement 

of the structure above the seismic-isolation story. The 
support is divided into with and without lubrication on the 
surface of the support. The friction coefficient of lubricant 
support is lower, general is less than 0.02; the unlubricated 
one is higher, typical value are in 0.03 range (Skinner et al., 
1993). The weight of the structure above the 
seismic-isolation story can be fully carried by the sliding 
bearing when the sliding bearing is set up in the 
seismic-isolation story, so the isolators that offer the 
restoring force needn’t carry any weight. The sliding bearing 
has many merits, such as, high vertical bear capability for 
security; suitable for large displacement; low friction 
coefficient; easy to use and maintain. Moreover, it has 
preferable hysteretic performance, and not sensitive to the 
characteristic of seismic response spectrum. The sliding 
bearing can also offer the primary stiffness to prevent the 
structural horizontal displacement under a small horizontal 
force.  

Aforementioned introduction shows that, adopting the 
combined seismic-isolation system (rubber spring bearing + 
sliding bearing + viscous damper) in the soft site is a 
preferable option. The restoring force models of sliding 
bearing and viscous damper are shown in the figure 2. 
 

 

 

 

 
 
 

Figure2 Restoring Force Model 
(a)viscous damper  (b) sliding bearing  

 

 

 
k—rubber spring bearing 

fri—sliding bearing  

 

 Figure 3  Simplified Model of Isolated Structure 

 

3.2  The Vibration Governing Equation of Combined 
Seismic-isolation System 

Because the horizontal stiffness of the seismic-isolation 
story is much smaller than that of the structure above the 
seismic-isolation story, the isolated structure can be 
simplified as single degree of freedom (SDOF) system to 
analysis. The simplified model of isolated structure is shown 
in the figure 3. So the governing equation of combined 
seismic-isolation system can be written as: 

( ) ( ) ( ) ( ) ( )d gmu t cu t ku t f t W mu t           (13) 

fri k damper

（a）

Fd

Ud

Ffri

Ufri

（b）
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4.5  Dynamic Time-history Analysis  
The FEM software SAP2000 is adopted to carry on the 

dynamic analysis on the 3D model of non-isolated structure 
and isolated structure. Considering that the structural 
stiffness in X and Y direction are close to each other, the 
model are only exerted in X direction by time-history. Two 

models are built for two types of structural states to compare 
the seismic response. 

Model1 (st0): Non-isolated structure 
Model2 (st1): Isolated structure 
Comparison of the seismic-reduced effect between 

non-isolated and isolated structure is shown in the table 5~9. 

Table 5  Story Shearing Force under Minor Earthquake of Intensity 7.5 (kN) 

Story 
Shearing force of X direction 

 SH SHW1 SHW3 SHW4 PUDONG 759LOMAP  760LOMAP Average 

4（ST1） 561 590 583 627 519 740 766 
 

4（ST0） 983 1006 981 1040 859 1239 1261 
ratio（%） 57.1 58.6 59.4 60.3 60.4 59.7 60.7 59.5 
3（ST1） 903 1027 1007 908 889 1249 1359 

 
3（ST0） 1894 1914 1832 1917 1511 2262 2429 
ratio（%） 47.7 53.7 55.0 47.4 58.8 55.2 55.9 53.4 

 
Table 6  Story Shear Force under Minor Earthquake of Intensity 9 (kN) 

Story 
Shearing force of X direction  

 SH SHW1 SHW3 SHW4 PUDONG 759LOMAP  760LOMAP Average 
4（ST1） 909 1235 1066 1144 835 1045 1205 

 
4（ST0） 2497 2555 2492 2642 2182 3153 3210 

Ratio（%） 36.4 48.3 42.8 43.3 38.3 33.1 37.5 40.0 
3（ST1） 1734 1735 1668 1549 1812 2064 2084 

 
3（ST0） 4811 4862 4653 4869 3838 5757 6182 

Ratio（%） 36.0 35.7 35.8 31.8 47.2 35.9 33.7 36.6 
 

Table 7  Story Shear Force under Middle Earthquake of Intensity 9 (kN) 

Story 
Shearing force of X direction  

 SH SHW1 SHW3 SHW4 PUDONG 759LOMAP 760LOMAP Average 

4（ST1） 1920 1942 1763 2078 2117 2268 2138 
 

4（ST0） 7147 7314 7134 7562 6246 9009 9170 

Ratio（%） 26.9 26.6 24.7 27.5 33.9 25.2 23.3 26.9 

3（ST1） 2810 2717 2690 2880 3544 3012 3177 
 

3（ST0） 13772 13917 13321 13937 10986 16449 17664 

Ratio（%） 20.4 19.5 20.2 20.7 32.3 18.3 18.0 21.3 
 

Table 8  Drift Ratio(average) under Intensity 9  

Case Story Height（m） 
ST0（R1） ST1（R2） Drift ratio 
X direction X direction X direction（R2/R1） 

Minor 
4 4.2 1/434 1/1909 23% 
3 4.2 1/264 1/955 28% 

Middle 
4 4.2 1/152 1/955 16% 

3 4.2 1/92 1/600 15% 

Major 
4 4.2 1/98 1/875 11% 

3 4.2 1/60 1/494 12% 

 
Table 9 Displacement of the Seismic-isolation Story under Major Earthquake of Intensity 9(mm) 

Horizontal displacement of X direction in the seismic-isolation story 

 SH SHW1 SHW3 SHW4 PUDONG 759LOMAP 760LOMAP Average 

378 530 253 311 446 255 206 340 

 
Analysis result shows that minor seismic effect of 

intensity 7.5 on isolated structure is 59% of non-isolated 
structure; it indicates that the combined seismic-isolation 
devices play a certain role under minor earthquake; middle 
seismic effect of intensity 9 on isolated structure is 26.9% of 
non-isolated structure, and the horizontal displacement of the 
seismic-isolation story under major earthquake of intensity 9 
is controlled in the allowable range. So according to the 
Chinese Code for seismic design of buildings, when the 

horizontal seismic-reduced coefficient is less than 0.27, the 
isolated structure can be reduced 1.5 degree to design 
comparing with the non-isolated structure. So the 
seismic-isolation objective is achieved, and the client’s 
requirement is satisfied. 

The roof acceleration responses of isolated and 
non-isolated structure are compared in the Figure 6; and 
hysteresis curve of seismic-isolation devices are shown in 
Figure 7~8. 
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Figure 6  Comparison of Roof Acceleration Response under Artificial Wave SHW3(intensity 9)  

 

 

 

 

 

 

 

Figure 7 Hysteresis Curve of Damper under Artificial Wave SHW3(intensity 9) 

 

 

 

 

 

 

 
Figure 8 Hysteresis Curve of Sliding Bearing under Artificial Wave SHW3(intensity 9) 

 
As to Figures 7~8, it is noted that the hysteresis curve 

of the viscous damper and sliding bearing are all very full 
and round, this indicates that the combined seismic-isolation 
devices have favorable energy dissipating capacity, 
especially for major earthquake, the seismic-isolation 
devices can fully play its energy dissipating role to prevent 
the structure from being damaged and control the horizontal 
displacement of the seismic-isolation story. 
 
5.  CONCLUSIONS 

 
Based on the researches in this paper, some conclusions 

are drawn as follows: 
(1). Since the characteristic period of soft site is 

relatively longer than that of hard site, the prolonged period 
of the isolated structure in soft site like Shanghai may be too 
much long when only applying the conventional 
seismic-isolation design of buildings, and therefore which 
will result in that the horizontal displacements of the 
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seismic-isolation story are too large to implement normal 
seismic-isolation design. 

(2). A combined seismic-isolation method of both 
setting up viscous dampers and sliding bearings in the 
seismic-isolation story is proposed in this paper, which is 
proved to not only dissipate the earthquake energy 
excellently, but also control the horizontal displacement of 
the seismic-isolation story effectively.  

(3). As demonstrated in this paper, it is concluded that 
the combined seismic-isolation method can be well applied 
to reduce the seismic effect on buildings in the soft site of 
Shanghai, so as to reach the target of increasing the seismic 
precautionary capacity from intensity 7.5 to intensity 9. 
 

 
Acknowledgements 

This work is supported by Foundation of Basic 
Research Program of State Key Laboratory from Ministry of 
Science and Technology of China under Grant No. 
SLDRCE10-D-01 and Foundation of Shanghai Engineering 
Technical Research Centre under Grant No. 10DZ2252000. 
 
References: 
PRC National Standard, (2010), “Code for Seismic Design of 

Buildings (GB 50011-2010)”, issued by the Ministry of Housing 
and Urban-Rural Construction of the People's Republic of China, 
China Architecture & Building Press, Beijing, China. 

Code for seismic design of buildings (DGJ08-9-2003). Shanghai 
Government Construction and management commission. 
Shanghai standardization office, shanghai, China (in Chinese) 

Weng, D. G., Lu, Z. H., Xu, B., Zhou, H. W., Xia,Y. (2002), “The 
experimental study on property of energy dissipation of viscous 
liquid damper”, World Earthquake Engineering, 18(4):30-34 

Skinner, R.I., Robinson, W.H. and McVerry, G.H. (1993), An 
Introduction to Seismic Isolation, John Wiley & Sons Ltd, 
Chichester, England. 

Wilson, E.L., (2004), Static and Dynamic Analysis of Structures, 
4th Edition, Computers and Structures, Inc., Berkeley, 
California. 

 

- 1449 -





JOINT CONFERENCE PROCEEDINGS 

9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 
 
 
 
 

THE EFFECTS OF SUPERSTRUCTURAL YIELDING  
ON THE SEISMIC RESPONSE OF BASE ISOLATED STRUCTURES 

 
 

Parisara Thiravechyan1), Kazuhiko Kasai2), and Troy A. Morgan3) 
 
 

1) Graduate student, Dept. of Built Environment, Tokyo Institute of Technology, Japan 
2) Professor, Structural Engineering Research Center, Tokyo Institute of Technology, Japan 

3) Assistant Professor, Center of Urban Earthquake Engineering, Tokyo Institute of Technology, Japan  
thiravechyan.p.aa@m.titech.ac.jp, kasai@serc.titech.ac.jp, morgan@cuee.titech.ac.jp 

 
 

Abstract: Designed according to modern seismic provisions, base isolated structures are required to remain 
essentially elastic in the expected Design Basis Earthquake (DBE). Additionally, a separation distance must be 
provided to accommodate expected displacement in a Maximum Considered Earthquake (MCE). However, little 
consideration is given to the effect of inelastic superstructural behavior on the seismic performance given the 
occurrence of an event greater than the DBE. Therefore, this study investigates on the response of base isolated 
structures considering yielding of superstructure. The objective is to clearly show the influence of yielding on the 
response of the structures, and to develop theoretical rules to predict ductility demand. A 2DOF model has been 
developed which idealizes a typical 5-story base isolated building. The superstructure is characterized as elasto-
perfectly-plastic while the isolation system is assumed as linear elastic with various isolation system natural periods 
and damping ratios. Results indicate that a decrease in superstructural strength significantly increases ductility 
demand, but leads to a reduction in the maximum displacement at the isolation level. For the estimation of ductility 
demand of base isolated structures considering nonlinear behavior of superstructure, theoretical considerations are 
described based on the steady-state vibration of 2DOF systems subjected to harmonic excitations. This theoretical 
framework shows good agreement with results from response history analysis. 

 
 

1. INTRODUCTION 
 
In recent years base isolation has become an 

increasingly applied structural design technique. Many 
types of structures have been built using this approach. 
The ideas behind the concept of base isolation are quite 
simple, by adding horizontally flexible elements called 
isolators between the structure above and its base, 
thereby isolating the building from the horizontal 
components of ground motion. As a result, earthquake 
motions are not transmitted up through the building, or at 
least greatly reduced (Naeim and Kelly 1999).  

Response of base isolated structure is significantly 
different from that of the fixed base structure. Figure 1(a) 
schematically shows the expected behavior of the 
isolated structure. Large relative displacement is 
concentrated at the isolation level and the structure above 
is considerably rigid. Therefore, a sufficient separation 
distance between the structure and surrounding moat 
walls must be provided to prevent pounding. Previous 
studies on base isolated structures have primarily focused 
on this case.   

For an earthquake greater than the design basis, 
insufficient seismic gap may cause pounding, as shown 
in Figure 1(b), which can causes high impact forces and 
significant damage especially for the acceleration-

sensitive components (Kasai et al. 1990, Tsai 1997). On 
the other hand, yielding of superstructure may occur as in 
Figure 1(c) and affect the response behavior.  

Designed according to modern seismic provisions, 
base isolated structures are required to remain essentially 
elastic in the expected Design Basis Earthquake (DBE). 
Additionally, a separation distance must be provided to 
accommodate expected displacement in a Maximum 
Considered Earthquake (MCE). However, little 
consideration is given to the effect of inelastic 
superstructural behavior on the seismic performance 
given the occurrence of an event greater than the DBE. 
Therefore, yielding of superstructure is supposed to 
occur before pounding with surrounding walls. As 
yielding happens, reduction of stiffness allows 

(a)             (b)             (c) 
Figure 1 Possible modes of behavior  

of base isolated structures 

Pounding 

Yielding 
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superstructure to take part of the energy. As a result, the 
base ceases to move further and pounding is unexpected. 
However, little consideration is given to this situation. 
Therefore, objective of this study is to investigate the 
response of base isolated structure having nonlinear 
behavior of superstructure. The effects of yielding of 
superstructure on the displacement of the isolation level 
will be described. Moreover, some theoretical 
considerations to the estimation of ductility demand of 
the structures will be explained. This is to provide an 
effective tool for practice engineers in the design of base-
isolated structures. 

 
 

2. ANALYSIS MODEL 
 
In this study, a typical base isolated structure is 

modeled as a 2DOF system. Assuming equal floor 
masses with one additional isolation level. During 
earthquake excitation, isolation system is assumed to 
behave linearly with stiffness kb and damping coefficient 
cb, while the superstructure is elasto-perfectly-plastic 
with superstructural stiffness ks, damping coefficient cs, 
and superstructural yield strength fsy. Figure 2 depicts the 
model.  

Masses and stiffnesses are selected to obtain the 
desired periods and damping ratios from the following 
equations: 
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The design strength of base isolated structure is 

significantly reduced from that of the fixed base structure. 
Figure 3 depicts a design spectrum which clearly 
explains the difference; superstructural yield strength fsy 
of a base isolated structure is designed based on the 
structure period which is considered close to the isolation 
system period Tb and daming ratio ζb.  

To avoid scatterness of the response data, 
superstrucural yield strength is varied based on the 
maximum superstructural elastic force recorded from 
time history result for each particular ground motion. 
Then, for the selected strength reduction factor R, 
superstructural yield strength fsy is computed based on the 
definitions as follows:  

 

0,els syR f f
 (3)  

 
Where fs0,el is the maximum superstructural force 
subjected to each particular earthquake 

Note that the same R gives different values of 
superstructure yield strength for different combinations 
of Ts, ζs, Tb, ζb and ground motion depending on the 
elastic responses.  

Responses considered in this study are deformations 
of isolation system and superstructure ub and us, 
respectively. The latter is discussed in form of ductility 
demand μ, which is considerably an effective indicator of 
damage of the structure. Ductility demand can be defined 
as: 

 

0s syu u 
 (4)  

 
This paper focuses on a 5-story building. 

Superstructural period is approximated by the formula Ts 
= 0.1N which is 0.5 sec. Superstructure damping ratio ζs 
is assumed as 0.02. Six isolation systems are considered, 
with period Tb = 2, 3, and 4 sec., and damping ratio ζb = 
0.10 and 0.30.  

In this study, the SAC suite of ground motions for 
the Maximum Considered Earthquake (MCE) level for 
the Los Angeles area, LA21-LA40, are used. Following 
modern US building code provisions, the superstructure 
is expected to remain elastic for the expected Design 
Basis Earthquake (DBE), an event whose response 
spectrum is 2/3 of the MCE (McGuire 2004, Somerville 
et al. 1998). Thus, the structure designed according to the 
code is represented by the model having R=1.5.  

 
 

Figure 2 Analysis model 

ms 
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mb 
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kb/2 cb kb/2 
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ub 

Figure 3 Example of (R=2) Designed yield 
strength of superstructure 

0.000

0.200

0.400

0.600

0.800

1.000

1.200

1.400

1.600

1.800

0.000 0.500 1.000 1.500 2.000 2.500 3.000 3.500

Sp
e
ct
ra
l A

cc
e
le
ra
ti
o
n
 (
g)
 

Period (sec) 

Sa(ζ=ζb) 

Tfixed base 

R = 2 ------ 
R = 1 ------ 

Tb 

Sa(ζ=0.05) 

- 1452 -



 
 

3. YIELDING OF SUPERSTRUCTURE 
 
Time history results 

Figure 4 shows two example cases of dynamic 
response of a base isolated structure havingTs= 0.5 sec.,ζs 
= 0.02, Tb = 2 sec., and ζb = 0.10 is subjected to the LA29 
excitation. Peak ground acceleration of this ground 
motion is 0.81g. Figure 4(a) and (b) show respectively 
superstructure displacement us and base displacement ub. 
Case 1 (thick solid lines) represents the behavior when R 
= 1.0 in which no yielding occurs. In Case 1, the 
superstructure behaves elastically and superstructure 
displacement is relatively small compare to the base 
displacement, which is the expected behavior of base 
isolated structures. For this particular cases (LA29), 
maximum elastic superstructure displacement us0,el is 2 
cm and maximum isolation displacement ub0,el is 29 cm.  

Thick dotted lines represent Case 2 in which R is 
increased to 1.5. Superstructural yield strength is 2/3 of 
the maximum superstructural force observed in the ENP 
case (Case 1). Superstructural yield displacement usy can 
be computed by dividing the maximum elastic 
superstructural displacement us0,el by strength reduction 
factor R, gives usy for this case 1.33 cm. As 
superstructural strength is reduced, Case 2 shows a single 
yield excursion occurs at 12.3 sec, observed in Figure 
4(a), resulting in the maximum superstructure 
displacement at 11.3 cm and a large residual structural 
displacement. However, Figure 4(b) shows that yielding 
of the superstructure ceases the base to move further so 
the maximum displacement of the base is reduced to 25.3 
cm. This indicates that weaker structure decreases the 
possibility of pounding. 

 
Trends of superstructure ductility demand  

The strength reduction factor R is varied from 0.1 to 
4.0 to study the ductility demand. Results indicate that 

μ = 1

R = 1
stronger 

superstructure
weaker 

superstructure

softer isolator

stiffer isolator

μ

R

Figure 6 Effect of superstructural strength on 
ductility demand without considering pounding 

Figure 5 Ductility demand and the median 
response from 20 ground motions 
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Figure 4 Response history results of a Tb = 2 sec.,
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yield strength has a significant effect on resulting 
ductility demand in the superstructure. 

Figure 5 presents the ductility demand 
observed from the model for Tb= 2 ,3, and 4sec 
with ζb=0.1 and 0.3. Responses from 20 
earthquakes are plotted along with the median 
shown as red lines. The trends are clearly explained 
in Figure 6. As superstructural strength decreases, 
ductility demand of the superstructure increases 
dramatically.When R ≤ 1.0 which means the 
superstructure be  remains in elastic range, 
ductility damand is equal to strength reduction 
factor R for every isolation period and damping 
ratio. WhenR >1.0, lateral force acting to the 
superstructure exceed its elastic capacity, yielding 
occurs and isolation period Tb and damping ratio ζb 
begin to take effects. An increase in isolation 
period (softer isolator) resulted in an increase in 
ductility demand. Moreover, an increase in 
isolation damping results in minor reductions in 
ductility demand, particularly long period cases.  

 
 

4. ESTIMATION OF DUCTILITY DEMAND 
 
For better understanding, steady state response 

of base isolated structure is investigated under 
harmonic excitations. In this chapter, theoretical 
considerations of 2DOF system subjected to 
sinusoidal excitations with various amplitudes and 
excitation frequencies will be developed and then 
compared with responses from the model. 

 
Steady state response 

Response of base isolated structure is 
significantly different from that of the fixed base 
structure. When yielding occurs, stiffness of 
superstructure decreases. For fixed base structure, 
stiffness degradation results in significant energy 
dissipation and its effective frequency will move 
away from the excitation frequency that is causing 
the damage. Unlike the fixed base structure, 
superstructural yielding has only a minor effect on 
the system frequency and the overall isolated 
structure frequency is dominated by the elastic 
frequency of the isolation level.  

Figure 7 presents the ductility demand from 
steady state response of 2DOF system subjected to 
harmonic excitations agsinωgt, as a function of 
frequency ratio ωg/ωb where ωb is the natural 
frequency of isolated structure. Each line in the 
graphs correspond to each ground acceleration ratio, 
aG/aS,, from 0.1 to 1 where aS is the yield 
acceleration of superstructure. At this stage, the 
superstructure is assumed to have bilinear 
hysteretic relation with the ratio of post-yield 
stiffness to the elastic stiffness of superstructure p 
= 0.1 and 0.2. As seen in Figure 7, even when 
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(a) p = 0.1  (b) p = 0.2 

Figure 7 Ductility Demand from steady state response 
of 2DOF system subjected to harmonic excitations 

Figure 9 Force-defomation relations of isolation system 
and superstructure subjected to harmonic excitation 

(b) Superstructure is inelastic with p = 0.1 

(a) Superstructure is in elastic range 

Figure 8 Steady stated response of a 2DOF system 
subjected to a sinusoidal excitation 
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yielding occurs, the natural frequency that governs the 
response of superstructure maintains close to its initial 
isolation period ωb. This agrees with previous study by 
Kikuchi et al (2008).  

Figure 8 presents time history result of the steady 
state response of the 2DOF model having having Tb = 2 
sec., superstructural yield strength usy 1.33 cm as referred 
in the previous section, with post-yield stiffness p = 0.1 
subjected to a harmonic motion with ground acceleration 
ratio aG/aS = 0.7 and frequency ratio ωg/ωb = 1. The 
maximum superstructure displacement us0 is 11.3 cm and 
maximum isolation displacement ub0 is 33 cm, closed to 
the results from the model subjected to actual ground 
motion explained in the previous section. Moreover, it is 
results in ductility demand µ = 8.5, corresponds to the 
graph shown in figure 7(a). Force-displacement relations 
of the superstructure and isolation system for this 
example case are shown in Figure 9(b). 

Figure 9 shows the force-displacement relations for 
steady state response of a 2DOF model subjected to a 
harmonic excitations. In Figure 9(a) the superstructure 
remains in elastic range and the isolation system 
performs a perfectly ellipse hysteresis. In Figure 9(b), 
yielding of superstructure results in a slight distortion of 
the isolation system hysteresis, however its ellipse 
hysteresis still remains. Therefore, from Figure 7 – 9, it is 
reasonable to consider the superstructure as a SDOF 
system subjected to a sinusoidal excitation with vibration 
period Tb. 

 
Equivalent viscoelastic superstructure 

Consider an elasto-perfectly-plastic superstructure 
having initial stiffness ks, damping coefficient cs, and 
superstructural yield strength fsy. Introducing the concept 
of equivalent viscoelastic system (Kasai and Kawanabe 
2005), equivalent superstructural stiffness and damping 
coefficient, ks,eq(ω,μ) and cs,eq(ω,μ) can be defined as a 
function of excitation frequency ω and ductility demand 
μ of the structure.   

The equivalent viscoelastic system is developed to 
have the same maximum superstructure deformation us0 
as the elastoplastic system. Stiffness is considered the 
same as the equivalent stiffness of the elasto-plastic 
hysteresis. The area with in the loop is also identical, to 
maintain the same amount of energy dissipation. 
Equivalent damping ratio ζs,eq(ω,μ) is estimated as 
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  (5)  

 
The energy input to superstructure is dissipated by 

two sources, viscous damping of the system Ev, and 
hysteretic energy absorbed by plastic deformation Ep, 
which causes permanent deformation and damage to the 
structure. Amount of energy dissipated in 1 cycle is 
estimated as the area within the hysteresis loop, which 
can be expressed as 

 
2 2 2( , ) ( , ) ( , ) 4 ( 1)d v p s sy s syE E E c u k u              (6)  

 
While, strain energy stored at the maximum 

deformation is 
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The equivalent stiffness ks,eq(ω,μ)  is reduced from 

the initial stiffness ks , and is geometrically obtained from 
the hysteresis loop (i.e. secant stiffness at us0). Then, 
equivalent circular frequency ωs,eq(ω,μ) is obtained as 
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As a result, combing equations (5) – (8), we can estimate 
the equivalent damping ratio of the superstructure as 
shown in the following equation.  
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   (9)  

 
Thus, for a given excitation frequency and ductility 
demand, equivalent circular frequency ωs,eq(ω,μ) and 
damping ratio ζs,eq(ω,μ) of the superstructure can be 
estimated.  

Consider the superstructure behavior as a SDOF 
system subjected to a sinusoidal excitation üg=üg0sinωt, 
the maximum displacement can be estimated as the 
following equation (Kasai and Kawanabe 2005). 
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Base on the findings that the superstructure response 

is significantly governed by the elastic frequency of the 
base, the superstructure is considered as a lumped mass 
system subjected to a sinusoidal excitation üb=üb0sinωt 
with the circular frequency ω close to the natural 
frequency of the isolation level ωb. Applying Equation 
(10), we can estimate ductility demand of the 
superstructure as follows: 
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(11)  

 
Observing Eq.(11), the first parenthesis is a function 

of dynamic properties of superstructure and ductility 
demand. The second parenthesis is the relation of 
isolation system deformation between the inelastic and 
elastic response. The, third parenthesis is the ratio of 
superstructure to base displacement, ub0,el/us0,el, which can 
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be theoretically derived and will be explained in the next 
section. As a result, for a given strength reduction factor 
R and ub0/ub0,el ratio, we can estimate ductility demand by 
iterations combining Eq. (9) – (11).  

Figure 10 shows the estimation using ub0/ub0,el ratio 
from SAC ground motions, compare with the ductility 
demand observed from the model. The estimation is 
underestimating, especially for high damping case, but 
still, showing the same trend. Note that the resulting 
ductility demand is found highly sensitive to the ub0/ub0,el 
ratio which causing errors in the estimation especially 
when R is small. 

 
Elastic response 

For an elastic 2DOF system subjected to a sinusoidal 
excitation üg=üg0sin(ωt-α), the equation of motion can be 
expressed as 

 

, , 0
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(12a)

(12b)

 

 
where ub,el=ub0,elsin(ωt-ϕ) is the deformation at the 
isolation level and uel=u0,elsinωt is superstructure 
displacement respect to the ground 

We can derive the ratio of superstructure to base 
displacement as follows:   
Considering 
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And the ratio of superstructure to base displacement is 
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This is the exact solution for the steady state 

response experiencing sinusoidal excitation circular 
frequency ω.  

To compare with the response subjected to a random 
earthquake, excitation circular frequency ω is assumed as 
ω=ωb. Figure 11 shows the us0,el/ub0,el ratio from the 
response of the 2DOF base isolated model subjected to 
the suite of SAC ground motions, LA21 – LA40.Each 
line in the graph corresponds to a distinct isolation 
system period Tb and damping ratio ζb. The ratio is 
considerably stable even when the actual ground motions 
are applied. The ratio is more scatter for high damping 

cases.  
In Figure12, the superstructure to isolation level 

elastic deformation ratio, us0,el/ub0,el, is plotted as a 
function of isolation system period Tb. Solid lines 
represent the median response from the 20 SAC ground 
motions, while the estimation obtained from Eq.(13) and 
(14) is shown as broken lines. As the isolation system 
period increases, isolation stiffness is decreased and, 

(a) ζb= 0.1 (b) ζb= 0.3 

Figure 10 Comparison of estimated and  
median ductility demand 
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therefore, the superstructure to isolation level elastic 
deformation ratio is reduced. Higher damping results in 
higher superstructure and isolation level elastic 
deformation ratio. The estimation matched well for low 
damping case (i.e. isolation damping ratio ζb=0.1, 
presented as diamond data points). However, for high 
damping (isolation damping ratio ζb=0.3, presented as 
star data points), the estimation is a little underestimate.  

 
Relations of inelastic and elastic response 

In previous section, an estimation of ductility 
demand is derived. However, it is a function of the 
maximum base displacement that having yielding of 
superstructure, which is apparently reduced from the 
elastic response and cannot obtain from the elastic 
response spectra. Therefore, this section aims to estimate 
the reduction of isolation level displacement affected 
from yielding of superstructure. 

Assuming that the structure behaves as a sinusoidal 
vibration at steady state, ub=ub0sinωt, ub and us are in-
phase and reach the maximum ub0 and us0at the same 
time. Equation of motion of a 2DOF system becomes 

 
2

0 0 0b s b bF F m u   (15)  

 
For elastic, Fb0 and Fs0 can be written as 
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Substituting Eq.(17) and (18) into Eq.(16) gives 
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For structure having inelastic behavior of 

superstructure, the isolation system is still elastic and Fb0 
in Eq.(16)is not changed, however superstructure yields 
and Eq.(17)becomes 
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Substituting into Eq.(15)gives 
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Dividing Eq.(18)by Eq.(20), 
 

 
0

2
,

2 / 11

1 2 /

b s s

bo el
s s

u

u R

  

  

  
  

 (21)  

 
Figure13 compares the ub0/ub0,el ratio estimated from 

Eq.(21) with the median response from the model. The 
structure having isolation system period Tb= 2 sec and 
isolation system damping ratio ζb=0.1. Solid line 
represents the median response from the 20 SAC ground 
motions, as the strength reduction factor R increases, the 
structure is designed weaker and start yielding earlier. 
Therefore the base ceases to move, resulting in lower 
ub0/ub0,el ratio.  

From the figure, we can see that reducing 
superstructural strength can significantly reduce the 
displacement at the isolation level. However, ductility 
demand will be increase. The estimation of ub0/ub0,el 
obtained from Eq.(21) is shown as broken lines. 
Obviously, the equation underestimates the isolation 
level displacement but still showing the same trend. 

 
 

5. CONCLUSIONS 

 
Parametric studies of the response of base isolated 

structures considering yielding of the superstructure have 
been described. Result proves that this simple model 
could be used to study the responses of earthquake-
induced pounding of base-isolation structures.  

A decrease in superstructural strength significantly 
increases ductility demand but the base ceases to move 
further so the maximum displacement at the isolation 
level reduces. As a result, to prevent pounding, the 
separation distance should be provided to accommodate 
the isolation level displacement which results in a shear 
causing yielding of the superstructure. The appropriate 
separation distance can be estimated depending on the 
dynamic properties of the structure. If the sufficient 
separation distance cannot be provided, reducing 
superstructural strength can reduce the possibility of 
pounding; however result in an increasing of ductility 
demand. 

An increase in isolation period (softer isolator) 
resulted in an increase in ductility demand. An increase 
in isolation damping results in minor reductions in 

Figure 13 Comparison of 0 0,b b elu u ratio from estimation 
with the median history responses  
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ductility demand, particularly for long period cases. 
These trends can be theoretically explained. 

For the estimation of ductility demand of base 
isolated structures considering nonlinear behavior of 
superstructure, theoretical considerations have been 
described and showing the good trend along with the 
history results from the model. Steady state response 
shows that superstructural yielding has only a minor 
effect on the system frequency and the overall isolated 
structure frequency are dominated by the elastic 
frequency of the isolation level. Yielding of 
superstructure results in a slight distortion of the isolation 
system hysteresis but its ellipse hysteresis still remains. 
However, more improvements are needed, especially for 
high damping cases.  

Future study will be focused on a complete method 
estimation of ductility demand from the elastic response 
spectra. In addition, a method of selecting a good 
combination of superstructural strength and separation 
distance to obtain the minimum damage as indicated by 
ductility demand of the base isolated structure will be 
considered. 
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Abstract:  A semi-active controlled hybrid floor isolation system to be placed on the top of a four-story RC building is 
developed. The system is designed to protect important contents inside of the room, and it is expected to be subjected to 
more serious shaking compared with the base isolation system because of the amplification of the floor response with 
respect to the ground. In order to evaluate the efficiency of semi-active control for the proposed floor isolation system a 
serious of shaking table tests was conducted in DPRI, Kyoto University. The tested HFIS consisted of four sets of rolling 
pendulum devices used for isolation purpose, a single-degree-of-freedom mass used to simulate the FIS, and a 
magneto-rheological (MR) damper to generate the control force. The basic properties of the FIS and the MR damper are 
presented, and the hybrid system was tested with a LQ controller developed for the MR damper. The excitation to the 
system was from the tested roof response of structure recorded in a former test. The test results show that the HFIS can 
effectively reduce the acceleration response, while maintaining an acceptable level of displacement. 

 
 
1.  INTRODUCTION 

 

Base isolation is one of the most successful and 

widely-applied techniques of mitigating structure vibration 

during earthquakes (Nagrajaiah and Sun 2000). It is also 

designed to protect the important equipment and facilities so 

as to maintain the functionality of the structure during and 

immediately after the earthquake, such as a hospital which is 

very important in an earthquake event (Sato et al. 2011). 

Compared with the high cost base isolation system, floor 

isolation system (FIS) which is designed for one floor or 

room of the structure is a cost-effective alternative to protect 

valuable nonstructural equipment and facilities, following 

the same philosophy as the base isolation (Fan et al. 1995).  

It is more desirable to control the displacement of FIS 

compared with base isolation system since FIS is placed on 

the superstructure and a larger floor area is pretended. For a 

different design purpose, FIS may locate at a higher floor of 

the base fixed structure and the input vibration to the system 

is usually amplified from the ground motion; therefore FIS 

may sustain larger responses than the base isolation system. 

Besides, the frequency components of the input motion to 

the FIS are physically filtered by the superstructure.  

The isolation system usually uses passive damping 

devices to augment damping, such as high damping rubbers 

or oil dampers, to mitigate the base displacement response. 

The isolation system with passive damping is found not 

necessarily optimal for a wide band of frequencies and 

intensities of the input motions (Nagrajaiah and Sun 2000, 

Hall et al. 1995). Semi-active control is another alternative to 

augment the control force. Recent research proves that a 

semi-active controlled base isolation system can perform 

better than passive controlled one (Yoshioka et al. 2002, 

Jung et al. 2006, Nitta et al. 2006, Sahasrabudhe and 

Nagrajaiah. 2005, Lin et al. 2004) 

This paper experimentally investigates the semi-active 

controlled hybrid floor isolation system (HFIS) employing a 

magneto-rheological (MR) fluid damper for protection of the 

contents inside of the room. The specimen tested in DPRI, 

Kyoto Univ. is a single-degree-of-freedom model isolated by 

a rolling pendulum system (RPS). A linear quadratic (LQ) 

algorithm is selected to explore the effectiveness of 

semi-active control based on the feedback measurement of 

base displacement. Passive control is also tested for 

comparison with the semi-active control.  

 

 

2.  EQUATION OF MOTION 

 

The HFIS proposed in this paper is designed for a 

four-story RC building (see Figure. 1) served as a hospital, 

which was tested in E-defense (Sato et al. 2011). It can be 

modeled by a single-degree-of-freedom (SDOF) model. The 

dynamic equation of motion of the SDOF model can be 

expressed as in Eq. (1): 

 
2

g2 / /x h x x f m u m x               (1) 
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Figure 1. The HFIS Proposed 

 

    Where h, ω, and m =damping ratio, natural frequency 

and mass of the FIS; f=friction of the RPS and u=control 

force of the MR damper; x g=ground motion.  

    The appearance of the friction force makes it difficult to 

directly apply the linear design method of semi-active 

control. A simple procedure is adopted to consider the 

optimal control force by combining the friction force and 

MR damper control force together as follows 

       

      2 *

g2 /x h x x u m x       (2) 

 

Where *u f u  ;  

Eq. (2) can readily be transferred into the state space 

form 
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3. CONTROL ALGORITHM 

 

 

Figure 2. Block Diagram of Controller for FIS 

     

    The semi-active control for the FIS consists of two 

controllers as shown in Figure 2. A linear quadratic (LQ) 

optimal control algorithm (Fan et al. 1995, Premumont 2002, 

Sadek and Mohraz 1998) is selected as the primary 

controller, which has been extensively used for both active 

and semi-active controls of structures. Assuming the 

independence of the ground excitation and measurement 

noises, the absolute acceleration, relative displacement and 

control force are weighted using the cost function in Eq. (4): 
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Where α, β, and γ are weighting coefficients and: 
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By minimizing Eq. (4), the optimal control force u
*
(t) 

can be obtained from the following equation: 

 

 *u Gz G x x               (5) 

 

Where G =the feedback gain, which is solved by 

MATLAB.  

Calculation of feedback gain depends on different 

weighting parameters. The simulation results show that the 

parameters can be set as follows: to best reduce the 

displacement while avoiding extreme acceleration, α = 10
6.5

, 

β=10
9
 and γ=0.001; to best reduce the acceleration while 

avoiding extreme displacement, β=10
9
, γ=0.001 and 

weighting parameter α have such a relationship with the 

dominant frequency of the input motion as: 

 

α=10
0.97ῶ+8.2

                  (6) 

 

    Where ῶ is dominant frequency of the input motion. 

Simulation shows that if the weighting parameter α takes the 

form of 10
0.9(0.97 ῶ +8.2)

, a good balance in reduction between 

the acceleration and displacement can be obtained. 

    Because the semi-active control device (here MR 

damper) is an intrinsically energy dissipation device, it 

cannot add mechanical energy to the controlled system. 

Besides, the capacity of the device has an upper and lower 

bounds. These constraints form the secondary controller: 
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For simplicity, the output force of semi-active control 

device is determined by Eq. (8) 
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Where umin is minimum force of the semi-active device. 

 

 

4. EXPERIMENT SETUP 
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The HFIS shown in Figure 3 is a single-mass (33 kN) 

model supported by four sets of one direction rolling 

pendulum installed at the four corners of the system. The 

sliding limitation of the rolling pendulum is ± 300 mm. A 

MR fluid damper is attached between the single-mass and 

the shaking table to generate the semi-active control force. 

The force generated by the MR damper is controlled via a 

current supplier. A stopper is designed and placed under the 

FIS to restrict excessive movement of the system, in case it 

exceeded the stroke limitation of MR damper. 

Accelerometers were set on top of the FIS to check the 

response, and laser type displacement transducers were set 

on the shaking table to monitor the specimen displacement. 

A magnetostrictive displacement transducer with a range of 

± 200 mm was used to measure the displacement of the 

piston-rod of the MR damper. The displacement 

measurement and the velocity calculated by the 

differentiation of the displacement were used as the feedback 

signal in the control. A load cell was fixed at the end of the 

MR damper to measure the force.  

Digital control was carried out by using a Texas 

Instruments TMS320C6701 DSP chip and I/O boards with 

16-bit A/D and D/A converters. Discrete-time controller was 

implemented in the software based on C code. Both the test 

data from MR damper and the computer were finally sent to 

the acquisition system of the shaking table. The sampling 

frequency of the control signals from DSP and the data 

acquisition were set to be 1,000 Hz. Figure 4 shows the 

schematic of control system. 

 

Figure 3. Experimental Setup for HFIS 

 

 

Figure 4. Schematic of Control System 

 

In order to take the full advantage of the MR damper 

for semi-active control of the HFIS, a model must be 

developed that can well describe the relationship between 

the input current to MR damper and the output force. Figure 

5 shows the test setup for the MR damper behavior 

identification test. One end of the MR damper was 

connected to the shaking table and another end to the frame 

fixed outside the shaking table. The shaking table acted as an 

actuator to input different motions to drive the MR damper.  

 

 

Figure 5. Test Setup for MR Damper Behavior Identification 

 

 

5. MR DAMPER MODEL 

 

The MR damper used in this test has a ±200 mm stroke 

and the peak power required is 142 watts with a resistance of 

16Ω. The current to the electromagnet coil of the MR 

damper can varies from 0 to 3A, which is supplied by a 

power supply manufactured by KEPCO, Inc. Using the 

setup shown in Figure 5, a series of preliminary tests was 

conducted to identify the basic properties of the MR damper.  

 

5.1. Sinusoid Input Motion Test 

A sinusoid motion was input to the shaking table to 

drive the MR damper to move, and the current applied to the 

MR damper was held at a constant level.  In order to 

investigate the performance of MR damper at different 

amplitude of displacement and velocity, a wide range of 

frequencies and displacement amplitudes of the input 

motions were considered. The input motions to the shaking 

table and the currents to the MR damper are listed in Table 1. 

 

Table 1 Input Motion and Current 

Displacem

ent (mm) 

Frequen

cy (Hz) 

Velocity 

(mm/s) 
Current (A) 

20 0.12 15 0, 0.5, 1, 1.5, 2, 2.5, 3 

20 0.4 50 0, 0.5, 1, 1.5, 2, 2.5, 3 

20 1.6 200 0, 0.5, 1, 1.5, 2, 2.5, 3 

100 0.64 400 0, 0.5, 1, 1.5, 2, 2.5, 3 

100 0.96 600 0, 0.5, 1, 1.5, 2, 2.5, 3 

100 1.28 800 0, 0.5, 1, 1.5, 2, 2.5, 3 
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Figure 6. Characteristics of MR Damper 
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The response of the MR damper subjected to 1.28Hz 

sinusoid motion with amplitude of 100 mm is shown in 

Figure 6 for seven different levels of current. As observed 

from the figure, as the input current to the MR damper 

increases, the force increases. Increase in velocity also 

results in increase of the force when the current is fixed. The 

maximum capacity of the MR damper reaches to 9kN at the 

velocity of 880mm/s with a 3A current input. The equivalent 

damping ratio for 100 mm displacement is 0.65 for different 

current inputs. It is also observed from the velocity-force 

relationship that the hysteretic behavior appears in a small 

velocity zone. 

 

5.2. Time Lag of the MR Damper 

    The time lag between the current control signal and the 

output force signal was checked by the input of a triangular 

motion of the shaking table, which drove the MR damper at 

a constant velocity. The input current to the MR damper was 

a sinusoid signal and a wide range of frequencies were 

chosen to obtain the transfer function from current to force 

of the MR damper.  

A one order transfer function is used to fit the test 

results as shown in Figure 7. The transfer function is 

expressed in Eq. (9). 
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2374.5 18 2
(9)
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    It is seen that the time lag becomes large as the 

frequency of the current signal increases. For example, the 

phase difference between input current and output force is 

-10º at 2Hz and -15 º at 5Hz. In order to avoid a large time 

lag influence, an effective model should be designed to 

compensate the time lag and it will be discussed later.  
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Figure 7. Transfer Function of MR Damper 

 

5.3. Two Models for the MR Damper 

Based on the MR damper identification test, a Bingham 

model (Stanway et al. 1987) is accepted, which takes the 

form of Eq. (10). The main advantage of this model is the 

convenience of acquiring current from its inverse model. 

 

        c 0 0s i g nu x f c x f    (10) 

Where u is the control force determined from the LQ 

control algorithm. Test results show that the parameter fc in 

Eq. (10) has a linear relationship with current I as shown in 

Figure 8, and fc =2564I+ 550; c0=1060, f0=0.  

 

Figure 8. Relationship Between fc and I 

The inverse model of Eq. (10) can be expressed as: 

 

( 550 1060 ) / (2564sign( ))I u x x       (11) 

 

In order to take the time lag into consideration, a PI 

controller (Ogata 2009) is designed using the transfer 

function from current to output force shown in Eq. (9). 

Figure 9 shows the block diagram of a PI controller for the 

MR damper. The MR damper force is taken as the feedback 

signal and the error signal between the desired force and the 

feedback force is taken as the input signal to the PI controller. 

The PI controller can be expressed in Eq. (12) by employing 

a high-pass filter to eliminate the influence of low frequency 

component on the integration part of PI controller. 
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 (12) 

 

Where ω1 is the cut off frequency=0.1Hz; Kp=0.0002 

and Ki=0.05 are decided from the simulation work with the 

diagram shown in Figure 9 in which the MR damper is 

represented with the transfer function shown in Eq. (9). 

 

Figure 9. Block diagram of PI controller 
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Figure 10. Tracking Force Error 
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Figure 10 shows the tracking force error by assuming 

that the desired force from LQ control is of a form of 

sinusoid with different frequencies. A triangular motion was 

input to the shaking table to drive the MR damper to move. 

Since the damper force changes its direction once the 

shaking table changes its velocity direction, but the desired 

force always remains positive, the error force becomes very 

large abruptly at the turning point.  

The comparison shows that the force tracking error of 

PI controller is smaller than the Bingham model, and as the 

frequency increases, the error becomes larger.  

 

 

6. SYSTEM IDENTIFICATION OF FIS 

 

System identification test was performed on FIS. White 

noise motion with amplitude of 300 mm, a frequency band 

of 0.05-15Hz, was used as the input motion to excite RPS to 

move. 

A frequency domain curve-fitting algorithm is 

employed to extract the modal parameters from the transfer 

function (Ewins 2000). Figure 11 shows the curve fitting 

results that indicates the natural period of the RPS is 3.03sec. 

At the beginning of the test, one set of the rolling pendulum 

was not placed at the center position accidentally which 

resulted in a slightly longer period system (3.4sec). 

  
Figure 11. Curve Fitting Results of The RPS 

 

The measured static horizontal force to move the 

single-mass shows that the friction coefficient is 1%.  

 

 

7. Experiment results 
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Figure 12. Input Motions 

 

The input motions used in this research are the roof 

responses of the four-story RC building tested in E-defense 

(Sato et al. 2011). The time history and frequency 

characteristic of two motions are shown in Figure 12. The 

first motion JMABF is a short period type motion which was 

obtained from the response with the ground motion of JMA 

kobe and the dominant frequency of 1.4Hz. The second 

motion SANBF is a long period motion, which is obtained 

from the response with a synthesized ground motion, 

SANNOMARU. It has a dominant frequency of 0.35Hz. 

The response of the HFIS is evaluated based on the four 

criteria J1-J4 defined below: 

1. Maximum acceleration of the HFIS; 

J1=max (acc(t)); 

2. Maximum displacement of the HFIS; 

J2=max (disp(t)); 

3. RMS (root mean square) acceleration of the HFIS; 

J3=RMS (acc(t)); 

4. Time duration of acceleration exceeding the specified 

acceleration level accsp set to be min {30% of the maximum 

input acceleration, 100gal}. 

J4 =∫ dt (acc(t)>accsp) 

Criteria J1 and J3 are the indices to evaluate whether the 

floor isolation can effectively reduce the acceleration 

response. Larger J1 and J3 will cause large response of the 

furniture or equipment placed on the FIS; J2 is an index to 

evaluate whether the system will collide with the 

surrounding walls; and larger J4 means that the floor 

isolation will vibrate with relative high accelerations for long 

time, which will harm the furniture and equipment. 

As the baseline to evaluate the effectiveness of the 

semi-active controlled HFIS, a passive FIS employing the 

MR damper setting a constant current was also investigated. 

Two cases were considered in the test, namely, passive-off 

(current=0A) and passive-on (current=3A). Table 2 and 

Figure 13 show the experimental results at different input 

motions. 

 

Table 2. Evaluation of Passive Control and Semi-active 

Control 

Input 

motions 

Control 

strategy 

Max 

input 

(gal) 

J1 J2 J3 J4 

JMABF50% Passive-off 637 78 109 32 0 

JMABF50% Passive-on 625 324 76 129 6 

JMABF50% Semi
1 

630 159 108 44 1 

JMABF80% Passive-off 977 98 150 37 0 

JMABF80% Passive-on 990 341 128 162 8 

JMABF80% Semi
1 

981 243 127 71 1 

SANBF80%
2 

Passive-off 296 857 250 50 2 

SANBF80% Passive-on 300 287 5 49 12 

SANBF80% Semi
3 

302 165 98 30 4 

Note: 
1α=10

7.3
; 

2
Ponding happened in this case; 

3α=10
7.3

. 

 

It can be observed from the comparison: 

(1) The passive-off control can effectively reduce the 
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acceleration response, but causing large displacement, 

especially when the natural period of input motion is close to 

period of the FIS. The pounding due to a large displacement 

may cause a serious problem such as a very large 

acceleration response to the floor isolation and possibly 

cause damage to the equipment on the floor. 

(2) The passive-on control can effectively reduce the 

displacement. However, it does not perform well on 

reducing acceleration, especially for low level amplitude 

input motions (JMABF 50% and SANBF 80%). The FIS 

will vibrate for a longer time at a relatively high acceleration 

level compared with semi-active control, by examining 

index J4. In addition, the passive control will cause a residual 

displacement and this may bring a problem when the input 

motion is of a large pulse type.  

(3) On the other hand, the semi-active control can 

maintain the displacement at an acceptable level while 

reducing the acceleration response. It can reduce the 

acceleration more effectively than the passive-on control 

does. The time duration for the FIS subjected to high 

acceleration vibration is short, and this is believed to benefit 

the furniture behavior on the floor.  
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Fig. 13. Input Motion and Response: (a) JMABF80%, 

and (b) SANBF80% 

 

8. Conclusion 

 

A semi-active controlled HFIS is developed in this paper. 

A rolling pendulum system is used to realize a long period 

system, which contains a low level of friction. A PI 

controller is designed to represent the MR damper behavior 

considering the time lag problem. The LQ control algorithm 

is employed to calculate the optimal force. The test results 

show that the hybrid system can effectively reduce the 

acceleration response, while maintaining an acceptable level 

of displacement. 

Since the object of the system is to protect the equipment 

on the hybrid system. A test that includes equipment on the 

system will be conducted to examine its efficiency to 

mitigate the response of equipment in the near future.  
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Abstract:  Numerous types of seismic energy dissipation devices have been recently proposed and their effectiveness 
has been experimentally verified. However, almost of these previous devices cannot be simply designed, due to their 
complexity of working mechanism, and have low cost performance. This paper presents a new kind of shear panel device 
which consists of a steel panel sandwiched between two polypropylene plates wrapped with carbon fiber sheets to confine 
the out-of-plane deformation caused by buckling of the steel panel. To investigate the basic hysteretic performances of the 
new device, reversed cyclical tests loading of small scale specimens were conducted. All of the six specimens were made 
of mild steel (JIS SS400). Variables among the tests included: existence of confinement, width-thickness ratio and aspect 
ratio of the steel panel. The experimental results have indicated that the confinement of polypropylene plates and carbon 
fiber sheets can prevent the panel from the premature shear buckling and ensure sufficient energy absorption capacity. It 
has also been verified that the specimens with width-thickness ratio of about 55 and aspect ratio of 1.0 showed better 
hysteretic performances. In addition, the initial stiffness and ultimate strength can be simply and accurately evaluated by 
using several concise equations. 

 
 
1.  INTRODUCTION 

 
In Japan, dampers play an important role to dissipate 

energy during large earthquakes in the energy based seismic 

response control design approaches (Akiyama et al. 1998). 

As passive control systems, many kinds of hysteretic 

dampers such as steel shear damper have been studied 

experimentally and theoretically by Tanaka and Sasaki 

(1998), Tanaka et al. (1999), Ikarashi et al. (2007), and they 

have been successfully used in practical constructions for 

improving the ultimate resisting capacity of structures and 

reducing their damage under earthquake loading. However, 

most of these previous devices cannot be simply designed, 

due to their complexity of working mechanism, and have 

low cost performance. 

A new type of earthquake energy-absorption device 

with both simpler working mechanism and high cost 

performance has been proposed by the authors, and its 

effectiveness in energy absorption and convenience in 

evaluation have been experimentally verified (Zhang et al. 

2008). As shown in Figure 1, the proposed device consists of 

a mild steel panel sandwiched between two pieces of mortar 

plates wrapped with carbon fiber sheets, and the steel panel 

is expected to dissipate the earthquake energy through its 

pure shear deformation, which promises large energy 

dissipation capacity. 

While the previous study by Zhang et al. verified 

effectiveness of confinement by mortar plates and carbon 

fibers for small-scale specimen, thickness of the mortar 

plates may be required much thicker as the size of shear 

panel increases, and hence resulting in some difficulties in 

practice. Therefore, a substitute for the mortar plate is 

desirable. Polypropylene (PP) is a thermoplastic polymer 

with good elongation and durability, and it has been used in 

a wide variety of applications such as in daily life. Due to its 

sound durability and light weight, the polypropylene plate 

may be a good substitute for the mortar plate. The purpose of 

this paper is to investigate hysteretic properties of the test 

specimens and to clarify the effectiveness and convenience 

of polypropylene plates as confinement of steel shear panel 

damper. 

     

Figure 1  Outline of the Proposed Device by Zhang et al. 

Carbon Fiber Sheet 

Steel Shear Panel 

Mortar Plate 
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2.  OUTLINE OF EXPERIMENT 

 

2.1  Test Specimens  

Six 1/3-scale steel shear panel specimens were 

fabricated and tested under cyclical reversed lateral loading. 

Four of the six specimens, consist of a steel panel 

sandwiched between two pieces of polypropylene plates 

wrapped with carbon fiber sheets to confine the out-of-plane 

deformation caused by shear buckling of the steel panel. The 

experimental variables among the tests are: existence of 

confinement, width-thickness ratio and aspect ratio of the 

steel panel. There were two types of thickness of the panel; 

2.3mm and 3.2mm. And also, there were two types of shear 

panel configuration; square-shaped (176mm× 176mm: 

aspect ratio 1.0) and rectangular-shaped (264mm×176mm: 

aspect ratio 1.5).  

The panels of rectangular-shaped specimens are welded 

to the end plates fastened to the loading girder and 

foundation girder by high-strength bolts. However, to reduce 

the stress concentration observed at the welded seam (Zhang 

et al. 1998), the corners of panel of square-shaped specimens 

were rounded to arc sharp with a radius of 20mm, and these 

panels are fastened between two L shaped steel anchors 

which were fastened by high-strength bolts to the test 

apparatus. All of the six steel panels, end plates and L shaped 

anchors were made of conventional mild steel (JIS SS400), 

and mechanical properties of the steels are listed in Table 1. 

The polypropylene plates used in this experiment are 

currently available in the market. As can be seen from the 

results of tensile test, polypropylene has a very low density 

and a very large elongation capacity, as shown in Table 2. 

The nominal value of elongation for polypropylene is over 

200 percent. In order to prevent stress concentration in 

carbon fiber sheet at the sharp corner, the external edges of 

each polypropylene plate had been rounded by grinding to 

achieve a minimum radius of 20 mm before it was wrapped 

by carbon fiber sheets. 

The carbon fiber sheet, which has been widely used in 

seismic retrofit of reinforced concrete structures, has 

excellent properties such as high strength, high modulus of 

elasticity and high durability. Material properties of the 

carbon fiber sheet used are presented in Table 3. 

The first layer of carbon fiber sheet was glued by epoxy 

resin adhesive to the face of polypropylene plates and 

pressed with a roller. Before and after wrapping the second 

layer, epoxy resin adhesive was impregnated into the carbon 

fiber sheets. A minimum overlap length of 50 mm is 

provided.  

The dimension of the specimens is shown in Figure 2, 

and the details are given in Table 4. 

 

Table 1  Mechanical Properties of the Steels 

Name Material 
Thickness 

(mm) 

Modulus of Elasticity 

(N/mm2) 

Yield Strength 

(N/mm2) 

Tensile Strength 

(N/mm2) 

Elongation  

(%) 

PL2.3A 

JIS SS400 

2.17 174000 267* 373 41.0 

PL2.3B 2.17 198000 296 416 39.8 

PL3.2A 3.03 201000 310 433 39.3 

PL3.2B 3.13 202000 337 424 33.9 

*: by 0.2% offset yield stress 

 

Table 2  Material Properties of Polypropylene Plate  Table 3  Material Properties of Carbon Fiber Sheet 

Density 

(g/cm3) 

Tensile 

Strength 

(N/mm2) 

Modulus 

of Elasticity 

(N/mm2) 

Elongation  

(%) 

Sheet 

Weight 

(g/cm2) 

Thickness 

for Design 

(mm) 

Tensile 

Strength 

 (N/mm2) 

Modulus  

of Elasticity 

(N/mm2) 

0.91 29 1050 >200 300 0.167 3400 245000 
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Figure 2  Dimensions of Test Specimens (Unit: mm) 
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2.2  Testing Method and Measurements 

The loading apparatus used in the test is shown in 

Figure 3. The test specimen which is hatched in the figure 

was installed between loading girder and foundation girder, 

and was fastened to them by high-strength bolts. The 

horizontal loading was applied to the top of the specimen via 

the loading girder by a horizontally placed hydraulic jack. 

All specimens were free from axial stress and axial 

constraint. The magnitude of the horizontal load was 

measured by a load-cell, and the horizontal displacement of 

loading girder was measured by displacement transducers 

installed on the loading girder. 

To investigate the basic hysteretic performances of the 

specimen, reversed cyclical loading tests were conducted. 

The loading history is shown in Figure 4. 

The term "γ" in this paper represents drift angle of 

specimen, and is the horizontal displacement at the top of the 

specimen relative to its bottom divided by the height of steel 

panel (176mm). Cyclical load repeated twice at the drift 

angle γ of 0.005radian and 0.01radian, and three times at 

each other large drift angle until the end of tests.  

 

 

3.  TEST RESULTS AND DISCUSSION 

 

3.1  Failure Mode 

The photographs after tests of all six test specimens are 

shown in Figure 5.  

In case of specimens without confinement (Figure 5(a), 

(b)), the out-of-plane deflections of the panel caused by 

premature shear buckling were large, and no crack was 

observed at the top and bottom ends in the panels of both 

specimens. 

On the other hand, in case of confined specimens with 

aspect ratio of 1.0 (Figure 5(c), (d)), out-of-plane deflections 

of the panel caused by shear buckling were small compared 

to those of the specimens without confinement, which 

implies the effectiveness of the confinement on the panels. 

In the specimen PB2.3-1.0-P, cracks occurred at the end of 

the panel due to fatigue under reversed cyclical loading, 

while remarkable crack was not observed in the specimen 

PB3.2-1.0-P, but the integral torsion of the panel was 

occurred during the tests. 

In both specimens with aspect ratio of 1.5 (Figure 5(e), 

(f)), the typical X-shaped shear buckling of the panel were 

obvious, but the premature out-of-plane deflections were 

subtle as compared to the square-shaped specimens. It is 

worth nothing from Figure 5 that the shear cracks of the 

specimens with aspect ratio of 1.5 developed at an angle of 

about 45 degree as observed in the specimens with aspect 

ratio of 1.0. Cracks were observed not only at the corners of 

the panels but also at the center of the panels. Cracks at the 

corners of the panels occurred in the vicinity of weld metal 

connecting the panel and the end plate. And cracks occurred 

at the center of the panels were caused by plate-buckling 

under reversed cyclical loading, which means that the steel 

panel was effectively confined and prevented from 

premature out-of-plane bulking, and developed its inherent 

strength. 

Polypropylene plates bent in the center portion during 

the tests, but no cracks had been observed on polypropylene 

plates and carbon fiber sheets till end of the tests. 

 

 

Figure 4  Loading History 

Figure 3  Testing Apparatus     

 

Table 4  Details of the Specimens 

Specimen 

Steel panel Polypropylene plate CF Sheet 

Material 
Width 

(mm) 

Height 

(mm) 

Width-thickness 

Ratio b/t 

Aspect  

Ratio 

Width 

(mm) 

Height 

(mm) 

Thickness 

(mm) 

Number of 

Layers 

PB2.3-1.0-N PL2.3A 

176 

176 

77 

1.0 

— — — — 
PB3.2-1.0-N PL3.2A 55 

PB2.3-1.0-P PL2.3A 77 
216 170 

25 2 
PB3.2-1.0-P PL3.2A 55 

PW2.3-1.5-P PL2.3B 
264 

115 
1.5 312 160 

PW3.2-1.5-P PL3.2B 83 
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(a) PB2.3-1.0-N (b) PB3.2-1.0-N (c) PB2.3-1.0-P (d) PB3.2-1.0-P 

  

(e) PW2.3-1.5-P (f) PW3.2-1.5-P 

Figure 5  Failure Modes of Test Specimens 

 

3.2  Hysteretic Behavior 

 

The measured shear force versus drift angle 

relationships of the test specimens are shown in Figure 6. 

The circles marked in Figure 6 represent ultimate shear force 

in both positive and negative directions, and the broken lines 

superimposed represent the yield shear forces Qy calculated 

using the equation given in the next section. 

In the specimens PB2.3-1.0-N and PB3.2-1.0-N 

without confinement, the shear forces reached the peak at 

small drift angles of 0.005radian and 0.01radian, 

respectively (see Figure 6(a) and (b)). Due to the premature 

out-of-plane deflection of steel plate, the lateral-resisting 

capacities of specimens decreased significantly before 

reaching their calculated yield shear capacities. These two 

unconfined specimens exhibited very little energy- 

absorption capacities. 

The confined specimen PB2.3-1.0-P (Figure 6(c)) 

reached its ultimate shear force at drift angle of 0.02radian, 

and decrease of shear force occurred at the first cycle of 

0.04radian due to the local bulking at the corners of the 

panel. Shear force at drift angle of 0.06radian was less than 

50% of the ultimate value, and the strain hardening effect 

was little observed. The deterioration in shear force was 

primarily caused by the cracks at the corners of steel panel. 

However, shear force of specimen PB3.2-1.0-P (Figure 

6(d)) reached the peak at drift angle of 0.04radian, and 

maintained more than 50% of the ultimate value until the 

second cycle of 0.08radian. As compared with the specimen 

PB2.3-1.0-P, the specimen PB3.2-1.0-P showed much better 

hysteretic performance and higher energy-absorption 

capacity. The deterioration in shear force at large 

deformation was mainly caused by integral torsion of the 

specimen due to the initial eccentricity of the applied lateral 

force. 

As compared with the confined specimens with aspect 

ratio of 1.0 described above, different hysteretic loops were 

observed in the specimens with aspect ratio of 1.5 (Figure 

6(e), (f)). The shear force of specimen PW2.3-1.5-P reached 

its peak at drift angle of 0.01radian and reduced gradually to 

approximately 63% of the ultimate value at 0.08radian. 

However, shear force of specimen increased again to 

approximately 87% of the ultimate value at the end of the 

test. 

The similar hysteretic behavior was observed in the 

specimen PW3.2-1.5-P. The shear force decreased 

dramatically after reaching the peak at drift angle of 

0.02radian and decreased to approximately 73% of the 

ultimate value at 0.06radian. With the increasing of drift 

angle, shear force increased gradually to approximately 80% 

of the peak value at the end of the test.  

The regaining of shear-resisting capacity observed in 

the confined specimens with aspect ratio of 1.5 may be 

attributed to the portion of the steel plate away from the 

shear crack which constrained expansion of shear crack, and 

the strain hardening effect of the steel could be developed at 

large deformation. 

However, at each cycle of loading after the peak of 

shear force, apparent force degrading occurred when the 

drift angle approximately became 0radian in both specimens 

with aspect ratio of 1.5. It was caused by plastic 

shear-buckling and was also observed in the previous steel 

shear panels using low yield strength steel. Unlike the 

spindle hysteretic loops of specimens with aspect ratio of 1.0, 

which had more effective energy-absorption capacity, 

force-degrading near 0radian could reduce the hysteretic 

area and make it difficult for the hysteretic performance to 

be evaluated. 
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(a) PB2.3-1.0-N (b) PB3.2-1.0-N 

  

(c) PB2.3-1.0-P (d) PB3.2-1.0-P 

  

(e) PW2.3-1.5-P (f) PW3.2-1.5-P 

Figure 6  Measured Shear Force versus Drift Angle Relationship 
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Figure 7 shows shear force versus accumulated drift 

angle relationships of the test specimens.  

The allowable cumulative drift angle, which is 

proposed by Tanaka and Sasaki (1998), are also marked in 

the figure with solid triangles. The allowable cumulative 

drift angle is defined as first decrease in shear force which 

commences near the drift angle of 0radian. 

Although the shear force of specimens with aspect ratio 

of 1.5 increased again after deterioration, they reached their 

allowable cumulative drift angle at extremely smaller 

accumulated drift angle immediately after the peak shear 

force. 

From the viewpoint of safety margin, specimens with 

aspect ratio of 1.0 which have spindle hysteretic loops 

exhibit better hysteretic performance, and are considered as 

appropriate as a hysteretic damper.  

 

  

(a) PB2.3-1.0-N (b) PB3.2-1.0-N 

  

(c) PB2.3-1.0-P (d) PB3.2-1.0-P 

  

(e) PW2.3-1.5-P (f) PW3.2-1.5-P 

Figure 7  Shear Force versus Accumulated Drift Angle Relationship 
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4.  EVALUATION OF ULTIMATE STRENGTH  

AND STIFFNESS 

 

The ultimate shear force and initial stiffness of 

specimens are summarized and compared in Table 5. The 

theoretical yield shear force Qy is calculated by Equation (1), 

while the initial stiffness K is calculated by Equation (2). 

The Equation (1) is derived by assuming the 

distribution of shear stress across the section of the steel 

panel as shown in Figure 8. The Equation (2) is obtained by 

simply adding the shear deformation to the flexural 

deformation of the steel panel.  

Due to the different boundary conditions between the 

specimens with aspect ratio of 1.0 and the specimens with 

aspect ratio of 1.5, the height of panel h is equal to the 

modified height h’ when calculating the initial stiffness of 

specimens with aspect ratio of 1.0. The modified height h’ is 

defined as the height between the centers of holes of the 

steel panel as shown in Figure 9.  

As can be seen from Table 5, ultimate shear force of the 

confined specimens and initial stiffness of all specimens 

were evaluated very well by using the Equation (1) and (2). 

 

                                       (1)        

 

 

(2) 

  

 

 

where   σy: yield strength of steel  

b: width of steel panel  

t: thickness of steel panel  

h: height of steel panel  

b: width of steel panel  

Q: shear force  

    κ: shear shape factor  

(κ=1.2 for rectangular cross section) 

    E: modulus of elasticity of steel 

    G: shear modulus of steel 

(G=E/2(1+v)) 

   ν: Poisson ratio of steel  

(ν=0.3) 

 

 

  

 

 

 

 

 

Figure 8  Distribution of Shear Stress at the Yield Shear Force Figure 9  Definition of Modified Height h’ 

 

Table 5  Comparisons of Ultimate Shear Force and Initial Stiffness 

Specimen Qmax(kN) Qy(kN) Qmax/ Qy γ-Qmax(×10-2rad.) K’(kN/mm) K(kN/mm) K’/K 

PB2.3-1.0-N 
+ 40.7 

39.2 
1.04 0.5 

57.8 43.0 1.34 
- 38.9 0.99 -0.5 

PB3.2-1.0-N 
+ 58.8 

63.6 
0.92 1.0 

62.9 61.0 1.03 
- 60.5 0.95 -0.5 

PB2.3-1.0-P 
+ 51.4 

39.2 
1.31 2.0 

55.8 43.0 1.30 
- 52.0 1.32 -2.0 

PB3.2-1.0-P 
+ 73.5 

63.6 
1.16 4.0 

61.8 61.0 1.01 
- 66.4 1.04 -4.0 

PW2.3-1.5-P 
+ 77.0 

65.3 
1.18 1.0 

179.0 159.0 1.13 
- 76.8 1.18 -1.0 

PW3.2-1.5-P 
+ 150.6 

107.2 
1.41 2.0 

245.0 266.0 0.92 
- 156.0 1.46 -2.0 

Qmax: Experimental ultimate shear force       Qy: Calculated yield shear force     γ-Qmax: Drift angle of maximum shear force 

K’: Experimental initial stiffness              K: Calculated initial stiffness 

h=176mm h’=256mm 

b 

t 

 

Cross section  

of steel panel 
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4.  CONCLUSIONS 

 
From the experimental studies described in this paper, 

concluding remarks can be drawn as follows. 

(1) Confinement of polypropylene plates and carbon fiber 

sheets can prevent the panel from the premature 

out-of-plane buckling, and make the steel panel an 

effective energy-absorption device. 

(2) The out-of-plane deflection of the confined specimens 

with aspect ratio of 1.0 was minimal and the hysteretic 

loops remained stable until the tensile cracks occurred 

at the corners of the steel panels. On the other hand, due 

to the lower out-of-plane flexural stiffness, the 

polypropylene plates used in the specimens with aspect 

ratio of 1.5 prevent the shear bulking of steel panel in 

large deformation much weaker than the polypropylene 

plates used in specimens with aspect ratio of 1.0. A 

more effective confinement detail for the steel panel 

with aspect ratio of 1.5 needs to be developed. 

(3) From the comparison of specimens with different 

thickness, the specimens with width-thickness ratio of 

about 55 showed more satisfactory hysteretic and 

energy dissipating performance than the specimens with 

width-thickness ratio of about 77 or larger.  

(4) The ultimate shear force and initial stiffness can be 

simply and accurately evaluated by using two concise 

equations as shown in Equation (1) and (2). 
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Abstract:  During an earthquake, it is important to maintain the normal functions of a building to facilitate emergency 
responses and business continuity. Even if a building has no seismic damage, damage to equipment in the building may 
cause difficulties in providing medical services, performing production operations, or dwelling. Recently, seismic damage 
to equipment has been reported. Until now, vibration control devices have been devised and installed in many buildings 
and equipment such as medical and manufacturing devices. A centralized control of these vibration control systems 
would increase their effectiveness and efficiency. In this paper, we propose a harmonically structured vibration control 
method for a coupled system consisting of a building and equipment. First, we describe a method for constructing an 
evaluation function on the basis of the prescribed control objectives and the required performance levels of a building and 
equipment. Second, decentralized and centralized control systems are developed. Finally, the effectiveness of these two 
methods is verified on the basis of time-history analysis. 

 
 
1. INTRODUCTION 

The retention of key functions of medical facilities 
immediately after a large earthquake is important because 
many injured persons may require medical treatment. It is 
also important to prevent patients and medical staff from 
suffering injuries due to the movement, toppling, or 
dropping of medical equipment during seismic vibrations. 
In the 1995 Hyogo-ken Nanbu earthquake, many medical 
facilities and equipment were damaged (Kakehi 1996). In 
particular, although heavy equipment, e.g., a computed 
tomography (CT) scanner and a magnetic resonance 
imaging unit, is generally fixed to the floor with anchor 
bolts, their movement has been reported during earthquakes 
(The Hyogo Association of Radiological Technologists 
1995, Miyamoto 1995). Furthermore, because of the risk of 
high-precision equipment failure due to vibrations, it is 
important to reduce the input vibrations to medical 
equipment (AIJ 2003).  

In this study, we propose a method to define control 
objectives and construct a control evaluation function for 
reducing seismic damage to a building structure–equipment 
system, and its effectiveness is verified experimentally. 

 
 

2. ANALYSIS MODEL 
Recently, seismic isolation devices for equipment such 

as servers, precision instruments, and cultural properties 
have been designed and installed. The analysis model 
shown in Figure 1 is a medical facility in which a 
semiactive seismic isolation device for equipment (in this 
study, the mass of the equipment corresponds to that of a 

CT scanner) is installed. Its parameters are shown in Table 
1. 

The motion equation of an N-story building with a 
vibration control device with which a control force ub is 
applied to the top layer is as follows: 

 

 { } bbgbbbbbbb ux f1MxKxCxM +−=++ &&&&&  (1) 
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Figure 1 Analysis model 
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Table 1 Physical parameters 

Parameter Symbol Value

Story height h 4.0 m

Number of stories N 10

Fundamental natural period of building T b1 1.2 s
Fundamental natural period of seismic
floor isolation T e1 3.0 s

Damping factor of building (AIJ 2000) ζ b 0.02
Damping factor of seismic floor
isolation ζ e 0.20

Mass of each story m bn 1.0 × 106 kg
Mass of equipment and seismic floor
isolation (Miyamoto 1995, THK) m e 1.5 × 103 kg

Position of equipment j 4th layer
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where xg and xbn represent the absolute displacement of the 
building foundation and the displacement of the n-th layer 
relative to the building foundation and mbn, cbn, and kbn are 
the mass, damping coefficient, and stiffness of the n-th 
story, respectively. The stiffness kbn is determined using the 
Ai distribution prescribed by the Building Standard Law of 
Japan and is assumed to be linear elastic. The damping 
coefficient cbn, which is proportional to stiffness, is given 
by Eq. (7) using the fundamental period Tb1 and the 
damping factor ζb. Assuming that the building is a steel 
construction, Tb1 is empirically given by Eq. (8), where h is 
the story height. 

 nn kTc b1bbb )( πζ=  (7) 

 hNT m)/s03.0(b1 =  (8) 
The equipment is assumed to be a rigid body affixed to the 

seismic isolation device because seismic damage to 
equipment is mostly due to drift and toppling. Thus, the 
motion equation of the equipment on the j-th story is as 
follows: 

 ebeebeeege )()()( uxxkxxcxxm jj =−+−++ &&&&&&  (9) 

where xe is the displacement of the equipment relative to 
the building foundation, me is the mass of the equipment, 
which is half that of the seismic isolation device, ce and ke 
are the damping coefficient and stiffness of the seismic 
isolation device, respectively, and ue is the control force of 
the equipment’s control device. ke is given by Eq. (10) 
using the fundamental period Te1 of the seismic isolation 
device, whereas the damping coefficient, which is 
proportional to stiffness, is given by Eq. (11) using the 
damping factor ζe. 

 e
2

1ee )/2( mTk π=  (10) 

 ee1ee )( kTc πζ=  (11) 

Using Eqs. (1) and (9), the motion equation of the 
building structure–equipment model is given by 

 { } Fu1MKxxCxM +−=++ gx&&&&&  (12) 
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3. PERFORMANCE OBJECTIVES 
To minimize seismic damage, it is important to define 

functional objectives. In this study, the values shown in 
Table 2 are chosen as performance objectives. 

The interstory drift angle is to be suppressed to below 
1/200 rad so that structural deformation is in the elastic 
region. The absolute acceleration value of 3 m/s2 is based 
on the evacuation capability. The relationship between the 
evacuation capability and absolute acceleration is based on 
a limit curve of evacuation under a sinusoidal wave 
(Takahashi et al. 2007), and the absolute acceleration is 3 
m/s2 in the fundamental period (Tb1 = 1.2 s), where building 
responses tend to be dominant. 

The maximum allowable deformation of the seismic 
isolator for the equipment is assumed to be 0.25 m, and the 
allowable deformation is reduced to 0.2 m when safety is 
considered. According to the AIJ design guideline (AIJ 
2003), when the absolute acceleration of a floor is 10 m/s2, 
the absolute acceleration and drift of a seismic isolation 
layer are less than about 2 m/s2 and 0.3 m, respectively. 
Using these values as reference, the performance objective 
for the absolute acceleration of equipment is set to be 0.6 
m/s2 and is 20% of the desired value of the floor 
acceleration 3 m/s2. 

 
Table 2 Performance objectives 
Response Performance objective

Interstory drift ≤1/200 rad

Absolute acceleration ≤3 m/s2

Drift of seismic isolator ≤0.2 m

Absolute acceleration ≤0.6 m/s2

Building

Equipment

 
 
 

4. CONTROL METHODS 
In this paper, two control methods are proposed on the 

basis of a linear quadratic regulator (LQR). They are 
decentralized control and centralized control. 

 
4.1 Decentralized Control 

In this section, decentralized control is formulated 
under the assumption that equipment with a vibration 
control device is newly installed in a building that itself has 
a vibration control device such as an active mass damper. 
1) Evaluation function for the building control device 

The interstory drift zbd and absolute acceleration zba of 
the building are represented as follows: 

 bbdbd XCz ′=  (19) 

 { } bbabbagbba ux DXC1xz ′+′=+= &&&&  (20) 
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Regarding the evaluation function of LQR control, the 
trade-off between the response and control forces has to be 
considered. In addition, the difference between the order of 
the responses of the control objectives influences the 
control performance. In this study, control objectives are 
expressed as dimensionless numbers using the performance 
objectives shown in Table 2 as follows: 

 )rad200/(bdbd NCC ′=  (25) 
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baba ×′= NDD  (27) 

The evaluation function for building control is formulated 
using these responses of the control objectives as follows: 
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where the weight coefficient of the control force Rb is 
constant. In LQR control, the control objectives are 
controlled by the state space equation as follows: 
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The control force ub is defined by 
 bbb Xg−=u  (36) 
where the feedback gain gb is given by 
 }{ ba

1
bb PBSg TTR += −    (37) 

P is the solution of the Riccati equation: 
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The evaluated control gains are shown in Figure 2. 
2) Evaluation function for the equipment control device 

The drift of the seismic isolation device for the 
equipment, zed, and the absolute acceleration of the 
equipment, zea, are given as follows: 

 eeded Xc′=z  (39) 
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These control objectives are then expressed as 
dimensionless numbers similar to the building responses by 
the following equations: 

 )m2.0(eded cc ′=
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The evaluation function for equipment control is 
formulated using these responses of control objectives as 
follows: 
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 ededed ccQ T=  (50) 

 eaeaea ccQ T=  (51) 

 eaeaea dTcS =  (52) 

where the weight coefficient of the control force Re is 
constant. The evaluated control gains are shown in Figure 
3. 
 
4.2 Centralized Control 

Next, the evaluation function for a coupled model of a 
building structure–equipment system is derived. 

The interstory drift of the building, zbd, and the drift of 
the seismic isolation device for the equipment, zed, are 
given as follows: 

 XCz bdbd ′=  (53) 

 XCz eded ′=  (54) 
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The absolute acceleration of the entire system is given by 
Eq. (58). 

 { } [ ] FuMXCMKM1x 111
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Thus, the absolute acceleration of the building, zba, and the 
absolute acceleration of the equipment, zea, are given as 
follows: 
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Cbd, Cba, Dba, Ced, Cea, and Dea are calculated by 
representing responses as dimensionless numbers as in 
Section 4.1. The evaluation function for the coupled system 
is then formulated using these responses as follows: 
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 bdbdbd CCQ T=  (66) 

 bababa CCQ T=  (67) 

 bababa DCS T=  (68) 

 ededed CCQ T=  (69) 

 eaeaea CCQ T=  (70) 

 eaeaea DCS T=  (71) 

The evaluated control gains are compared with those of 
decentralized control in Figures 2 and 3. 
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(a) Displacement gains      (b) Velocity gains 
Figure 2 Gains for the building control device 

(square: decentralized control, circle: centralized control) 
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(a) Displacement gains      (b) Velocity gains 
Figure 3 Gains for the equipment control device 

(square: decentralized control, circle: centralized control) 
 
 

5. VALIDATION ANALYSIS 
The effectiveness of the two proposed control methods 

are investigated on the basis of time-history analysis using 
three input ground motions: El Centro 1940 NS, Taft 1952 
EW, and Hachinohe 1968 NS; they are resized so that 
PGVs are 0.25 m/s. The analysis condition is shown in 
Table 3, and the results are shown in Figures 4 and 5. The 
comparison result of the responses is shown in Table 4, 
where the response rate ρ is defined by Eq. (72). 
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Table 4 shows that the performance of centralized 
control is about 10% better than that of decentralized 
control in terms of the response of the equipment. This is 
because a vibration control device for a building, which has 

a control force that is about 1,000 times larger than that for 
equipment, is used to reduce the equipment responses. 

However, because centralized control requires an 
accurate motion equation of the coupled model, it is 
difficult to alter or extend the model when the equipment is 
moved or new equipment is installed. On the other hand, 
decentralized control does not require a complicated 
motion equation because the control designs for building 
and equipment are separately and independently 
constructed. In addition, decentralized control has the 
advantage of being robust, that is, a fault in one system 
does not influence the other system. Considering these 
factors, the performance of decentralized control is better. 
In future studies, we will further improve the performance 
of decentralized control. 
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Table 3 Analysis condition 

Parameter Value

Maximum control force for a building 500 kN

Maximum control force for equipment 0.5 kN

Time delay of control 0.1 s

Sampling time 0.005 s  
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(c) Maximum interstory drift of building 
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(d) Maximum absolute acceleration of building 
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(e) Drift of seismic isolation device 
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(f) Absolute acceleration of equipment 

Figure 4 Time-history responses to Hachinohe 1968 NS. 
(black: building control only, red: decentralized control, 

blue: centralized control) 
 
 
 
 
 

Table 4 Response rates 
Decentralized

control
Centralized

control

Interstory drift 1.00 0.99

Absolute acceleration 1.00 1.00

Drift of seismic isolator 0.65 0.55

Absolute acceleration 0.90 0.82

Building

Equipment

 
 

6. CONCLUSIONS 
In this paper, we proposed a method for 

implementing several control objectives in order to reduce 
seismic damage for a building structure–equipment system. 
Using the proposed method, two control systems 
(decentralized and centralized control systems) based on 
LQR were designed and their performance was verified. 

Although centralized control is better than 
decentralized control, the latter is sufficient in terms of 
simplicity for implementation and robustness to potential 
controller faults. 

In future studies, we will further improve the 
decentralized control performance and consider motions 
that are likely to occur in larger earthquakes, where the 
performances of the control devices are more important. 
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Abstract:  In the Great East Japan Earthquake, that was happened on 11th of March in 2011, many ceilings were 
damaged or fallen in large span buildings from Miyagi to Tokyo. Some people were injured and killed by ceiling falls. 
Furthermore, it is taking a long time to reconstruct the ceilings and to reopen the buildings for business. These damage 
and losses by this earthquake suggests that there are a lot of ceilings that can be terribly damaged by moderate 
earthquakes throughout Japan. The cases of ceiling damage by past earthquakes have shown that the collapse of 
traditionally ceilings with steel furring is most serious in the ceiling damages. The kind of ceiling is the subject of 
investigation of this paper. In general, the earthquake response of the upper floor slab or frame of roof shake ceilings, and 
ceilings are surrounded by partition walls. Therefore, the behavior of ceiling can be dependent on the characteristics of 
building structure and partition walls during earthquake. So, it is necessary to understand not only the details of ceiling 
but also the details of building structure and partition walls. This study shows the result of investigation about the reason 
of some ceiling collapses considering the characteristics of building structure and partition walls. In particular, the study 
discusses the fallen ceiling in the building including the undamaged ceiling which had the same detail with the fallen one. 

 
 
1.  INTRODUCTION 

 

The significant damage of ceiling has been observed in 

the 2001 Geiyo earthquake, the 2003 Tokachi oki earthquake 

and the 2005 Miyagi-ken oki earthquake. Therefore, It has 

been concerned that ceiling collapse can cause loss of 

building functionality, injuries and life loss and downtime 

(or business interruption). Unfortunatly, these concerns have 

becamed a reality. 

The Great East Japan Earthquake was happened on 11th 

of March in 2011. The focus of this earthquake was off the 

coast of Miyagi prefecture, and the magnitude was 9.0. 

Many ceilings were damaged or fallen in large span 

buildings (such as local gym, platform, concert hall, 

entertainment and cinema) from Miyagi to Tokyo during this 

huge earthquake (Figure 1). Some people were injured and 

killed by ceiling falls. Because of the extensive damages, it 

is taking a long time to reconstruct the ceilings and to reopen 

the buildings for business. On the other hand, the extensive 

damage to ceilings by this earthquake suggests that there are 

a lot of ceilings that can be terribly damaged by moderate 

earthquakes throughout Japan.  

These may be attached in different ways to the floor 

above. However, the collapse of traditionally ceilings with 

steel furring is most serious in the ceiling damages. Ceilings 

have not been designed by structural engineers in Japan, 

Figure 1 Map of ceiling damages by the huge earthquake 

on 11
th
 of March in 2011 
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because ceilings are considered as the non-structural 

components. For this reason, we still don‟t have a design 

code for ceilings. It is necessary to clarify the mechanism of 

ceiling fall and to prepare the way to estimate the seismic 

performance of ceiling as soon as possible. 

In general, ceilings are hanged from the upper floor slab 

or frame of roof, their earthquake response shake ceilings. 

And ceilings are surrounded by partition walls. Therefore, 

the behavior and the range of damage of ceiling can be 

dependent on the characteristics of ground and building 

structure during earthquake. In the research of ceiling 

collapse, it is necessary to understand not only the details of 

ceiling but also the details of building structure, partition 

walls. However, after earthquake, it is hard to survey the sites 

of ceiling collapses because new ceilings are restored early 

without improvement for using the building as soon as 

possible. This has made it difficult to study ceiling collapses 

statisticuly. We could survey some sites of ceiling collapses 

because of the widespread damage and the delay in 

restoration of ceilings. 

This study shows the result of investigation about the 

reason of some ceiling collapses by the Great East Japan 

Earthquake. In particular, the study discusses the fallen 

ceiling in the building including the undamaged ceiling 

which had the same detail with the fallen one. 

2. THE CEILING DAMGES BY THE EARTHQUAKE 

 

Some large damage of ceilings also fell down around 

Tokyo 350 km from the focus. In this section, two examples 

of ceiling collapse are shown. 

At first, Photograph 1 shows the ceiling collapse in the 

building including the sports entertainment on the top floor. 

Fortunately, no person was injured. The peak of horizontal 

ground acceleration was measured 165gal in the direction 

from east to west near the building in Yokohama during the 

earthquake. The roof of the building is formed by truss 

beams that have 34m span from east to west. It is shown in 

Figure 2 that the size of the ceiling is about 29m×58m, the 

mass of the ceiling is about 16 ton, and its shape is almost 

flat (actually, there are some gaps in level on the ceiling). 

The ceiling was hanged from the steel roof-decks by using 

the connection parts and the 2.0m ~ 2.3m long hanging bolts. 

The height is 3.55m from floor to ceiling. The shadow part 

in Figure 2 shows the area where suspended ceiling fell 

down. Most ceiling fell down on this floor. Many collapsed 

clips and plaster boards had fallen on the floor. The kind of 

damage is similar to the ceiling collapses in the past 

earthquakes. There was no gap between the ceiling and the 

partition wall in this floor. It is shown in Figure 3 the bottom 

of partition wall was connected to the floor slab, and the top 

Photograph 1 Wide-angle view of the ceiling fall 
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of it was connected to the end of ceiling with screws. In this 

case, the ceiling could have moved with the ceiling during 

the earthquake. Because there is difference in level on roof 

and the ceiling has some braces, stress by horizontal inertial 

force could have been focused around them. 

Second, the ceiling boards fell down in the laboratories in 

Tsukuba. The building plan in the laboratory is shown in 

Figure 3. The peak of horizontal ground acceleration was 

measured 343gal in the direction from east to west near the 

building. The building has three test rooms and their size is 

about 26m×30m. The mass of ceiling could be about 7.0 

ton. The ceiling in the test room 1 was not completed, and 

the installation of a new partition wall had finished during 

the earthquake. The ceilings fell down in the test room 2 and 

3 by the earthquake. The shadow part in Figure 4 shows the 

area of ceiling fall. Photograph 2 shows no damage ceiling 

in the test room 1 and Photograph 3 shows the ceiling 

collapse in the test room 2. The ceiling was hanged to a 

height of 15m above the ground and the length of hanging 

bolts is 1.8m. There was no gap between the ceiling and the 

partition walls in each room and the ceilings had not any 

brace. Therefore, these ceilings could not have moved to the 

horizontal direction. These ceilings were formed with steel 

members for wind pressure resistance, and they can be 

stronger than normal steel members. However the ceiling 

collapses had been happened. Why and how did they fall 

down? From the next section, the discussion is conducted for 

the kind of ceiling collapse. 

 

3. EXPERIMENT AND NUMERICAL ANALYSIS 

 

The two examples mentioned above have no clearance 

between ceiling surfaces and surrounding walls. According 

to the technical recommendation on ceiling by MLIT in 

Japan, the contact of ceiling to surrounding walls causes the 

fall of ceiling. Then the recommendation states the clearance 

should be arranged between them. Most of existing ceilings 

do not have such clearance but all of them did not fall down. 

In case of ceiling without clearance, the inertial force in an 

earthquake is transmitted via ceiling surface to surrounding 

walls directly. Therefore the compressive stress acts on 

ceiling surface and the unstable phenomenon like the 

buckling behavior occurs when the compressive stress 

reaches to the limit value. It has not been obvious ceiling 

falls mentioned in the previous section are caused by such 

unstable behavior. In this section, we clarify the behavior of 

ceiling contact to surrounding walls through experimental 

and numerical results. 

 

3.1 Outline of Experiment 

  Figure 6 shows the test specimen for the static 

compression experiment. The ceiling surface is made of 

gypsum boards (thickness: 9.5mm) which are attached to 

M-bars by screws and the steel furring members are 

suspended with bolts of which outer diameter is 9mm. The 

spacing of bolts is about 850mm and its length is 1,500mm. 

Photograph 2 Ceiling in test room 1 Photograph 3 Ceiling in test room 2 
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As the loading condition, the displacement on one edge is 

controlled by using the H-shaped beam (H-400x400) while 

another opposite side of edge is fixed by using the same size 

of H-shaped beam. Consequently, it can be considered that 

the uniaxial compression acts on ceiling surface. Two types 

of the loading direction are tested; the M-bar direction and 

the channel direction. 

  Figure 7 shows the relationships between compressive 

resultant stress and stretch for the respective direction load. 

The compressive resultant stress means the compressive 

force by unit length. According to these results, the 

maximum compressive strength for both directions reaches 

to about 12kN/m. The collapse mechanism for each loading 

direction is quite different. The deformation after the 

maximum strength is shown in Photographs 4. It can be 

observed that ceiling surface and bolts suspending it buckle 

in the M-bar direction test. And ceiling surface buckles and 

clips detach in the Channel direction. To clarify the reason 

why different mechanism in each loading direction is formed, 

the numerical analyses are executed.  

 

3.2 Outline of Numerical Analysis Method and Model 

  The steel furring members in the Japanese style of ceiling 

are connected to each other with using unique metal parts, 

called “Clip” or “Hanger”. Especially a Clip which is used at 

the connection of steel members called “Channel” and 

“M-bar” as shown in Figure 8, is made of a thin steel plate 

(thickness < 0.6mm) and is attached and easily bent by hand 

on site. When being bent, the tensile stress occurs in a Clip 

and generates the friction force between members. By the 

effect of the friction force, the connection remains stable. 

Once the value of the force in the longitudinal direction of a 

channel yields the static friction force value, the Channel or 

the M-bar begins to slip. Strictly speaking, the friction 

occurs on some contact points of Clip-Channel, Clip-M-bar 

and Channel-M-bar. But it is assumed that the friction force 

occurs only on the contact point between the channel and the 

M-bar and the single friction surface is considered as shown 

in Figure 8 for simplicity. The analytical model is shown in 

Figure 9. For taking account of the above contact and 

friction between the channel and M-bar, some dummy 

elements are arranged. The both ends of these dummy 

elements are „Slave‟ nodes corresponding to nodes called 

„Master‟ node on an element representing a Channel and an 

M-bar. The „Master-Slave‟ concept suggested by Crisfield 

et.al is extended to the contact and release problem with 

some conditions. By introducing the pre-tension on the clip, 

any compressive stresses act on dummy elements. The 

compression stress prevents the channel from penetrating the 

M-bar and generates the friction at the area J.C.-A 

Figure 6 Test specimen 
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simultaneously. The Coulomb friction criterion is applied to 

the slipping condition at the area J.C.-A. The detachment 

behavior of a clip is observed in the failure process of ceiling. 

The condition to conveniently evaluate the behavior should 

be added. Here, the simplest condition of setting the upper 

limitation of the tensile stress is applied to the upper node of 

the clip at the area J.C.-B. 

At the area J.C.-A, the slipping behavior and leaving 

behavior are taken account. Then we apply the following 

two conditions. 

Coulomb Friction with cohesion:  0 cNT   

Leaving condition:  0N  

where T, N and c are a tangential force which means a force 

in the direction of slipping, a normal force and cohesion 

respectively.  is a friction coefficient. Both  and c are 

determined through the experimental results and these 

values are 0.55 and 40N. 

At the area J.C.-B that locates at the upper node of a clip, 

the detachment behavior of a clip is taken account. The 

detachment condition is the same as the above leaving 

condition except considering the limitation of the tensile 

axial force. 

Detachment condition: detachNN   

In case of the detachment behavior, however, the 

re-contact phenomenon is not considered once the 

detachment condition is satisfied. And nodal forces for all 

components at a target node should be released since the 

detachment means an element perfect remove from the node. 

It is assumed that the detachment behavior occurs when the 

normal force reaches to the limit force obtained by 

experiment. The limit force for the detachment is set to be 

500N. 

In this paper, the material properties of gypsum board and 

any steel furring are assumed to be elastic. 

 

3.3 Numerical Results 

  At first, we show the validation of our numerical method 

and model. Figure 11 shows the relationships between 

compressive resultant stress and stretch for the M-bar 

direction load. Figure 12 shows the deformation after the 

maximum strength. Both results agree with the experimental 

results. Now, consider the process of the collapse behavior in 

this case. The first subject is why the decrease of strength 

can be observed. Generally the decrease of strength is not 

observed in the elastic buckling behavior of a bar or a plate. 

Though all of elements are assumed to be elastic in the 

present model, the considerable decrease occurs as soon as 

the load reaches to the maximum value. The second subject 

is why the bolts suspending ceiling buckle though the 

external force is only applied.  

According to the linear buckling analysis as an eigen 

value problem, the buckling of the bolts is obtained as the 

first mode. The reason is that the horizontal external force 

applied to the ceiling surface has the eccentricity to the 

neutral plane of the composite plate composed of gypsum 

board and M-bars. The eccentricity causes the bending 

deformation of gypsum board and the gypsum board move 

to upward. As a result, the compressive stress acts on the 

suspending bolts. The compressive stress is not uniform 

among the bolts and the nearer to the loading edges or 

supporting edge bolts are, the greater the values of 

compressive stress on bolts is. Namely, the distribution of 

the compressive stress is A-line>B-line>C-line or 
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E-line>D-line>C-line. Therefore, the first buckling 

phenomenon occurs at the bolts on A-line and B-line (or 

E-line and D-line). After that, the vertical displacement of 

ceiling surface develops and bolts on C-line fall into 

unstable condition as well. The buckling of bolts on A-C line 

causes the unstableness of ceiling surface. As we mentioned 

above, the effective length for the buckling of ceiling surface 

becomes greater as the area where the buckling of bolts 

occurs makes a progress. Consequently, the decrease of 

strength is observed as soon as the first buckling of bolts 

occurs. 

  Next, the numerical models with various lengths of the 

suspending bolts are calculated. Figure 13 shows the 

compressive resultant stress and stretch relation. Figure 14 

shows the relationship between the maximum strength and 

length of bars. The dashed line in this figure means the 

compressive strength of gypsum board. It is understood that 

the longer the bolts, the less the maximum strength is. It is 

noted that the length of bars means effective buckling length, 

not physical length. 

Here, we examine the reason that ceiling mentioned in 

Section 2 fell down. Especially the ceiling at Tsukuba is 

focused on. The lengths of bars at the ceiling were 1.8m. 

Then the compressive strength of each ceiling can be 

estimated to be about 12kN/m through Figure 14. On the 

other hand, the mass densities, the depth and the maximum 

accelerations in earthquake were 13kg/m
2
, 26m and 

10m/sec
2
(See Figure 15 which is the acceleration response 

spectrum. And the natural period is estimated to be 0.2-0.6 

second). Therefore, the applying inertia force acted on the 

ceiling surface in the earthquake motion becomes to be 

3.3kN/m (=13x26x10). The value of inertia force is much 

less than the compressive strength (12kN/m). The gap 

between our evaluation and actual damage is caused by the 

unbalance of rigidity of the surrounding walls (structures) 

while the uniform geometrical boundary is assumed in our 

analysis. We decided the structure was arranged on the 

surround of the ceiling as the method of restoration (See 

Figure 16). Furthermore, the effective buckling length 

becomes shorter than the previous length to increase the 

compressive strength of ceiling surface. 

 

4. CONCLUSION 

 

  The damage examples in the Great East Japan Earthquake 

were introduced. We focused on the common detail that 

there is no clearance between ceiling and surrounding walls 

and evaluated the compressive strength of ceiling surface. 

Finally, the restoration method was introduced based on the 

compressive strength. 
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Abstract:  Under the 2011 Tohoku Pacific Earthquake, the damage of building facilities was found in many 
buildings. For the characteristic damage, the falling off of the hanger bolt which supported the facilities or 
duct or plumbing from a slab floor was seen. In the apparatus of the floor setting, the things that the spring of 
the spring protection against vibration footstool fell off appeared. About the duct, falling off and a gap were 
seen in joint and divergence department with the box, and the falling off of the diffuser was seen. The 
damage and the leak of water by the collision with facilities apparatus and the ceiling occurred like the 
conventional earthquake damage, too. 

 

 

1.  INTRODUCTION 

 

Under the 2011 Tohoku Pacific Earthquake, the damage 

on building equipment was seen in many buildings. For the 

characteristics of damage, the falling off of the hanger bolt 

which supported the facilities or duct or plumbing from a 

slab floor was seen. In the apparatus of the floor setting, the 

things that the spring of the spring protection against 

vibration footstool fell off appeared. About the duct, falling 

off and a gap were seen in joint and divergence department 

with the box, and the falling off of the diffuser was seen. The 

damage and the leak of water by the collision with facilities 

Table 1 The Damage report of Building Facilities by the 2011 Tohoku Pacific Earthquake, 

Air
conditioning

sanitary
facilities

electrical
facilities

Fire
protection
system

Elevators,
escalators

the rest

① 23 28 74 140 483 200 81 19 11 0 16 137 204 21

② 236 119 128 264 350 131 188 96 64 0 46 955 403 1119

③ 34 174 300 98 193 100 78 5 24 10 1 181 60 27

④ 47 52 132 48 59 5 2 119 72

⑤ 123 53 12 4 164 17

⑥ 10 31 19 69

⑦ 95 199 163

⑧ 47 13 14

⑨ 83 25

⑩ 12

⑪ 4 20 212 210 107 4 2 14 5 0 0 4 81 21

Total 714 714 714 712 1277 483 349 193 132 12 0 1277 1277 1277

① Iwate residence ～1982 RC
Air

conditioning
machinery

machinery /
sanitary

ware

power
receiving

machinery
winding
machine

roof machinery Movement

② Miyagi
Commerce /
amusement

1983～1997 S
sanitary
facilities

plumbing plumbing
lighting

equipment
plumbing lifting rope Indoor

plumbing /
duct

Vibration

③ Fukushima
Office

building
1998～ SRC

electrical
facilities

duct /
chimney

water tank switchboard
Sprinkler

heads
elevator

cage
outdoor

Undergroundi
ng thing

second
damage

④ Tochigi Education
Fire

protection
diffuser

cable /
cable rack

water tank
switchboard

/ control
device

fixed on the
floor

Subsidence/
Liquefaction

⑤ Ibaraki
Medical care

/ welfare
Elevators,
escalators

dynamo
hangers and

saddles
Tsunami

⑥ Gunma
Accommo-

dation
smoke outlet

/ duct

hanger
bracket /

clump

⑦ Tokyo Factory other fittings

⑧ Saitama
large space

building
short circuit
/ blackout

⑨ Chiba
research
facility

⑩ Kanagawa

⑪ Others Others Others Others Others Others Others Others Others Others Others Others Others Others

setting
position

damage
phenomenon

damage
factor

prefecture building use
construction

year

Structure
classifi-
cation

Facilities
classifi-
cation

damage part
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apparatus and the ceiling occurred like the conventional 

earthquake damage, too. 

 

2. THE RESULT OF THE QUESTIONNAIRE ABOUT 

THE DAMAGE ON BUILDING EQUIPMENT 

 

2.1  Examination method 

By the Japan Building Mechanical and Electrical 

Engineers Association(JBMEE) and the Society of Heating, 

Air-Conditioning and Sanitary Engineers of Japan(SHASE), 

the questionnaire from members and company of these 

association was performed about the building equipment 

damage caused by this earthquake disaster. We analyzed the 

data from questionnaire. It is shown in Table 1. 

Fig.1 shows the relations of the damage number and the 

building structure. 

 

2.2  The damage rate classified by equipment 

The rate of equipment damage factor is shown in Fig.2. 

The damage report by shaking is as the highest as 87%, and 

the damage report according the damage caused by ground 

subsidence and liquefaction to 6% and tsunami has become 

only 1%. In addition, the damage case which is hit by 

tsunami to the whole building is not included in this 

questionnaire.  

The damaged equipment is classified into the air 

conditioning equipment, plumbing equipment, electric 

equipment, fire protection equipment, and elevators, and the 

rate is shown in Fig.3. The air-conditioning equipment 

occupies 38% of the whole, and 27% of plumbing 

equipment, 15% of electricity, and 10% of fire protection. 

The damage rate of air-conditioning equipment is shown in 

Fig.4. The damage rate in piping and a duct is 31%, and the 

hangers and clump damage rate is 33%. This rate has 

accounted for the big rate. A support fixed-related damage 

rate becomes 44%, this rate is higher than the damage to the 

main part of apparatus, or piping and the duct itself. 

The rate as the damage part of fire protection 

equipments is shown in Fig.5. Damage to piping accounts 

for about 50 percent, and the second high rate is damage to 

the head of sprinkler and bubble digestion. The rate of the 

leakage of water by damage to piping, SP and a bubble 

digestive head is shown in Fig.6. The rate of leakage of 

water by damage was 42%, and it is presumed that 

extinguishment equipments did not work after the 

earthquake in this case. 

 

2.3  Examples of damage on equipment in Tohoku area 

The example of the characteristic equipment damage 

which occurred around Sendai is shown in Photo.1-4. There 

was the fracture of sprinkler piping accompanying with fall 

of an exterior unit or fall of a ceiling. The damage which 

was not occurred former, was seen not also on the falling off 

of the coil spring of vibration-free pedestal of 

air-conditioning machine, but also on the leg of 

EcoCute(energy efficient electric heat pump, water heating 

and supply system). 

 

 
Fig.1 Relations of the damage number and the building structure 

 

    
Fig.2  Equipment damage factor     Fig.3  Equipment damage situation 

 

 
Fig.4 The example of damage on             Fig.5  The damage part of fire 

air conditioning equipment                  protection equipments 

 
Fig.6 The rate of the leakage of water by damage on fire protection equipment 

 

  

Photo.1      Photo.2 

  

Photo.3      Photo. 4 

Examples of damages on equipment in Tohoku area 

The concrete foundation of the exterior unit put on the outdoors were moved and 

turned over as shown in Photo1. The ceiling of the hole fell and an air-conditioning 

air jet and sprinkler piping fell in connection with it as shown in Photo.2. The bolt 

for the frame of an air-conditioning machine for vibration-free pedestal was 

damaged, and the spring part dropped out as shown in Photo.3. Electrical equipment 

apparatus is installed in the roof part, and the leg of a heat pump hot-water supply 

machine(EcoCute) is deforming greatly as shown in Photo.4. 
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3 DAMAGE INVESTIGATION IN KANTO AREA 

3.1  Investigation outline 

Damage investigation of the Kanto area was performed 

as a damage investigation member of the Architectural 

Institute of Japan (AIJ) Kanto branch and SHASE. The 

facilities for investigation are shown in Table.2. 

 

3.2  The example of damage on indoor pool A  

As damage of construction, the ceiling fell on a large 

scale as shown in Photo.5. As damage of equipment, damage 

to a sprinkler head, omission of the ventilation duct fixed 

hardware in ceiling, breakage of the fan connection joint 

(canvas) were seen by Photo.6. However, this damage of 

equipment was small as compared with damage of ceiling.  

 

3.3  The example of damage on airport building B 

This building was broadcasted and attracted attention 

on television with the video which the ceiling was falling. As 

damage of equipment, some parts of apparatus in the roof 

were damaged. 

 

3.4  The example of damage on the research building C 

The equipment damage of four research buildings C 

performed to damage investigation is summarized in 

Photo7-10. Fall of the chalk board of a ceiling or a wall was 

seen in some buildings. Since the hanger bolt of the cable 

rack of the passage on the fourth floor of the C1 building 

was fractured, the cable and the ceiling fell (Photo.7).  

 In the second floor of main conference room of 

building C2, fall of a conference room ceiling and air outlet, 

damage of the seperation of a ceiling air duct branch pipe 

(Pthoto.9) and damage by collision of lighting apparatus 

with a ceiling were seen.  

Although the ceiling side fell, there was no fall of air 

conditioning equipment in the research building C3. This 

can be considered that only the air outlet box and the duct 

were hung and the middle and end parts of a duct were 

attached at stopper.  

Partial fall of the ceiling in a preparation room on the 

research building C4 is considered that the ceiling side 

collided in the wall and fell. The tapping screw of the duct 

bifurcation area separated and air had leaked (Photo.10). 

 

3.5  The example of damage on the music hall D 

As damage of construction, most ceilings had fallen as 

shown in Photo.11. As damage of equipment, although the 

speaker installed in the ceiling had fallen with the ceiling, 

there was almost no fall of duct and piping. In addition, 

although the reason was not clear, many stains of the ceiling 

by leakage of water were seen as shown in Photo.12. 

 

3.6 The example of damage on the amusement building E 

The seismic intensity of the play facilities E located at 

Yokohama city, Kanagawa was 5 on the Japanese intensity 

scale. Although there was no serious damage in a building 

main part, the ceiling of the amusement center of the eighth 

floor of the building fell extensively. Damage was also seen 

in equipment such as rupture of sprinkler piping, fall of a fan 

Table 2  The facilities for damage investigation in Kanto area 

   

  
Photo.5                            Photo.6 

  
Photo.7                            Photo.8 

  
Photo.9                           Photo.10 

  
Photo.11                           Photo.12 

  
Photo.13                           Photo.14 

          
 Fig.7 branching part of the sprinkler plumbing 

name place
construction

year
building
structure

number of
floors

Seismic
intensity

Indoor pool A Hitachinaka City, Ibaraki 2002 SRC 2 ６-

Airport building B Omitama City, Ibaraki 2010 S 2 ６-

Research building C Tsukuba City, Ibaraki 1992 S 3～4 ６-

Music hall D Kawasaki City, Kanagawa 2003 S 8 ５+

amusement building E Yokohama City, Kanagawa 2009 S 8 ５+

 
Main Pipe 50A 

Branch pipe 25A 

Flexible pipe 

Ceiling 

Sprinkler head 
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coil, and fall of a air outlet box. A lot of water flowed 

through into the lower story since the let-off part of sprinkler 

piping was fractured. Serious damage occurred in indoor 

equipment and business was not made for a long time. 

Damage on the equipment apparatus was hardly looked at 

the first floor to the seventh floor and the roof.  

Damage of sprinkler piping is shown in Photo.13 and 

14. The break of the plumbing was seen in branching part of 

the sprinkler plumbing (eight of 50 places) as shown in 

Fig.7. 

The air outlet box was separated from the attachment 

part to H-steel of an angle mount, and it had fallen as shown 

in Photo.15. 

The fan coil unit was inclined greatly and the duct was 

also separated since connection part of the hanger bolt of 

frame and main apparatus was fractured (Photo.16-18, 

Fig.8).  

 

 

4.  CONCLUSIONS 

 

The features of the damage of building equipment by 

the 2011 Tohoku pacific earthquake acquired from a 

questionnaire and damage investigation are summarized as 

below.  

1．There is a possibility that the long period vibration is 

related. There are many rates of damage related with hanger 

support. 

2．The damage which was not seen in the former, such 

as the falling off of the coil spring of vibration-free pedestal 

of air-conditioning machine and deformation of the leg of 

EcoCute was seen from the result of the questionnaire. 

3．Fall of a ceiling on a large scale in some buildings 

and the damage of the equipment in ceiling were seen in 

Kawasaki and Yokohama about 450 km away from the focal 

region. 
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Photo.15                           Photo.16 
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Fig.8 Fan-coil unit hanger  
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Abstract:  Nonstructural systems constitute a significant portion of the total property of typical buildings. Recent 
earthquakes have conclusively demonstrated that nonstructural damage results in significant loss of property and function 
with major catastrophic impact on communities. As part of the NEESR-GC project on the ”Simulation of the Seismic 
Performance of Nonstructural Systems” and in a collaborative effort with NEES TIPS and NIED, a full-scale, five-story 
steel moment frame building in base-isolated and fixed-base configurations was subjected to a number of 2D and 3D 
ground motions using the E-Defense shake table. The building was tested under three different configurations: 1) base 
isolated with triple pendulum bearings (TPB), 2) base isolated with a combination of lead-rubber bearings and cross 
linear bearings (LRB/CLB), and 3) fixed base. For this experiment, more than 800 sq-ft of suspended ceiling with lay-in 
tiles and 3 sprinkler branch lines were installed on the 4th and 5th floors of the building. This paper presents some of the 
preliminary observations related to the response of nonstructural systems from these experiments. 

 
 
1.  INTRODUCTION 

 

The total repair and replacement cost of nonresidential 

buildings after the Northridge earthquake was $6.3 billion, 

only $1.1 billion of which was due to structural damage 

(Kircher 2003). Immediately after this earthquake, 88% of 

the occupants of hospital beds in the damaged area (13 

hospitals) were evacuated as a result of water damage, 

elevator failure, and other nonstructural damage (Ayres et al. 

1998). Minimal structural damage was observed in hospitals 

that met the requirements specified in the 1973 Hospital Act. 

Nevertheless, even in hospitals constructed after 1973, and 

which survived strong ground motions, nonstructural 

damage of the plumbing, ceiling systems, etc., was extensive. 

This demonstrates an urgent need to better understand the 

seismic behavior of nonstructural systems.  

The nonstructural design provisions cannot be 

improved without strategically collected experimental data 

that supplement field observation. Several studies have been 

conducted on the seismic response of nonstructural 

subassemblies and their components, such as ceiling tiles 

and piping systems, as early as the 1980s (ATC 2007). Our 

understanding of the system-level response of nonstructural 

systems remains very limited, and could be improved 

substantially by large-scale experiments on complete 

systems (Zaghi et al. 2010).  

As part of a collaboration between the “NEESR-GC: 

Simulation of the Seismic Performance of Nonstructural 

System” and the National Research Institute for Earth 

Science and Disaster Prevention (NIED) of Japan, a series of 

system-level full-scale experiments including 

partitions-ceilings-sprinkler piping systems were conducted 

at the Hyogo Earthquake Engineering Research Center, also 

known as E-Defense, of NIED. This paper reports on the 

response of the ceiling and fire sprinkler piping systems, 

which were installed in a full-scale building tested in three 

different configurations: 1) base isolated with triple 

pendulum bearings (TPB), 2) base isolated with a 

combination of lead-rubber bearings and cross linear 

bearings (LRB/CLB), and 3) base fixed. 

 

2.  TEST BUILDING 
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Nonstructural elements were installed in a 5-story steel 

moment frame building (Figure 1) that was tested for the 

NEES TIPS/E-Defense project. This building is 

approximately 16 m (53 ft) tall, and asymmetric in plan with 

dimension of 10 m (33 ft) by 12 m (40 ft) (2 bays by 2 bays) 

(Figure 2). Further information about the building is 

provided in Kasai et al. (2010).  

The building weighed about 5,300 kN. The dynamic 

properties of the building measured and reported from 

previous tests are: natural period = 0.68 sec, damping ratio = 

2%. The modeling and analysis of the building specimen for 

2011 experiments will be reported in future papers; 

preliminary results suggest the specimen in the fixed-base 

configuration may have responded with slightly longer 

period and greater damping ratio than in previous tests.  

 

Two isolation systems were considered and designed in 

addition to the fixed base configuration in this experiment. 

The first isolation system incorporated 9 identical TPBs, one 

beneath each column, which were manufactured by 

Earthquake Protection Systems. The second isolation system 

incorporated 4 LRBs manufactured by Dynamic Isolation 

Systems and 5 CLBs manufactured by THK according to 

design specified by Aseismic Devices Company (ADC). 

Additional details of the isolation design are provided in 

(Ryan et al.  2012). 

 

 

3.  NONSTRUCTURAL SYSTEMS 

 

A partition-ceiling-sprinkler piping subassembly was 

designed and installed in nearly identical configuration over 

two complete floors of the building specimen. These 

components were installed on the 4th and 5th floors, which 

were expected to draw the maximum floor accelerations. 

 

3.1  Suspended Ceiling 

  

The layout of the ceiling system for each floor is shown 

in Figure 3, along with a photograph of the grid system prior 

to the panel installation. The ceilings were installed in the 

test frame per ASTM E580/E580M-11ae1 (ASTM 2011). 

The grid was constructed using the heavy-duty USG DONN 

23.8 mm (15/16 in) exposed tee system. Main runners and 

cross tees were aligned as shown in Figure 3(a). The main 

runners were hung with 12-gauge Hilti X-CW suspension 

wires spaced 1.2 m (4 ft) apart; additional wires supporting 

all perimeter grid pieces were placed within 200 mm (8 in) 

from the face of the partition wall. The ceiling was 

suspended 1 m (3 ft) from the bottom of the structural deck.  

A 22 mm (7/8 in) wall molding was attached to the 

perimeter partition walls. At the North and East ends, the 

main runners and cross tees were attached tight to the wall 

molding using USG/ACM7 seismic clips with one partition 

attached screw and one top hole screw to prevent movement 

of ceiling grids (Figure 4(a)). At the South and West ends, 

the main runners and cross tees were attached with 19 mm 

(3/4 in) clearance to the wall molding using the same 

seismic clip, but with the second screw attached at the 

Figure 2 Top: Plan 

View, Bot.: Elevation 

View 

 

Figure 1 5-Story Steel Moment 

Frame Specimen Set on Triple 

Pendulum Isolators    

Main Runner 

Hanger Wire Seismic Brace 
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(b) 
Figure 3: Overall View of Ceiling System; (a) 

Layout; and (b) Photograph of Grid Prior to 

Panel Installation 
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middle of the clip slot to allow the grid members to float 

freely (Figure 4(b)). At the hatched grids in Figure 3(a), 

heavier gypsum board panels were used to represent the 

weight of light fixtures.    

ASTM E580/E580M-11ae1 (ASTM 2011) require 

seismic braces to be placed in ceiling areas larger than 93 

m2 (1,000 ft2). To compare the behavior of braced and 

unbraced ceiling systems, the seismic braces were only 

installed on the 5th floor ceiling while all other details were 

identical on both floors. Each seismic brace consisted of: 1) 

a system of splay wires or a rigid brace and 2) a 

USG/VSA30/40 compression post. The seismic braces were 

placed at 3.6 m (12 ft) on center, in each direction, with the 

first set occurring within 1.8 m (6 ft) of the face of the wall. 

Four wires splayed at 90° from each other were attached to 

the main runner within 50 mm (2 in) of an intersection with 

cross members (Figure 5). In some locations, due to the 

geometry and connection constraints, steel stud compression 

posts were used instead of USG/VSA30/40 compression 

posts and/or 2 way steel stud rigid braces were used in place 

of two of the splay wires.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2 Fire Sprinkler Piping  

 

A standard Schedule 40 piping system was attached to 

the specimen per NFPA 13 (NFPA 2011). The piping system 

included one 80 mm (3 in) diameter riser pipe, one 65 mm 

(2.5 in) diameter main run and three (North-South) 32-25 

mm (1.25-1 in) diameter branch lines (Figure 6). All 

connections on the riser, the main run, and branch line to the 

main run intersections were grooved fit, while the rest of the 

connections were threaded. Branch Lines 1 and 2, each with 

three 305 mm (12 in) drops, incorporated armover drops and 

straight drops, respectively. At the first drop of each branch 

line, a 50 mm (2 in ) oversized ring was used at the location 

of the sprinkler heads (oversized gap configuration, Figure 

7(a)), while only minimal gap was provided for the rest of 

drops (no gap configuration, Figure 7(b)). A Victaulic 

Aquaflex Flexible drop was used at Drop 2 of Branch Line 3 

(Figure 7(c)).  

 

On each floor, the piping system was supported by 

vertical pipe hangers at 9 locations, 4 for the main run and 5 

for the branch lines (Figure 8(a)). The pipe hangers consisted 

of 9.5 mm (3/8 in) diameter and 457 mm (1.5 ft) long 

threaded rod.  

 

Lateral resistance was provided by inclined 25 mm (1 

in) diameter longitudinal and lateral pipe sway braces on the 

main run near the riser pipe (Figure 8(b)), a lateral pipe sway 

brace at the end of the main run, and two longitudinal braces 

at the end of the riser pipe below the 4th floor deck. The 

ends of the branch lines were restrained with two diagonal 

splay wires to limit the lateral movement (Figure 8(a)).  

 

 

 

Partition Attach Screw 

Middle Slot Screw Top Hole Screw 

19mm (3/4 in) clearance 

Figure 4  Joint Between Runners/Cross Tees and Wall 

Molding: (a) Attached Detail, and (b) Unattached 

Detail (Free to Float)  
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Figure 6 Overall Plan View of Piping System 

Diagonal Splay Wires 

Compression Post 

Figure 5 Seismic Bracing for the Ceiling 

Ceiling Grid 

(c) 

Diagonal Splay Wires 

Figure 7 Sprinkler Heads and Drops: (a) 50 mm (2 in.) 

Oversized Gap Configuration, (b) No Gap Configuration, 

and (c) Flexible Drop 

(a) (b) (c) 

- 1491 -



 

 

Figure 8  Bracing for Piping System: (a) Diagonal 

Splay Wires and Pipe Hanger at the End of Each Branch 

Line, and (b) Lateral and Longitudinal Brace Near Riser 

Pipe Hanger 

Diagonal Wires 

Lateral  Brace 

Longitudinal  Brace 

 

4.  INSTRUMENTATION PLAN 

 

More than 350 instrument channels were used to 

monitor the response of the shake table, structural frame, 

floor slabs, and individual nonstructural components. 

Three-axis accelerometers were placed on the shake table, 

on each floor near the corner columns (Figure 9), on the 

ceiling grid of the 4th floor ceiling and the compression 

posts of the 5th floor ceiling (Figure 10), on one ceiling 

panel at each floor (C9 of Figure 10), and on various 

locations on the pipes. Uniaxial (vertical) accelerometers 

were placed on each floor deck to evaluate the vertical 

motion (Figure 9). Displacement transducers were used to 

monitor motion of the piping system and displacement at the 

perimeter of the ceiling system. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5.  EXPERIMENTAL RESULTS 

 

The building was subjected to a variety of horizontal 

(2D) and combined horizontal and vertical (3D) ground 

motions. The applied ground motions are summarized in 

table 1. Due to the flexibility of the decks, the vertical 

acceleration was generally amplified in the middle of the 

decks compared to the column locations. Also, the 

North-East and South-East side of the roof deck experienced 

the largest vertical acceleration due to supplementary 

roof-mounted mass (Ryan et al. 2012). Table 2 lists the 

vertical natural frequency of the 5th and 6th decks that were 

evaluated from tri-axial white noise excitation of the 

fixed-base specimen. 

 

 

 

 

 

 

 

 

 

 
While almost no damage to the ceiling-piping system 

was observed in response to 2D (horizontal only) ground 

excitations, significant damage was observed from 3D 

motions with large vertical ground excitation. The greatest 

damage was generated by a 3D input ground motion 

recorded at Rinaldi Receiving Station during the 1994 

Northridge Earthquake (3D-Northridge-Rinaldi) that was 

repeated in all three system configurations. (Note that the 

scale factor for the horizontal component of excitation was 

reduced for the fixed-base building.) Although minor 

differences were observed, the damage mechanisms and the 

extent of damage (e.g. affected area) were very similar for 

the three system configurations. Although the ceiling-piping 

system was repaired after each test day, it was never restored 

to its original configuration. Thus, unless otherwise noted, 

all observations reported here are from the first test that 

triggered damage – 3D-Northridge-Rinaldi in TPB isolated 

building. 

 

5.1 Ceiling Panel and Grid System Failures 

 

During the experiments, a maximum of three panels 

(1%) from the unbraced (4th floor) ceiling were displaced or 

fell to the floor in while up to 40% of the panels in the 

braced (5th floor) ceiling were displaced and/or fell. Most of 

the damage was located under the North-East and 

South-East decks. The condition of the braced and unbraced 

ceiling after 3D-Northridge-Rinaldi (TPB system) is 

compared in Figure 11. Over the course of the test program, 

some of the cross tee sections failed but the main runners 

always remained intact. 

 The accelerations in all three directions at the 

deck level, which represent the input excitation to the ceiling 

Deck 

Location 

Floors Vertical 

Frequency (HZ) 

5th 6th 

North- East 9.8 7.8 

South- East 9.8 7.8 

North- West 13.7 12.7 

S1(3D) 

S2(3D) S3(3D) 

S4(Z) 

S5(Z) 

S7(Z) S8(Z) 

S6(Z) 

Figure 9: Accelerometers Placed on a 

Typical Floor 

C1 C2 

C3 C4 C5 

C6 C7 
C8 

C9 
Only at 4th Floor Ceiling 

Figure 10: Accelerometers Placed on 

a Typical Ceiling System 

Table 2 Vertical Vibration Frequency of 5th 

and 6th ( Roof ) Deck  
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Table1 Summary of Target Table/Floor Achieved Motions 
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system, were slightly higher at the 6th deck than the 5th deck. 

However, the input acceleration alone does not explain the 

difference in damage; observed accelerations in each ceiling 

suggest that the compression posts used in the lateral bracing 

increased the damage to the ceiling system in this 

experiment. Figure 12 shows the vertical acceleration of a 

ceiling panel (C9) and ceiling grid (C4) (see Figure 10) 

measured for a moderate excitation (3D-Superstition Hills 

Westmorland/TPB system) executed prior to the occurrence 

of ceiling damage. In the unbraced ceiling, little 

amplification of the panel acceleration relative to the grid 

was observed (Figure 12(a)), which suggests that these two 

components moved together. However, in the braced system, 

the acceleration of the ceiling panel is significantly amplified 

relative to the compression post attachment location (Figure 

12(b)), which suggests that the panel pounded on the grid 

system. 

The acceleration trends observed in Figure 12 are 

explained as follows: consider the diagram of the ceiling 

system in Figures 13 and 14, where the vertical acceleration 

of the deck, grid, and panel are labeled Adeck, Agrid, and Apanel, 

respectively. Figure 13 depicts the unbraced ceiling, which is 

supported only by hanger wires. When the hanger wires are 

in tension (case 1), the accelerations of the deck, grid and 

panel are the same. However, when the hanger wires are 

loose (case 2), which as an example can be initiated by 

downward deck acceleration of more than 1g while the 

panels and grid system are limited to a maximum of 1g 

downward acceleration, the deck acceleration will differ 

from that of the panels and grid system. As the panel and 

grid system have almost the same acceleration, the panels 

will remain in place between the grid members and the 

probability of dislodging panels is low.  

Figure 14 depicts the braced ceiling with compression 

posts at regular intervals. By constraint of the compression 

posts, the entire system (deck, grid, and panels) will 

generally move together with equal accelerations, as 

depicted in case 1. However, during downward deck 

acceleration of more than 1g, the grid system will move with 

the deck (assuming the compression posts are rigid) at the 

compression post locations while the panels are limited to 1g 

downward acceleration.As a result, the deck and grid 

accelerations will differ from the panel accelerations, 

causing a gap to form between the ceiling grid and panels.  

Once the gap forms, the ceiling panels are no longer 

constrained by the horizontal forces of the grid system, and 

hence the panels will “pop out” of the grid. Furthermore, the 

ceiling panels will impact the grid system when they fall, 

weakening the grid members. 

 

5.2 Ceiling Perimeter Attachment Damage 

 

Figure 15 shows minor damage observed at the 

unattached joints between grid members and wall molding. 

The mechanism is interpreted as follows: when the grid 

(a)

  

(b)

  

Figure 11  Condition of (a) Braced Ceiling (5th Floor) 

and (b) Unbraced Ceiling (4th Floor) after 

3D-Northridge-Rinaldi (TPB System) 

 

Figure 12  Vertical Acceleration in Panel (C9) 

Versus Grid (C4) in (a) 4th Floor (Unbraced) and (b) 

5th Floor (Braced) Ceiling Due to 3D-Superstition 

Hills – Westmorland (TPB System)  

(a) (b) 

Figure 13: Vertical Dynamics of Unbraced Ceiling  

Apanel  = Agrid = Adeck 

Agrid = 

Adeck 

 

Structural Deck 

Ceiling Grid 

Adeck 

Hanger Wire 

Ceiling Panel 

Adeck 

(Agrid=g) ≠ Adeck 

 (Apanel = Agrid = g) ≠ Adeck 

 

Tension Hangers 

Loose Hangers 

Case 1 

Apanel  = Agrid  

Figure 14: Vertical Dynamics of Braced Ceiling  

 

Agrid = Adeck 

 
Apanel= Agrid= Adeck 

 

Compression Post 

Structural Deck 

Adeck Adeck  

Agrid = Adeck 

 

Ceiling Panel Ceiling Grid 

Case 1 Case 2 

(Apanel = g) ≠ (Agrid = Adeck) 

 Agrid = Adeck 

 

Figure 15  Ceiling Perimeter Attachment 

Failure after 3D-Northridge-Rinaldi (TPB 

System) 
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member moved away from the wall, the grid member lost 

contact with the wall molding (Figure 16(a)). Since the 

middle slot is large relative to the screw dimensions, the grid 

member may settle slightly due to vertical movement of the 

grid member, rotation of the seismic clip over its attachment 

point, or popping out of the middle screw (Figure 16(b)). As 

the settled grid member moved back toward the wall, it hit 

the wall molding to cause the observed damage (Figure 

16(c)). This damage could perhaps be avoided by increasing 

the seat length of the 22 mm (7/8 in) wall molding. Note that 

ASTM E580/E580M-11ae1 (ASTM 2011) permits the use 

of either 22-mm (7/8-in.) or 50-mm (2-in.) wall molding to 

support seismic clips, and therefore, the tested design meets 

code requirements. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5.3 Permanent Rotation of Armover Drops 

 

A vulnerability of armover drops compared to straight 

drops was observed in these experiments. During 

3D-Northridge-Rinaldi (TPB system), the entire 5th floor 

Branch Line 1 with three armover drop pipes twisted around 

its connection point to the main run (Figure 17(a)). Due to 

vertical acceleration, a vertical inertia force is generated 

proportional to the mass of the armover drop. The twisting 

moment around the branch line is the summation of the 

torque generated at each drop (Figure 17(b)). The current 

code (NFPA 2011) permits the connections along this branch 

line to be designed without torsional resistance since the 

cumulative horizontal length of the unsupported armover 

less than 610 mm (24 in). However, the torsional resistance 

of the threaded joints was not sufficient to resist the 

cumulative torsional demand generated in the large vertical 

excitation, and permanent twisting of the branch line was 

observed. 

 

5.4 Damage Near Sprinkler Heads 

 

Wherever rigid drop pipes were used, the sprinkler head 

damaged the ceiling panels regardless of whether the 

oversized gap configuration, which conforms to code 

requirements (ASTM, 2011), or the no gap configuration 

were used. Pounding of the sprinkler heads against the 

ceiling panels produced damage to the ceiling panels even in 

motions with moderate horizontal floor accelerations. As an 

extreme example, a 200 mm (8 in) long piece was knocked 

out of the ceiling panel during (2D -Tohoku- Iwanuma/base 

fixed) (Figure 18(a)), which is much larger than the 50 mm 

(2 in ) gap required by code. On the other hand, no damage 

was observed around the flexible hose fittings that were 

mounted at the end of Branch Line 3 (Figure 18(b)). 

 

5.4 Failure of the Pipe Hangers 

 

Another response mode that was clearly observed 

during the experience was formation of a gap between the 

pipe and the hanger ring of the pipe hanger. The vibration 

and subsequent pounding of the pipe against the hanger ring 

led to failure of the hanger ring connection (Figure 19). This 

behavior is probable in large vertical excitation, where the 

pipe hanger threaded rod has not been detailed to extend 

down to the pipe. Figure 20 depicts this failure that was 

observed at two hangers near the riser pipe on both two 

floors. 

Middle Slot Screw 

Wall Molding 

Ceiling Grid 

ACM7 Seismic Clip 

Grid Move to the Right 

Small Settlement of Grid  

(a) 

(b) (c) 

Grid-Wall Molding Interaction  

Figure 16  Grid - Wall Molding Interaction Mechanism 

 

(b)  (a)  

Figure 18 Comparison of Observed Damage Near (a) 

Conventional Sprinkler Head, and (b) Flexible Hose 

Sprinkler Head after 2D-Tohoku-Iwanuma (Base Fixed) 

T1 

T3 

T2 

 (a)      (b) 

Figure 17  (a) Armover Permanent Rotation after 

3D-Northridge–Rinaldi (TPB System), and (b) 

Torsional Demand on Armover Branch Line 

T = T1+T2+T3 
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6. SUMMARY OF OBSERVATIONS 

 

The major observations of this experiment are 

summarized below.   

 Use of lateral bracing including compression posts 

may not improve the seismic response of ceiling, 

especially if the system is subjected to strong 

vertical excitation.   

 Due to the twisting moment generated from the 

armover drops, long branch line pipes with several 

unsupported armover drops are expected to twist 

around the branch line threaded connection point.    

 The oversized gap configuration with 50 mm (2 in) 

ring was not effective to prevent damage to ceiling 

panels resulting from sprinkler head pounding; 

however, the use of flexible hose drops 

substantially reduced the piping-ceiling interaction. 

 The pounding of the pipe against the hanger ring in 

vertical excitation led to failure of the hanger ring 

connection. 

 These observed response mechanisms may be 

sensitive to specific circumstances of the 

experiments, such as building configuration (e.g. 

slab vibration characteristics) and acceleration 

demands (e.g. large vertical acceleration relative to 

horizontal acceleration).  
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Figure 19  Captured Frame from Recorded Movie that 
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Figure 20  Pipe Hanger Ring Failure after 
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Abstract:  A series of experimental study to investigate the bending strength and flexibility of steel sprinkler pipe 
through static loading tests, are carried out. These pipe systems don’t adopt flexible joints. To investigate the aging effect, 
aged pipes are tested and compared with new pipes. Moreover, to specify the service limit is lost due to leakage of water, 
the pipes subjected to load are filled with compressed air, and the air pressure is also measured together with the load and 
deformation. Based on the above experimental study, a simple way to approximate the failure deformation and load is 
proposed. 
 
 

 
1.  INTRODUCTION 

 

Sprinkler system is one of the most critical equipment for 

safety of buildings, especially for high-rise buildings where 

fire extinguishing system from outside is impossible.  

In recent great earthquakes in Japan, many damages of 

sprinkler system have been reported
1,2)

. As a whole, they are 

classified into two categories. One is failure of sprinkler 

heads and another is damage of piping above ceiling. For 

both types of failure, crash to or forced deformation by 

ceiling are considered to be principal cause.  

Recently, flexible piping components become popular 

mainly because of easiness of construction. However, 

non-flexible pipe system made of steel are still in use in 

many aged high-rise buildings. Many damages of this 

non-flexible piping have been reported. Once a great 

earthquake hits large cities, some high-rise buildings may 

cause fire. If the sprinkler system including such piping is 

destroyed during the earthquake vibration, the extinction of 

fire may become impossible. 

 

2.  FORMAT REQUIREMENTS 

 

2.1  Word processing 

As shown in Fig.1
1,2)

, 35% of the earthquake damages is 

air conditioning system, 25% is water supply system, 10% is 

electric and communication equipment, 8% is drainage and 

7% is fire extinguishing system. As for the damage of 

sprinkler system, 36% is piping and 32% is sprinkler head 

(Fig.2). Table 1
3)

 explains the details and causes of the 

damages. Forced deformation due to the different response 

between the sprinkler piping and ceiling is considered to be 

the primary cause of failure of steel piping. Crash to ceiling 

or fire shutter is the direct cause of the failure of sprinkler 

head, which brings to secondary deluge of the below room 

due to leakage of massive water. On the above actual 

damages, several studies on failure of sprinkler and ceiling 

have been conducted in Japan. Kamei
4)

 evaluates the 

strength of screw employed in the connection of the steel 

pipes based on experiments. Ogihara
5)

 conducted static 

loading tests of a ceiling system. Kikuchihara and Mizutani
6)
 

 Causes of damages 

Piping 

・Different vibration characteristics between ceiling and piping. 

・Crash to other building equipment in ceiling. 

・Forced deformation at expansion joint (even flexible piping fails). 

・Severe vibration due to failure of piping hanger. 

・Forced deformation by fixed machines connected to the piping 

Sprinkler 

head 

・Failure of thermal fuse due to crash to ceiling. 

・Failure of thermal fuse due to crash to fire shutter. 

・Sprinkling trouble due to fall of ceiling. 

・Crash to partition fallen. 

 

Table 1  Details on causes of damages3) 
Fig.2  Percentage of damages in sprinkler system 2) 

Piping 

36[%] 

Sprinkler head 

32[%] 

Tank 

20[%] 

water pressurization 

system  12[%] 

0% 20% 40% 60% 80% 100% 

Fig.1 Percentage of damages in building equipment
 1) 

0% 20% 40% 60% 80% 100% 

Others 

12[%] 

Hot-water supply 

system 6[%] 
Fire extinguishing 

system 

7[%] Drainage 8[%] 

Electric and communication 

equipment 

10[%] 

Water supply 

system 

22[%] 

Air conditioning system 

35[%] 
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conducted vibration tests of combined systems of sprinkler 

and ceiling to investigate the dynamic behavior and failure 

deformation. However, studies for quantitative evaluation 

for the failure of sprinkler system are few.  

In the present research, static loading tests of non-flexible 

piping ordinarily used in aged buildings are conducted to 

specify the failure strength and deformation. To evaluate 

aging effect, comparison between new and old specimens, 

those have been in use for 40 years, is made as well. 

 

3．STATIC LOADING EXPERIMENT OF PIPING 

 

3.1  Setup of experiment 

In past earthquakes, failure has occured at joints between 

pipes, pipes and equipment and pipes of different diameters. 

The present experiments aim to investigate the failure 

behavior of the cantilevered piping between sprinkler head 

and main pipe(see Fig.3).  

Fig.4 illustrates the experimental setup. Static lateral load 

is given at the sprinkler head connected at the end of 

specimen. The load imitates the actual forced deformation 

given at the sprinkler head due to the motion of ceiling 

(Fig.3). It is gradually increased and given manually using a 

chain block because it is too small to use ordinary oil-jack 

loading systems. Two mechanical data, the magnitude of 

load and lateral displacements are measured using a 

load-cell set into the loading system and mechanical 

displacement gages.  

Real sprinkler piping is always filled with pressured water. 

To detect the leakage due to failure, the piping specimens are 

filled with compressed air instead of pressured water. The 

pressure is also measured using parallel two pressure gages. 

One pressure gage is for high pressure (0-1.2Mpa) and 

another is for low pressure (0-0.5Mpa). The pressure until 

failure is 0.3 Mpa. according to past researches. 

 

3.2  Specimens 

The specimens are made of mild steel for piping (JIS 

G3452). The external diameter and thickness are 34mm and 

3.2mm, respectively. The properties of material are shown in 

Table 2. The end of pipe is manually grooved taper thread 

that has been ordinarily employed for more than 20-year-old 

buildings. The detail of taper thread is prescribed in JIS B 

0203. Fig.5 shows the thread detail.  

The experiments are classified into two groups. Table 

3shows the dimensions and configuration of specimens. The 

a-g experiments are straight pipes for preliminary tests to 

specify the strength and rotation capacity of pipe and screw. 

Simple cantilever bending tests are conducted herein. The 

①-⑨ experiments, where pipes are composed into the 

offset configuration, are to investigate the failure behavior, 

strength and deformation of offset piping.  

In the a-g experiments, four specimens are tested in each 

experiment and in the ①-⑨ experiments three specimens 

are tested.  However, one of the specimens in each 

experiment is aged specimen to investigate the aging effect. 

These have been used in an office building in central Tokyo 

from 1970 to 2009. Some aged specimens yield a little rust 

at the thread, but significant deterioration is not observed. 

They are once taken apart for transportation and assembled 

again for the experiment.  

When assembling the pipes, including the aged one, 

sealing material commonly used is painted around the screw 

connection to prevent leakage. 

 

3.3 Preliminary tests 

In real construction, a piping is composed manually, 

therefore the depth to tighten the thread varies to some 

extent. In the preliminary tests, the effect of thread depth to 

the failure moment is studied. In the 1-5 tests, 8 revolutions 

are given while 7 revolutions are given in the 6-9 tests.  

Fig.6 shows the failure load and lateral displacement in 

each test. The failure loads are from 2.93 to 3.58kN in the 7 

revolutions tests, while those are from 3.57 to 3.82kN in the 

8 revolutions tests. Thus the effect of thread depth on failure 

load is confirmed, but the values of lateral displacement are 

distributed from 40 to 60mm for the both cases and the 

difference due to the thread depth is unclear. 

 

Fig.4  Outline of static load experiment 
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Fig.3 Modeling of the sprinkler head and connecter pipe 
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4．FAILURE BEHAVIOR 

 

4.1  Failure of piping 

Fig.7 shows the location where failure occurs. In almost 

tests, the failure causes at (i) where the largest bending 

moment acts. However, some specimens break at (ii) (iii) 

and (iv). This is considered to be primarily due to the 

complex stress distribution at the thread. In addition, 

construction error and aging effects might affect.  

Fig.8 demonstrates the failure detail. Where the pipe 

thread is within the female of elbow, both of the two sections, 

of the thread and female, are effective. Therefore the failure 

causes at the screw valley just outside of the female, where 

the largest bending stress acts on the poor effective section. 

This failure mode is commonly observed at all the 

specimens and is similar to the damages of piping observed 

in past great earthquakes. 

4.2  Load-displacement curve and internal air pressure 

Fig.9 is a typical load-displacement curve. All the curves 

obtained throughout the experiments are similar. Two break 

points are found in a curve. The first break point represents 

the elastic limit and the second does the failure (ultimate 

limit). The strengths are specified from these two points in 

the load-disp. curves. All the specimens show good ductility. 

Large plastic deformation after the elastic limit is observed 

(Fig.10).  

Fig.11 shows a time-history of the applied load and inner 

pressure of compressed air. The pressure does not change 

until the failure but once a crack causes at the thread, it 

rapidly decreases. The inner compressed air does not leak 

even during large plastic deformation, therefore the function 

to hold water for sprinkler is not lost until failure of thread. 

 

4.3 Failure moment and rotation capacity of piping 

Figs.12 and 13 shows the load and deformation for 

elastic limit and failure, respectively. Based on these data, 

the moments and rotation angles are calculated applying 

Eqs.(1) to (5). 
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Table 2 Material properties of pipe 

Material name Tensile strength Standard 

SGP 290[N/mm2] JIS G 3452 

 

Fig.5  Thread detail(pipe sise:25[mm]) 

Notation Dimension [mm] 

d 34.0(JIS G 3452) 

d0 3.2 (JIS G 3452) 

h 1.479(JIS B 0203) 
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Table 3 Dimensions of specimens 

Unit[mm] 

 Test piece L1 L2 L3 L4 new  aged 

Basic 

test 

a 240 - - - 

3 

1 

b 270 - - - 
c 275 - - - 
d 315 - - - 
e 400 - - - 
f 480 - - - 
g 770 - - - 

Offset 

piping 

test 

① 355 400 80 275 

2 

② 385 440 90 295 
③ 425 460 90 335 
④ 850 240 80 770 
⑤ 365 515 80 285 
⑥ 425 480 90 335 
⑦ 395 600 80 315 
⑧ 420 255 120 300 
⑨ 455 270 120 335 

Basic test(a～g) Offset piping test (①～⑨) 

  

 

 

 

L3 

L1 

L4 L2 

･･･Specimen 

L1 

Fig.7 Location of failure 
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Fig.8 Failure detail 
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Fig.6  Result of preliminary tests  
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Where Mu
ex

 and Me
ex

 are the bending moments at failure 

and elastic limit loads obtained in the experiments, 

respectively. Mu
es

 is the estimated failure moment4) in which 

σu is the nominal tensile strength of material and Zp is the 

full-plastic section coefficient. Rm and t are the nominal 

radius and thickness of pipe (Fig.4). γ is the rotation angle 

calculated from the lateral displacement α (measured in the 

experiments) and the corresponding length L1 (Table.3).  

Fig.14 shows the values of Mu
ex

 and Me
ex

. The horizontal 

line represents the estimated value Mu
es

. 

In the preliminary tests, The values of Me
ex

 are at approx. 

800 ～ 1,000[kNmm] and Mu
ex

 are pprox. 1200 ～
1400[kNmm]. As for the piping specimens, the values of 

Me
ex

 are approx. 600～800k[Nmm] and Mu
ex

 are approx. 

1200 ～ 1400[kNmm], similar to the preliminary tests. 

Generally the values of aged specimens are slightly lower 

than those of new material. However, irrelevant to the 

material age, the measured Mu
ex

 are all far beyond the 

estimated values Mu
es

(=433kNmm). The calculation of is 

Mu
es
 based on the reference4), but some problems may exist 

in the evaluation of bending strength of thread. Further 

investigation for accuracy is required. 

Fig.15 shows the rotation angles for the elastic limit and 

failure. The values for elastic limit are approx. 0.01～0.02 

rad. and for failure, 0.04～0.08 rad. Assuming that the 

elastic deformation of pipe is negligible, these are 

approximately the rotation capacity of single thread. On the 

.

 

 

Fig.13 Result of test (pressure) 
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※Legend comply with Fig.12 
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Fig.12 Result of test (Load) 
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〈Legend〉 

: Elastic limit of new pipe(average)   : Elastic limit of aged pipe 

: Failure point of new pipe(average)   : Failure point of aged pipe 
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other hand, the failure rotation angles of piping specimen 

where several joints are included, are approx. twice of those 

of the preliminary tests. 

Remarkable difference in the rotation capacity and failure 

moment between the aged and new specimens is not found. 

But in the ① and ④ tests, both of these values of aged 

specimens are irregularly far less than the new and other 

aged specimens. This might result from the material strength 

or construction error.  

Under earthquake motion, sprinkler heads are subjected to 

the horizontal force from the ceiling (Fig.16). Using the 

above data obtained through the present experiments, a 

rough estimation of the failure load of a piping like that 

shown in Fig.* for example, is possible. The failure moment 

of thread, at the fixed support of piping cantilever, is 

assumed to be 986kNmm． This is the minimum value 

obtained in the experiments. The calculation of the 

horizontal failure load is 986kNmm/700mm=1.4kN, where 

700mm is the length of moment arm from the sprinkler head 

to support of piping. To calculate the failure displacement at 

sprinkler head, the rotation capacity of thread, the minimum 

0.08 rad. is assumed. Then the calculation is 0.08rad x 

700mm = 56mm.  

There are many piping that the configuration or loading 

condition is more complicated. For more precise estimation, 

more accumulation of experimental data is required. 

 

5．CONCLUSIONS 

In the present study, static loading tests of non-flexible 

sprinkler piping, which have often suffered severe 

damage in great earthquake, are conducted to investigate 

the failure behavior, moment and deformation capacity. 

The service limit as water container is also investigated 

by fulfilling compressed air, instead of water, into the 

piping specimens subjected to load. The findings and 

conclusions are summarized as follows; 

・The piping specimens fail at the connection. In detail, 

crack causes due to bending stress at the thread valley 

just outside the female, where the effective section is 

smallest. 

・The compressed air does not leak even during large 

plastic deformation. Once a crack causes, the pressure 

is rapidly lost. 

・The measured failure moments are far beyond the 

estimated value. More appropriate method to estimate 

the failure bending moment is required. 

 

 

・Though the experimented piping system is made of steel 

and conventional non-flexible type, considerable 

deformation capacity is observed.  

This is an elemental study. But real sprinkler system fails 

by more complicated causes and investigation on interaction 

between components, such as crash of sprinkler heads and 

ceiling plates, is required. 
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abstract: Free-access floor is a kind of raised floor. It has a large share in Japanese office floor. Generally,
during design process of non-structural components such like free-access floor, complicated dynamic analysis or
large-scale experiment using expensive vibration table is not carried out. But static investigation is not enough to
evaluate seismic resistance. This study aims at configuring the simple input wave to evaluate the seismic
resistance of free-access floor easily. At first, using some kind of free-access floor specimen, the behavior during
shaking by real seismic waves was compared with that by several sine waves. The behavior by three direction
shaking and horizontal one direction shaking were compared too. As the conclusion, it was obtained that damage
by real three directions waves could be estimated based on the result of the horizontal one direction sine wave of
2Hz and 3 cycles. So, this sine wave was settled as the appropriateness simple input wave. Next, the vibration
table which had a simple mechanism was developed to reproduce the simple input wave. And the simple
evaluation method using this vibration table was established. Finally, the applicability of this evaluation method to
the floor which furniture fixed was confirmed.

1. INTRODUCTION

In quake-prone Japan, seismic resistances of
non-structural materials should be examined as closely
as structural materials. Nowadays, free-access floor
method is adopted in a lot of offices to lay wiring for
electricity or network under the floor. Along with it, the
necessity to examine the seismic resistance of
free-access floors (FA) is increasing. However, the
seismic resistance of FA for offices has not been
researched up to now. And there is no public standard
of which evaluation method was provided based on
academic grounds. For instance, the method to pull the
top of pillars statically is used. But this method is not
adapted to current circumstances. On the other hand,
the method of shaking by real seismic waves or
frequency swept sine wave with a huge apparatus is
used. But this method is needed to be improved from
the viewpoint of handiness and universality. The1)

seismic resistance of non-structural materials is rarely
examined in detail while designing each individual
building like structural materials. As for the evaluation
of the seismic resistance of the non-structural material,
it only has to be able to grasp the degree, ranks, or
weak points roughly. And it is demanded to be a handy
and universal method on practical use.

In this thesis, a simple input wave and a simple
vibration table are set. The seismic resistance of FA can
be evaluated roughly by using these. Then applicability

of this method in case of fixing furniture on FA is
examined.

2. PURPOSE AND SCOPE

Floors are bases that supports people's activities in
buildings. Though FA is a non-structural material, FA
must not break until people take shelter at the
earthquake. The purpose of this research is to establish
an outline of a handy evaluation method of FA's
seismic resistance. By this method, it is hoped for
ready-made FA to grasp the degree, ranks, or weak
points roughly, or to exclude a defective one.

In this research, FA for offices is targeted. On the
other hand, FA that construction methods are greatly
different from general one such as for computer rooms
and machine rooms is excluded from this research.

Points those should be noted in examining FA's
seismic resistance are listed as follows:
a) Materials and construction methods are various. In

the future, more materials and construction methods
might be developed and be put to practical use.

b) Because of the device that makes construction easy
and that takes out cables freely, most FA has divided
into some parts. And there are various methods to
join those parts, and degree of fixation is sometimes
low.

c) Construction methods of FA are comparatively
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corresponding to the demand of fixing furniture on
the floor. And it seems that such a demand will
increase in the future.

d) A horizontal plane is often composed to join
rectangular panels (Most of them are square). In
connection with b), the independence of the structure
in horizontal two directions is generally high.

Among these, a) - c) suggest that it is necessary to
note the following matters to set evaluation method of
FA's seismic resistance:
- By an analysis method or a static experiment method,

it is difficult to make them apply to all FA.
Accordingly, it should be a dynamic experiment
method.

- It should be the method that can be experimented with
assembled FA. The experiment should not go only
with panels or posts. And it should not be simplified
or be standardized without grounds.

On the other hand, d) suggests the possibility that
FA's seismic resistance can evaluate by horizontal
shaking of only one direction. In that case, the
experiment scale and apparatus become very handy. In
quake-prone Japan, it is meaningful to set the
appropriate method simple enough and to popularize it.

3. PROCEDURE

The procedure of this research is as follows:
1) Select a typical FA as a specimen to examine the

seismic resistance.
2) Construct the specimen selected at 1) on a

three-directional vibration table, and shake it with
real seismic waves. At that time, compare specimen's
behavior under three directions shaking with that of
horizontal one direction shaking, and verify appro-
priateness for using horizontal one direction shaking
for evaluation.

3) Shake the specimen selected at 1) to one direction by
various real seismic waves and building response
waves, and observe the behavior of the specimen at
that time.

4) From the result of 3), distill the essentials that influ-
ences the behavior of the specimen greatly from
those waves. Then, set an input wave that simplifies
the essentials, and develop a simple structural vibra-
tion table that can shake specimen by the simple
input wave.

5) Construct the specimen selected at 1) on the simple
vibration table developed at 4). Then, shake the
specimen by the simple input wave set at 4), and
observe the behavior of the specimen at that time.

6) Compare the result of 3) and that of 5), and confirm
that the simple input wave substitute a real seismic
waves and the response waves. This becomes the
outline of the handy evaluation method of FA's
seismic resistance.

7) Fix furniture on a FA, and experiment again

according to the procedure from 1) to 6), and try
whether the handy evaluation method can be applied
even if furniture is fixed on FA.

4. COMPARISON BETWEEN THREE DIREC-
TIONS SHAKING AND HORIZONTAL ONE
DIRECTION SHAKING

4.1. Outline of Experiment
4.1.1 Specimen

Figure 1 shows the outline of FA selected as a
specimen. And Figure 2 shows the section detail of it.
The specimen is 'Independent Post Type' FA, that four
panels are put on one post. There are a lot of parts and
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a joint in this type. These are the weak points, and,
therefore, it tends to be inferior to other types in the
seismic resistance. These were proved from preparatory
experiments, and it decided to be used by this research.

The height of the specimen (from the slab surface
to the finishing material's surface) is 150mm. In the
grounds, FA used in offices is usually 200mm or less in
height, and one is about 150mm. For the post, the
screw rod of 16mm or more in the diameter is usually
used. But in this research, 8mm rod was used. The
purpose of reducing horizontal strength and stiffness
intentionally is to clarify the influence of shaking.

As shown in Figure 1, the weight described by
4.1.2 is put on the center of 2x2 panels (hatched in fig-
ure) of the specimen. Panels without weight are expect-
ed to be pinched and unfastened by hard shaking.

4.1.2 Weight
Figure 3-(1) shows the outline of weight. This

weight imitate a copy machine that is one of the
heaviest furniture in offices. Weight is 300kgf,
distances between legs are 700x650mm, and height of
gravity center is about 650mm.

4.1.3 Input Waves
Input waves are five real seismic waves of El

Centro, Taft, Hachinohe, Hanshin and Miyagi Offing.
At horizontal one direction shaking, larger direction

in the maximum acceleration is chosen. As described in
4.3., larger direction of El Centro is N-S, of Taft is
E-W, of Hachinohe is E-W, of Hanshin is N-S and of
Miyagi Offing is N-S.

4.1.4 Observation
Five or more judges observe specimen's behavior

during shaking and condition after shaking from various
angles, and the state of specimen is judged by three
stages as "Fine", "Damaged" and Destroyed" after
consultation. The experiment is also recorded with
video cameras for the difficult judgment.

Actually, spaces between panels, bends of posts
and response acceleration of panels are also measured
at the experiment, but they are omitted in this thesis.

4.2. Progress of Experiment
The experiment used the three-directional vibration

table of Facilities for Research and Exhibition, Urban
Renaissance Agency.

At first, the specimen was shaken by input wave of
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about 50-200Gal in maximum acceleration and
observed. Afterwards, the amplitude was gradually
increased at every test until the specimen was finally
destroyed.

4.3. Result and Consideration of Experiment
Figure 4 shows the relation between the state of

specimen and maximum acceleration of the vibration
table. At the result of three directions shaking, the point
of the same wave are connected in the line. As for all
input waves, the maximum accelerations of the vertical
direction are the smallest. Compared between the
horizontal acceleration, N-S direction is larger at El
Centro, Hanshin and Miyagi Offing. On the other hand,
E-W direction is larger at Taft and Hachinohe.

Compared the three directions shaking with the
horizontal one direction shaking, correspondence
between specimen state and maximum acceleration in
the same direction are similar to each other. This
discovery suggests that FA's seismic resistance can
evaluate by horizontal shaking of larger one direction.
However, this can be applied only when the vertical
acceleration is small enough and the independence in
horizontal two directions is high enough.

5. ESTABLISHMENT OF OUTLINE OF SIMPLE
EVALUATION METHOD

5.1. Observation of Behavior Under Real Seismic
Waves and Building Response Waves

5.1.1 Outline of Experiment
By horizontal one direction shaking, behavior of

specimen selected 4.1.1 is observed again in detail.
In addition to the mock copier described in 4.1.2,

the flat weight as shown in Figure 3-(2) is used to re-
duce the influence of load concentration under legs or
rocking. The coefficient of static friction between the
flat weight and specimen is 0.74.

Input waves are five real seismic waves of hori-
zontal larger direction described in 4.1.3 and typical
waves by building response. Figure 5 shows the outline
of building response wave. The main part of this wave
is sine wave continued for 4s.

The frequency is three stages of 0.5Hz, 1Hz and
2Hz. These include typical natural frequencies in hori-
zontal direction of buildings of 10-30 stories high.
Grounds for the continuance time of 4s are results of

response analyses. In the analysis, five real seismic
waves described in 4.1.3 were inputted to oscillatory
systems with one degree of freedom whose natural fre-
quency are 0.5-2Hz and damping ratio are 2-5%. Then,
the maximum amplitude part of response wave, that ap-
proximated to sine wave, continued for 2-4s

The observation is the same as the description in
4.1.4.

5.1.2 Progress of Experiment
The experiment used the horizontal vibration table

of Central Test Laboratory, Japan Testing Center for
Construction Materials. The progress of experiment was
the same as the description in 4.2. By Hachinohe,
0.5Hz response wave and 1Hz response wave, the
specimen did not break even though maximized the

Figure 5 Outline of Building Response Wave
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amplitude of the vibration table.

5.1.3 Result and Consideration of Experiment
Figure 6 shows the relation between the state of

specimen and maximum acceleration of the vibration
table. As shown in Figure, damage accelerations or
destruction accelerations were different according to
input waves. Specifically, the difference of the shape of
waves influences the seismic resistance. And, under the
same input wave, the specimen broke at a smaller
acceleration when using the mock copier than using the
flat weight.

5.2. Concept of Simple Input Wave
The video that recorded the experiment of 5.1. was

examined in detail. Then, specimen was damaged or
destroyed in the vicinity to which the amplitude reached
in the maximum. In other words, destruction (spaces
between panels or bends of posts) did not advanced
gradually while shaking. This discovery suggests that
state of FA is predominantly affected by a few time of
the shaking in the vicinity to the maximum amplitude.

As explained above, the concept of the simple
input wave based on the sine wave was set as shown in
Figure 7. This is a replacement of the maximum
amplitude part of real seismic waves or response waves.
To reduce impacts at the beginning and the ending of
shaking, the introduction wave and the rear wave was
set. The continuance time of those are 1.5s.

5.3. Development of Simple Vibration Table
The simple vibration table was developed to realize

the concept of the simple input wave described in 5.2.
Figure 8 shows the outline of this table.

This vibration table consists of a truck and a power
machinery. The truck moves smoothly in horizontal
one direction with the rail. The motor can freely control
the rotational speed and time-change ratio of speed by
the programmable circuit. The length of the crank can
be changed within the range of 0-100mm by replacing
the installation hole of the amplitude control disk.

5.4. Observation of Behavior Under Simple Input
Wave
5.4.1 Outline of Experiment

By using the simple vibration table developed in
5.3., behavior of specimen selected 4.1.1 is observed.
Frequencies of the simple input wave are 1Hz, 2Hz and
3Hz considering to that of real seismic waves. And the
number of cycles are 1, 2 and 3 times. Grounds for re-
ducing cycles are that specimen did not resonate with
real seismic waves or building response waves. Com-
bined frequencies and cycles, there are nine kinds of
input waves.

5.4.2 Progress of Experiment
The progress of experiment was the same as the

description in 4.2. By 1Hz wave, the specimen did not
break even though maximized the amplitude of the vi-
bration table when flat weight was put.

5.4.3 Result and Consideration of Experiment
Figure 9 shows the relation between the state of

specimen and acceleration of the vibration table. The
following are probed from this figure:
- Under the same input wave, the specimen break at a

smaller acceleration when using the mock copier than
using the flat weight. This result agrees with results of
using real seismic waves and building response waves
described in 5.1.3.

- When frequencies are compared, damage accelerations
or destruction accelerations are smaller in order of
3Hz, 2Hz, and 1Hz.

- On the whole, there is no big difference in the result
by cycle number.

Figure 7 Outline of Simple Input Wave

0

-

Time (s)

Frequency / (Hz)
Cycles /

A
cc

el
er

at
io

n
am

pl
itu

de
(G

al
)

Sine Wave Part

0

Fr
eq

ue
nc

y
(H

z)

Time (s)1.5 1.5･ (1 / )

Abobe is an example of 2Hz and 3 cycles.

Figure 8 Outline of Simple Vibration Table

Motor

Shaft

Weight

Truck

Rail

Length: 2700 mm (Width: 1400mm)

Amplitude Control Disc
(to change the length of the crank)

Shaking Direction

- 1507 -



5.5. Setting of Simple Input Wave and Establish-
ment of Outline of Handy Evaluation Method

The following are probed from comparison
between figure 6 and 9:
- Lower limits of damage accelerations or destruction

accelerations under 2Hz simple input wave are similar
to those under real seismic waves and building
response waves. On the other hands, those under 1Hz
are larger, and those under 3Hz are smaller. Therefore,
the shaking power of 2Hz simple input wave is the
best. The power of 1Hz is too small and that of 3Hz

is too large.
- Cycle number dose not matter especially. To stay on

the safe side, it is enough to be 3 cycles.
As explained above, the simple input wave which

main part is the sine wave of 2Hz and 3 cycles was set
as the input wave used for evaluation of FA's seismic
resistances. Moreover, combined this wave and the
simple vibration table developed in 5.3., the outline of a
handy evaluation method of FA's seismic resistance was
established.

6. EXAMINATION OF APPLICABILITY IN CASE
OF FIXING FURNITURE ON FA

When furniture is fixed on FA, there is a
possibility that not only FA but also the following
where the load was transmitted break: surface of
concrete groundwork where FA is fixed, finishing
materials constructed on FA, fixtures, furniture itself,
etc. So, it is necessary to examine FA's seismic
resistance by including these all. From this viewpoint,
applicability of the handy evaluation method in case of
fixing furniture on FA is examined.

6.1. Observation of Behavior in Case of Fixing Fur-
niture on FA

6.1.1 Outline of Experiment
As shown in Figure 10, FA fixed furniture was

constructed on the vibration table as a specimen, and
shaken by the simple input wave described in 5.5.

There are five kinds of FA. Diameters of the post,
materials of the panel fixture, thicknesses of the panel
and diameters of the screw are independently changed
to vary seismic resistance.

The weight imitate an ordinary bookshelf full of
the document in offices. Weight is 400kgf and height of
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Figure 9   Relation between State of Specimen
                                       and Maximum Acceleration
      (Horizontal One Direction Shaking by Simple Input Wave)
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gravity center is about 900mm.
Input waves are horizontal one direction of two

real seismic waves of Chuetsu (E-W) and Hanshin
(N-S), one real building response wave (the response of
10th floor when Hanshin (N-S) is input to 10 stories
RC building of 2.52Hz in natural frequency and 2% in
damping ratio) and the simple input wave. Moreover, to
compare results between horizontal one direction
shaking and two directions shaking, horizontal two
directions of Chuetsu is used only at specimen No. 2.

6.1.2 Progress of Experiment
The experiment used the horizontal vibration table

of Tokyo Tech. The progress of experiment was the
same as the description in 4.2.

6.1.3 Result and Consideration of Experiment
Table 1 shows damaged or destroyed parts of each

specimens. Then, Figure 11 shows the relation between
the state of specimen and acceleration of the vibration
table.

6.2. Examination of Applicability
The following are probed from Table 1 and Figure

11:
- Damaged or destroyed parts by the simple input wave

are similar to those of other real seismic waves and
building response wave. So, the weak point of fixing
system can be grasped by the simple input wave.

- Results of specimen No. 2 by shaking Chuetsu wave,
the behavior under horizontal two directions shaking
can be grasped by horizontal larger direction shaking.

- The rank of specimens in damage accelerations or
destruction accelerations doesn't change by input
waves. So, the rank of fixing system can be grasped
by the simple input wave.

- Damage accelerations or destruction accelerations of
building response wave are smallest in real seismic
waves and building response wave, and similar to
those of the simple input wave. So, lower limit of
damage acceleration or destruction acceleration of
fixing system among real seismic waves and building
response waves can be grasped by the simple input
wave.

As explained above, it seems that the possibility to

Natural
Frequency

Damping
Ratio 2D Chuetsu

1D
Chuetsu E-W

1D
Hanshin N-S

1D
Response Wave

1D Simple
Input Wave

1 2.55 Hz 0.46% Unmeasured Panel Fixture Panel Fixture Panel Fixture
Furniture Fixture

Panel Fixture Panel Fixture

2 2.56 Hz 0.53% Panel
Furniture Fixture

Furniture Fixture Panel
Furniture Fixture

Panel
Furniture Fixture

Panel
Furniture Fixture

Panel

3 2.56 Hz 0.70% Unmeasured Panel Panel
Furniture Fixture

Panel Panel
Furniture Fixture

Panel

4 3.63 Hz 0.66% Unmeasured Furniture Fixture Furniture Fixture Furniture Fixture Furniture Fixture Furniture Fixture

5 3.85 Hz 0.60% Unmeasured Furniture Fixture Furniture Fixture Furniture Fixture Furniture Fixture Furniture Fixture

Table 1   Damaged and Destroyed Part of Specimen
Specification Damaged and Destroyed Part in Dynamic Test Damaged and

Destroyed Part
in Static Test

No.
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Figure 11   Relation between State of Specimen
                                       and Maximum Acceleration
                           (Fixing Furniture on FA)
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apply the handy evaluation method established in 5.5.
for the case of fixing furniture on FA is high.

7. CONCLUSION
The conclusion of this research is as follows:

- When evaluating FA's seismic resistances based on
the destruction after shaking, it is sufficient by
horizontal shaking of larger one direction.

- To grasp FA's seismic resistances roughly, the simple
input wave which main part is the sine wave of 2Hz
and 3 cycles was set

- The simple vibration table was developed to realize
the simple input wave. Combined the simple input
wave and the simple vibration table, the outline of a
handy evaluation method of FA's seismic resistance
was established.

- Applicability of the handy evaluation method in case
of fixing furniture on FA is probed.

Afterwards, applicability to various FA, details of
weight, binding condition around specimen, judging
standard in state of specimen after shaking, etc. was
determined. Then, they were standardized in "6.8.
Vibration test" of "JIS A 1450: 2009 Test methods
for raised access floor".
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Abstract:  In response to disasters, corporations are required to assure the safety of their customers and employees and 
to continue business activities, which contribute to mitigating social and economic difficulties in a disaster situation. In 
this study, we examined plumbing equipment during an earthquake. We calculated the fragility rate, the probability of 
maintaining functionality, and the time required for repair work for a plumbing system, which is a nonstructural element 
of a building. The cost of the plumbing system was totaled using an event tree analysis. This study is important for 
business continuity planning (BCP), where corporations need to know the cost of performing the repair work and the 
hours needed for restoring the equipment to prepare the building for use after an earthquake. 

 
 

1.  INTRODUCTION 

 

Japan is subject to frequent natural hazards. It is located in 

an area where seismic activities constantly occur, and 

therefore, an earthquake is a disaster that should be given 

priority in examination. In response to disasters, 

corporations are required to assure the safety of their 

customers and employees and to continue business activities, 

which contribute to mitigating social and economic 

difficulties in a disaster. 

In 2005, the Japanese government formulated and 

circulated a set of “business continuity guidelines.” 

When a disaster occurs, it is important that operations are 

continued at an acceptable level and that the complete 

operational level is achieved within an acceptable period. 

This study examined plumbing equipment related to 

rescue and medical operations during an earthquake. In 

addition, we calculated the fragility rate and the probability 

of maintaining functionality from the relationship between a 

seismic wave and the damage caused to the plumbing 

system, which is a nonstructural element of a building. 

 

 

2.  SEISMIC RISK AND BUILDING EQUIPMENT 

FUNCTION 

 

According to previous studies, the resources required in 

an evacuation center include water supply, drainage, 

ventilation, heating, and lighting. Water supply and drainage 

directly impact public health and rescue. 

Activities in an evacuation center, and thus, their priority 

is especially high. In this section, the risk of a plumbing 

system being damaged by an earthquake is based on past 

equipment damage reports. And a system is modeled. 

 

2.1  Earthquake motion and equipment damage 

Here we show how to calculate the probability of damage. 

As shown in Fig. 1, the input earthquake motion R is set as a 

constant and the power proof of equipment Ci (i =1–n) is 

assumed to be independent. Then, we apply the law of total 

probability under the assumption that the damage caused to 

the apparatus is a condition of the input earthquake motion R, 

shown by probability distributions. 

The damage probability, pfi(x), is obtained using a suitable 

compound deviation and the damage correlation coefficient 

based on response evaluation of the building using the proof 

stress of a piece of the equipment component and the input 

earthquake motion. 

 The damage probability calculates the seismic strength 

that acts on a piece of equipment component and the proof  

 

Fig.1 Distribution of proof stress and probability of 

damage in each examination items (sample;B5F) 
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stress value of these elements(i), as shown in Eq.(1), 

assuming that a normal logarithmic distribution is followed. 

 

       

 

 

 

・・・(1) 

pfi ：probability of damage in each examination items  

(equipment component) 

rmi ：median of the earthquake motion, which acts on  

equipment and piping(i) 

ζCi  ：log standard deviation of proof strength 

ζRi  ：log standard deviation of earthquake motion 

Cmi ：median proof stress of equipment and piping(i) 

 

2.2  Modeling of component a system 

The distribution diagram and system model of the 

plumbing equipment of the building being evaluated are 

shown in Fig. 2. 

The evaluation building was completed in 1989. It is a 

high-rise building with a total floor area of 36,028[m
2
], over 

six floors below ground and 29 floors above ground. The 

water supply system—which consists of a low rise layer, a 

medium rise layer, and a high rise layer—operates by gravity 

from a water tank supply system feeding into three lines. 

Each of these three lines has a gravity-fed water tank 

installed on the 8
th
 floor, 20

th
 floor, and the penthouse level, 

and they supply water, respectively, from the 6
th
 floor to B2

nd
 

floor, from the 17
th
 floor to 7

th
 floor, 8

th
 floor to 17

th
 floor, 

and 28
th
 floor to 18

th
 floor. Since there is considerable 

equipment component in the system, in order to supply 

water to an arbitrary point, all the elements need to be 

connected and working. 

If such a system is modeled, it can be defined as a set of 

lines connected in series. A line represents the entire water 

supply equipment component installed in the building.  

On the other hand, if the system is considered from the 

viewpoint of only the main equipment, such as a water tank 

or a main pipe, the lines in the representation will be parallel. 

 

 

3.  CONDITIONS AND ASSUMPTIONS IN THIS 

EVALUATION 

 

3.1  Conditions of the input earthquake motion 

The input earthquake motion used for this evaluation is 

shown in Fig. 3  

We input the seismic wave from the northern Tokyo Bay 

Earthquake M7.3 and used it to create a three-dimensional 

frame model of the building. Then, we calculated the 

earthquake motion of the building. 
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Apparatus 
Previous damage on 

equipment component 2,3,7,8) 
Installation situation Risk Examination items 

Strength 

condition[N/mm2] 

Water 

tank 

・Damage of top and side panel 

in sloshing 

・Damage of inner separation 

panel and joint point  

・Damage of connection pipe 

・Sliding and overturning 

・Steel base for water tank fixed by 

anchor bolt 

・Water tank and steel base,fixed by 

steel bolt 

・ Based on old spec(Seismic 

Building Code) 

Crack in panel 
FRP-panel 

hydraulic strength 

Stress due to 

short-time loading*** 

0.04 

Other 

apparatus 

on the 

floor 

setting  

・Sliding , overturning and gap 

・ Failure with  earthquake 

motion 

・Damage with water leakage 

from broken pipe 

・Steel base for the object fixed by 

anchor bolt 

・Object and steel base,fixed by 

steel bolt 

・ Using corner-stopper bolt at 

isolation steel base 

Sliding and 

overturning  

 

Rupture point 

of anchor bolt 
Reference strength 1) 

235 

Piping 

・Rupture and bending of pipe, 

joint 

・Loss of hanger wires for pipe 

・Main  piping : stainless 

・Branch piping joint : flexible 

coupling 

Water leakage 

from rupture 

point  

Rupture point 

of pipe 

 

Table 1 Calculation conditions of strength and the previous damage report on equipment component and system 
 

Fig. 2 System diagram and system model 
 

Modeling 

Medium rise layer 

(M) 

Low rise layer 

(L) 

1
3
9
.0

[m
] 

4
2
.7

[m
] 

5
1
.4

[m
] 

4
4
.9

[m
] 

28F 

RF 

20F 

8F 

G.L. 

 

M 

9
.6

[m
] 

1
6
.3

[m
] 

Gravity tank(L) 

Gravity tank(H) 

Receiving tank 
Sump pit 

Sewerage 
main pipe City water 

main pipe 

Water meter 
Soil chamber 

Water closet 

High rise layer 

(H) Gravity tank(M) 

High  
rise layer 
(18-28F) 

Medium  
rise layer 
(7-17F) 

Low  
rise layer 
(2-6F) 

R
ec

ei
vi

ng
 ta

nk
 

Transfer water 

pump(H) 

Water supply  

 pipe(28-18F) 

Lift riser 

(B3-RF) 

Gravity 

tank(H)   

 

Drainage  
pipe 

(28-B1F) 

Transfer water 

pump(M) 

Water supply  

pipe(17-7F) 

Lift riser 

(B3-20F) 

Gravity 

tank(M) 

Transfer water 

pump(L) 

Water supply 

pipe(6-2F) 

Lift riser 

(B3-8F) 

Gravity 

tank(L) 

- 1512 -



3.2  Assumption and calculation of damage conditions 

of equipment component 

 

(1) Assumption of damage conditions of equipment and piping＊ 

 Previous studies have reported that the top panels and side 

panels of the water tank were damaged in sloshing during 

the earthquake. Moreover, although the equipment was fixed 

to the building’s frame or to the concrete foundation with 

anchor bolts, tipping and ruptures occurred because of the 

lack of a fixed support. Considerable damage has been 

reported from leakage from failed joints and the collapse of 

piping caused by pulling down hangers. This damage is 

shown in Table 1. 

 

(2) Calculation of damage conditions of equipment 

component 

 We computed the water tank and other apparatus shear 

stresses and tensile forces that arose in the anchor bolt, and 

calculated the internal forces from the combination of the 

piping load under the design-load conditions. Shearing and 

tensile forces, which were applied to the anchor bolt of the 

water tank and other apparatus, were calculated as the 

maximum response acceleration on the basis of seismic 

intensity. ** 

The shearing and tensile forces, applied simultaneously to 

the anchor bolt, are calculated by Eq. (2). 

 

     (2)  

      

     (3) 

       

     (4) 

 

ft ：allowable tensile stress [N/cm
2
] 

σ ：tensile stress intensity [N/cm
2
] 

τ ：shear stress [N/cm
2
] 

τb ：tensile stress intensity[N/cm
2
](ex：anchor bolt) 

KH：design seismic coefficientwhich acts on  

equipment[G]  

WM：operating mass[N] 

n  ： total number of anchor bolt 

A ：effective sectional area[cm
2
] 

σb ：shear stress [N/cm
2
] (ex：anchor bolt) 

nt ：side total number of anchor bolt 

hg ：height to the center of gravity [cm] 

Kv ： design vertical seismic coefficient which acts on 

equipment[G] 

Lg ： distance between centroid of anchor bolt and the 

center of gravity[cm] 

 

Since σ and τ are related to response acceleration, we used 

the acceleration that reached allowable tensile stress 

[N/cm
2
].  

Equipment component, which only receive shearing force, 

were calculated by Eq. (5) using the allowance rate βE. 

 

    (5)   

βE ：allowance rate[-] 
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Fig. 3  Conditions of the input earthquake motion 
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fτ：allowable shear stress[N/cm
2
] 

Since the response of the evaluated building is within the 

floor deformation angle 1/100, which is the design standard 

for a steel structure, the allowance rate βE for the piping is 

calculated by Eq. (6) using conservative stress σD, internal 

pressure stress σPL, and seismic force stress σE. (In addition, 

please refer to literature 24), where the experimental results 

show that the joint strength is half that of the piping 

reference strength and the literature 1), which defines σD, σPL, 

and σE.) 

 Moreover, for convenience, stress was converted into 

acceleration in the calculation. 

 

    (6) 

 

    (7) 

     

    (8)  

 

    (9) 

     

F ：reference strength[N/cm
2
] 

σD  ：prudence stress[N/cm
2
] 

σPL ：internal pressure stress[N/cm
2
] 

σE  ：seismic force stress[N/cm
2
] 

Lh ：pipe length[cm] 

W ：weight[N/cm](=mg) 

Ae ：effective sectional area [cm
2
] 

if ：multiplication factor of stress intensity for joint  

efficiency (=1/ηS) 

P ：internal pressure[N/cm
2
] 

Do ：outside diameter of pipe [cm] 

te ：effective thickness[cm] 

αh ：effective ratio by weight・KH・KP 

Z ：section modulus of pipe[cm
3
] 

 

Proof stress of the equipment component are 

calculated by Eq. (10) 

 

Cmi = Acceleration that reached the allowable tensile 

stress × βE   (10) 

 

 

4 ． FRAGILITY RATE AND FUNCTIONAL 

MAINTENANCE PROBABILITY OF PLUMBING 

SYSTEM 

 

4.1  Calculation of fragility rate 

The evaluated building contained a potable water supply 

system for drinking and washing dishes and a reclaimed 

water supply system for washing clothes. We calculated the 

fragility rate from the strength of the input earthquake 

motion on equipment and piping. Fig. 4 shows the fragility 

rate for each floor. The figure shows that the fragility rate 

and earthquake motion are in proportion. 

The potable and reclaimed water supply systems were 

planned using the same zoning; hence, the fragility rates 

were almost the same. The narrow difference in the fragility 

rates between the two water supply systems was due to the 

difference in the piping size within the same floor. 

 

4.2 Calculation of functional maintenance probability 

We calculated the probability of maintaining functionality 

of the plumbing lines using the fragility rate. Functional 

maintenance probability of the plumbing lines is calculated 

by Eq. (11) 

 

    (11) 

 

Ps ：line of functional maintenance probability  

pfi ：probability of damage of equipment and piping(i) 
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Fig. 6 Sample of the evaluation result 
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Fig. 5 shows the functional maintenance probability of the 

plumbing lines. As floor is raised, the probability of 

maintaining functionality of the potable and reclaimed water 

supply systems is high, because the plumbing lines on these 

floors have many pieces of equipment component and these 

equipment component have a higher fragility rate.  

While examining the earthquake countermeasures of 

building equipment, it is important for BCP to consider cost 

performance and restoration working hours to prepare the 

building for use after an earthquake. Fig. 6 shows an 

example of the total functional maintenance probability and 

working hours for restoration. The cost of the plumbing 

system was calculated using the event tree analysis and was 

compared with the cost of certain amount of seismic retrofit. 

 

 

5．CONCLUSION 

 

On the basis of the previous earthquake damage reports on 

building equipment, we calculated the fragility rate and 

probability of maintaining functionality of the plumbing 

system in a building. We also considered the repair work 

time period and the cost of the plumbing system by using an 

event tree analysis. These issues arean important part of BCP 

when considering cost performance, repair work, and the 

time required to prepare the building for use after an 

earthquake. 

In the future, we will evaluate an air-conditioning system 

and a fire-protection system. Moreover, we will improve the 

assumptions used in the calculation method and study the 

damage mechanisms relative to the strength of piping. 
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NOTES 

＊Even if the equipment component does not have the 

problem of fixed power proof, a function of the equipment 

may be lost because of the fault inside the function; however 

in this paper, the damage in which a visual check is possible 

was applied to the evaluation. 

＊＊Acceleration change stress of the anchor bolt uses the 

minimum intensity in steel strength, the corn-like destructive 

intensity of concrete, and adhesion intensity (in the case of 

an adhesion). 

＊＊＊ The allowable stress was calculated using the 

intensity provided by the manufacturer from the 

specifications of the water tank installed in the evaluated 

building. 
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Abstract:  To study the performance of base isolated structures considering continued functionality, the PEER 
Performance Based Earthquake Engineering (PBEE) methodology is adopted. A continued functionality performance 
state is obtained from specific fragility functions for nonstructural components. In this study, MDOF nonlinear response 
history analysis is utilized to investigate parametrically the performance of several combinations of isolation period, 
isolation damping ratio, and superstructure period. Continued functionality of base isolated structure is considered from 
slight damage state of partition walls, drift sensitive component, and suspended ceilings, acceleration sensitive 
components. Sensitivities of these basic properties are described. Results indicate that having higher isolation period 
always improves the performance of the base-isolated building, however increasing isolation damping ratio does not 
always improves the performance, especially in tall buildings. The performance is always worsened with the increase in 
superstructure height. The performance considering drift sensitive components shows that isolation system works well on 
short/stiff structures. The performance becomes worse as the superstructure becomes more flexible. As for acceleration 
sensitive components, results for short buildings reveals that, due to their naturally stiff structures, the acceleration is high 
which results in poor performance. However, in tall buildings, due to its flexibility, the performance is better. 

 
 
1.  INTRODUCTION 
 

In Japan and around the world, base isolation systems 
have been increasingly used to prevent or minimize damages 
to buildings subjected to earthquakes. There has been 
research on the performance of individual base isolation 
systems and their supported structure. However, very few 
studies focused on the performance of base isolation based 
on continued functionality (CF) of buildings. Therefore, the 
objective of this study is to study the performance of base 
isolated structures with several combinations of isolation and 
superstructure properties considering continued functionality 
(CF). 
 
 
2.  METHODOLOGY 
 
2.1  Performance Based Earthquake Engineering 

To study the effects of isolation system properties and 
superstructure properties on continued functionality (CF), 
the PEER Performance Based Earthquake Engineering 
(PBEE) methodology is adopted. 

In this framework, seismic hazard analysis, structural 
analysis, and damage analysis are used concurrently. The 
hazard analysis is used to define the seismic intensity at a 
specific location and mean annual exceedance frequency of 
interest. Structural analysis is conducted by nonlinear 

response history analysis using a suite of scaled ground 
acceleration records to obtain story drifts at multiple levels 
of seismic intensity. Damage analysis, obtained from 
experimental data and damage observations of partition 
walls and suspended ceilings, describes the likelihood of 
achieving continued functionality (CF) as a function of 
seismic demand. 

The complete equation for calculating CF, the annual 
probability that a base isolated structure exceeds the 
continued functionality of partition walls (or other 
drift-sensitive components), is shown in Equation 1. 
 

  CF
, ,1

1

n k
m

k a a j a a jk
j

P dm CF

P S S P S S

 
  



                  
   (1) 

 
is the probability of damage 

state exceeding continued functionality state for a specific 
drift ratio and is determined from the damage fragility curve. 

is the probability that a specific 
drift occurs for a specific ground motion intensity level and 
is determined from drift distribution at each intensity level. 

is the annual probability that a specific 
seismic intensity level is observed at a specific site and is 
obtained directly from hazard curve corresponding to a 
specific site location and natural period of interest. 

[ | ]kP dm CF   
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2.1  Definition of Continued Functionality 
Continued functionality is the performance state in 

which a building remains usable without interruption after 
an earthquake. Hence, the damage that triggers this 
continued functionality state is very slight, corresponding to 
small values of drift ratio and floor acceleration. 
 
 
3.  FRAGILITY FUNTIONS 
 

In this study, the performance of base isolated structures 
is evaluated based on continued functionality (CF) damage 
state of partition walls and suspended ceilings, which serve 
as general representations of drift-sensitive and acceleration- 
sensitive components, respectively. 
 
3.1  Fragility of Drift Sensitive Components 

To represent drift sensitive components, fragility 
functions for partition walls are selected. Experiments on 
light gauge steel studded gypsum partition walls have been 
conducted recently at the University of Buffalo to assess 
their seismic fragility (Filiatrault et al. 2010). Fifty partition 
wall specimens, corresponding to 22 different wall 
configurations, were constructed following standard 
construction techniques. The fragility functions reported in 
their study is adopted here. The damage description 
corresponding to CF is “slight damage to partition walls.” 
For this damage state, the median drift ratio and dispersion 
are 0.35% and 0.56, respectively. Figure 1(a) shows the 
fragility curve with the median and dispersion described 
above. 
 
3.2  Fragility of Acceleration Sensitive Components 

To represent acceleration-sensitive components, 
fragility functions for suspended ceilings are selected. From 
recent work by Motoyui and Sato (2011), fragility of 
Japanese ceiling systems is obtained through Monte Carlo 
analysis using 2D finite element analysis and assumed 
statistical variation of the strength of connections from 
experimental testing. The period of the ceiling Tceiling is 0.32 
second. The fragility function describing “failure of ceiling” 
reported in their study is used. The median acceleration and 
dispersion are 0.505g and 0.046, respectively. Figure 1(b) 
shows the fragility curve with the median and dispersion 
described above. 
 

   

 (a) (b) 
Figure 1  Damage Fragility Functions: 

(a) Partition Walls  (b) Suspended Ceilings 

4.  ANALYSIS MODEL 
 

The analytical model for a generic MDOF system is 
represented in this study by a stick model. An example 
model representing a 3-story base isolated structure is shown 
in Figure 2(a). The superstructure is assumed to have an 
inverted triangular mode shape as shown in Figure 2(b). 
 

        
Figure 2  Model: (a) Stick Model  (b) Mode Shape 

 
Assuming equal masses at each floor of the 

superstructure, and by defining the fundamental 
superstructure period Ts and the mode shape vector   of the 
superstructure, the stiffness for each story can be obtained by 
solving Equation 2, for k1, k2, …, kn. The normalized 
stiffness distribution is shown in Figure 3(a,b) for 3- and 
9-story base isolated structures. 
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 (a) (b) 

Figure 3  Normalized Stiffness Distribution: 
(a) 3-story and (b) 9-story base isolated structures 

 
The superstructure period Ts is assumed to be 0.1Ns 

where Ns is the number of stories above the isolation level. 
Superstructure damping is proportional to the stiffness 
matrix, and a damping ratio ζs is assumed to be 2% in the 
first mode. 

Considering the base isolation system, we define the 
isolation period Tb, the isolation stiffness kb and isolation 
damping ratio ζb in Equation 3. 
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With the assumption that the drift demands are small 
according to the definition of continued functionality, this 
damage state is expected to be triggered or exceeded under 
elastic deformations of the superstructure. As a result, linear 
elastic behavior is assumed in the superstructure. 
Additionally, a linear viscous base isolation system is 
considered in the current study. Other types of base isolation 
systems will be considered in further studies. 

Masses in all floors are assumed equal to one, story 
heights are equal in all stories and are assumed to be equal to 
350 cm. Twenty ground accelerations from Los Angeles 
SAC suite of ground accelerations for a 2% in 50 years 
seismic hazard (LA21 – LA40) are used in this study. Figure 
4 shows the response spectra plots with damping ratio of 5% 
for these ground accelerations. 
 

 

Figure 4  Pseudo Spectral Acceleration of LA21 – LA40 
Ground Accelerations 

 
 
5.  SEISMIC HAZARD CURVE 
 

The last component needed in order to determine the 
performance of a base isolated structure is the seismic 
hazard curve for a site. This hazard curve can be obtained for 
a specific site location and a natural period of interest based 
on some attenuation model. In this study, the site is assumed 
to be located in download Los Angeles area, where the 
latitude and longitude used to specify the location are 34 and 
-118, respectively. The hazard curve is then obtained using 
the attenuation model by Campbell and Bozorgnia (2008) 
with VS30 = 760 m/s representing the boundary between B 
and C soil types, as defined in ASCE 7 (2005). Figure 5 
shows the hazard curves at the site for natural periods of 2, 3, 
and 4 seconds. 
 

 

Figure 5  Hazard Curves for Los Angeles Area 

6.  PARAMETRIC STUDY 
 

By using the previously defined analytical model, a 
parametric study is conducted. To study the sensitivity of the 
performance to basic properties of base isolated structures, a 
variety of (1) base isolation periods Tb, (2) base isolation 
damping ratios ζb, and (3) number of stories Ns are 
investigated as listed below: 

 
(1) Tb = { 2.0, 3.0, 4.0 } seconds 
(2) ζb = { 0.1, 0.3 } 
(3) Ns = { 3, 9, 20 } stories 

 
These base isolated structures are subjected to the 20 

ground motions previously defined. The responses are 
described as median values with an assumption that these 
responses are lognormally distributed. Therefore, the 
medians and dispersions are calculated for each base isolated 
structure by Equations 4 and 5 respectively, 
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where xm is median, β is dispersion, M is number of 

ground accelerations, and ri is unique response for each 
ground motion. 
 
 
7.  SENSITIVITY TO BASIC PROPERTIES 
 

First of all, it is necessary to study the natural behaviors 
of these base isolated structures and to investigate the 
various combinations of isolation properties and 
superstructure properties. Hence, these base isolated 
structures are subjected to real unscaled ground accelerations 
(LA21–LA40). Median drift ratios and median absolute 
accelerations are used to describe the response. Median drift 
ratios for 3-, 9-, and 20-story isolated structures are shown in 
Figures 6(a), 6(b), and 6(c), respectively. Median absolute 
peak floor accelerations for 3-, 9-, and 20-story isolated 
structures are shown in Figures 7(a), 7(b), and 7(c), 
respectively. The effects of the basic properties are described 
in subsequent sections. 
 
7.1  Sensitivity to Base Isolation Period (Tb) 

From Figures 6 and 7, it can be clearly observed that an 
increase of base isolation period Tb reduces both the drift and 
acceleration demands in superstructures of both stiff and 
flexible buildings regardless of base isolation damping ζb. 
This is unsurprising because an increase of the base isolation 
period Tb is a reduction in the isolation stiffness resulting in 
concentration of drift demand in the base isolation level. 
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(a) 3-Story Base Isolated Structures 

 

(b) 9-Story Base Isolated Structures 

 

(c) 20-Story Base Isolated Structures 
Figure 6  Median Drift Ratios for (a) 3-Story, (b) 9-Story, 

and (c) 20-Story Base Isolated Structures 
 
7.2  Sensitivity to Base Isolation Damping Ratio (ζb) 

Examining the results described in Figures 6 and 7, it 
can be observed that the distributions of both drift and 
acceleration demands are sensitive to isolation damping. For 
short buildings or stiff structures, the distribution is altered 
slightly, whereas for tall or flexible structures, the alteration 
of the distribution is more dramatic. For higher base 
isolation period Tb, there is tendency that added base 
isolation damping ratio ζb may reduce the demands in some 
floors and increase the demands in the others as can be seen 
in Figures 6(b,c), and 7(a). This is attributed to the excitation 
of higher mode effects due to the presence of 
non-proportional damping. These higher mode effects would 
significantly change the distribution of the demands. This 
may arise from an increase in the base isolation damping ζb,  

 

(a) 3-Story Base Isolated Structures 

 

(b) 9-Story Base Isolated Structures 

 

(c) 20-Story Base Isolated Structures 
Figure 7  Median Peak Floor Accelerations for (a) 3-Story, 

(b) 9-Story, and (c) 20-Story Base Isolated Structures 
 
while the superstructure damping ζs remains 2%. The 
equivalent damping ratio for the structure may be much 
lower than the target base isolation damping ratio ζb. As a 
result, added damping in the isolators may not have the 
benefit that would be assumed for a stiff superstructure. 
 
7.3  Sensitivity to Number of Stories (Ns) 

Examining the drift demands in Figure 6(a), it can be 
seen clearly that for short buildings, drift demands are very 
low when compared with taller buildings as shown in Figure 
6(b,c). This indicates that base isolation system works well 
for short buildings, as expected. For tall buildings, large drift 
demands become concentrated in upper stories. This 
behavior occurs as a result of the stiffness distribution 
obtained by assuming the superstructure has the inverted 
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triangular shape in Figure 3. As a result, drifts become more 
concentrated in upper stories as shown in Figure 6(b,c). 
Acceleration demands in low stories appear to decrease as 
the superstructure becomes taller when the isolation period 
Tb = 2 seconds. However, when Tb = 4 seconds, acceleration 
demands appear to increase. Increased acceleration demands 
also appear to be concentrated in the upper stories as clearly 
seen in Figure 7(b,c). 
 
 
8  MODE CONTRIBUTION 
 

Since the base isolated structures consist of two regions 
with significantly different levels of damping, ζb and ζs, 
non-proportional damping characteristics are expected. As a 
result, higher mode contribution is anticipated even though 
there is low mass participation in these higher modes. To 
investigate the contribution from higher modes, transfer 
functions are estimated for each case of analysis by using 
Equation 6: 
 

    
 

output

input

A
G

A





  (6) 

 
The transfer functions shown in subsequent sections are 

from the results of 3-, 9-, and 20-story base isolated 
structures, having Tb = 2, 3, and 4 seconds respectively, 
subjected to the same unscaled ground acceleration LA21. 
 
8.1  Building Superstructure  

To observe the mode contributions and to verify the 
natural periods of the superstructure, a transfer function is 
estimated where Aoutput is the acceleration at the top floor in 
the frequency domain and Ainput is the acceleration at the 
base floor in the frequency domain. The results of the 
transfer functions are shown in Figure 8. 
 

 
(a) 3-Story Base Isolated Structures 

 
(b) 9-Story Base Isolated Structures 

 
(c) 20-Story Base Isolated Structures 

Figure 8  Transfer Functions between Top Floor and Base 
Floor 

 
Due to linear behavior in both the superstructure and 

base isolation system, clear peaks can be seen in the figure. 
Natural periods are indicated in the figure, and demonstrated 
in Table 1 to be the same as those obtained from eigenvalue 
analysis for first three modes. 
 

Table 1  Comparison of Natural Periods (Superstructure) 
 3-Story 9-Story 20-Story 

Period TF EA TF EA TF EA 

T1 0.30 0.30 0.90 0.90 2.00 2.00 

T2 - 0.12 0.37 0.37 0.82 0.82 

T3 - 0.08 0.23 0.23 0.52 0.52 

* TF : Periods obtained from transfer function (seconds) 
* EA : Periods obtained from eigenvalue analysis (seconds) 
* “-” : Not clearly shown 

 
For the 3-story base isolated structure, only the first 

mode is observed. However, for 9- and 20-story base 
isolated structures, second and third modes are clearly 
identified. 
 
8.2  Base Isolated Building 

To include the effect of the isolation system having 
significantly higher period Tb and higher damping ratio ζb, 
transfer functions are estimated where Aoutput is the 
acceleration at the top floor in frequency domain and Ainput is 
the acceleration at the ground in frequency domain. The 
estimates of these transfer functions are shown in Figure 9. 

The transfer functions also exhibit fairly smooth curves 
and clear peaks for all cases. All peaks indicate natural 
periods for the base isolated structures. These values of 
natural periods are compared with those obtained from 
eigenvalue analysis, and shown in Table 2 for first three 
modes. 
 
Table 2  Comparison of Natural Periods (Isolated Building) 

 3-Story 9-Story 20-Story 

Period TF EA TF EA TF EA 

T1 2.05 2.01 3.15 3.10 4.55 4.38 

T2 0.19 0.19 0.53 0.53 1.12 1.12 

T3 - 0.1 0.296 0.292 0.64 0.63 

* TF : Periods obtained from transfer function (seconds) 
* EA : Periods obtained from eigenvalue analysis (seconds) 
* “-” : Not clearly shown 
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(a) 3-Story Base Isolated Structures 

 
(b) 9-Story Base Isolated Structures 

 
(c) 20-Story Base Isolated Structures 

Figure 9  Transfer Functions between Top Floor and 
Ground 

 
The comparison shows similar results for the natural 

periods. However, observing mode contributions for the 9- 
and 20-story base isolated structures, the second and third 
modes seem to contribute significantly at the top floor. This 
indicated the significance of higher mode contributions in 
the base isolated structures. To further investigate the mode 
contributions in each floor, transfer functions are developed 
further for selected floors in the 9-story base isolated 
structure. The results are shown in Figure 10. 

Figure 10 shows the transfer functions between top 
floor and 3rd, 6th, and 8th floors. For the 3rd and 8th floors, the 
second mode gets excited more than the first mode, and the 
third has a negligible contribution. However, in the 6th floor, 
the third mode (whose period of 0.3 sec is close to the period 
of the ceiling) appears to be significant. The implications of 
this for continued functionality of suspended ceilings will be 
discussed later in this paper. 
 
 
9  MODAL ANALYSIS 
 

In order to further investigate the effects of higher 
modes, modal analysis is performed to compare the response 
with those obtained from time history analysis. Modal 
analysis requires knowledge of mode shapes and modal  

 
(a) 3rd Floor 

 
(b) 6th Floor 

 
(c) 8th Floor 

Figure 10  Transfer Functions between Top Floor and 
Middle Floors of 9-Story Base Isolated Structure 

 
damping ratios. Mode shapes are obtained from eigenvalue 
analysis, and are shown in Figure 11 for 3-, 9-, and 20-story 
base isolated structures. 
 

 

Figure 11  Mode Shapes of 3-, 9-, and 20-Story Base 
Isolated Structures 

 
Here we neglect the complex part of the mode shapes, 

and apply modal strain energy theory to estimate the 
damping ratio in each mode from Equation 7:  
 

 
1

24 24

T T
i i i i id i

i T T
s i i i i

C CE

E K K

    


     
      

    

 (7) 

-2 -1 0 1 2
ϕ

0

1

2

3

-1 -0.5 0 0.5 1
ϕ

0
1
2
3
4
5
6
7
8
9

-1 -0.5 0 0.5 1
ϕ

0
2
4
6
8

10
12
14
16
18
20

- 1522 -



where ωi is i
th mode natural circular frequency, ϕi is i

th 
mode shape, C


is damping matrix, and K


is stiffness 

matrix. Table 3 shows the modal damping ratios for 3-, 9-, 
and 20-story base isolated structures when base isolation 
damping ratio ζb = 0.10. 
 

Table 3  Modal Damping Ratios 
 3-Story 9-Story 20-Story 

Mode Sup Iso Sup Iso Sup Iso 

1  0.098  0.091  0.077 

2 0.020 0.043 0.020 0.055 0.020 0.066 

3 0.049 0.063 0.049 0.073 0.049 0.081 

4 0.077 0.085 0.077 0.097 0.077 0.104 

5 - - 0.106 0.122 0.106 0.128 

6 - - 0.134 0.148 0.134 0.154 

7 - - 0.162 0.174 0.162 0.181 

8 - - 0.191 0.200 0.191 0.208 

9 - - 0.219 0.226 0.219 0.235 

10 - - 0.247 0.252 0.247 0.262 

… - - - - … … 

… - - - - … … 

19 - - - - 0.502 0.508 

20 - - - - 0.530 0.535 

21 - - - - 0.559 0.562 

* Sup : Modal damping from superstructure  
* Iso : Modal damping from base isolated structure 

 
The comparison between responses obtained from 

modal analysis and time history analysis is shown in Figures 
12 and 13. These 3-, 9-, and 20-story base isolated structures 
are subjected to the same unscaled ground acceleration 
LA21. Figures 12 and 13 shows the responses for cases 
when ζb = 0.10 and 0.30 respectively. 
 

 
(a) Displacement (cm) 

 
(b) Drift Ratio (%) 

 
(c) Peak Floor Acceleration (g) 

Figure 12  Comparison between Responses from Modal 
Analysis and Time History Analysis (ζb = 0.10) 

 

 
(a) Displacement (cm) 

 
(b) Drift Ratio (%) 

 
(c) Peak Floor Acceleration (g) 

Figure 13  Comparison between Responses from Modal 
Analysis and Time History Analysis (ζb = 0.30) 

 
Displacements are identical in Figure 12(a), and slightly 

different in Figure 13(a) for 9- and 20-story base isolated 
structures. Therefore, to compute maximum displacements, 
modal analysis shows sufficiently reliable results even when 
base isolation damping ratio ζb is as high as 30%. However 
maximum drift ratios and peak floor accelerations do not 
exhibit the same trends. 

For 3-story base isolated structures, modal analysis for 
the case when the base isolation damping ratio ζb = 10% 
(shown in Figure 12) appears to closely match time history 
response. However, when ζb = 30% (shown in Figure 13), 
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the response does not match very well. This could be 
attributed to the presence of non-proportional damping. 

For 9- and 20-story base isolated structures, modal 
analysis appears to closely time history response in both drift 
ratios and peak floor accelerations when base isolation 
damping ratio ζb = 10% as shown in Figure 12(b,c). 
However, when ζb = 30%, the response observed varies 
significantly, as shown in Figure 13(b,c). This could also be 
attributed to the presence of non-proportional damping. 
 
 
10  INCREMENTAL DYNAMIC ANALYSIS 
 

Previously, seismic hazard curves and fragility 
functions were defined. To calculate the performance of the 
base isolated structures in this study, an incremental dynamic 
analysis is necessary. 

Incremental dynamic analysis involves subjecting a 
structural model to one (or more) ground motion record(s), 
each scaled to multiple levels of intensity, thus producing 
one (or more) curve(s) of response as a function of seismic 
intensity level. The seismic intensity levels used to perform 
dynamic analyses are selected such that it covers the range 
from the return period of 10 years (λ = 1/10 = 0.10) to the 
return period of 5000 years (λ = 1/5000 = 0.0002). 
 

 

Figure 14  Pseudo Spectral Accelerations of Ground 
Accelerations with Scaling at Sa(T=2 sec, ζ=5%) = 0.4g 

 
For a base isolated structure, it is subjected to the suite 

of ground accelerations which are scaled such that the 
spectral acceleration Sa(T=Tb, ζ=5%) corresponds to the 
target intensity level. With such scaling, it is assumed that 
the natural period is governed by the base isolation period Tb. 
Figure 14 shows example plots of all ground accelerations 
scaled such that Sa(T=2 sec, ζ=5%) is equal to 0.4g. 

Once incremental dynamic analyses are completed for 
all ground accelerations, engineering demand parameters, 
such as maximum drift ratio and maximum acceleration at a 
certain period of interest, are plotted against the seismic 
intensity level. The drift distribution at multiple intensity 
levels is then obtained with the assumption that these 
responses are lognormally distributed. As a result, medians 
and dispersions are obtained and used to calculate the 
performance of the base isolated structure. 
 
 
 
 

11  PERFORMANCE EVALUATION 
 

In order to obtain the performance of a base isolated 
structure, three components are needed as described 
previously which are (1) the probability of damage state 
exceeding continued functionality state, (2) the probability 
that a specific drift occurs for a specific ground motion 
intensity level, and (3) the annual probability that a specific 
seismic intensity level is observed at a specific site. These 
components are used concurrently as shown in Equation 1. 
The value obtained from this Equation is the mean annual 
frequency of exceedance the continued functionality damage 
state λCF. The expected return period TR can be calculated by 
taking reciprocal of λCF (TR = 1/λCF). Figures 15 and 16 
show the performances in terms of return periods TR for all 
isolated structures in this study based on the continued 
functionality damage state of partition walls and suspended 
ceilings, respectively. 
 
11.1  Performance Based on CF of Partition Walls 

Examining the results described in Figure 15, the 
performance in terms of return period TR (years) in each 
floor corresponds well to the drift demands described 
previously in Figure 6. Higher drift demands result in poorer 
performance, whereas lower drift demands result in better 
performance. Observing the expected return period TR for 3-, 
9-, and 20-story isolated structures, it is seen clearly that the 
return periods in short buildings are significantly higher than 
tall buildings. This indicates that, considering drift-sensitive 
components, isolation systems work well for short buildings. 
However, for tall buildings, the return period TR could be as 
low as around 10 years in the top story of 20-story base 
isolated structures, meaning that there is a high chance that 
some partition walls need to be fixed or replaced over the 
life of the building, resulting in interruption of the usage of 
this story due to wall repair or replacement. 
 
11.2  Performance Based on CF of Suspended Ceilings 

Examining the results in Figure 16, the performance in 
terms of return period TR in each floor does not correspond 
well to the acceleration demands described earlier in Figure 
7. This is because the performance calculated is based on the 
peak acceleration at the period of the ceiling, Tceiling = 0.32 
sec as defined in section 3.2, not the peak floor acceleration 
as shown in Figure 7. There are also higher mode effects 
present in the 9- and 20-story base isolated structures.   

Figure 9(a) shows that the 3-story base isolated 
structure has dominant natural frequencies of 0.488 Hz and 
5.29 Hz which are corresponding to the periods of 2.05 sec 
and 0.19 sec. Higher modes do not appear to be significant 
for this structure. However, in Figures 9(b) and 9(c), the 2nd 
and 3rd modes can be clearly observed, particularly in Figure 
9(b). The 3rd mode period is 0.3 second, which is close to the 
period of the ceiling Tceiling. This will affect the performance 
of those stories whose significant modes are near the period 
of the ceiling. As a result, the performance distribution 
becomes more difficult to predict in taller buildings. Figure 
10 also shows clearly which floors are sensitive to the third  
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(a) 3-Story Base Isolated Structures 

 

(b) 9-Story Base Isolated Structures 

 

(c) 20-Story Base Isolated Structures 
Figure 15  Performance in Return Period (years) Based on 
the Continued Functionality Damage State of Partition Walls 
 
mode, implying low performance if that mode is 
substantially excited. This explains why the performance of 
9-story base isolated structures shown in Figure 9(b) has 
such an irregular shape. 
 
11.3  Sensitivity to Performance of Short/Tall Buildings 

Examining the return period TR of short and tall 
buildings in Figures 15 and 16, it appears that for short 
buildings, the performance, based on the continued 
functionality of the partition walls is very high. This is due to 
the stiff nature of short buildings. However, this results in 
high accelerations which lead to poor performance of ceiling 
systems. However, for tall buildings, due to their flexible 
nature, they are less susceptible to high accelerations. This 
results in improved performance of ceilings, whereas the 

 

(a) 3-Story Base Isolated Structures 

 

(b) 9-Story Base Isolated Structures 

 

(c) 20-Story Base Isolated Structures 
Figure 16  Performance in Return Period (years) Based on 

the Continued Functionality Damage State of Suspended 
Ceilings 

 
drift demands become higher, resulting in poor performance 
of partitions. This indicates that for short buildings, the 
performance is more sensitive to acceleration demand, 
whereas for tall buildings, the performance is more sensitive 
to drift demand. However, among acceleration sensitive 
nonstructural components, there are many types of 
components. All will have different natural periods, so the 
performance for acceleration sensitive components will vary 
from component to component. If the component’s natural 
period falls within in the proximity of the exited modes, the 
performance is expected to worsen. Therefore, in this study, 
the performance obtained based on continued functionality 
of suspended ceilings serves as a generalization of the 
performance considering acceleration sensitive components. 
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12  CONCLUSIONS 
 

This research focuses on the study of the continued 
functionality performance of base isolated structures with 
several combinations of isolation and superstructure 
properties. By adopting the PEER PBEE methodology, the 
mean annual frequency of exceeding the continued 
functionality damage state is obtained, leading to the 
expected return period TR. 

Results indicate that having higher isolation period Tb 
always improves the performance of the base-isolated 
building, however increasing isolation damping ratio ζb does 
not always improves the performance, especially in tall 
buildings. This is attributed to the excitation of higher mode 
effects due to non-proportional damping. Considering the 
superstructure height, the performance is always worsened 
as the height increases. 

The performance considering drift sensitive 
components shows that isolation system works well on 
short/stiff structures. The performance becomes worse as the 
superstructure becomes more flexible. As for acceleration 
sensitive components, results for short buildings reveals that, 
due to their naturally stiff structures, the acceleration is high 
which results in poor performance. However, in tall 
buildings, due to their flexibility, the performance is 
improved. This indicates that for short isolated buildings, the 
performance is more sensitive to acceleration demand, 
whereas for tall isolated buildings, the performance is more 
sensitive to drift demand. Designers should be aware of 
these sensitivities, and future work will be directed at 
mitigating damage to both drift- and acceleration-sensitive 
components in isolated structures. 
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Abstract:  Damage to elevator rope has been reported in several past earthquakes. To mitigate elevator rope damage, a 
control method is proposed using a vibration control device designed for a building, e.g. active mass damper (AMD). The 
method is based on the Linear Quadratic Gaussian control and aims to achieve the safety of both a building and elevator 
rope. To demonstrate the effectiveness of the method, an experiment is conducted using a 4-story aluminum specimen, 
which is a scaled model of a high-rise building; elevator rope is modeled by a copper plate. As a vibration control device 
for a building, an AMD is settled on the top of the specimen. A vibration control experiment is carried out and it is 
verified that the proposed method can reduce the response of the elevator rope effectively. 

 
 
1.  INTRODUCTION 
 

In recent earthquakes, such as in the Mid Niigata 
Prefecture Earthquake in 2004 and the 2011 off the Pacific 
coast of Tohoku Earthquake, elevator rope swayed widely 
and entwined equipment in an elevator shaft. To suppress 
the sway of elevator rope, a control method using a device 
that moves a traction sheave of elevator rope is presented 
and its effectiveness is demonstrated by an experiment 
(Otsuki et al. 2004). Otsuki et al. (2006) also propose a 
control method which employs a special device to 
manipulate elevator rope. 

On the other hand, some high-rise buildings have a 
device for active vibration control, such as an active mass 
damper (AMD) and active connecting damper, in order to 
suppress the vibration of the building induced by an 
earthquake or wind. Such devices, however, are not usually 
designed to control the sway of elevator rope. 

The authors’ research group has proposed control 
methods using a device equipped for a building to achieve 
the protection of both a building and elevator rope (Baba 
and Kohiyama 2010, Kohiyama and Baba 2011). The 
proposed control methods are based on a linear quadratic 
regulator (LQR) (Baba and Kohiyama 2010) and a linear 
quadratic Gaussian (LQG) with frequency-shaped cost 
functionals and variable gain feedback (Kohiyama and 
Baba 2011), respectively. 

In this study, the effectiveness of the proposed method, 
i.e. application of an AMD to the control of both a building 
and elevator rope, is demonstrated by an experiment using 
a scaled model of a high-rise building and elevator rope.  
 
 

2.  ANALYSIS MODEL AND EXPERIMENTAL 
SPECIMEN 
 

Figure 1 shows the analysis model of a high-rise 
building. The number of layers are reduced to four to 
construct an experimental specimen. Although an elevator 
system has various kinds of rope, we focus on only the 
suspension rope. It is assumed that an elevator car is fixed 
on the ground. The model has a vibration control device 
(AMD), which applies the control force u to the top layer of 
a building. To design an experiment model, a building and 
elevator rope system is scaled down based on Buckingham 
π theorem. Time and displacements of the specimen are 
scaled by 1/10 and the mass and stiffness of the specimen 
are designed to match the scaled natural frequencies as 
shown in Table 1. The parameters of the models are shown 
in Table 2. 
  

 
Figure 1  Analysis Model 
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The equation of motion of the system is formulated by 
combining a lumped mass model of the building and a 
finite element model of the elevator rope as follows: 
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Table 1  Scaled Parameters of Experiment Model 

  Actual 
dimension 

Experiment 
model 

Damping factor ξ ξ 

Natural frequency f 10f 

Displacement x x/10 

Acceleration a 10a 

Phase θ θ 

Time t t/10 
 

 

⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥

⎦

⎤

⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢

⎣

⎡

+−
−+−

−+−
−+

=

γγ
γ

γγ
γγ

4

4
24b4

4b4b3b3b

3b3b2b2b

2b2b1b

OO

O

O

O

C cc
cccc

cccc
ccc

b
  

  (6) 

 Tr
r

r

3
π FA
N iρζγ =  (7) 

⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎥

⎦

⎤

⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢
⎢

⎣

⎡

−
−

−
−+−

−+−
−+−

−+

=

κκ
κ

κκ
κκ

2

2
4b4b

4b4b3b3b

3b3b2b2b

2b2b1b

OO

O

O

O

K kk
kkkk

kkkk
kkk

  (8) 

 
L
NF rT=κ  (9) 

 
where xg, xbn and xri represent, respectively, the absolute 
displacement of the building foundation (i.e. ground) and 
the displacements of the n-th layer of the building and the 
i-th node of finite elements of the rope relative to the 
building foundation; mbn, cbn, and kbn are the mass, damping 
coefficient, and stiffness of the n-th layer, respectively; mt is 
the mass of a traction sheave, which is neglected in the 
experiment model; ρAri is the line density of the elevator 

 
Table 2  Physical Parameters of Models 

Parameter Symbol Actual dimension Experiment model 
Story height h 4.0 m 0.306 m 
Number of stories Nf 60 4 
Fundamental period of a building T1 5.8 s  0.63 s* 
Damping factor of a building ζb 0.01 0.021* 

Mass of each layer 

mb1 1.0×106 kg 4.47 kg 
mb2 1.0×106 kg 4.37 kg 
mb3 1.0×106 kg 3.65 kg 
mb4 1.0×106 kg 3.95 kg 

Mass of a traction sheave mt 1.9×104 kg 0 (not modeled) 
Number of finite elements of elevator rope Nr – 16 
Tension force of elevator rope FT 1.66×104 N 0.35 N 
Length of elevator rope L 232 m 1.18 m 
Fundamental period of elevator rope Tr1 4.7 s  0.48 s* 
Damping ratio of elevator rope ζr 0.008 0.015* 

*: a value measured for the experimental specimen 
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rope at the height of the i-th node; the parameters, FT, Nr 
and L are the tension force of the elevator rope, the number 
of finite elements of the rope, and the length of the elevator 
rope. 

Figure 2 shows the experimental specimen, which is a 
scaled model of a high-rise building shown in Table 2. An 
AMD is settled on the top layer as a vibration control 
device. The specimen is made of aluminum, and its column 
consists of two plates with a spacer panel between them as 
shown in Figure 3, which can increase allowable 
displacement with keeping its stiffness. The model of 
elevator rope is made of a copper plate as shown in Figure 
4. The plate is 0.2 mm thick and its width varies linearly 
from 5 to 8 mm so that the tension force due to the dead 
load keeps constant in length direction. The top of the rope 
is fixed on the top layer of the building model, and the 
bottom of the rope is connected to a weight, in which a 
elevator car is modeled (Figure 3). The weight is 
sandwiched by screw bolts from both sides to realize a 
pinned support. 

The fundamental periods and damping factors of the 
specimen of a building-rope system are evaluated based on 
the ARMA method using a record of free vibration, which 
is caused by giving initial displacement. The identified 
results are shown in Table 2, which are indicated by 
asterisks (*). The specimen has fundamental periods of 
almost 1/10 of those of the actual dimension model as it is 
designed. On the other hand, the specimen has twice larger 
damping, but it is the same that the rope has smaller 
damping than the building. 

 

 
Figure 2  Experimental Specimen of a Building and 

Elevator Rope System 

 
Figure 3  Close-up View of Foundation of Specimen: 
Weight as a Model of Elevator Car and Joint Between a 

Column and a Base Plate 
 

 
Figure 4  Model of Elevator Rope 

 
 
3.  VIBRATION CONTROL METHOD 
 

In this study, two evaluation functions (cost 
functionals) are separately used for an LQG control of the 
experiment model based on Baba and Kohiyama (2010); 
one is aimed at the suppression of interstory drift and the 
other is for control of elevator rope. 

The interstory drift of the building, zb, and the distance 
between a building and elevator rope, ze, are given as 
follows: 
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Since the number of finite elements of the rope, Nr, is set to 
16, there are 15 unconstrained nodes between them. 

The evaluation function for building control, Jb, and 
that for elevator rope control, Je, are formulated using these 
responses as the control objectives in the following way: 
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where Rb and Re, are the constant weight coefficients for the 
control force u. In this study, Rb = 0.100 rad2/N2 and Re = 
0.316 m2/N2 are used. These weight coefficients are 
evaluated based on the AMD characteristic, e.g. the 
maximum output force. 

In the LQG control, the control gain is derived from 
the Riccati equation comprising a weighting matrix (Cb

TCb 
or Ce

TCe) and a weight coefficient (Rb or Re). The state 
space equation is given as follows: 
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and w represents Gaussian white noise processes with a 
covariance matrix, which is determined by the 
characteristics of AMD. The control forces u for two 
control objectives are respectively defined by: 
 

 Xgb−=u  (21) 

 Xge−=u  (22) 

where the feedback gains gb and ge are given by: 
 

 b
1

bb PBg T-R=    (23) 

 e
1

ee PBg T-R=    (24) 

 
In the above equations, Pb and Pe are the solution of the 
following Riccati equations (25) and (26), respectively: 
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Hereafter, the controls using gains gb and ge are called 
“Building Control” and “Rope Control”, respectively. 
 
 
4.  VIBRATION CONTROL EXPERIMENT 
 

To substantiate the effectiveness of the proposed 
control method, an experiment is carried out using the 
specimen explained in Section 2. First, initial displacement 
of 30 mm is applied at the top layer of the specimen, 
statically. Then, the specimen is released and the induced 
vibration is observed. Acceleration sensors and a laser 
displacement gauge are allocated as shown in Figure 5, of 
which measured values are used for the vibration control. 
Other quantities of the state variables than the measured are 
estimated by using the Kalman filter. Regarding the control 
system, used instruments are shown in Table 3. 

The vibration is compared among three conditions of 
control: (i) uncontrolled, (ii) Building Control, and (iii) 
Rope Control. The experiment results of the response time 
history are shown in Figures 6 and 7. 

Figure 6 shows the time history records of the distance 
between the 2nd layer and the elevator rope at almost the 
center in the height direction, which are observed by the 
laser displacement gauge. It is observed that the 
performance of Rope Control is better than that of Building 
Control in terms of this rope response. 

 

  
Figure 5  Sensors Allocation 

 

Acceleration sensor

Laser displacement gauge
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Table 3  Instruments of Control System 
Component Used instrument 

Slider THK VLAST45 

AC servomotor Mitsubishi Electric 
HF-KP053 

Laser displacement gauge KEYENCE LK-G400 
Acceleration sensor Showa Sokki Model-2431
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Figure 6  Responses of Rope Model 
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(a) 3rd Story 
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(b) 4th (Top) Story 

Figure 7  Responses of Building Model 
 

Figure 7 shows the time histories of the interstory drift 
at the top story, which are calculated from acceleration 
records. Note that the initial drifts are not calculated 
precisely because a band-pass filter from 0.1 to 10 Hz is 
applied to the records in measurement. As expected, 
Building Control suppresses the response of a building 

model effectively. It should be noted that the response of 
Rope Control is worse than that of the uncontrolled 
condition. This is because that the control force is applied 
to the top layer and it induces the large response at the top 
story. This behavior is confirmed by a simulation analysis. 
Since we adopt the LQG control as a control method for 
the experiment, it is not the maximum response but an 
evaluation function, i.e. an expected value of a target 
response under stationary excitation, that is minimized 
explicitly. 
 
 
5.  CONCLUSIONS 
 

In this study, we conducted an experiment using a 
scaled model of a high-rise building and elevator rope, and 
investigated whether the response of elevator rope could be 
controlled effectively with the building control device of an 
AMD. Initial displacement was applied to the specimen 
and the responses were observed and compared under three 
conditions: uncontrolled, controlled to suppress the 
interstory drift of the building model, and controlled to 
reduce the distance between the building and the elevator 
rope models. 

It was verified that the elevator rope model was 
effectively controlled by the AMD equipped on the 
building model, and the rope response was settled rapidly 
when the AMD was controlled to reduce the distance 
between the building and rope models. When changing the 
control objectives to suppress the interstory drift, the 
reduced response of the building model was observed 
compared with other control conditions. 

In future studies, we will conduct shaking table tests to 
demonstrate the effectiveness of the proposed method. In 
addition, other control methods will also be explored such 
as multi-objective control choosing proper control 
objectives considering level of the building response. 
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Abstract:  Recent earthquakes highlight the fact that structures able to withstand very intense earthquakes without 
collapse may still pose serious challenges for their owners, tenants and communities in the period following the event.  
As such, increasing attention is being placed on the design of resilient structures where design criteria include minimizing 
the disruption and costs associated with post-earthquake recovery, as well as safety and economy.  While 
performance-based methods can be used to evaluate a facilities ability to attain various performance states, they are 
essential in the design of resilient structures. A short example is presented herein to illustrate the use of available PBEE 
methods in comparing the response and performance of four alternative structural systems applied to the same facility.  

 
 
1.  INTRODUCTION 
 

Performance-based earthquake evaluation (PBEE) is a 
powerful tool for assessing the likely performance of 
structures over their operational life or to scenario events.  
Fundamentally, performance is expressed in terms of 
variables of concern to stakeholders having on-going 
interests in the facility; i.e., owners, occupants and public 
officials as well as representatives of financial and insurance 
companies.  As such, seismic performance is most often 
expressed in terms of direct costs of construction and repair, 
impacts associated with loss of use, and the potential for 
injuries and casualties. Given the uncertainty regarding the 
characteristics of future earthquakes and seismic response, 
performance is generally described in probabilistic terms.  
For instance, the mean annual expected costs associated with 
seismic repairs, the confidence that downtime will not 
exceed a specified value (i.e., 72 hours), and so on.   

Methodologies to systematically characterize 
earthquake hazards and risks have been extensively 
developed.  One such method was developed by the Pacific 
Earthquake Engineering Research Center (PEER) and is 
shown schematically in Figure 1. In this methodology, 
information is developed to describe probabilistically the 
intensity and characteristics of ground shaking (or other 
seismic hazards) at the site. Ensembles of ground motion 
records are then developed to represent excitations expected 
at the site, ranging from ones that might occur frequently to 
ones expected only very rarely. These records are used in 
conjunction with dynamic analysis software and 
appropriately selected numerical models of the facility to 
simulate the range of responses that the facility might 

experience throughout its lifetime. Engineering demand 
parameters (EDP) are identified to characterize damage for 
the various intensity measures (IM) used to characterize 
ground shaking. Numerous EDPs may be used to 
characterize the effect of the seismic response on the 
structural system, foundations, nonstructural and 
architectural elements, mechanical, plumbing and electrical 
systems, and contents. In lieu of comprehensive lists of 
engineering demand parameters, relations are often 
developed between local responses (strain in members, 
plastic hinge rotations, etc.) and global parameters such as 
story drifts, floor level accelerations and residual drifts. The 
selected EDPs are related to parameters used to measure 
damage (DM) in various components and elements (like bar 
buckling, broken windows, etc.). These DMs are then used 
to estimate losses or consequences (decision variables -- 
DV) of interest to stakeholders (i.e., business interruption, 
repair costs, etc.) upon which they can make decisions.   

Figure 1. Schematic of PEER PBEE methodology 
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More recently, this methodology has been refined, 
including development of EDP-DM and DM-DV relations 
and modeling guidelines (ATC, 2012). The computational 
tool, PACT has been developed as part of that effort to assist 
in carrying out EDP-DM-DV calculations.   

Currently, PBEE methods are generally used to assess 
particular structural systems. The primary DVs considered 
focus on repair costs and time needed to implement repairs.  
Little information is available on downtime associated with 
planning and on impacts associated with loss of function.  

In this paper, PBEE methods are used to evaluate the 
relative performance of a three-story office building 
designed considering four alternative lateral load-resisting 
systems. All systems are designed according to a modern 
building code applicable to highly seismic regions of the US. 
Comparisons are made considering structural responses such 
as median values of maximum story drift and maximum 
floor acceleration, as well as median annual repair costs and 
scenario based repair costs for each of the structures. Special 
emphasis is placed on those factors that contribute 
significantly to the economic losses, the ability of various 
structural systems to reduce these losses, and the adequacy 
of current methods for estimating EDPs and DVs. 
 
2.  BUILDINGS CONSIDERED 
 

A three-story tall, steel office building is considered for 
all of the cases considered. The basic building has plan 
dimensions of 45.7 m by 54.9 m, with a typical bay spacing 
of 9.14 m in each direction. Story heights are all 4.57 m. The 
buildings were designed by a professional engineering firm 
(Morgan, 2008) to meet minimum code standards for design 
according to the Equivalent Lateral Force Method (ASCE-7, 
2005). The buildings were assumed to be located on stiff soil 
(site class D with reference shear wave velocity = 180 to 360 
m/s). Representative of many locations in California, code 
spectral accelerations were selected to be for short periods at 
this location are Ss = 2.2g and S1 = 0.74g at a period of 1 sec.  

Four lateral load-resisting systems are considered in this 
paper. Two of these are fixed base designs: (1) a special 
moment resisting frames (SMRF) that utilizes reduced beam 
section prequalified beam-to-column connection details, and 
(2) a special concentric braced frame (SCBF). Two systems 
are seismically isolated at their base, and utilize for the 
lateral-load resistance of their superstructures: (3) an 
intermediate moment resisting frame, and (4) an ordinary 
concentric braced frame. The IMRF utilizes a lower force 
reduction factor in its design, in conjunction with simpler 
connection details.  Significantly, IMRFs do not require a 
strong column-weak girder design approach. For the OCBF, 
a lower R factor (2) was used compared to the SCBF design 
(6).  An alternative configuration was also used for the 
OCBF in an attempt to minimize tensile forces and uplift in 
the bearings.  

Figure 2 shows the configurations of the lateral load 
resisting systems used. These frames were used only on the 
perimeter of the building. 

 

Fig. 2 Lateral load resisting systems considered 
 
3. GROUND MOTIONS  
 

The set of ground motions used in the analysis were 
selected to match the uniform hazard spectrum and 
associated causal events for a site in Oakland, California. 
Forty 3-component ground motion records were selected to 
represent the ground motion hazard at each of three hazard 
levels (2%, 10% and 50% probabilities of exceedence in 50 
years).  More information on these motions can be found 
elsewhere (Baker, 2010). Good agreement can be seen in 
Figure 3 between the median pseudo-acceleration response 
spectra for the fault parallel and fault normal components of 
the 10% in 50-year and 2% in 50-year hazard level events 
and the code stipulated DBE and MCE spectra used in the 
design of the buildings. For the response analyses, 80 pairs 
of horizontal plus vertical motions were used at each hazard 
level for each structural model. 
 
4. ANALYSIS MODEL AND METHODS 
 

To simplify the analysis for the purpose of this 
comparison, the time history analyses of all buildings are 
performed on appropriately modeled 2D frames. The lateral 
load resisting frames described above were used only on the 
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perimeter of the building. Gravity-load-only type 
connections were used elsewhere in the structure. Additional 
modeling assumptions are described below. 

Figure 3. Comparison of median Pseudo-Accelerations   
for Records used in Analysis with Code          

Stipulated Design Spectra 

1. Half of the lateral floor mass was assigned at each floor 
of the 2D frame, equally distributed among all nodes of 
that floor. Vertical mass equal to the (tributary weight)/g 
was assigned to the same nodes.  

2. Damping was assigned to the frames based on 
PEER/ATC (2010) recommendations. The damping 
ratio was generally taken to be 3%. For the fixed base 
building, Rayleigh coefficients were calculated based on 
two periods, Ti=0.2T1 and Tj=1.5T1 where T1 is the 
fundamental period. For the isolated building the term 
1.5T1 is replaced by 1.5Teff, where Teff is the effective 
fundamental period of the seismically isolated structure. 
For the fixed base case, the viscous damping ratio was 
increased to 5% to account for local yielding at this level 
that was not incorporated into the numerical model.  

2. Floor slabs were assumed to be axially inextensible. 
3. P-Δ effects from the gravity columns are accounted for 

by using leaning column (Gupta and Krawinkler, 1999). 
The gravity load was equal to the half of the gravity load 
per floor minus gravity load acting on the columns of the 
lateral load-resisting frame. The leaning column was 
modeled with concentrated plastic hinges at the element 
ends (one column per story). The moment capacity of the 
plastic hinges was equal to the summation of the 
capacities of all the other columns that were not part of 
laterally resisting system under consideration divided by 
2.  The leaning column was constrained to have the 
same lateral displacement as lateral load-resisting frame.  

4. The effects of large deformations of beam and column 
elements of all structural systems are accounted for 
utilizing P-∆ nonlinear geometric transformation. 
However, braces used corotational transformation to 
capture lateral buckling of the braces.  

5. The frames were subjected to one horizontal and a 
vertical component of ground motion.  

6. The isolators are modeled with a simple bi-linear model 
developed to represent hysteretic behavior of lead rubber 
bearing. The model was designed to meet the 

characteristics of the seismic isolation system set by 
designer (Morgan, 2008). In case of MCE, the effective 
period, the effective damping, and maximum horizontal 
displacement were Teff = 3.07 sec, βeff = 15.8%, and DM = 
24.3 in. For DBE, these parameters are Teff = 2.77 sec, 
βeff = 24.2%, and DD = 12.7 in.  
The numerical model was implemented in OpenSees 

(McKenna and Fenves, 2004). For the moment-resisting 
frames, centerline models with elastic elements and 
concentrated plastic hinges were used. Beam and column 
elements are modeled as elastic with modified stiffness so 
that the equivalent stiffness of rotational spring - elastic 
element - rotational spring assembly is equivalent to the 
stiffness of the actual frame member (Ibarra and Krawinkler, 
2005). Hinges are defined with zeroLength elements 
(rotational springs). The hinge moment-rotation relationship 
was defined using Hysteretic Material of OpenSees. The 
moment-rotation relationships for RBS and non-RBS 
connections are developed based on recommendations from 
PEER/ATC (2010). The Hysteretic Material for RBS section 
is calibrated to closely resemble experimental results for 
RBS connections performed by Uang (2000).  

For the braced frames, centerline models were again 
used. Beams, columns, and braces are modeled utilizing 
force-based beam-column elements of OpenSees (with fiber 
section) that consider distribution of plasticity along the 
element. The Menegotto-Pinto hysteretic model is used for 
the steel fibers, with extensions included for kinematic and 
isotropic hardening. Gusset plates were modeled with very 
stiff elastic elements and were rigidly connected to braces, 
beams, and columns. Inelastic buckling of the concentric 
braces was modeled by small perturbation in displacement at 
the midpoint of the brace and with the use of corotational 
transformation to represent large deformation effects. 
Fatigue of beams and columns was accounted for by using 
well-calibrated fatigue model for I-sections (Uriz and Mahin, 
2008). Due to the lack of the fatigue models for the brace 
sizes used in this design, the fatigue of braces was not 
modeled. 

 
5.  COMPARISON OF RESPONSE 
 

While numerous parameters need to be considered to 
fully evaluate structural response, it is common to correlate 
performance to engineering demand parameters based on 
peak story drift, peak floor level accelerations and residual 
drifts.  The median EDPs corresponding to median peak 
story drift and floor accelerations for the 50%, 10% and 2% 
probabilities of exceedence in 50 years are shown in Figures 
4 and 5, respectively. Results for residual displacements are 
not shown in these comparisons. Results are plotted only for 
the fault normal ground motion cases. These are similar in 
characteristics to those for the fault parallel motions. 

At the 50%/50-year hazard level, Figure 4 shows that the 
isolated OCBF frame is most effective in limiting story drift, 
followed at this level of excitation by the fixed base SCBF 
system. Lateral buckling of the braces occur in these braced 
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frames at a drift of about 0.3% drift. As a result, essentially 
elastic behavior is expected of both systems in the median 
case at this level of excitation.  Both moment resisting 
frames displace substantially more than either braced frame. 
However, it is notable that the median story drift for the 
isolated IMRF is higher than for the fixed base SMRF. This 
is due to the greater flexibility of the isolated moment frame. 
That is, while the fixed base frame has higher design forces, 
and larger permissible code drift limits, the substantial 
reduction in base shear for the isolated moment frame results 
in disproportionately smaller members and larger drifts. 
Both frames are expected to yield at a drift slightly larger 
than 1% so elastic behavior is expected at this level of 
excitation for the fixed base and isolated moment frames. 

At the design level (10%/50-year) excitation, the isolated 
OCBF continues at the median level to have small, 
essentially elastic drifts, while the fixed base SCBF has 
drifts 2 to nearly 4 times larger than those corresponding to 
onset of brace buckling. Thus, drifts in the SCBF are large 
enough in the to result in lateral bucking of braces at all 
levels.  The both moment frames have drifts larger than in 
either braced frame, with yielding expected in all levels of 
the fixed base frame, but somewhat lessor damage in the 
lower levels of the isolated IMRF.   

 At the MCE hazard (2%/50-year) level, greater 
differences are apparent among the four systems. Again the 
isolated OCBF has the smallest median story drifts of the 
four systems, with only slight lateral brace bucking expected 
on average in the second story braces.  The median drifts 
for the fixed base SCBF system are on the order of 1% over 
the full height of the building, resulting in significant lateral 
buckling of braces at all levels.  The fixed base SMRF has 
the largest drifts among all of the systems at every level, 
with peak median values reaching nearly 2.7%. This drift is 
within the expected capacity of prequalified RBS 
connections, but will likely necessitate significant repairs 
throughout the structure. In some of the analysis runs, 
residual displacements are significant and repair may be 
infeasible or uneconomical. The isolated IMRF has 
displacements only about 15 to 20% less than that of the 
fixed base structure and again, substantial repair may be 
anticipated throughout the isolated structure. These drifts in 
the isolated moment frame are believed to be associated with 
the code provisions for IMRF that do not require strong 
column-weak girder proportioning, permit beam-column 
panel zones to be weaker than the members framing into 
them and use a R factor of 2.  Thus, yielding at the MCE 
level is not surprising for isolated systems that follow 
minimum code safety related requirements. 

While drift demands depend mainly on whether a 
moment or braced frame is used, the median values of peak 
total acceleration at each floor depend on mainly on whether 
the system is isolated.  In Figure 5, results for the isolated 
OCBF and isolated IMRF at the 50%/50-year hazard level 
are both smaller than their fixed base counterparts.  The 
isolated systems have median floor accelerations less than 
0.25g, with lower values being consistently shown for the 
isolated OCBF. These levels of acceleration would not be 

expected to cause much damage to contents and 
nonstructural components. Accelerations in either fixed base 
system are about double these values, with higher values 
occurring in the braced frame.   

For the DBE and MCE level shaking, the same trends are 
observed, but the differences between fixed base and 
isolated structures increase. For example, at the MCE 
(2%/50-year hazard level, the isolated OCBF maintains 
median peak accelerations around 0.4g, less than half of the 
peak ground accelerations. The isolated IMRF has median 
accelerations around 0.5g to 0.6g.  In contrast, the fixed 
base SMRF develops the greatest median peak 
accelerations; on the order of 1.3 to 1.5g for MCE ground 
shaking. The need to stiffen the SMRF to satisfy code drift 
limits resulted in a structural system substantially stronger 
than the SCBF system, even though the SCBF has a smaller 
response modification factor (R) and a shorter period (and 
thus higher design spectral pseudo-acceleration). 
 Thus, it is clear that isolation substantially reduces the 
accelerations in both moment resisting and braced frames, 
Braced frames in either fixed base or isolated systems result 
in far smaller median drift demands. In general, for the cases 
considered here, the isolated OCBF has the smallest story 
drifts and floor accelerations, while the moment frames have 
the greatest drifts and accelerations. 
 
6. PERFORMANCE ASSESSMENT 
 
    The computer software, Performance Assessment 
Calculation Tool (PACT II), aims to implement the 
aforementioned PBEE methodology to obtain DVs from 
EDPs. A pre-release beta version of PACT II was used in 
the following assessments. The user enters information on 
the type of structural system used, building occupancy, 
number of stories, plan dimensions, and the nature of the 
various structural and nonstructural elements and contents.  
Because of the large computational effort expected in 
computing the seismic response for large enough suites of 
ground motions to characterize the full IM-EDP relation for 
all hazard levels, PACT uses a simulation technique to 
simulate large numbers of realizations of story drift and floor 
accelerations based on statistics developed on a smaller 
subset of motions. In this case, median values and standard 
deviations were obtained for the 80 sets of ground motions 
for each of three hazard levels, as described previously.  
These were expanded into a set of 400 realizations by PACT 
that were used as the basis of Monte Carlo estimation of 
DVs. Simple Euler integration of the resulting DVs is used 
to compute total losses. Thus, a large number of realizations 
are needed to represent the tails of the various distributions.  

In this analysis, each building’s footprint and contents 
are the same, the only difference being their respective 
structural systems. Because of this, the difference in costs 
will only be considered to compare systems. The baseline 
for return on investment calculations will be taken as the 
steel moment resisting frame building, and the other three 
buildings will be contrasted against the average and total 
lifetime repair costs of the baseline. 
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(a) (b) (c) 

  Figure 4.   Median drift of four considered structural systems (SMRF, isolated IMRF, SCBF, and isolated OCBF) for three 
hazard levels (50%/50yrs, 10%/50yrs, 2%/50yrs) when frames are subjected to fault normal (FN) component of ground motion: 

(a) 50%/50yrs., (b) 10%/50yrs., (c) 2%/50yrs. 
 

   
(a) (b) (c) 

  Figure 5.   Median absolute acceleration of four considered structural systems (SMRF, isolated IMRF, SCBF, and isolated 
OCBF) for three hazard levels (50%/50yrs, 10%/50yrs, 2%/50yrs) when frames are subjected to fault normal (FN) component of 

ground motion: (a) 50%/50yrs., (b) 10%/50yrs., (c) 2%/50yrs. 
 

Repair costs are subject to construction demand ebbs 
and flows, as well as inflation. Because construction demand 

is largely cyclical in line with the real estate market, the rate 
of increase will be considered on par with the average 
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interest rate. This is a simplification because of uncertainty 
with regards to demand pricing following an earthquake and 
increasing scarcity of construction materials.  

The relative return on investment comparing the four 
buildings with the SMRF case can be computed for a 
50-year lifecycle and a 5% discount rate as: 

 

This equation allows the relative economic benefits of 
each system over the life of the system to be compared 
assuming each building’s design lifetime is 50 years, and the 
real discount rate is 5%,   

The cost analyses shown below are preliminary, in 
keeping with the beta status of the software PACT.  The 
incremental cost of isolating the two building cases that 
employ base isolation is estimated to be $540/m2 or 
$1,080,000 for this building. Much of this cost is associated 
with excavating and furnishing space below the ground floor 
slab to install the isolators and to provide a structural slab at 
the ground floor.  If a basement were provided in all cases, 
or if the isolators would be installed at the top of the first 
floor columns, it may be possible to reduce this cost 
substantially.  Similarly, if this same cost were associated 
with a taller building, the cost of isolation as a fraction of the 
total construction cost would reduce. Due to the small size of 
the building, and the small portion of the total costs 
contributed by the lateral load resisting systems, the 
structural systems are all assumed to cost the same. 
Furthermore, the nonstructural elements were not redesigned 
to take advantage of the lower accelerations observed in the 
isolated buildings or the reduced drift in the isolated OCBF 
system.  In reality, the initial cost of the isolated structural 
systems and nonstructural components would be expected to 
reduce because of the smaller member sizes and lower 
design forces and drifts for the nonstructural components. 
These refinements are currently being assessed. 

As can be seen in Table 1, the expected repair costs for 
the 50%/50-year hazard level are not insignificant. The 
Isolated IMRF has the lowest damage while the SCBR has 
the largest repair cost. However, the range of repair costs for 
the four alternative systems is not large. 

For the fixed base SMRF and isolated IMRF, the three 
largest contributors to the losses are from interior partitions, 
elevator and ceiling tile. For the SCBF, PACT suggests the 
three largest contributors to repair costs are the elevator, 
replacement of numerous braces and ceiling tile. For the 
isolated OCBF, PACT suggests that the three largest 
contributors to repair costs are replacing braces, elevator and 
ceiling tile. In examining the results, it appears that the 
fragility curve used for OCBFs trigger replacement of braces 
at about half of the story drift that would be required for 
SCBF systems. In either case, modest buckling of braces is 
assumed sufficient to necessitate replacement of the braces 
and gusset plates. In the case of the isolated braced frames 
the median story drift was substantially below the onset of 

buckling, but the fragility functions in PACT suggest that 
63% of the braces probably need replacing at this level of 
excitation, even for an isolated building.  For the SCBF, 
larger drifts at buckling are permitted prior to replacement 
and only 27% of the braces are expected to be replaced.  
Thus, some examination and adjustment of PACTs bracing 
fragilities is needed in future refinements of this research.  

  
Table 1 – Intensity based repair cost estimates          

for given hazard level (HL) and confidence            
level (CL) for 50-year lifecycle 

H
L 

CL SMRF 
Isolated 
IMRF 

SCBF 
Isolated 
OCBF 

50

% 

50% $308,750 $270,000 $340,000 $283,750 

90% $470,000 $485,000 $560,000 $460,000 

10

% 

50% $1,270,000 $708,333 $1,113,333 $782,500 

90% $1,840,000 $1,330,000 $1,625,000 $1,235,000 

2

% 

50% $1,526,666 $1,300,000 $1,720,000 $1,283,333 

90% $2,185,000 $4,800,000 $2,285,000 $1,950,000 

 
As noted, the elevator contributes substantially to the 

damage predictions at the 50%/50-year hazard level for both 
isolated systems. This appears to be because PACT 
associates damage with velocity of the lowest floor (ground) 
level.  Since it is expected that the elevators in the isolated 
structures will be suspended from above, the costs for 
elevator damage are likely over-predicted by PACT in these 
examples.    
 At the MCE hazard level, damage repair costs increase 
substantially. At the 50% confidence level, the SMRF 
requires the most repair cost and the isolated OCBF the least.  
For the SMRF, only 5% of the total repair cost is associated 
with repairing the structural system – the three largest 
contributors to cost are the ceiling tile, interior partitions and 
elevator.  For the isolated IMRF, the repair cost associated 
with the moment frame increases to 15% of the cost (for the 
WUF-B connections) due to the large drifts predicted at the 
MCE level hazard.  The three largest contributors to repair 
cost for the isolated IMRF as predicted by PACT are the 
ceiling tile, interior partitions and exterior glass (tied with 
elevator damage).  
 It is interesting to note that the largest loss predicted at 
the 90% confidence level for the MCE event is for the 
isolated IMRF. This is more than twice that for the fixed 
base SMRF or SCBF. This appears to be the result of very 
large drifts developing for some of the records. As noted 
previously, IMRFs are not designed to have strong 
column-weak girder proportioning. Some of the residual 
displacements for this system are also quite large. However, 
the costs associated with repairing residual displacements 
are not included in the version of PACT used in these 
studies. 
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Figure 6. Damage repair costs at MCE hazard level for 
various performance groups. 

 
 While it is clear that the cost and fragility functions 
used in PACT and similar programs need to be carefully 
reviewed and adjusted for the particular components, 
elements and details used in a specific structure (to avoid 
reliance on the default values used herein), it is also clear 
that data like that described above and shown in Figure 6 can 
be extremely useful in improving the performance of a 
building. Figure 6 shows the contribution of various 
components, elements and contents to the repair costs so 
actions to improve performance can be targeted at those 
features that most greatly impact costs (or downtime). 
 For example, for the case of the isolated OCBF, use of 
slightly larger braces to maintain elastic behavior in the 
50%/50 year event level events may be warranted, and such 
increases may be economical even for the MCE event if they 
reduce the substantial damage estimated in the braces and 
partitions. Similarly, actions can be taken to improve the 
behavior and performance of the isolated IMRF, based on 
the contributors to the repair costs. That is, efforts to reduce 
story drifts by reducing the tendency for this structure to 
yield, and to reduce drift by increasing story lateral stiffness 
can be explored. Damage to ceiling tiles and other elements 
are associated with floor level accelerations so use of lower 
strength and longer period isolation systems might improve 
performance.  

It is apparent from the response predictions that all of 
the structures achieve a high confidence of avoiding collapse 
for the MCE level event. Specific data demonstrating this 
are not shown herein, but all are able to satisfy minimum 
safety requirements of current building codes. Safety may be 
of utmost concern to some, while others may be concerned 
about repair costs or business interruption.  Thus, it is clear 
that assessment of performance depends substantially on the 
perspective of the stakeholder.   

Instead of the scenario-based assessments of 
performance, lifecycle losses can also be estimated.  
Because low probability seismic events that can cause high 
damage and repair costs are rare, they may not contribute as 
much as one might be expected to the mean annual loss. 
That is, systems that incur moderate repair costs in smaller 
but frequent events may have quite large annual losses. Life 
cycle costs integrate losses across the entire hazard spectrum, 
not just on the worst-case condition. The results of such life 
cycle cost assessments can be observed in Table 2.  
 In Table 2, the median annual losses predicted by 
PACT range from $10,940 to $15,152. The lowest value is 

for the isolated IMRF and the highest is for the SMRF. Thus, 
although the losses for an isolated IMRF are quire high for 
an MCE level event, they have relatively low damage in 
frequent events, giving a low expected life cycle cost.  
 It can be also observed that all of the systems develop 
sufficient lateral displacement to require substantial repair of 
nonstructural elements such as interior and exterior partitions, 
ceiling tiles, elevators, glass and so on.  Since these and 
other similar fragile elements contribute 70% or more of the 
total cost of the building, relative large differences in repair 
costs to the structural system will not result in large 
differences in median annual losses.   
 

Table 2. Life Cycle Cost Assessment 
(50-year life, 5% discount rate) 

Building 
Type 

Median 
Annual 

Loss 

Average 
Lifetime 

Repair Costs  

Average 
Lifetime 
Savings 

Relative to 
SMRF 

SMRF $15,152 $276,613 $0 

BI-IMRF $10,940 $199,730 $76,883 

SCBF $14,997 $273,797 $2,816 

BI-OCBF $11,305 $206,383 $70,230 
  
 Also shown in Table 2 are the expected lifetime savings 
of fixed base SCBF system and the isolated IMRF and 
isolated OCBF compared to the SMRF system. This shows 
basically the same lifetime costs for the SCBF system as for 
the SMRF.  The same lifecycle cost of isolating a moment 
resisting frame and a concentrically braced frame are about 
the same, and they are both cost less than the SMRF.  
However, this lifetime savings for these code-based designs 
predicted by PACT are only about $70,000 to $75,000. 
Since the isolation system is postulated to cost a little more 
than $1 million more than the SMRF, the lifetime savings do 
not recover the initial outlay for installing the isolation 
system.  
 Thus, if the PACT economic projections are valid, 
building code provisions that are intended to provide life 
safety during very rare seismic events result in substantial 
differences in responses and damages to the structural 
system, but in similar life cycle performance for all of the 
systems considered herein. That is, differences in structural 
response of primary interest to engineers may not be 
reflected in reduced scenario or life cycle repair costs of 
interest to owners, occupants or insurance companies. This 
is not to say that isolation or braced frames are not beneficial, 
but only that the current code requirements target structural 
behavior consistent with life safety and not continued 
occupancy or reduction of lifecycle costs.  
 As such, tools like PACT when calibrated to the 
particulars of a specific design are essential tools for 
improving performance beyond the minimum safety 
requirements of the code.  
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 Missing in the current assessment are losses associated 
with loss of occupancy.  For facilities with permanent 
residual displacement, there may be substantial additional 
costs not considered herein associated with surging 
personnel and operations to other locations, shoring or 
strengthening unsafe structures, and demolition, as well as 
designing and building a replacement facility These and 
similar impacts are difficult to characterize, but important to 
consider as they may increase the computed losses by a 
considerable amount. The costs of downtime for an owner 
/occupant include losses of revenue, costs of surging staff to 
alternative workspaces, loss of market share, and so on. 
Programs like PACT estimate the time required for repair. 
These estimates may be far different from the total 
downtime, as the time to inspect and design repairs, get 
permits for repair work, secure financing for the costs of 
repairs, identifying and mobilizing construction workers and 
material are not included.  
 As evidenced by recent earthquakes in New Zealand 
and Japan, disruption of operations in one business can also 
have substantial contingent business interruption impacts on 
other local or global enterprises.  Thus, the true cost of 
downtime to the may be difficult to characterize, but 
essential to estimate from the perspective of the owner, 
tenants and financial investors (and insurance companies) 
involved, as well as from the macroeconomic and social 
perspective.  Because of the magnitude of losses associate 
with loss of service or occupancy, efforts to develop project 
specified designs that exceed minimum safety requirements 
of building codes and that permit continued post-event 
occupancy might well be cost effective. 
 The effect of residual displacements on loss estimates 
has had limited investigation. However, large residual 
displacements on buildings in New Zealand and elsewhere 
are increasing concern over this issue.  While it may be 
technically feasible to straighten buildings with concentrated 
drifts at particular stories, drifts exceeding about 1% have 
typically resulted in demolition of the structure.  In many 
countries, demolition may necessitate detailed investigations 
and removal of potential toxic or harmful materials such as 
asbestos, removal and recycling of material such as metals, 
concrete and so on, strengthening of a damaged structure to 
insure safety of workers carrying out the demolition work, 
evacuation of adjacent buildings, and shoring of foundations 
for buildings and streets for buildings with basements. While 
the costs of actually demolishing a structure are generally 
considered small, the overall cost including all of these 
related issues and surging occupants to other locations and 
replacing the building may be substantial.   
 
7.  CONCLUSIONS 
 

Performance-based earthquake evaluation has 
developed over the past two decades to a point where it can 
be applied to particular structures.  In design, it can be used 
to identify systems, proportions and details that can improve 
the overall performance of structures considering 
minimization lifecycle losses associated with casualties, 

repair and downtime. However, as demonstrated in this 
paper, more work is needed to develop and validate specific 
quantitative information on the losses and consequences of 
damage to the structural system, nonstructural elements and 
contents.  

In particular, it is shown that different structural 
systems can achieve greatly different response 
characteristics and structural damage, when designed 
according to current building codes.  Codes in the US are 
currently oriented towards preventing collapse and not 
minimizing economic loss or permitting sheltering in place 
while repairs are done.  By comparing various systems, 
even ones that employ seismic isolation, it is clear that 
damage to nonstructural components and contents, can 
trigger expensive and extensive repairs. Thus, current codes 
may be adequate for protection of life in most cases, but 
PBEE methodologies are needed to assess the ability of 
alternative and enhanced designs to achieve continued 
functionality of a structure following an earthquake and to 
achieve a desired return on the investment used to enhance 
performance.  

To this end, further research is underway to refine the 
cost estimates and EDP-DM-DV relations used in this study, 
but also to explore cost-effective modifications to the 
structural systems suggested by this preliminary 
investigation that may improve performance. For example, 
the use of superstructures for the isolated structures that are 
expected to remain essentially elastic in larger events, and 
use of types of nonstructural elements that are more resistant 
to onset of damage may be quite cost effective in terms of 
reducing scenario and lifecycle losses.  
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Abstract: Guided wave technique is an efficient method for monitoring integrity of infrastructural components like 
underground pipe networks transporting water, gas, fuel etc. Efficient detection depends on identification and 
selection of appropriate guided wave modes and application of efficient signal processing techniques. This paper 
reports investigations that were carried out to detect defects in underground pipes using cylindrical guided waves. 
Cylindrical guided waves were generated by piezo-electric transducers and are propagated through the underground 
pipes in a pitch-catch arrangement of sensors. The recorded signals are then processed using 2-D Short Time Fourier 
Transform (STFT) or Gabor Transform. Gabor transform maps the time-amplitude signal into a two dimensional 
time-frequency signal which provides information about both when and at what frequency a signal arrives. In other 
words, Gabor Transformation provides information about the group velocities of the signal. The pipes were kept both 
in open air and buried in the soil for the experimental investigations. The experimental guided wave signals are then 
processed using Gabor Transformation to identify propagating modes by comparing experimental results with 
theoretical group velocities. An effort has been made to show how the existence of defects in the pipes affects the 
propagating modes in presence of soil. 

 

 

1. INTRODUCTION 

 

    Early forecasting of the degradation process caused 

by adverse environmental effects or mechanical 

damages of distribution pipelines can save many 

catastrophic accidents. Detection of the existing 

defects in pipes is one of the major challenges for the 

structural health monitoring now a days. Application 

of cylindrical guided waves through pipes becomes 

increasingly popular in the damage detection 

techniques.  

    Gazis (1959a, b) first analytically solved the 

propagation of harmonic waves in an infinitely long 

elastic hollow cylinder. Many investigators (Silk and 

Bainton 1979, Brook et al. 1990) used guided wave 

modes for detecting wall thinning defects in cylindrical 

pipes. Rose and coworkers (Rose et al. 1994a, 1994b) 

designed a special probe which can be used both as a 

transmitter and a receiver during the pipe inspection. 

Guo and Kundu (2000, 2001) designed a new 

transducer holder mechanism for pipe inspection using 

cylindrical guided waves.  Using those transducer 

holders Na et al. (2002, 2003) generated cylindrical 

guided waves for detecting delaminations between 

steel bars and concrete interface.   

    Successful damage detection involves in proper use 

of signal processing techniques or tools. In recent years 

wavelet analysis has become a popular technique for 

processing received signals with time-varying spectra. 

Many investigators have used the wavelet analysis to 

characterize damages in materials. Cho et al. (1996) 

discussed the detection of subsurface lateral defects 

using wavelet transform on propagating Lamb waves. 

Rioul and Vitterli (1991) and Abbate et al. (1995) used 

wavelet transform for processing signals with non-

stationary spectral contents. Kaya et al. (1994) used 

wavelet decomposition to detect flaws in stainless steel 

samples. Ahmad et al (2006, 2005) used Daubechies 

wavelet functions in detecting defects for free and 

embedded pipes. 

    Gabor transform can be used as another form of 

wavelet analysis. Gabor (1947) adapted the Fourier 

transform to analyze only a small section of the signal 

at a time – a technique called windowing of the signal. 

Gabor Transform (also known as ‘Short Time Fourier 

Transform’, STFT), maps a signal into a two-

dimensional space of time and frequency. Gabor 

transform represents a compromise between the time 

and frequency based views of a signal. It provides 

information about both when and at what frequency a 

signal event occurs. ‘Elemental signals’ occupy the 

smallest possible area in the information diagram. Any 

signal can be expanded in terms of these elemental 

signals by a process that includes time analysis and 

frequency analysis. Gabor’s work was not widely 

known until 1980 when Bastiaans et al. (1980, 1981, 
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and 1985) related the Gabor expansion and the short 

term Fourier transform. Bastiaans introduced the 

sampled short time Fourier transform to compute the 

Gabor coefficients and successfully derived a closed 

form Gaussian function.  

    Murase and Kawashima (2002) tried out different 

wavelet transforms and showed that when Gabor 

functions are used as mother wavelets then one can 

plot group velocity curves for a thin aluminum plate. 

Ahmad and Kundu (2004) also used the Gabor wavelet 

transform to plot group velocities for defective and 

defect-free cylindrical pipes from experimental data. 

 

 

2.  THEORY 

 

    For the analysis of non-stationary or transient 

signals, Gabor analysis transforms a signal into a joint 

time-frequency domain. If s(t) is the signal and it is 

windowed by a function w(t) around time τ or w(t-τ) 
then the Fourier transform (FT) is given by 

 

                   (1)  

 

In Gabor transform, the window function is taken as 

the Gaussian function 

                 (2) 

 

Where, σ is a constant. In this work, Gabor wavelet 

based on the Gaussian function has been used. The 

mother wavelet and its Fourier transform are given by 

 

      

                (3)

    

 

 

 

 

 

 

              (4) 

 

Where, ωp is the center frequency and γ is a constant 

taken as γ = π(2/ln 2)
1/2

 = 5.336.  

 

 

3.  EXPERIMENTS 

     

    The primary objective of this research is to 

investigate how cylindrical guided waves can be used 

effectively to detect defects in steel pipes. Another 

issue of this research is to find out how the guided 

waves behave when the pipes are kept embedded in 

soil. Gabor transform is used as the signal processing 

tool to derive experimental 2-D group velocity curves 

for the two conditions of the both defective and defect 

free embedded pipes: (a) when the pipes are kept in 

open air (traction free boundary condition) and (b) 

when the pipes are embedded in soil. 

 

3.1 Specimens 

 

    A specimen set, consisting of two steel pipes were 

fabricated. Both the pipes were 1200 mm (~4ft) long 

and had 21.4 mm (13.5/16 inch) outer and 15.6 mm 

(10/16 inch) inner diameters. One pipe was defect-free 

and the other had a mechanical defect - gouge that was 

artificially fabricated on the pipe. The gouge anomaly 

was fabricated by pressing the outer wall of the pipe 

while keeping the inner diameter unchanged by placing 

a rigid rod inside. In gouge type of defect the outer 

walls were cold pressed. The defect covered a 

complete (360o) revolution. Table 1 gives all 

dimensions of the pipes and the defects. Table 2 shows 

the acoustic properties of steel – the pipe material. 

Properties of the surrounding soil used in this 

experiment are given in Table 3.     

 

TABLE 1.    Different types of pipe defects and their 

dimensions 

Type Pipe 

Len

gth 

(mm

) 

Diameter Thick

ness 

(mm) 

Damage Dimension 

Outer 

(mm) 

Inner 

(mm) 

Depth 

(mm) 

(% of 

thicknes

s) 

Width/ 

Diamet

er(mm) 

Defect 

Free 

(Pipe 

A) 

1200 21.4 15.6 2.9 - - 

Gouge 

(Pipe 

B) 

1200 21.4 15.6 2.9 
1.26 

(43.4%) 
5.92 

 

TABLE 2.   Acoustic properties of steel 

P-wave speed 

(km/s) 

S-wave speed 

(km/s) 

Density (gm/cc) 

5.96 3.26 7.932 

 

TABLE 3.    Soil Properties 

1.  Coefficient of Uniformity, CU = 5.0 

2.  Coefficient of Concavity, CC = 0.8 

3.  Moisture Content = 0.58 % 

4.  Compressional wave velocity, Cp ~ 220 m/s. [23] (Ref. Velea, 

D. et al. (2000)) 

5.  Shear Wave Velocity, Cs ~ 140 m/s. [24] (Ref. Velea, D. et al. 

(2000)) 
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Figure 1. Experimental setup, (a) free boundary 

condition, (b) soil embedded condition. 

 

 

4.  RESULT 

 

    The experiments were carried out for two different 

boundary conditions: (a) traction free boundary 

condition and (b) pipes embedded in soil. Cylindrical 

guided waves are generated by piezo-electric 

transducers. The experiments were carried out in 

laboratory environment. The guided waves are 

propagated through the pipe wall and received at the 

other end by another transducer in a pitch-catch 

configuration as shown in Figure 1. The transmitting 

transducer was mounted on a transducer holder system 

made of plexi-glass which allows the transducer to 

rotate freely. It is well established that to generate 

cylindrical guided waves through the thickness of the 

pipe wall, the incident acoustic beam needs to be 

inclined at an appropriate angle. Ahmad et al. (2006, 

2005) showed that for 57
o
 incident angle strong guided 

wave modes propagate through the pipe walls. 

 

4.1 Traction Free Boundary Condition 

    First the pipes, both the defect free and the defective 

pipes were tested for the free boundary conditions. The 

time series (amplitude versus time) signals which are 

obtained from the receiving transducers are used for 

the Short-Time-Fourier Transform (STFT) or Gabor 

transform. From the experimental time series of the 

signals, it was observed that the signals were 

associated with significant amount of noise. Using 

wavelets, noise from the signals are removed by 

identifying which component or components contain 

the noise. The signals are then reconstructed omitting 

those noisy components. The time scale is shown in 

1200 equal divisions where each division accounts for 

7.2 ns (nano seconds). 

 

 
Figure 2. (a) Experimental time signal and 2-D group 

velocities obtained from Gabor transform, for the 

defect free pipe in traction free condition, (b) Gabor 

transform of the first received signal overlaid by 

theoretical converted group velocity curves, (c) Gabor 

transform of the first received signal overlaid by 

theoretical converted group velocity curves. 
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(b) 

(c) 
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Figure 3. (a) Experimental time signal and 2-D group 

velocities obtained from Gabor transform, for the 

gouge pipe in traction free condition, (b) Gabor 

transform of the first received signal overlaid by 

theoretical converted group velocity curves, (c) Gabor 

transform of the first received signal overlaid by 

theoretical converted group velocity curves, (d) Gabor 

transform of the delayed received signal generated due 

to the presence of defects, overlaid by theoretical 

converted group velocity curves. 

 

    The experimental signal was first de-noised by 

wavelet analysis using Daubechies ‘db4’ function. 

Then from the entire signal, the first received and the 

reflected signals were carefully isolated and plotted in 

Figures 2, 3, 4 and 5. Figure 2 represents the condition 

when the defect free pipe is tested in open air or 

traction free boundary condition. Similarly, Figure 3 

represents the condition when the empty gouged pipe 

is placed in open air. Figures 4 and 5 represent the 

conditions when the defect free and gouged pipes are 

kept embedded in soil respectively.  

    Figure 2(a) has two segments or portions. The upper 

segment shows the experimental, denoised time-series 

signal of the cylindrical guided wave. In the lower 

segment 2-D Gabor transformation of the time series 

signal is generated. In Figure 2(a), the first received 

signal and the reflected signal were isolated and shown 

by the dashed boxes. The lower portion of Figure 2(a) 

is obtained when 2-D Gabor transform was performed 

on the experimental signal using AGU-Vallen 

software. Gabor transformation of a time-series signal 

gives an idea of the propagating modes by displaying 

the group velocities of the modes. In the lower portion 

of Figure 2(a) where Gabor transformation of the first 

received signal and the reflected signal is shown, the 

identification of the propagating modes is not clear. 

For a clear view, we have selected two small segments 

(b) and (c) from the first received signal and the 

reflected signal respectively and performed Gabor 

transformation of segments as shown in Figures 2(b) 

and 2(c). In order to identify the propagating modes, 

Theoretical group velocities are obtained using 

DISPERSE software. These group velocities are 

converted into frequency-time series (t = L/Vg, where, 

L is the length of the pipe and Vg is the group 

velocity). These converted group velocities are 

overlaid on the 2-D experimental group velocities 

obtained by Gabor transformation in Figures 2(b) and 

2(c) respectively. From Figure 2(b), it can be observed 

that experimental group velocities are matching well 

with theoretical L(0,3), F(1,3), F(1,5) and F(1,6) 

modes for the defect free pipe. In other words, these 

modes are expected to propagate through the defect 

free pipe. In Figure 2(c), which represents the reflected 

signal, the experimental group velocities match with 

the theoretical L(0,2), F(1,3) and F(1,5) modes.  
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First Received Signal   

 c d 

F(1,3) 

F(1,5) 

L(0,3) 
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Figure 4. (a) Experimental time signal and 2-D group 

velocities obtained from Gabor transform, for the 

defect free pipe when the pipes are embedded in soil, 

(b) Gabor transform of the first received signal 

overlaid by theoretical converted group velocity 

curves, (c) Gabor transform of the first received signal 

overlaid by theoretical converted group velocity 

curves. 

  

   In other words, when the signal reflects from the free 

end of the pipe only L(0,2), F(1,3) and F(1,5) modes 

are present. L(0,3) and F(1,6) modes are diminished 

and a new mode L(0,2) is generated. 

    Figure 3 represents the condition when gouged pipe 

is tested in open air or on traction free boundary 

condition. Like Figure 2(a), the first received signal 

and the reflected signal is isolated in Figure 3(a). In 

addition to that, a distinct section which is named as 

delayed signal can also be observed in Figure 3(a). 

This delayed segment is developed due to the presence 

of the defect in the pipe. The cause of that delayed 

segment could be that some of the modes may get 

reflected back and forth few times at the damaged 

portion of the pipe before reaching the receiving 

transducer. Gabor transforms for the first received 

signal (b), reflected signal (c) and the delayed signals 

are shown in Figures 3(b), 3(c) and 3(d) respectively. 

Theoretical L(0,3), F(1,3) and F(1,5) modes match 

with the experimental modes for the first received 

signal [Figure 3(a)]. Reflected signal [Figure 3(c)] also 

shows matching modes of F(1,3), F(1,5) and F(1,6) 

where L(0,3) mode is diminished and F(1,6) mode is 

regenerated. For the delayed signal [Figure 3(d)], the 

matching modes are L(0,2), F(1,3), F(1,5) and F(1,6) 

where L(0,3) mode is again diminished and L(0,2) and 

F(1,6) modes are newly generated. From this 

investigation, it can be observed that L(0,3) mode is 

affected most and does not propagate due to the 

presence of defects in the pipe. The defect also 

regenerates L(0,2) and F(1,6) modes. It could also 

observed from Figure 3(a) that the strengths of the 

reflected and the delayed signals (both in the time 

series and the Gabor transform part) are significantly 

weaker that of the first received signal due to the 

presence of the defect in the pipe. 

 

4.2  Pipe Embedded in Soil  

    Figures 4 and 5 show Gabor transforms of the de-

noised signals for defect-free and gouged pipes when 

they are kept embedded in soil. The arrangement for 

the soil embedment is shown in Figure 1 and the 

acoustic properties for the surrounding soil are 

provided in Table 3. Figure 4(a) shows the time–series 

signal and the Gabor transform of the corresponding 

signal for the defect free pipe when it is kept 

embedded in soil. The first received signal and the 

reflected signal parts are isolated and the 

corresponding Gabor transforms are shown in Figures 

4(b) and 4(c). From Figure 4(b), it can be observed that 

the theoretical L(0,3), F(1,3), F(1,5) and F(1,6) modes 

closely match with the experimental group velocity 

modes from the first received signal part. In the 

reflected signal portion, the matching modes are 

L(0,3), F(1,3) and F(1,5).  
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Figure 5. (a) Experimental time signal and 2-D group 

velocities obtained from Gabor transform, for the 

gouge pipe in traction free condition, (b) Gabor 

transform of the first received signal overlaid by 

theoretical converted group velocity curves, (c) Gabor 

transform of the first received signal overlaid by 

theoretical converted group velocity curves, (d) Gabor 

transform of the delayed received signal generated due 

to the presence of defects, overlaid by theoretical 

converted group velocity curves. 

 

 Figure 5 (a), (b) and (c) show Gabor transform of 

the time-series signal when the gouged pipe is 

embedded in soil. Like in the previous case for gouged 

pipe [Figure 3(a)], it can be observed that a delayed 

signal segment is again present in the time-series 

signal when the pipe is embedded in soil [Figure 5(a)]. 

From Figure 5(b) it can be distinguished that the 

matching modes could be L(0,3), F(1,3) and F(1,5). 

For the delayed signal [Figure 5(b)] the matching 

modes are L(0,3), F(1,3) and F(1,5). For the reflected 

signal, theoretical L(0,2), F(1,3) and F(1,5) modes 

match with the experimental group velocity modes. 

Due to the presence of the gouged defect, L(0,3) mode 

is the mostly affected mode and do not propagate after 

it reflects from the free end. I can also be observed that 

the signal strength for the reflected signal is much 

weaker than that of the first received signal or the 

delayed signal. For the traction free condition, both the 

delayed signal and the reflected signals [Figure 3(a)] 

were much weaker than the first received signal, 

whereas, when the gouged pipe is embedded in soil, 

only the reflected signal is much weaker than the first 

received signal and the delayed signal. It is interesting 

to note that, due the presence of the surrounding soil, 

the strength of the delayed signal portion becomes 

much stronger than the reflected signal. 

 

 

5.  CONCLUSION 

 

Comparisons between the theoretical and 

experimental group velocity plots have been carried out 

by superimposing the theoretical group velocity 

dispersion curves over the experimental group velocity 

plots obtained by the Gabor transformation. As 

expected, it was observed that the theoretical and 

experimental group velocities match better for the 

defect-free pipes. When the theoretical group velocities 

for a defect-free pipe are compared with the 

experimental group velocities for defective pipes, they 

do not match very well, indicating presence of defects 

in pipe walls. Thus, Gabor transform can be used 

efficiently to identify defects in pipes by comparing 

experimental and theoretical group velocities. 
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Abstract:  The vulnerability of asymmetric systems has been demonstrated in past earthquakes. However, numerous 
studies conducted in this field primarily restricted themselves to simple models of building where frames are replaced by 
wall type elements only having in-plane stiffness. In realistic situation, all the columns, being a common part of 
orthogonal frames, are subjected to bidirectional lateral deformation due to two orthogonal components of ground 
motions and also due to lateral-torsionally coupled vibrations arising out of asymmetry. This may lead to early yielding as 
compared to unidirectional loading faced by wall type elements and the hysteretic behavior in each of the principal 
directions may be considerably altered due to such bidirectional interaction. The simplistic models based on wall type 
elements cannot capture this effect. In this context, the present paper attempts to study such effect of bidirectional 
interaction by using column type element in one storey model. Such elements are modeled by fiber model available in 
OpenSEES software platform which can incorporate such bidirectional interaction. The responses of the asymmetric 
systems are compared with the responses of similar symmetric systems under both unidirectional as well as bidirectional 
loading. The outcome of the study may offer valuable insight on effect of bidirectional interaction on asymmetric 
structures. 

 
1.  INTRODUCTION 

 
Asymmetry is found in most of the structures owing to 

various architectural and functional considerations. Past 

performances of such structures show that they are more 

vulnerable to seismic loading and hence it is required to 

study such systems for a wide variety of parameters. 

Introduction of asymmetry leads to generation of 

eccentricity between the centre of mass (CM) and centre of 

stiffness (CS) which results in additional torsional moments. 

During the course of vibration, forces arise due to this 

torsional moment even under translational ground shaking 

which results into an amplification of response.  

Past studies idealize the structures using simplistic 

models having wall type elements that have in-plane 

stiffness only   (Chandler and Hutchinson 1987; Chopra 

and Goel 1991; Esteva 1987; Humar 1984; Pekau and 

Rutenberg 1987; Tso and Meng 1982; Tso and Ying 1990, 

1992; Tso and Juhu 1992). A comprehensive list of such 

studies is available elsewhere (Rutenberg et al 1992). These 

earlier studies made by introducing initial eccentricity reveal 

that the lateral torsional coupled vibration causes earlier 

yielding of structural element at one edge compared to the 

other leading to higher inelastic demands.  

The wall type elements used in such idealized systems 

segregate the resistance provided by the structural elements 

in two orthogonal directions. However, columns- the major 

resisting element are common elements of two orthogonal 

frames and thus provide simultaneous resistance in two 

orthogonal directions. For the performance based design, 

where, inelasticity is allowed in the system, this bidirectional 

effect in the columns can result in early yielding and thus a 

completely different hysteretic response compared to the 

conventional models. In fact, columns of asymmetric 

systems undergo bidirectional lateral deformation not only 

under bidirectional loading but also under unidirectional 

loading because of coupled lateral-torsional vibration. The 

conventional asymmetric models when subjected to 

unidirectional as well as bidirectional ground shaking cannot 

capture this bidirectional effect.  

Effort was initiated by the first author and his 

co-researchers to investigate such issue of bidirectional 

interaction for symmetric system only. In this context, this 

paper attempts to study the impact of the same effect for 

asymmetric systems using OpenSEES (the Open System for 

Earthquake Engineering Simulation).  

Responses obtained from unidirectional loading are 

generally utilized for design purposes. This may give a 

realistic picture under elastic range of behavior, as normally 

when peak acceleration occurs in a particular direction, the 

acceleration in the other orthogonal direction becomes small 

and the combined effect is just the linear superposition of the 

effects separately occurring in each orthogonal direction 

following the principle of superposition. However, in the 

inelastic range, bidirectional loading not only causes early 

yielding but the hysteretic deformation in one direction 

influences that in other.   

In this context, the extent of effect of such bidirectional 

interaction in inelastic range behavior of asymmetric 
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structure is needed to be studied as the existing literature has 

neglected this effect, and thus the effect is also not 

considered while framing up guidelines for performance 

based design. Present study is an initial step for achieving 

the same.  

 

2.  OpenSEES MODELLING 

 

2.1 Idealization of structure 

To make the comparative study as discussed above, 

two adequate models have been proposed- system A with the 

columns at corners and system B with columns at middle of 

the edges as illustrated in figure 1. Both the systems were 

made comparable by keeping the parameters such as mass, 

overall stiffness and distance of opposite columns (D) as 

same for both the systems. This renders both the systems to 

have same lateral as well as torsional period and thus can be 

regarded as dynamically similar systems. If each column in 

these systems is considered to have a lateral stiffness k, then 

in the corresponding asymmetric system, the stiffness of 

some of the columns are increased, while stiffness of some 

others are decreased by a stipulated amount (say ∆k) to 

introduce desired amount of eccentricity. For introducing 

asymmetry in y direction in frame A the columns in first and 

second quadrant were made stiff (k+Δk) while the ones in 

third and fourth quadrant were made flexible (k-Δk) while 

keeping the overall stiffness of the system as 4k in two 

orthogonal directions. In system B, for introducing similar 

eccentricity, the columns on y axis were made flexible and 

stiff. The system A, with all the four columns placed at the 

four corners of the rigid deck, when subjected to 

unidirectional earthquake loading in x direction, while 

having stiffness eccentricity in y direction, leads to 

bidirectional deformation in columns. The typical placement 

of columns in system B does not allow this bidirectional 

interaction in flexible and stiff columns. For the same 

parameters, a comparison in responses of flexible and stiff 

columns of system A and system B had been made to 

understand the effect of bidirectional interaction.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2 Fiber Model 

In reality, there is a gradual spread of non-linearity 

over a section which was achieved by discretizing the 

column section into a number of fibers by using the fiber 

model available in OpenSEES. A small convergence study 

has been made to decide the optimum number of fibers for 

arriving at required level of accuracy. Thus, the number of 

fibers used in square cross-section of column is 300 x300. 

 

2.3 Material 

The uniaxial elastic-perfectly plastic material 

behavior is considered for each of the fiber in a typical 

section. In the generalized sense, under any combination of 

biaxial moment and axial force, each fiber with a small area 

is subjected to uniaxial stress condition. Conceiving each 

section to be composed of large number of such fibers, it 

may be understood that such consideration may well capture 

the yielding, unloading and reloading behavior considering 

the interaction between bidirectional lateral loading as well 

as induced axial force. 

 

2.4 Parameters 

 

2.4.1. Dynamic characteristics of the system 

For a detailed study several lateral periods can be 

considered in the short, medium and long period ranges. 

However, due to the limited scope, the study has been 

conducted for lateral period of 0.25s only. A single storey 

system with the entire mass lumped in the rigid deck is 

considered and the overall stiffness is adjusted for attainment 

of this lateral period. The stiffness thus obtained is equally 

distributed amongst the four columns in both the frames for 

the symmetric system. 

Another very important dynamic characteristic for any 

asymmetric system is uncoupled torsional to lateral time 

period τ, as recognized and considered in many earlier 

studies (Goel 1997). The parametric study is conducted for 

τ=0.25, 0.5, 0.75, 1, 1.25, 1.5, 1.75, 2. For a system with 

predetermined mass, stiffness and distance between opposite 

columns (D), the mass moment of inertia is computed for a 

particular τ as illustrated in the following equations 

 

  
  

  
   

  

  
 
 

 
                                                                  (1) 

where,  
       

 ,    is the stiffness in lateral direction, I is the 

mass moment of inertia, M is the mass of rigid deck and r is 

the radius of gyration for individual ith column element of 

the system. The radius of gyration for system A and system 

B are different due to their typical placement of columns.  

 

2.4.2. Normalized Eccentricity to Dimension ratio (ey/D) 

The study was made for three typical ey/D values 0.05, 

0.1 and 0.2, where D is the distance between the two 

opposite side lateral load-resisting elements (columns in this 

case). The stipulated eccentricity for both the systems was 

introduced by changing the dimensions of the columns. For 

Figure 1  The systems with 3 degrees of freedom-X, Y 

and θ: (a) Symmetric system A, (b) Symmetric system B, 

(c) The unidirectionally eccentric system A, (d) The 

unidirectionally eccentric system B  
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Figure 2  Variation of normalized maximum elemental 

displacement for stiff and flexible elements of asymmetric 

system A and B having e/D=0.05 for various values of R 

system A, the columns in first and second quadrant were 

made stiffer by increasing dimensions by calculated amount 

while decreasing the dimension of flexible columns of third 

and fourth quadrant. Similarly, for system B the dimensions 

were accordingly altered for stiff and flexible column lying 

on Y axis while the ones on X axis remained the same as in 

their symmetric counterparts. 

 

2.4.3. Response Reduction Factor(R) 

For any typical seismic loading, the extent of 

inelasticity to be introduced in the system is governed by the 

ratio of the elastic strength demand to the actual lateral 

strength provided, popularly called as response reduction 

factor(R). For the present study the ground motion was 

scaled by an adequate factor so as to obtain the performance 

of the system for R= 2,4,6 and 8, respectively.  Only these 

four values have been considered as this similar range of 

values are prescribed for structures with various importance 

levels in various code provisions. 

 

2.5 Ground Motions 

Artificial earthquake data consistent with design 

spectrum of previous Indian earthquake code (IS1893-1984) 

was used primarily to establish results which would be 

validated by set of 20 different acceleration-time histories, as 

done in few earlier works. All the systems considered are 

studied under one single component of ground motion 

applied orthogonally to the direction of eccentricity so that it 

induces lateral-torsional coupled vibration. Further they are 

also studied under pair of orthogonal spectrum consistent 

ground motion applied along two principal axes to observe 

the effect of bidirectional interaction in inelastic range.  

 

2.6 Methodology 

The equation of dynamic equilibrium is numerically 

solved using OpenSEES in time domain by Newmark’s β-γ 

integration. For determining the sequence of steps required 

to solve the non-linear equation Modified Newton method 

was used. The time step of integration used was of 0.02 

seconds (which is 1/10 to 1/20 of the time period taken) 

(Bathe and Wilson 1976). At the end of every iteration step, 

convergence test was carried out by Energy Increment 

method and the time step was found to be adequate. 5% of 

critical damping was introduced in all the analysis. 

 

3. RESULTS AND DISCUSSION 

 

The parametric study conducted encompasses systems 

involving various combinations of parameters as follows- 

e/D ratio: 0.05; 0.1; 0.2, τ: 0.25 to 2 with an increment of 

0.25 and R =2, 4, 6, 8. It may be well appreciated that 

system A has its column elements undergoing bidirectional 

deformation while those of its counterparts in system B 

undergo lateral deformation only in one direction due to 

lateral-torsional coupled movement. Thus the comparison 

between the responses of two systems having otherwise 

same dynamic characteristics may help to understand the 

effect of bidirectional interaction. 

Such studies are made under both unidirectional motion and 

bidirectional ground motion and results are presented in the 

form of graphs. 

 

3.1 Response under Unidirectional loading 

 

Resultant maximum elemental displacement of such 

systems normalized with respect to the displacement of 

symmetric, but otherwise similar systems is referred as 

normalized displacement and plotted as a function of 
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Figure 3  Variation of normalized maximum elemental 

displacement for stiff and flexible elements of asymmetric 

system A and B having e/D=0.1 for various values of R 

 

Figure 4  Variation of normalized maximum elemental 

displacement for stiff and flexible elements of asymmetric 

system A and B having e/D=0.2 for various values of R 

 

torsional to lateral time period ratio (τ) for two different 

types of systems, namely, system A and system B, 

respectively, for various combinations of characteristic 

parameters. The responses of symmetric system A and 

symmetric system B were found to be same under 

unidirectional earthquake loading as may be conceived 

intuitively.  

 

However both systems give different response when  

 

asymmetry is introduced due to incurrence of bidirectional 

interaction in resisting elements of system A. The separate  

curves are provided for flexible and stiff columns. 

The maximum normalized displacement demand of 

stiff and flexible elements of asymmetric systems 

corresponding to R=2, 4, 6, 8 are presented in figure 2, 3, 4 

for e/D= 0.05, 0.1 and 0.2 respectively. The normalized 

responses of stiff elements of system A were found to be 

more than that of the stiff elements of system B while, the 

normalized responses of flexible elements of system B were 
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Figure 5  Variation of Bidirectional Amplification Factor 

with τ for different e/D ratio: 0 (symmetric), 0.05. 0.1, 0.2 

and R=2, 4, 6, 8 for the flexible elements of system A. 

 

Figure 6  Variation of Bidirectional Amplification Factor 

with τ for different e/D ratio: 0 (symmetric), 0.05. 0.1, 0.2 

and R=2, 4, 6, 8 for the stiff elements of system A. 

 

generally found to be more than that of the flexible elements 

of system A. The variation in the responses for the stiff and 

flexible elements of system A and system B were found to 

diminish for higher values of τ. However, figures 2-4 show 

that these differences are too marginal to be considered with 

special focus in design. Thus it seems that effect of 

bidirectional interaction for unidirectional ground shaking 

has insignificant effect on response of asymmetric structure. 

 

3.2 Response under Bidirectional loading 

 

Consideration of bidirectional acceleration is a more 

realistic representation of the actual condition. Such 

consideration introduces severe bidirectional interaction in 

symmetric as well as asymmetric systems. This effect on 

symmetric as well as asymmetric structures may be 

considerable. To observe this effect a Bidirectional 

Amplification Factor was computed and plotted against τ. 

Bidirectional Amplification Factor (BAF) is computed as the 
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Figure 7  The modified system A’ and B’ with a central 

column (a) Symmetric system A’ (b) Symmetric system B’ 

(c) Asymmetric system A’ with stiffness eccentricity in Y 

direction (d) Asymmetric system B’ with stiffness 

eccentricity in Y direction 

 

Figure 8  Variation of normalized maximum elemental 

displacement for stiff and flexible elements of asymmetric 

system A’ and B’ with e/D=0.1under unidirectional ground 

motion 

 

ratio of maximum elemental resultant displacement of the 

elements of asymmetric system A when excited 

bidirectionally to the elements of asymmetric system A 

when excited unidirectionally. These values were computed 

separately for the flexible and stiff elements of the 

asymmetric system and are presented in Figure 5 and Figure 

6, respectively. In the same figures BAF is also plotted for 

the corresponding symmetric systems. In fact such factors 

for symmetric systems will be independent of τ and hence, 

will be a constant curve and were found to lie in a range of 

1.5 to 3. It is observed that BAF for flexible elements of 

eccentric system is smaller than BAF of symmetric system, 

while BAF of stiff elements are generally greater than BAF 

of symmetric systems. The deviation of BAF of flexible and 

stiff elements from BAF of symmetric systems is found to 

decrease with increase in τ value.  

The similar BAF calculation was done for system B, 

and similar trends in results were observed as presented here 

for system A. However, the results of system B have not 

been presented for the sake of brevity. 

 
3.3 Effect of Torsional to Lateral Stiffness Ratio 

The system A and system B used to study the 

bidirectional interaction under both bidirectional and 

unidirectional ground motions, have its load-resisting 

elements at the periphery which provides significant lateral 

as well as torsional resistance. These kinds of systems are 

typical representative of auditoriums and large community 

halls with no columns in central regions. However, in most 

of the buildings including the office and domestic buildings, 

columns are more or less uniformly distributed over the 

entire plan area. The columns in central region though 

contribute to the lateral stiffness; their contribution to 

torsional stiffness is marginal. Previous studies (Dutta 2001) 

have shown that such system with lesser torsional to lateral 

stiffness ratio has exhibited larger torsional response. In this 

context, to check the generality of the observations made 

earlier, two more set of systems, namely, system A’ and 

system B’ are considered. These systems with an additional 

column at the centre (as shown in Figure 7) is a broad 

representative of large category of domestic and office 

buildings with uniform distribution of  load-resisting 

elements.  
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Figure 9  Bidirectional Amplification Factor vs τ for 

different e/D ratio: 0 (symmetric), 0.05. 0.1, 0.2 and R=2, 

4, 6, 8 for the stiff and flexible elements of system A’. 

 
To understand how the results differ with introduction 

of such inner load resisting elements, limited study was 

carried out with the help of modified system A’ and B’.  

The lateral stiffness k of each column and lumped 

mass of rigid deck in the modified symmetric systems A’ and 

B’, is adjusted to have same lateral period of 0.25 seconds, 

for the sake of comparisons with the earlier studies. In a 

limited scope, the study for such system was conducted for a 

system with medium eccentricity given by e/D=0.1. Figure 8 

presents the normalized maximum displacement of flexible 

and stiff elements of eccentric system A’ and system B’ as a 

function of τ for different values of Response Reduction 

Factor(R). The trends in results obtained from system A’ and 

B’ (Figure 8) are similar to the one obtained from system A 

and B as exhibited in Figure 3. 

Further, BAF i.e. the ratio of maximum resultant 

displacement of stiff and flexible elements of system A’ 

when excited bidirectionally to the maximum displacement 

of stiff and flexible element of system B’ when excited 

unidirectionally is also shown in Figure 9 for e/D=0.1. Only 

marginal change in the values of BAF is observed as 

compared to the one obtained using system A and B (Figure 

5 and 6). 

 

4. SUMMARY AND CONCLUSIONS 

 

The present study is a limited effort to see the effect of 

bidirectional interaction on inelastic displacement demand of 

asymmetric structures, under unidirectional and bidirectional 

acceleration histories. Limited study on symmetric systems 

is also included for the sake of comparison. This leads to the 

following broad conclusions. 

1. The bidirectional interaction due to bidirectional 

deformation arising due to coupled lateral and 

torsional vibration in asymmetric systems under 

unidirectional acceleration-time histories seems to 

induce insignificant change in inelastic 

displacement demand 

2. However, bidirectional acceleration time histories 

seem to cause considerable increase in inelastic 

displacement demand due to bidirectional 

interaction in asymmetric as well as symmetric 

systems. The effect seems to be of same order in 

both categories of systems except a few exceptions 

depicted in the following point. Thus, design 

guidelines for performance based design needs to 

be modified in the same tune for asymmetric as 

well as symmetric systems, if the conclusions of 

this limited study is found to be substantiated by 

further extensive studies encompassing structures 

of various lateral periods. 

3. The response in stiff elements is amplified more 

than flexible elements under bidirectional loading 

when compared to the response of their 

counterparts under unidirectional loading. The 

amplification in response of such stiff elements as 

compared to amplification in symmetric system is 

found to be particularly higher for low τ implying a 

torsionally stiff system. Thus special care may be 

needed to be taken for incorporating the effect of 

bidirectional interaction for torsionally stiff 

asymmetric systems, though in all the other cases 

asymmetric as well as symmetric systems need not 

be differentiated. 

4. Difference in distribution of resisting elements 

leading to change in torsional to lateral stiffness 

ratio does not seem to make any significant 
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difference in the response as well as on the effect of 

bidirectional interaction. 

This limited study may prove useful in gazing the influence 

of bidirectional interaction occurring due to lateral torsional 

coupling in asymmetric systems as well as bidirectional 

ground motions and help enriching the provisions of 

performance based seismic design. The interesting 

observations in this limited scope also points out the 

necessity of carrying out extensive studies using a number of 

ground motions to verify the trends indicated here.  
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Abstract:  As one of the working commissions in CIB (International Council for Research and Innovation in Building 
and Construction), the Commission W114 (Earthquake Engineering and Buildings) was established in November 2006 
and the JSSI (Japan Society of Seismic Isolation) became headquarter of the Commission. To disseminate seismic 
isolation technique and enhance its application to buildings, CIB/W114 launched the "International Project on 
Performance-based Design of Seismically Isolated Buildings" to create a harmonized design procedure for seismically 
isolated buildings. The first phase of our activity is to collect information on design procedures of seismically isolated 
buildings using a benchmark building and compare among different regions in the world. In this paper, the newest 
versions of Japan 2000, China 2010, USA IBC2009, Italy 2008 and Taiwan 2011 will be compared. The concept of the 
design spectrum in each code is summarized first. To consider the seismic region coefficients, the target construction sites 
are assumed to be in Tokyo, Beijing, Los Angeles, L'Aquila and Chiayi, respectively. 

 
 
 
1.  INTRODUCTION 
 

In the 1994 Northridge earthquake in the USA, the 
1995 Hyogoken-Nanbu earthquake in Japan, the 1999 
Chi-Chi earthquake in Taiwan, the 2008 Wenchuan 
earthquake in China, the 2009 L'Aquila earthquake in Italy 
and the 2011 great east Japan earthquake, seismically 
isolated buildings have been reported perform well 
(Higashino, M., S. Okamoto, 2006; Saito, etc. 2011). Over 
the same period, building codes have been revised and 
updated to include requirements for design of seismically 
isolated buildings. Feng, etc. (2006) had a comparative 
report on building codes of Japan 2000, China 2001, USA 
IBC2003, Italy 2005 and Taiwan 2002 which was updated in 
2010 (JSSI 2010). In the USA, seismic isolation provisions 
have been included in building codes since first appearing in 
the 1991 Uniform Building Code. The current USA 
provisions are contained in the International Building Code 
(IBC 2009) which makes reference to the requirements of 
ASCE/SEI 7-05. In Japan, the most recent building code 
provisions took effect in 2000. In China and Taiwan it took 
effect in 2010 and 2011, respectively. In Italy, the new code 
took effect in 2008 over EURO 8. Unfortunately, in New 
Zealand, there is no specific code for seismic isolation, 
although the technology is well developed and numerous 
applications exist there. 

In this paper, a comparative analysis on a seismically 
isolated building is presented in order to understand and 
illustrate the differences in the isolation provisions of the 

building design codes of Japan, China, the USA, Italy and 
Taiwan. The concept of the design spectrum in each code is 
summarized. To consider the seismic region coefficients, the 
target construction sites are assumed to be in Tokyo, Beijing, 
Los Angeles, L’Aquila and Chiayi respectively. A fixed soil 
profile is assumed in all cases, where the average shear wave 
velocity within the top 30m is about 209 m/s. The code 
spectra are calculated to compare the seismic load level at 
each location. Typically, a seismically isolated building will 
have about 20% critical damping in extreme earthquakes, 
and so the response reduction factors from each code are 
compared. The response reduction factor due to the damping 
factor and the decreasing rate in the long-period spectrum, 
which are considered to be related with the characteristics of 
ground motions, are discussed at last. 
 
2.  DESIGN SPECTRUM 
 

In general, seismic load is expressed by 5% damping 
design spectrum as follows: 
      )()( TSITS a  (1) 

where I is the occupancy importance factor (taken here as 
1.0), T is the fundamental period of the structure, and Sa(T) is 
the design spectrum on site and is related with parameters in 
Equation (2). 

The design spectrum generally consists of two parts, 
namely, a uniform acceleration portion in the short-period 
range, and a uniform velocity portion in the longer-period 
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range. In the Chinese code, the spectrum in the constant 
velocity portion is additionally increased to ensure the safety 
of structures having long natural periods, such as high-rise 
buildings or seismically isolated buildings. In the Italian 
code, a constant displacement range is defined in the long 
period. 

A two-stage design philosophy is introduced generally 
in the codes. The two stages are usually defined as damage 
limitation (Level 1) and life safety limitation (Level 2). In 
the damage limitation stage, the structural safety 
performance should be preserved in the considered 
earthquake. In the life safety stage, the building should not 
collapse to assure the safety of human life. In this paper, 
response analyses in the life safety stage will be discussed. 
In addition, an extreme large earthquake is defined to check 
the maximum design displacement of the isolation system in 
the USA’s, Italian and Taiwanese codes. In accordance with 
the specific seismicity of each region, the return period of 
the considered seismic load differs considerably and is 
summarized in Table 1. 
 

Table 1 Return period and story drift corresponding with each 
building code 

 
For the Level 2 input, the return period is about 500 

years in the Japanese, USA’s, Italian and Taiwanese codes, 
and about 1600-2500 years in the Chinese codes. It should 
be noted that the allowable story drifts are different for the 
various codes. In a seismically isolated building, the story 
drift angle is nearly restricted to half of the value (about 1/50 
in all the codes) for an aseismic building. 

In the following sections, the design spectrum in each 
building code is discussed in detail. 
 

2.1  Japan 

In the Japanese code, there are two earthquake levels 
corresponding with the return period of 50 and 500 years. In 
general, the 5% damping spectral acceleration Sa(T) is given 
by Equation (2). 

)()()( 0 TSTGZTS sa   (2) 
where Z is the seismic hazard zone factor, Gs(T) is the soil 
amplification factor dependent on the soil profile, and S0(T) 
is the design spectral acceleration at engineering bedrock 
(Vs>400m/s) defined in Equation (3) and shown in Figure 1 
for Level 2 input. 
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Figure 1 Design spectral acceleration at the engineering bedrock 

(Vs>400m/s) 

 
Figure 2 Site amplification coefficients for the three kind site 

classes (Japan) 
 

The site amplification coefficient Gs(T) is defined in 
Figure 2 based on different site classes. However, in the 
engineering practice, the Gs(T) is usually calculated 
iteratively based on the investigated Vs and types for the soil 
profile rather than directly using the coefficients defined in 
the code. A simplified equivalent linear method or a time 
history analysis method using equivalent linear analysis 
(SHAKE) or a non-linear Ramberg-Osgood model are 
usually used to obtain Gs(T). The zone coefficient Z is 
divided into four levels as 1.0, 0.9, 0.8 and 0.7 (Okinawa 
only) within Japan. Figure 3 shows the design response 
spectra at different site classes at the engineering bedrock for 
Tokyo (Z=1.0). 

The response reduction factor Fh is defined in Equation 
(4) by using the effective viscous damping hv of a fluid 
damper, and a hysteretic damper hd which is decreased to 
80% of the effective damping for a combined 
viscous-hysteretic system. In Figure 4, spectral accelerations 
at 5% and 20% critical damping values are shown. 

4.0;
)8.0(101

5.1



 h

dv
h F

hh
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Figure 3 Design spectral acceleration at site surface of Tokyo 

 Level 
Japan 

(2000) 

China 

(2010) 

USA 

(2009) 

Italy 

(2008) 

Taiwan 

(2011) 

Return period 

(Years) 

Level 1 50a 50 — 50 — 

Level 2 500a 1600-2500 UNKOWN 475 475 

Ex. Eq.b — — 2475 975 2500 

Drift angle 

(RC Frame) 

Level 1 1/200 1/550 — 1/200 — 

Level 2 1/50a 1/50 1/50 None 1/50 

Place — Tokyo Beijing (8) Los Angeles L’Aquila Chiayi 

Site class — 2nd II D C 2nd 

a: estimated; b: check the maximum design displacement of the isolation system 
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Figure 4 Design spectral acceleration at different critical damping 

values at Tokyo 
 

2.2  China 

In the Chinese code, there are three earthquake levels 
corresponding with the return period of 50, 475 and 1975 
years. There are four segments in the design response 
spectrum which are combined functions of the zone factor, 
the site class and the response reduction factor are shown in 
Equation (5) and Figure 5.  

 

Figure 5 Design response spectrum (China) 
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where max is the zone factor defined in Table 2, 1 and  are 
the shape coefficients,  is the response reduction factor 
defined in Equation (6), Tg is the characteristic period related 
to the site soil profile, and  is the effective damping. 
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The macro-seismic intensity is defined as 9, 8, 7 and 6. 
The seismic zone factor max, characterized by the maximum 
acceleration, is shown in Table 2. There are four site classes 
which are classified by characteristic period Tg shown in 
Table 3. 

Table 2 Zone factor max based on Seismic Intensity (g) 

 Table 3 Characteristic period Tg related to site class (s) 

 

The site spectra for Beijing (Intensity 8, Zone 1) for the 
four kinds of site classes are shown in Figure 6. 5% and 20% 
damping design response spectra are compared in Figure 7.  

  
Figure 6 Site spectra for the four site classes 

 
Figure 7 Site design spectra for 5% and 20% damping 

 

2.3  USA 

In the USA’s code, there are two earthquake levels 
corresponding with the return period 475 and 2500 years. 
According to the IBC 2009, the general design response 
spectrum curve is as shown in Figure 8, and is defined by 
Equation (7). 
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Level 2  0.50 (0.72) 0.90 (1.20) 1.40 
( ): regions where the design basic acceleration is 0.15g or 0.30g. 
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where SDS and SD1 are the design spectral response 
acceleration at short periods and 1.0s period, respectively, as 
determined by Equation (8). TL >4s is long-period transition 
period for constant displacement portion. 
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 (8) 

where Fa and Fv are the site coefficients defined in Table 4 
and 5 respectively, Ss and S1 are the mapped spectral 
accelerations for short periods and 1.0s period 

 
Figure 8 Design response spectrum, IBC2009 (USA) 

 
Table 4 Site coefficient Fa as a function of site class and mapped 

spectral response acceleration at short period (SS)
a 

 
 

Table 5 Site coefficient Fv as a function of site class and mapped 
spectral response acceleration at one second period (S1)

a 

 

Table 6 Damping coefficients BD or BM  

Effective damping BD or BM factor 

≤2% 0.8 
5% 1.0 
10% 1.2 
20% 1.5 
30% 1.7 
40% 1.9 
50% 2.0 

 

Figure 9 Site spectra at the four site classes 

 
Figure 10   5% and 20% damping spectral accelerations at the 

site surface 
 
The values of SS and S1 at a construction site may be 

obtained from the hazard analysis method or by a hazard 
map (https://geohazards.usgs.gov/secure/designmaps/us/) 
directly. In City Hall, Los Angeles area (34.053762, 
-118.242931), SS=2.195g, S1=0.739g and site class D are 
selected. The design spectrum is defined by Equation (7) and 
shown in Figure 9. In Table 6, the damping coefficients (BD 
or BM) values are given, which shall be based on linear 
interpolation for effective damping values other than those 
given. Its reciprocal is the response reduction factor. 5% and 
20% damping design spectra are compared in Figure 10.  

 

2.4  Italy 

In NTC 2008 code, there are four earthquake levels 
corresponding with the return period of 30, 50, 475 and 975 
years. The horizontal response spectrum Sa is defined by 
Equation (9) and shown in Figure 11. Parameters used in the 
equation are summarized in Table 7. Italy is divided into four 
seismic zones with peak acceleration values as shown in 
Table 7. 
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where Sa is the response spectrum, ag is the maximum 
design ground acceleration. S S ∙  is the soil 
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Site 
Class 

Mapped spectral accelerations at short periods
SS≤0.25 SS=0.50 SS=0.75 SS=1.00 SS1.25

A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.2 1.2 1.1 1.0 1.0
D 1.6 1.4 1.2 1.1 1.0
E 2.5 1.7 1.2 0.9 0.9
F Note b Note b Note b Note b Note b

a. Use straight line interpolation for intermediate values. 

b. Site-specific geotechnical investigation and dynamic response analyses shall be performed.

Site 
Class 

Mapped spectral accelerations at one second period
S1≤0.1 S1=0.2 S1=0.3 S1=0.4 S10.5

A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.7 1.6 1.5 1.4 1.3
D 2.4 2.0 1.8 1.6 1.5
E 3.5 3.2 2.8 2.4 2.4
F Note b Note b Note b Note b Note b

a,b:  See Table 5 
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amplification factor, and  is the damping correction factor 
with a reference value of  = 1 for 5% viscous damping 
referring Equation (10). F0 is an amplification factor. 
T /3  and ∙ ∗  are the lower and upper 
period limits for the constant spectral acceleration branch, 
T 4.0 1.6 is the period defining the beginning of 
the constant displacement range of the response spectrum,  

55.0)5/(10    (10) 

Parameters SS and CC are summarized in Table 7. One 
can obtain parameters ag, F0, T∗ and even both horizontal 
and vertical spectra from a web site 
http://www.sismicamente.com/.  

 
Figure 11 Design response spectrum (Italy) 

 
Table 7 Values of the parameters describing the elastic design 

response spectrum (Italy) 
 

Ground type SS CC 

A 1.00 1.00 

B 1.0 1.4 0.4F
a

g 1.1 ∗ .  

C 1.0 1.7 0.6F
a

g 1.05 ∗ .  

D 0.9 2.40 1.5F
a

g 1.25 ∗ .  

E 1.0 2.0 1.1 1.15 ∗ .  

 
For site L’Aquila, parameters used to calculate 

acceleration response spectra are summarized in Table 8. 
The ground type C, soil inclined type T1 (ST=1.0) was 
assumed. 

 
Table 8 Parameters used to calculate spectra at site L’Aquila (Italy) 
 

Design level SLD  SLV SLC 

Return period 50  475 975 

Location ( ) Lat=42.351, Lng=13.400 

ag (g) 0.104  0.261 0.334 

F0 2.332  2.364 2.400 

T∗	 0.281  0.346 0.364 

 

The 5% damping acceleration response spectra at SLV 
level of site L’Aquila are shown in Figure 12. Using 
Equation (10) to define spectra with different damping 
factors, the 5% and 20% damping spectra at SLV level are 
shown in Figure 13.  

 
Figure 12  5% damping acceleration response spectra for different 

site classes, at L’Aquila 

 
Figure 13   5% and 20% damping acceleration response spectra 

at L’Aquila 
 

2.5  Taiwan 

Taiwanese code 2011 took the same approach with 
USA IBC 2009 to define the design spectrum shown in 
Equation (11) and Figure 14. There are two earthquake 
levels corresponding with the return period 475 and 2500 
years. The formulas are different with Formula (7) and (8) 
which are shown in Table 9. There are two design levels 
corresponding with return period 475 and 2500 years 
respectively.  The parameters , , , used in the 
design response spectrum can be found in the code. Fa and 
Fv are the site coefficients defined in Table 9 and 10 
respectively. 
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Table 9 Site coefficient Fa at short period ( ),( MD
SS ) 
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Table 10 Site coefficient Fv at long period ( ),(
1

MDS ) 

 

),(
1

MDS  

S1 0.30 S1=0.35 S1=0.40 S1=0.45 S10.50 

Site class 1 1.0 1.0 1.0 1.0 1.0 

Site class 2 1.5 1.4 1.3 1.2 1.1 

Site class 3 1.8 1.7 1.6 1.5 1.4 

 
Table 11 Design response spectrum corresponding with return 

period 475 and 2500 years (Taiwan) 

 

 

Figure 14 Design response spectrum (Taiwan) 
 

Site class 2 was assumed for site Chiayi city. The 
parameters used to calculate design spectra are as follows: 
SD=0.8g, S1=0.45g. Design spectra at different site classes 
are shown in Figure 15. Damping coefficients B(S,1)are used 
to obtain design spectrum with other damping ratio as shown 
in Table 12. In Figure 16 are shown 5% and 20% damping 
design spectra. There is a discontinuity in the spectrum other 
than 5% damping. 

 
Table 12 Damping coefficients B(S,1) 

 
Effective damping (%) BS B1 

≤2% 0.80 0.80 
5% 1.00 1.00 
10% 1.33 1.25 
20% 1.60 1.50 
30% 1.79 1.63 
40% 1.87 1.70 
50% 1.93 1.75 

 

 

Figure 15 Design response spectra at different site classes 

 
   Figure 16 5% and 20% damping acceleration response spectra 
 
3.  COMPARISONS 

 
In order to evaluate the differences in the spectral 

accelerations, a comparison study is conducted. The building 
sites are assumed to be in Tokyo, Beijing, Los Angeles, 
L’Aquila and Chiayi. A fixed soil profile is assumed, where 
Vs,average=209 m/s (Table 13). Typically, seismically isolated 
buildings should be located on relatively stiff ground, such 
as that defined. In the Japanese code, a iterative procedure is 
used to calculate the site amplification coefficient, rather 
than using the amplification coefficients defined in the code.  

 
Table 13 Soil profile used for study (Vs,average=209m/s) 

 

Layer Depth (m) VS (m/s)  (t/m3) 

1 0.00 120 1.85
2 2.85 120 1.50
3 5.90 120 1.80
4 8.95 310 1.90
5 14.35 220 1.85
6 18.55 380 2.00
7 23.50 320 1.75
8 28.50 400 1.95
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Figure 17 5%damping acceleration and pseudo velocity response 

spectra for Tokyo, Beijing, Los Angeles, L’Aquila and Chiayi 
 

Ground surface 5% damping acceleration and pseudo 
velocity response spectra given by the five different codes 
are shown in Figure 17. Sa,USA is biggest in whole period 
range due to the high seismic intensity in Los Angeles area. 
Comparing with other codes, Spsv,China increases unnaturally 
over period 5Tg(1.75s). Sa,China is smallest at 0.5-2s period 
range, and becomes larger than Sa,Japan and Sa,Taiwan in period 
longer than 3s. In period longer than 3s,  Sa,Japan coincides 
with Sa,Taiwan, and Sa,Italy becomes smallest due to the constant 
displacement definition. 

 

 
Figure 18 Comparison of response reduction factors at a 

hysteretic damper system 
 

The response reduction factor is also very important in 
the widely used equivalent linear analysis method. For the 
case of a hysteretic damper, the response reduction factors 
are calculated from Equations (4), (6), (10) and Table 6 and 
12 are compared in Figure 18. When the effective damping 
ratio is larger than 15%, the reduction factors in the Japanese 
code are smaller than those in the other four codes, which all 
give similar values. As pointed by Feng,, etc. (2006), the 
response reduction factor by damping defined in the 

Japanese code gives good agreement between spectrum 
analysis and dynamic time history analysis. 

 

 
Figure 19 20% damping acceleration and pseudo velocity response 

spectra for Tokyo, Beijing, Los Angeles, L'Aquila and Chiayi 
 

To evaluate the different equivalent linear analysis 
methods, it is assumed that the isolation system has 20% 
damping at the design Level 2 response. The 20% damping 
acceleration response spectra given by the five different 
codes are shown in Figure 19. (See Table 1 for site 
information). Comparing the 5% damping acceleration 
response spectra of Figure 17 with the 20% damping spectra 
of Figure 19, it can be seen that Sa,China becomes more larger 
than Sa,Japan and Sa,Taiwan in the long period range. In the 
Chinese code the long-period spectrum decreases at a lesser 
rate because of smaller damping reduction coefficients for 
periods longer than 5Tg. This characteristic of the 
long-period spectra in the Chinese code may result in 
mis-leading conclusions about the effectiveness and 
applicability of seismic isolation. 
 
4.  CONCLUSIONS AND DIS CUSSIONS 
 

The paper has compared the seismic isolation codes of 
Japan, China, USA, Italy and Taiwan. The main findings of 
the study are summarized as follows: 
(1)   The building codes vary widely in their definitions of 

seismic hazard for design. Design earthquake return 
period and story drift limits of the different codes have 
been summarized. 

(2)   For the five different assumed building site locations, 
the 5% damping response spectra in the Los Angeles 
area has the largest amplitude in whole period range. In 
the Chinese code the long-period spectrum decreases at 
a lesser rate unnaturally for periods longer than 5Tg. 
This characteristic of the long-period spectra in the 
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Chinese code may result in mis-leading conclusions 
about the effectiveness and applicability of seismic 
isolation. 

(3)   All of the codes include a response reduction factor to 
account for the variation of response as a result of 
damping. Amongst all the codes, the Japanese code has 
the largest response reduction factor. 
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Abstract:  Following Part I, design procedures of seismically isolated buildings are summarized based on the building 
codes of Japan, China, the USA, Italy and Taiwan. While a dynamic response analysis method is recommended in all five 
building codes, a simplified design procedure based on equivalent linear analysis is also permitted under limited 
conditions. A benchmark building, which is a typical 7-story reinforced concrete building, isolated with lead-rubber 
bearings is analyzed using each of the five building codes. The building’s characteristics such as weight, height, hysteresis 
properties and soil condition are fixed in all cases. LRBs (Lead Rubber Bearings) are used as the isolation devices for the 
cases of Japan, China, Italy and Taiwan. Triple friction pendulum (TFP) bearings are used for the case of the USA. The 
target construction sites are assumed to be in Tokyo, Beijing, Los Angeles, L'Aquila and Chiayi, respectively. 

 
 
1.  INTRODUCTION 
 

Seismic isolation technique has been widely 
adopted in Japan since the 1995 Great Hanshin-Awaji 
Earthquake Disaster.  From the statistics until the end of 
2009, in total over 2,600 buildings are seismically 
isolated. Also, the number of detached houses equipped 
with seismic isolation has reached over 3,800. In recent 
disastrous earthquakes in Japan including the 2011 East 
Tohoku Earthquake Disaster, seismically isolated 
buildings have shown excellent performance and are 
recognized as promising techniques for sustainable 
buildings against earthquakes. On the contrary, the 
number of seismically isolated buildings in other 
countries is very limited. There are more than 600 
seismically isolated buildings in China. Most of them are 
base isolation types and few applications to seismic 
retrofit of existing buildings and high-rise buildings. 
Russia has around 550 applications. Most of them are 
buildings with rocking column system so called 
kinematic support element which is not the major type of 
isolation techniques in the world. Italy has increased 
application of seismic isolation technique for buildings 
especially after the 2009 L’Aquila Earthquake and so far 
there are more than 300 seismically isolated buildings. 
The United States is known as the pioneer of seismically 
isolated buildings; however the number of applications is 
very limited around 200. 

As one of the working commissions in CIB 
(International Council for Research and Innovation in 
Building and Construction), the Commission W114 

(Earthquake Engineering and Buildings) was established 
in November 2006 and the JSSI (Japan Society of 
Seismic Isolation) became headquarter of the 
Commission. To disseminate seismic isolation technique 
and enhance its application to buildings, CIB/W114 
launched the "International Project on Performance-based 
Design of Seismically Isolated Buildings" to create a 
harmonized design procedure for seismically isolated 
buildings. The first phase of our activity is to collect 
information on design procedures of seismically isolated 
buildings using a benchmark building and compare 
among different regions in the world. Japan, China, the 
USA, Italy and Taiwan submitted their designs of seismic 
isolation using the benchmark building. As for the design 
procedure of seismically isolated building, the equivalent 
linearization method using a design spectrum was 
adopted in Japan, the USA , Taiwan and Italy and the 
time-history analysis method was adopted in China. This 
paper summarized the design procedures and results of 
design. 
 
 
2.  BENCHMARK BUILDING 
 

Figure 1 shows the Benchmark building designed by 
the CIB/W114 committee for comparing the design 
procedures of different countries and regions. Basic 
characteristics of the building are summarized in Tables 1 
and 2. 
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Table 1 Characteristics of a Benchmark building 

Principal use Condominium 

Total floor area 1,950m2 

Maximum height 23.6m 

Classification of 
structure Reinforced concrete structure 

Structural type 
X direction : Moment frames 

Y direction : Moment frames  
with bearing walls 

Foundation Site cast concrete piles 

Table 2 Structural Property of Story 

Story 
Height 
(mm) 

Weight 
(kN) 

Horizontal Stiffness 

X (kN/mm) Y(kN/mm) 

7 3,000 4410   951  3,243 

6 3,000 4165 2,407  3,553 

5 3,000 4165 1,242  5,957 

4 3,000 4165 1,336  7,950 

3 3,000 4214 1,457 10,183 

2 3,000 4214 1,544 12,966 

1 3,000 4214 2,005 12,814 

BF 1,700 5292 --- --- 

a) Elevation (X)                  b) Elevation (Y) 

c) Plan (standard floor)                        d)  Plan (basement) 

Figure 1 Elevation and Plan of Benchmark Building 
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3.  EQUIVALENT LINEARIZATION METHOD  

 
In all five design codes, there are conditions to 

adopt an equivalent linearization method for the design of 
seismically isolated buildings. Table 3 summarizes the 
conditions.  
 
3.1 Equivalent linearization procedure 
     Design procedures of equivalent linearization 
method are almost identical in the five codes. As shown 
in Figure 2, a superstructure is idealized as one-mass 
model, and an isolation floor is modeled by an equivalent 
linear model with equivalent stiffness (ke) and equivalent 
damping (he). The maximum response of a seismically 
isolated building is obtained as follows: 
- Firstly, the maximum response of a linear system 

with an initial stiffness (ke=k0) and a viscous 
damping (he=0.05) is obtained from the design 
earthquake response spectrum with 5% viscous 
damping.  

- Then, the equivalent stiffness (ke) and damping 
factor (he) are updated from the maximum 
displacement and the response spectrum with 
damping factor (he) is estimated.  

- Repeat this process until the maximum response 
converges. 

Figure 3 schematically show this procedure. 
 
 

In case of Japanese code, the equivalent stiffness 
(ke) is estimated as the secant stiffness from the origin to 
the maximum point on the hysteresis loop of the damper, 
and the equivalent damping (he) is estimated as the ratio 
of the absorbed energy (

iW ) to the potential energy 
(

iW ) of the damper as: 

i

i
e W

W
h





4
8.0  

where ΔWi is the absorbed energy and Wi is the potential 
energy. The response spectrum with damping factor (he) 
is estimated that with 5% damping using the following 
formula: 

05.0,,   haheheha SFS  , 
 e

he h
F

101

5.1


  

where, Fhe, is the reduction factor. 

 
3.2 The maximum displacement of isolation floor 

Using the equivalent linearization method, the 
maximum displacement, δc , at the gravity center of 
isolation floor is obtained as follows: 

he

ehaa
c F
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where me is the mass of the one mass model, Te is the 
equivalent period. This formula is common among the 
codes.  
 
 

Table 3 Conditions to adopt an equivalent linearization method 

 Japan China USA Italy Taiwan 

Limitation of soil class 1,2 I, II, III A, B, C, D B, C, D 1,2 

Maximum plan dimension Aspect ratio < 4 Aspect ratio < 4 — 50 m — 

Maximum superstructure height 60 m 40 m 65 ft (19.8 m) 20 m — 

Maximum number of stories — Tf < 1.0* 5 5 — 

 * Tf: Natural period of superstructure with fixed basement 

 

One mass model Equivalent linear model
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Figure 2 Equivalent linear model Figure 3 Calculation process of ELM 
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In Japanese code, the overall response 
displacement of the isolation interface, δr, is obtained as: 

cter    

where, γe is the factor considering the layout of isolation 
devices, which cause eccentricities between the gravity 
center and stiffness center, and γt is the factor for 
temperature dependent stiffness changes and property 
dispersions in manufacturing of devices. In general, 

2.1,1.1  te   

are adopted. 
 
3.3 Design performance criteria of the displacement of 
isolation floor 
     Design performance criteria of the displacement of 
isolation floor is determined from two standards; one is 
the deformation capacity of the isolation device and the 
other one is the isolation gap between the basement of 
superstructure and the retaining wall. Examples of 
Japanese code are described below:  
 
a) Deformation capacity of isolation device 

The overall displacement of the isolation interface, 
δr, must satisfy the following criteria: 

δr < δdevice 

The design displacement limit, δdevice, at the isolation 
interface is determined as the minimum value of the 
ultimate deformation capacity, δu, of each device as 
follows: 

 udevice  min  

where β is the safety factor which value is given for 
typical devices based on experimental data obtained 
in Japan: 

β  = 0.8,  for elastomeric isolator; 
   = 0.9,  for sliding bearing and rotating ball bearing; 

= 1.0,  for damper and restorer. 

 

A typical example of determining the ultimate 
deformation, δu, for an elastomeric isolator is shown in 
Figure 4. The bearing must be designed within the limit 
of vertical stress, horizontal displacement, and limitation 
by buckling of bearing. The ultimate deformation, δu, is 
defined as the deformation corresponding to 0.3 times of 
the ultimate vertical design strength σc. From Figure 4,  
δu = thickness of rubber (0.162 m) × 342.4 % = 0.55 m 
δdevice = safety factor (β=0.8) × δu, = 0.44 m 
 
b) Isolation gap 

Common practice in Japan requires the isolation gap 
larger value of 1.25 times the overall displacement or 
0.20 m plus the response displacement. Therefore, the 
overall displacement of the isolation interface, δr, must 
satisfy the following criteria: 

max (1.25 δr , δr + 0.2 m) < δgap 
 
3.4 Story-shear force of superstructure 

Key features of isolation system provide a 
significant reduction in the story-shear force and 
inter-story drift of the superstructure, and hence reduce 
the risk of structural and non-structural earthquake 
damage. Equation (9) is the formula in the Japanese code, 
which provides story-shear force distribution of the 
superstructure expressed by the design coefficient of 
story-shear force, Ci (= shear force divided by the 
building weight). 

gM

QA
C i

i 
 h   

where γ is the factor, adopting γ=1.3, including the 
effect of aging, temperature, property dispersion by 
manufacturing of devices, Qe is the shear force at 
isolation interface, Ai is the prescribed shear force 
distribution coefficient over the height of the 
superstructure, and M is the total mass of the building. If 
the above shear force is less than the design base shear of 
the serviceability limit state for moderate earthquake in 
Japan is C0 = 0.2, the superstructure will be in elastic 
range at the maximum response level of isolation floor. 

 

Lead Rubber BearingLead Rubber Bearing

Gravity load 

Ultimate compressive strength σc = 56 N/mm2 

Ultimate shear strain = 400% 

Figure 4 Performance limitation of LRB φ700 

(4) 

(5) 

(6) 

(7) 

(8) 

(9) 
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4.  DESIGN EARTHQUAKE RESPONSE 

SPECTRUM 

 
     In the equivalent linearization method, the 
maximum response of isolation floor largely depends on 
the definition of design earthquake response spectrum. 
Table 4 summarizes parameters necessary to define the 
design earthquake response spectrum in each code and 
Figure 5 represents the spectrums with 5% viscous 
damping. The detail of formulation to obtain the spectrum 
is described in Part I. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

5.  RESULTS OF ISOLATION DESIGN 

 
     The base isolation system for the benchmark 
building was designed according to the each design code. 
Japan, China, Italy and Taiwan adopted LRB (Lead 
Rubber Bearing) and LNR (Natural Rubber Bearing) 
devices and the USA adopted Triple Friction Pendulum 
(TFP) devices (see Figure 6). The total number of isolator 
used is 12 in all cases. Table 5 and 6 represent the 
dimensions of isolator devices. Three is a slight 
difference in the layout of isolation devices between 
Japan and China as shown in Figure 7.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 5 Dimension of Isolator device for Japan, China, Taiwan and Italy 

 Japan China Taiwan / Italy 

Type LRB700 LRB750 LNR D700 LRB D700 LRB 

Number of isolator 8 4 5 7 12 

Shear modulus of rubber (N/mm2) 0.39 0.39 0.392 0.392 — 

Exterior diameter of rubber (mm) 700 750 700 700 872.8 

Interior diameter of lead plug (mm) 150 160 35 140 122.6 

Thickness of rubber layer (mm) 4.5 4.8 5 5 5.5 

Number of rubber layer 36 33 28 28 30 

Total thickness of rubber (mm) 162 158.4 140 140 165 

Total height of bearing (mm) — — 265 265 252 

Primary shape factor S1 38.9 39.1 35.0 35.0 40.0 

Secondary shape factor S2 4.3 4.7 5.0 5.0 — 

Table 6 Dimension of Isolator device for USA 
 

 USA 

Type TFP 

Exterior plan dimension (mm) 117x117 

Inner slider radius R1 (mm) 380 

outer slider radius R2 & R3 (mm) 1630 

Inner slider diameter (mm) 300 

Outer slider diameter (mm) 430 

Inner friction coefficient μ1 0.01 

Outer friction coefficientμ1, μ2 0.085 
Figure 6 Triple Friction Pendulum 
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Table 4 Parameters for design earthquake response spectrum 

 Japan China USA Italy Taiwan 

Name of city Tokyo Beijing 
Los 

Angeles 
 Chiayi 

Soil class 2 II D C 2 

Return period 
of the design 
earthquake 

(years) 

Level 2 
(around 

500) 
2500 2475 975 2500 

 Figure 5 Design earthquake  
        response spectrum 
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The response displacement of isolation floor in each 
design code is summarized in Table 7. In case of Japan, 
the overall displacement will be 350 mm (= 
1.1×1.2×265 mm) from Equation (4). The design of 
China conducted time-history analysis using seven 
earthquake waves and adopted the average value for the 
design. The response displacement of the USA is larger 
than other designs. One of the reasons is that the USA 
design requires consideration of the maximum 
considerable earthquake (MCE) and its response 
spectrum is larger than other design codes as shown in 
Figure 5. 
 
6.  CONCLUSIONS  
 

This paper summarized the design procedures of 
seismically isolated buildings and results of design using 
a benchmark building for Japan, China, USA, Italy and 
Taiwan. Since the design procedure using equivalent 
linearization method is almost similar, the maximum 
response of isolation floor largely depends on the design 
earthquake spectrum.  
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Table 7 Response displacement of isolation floor 

 Japan China USA Italy Taiwan 

Response displacement (mm) 265 255 600 363 328 

 

(a) Japan                                             (b) China 

Figure 7 Layout of isolation devices ( ●: LRB ○:LNR) 
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Abstract:  Soil-pile-structure interaction has been regarded to be an important phenomenon in evaluating the seismic 
response of pile-supported structures in various types of soil. In general, pile-soil behavior is idealized as a beam on non-linear 
Winkler foundation (BNWF) under moderate to strong earthquake loading attributing backbone p-y curve, while few 
investigators has reported that soil as a linear material in a relatively simplified manner. Present study aims to study the effect of 
non-linearity in soil in contrast to linear idealization on dynamic characteristics of the system as well as element forces 
observed at column and pile level encompassing different pile group supported structures embedded in various consistency of 
homogenous clay stratum under seismic loading. Results are obtained using versatile earthquake engineering simulation tool 
OpenSees platform considering both linear as well non-linear behavior of soil. Real time histories are used in a limited number 
to obtain the realistic responses. The results of this limited study will help to judge the sanctity of a simple linear spring 
idealization of soil for calculation of element response, as compared to well established sophisticated nonlinearity based models. 
This study may provide a crucial input regarding use of simpler modeling technique in research and design offices for 
incorporating the effect of soil-pile-raft-superstructure interaction. 

 

 
 
1.  INTRODUCTION 

 

Soil-pile foundation-structure interaction is considered 

as an important phenomenon in evaluating the seismic 

response of pile-supported structures in various types of soil, 

mainly in very soft and loose saturated sandy soil.  This 

phenomenon may be well perceived after post-factor 

analysis of different failures of such structures occurred 

during past earthquakes (e.g. 1964 Niigata earthquake, 1985 

Mexico City earthquake, 1989 Lomaprieta earthquake, 1995 

Kobe earthquake, 2001 Bhuj earthquake). Soil structure 

interaction (SSI) is generally not considered by designer 

because of an intuitive feeling about its beneficial effect and 

intricacy in modeling. However, it has been reported in few 

studies that incorporation of SSI will lead to overestimation 

of design forces in comparison to conventional fixed base 

design of structures which may be detrimental to the system 

as a whole (Mylonakis et al. 2000).  

 

Pile foundation is considered to be a well-engineered 

foundation and mainly utilized in supporting massive as well 

as important structures, viz., multistory buildings, 

skyscrapers, bridges, tower like structures and nuclear power 

plants etc. in soft to medium soil deposits. Various approach 

of modeling to simulate the behaviour of soil-pile-structure 

interaction encompassing either coupled (e.g. Kagawa and 

Kraft 1980, Guin and Banerjee 1998, Yingcai 2002, Rovithis 

et al. 2009, Jeremic et al. 2008, Boulanger et al. 1999, 

Curras et al. 2001, Hutchinson et al. 2004) or uncoupled 

(Gazetas et al. 1993, Ghosh and Lubowski 2001) analysis 

techniques have been proposed by several researchers with a 

fair compromise between rigor and accuracy. Some of them 

have included 2D or 3D modeling of the soil continuum and 

piles using finite-element or finite-difference methods. Few 

others suggest computationally efficient dynamic beam on a 

nonlinear Winkler foundation (i.e., BNWF or „„dynamic 

p-y‟‟) modeling approach. Simplified two-step methods that 

uncouple the superstructure and foundation for the analysis 

is also suggested by few investigators (Gazetas et al. 1993). 

It has been reported in most of the computational as well as 

analytical studies (e.g., Kagawa and Kraft 1980, Naggar and 

Novak 1995, Gerolymos and Gazatas 2005, Badoni and 

Makris 1992, Rovithis et al. 2009, Maheswari and Sarkar 

2011) that it may be more rational to consider soil as a 

non-linear material under moderate to strong motion. In fact, 

such a proposition in few studies is also validated through 

few sophisticated experimental studies (Boulengar et al. 

1999, Curras et al. 2001, Chau et al. 2009). Despite this, soil 

is considered as a linear material in relatively simplified 

manner for obtaining the response of whole system under 

dynamic loading (e.g., Tajimi, 1969, Novak et. al. 1974, 

Pender and Satyawan 1996, Gazetas 1984, Gazatas and 

Dobry 1984, Makris and Gazetas 1992, Kaynia and Kausel 

1992). Dynamic p-y methods for soil modeling are found to 
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be considerably simpler as well as computationally less 

expensive than continuum approach solved by finite-element 

or finite-difference methods. This methodology has several 

potential advantages over the simplified uncoupled two-step 

methods which do not take care of the direct soil-pile 

foundation-structure interaction phenomenon. Studies 

carried out by different researchers (e.g., Badoni and Makris 

1992, Naggar and Novak 1996, Naggar et al. 2004, 

Gerelymos and Gazatas  2005, Boulengar et al. 1999, 

Curras et al. 2001, Hutchinson et al. 2004) highlight about 

the well acceptance of dynamic p-y soil behaviour through 

various computational as well as experimental validations. 

 

Present study considers such a computationally efficient 

dynamic BNWF model for soil modeling as suggested by 

Boulanger et al. (1999) for studying the seismic response of 

soil-pile foundation-structure interaction. Further, linear 

Winkler spring is used here following Makris and Gazetas 

(1992) for the sake of comparison. The aim and objective of 

present study is to examine the effect of non-linearity in soil 

against the results obtained from linear idealization of soil. 

The dynamic characteristics of the system as well as element 

forces observed at column and pile level are compared by 

these two propositions. Hence, the results of this limited 

study will help to judge the sanctity of a simple linear spring 

idealization of soil for calculation of element response, as 

compared to well established sophisticated nonlinear models. 

This study includes a series of seismic analysis of a structure 

supported by a raft connected with different pile groups 

embedded in different type of soil-strata (e.g., very-soft, soft, 

medium) subjected to various ground motions with PGA 

values varying from 0.1g to 0.8g. A versatile earthquake 

engineering simulation tool OpenSees (OpenSees manual, 

2007) is used to find the elastic responses of structure 

considering both linear as well as non-linear behavior of soil.  

 

 

2.  SYSTEM MODELLING  

 

2.1 Idealization of Superstructure  

 

Seismic response of a fixed base superstructure is 

obtained by idealizing a one storey system as a stick model 

having single degree of freedom (SDOF). This one story 

represents three dimensional space frame structure 

supporting a rigid deck slab. Structural fixed base condition 

is idealized by restraining all possible degrees of freedom at 

column support. To have an overview on the behaviour of 

different multistory structures with various heights, 

representative periods, namely, 0.50 sec, 1.0 sec, and 2.0 sec 

are considered, representing typical short, medium and long 

period structure. These periods are achieved by adjusting 

lumped mass and lateral stiffness of the column of the stick 

model. Column stiffness is attributed by assigning 

appropriate sectional properties. Elastic beam-column 

element is utilized in idealizing the column of the stick 

model. Superstructure represented by the lumped mass stick 

model is considered to be supported by a soil- piled raft 

foundation. SSI effect is examined by modeling further the 

raft, piles and lateral soil springs. A schematic diagram of the 

idealized system considered for fixed base and soil-pile 

raft-structure is shown in Fig. 1. Detail modeling for raft-soil 

and pile-soil is elaborately discussed in subsequent sections. 

Figure1 Schematic diagram of idealized structure. 

 

 

2.2 Raft-soil Modeling 

 

Raft is modeled as a four noded shell element, each 

node having six degrees of freedom, available in OpenSees 

library. A bilinear isoparametric formulation in combination 

with a modified shear interpolation is used to improve the 

performance of the element. Raft is discretised into a 

number of square elements along its length and width. Total 

mass of the raft is calculated and assigned as a distributed 

mass to all the nodes of raft element.  

 

Soil beneath the raft is idealized as an equivalent 

linear elastic springs (Winkler springs) connected with each 

node of raft in translational degrees of freedom. Gazetas 

(1991) introduced equivalent springs that are located at the 

centroid of the foundation along each of the six degrees of 

freedom to idealize the compressibility of soil, the 

expression of which are given in Table 1. However, Dutta et 

al. (2009) proposed a more realistic idealisation of soil 

through distributed spring yielding a realistic stress 

distribution over the raft area taking care of soil flexibility.  

Hence, the stiffness values of lateral and vertical soil springs 

are calculated on the basis of distributed spring approach. In 

this approach, the raft divided to n×n plate elements is 

connected with springs at each of the (n+1) × (n+1) nodes. 

Stiffness of distributed lateral springs in two mutually 

perpendicular horizontal directions [lateral (Kx1) and 

longitudinal (Kx2)] are assigned following Dutta et al. (2009) 

as presented below, 

 

 
2

11 nKK xGx      (1a) 
 

2
22 nKK xGx      (1b)
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where KxG1 and KxG2 are the overall lateral stiffness of soil. 
 

Vertical stiffness formulation suggested by Gazetas 

(1991) takes care for the coupled lateral-rocking mode of 

vibration. Hence, vertical spring stiffness (Ky) values are 

compared with the values provided by Gazetas (1991) and 

are adapted in a distributed form as presented in same 

literature (Dutta et al. 2009),  

 

   





12

4.5
2

R
y

GL

n
K     (2) 

 

where G is the shear modulus of soil, LR is the length of raft 

and υ is the Poisson‟s ratio of soil. The shear modulus of soil 

(in t/ft
2
) is computed using the relationship given by Ohsaki 

and Iwasaki (1973) as presented below. 

 
G = 120N

0.8    
(3) 

 
where N is the SPT value of soil. The springs are attached 

with each distributed mass to all the nodes of raft element. 

Stiffness of all springs connected to the intermediate nodes 

of the raft is assumed to be same. However, at the corner and 

peripheral nodes, spring stiffness one-fourth or half of the 

stiffness of the springs at intermediate depending on their 

influence area. 

 

2.2 Pile-Soil Modeling 

 

Pile is modeled using an elastic beam column element 

having 6 degrees of freedom at each node of the element 

which is further divided into a number of elements in 

vertical direction to obtain a reasonable accuracy in results.    

Group of piles are attached to raft in the same manner to 

support the superstructure.  

 

Pile-soil interaction phenomenon is modeled using 

classical beams on dynamic Winkler‟s foundation (BDWF) 

model where discrete soil springs in equivalent sense are 

attached at regular intervals of pile nodes in translational 

degrees of freedom. The soil surrounding the pile is 

idealized as linear elastic Winkler springs as per Makris and 

Gazetas (1992) as well as nonlinear springs as per Boulanger 

et al. (1999) for further analysis. Soil springs are modeled 

using “Zero length element” which connects to two 

predefined nodes having definite coordinates. Further, a soil 

node is attached with a pile node through “Master-slave” 

command . 

 

2.2.1 Elastic idealization of soil:  

 

Literature in this direction (Novak et. al. 1974, Pender 

and Satyawan 1996, Gazetas 1984, Dobry and Gazatas 1984, 

Makris and Gazetas 1992) highlights about the consideration 

of soil as an elastic Winkler spring for the sake of simplicity 

in analysis. Among them, present study considers a well 

accepted empirical formulation for calculating lateral spring 

stiffness suggested by Makris and Gazetas 1992 as given 

below. 

 
)2/11(6.0 0aEk sx  ,    

which may be further simplified as; sx Ek 2.1
   

(4)

 
 

where kx and Es, are spring stiffness exerted by projected 

lateral contact area of soil and Young‟s modulus of soil 

respectively; while a0=ωd/Vs, where ω = angular frequency 

of harmonic motion, d is the diameter of the pile and Vs is 

the shear wave velocity in homogenous layer. Variation of Es 

with depth is assumed to be constant in the present study.  

 

   The stiffness values of each lateral and longitudinal 

springs at each node are calculated using equation (4) based 

on the end area method (Bowles 1978). Stiffness of vertical 

springs connected to pile nodes except the end node is 

calculated from shaft frictional resistance of soil and pile, 

while stiffness of another vertical spring connected to the tip

 

TABLE 1 Stiffness of equivalent springs along various degree of freedom (Gazetas 1991) 

Degrees of freedom Stiffness of equivalent soil spring 

Vertical (Kv) )54.173.0)](1/(2[ 75.0 GL  

Horizontal (KxG1) 

(lateral direction) 
)54.22)](2/(2[ 85.0 GL  

Horizontal (KxG2) 

(longitudinal direction) 
)]/(1[)]75.0/(2.0[)54.173.0)](1/(2[ 75.0 LBGLGL    

 where
24/ LAb , Ab is the area of the foundation considered; B and L are half width and half length of a rectangular 

 foundation, respectively; G is shear modulus of soil and  is the Poission‟s ratio of soil.
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(bottom) node of pile is calculated from end bearing capacity 

of a pile. The empirical expressions for calculating spring 

stiffnesses in different translational directions are given 

below.  

 

Horizontal Spring  

                                                                          

The stiffness of spring connected to pile in lateral as well as 

longitudinal direction is calculated on the basis of equation 

(4) which may be written in the following form as, 

 

ssx EdKk 2.1      (5)    

 

where kx and Es is already mentioned and Ks is subgrade 

modulus value under lateral loading. If the pile is meshed 

into a number of elements then the stiffness value for i
th
 node 

can be given by  
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For this particular case, it is assumed that variation of Es 

with depth is constant and can be considered as below. 

 

s
K
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1,1,,
(say)     (7) 

 

Hence, the stiffness of the spring connected to i
th
 node of pile 

can be taken as, 
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        (8) 

 

Vertical Spring 

The stiffness of vertical spring  is calculated using the 

standard formula of  shaft friction:  

 

dCK uvertical         (9) 

 

and the stiffness of vertical spring connected to the pile tip 

node which takes care of the end bearing action of the pile 

can be given by : 

 

dCNK bcendbearing     (10) 

where, α = adhesion factor of soil, L = length of a single 

element and B = width of projected area of element i.e. B = 

d, Nc = bearing capacity factor, Cb = cohesion at base of 

pile. 

 

2.2.2 Non-linear idealization of soil: 

   Nonlinear behaviour of soil under any dynamic loading 

is a more rational and realistic assumption which has been 

reflected in most of the literatures. However, present study 

also considers the same idealization incorporating through 

an advanced experimentally validated nonlinear soil model 

proposed by Boulanger et al. (1999). The formation of gap 

adjacent to pile head, near field and far field behaviour 

during seismic excitation is also incorporated into this model. 

Detail discussion about the model is available elsewhere in 

literature (Boulanger et al. 1999; OpenSees User manual 

1997). Dynamic p-y spring-dashpot model suggested by 

Boulanger et al. (1999) is utilized in another study (Currras 

et al. 2001) related to soil-pile raft-structure interaction 

during seismic loading attributing t-z (shaft friction) and q-z 

(end bearing) vertical springs attached with the pile nodes. In 

fact, present study also incorporates these three springs 

guided by nonlinear p-y, t-z and q-z behaviour at 

translational degrees of freedom aiming at to idealize the 

actual behaviour, i.e., pure translational, rocking and coupled 

translational and rocking of structure supported by piled raft 

foundation.  

 

The parameters required as input in OpenSees 

command for the horizontal (lateral and longitudinal) springs 

attributing Matlock‟s backbone p-y curve are calculated 

using the following (Boulanger et al. 1999), 

 

 dCNP upult      (11) 

 

where, 093 .)
d

JX

C

Z
(N

u

p 



 .  

 

 5050 5.2 dY      (12) 

 

The input parameters required for vertical springs t-z and q-z 

are calculated respectively using the formulas (Curras et al., 

2001) given below- 

 

For t-z, puult dSCT      (13) 

 

and for q-z, puult ACQ 9     (14) 

 

where Pult = Ultimate lateral load resistance in clay; d = pile 

diameter; Np = lateral bearing capacity factor; γ‟= average 

buoyant unit weight; z = depth; Cu = undrained shear 

strength; Y50 = displacement of pile in clay deposit 

corresponding to 50% of the ultimate load following a 

standard p-y curve; ε50 = strain corresponding to a stress of 

50% of the ultimate stress in a laboratory stress-strain curve.  

J was taken as 0.5 according to Matlock‟s recommendations 

for soft clay. Sp = surface area of pile element. Ap = 

cross-sectional area of pile. 

 

 

 

    The expressions presented under the preceding sections 

are particularly considering piles embedded in saturated 

homogenous clay deposit considering the present scope of 

paper. Detailed modeling of soil-piled raft idealisation is 

presented in Fig. 2. 
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Figure 2 Detailed modeling adopted for soil-piled raft under present scope of study. 

 

2.3 Damping 
 

   Previous studies (Satake et al. 2003) suggest that normal 

range of damping of building system vary within 2-8%. 

Guidelines for estimating damping of soil medium have 

been prescribed in literature (e.g. Veletsos 1977; Gazetas 

1991). Roy and Dutta (2009) reported that consideration of 

5% of critical damping in each mode of combined 

structure-foundation and soil system overestimates the 

response of system marginally. In fact, it has been suggested 

that consideration of 5% damping of soil medium could be a 

realistic assumption for understanding the behaviour of 

pile-foundation system (Velez et al. 1984). Many seismic 

codes (e.g., Indian seismic design guideline IS1893-2002) 

also suggest 5% of critical damping is reasonable for 

concrete structures. Therefore, 5% critical damping in each 

mode is considered for the present study regardless of 

structural support condition. 

 

3.  GROUND MOTION  

 

Table 2 List of earthquakes with PGA value. 

 

Earthquake  PGA (g) Earthquake PGA(g) 

Kobe 0.10 Whitter 0.27 

Imperial Valley 0.27 El-Centro 0.10 

Loma-pierta 0.24 IS 1893-1984 0.10 

 

   A total of five real time history of earthquake excitations 

and one spectrum consistent synthetic ground motion are 

used to assess the maximum element forces in the present 

study. Details of the ground motions are listed in Table 2. 

Further details may be referred to PEER NGA database 

(2009). 

 

4.  SYSTEMS STUDIED 

 

  A total of 108 cases are studied under the scope of the 

present paper encompassing different fundamental fixed 

base period of structures, soil consistencies, pile slenderness 

ratio and under various seismic excitation history. Three 

representative natural periods of vibration, namely, 0.5 sec, 

1.0 sec, and 2.0 sec are taken into account for representing 

broadly five storied, ten storied and twenty storied building, 

respectively. Three different types of soil, namely, very soft, 

soft and medium are considered. Typical parameters 

considered for these soil types are presented in Table 3. 

Variation of Young‟s modulus of soil with depth is 

considered to be constant irrespective of consistency of soil. 

Design thickness of raft is adopted for all cases considering 

relative stiffness (krs) value of 1.0 considering raft as a 

moderately rigid as suggested in literature (e.g., Clancy and 

Randolph 1996, Horokoshi and Randolph 1998). A piled raft 

having plan area of 10 m × 10 m is taken into consideration 

and a plan area of 8.5 m × 8.5 m is retained for 

superstructure floor on the boundary of which peripheral 

columns are placed. Based on a convergence study, raft is 

discritized into 400 elements [considering number of equal 

divisions along each direction] and piles are divided into 20 

elements for L/d = 60, 20, 18 and 13, respectively. Gravity 

load is considered to be 8.0 kN/m
2
 per floor with a realistic 

consideration of live and dead load, for design of foundation. 
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Floating pile group is suitably designed based on imposed 

superstructure load and subsoil condition.  

 

   It is assumed that a part of the superstructure weight is 

taken by the raft based on the allowable bearing capacity of 

soil it is resting on. The remaining weight is considered to be 

carried by piles. Raft foundation is assumed to be supported 

by group of piles. Pile spacing (S) to diameter (d) ratio, (S/d), 

is kept constant to be 3 and thickness of raft is kept constant 

attributing a particular soil consistency for different natural 

period of structure. L/d ratios for stiff piles are selected on 

the basis of active length of pile under dynamic loading as 

suggested in literature (Gazetas et al. 1984). Material 

property for the whole structure is assigned considering 

reinforced cement concrete. A detailed scheme for all case 

studies are summarised in Table 4. To arrive at only realistic 

cases, it has been found that raft-pile foundation is a feasible 

footing system for very soft soil while such a foundation 

system may become uneconomic for structures on soft to 

medium soil if they have less number of storeys having less 

fundamental natural period which has not been included in 

present study. Only feasible cases are only included in the 

scope of study to haverealistic inferences. 

Table 3 Typical soil parameters considered for study 

 

Parameters Consistency of clay  

 Very Soft Soft Medium 

SPT N value 1 3 6 

cu (kN/m
2
) 9.8 18.5 36.8 

sat (kN/m
3
) 13.5 17.0 18.5 

Compression index (Cc) 0.279 0.189 0.135 

Void ratio (e0) 1.20 0.90 0.72 

Young‟s Modulus, Es 

(MPa) (Bowles 1997) 
1.5 3.0 9.0 

 

 

 

Table 4 Details of system studied under the scope of the present study. 

 

Cases Pile Raft Superstructure 

Consistency of 

soil 

Dia. 

of 

pile 

(m.) 

Lp 

(m.) 

Length 

to dia 

ratio 

( Lp/Dp) 

Pile 

behaviour 

Pile group 

configuration 

Size 

(m. x m.) 

Thickness 

(m) 

(krs=1.0 

assumed) 

No. of 

storey 

(approx.) 

Tfixed 

(sec) 

A-1 

Very soft 

0.3 

18 60 Flexible 5 x 5 

10 x 10 

0.9 

Five 0.5 
A-2 6 20 Stiff 8 x 9 

A-3 18 60 Flexible 7 x 7 Ten 1.0 

A-4 18 60 Flexible 10 x 10 Twenty 2.0 

B-1 

Soft 

18 60 Flexible 4 x 5 

1.1 
Ten 1.0 

B-2 5.4 18 Stiff 8 x 8 

B-3 18 60 Flexible 7 x 7 Twenty 2.0 

C-1 
Medium 

18 60 Flexible 4 x 5 
1.6 Twenty 2.0 

C-2 4 13 Stiff 8 x 9 

 

 

5.  RESULTS AND DISCUSSION 

 

   The fundamental lateral periods of vibration of pile 

supported raft-structure system accounting SSI (Tssi) are 

obtained attributing soil as a linear as well as nonlinear 

spring. The results incorporating SSI are compared to the 

natural periods of the structures under fixed base 

conditions (Tfixed) as presented in Table 5 in terms of  

 

 

percentage change in period due to SSI for various 

combinations of idealization of soil, consistency and pile 

parameters on Tssi. It is observed that the period of 

soil-pile raft-structure system lengthens with respect to 

the natural period of vibration in fixed base conditions. 

Present study mainly aims to study the change in Tssi for 

both linear and nonlinear idealization of soil. Results 

presented in Table 5 clearly indicate that percentage 
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change in period of structure under linear soil idealization 

is slightly overestimated as compared to non-linear case. 

However, the difference seems not to be considerable 

between these two idealizations. 

 

Table 5 Percentage change in period of structure due to 

SSI considering two different idealization of soil. 

 

   Seismic base shear gives a broad idea about the seismic 

vulnerability in the elastic range of response which is 

considered as one of the fundamental inputs for seismic 

design. Hence, the effect of incorporating both linear as well 

as nonlinear behaviour of soil to model SSI, on base shear 

has been investigated in two ways. Shear force transmitted 

in ground storey columns [VB(col)] and to pile heads [VB(pile)] 

is obtained for soil-pile raft-structure system considering the 

range of parameters described earlier. These base shear 

forces are normalised with respect to the base shear [VB(fixed)] 

obtained under fixed base condition. Normalised base shear 

forces at ground storey columns and pile head [VB(col)/VB(fixed) 

and VB(pile)/VB(fixed)], respectively are plotted as a function of 

period of structures under fixed base condition. The 

normalised values greater than one indicates an increased 

response as compared to what is obtained considering a 

fixed base condition, while vice versa indicates decreased 

response. Fig. 3 and 4 represent normalised base shear at 

column and pile head level for ground motions considering 

nonlinear and linear behavior of soil attributing two different 

L/d ratios (60 and 20,18,13), i.e., flexible and stiff behaviour 

of pile respectively. Subset of Fig. 3 indicates results 

presented for different consistency of soil. In general, it is 

observed that lateral shear experienced by the columns is 

almost equal to the shear under fixed base condition, while 

shear experienced at pile head is relatively higher than the 

shear under fixed base condition. For example, such increase 

in pile head shear may even go up to 7.5 times the shear 

under fixed base condition particularly observed in medium 

soil for TFixed = 2.0 sec. This clearly indicates that a design 

based on fixed base assumption will lead to failure of piles. 

Further, structure supported by stiff piles experiences 

relatively higher value as compared to flexible piles, as 

revealed from Fig.4.  

 

   The effect of soil non-linearity on column as well as pile 

response is found to be significant mainly in case of 

structures having shorter period supported by flexible pile 

group embedded in very soft soil. It is observed that linear 

idealization gives an overestimation in column response in 

the order of 20-60% and in pile response in the order of 

5-30% with respect to the same obtained from nonlinear 

idealization of soil. The same structure supported by stiffer 

pile group shows a marginal variation in order of 0-10 % in 

obtaining column response due to such idealization. While, 

an underestimation in order of 0-40% is observed in pile 

response due to linear idealization. However, a very 

marginal difference in column as well as pile response is 

observed in case of long period structures embedded in very 

soft soil. In case of soft to medium consistency of soil, linear 

idealization reflects a marginal overestimation in obtaining 

column response. Same trend is also followed in pile 

response but the range of overestimation is observed to be in 

order of 0 - 60 %.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3 Variation of  normalized base shear at column 

and pile head for constant Es distribution with depth, krs 

=1.0, s/d =3.0 and for L/d ratio = 60 : (a) and (b) 

represents VB,col/VB,fixed and VB,pile/VB,fixed  in very soft soil; 

(c) and (d) VB,col/VB,fixed and VB,pile/VB,fixed  in soft soil, and 

(e) and (f) VB,col/VB,fixed and VB,pile/VB,fixed in medium soil. 

Cases 

Pile 

Configuration 
Tfixed 

% change in 

Tssi 

(linear soil) 

% change in  

Tssi 

(Non-linear soil) 

A-1 5 x 5 

0.5 

30.6 15.2 

A-2 8 x 9 9.8 2.6 

A-3 7 x 7 1.0 7.7 3.8 

A-4 10 x 10 2.0 0.64 0.51 

B-1 4 x 5 

1.0 

10.1 6.4 

B-2 8 x 8 3.0 1.0 

B-3 7 x 7 2.0 1.85 1.0 

C-1 4 x 5 

2.0 

1.7 1.35 

C-2 8 x 9 0.15 0.0 

 

0.5

0.7

0.9

1.1

1.3

1.5

0 0.5 1 1.5 2

0

1

2

3

4

5

6

7

0 0.5 1 1.5 2

(b) Very soft

0.6

0.7

0.8

0.9

1

1.1

1.2

1.3

1.4

0.5 1 1.5 2

0

1

2

3

4

5

6

7

8

0.5 1 1.5 2

0.8

0.9

1

1.1

1.2

1.3

1.4

1.5

0 0.5 1 1.5 2 2.5
0.5

1.5

2.5

3.5

4.5

5.5

6.5

7.5

8.5

0 0.5 1 1.5 2 2.5

V
B

,c
o

l/
V

B
,f

ix
e
d

V
B

,p
il

e
/V

B
,f

ix
e
d

Tfixed (sec)Tfixed (sec)

(a) Very soft

V
B

,c
o

l/
V

B
,f

ix
e
d

V
B

,p
il

e
/V

B
,f

ix
e
d

V
B

,c
o

l/
V

B
,f

ix
e
d

V
B

,p
il

e
/V

B
,f

ix
e
d

(c) Soft (d) Soft

(e) Medium (f) Medium

 

0

0.5

1

1.5

2

0.5 1 2

IS_1893_84_linear

IS_1893_84_Nonlinear

Lomapierta_Linear

Lomapierta_Nonlinear

Kobe_Linear

Kobe_Nonlinear

Imperialvalley_Linear

Imperialvalley_Nonlinear

Whitter_Linear

Whitter_Nonlinear

Elcentro_Linear

Elcentro_nonlinear

0

0.5

1

1.5

2

0.5 1 2

IS_1893_84_linear

IS_1893_84_Nonlinear

Lomapierta_Linear

Lomapierta_Nonlinear

Kobe_Linear

Kobe_Nonlinear

Imperialvalley_Linear

Imperialvalley_Nonlinear

Whitter_Linear

Whitter_Nonlinear

Elcentro_Linear

Elcentro_nonlinear

- 1577 -



 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3 Variation of  normalised base shear at column 

and pile head  for constant Es distribution with depth, krs 

=1.0, s/d =3.0 and for stiff L/d  ratio (20,18 and 13)  in 

different soil respectively. 

 

   However, the most important observation is that the 

difference in prediction of responses considering non-linear 

as well linear soil behaviour is reasonably less in obtaining 

column response for structures supported by stiff pile group 

embedded in very soft soil as well as flexible pile group 

embedded in higher consistency of soil. On the other hand, 

difference may be significant for pile response irrespective 

of all consistencies of soil. Therefore, a simplistic linear 

idealization of soil in equivalent sense may be adopted for 

capturing the basic influence of soil structure interaction on 

seismic response if the fundamental period of the structure is 

long. Such idealization seems to be a good compromise 

between rigour and accuracy in many cases. 

 

6.  CONCLUSIONS 

 

The outcome of the study indicates that column response 

considering SSI comes almost close to the same in the fixed 

base condition. On the other hand, response observed in pile 

due to SSI exceeds the response under fixed base condition. 

The level of increase in pile response is observed to be 

around seven times in case of flexible pile group supported 

structures and around 12 times in case of stiff pile group 

supported structures. Ignoring such increase in design force 

seems to be a possible cause of failure in pile supported 

structures.  

 

   Limited study indicates that the simplistic linear 

idealization in contrast to the intricate non-linear idealization 

of soil proves to be a safer estimation tool for incorporating 

SSI for obtaining responses in pile as well in column. But in 

few particular cases, i.e., in short period structures supported 

by stiff pile group in very soft soil, it has been observed that 

non-linear idealization of soil for consideration of SSI may 

give safer response.  

   

  This study as a whole makes an effort to gaze the effect of 

non-linear idealization of soil in estimating the seismic 

response of soil-pile raft-structure system. Encompassing 

feasible variations of influencing parameters, it indicates that 

linear idealization of soil behaviour slightly overestimates 

the effect of SSI with an exception of few cases. Thus for a 

large range of parametric study, or for routine design such 

linear idealization of soil may be acceptable without 

sacrificing accuracy too much.  
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Abstract:  This study develops and experimentally verifies active isolation strategies for multi-story buildings 
subjected to bi-directional earthquake loadings. Despite successfully theoretical proof documented in previous studies, 
most experimental implementations only verified active isolation for one-dimensional responses under unidirectional 
excitations. Earthquakes are intrinsically multi-dimensional, resulting in out-of-plane responses, including torsional 
responses. Therefore, a model building in this study is designed to match the characteristics of a representative full-scale 
structure. The isolation bearings and custom-manufactured actuators are appropriately designed for laboratory testing. To 
a high-fidelity model, this study develops a hybrid identification approach which combines the advantages of the lumped 
mass model and nonparametric methods and considers control-structure interaction. By employing the H2/LQG control 
algorithm, the controllers for the hydraulic actuators achieve high performance and good robustness. Active isolation is 
found to possess the ability to reduce base displacements and produce comparable accelerations and interstory drifts to 
passive isolation. The proposed active isolation strategies are validated experimentally for a six-story building tested on 
the six degree-of-freedom shake table in the Smart Structures Technology Laboratory at the University of Illinois at 
Urbana-Champaign. 

 
 
1.  INTRODUCTION 
 

Significant earthquakes have occurred throughout the 
world in past decades. To bring buildings up to the current 
seismic standards, seismic retrofit is often applied through 
structural control techniques. The most common approach is 
to add dampers between floors, but this approach may 
substantially disrupt business during the seismic retrofit. 
Seismic isolation provides an option for enhancing 
structural performance with reduced business disruption. 
However, large displacements at the isolation layer may 
raise concerns to the buildings which have insufficient space 
to allow large movements during severe earthquakes. This 
paper investigates the potential of active isolation to meet 
design requirements.        

Active base isolation denotes a passive isolation 
system combined with active control devices, such as 
hydraulic actuators. The passive isolation system in this 
combination provides the flexibility for the structural system, 
while actuators located at the base to mitigate large 
displacements. The combination shares the advantages of 
the passive isolation systems, i.e., reducing absolute floor 
accelerations, interstory drifts, and base shears, while at the 
same time limiting base displacements (Inaudi and Kelly 
1990). High control performance is expected from this 
combination as compared to passive or smart base isolation 
systems (Yoshioka et al. 2002).  

Active base isolation has drawn the attention of 
researchers for more than two decades. Inaudi and Kelly 

(1990) and Pu and Kelly (1991) proposed and 
experimentally verified the idea of active base isolation. 
Subsequently, many numerical studies were conducted by 
applying different control algorithms or employing different 
active control devices or isolation bearings into systems 
(Yang et al. 1992; Soong and Reinhorn 1993; Feng 1993; 
Yoshida et al. 1994; Barbat et al. 1995; Yang et al. 1995; Fur 
et al. 1996). Although many numerical studies have been 
successfully conducted in the area of active base isolation 
systems, few experiments were conducted during this time. 
For example, Yang et al. (1996) employed the sliding mode 
control algorithm to control a sliding base-isolated, 
three-story building through shake table testing. Riley et al. 
(1998) developed a nonlinear controller to experimentally 
implement a hydraulic actuator for controlling a three-story, 
base-isolated building. Nishimura and Kojima (1998) 
considered a building-like structure incorporated with an 
isolator and an actuator for verification of active base 
isolation. These experiments provided evidence of the 
applicability and feasibility of active base isolation systems. 
However, the experiments only considered the in-plane 
motions of structures under unidirectional excitations. 
Further considerations, i.e., out-of-plane motions of 
structures under multi-directional excitations, must be taken 
into account in the experiments of active base isolation 
systems in order to prove complete viability of this control 
technique. 

To broaden the field of structural control, especially in 
base isolation with additional controllable devices, an ASCE 
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contributions of the passive base isolation can be expected if 
the capacity of the actuators is too large with respect to total 
mass of the active base isolation systems. Hence, use of 
these actuators in this research allows the laboratory-scale 
experiments to provide more information about the potential 
for full-scale implementation.  The hydraulic actuators for 
this experiment were custom manufactured by Shore 
Western Manufacturing (2011) to meet the needs of this 
experiment, as shown in Figure 1-b and -c. Each actuator 
has a 500-lb dynamic force capacity at 3,000 psi. To avoid 
accidental over-travel, the stroke is limited to 8” out of 8.76” 
full stroke.  The Moog G761 series 2.5-gpm servo-valves 
(Moog 2011) were used. 

Because the major objective in this research is to 
control of the horizontal motions, which includes two 
translational responses and one torsion response, multiple 
actuators are equipped at the base layer along with the 
bearings, as shown in Figure 2. According to the 
configuration, one actuator, namely the y-actuator, is located 
on the strong axis of the building. The free end of this 
y-actuator is at the center of gravity of the building. The 
other two actuators, namely the x1-actuator and the 
x2-actuator, are located at 6.5” from both edge columns 
along the weak axis of the building. These two actuators are 
symmetrically placed with respect to the center of gravity of 
the building. 

 
Figure 2  Active base isolation with a six-story building 

and multi-axial actuators. 
 

A number of sensors are installed on the model 
buildings for use in either the control implementation or in 
the determination of the control performance. 
Accelerometers are located at the edges of the base, 2nd 
floor, 4th floor, 5th floor, and 6th floor along the y-, x1-, 
x2-directions of the actuators. Additionally, two 
accelerometers are placed on the shake table in order to 
measure the ground accelerations. To fully investigate the 

behavior of the six-story building and the control 
performance, two additional wireless sensors are installed 
on the 1st and 3rd floors. Base displacement is also 
measured.  The displacements along two perpendicular 
directions are measured using linear variable differential 
transformers (LVDT) or the Krypton K600-DMM system 
from Nikon Metrology NV (2011). These LVDTs are 
located on the actuators, and the resulting LVDT readings 
can be viewed as the base displacements. While no 
actuators are attached to the buildings, the relative 
displacements between the building base and the ground are 
sensed by the Krypton system. The number of sensors used 
in the control implementation depends on the requirement 
of the control designs, but all the sensors provide the 
responses for evaluation of the control performance under 
different control strategies. 

In this research, the data acquisition and the digital 
controller work independently with different equipment in 
accordance with the functionality. The data acquisition 
requires an anti-aliasing filter to avoid the frequency 
components above the Nyquist frequency corrupting the 
low frequencies. In contrast, the digital controller sends the 
control commands for the actuators based on the 
measurement inputs and needs a high sampling rate without 
any signal distortions, i.e., no anti-aliasing filter 
incorporated. The main data acquisition (DAQ) system in 
the experimental setup is the NI-DAQ (National Instrument 
2011). A dSPACE DS1003 (dSPACE Inc. 2011) parallel 
digital signal processing DSP board on a Texas Instrument 
TMS320G40 processor performing on a PC computer is 
used to command the actuators in accordance with the 
developed control strategies. Moreover, the dynamical 
signal analyzer of the Siglab (Spectral Dynamics 2007) is 
employed to produce the band limited white noise (BLWN) 
for the investigation of frequency-domain responses (e.g., 
the transfer function responses). Using this equipment, the 
active isolation system can be successfully implemented and 
fully investigated.  

As this research focuses on the seismic protection, a 
six-DOF shake table (Shore Western Manufacturing 2011) 
is employed to duplicate the earthquake records for 
experiments. The maximum displacement of the shake table 
in three translational directions is ±4” (x), ±2” (y), and ±2” 
(z), respectively. The total payload is two tons, resulting in 
the maximum accelerations of 2 g horizontally and 1 g 
vertically. 
 
3.  HYBRID SYSTEM IDENTIFICATION 
 

Many system identification techniques in most civil 
engineering applications are parametric in nature, seeking to 
determine or update physical quantities, such as mass, 
damping, and stiffness. For control purposes, developing a 
structural model by the finite element method often results 
in mismatching modal properties, such as differentiated 
natural frequencies and overestimated damping; rather, an 
effective model that can accurately represent the dynamic 
relation between the various system inputs and the outputs 

- 1583 -



 

 

is needed (Dyke et al 1994a and 1994b). 
To obtain a high-fidelity model which can represent 

the system dynamics accurately, this research adopts a 
hybrid system identification technique to identify the 
structural system in accordance with the input-output 
relationship. Before applying system identification, the 
associated parameters, such as the numbers of states, poles, 
and zeros in the polynomial transfer functions, should be 
determined in advance. Instead of determining these 
parameters of system identification by guessing, they can be 
determined using a simplified model for the active isolation 
system. Because the control design in this research depends 
on linear control theory, a linear time-invariant model is 
desired. The bearings and hydraulic actuators are linearized 
and coupled with a lumped-mass model of the building to 
yield this overall linearized model. 

In this hybrid approach, a simplified model is first 
developed in terms of three components: the building, the 
bearings, and the actuators. The lumped mass model of the 
building considers the motions in the horizontal plane, 
consisting of translational responses in the x- and y- 
directions and the torsions along the vertical direction. A 
linear approach derives the dynamics of the isolation 
bearings based on the small displacement around the 
concave centers.  By combining these two components, the 
equation of motion is given by 

 *
s s s

g
b b b
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here sx  and bx denote the buildings’ displacements and 
the base displacements; x, y, zz in the subscripts denote x-, y-, 
and torsion directions; the number subscripts indicate the 
floors; ns indicates the total number of stories; sx&  and sx&&  
are the buildings’ velocities and accelerations; bx&  and bx&&  
are the base velocities and accelerations; gx&& is the ground 
accelerations; ,  ,  s s sM C K are the mass, damping, and 
stiffness matrices; Γ is a vector that couples each degree of 
freedom from the base responses to the buildings; bM  and 

bK  are the mass and stiffness matrices of the bearings; *Γ  
denotes the coupled effects from the ground accelerations to 
the response at the base layer. 

A model of servo hydraulic actuators usually 
characterizes the dynamics by the spool control in the servo 
valve, the hydraulic force equilibrium at the piston, and a 
closed-loop control regulation (e.g., the 
proportional-integral-derivative (PID) control). In this 
research, a first-order dynamic system is employed to 
describe the spool control with respect to the input current. 
Since the differential pressures in each chambers are 

independently considered, the equation to equilibrate the 
acting forces at both sides of the piston results in a 
second-order dynamic system, which is featured with the 
control-structure interaction. For the PID controller, only the 
proportional gain has been assigned because tuning only the 
proportional gain ensures the dynamics to be appropriate in 
the real-time approach. Hence, the overall model (see Figure 
3) regarding the active isolation system with a building is 
developed and given by 

*
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a g
b b b
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with 

1 2x x y⎡ ⎤= ⎣ ⎦b b b b , , 1 , 2 ,

T

a a x a x a yf f f⎡ ⎤= ⎣ ⎦f  

where b is a matrix of the actuators’ force distribution, and 
fa represents three actuators’ forces. All subscripts, x1-, x2-, 
and y, indicate the actuators as well as the directions. A 
three-order dynamic system forms one actuator force with a 
voltage input which is represented in u for all actuators. The 
details of modeling the whole system are available in Chang 
and Spencer (2011). 

1,yx&& 1,xx&&

2,yx&& 2,xx&&

g,yx&& g,xx&&

1,ynx −&&
1,xnx −&&

,ynx&& ,xnx&&

b,yx&& b,xx&&

 
Figure 3  Illustration of active isolation systems. 

 
After developing the simplified model for 

understanding the control problem, the hybrid system 
identification technique is followed by the state-of-the-art 
identification approach. The procedure to identify a system 
in this research contains two steps: (1) system identification 
for single-input and multi-output (SIMO) systems, and (2) 
system combination for a minimal multi-input and 
multi-output (MIMO) system (Chang and Spencer 2011). 
First, the system identification tool, MFDID (Kim et al. 
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2005), is employed to identify five SIMO system models 
with respect to three actuator inputs and two translational 
ground accelerations. The identified models subsequently 
represent systems as a rational polynomial transfer function 
matrix in the continuous frequency domain.  Since the 
frequency-domain system identification technique usually 
duplicates the eigenvalues as realized to the state-space 
representation, the second step in this system identification 
approach employs the numerical approach for the minimal 
realization to eliminate the additional eigenvalues, which 
can be interpreted as the additional poles or states (Chang 
and Spencer 2011).  The two-step system identification 
approach yields a model, which consists of five inputs and a 
number of outputs, to accurately portray the behavior of this 
structural system. 
 
4.  CONTROL DESIGN 
 

A control problem always shows a trade-off option 
between high performance and robust stability. A highly 
authoritative controller usually results in better performance, 
while uncertainties in the system model or the control 
implementation may decrease performance and even 
produce instabilities. Spencer et al. (1994) have shown that 
H2/LQG control methods not only effectively reduce the 
contribution from these uncertainties to the system but also 
guarantee high control performance against earthquakes. In 
this research, the control design still depends on this 
H2/LQG control algorithm to design the controllers for the 
control implementation of active isolation systems. To 
further consider the seismic effect in the controller, the 
control design is adequately modified with incorporation of 
the Kanai-Tajimi filter (Ramallo et al. 2002 and Yoshioka et 
al. 2002). 

To illustrate the active isolation system for control 
design, consider a structural system under seismic 
excitations gx&& and control input commands u, such as Eq. 
(2). The linear time-invariant state-space representation of 
this input-output structural system with the control-structure 
interaction is presented as 

 

u

g

g

= + +

= + + +

= +z z

x Ax Bu Ex

y Cx Du Fx v

z C x D

& &&

&&  (3) 

where x is the state vector, which may not represent the 
structural displacements and velocities as Eq. (2) due to the 
identified model (Chang and Spencer 2011); the measured 
output vector y depends on the sensors installed in the 
structural system; z is the vector to be regulated without 
considering the measurement noise. For the control design, 
the H2/LQG control methods used in this research generate 
the controller based on Eq. (3) with adequate modification, 
such as weighting by the Kanai-Tajimi filter, give by  

 in in in in

g in in

= +
=

x A x B w
x C x
&

&&
 (4) 

where Ain, Bin, and Cin are the matrices which satisfy the 
definition of the Kanai-Tajimi filter, and w is the wide-band 
white noise. To merge the shaping filters into the system 
plant, the augmented system is adjusted from Eq. (3) and 
then written by 
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where the measured output vector y  is augmented to 
include the excitation inputs. According to the augmented 
system in Eq. (5), a controller used to regulate the system 
can be robustly developed using the H2/LQG control 
methods. 

The H2/LQG control methods are a two-step design 
procedure which includes the linear quadratic regulation 
(LQG) and the Kalman estimator. First, the LQR results in 
an optimal control gain, which is derived from a specific 
objective function, J, given by  

 ( ) ( ) ( ) ( )( )
0

1lim
T T T

T
J E t t t t dt

T→∞
⎡ ⎤= +⎢ ⎥⎣ ⎦∫ z uz Q z u R u  (6) 

where Qz is the semi-definite matrix of a weighting function 
for the new regulated output vector z , Ru is the 
positive-definite matrix of a weighting function for the 
control input commands, and [ ]E • denotes the expected 
value. Solving the Riccati equation for Eq. (6), the optimal 
control gain can be obtained by 

 ( ) ( )t t= −u Kx  (7) 
The optimal control gain is the matrix, K, with respect to the 
states of the augmented system. After obtaining the optimal 
control gain from the objective function in Eq. (7), the 
Kalman estimator is then designed to convert the 
measurements to approach the states of the system, such that 

 ( )( )ˆ ˆ ˆ= + + − +x Ax Bu L y Cx Du&  (8) 

where y  is the measured output directly from the readings 
of sensors, and L is the observer gain obtained from the 
Kalman estimator theory. By combining Eqs. (7) and (8), an 
optimal controller for this control problem is specifically 
designed in accordance with the assigned weighting 
functions. Through this design procedure, a 
high-performance controller is guaranteed based on the 
predefined control objective, i.e., the significant reductions 
in base displacements and the acceptable level of floor 
accelerations in this active isolation system as compared to 
the passive isolation in this research. 
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5.  EXPERIMENTAL RESULTS 
 

This active isolation system for the six-story building 
was developed to implement structural control against 
bi-directional seismic excitation. Band-limited white noise 
(BLWN) signals and earthquake records are input to the 
structural system to verify the performance of the active 
isolation system. Three controllers are synthesized using 
H2/LQG methods, based on different measurements for the 
feedback control. In addition to the active isolation, the 
zeroed control sends zero commands all the time to all 
actuators for portraying the fixed-base building behavior, 
while the passive isolation performs the isolated building 
without any actuators attached to the building base. Because 
the control objective of the active isolation in this research 
focuses on the mitigation of base displacements and floor 
accelerations, the successful control implementation will 
result in the significant reductions in both types of 
measurements, as compared to the zeroed control and 
passive isolation. Consequently, a series of tests for this 
active isolation proves the attractive features in terms of 
structural performance mitigation and control effectiveness 
through the combination of the passive and active control 
devices against earthquakes.  

To completely analyze the control implementations, 
the results are presented in both time and frequency domain. 
The BLWN signals are employed to obtain the transfer 
functions for the frequency-domain analysis, while five 
earthquake records are used to test all controller strategies 
performance in the time domain.  In this paper, only the 
tests obtained from both east-west and north-south 
components of the 1940 El Centro records are addressed, 
and the magnitudes of these two records are adjusted to 0.2 
g for the peak ground accelerations.  

As mentioned in the control design, the advanced 
H2/LQG control method generates active controllers for this 
active isolation system. This advanced method contains an 
input shaping filter for the controllers in both x- and y- 
directions. Moreover, an input shaping filter in the H2/LQG 
control design not only gives the excitation inputs to be 
additional measurements in the Kalman estimator design 
but also provides the choice to include a feed-forward gain 
(Yoshioka et al. 2002) in a control design. Three controllers 
considered in this paper are categorized in accordance with 
the grouped measurements for feedback control as: 
• Controller F: this control design employs wired 

measurements to realize the feedback control, e.g., the 
base displacement and the base, 2nd floor, 4th floor, and 
6th floor accelerations in the y-direction for the 
y-actuator and in the x1- and x2- directions for both 
x-actuators. Only the y-controller contains a 
feed-forward gain in this case. 

• Controller FA: this control design utilizes acceleration 
measurements for the feedback control, such as the 
base, 2nd floor, 4th floor, and 6th floor accelerations 
along the y-direction for the y-actuator and along the 
x1- and x2- directions for both x-actuators. Both 

controllers in these two directions contain feed-forward 
gain, respectively.  

• Controller BA: this control design uses few 
measurements for the feedback control, such as the 
base displacement and top floor acceleration along the 
y-direction for the y-actuator and along the x1- and x2- 
directions for both x-actuators. Only the x-controller 
has a feed-forward gain. 
The transfer functions of the active isolation 

implementation are first presented as compared to the 
passive and zeroed controls. Figure 4 illustrates the results 
using the active control-FA.  The active control-FA 
performs better in reducing the y-directional accelerations at 
the top floors in low frequencies, as compared to the zeroed 
control. This active control exhibits significant reductions in 
the y-directional base displacements as well as effectively 
decreases the y-directional accelerations at the lower floors 
in low frequencies, when compared to the passive isolation. 
In addition to responses in the y direction, the active 
control-FA shows reductions in x2-directional accelerations 
around the first natural frequency, as compared to the zeroed 
control. Meanwhile, this active control demonstrates 
average reductions in x2-directional base displacements but 
significant reductions in x2-directional accelerations at the 
lower floors, as compared to the passive isolation. 
According to this investigation, the active isolation system 
will give much smaller base displacements with comparable 
floor accelerations under seismic excitations to the passive 
isolation, while this active system will generate significant 
reductions in floor accelerations with similar performance in 
base displacements to the zeroed control. 

The mode shapes among three types of control 
strategies are also investigated in the frequency-domain 
analysis. All mode shapes are computed from the identified 
models, which are derived from the MFDID (Kim et al. 
2005) by experimental acceleration measurements. The 
active control-FA is representative for the active control 
category because the performance among three active 
control strategies is very similar. Figure 5 presents the mode 
shapes of these three types of control strategies in the first 
three modes. As a result, the active control-FA generates 
average base displacements between the passive and zeroed 
controls in the first three modes, while the interstory drifts at 
the lower floors using the active isolation are comparable to 
the passive control. As for the mode shapes in the 
x-direction, the active control-FA exhibits similar mode 
shapes to the passive control in the lower floors in the first 
mode, while the other mode shapes in this control strategy 
are close to the zeroed control. Although the control 
implementation does not measure displacements on the 
building, these mode shapes still adequately describe the 
displacement responses in different types of control 
strategies. 
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(a) 

(b) 

(c) 

(d) 

Figure 4  Transfer functions of all control strategies 
from ground acceleration to the structural responses: (a) 

and (b) are in the y-direction and (c) and (d) are in the 
x2-direction. 

 
 
 

 
 

(a) passive isolation in the y-direction 

 
(b) passive isolation in the x-direction 

 
(c) zeroed control in the y-direction 

 
(d) zeroed control in the x-direction 

 
(e) active control in the y-direction 

 
 
(f) active control in the x-direction 

 

Figure 5  Mode shapes of the (a) and (b) passive control, 
the (c) and (d) zeroed control, and the (e) and (f) active 

control-FA. 
 

This later portion presents the time-domain results the 
focus of which is the comparison between the active 
isolation and the passive isolation. Figure 6 shows the 
y-directional responses from the 0.2-g El Centro earthquake 
record. In this case, the base displacements of the active 
control-FA are significantly decreased as expected, while 
the base accelerations are comparable to the passive 
isolation. As for the x-directional responses from the same 
earthquake record, Figure 7 presents almost a 50% 
reduction in the base displacements of the active control-FA 

- 1587 -



 

 

as compared to the passive isolation. This active control 
exhibits comparable performance in floor accelerations to 
the passive isolation as well. Hence, the active isolation 
effectively reduces the base displacements and the 
accelerations at the lower floors but slightly increases the 
accelerations at the higher floors, as compared to the passive 
isolation. The results correspondingly reflect the main 
control objective as well. 

 
(a) 

(b) 

Figure 6  Time histories in the y-direction under 
the 0.2-g El Centro earthquake record: (a) the base 
displacement and acceleration and (b) the 3F and 6F 
accelerations. 

The maximum and root-mean-square (RMS) 
responses are also investigated with the active isolation. For 
example, Figure 8 presents these two types of responses 
under the 0.2-g El Centro earthquake record. In this figure, 
the maximum floor accelerations of the active isolation 
perform closely to the passive isolation in the x-direction, 
while the maximum base displacements of the active 
isolation are reduced to about 75% of those in the passive 
isolation along the same direction. For the x-directional 
RMS responses, the active isolation has better performance 
at the 2nd-4th floors and the base, while the base 
displacements of the active isolation are mitigated to 50% of 
those in the passive isolation. Although the active isolation 
increases the maximum floor accelerations with comparison 
to the passive isolation in the y-direction, the base 
displacements in the active isolation remain very small in 
this direction. For the y-directional RMS responses, the 
floor accelerations are slightly amplified using the active 
isolation, while a high performance level of the base 
displacements is still found in the active isolation. Among 
different active control strategies, the results show similar 

performance. Therefore, the results in the maximum and 
RMS responses show the performance of the active 
isolation as it corresponds to the control objective and verify 
the effectiveness of the active isolation, as compared to the 
passive isolation. Note that more results are available in 
Chang and Spencer (2011). 

In addition, this study also provides a simulation 
platform that allows users to integrate their own control 
strategies into this structural system. This simulation 
platform includes three structural systems: a) fixed-base 
building, b) passively isolated building, and c) active 
isolation. All the structural systems are derived from the 
simplified models that have been verified by comparing 
with the experimental transfer functions. Figure 9 shows the 
graphic user interface (GUI) platform of this active isolation 
control problem. In this GUI tool, users can select 
earthquake records to excite the structural systems, choose 
different types of sensors to obtain floor responses, create 
their own control laws and devices, and animate the 
structural systems in the real time. To better understand this 
multi-axial active isolation system, this platform provides a 
sample controller that users may use in the beginning before 
implementing their own ones. This platform is now 
available in Chang and Spencer (2011). With this GUI tool, 
users can directly implement their designed multi-axial 
active isolation in Matlab (2011). 
(a) 

(b) 

Figure 7  Time histories in the x-direction under the 
0.2-g El Centro earthquake record: (a) the base 

displacement and acceleration and (b) the 3F and 6F 
accelerations. 
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(a) 

 

(b) 

 
Figure 8  Comparison of the responses between the 

active isolation and passive isolation under the 0.2-g El 
Centro earthquake record: (a) the maximum responses 

and (b) the RMS responses. 
 

 

Figure 9  Simulation platform.  

 
6.  CONCLUSIONS 

In this research, active isolation has been implemented 
and experimentally verified for seismically excited 
buildings under multi-directional earthquake excitation. 
Active isolation consists of a base isolation system 
combined with controllable actuators. The efficiency offered 
by the base isolation system in reducing interstory drifts and 
floor accelerations has been combined with the adaptive 
nature of the active system to provide improved 
performance against a wide range of earthquakes. Thus, the 

protection of structures employing active isolation increases 
a building’s survival chances without introducing large base 
displacements that can occur with passive isolation systems. 
This research verified active isolation for both in-plane and 
out-of-plane motions under the bi-directional excitations. 
By employing the state-of-the-art system identification and 
control design, the developed control strategies in the active 
isolation system have demonstrated significant reductions in 
the base displacements and acceptable performance of the 
floor accelerations as compared the conventional seismic 
isolation. The successful implementation of the active 
isolation validated the attractive option for seismic 
protection of building structures.  

The frequency-domain and time-domain analysis 
demonstrated the potential of the active isolation system for 
protecting buildings against seismic excitations. The results 
showed the ability of the active isolation in reducing of the 
base displacements as compared to the passive isolation, 
while the floor accelerations still remained at a moderate 
level. Moreover, the active isolation always produced 
comparable accelerations to the passive isolation at the 
lower floors, although the accelerations at the top floors 
were slightly amplified. Through a series of shake table tests, 
the active isolation has shown promising performance with 
consistent behavior in a wide range of excitations. Hence, 
the successful implementation of this active isolation under 
bi-directional excitations verified the feasibility and 
functionality of the control strategy proposed in this 
research. 
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Abstract: After 2008 Wenchuan Earthquake, dampers are increasingly applied in the design of new buildings and retrofit 
of existing buildings in China. In this paper, five viscoelastic (VE) dampers from Japan were tested under dynamic loads 
to evaluate their performance according to Chinese codes and standards. The related performance evaluation criterion in 
China is also introduced in detail. The evaluation on VE dampers included dimension deviation evaluation, maximum 
damping force, pseudo-shear modulus, loss factor, frequency-dependent capacity and capacity under repeated load. It is 
concluded that the VE dampers generally meet the requirements of Chinese codes and could be used in engineering 
structures. Further study is needed for the application of the damper in the whole building structures. 
 

 
 
1.  INTRODUCTION 
 

The protection of various buildings from natural 
hazards has become an increasingly important issue in 
engineering field. The huge losses caused by earthquake 
force us to develop an effective protection system to mitigate 
the losses. Since the concept of vibration control was firstly 
put forward by J.T.P.YAO (1972), various means have been 
developed and implemented to reduce excessive dynamic 
responses of structures to environmental forces induced by 
earthquakes or winds, for example, passive control methods, 
semi-active control methods, and active control methods. 
The viscoelastic (VE) damper is a kind of passive control 
device which is used for energy dissipation. Nowadays very 
reliable and durable viscoelastic material is available which 
makes the VE damper very suitable and attractive for 
vibration control. VE damper consists of VE layers bonded 
with steel plates by sulfuration. When subjected to dynamic 
loading, the deformation of the viscoelastic layer induced by 
the structure vibration will lead to energy dissipation and can 
thus reduce the dynamic responses of structures.  

The application of viscoelastic material in the control of 
vibration dates back to 1950s (Soong and Dargush 1997), at 
that time it was used in aerospace structures as a way to 
solve the vibration fatigue problem. The use of viscoelastic 
dampers in the domain of civil engineering started in 1969. 
10,000 viscoelastic dampers were installed in the twin 
towers of the World Trade Center in New York to mitigate 
the effects of wind loads (Nielsen et al. 1994). From then on 
many similar applications have been undertaken in the 
United States and other countries, and a lot of project cases 

had demonstrated the effectiveness of viscoelastic dampers 
on mitigation the wind induced vibration. Seismic 
applications of viscoelastic dampers have a more recent 
origin. For seismic applications, larger damping is usually 
required in comparison with those required for mitigation of 
wind-induced vibrations. Furthermore, energy input into the 
structure usually spread over a wider frequency range, 
requiring more effective use of the viscoelastic materials. 
With the development of new viscoelastic material, the 
property of VE damper had also improved a lot, and it was 
used for seismic mitigation for the first time in 1993 in a 
13-story retrofitting project in the United States (Crosby et al. 
1994). After that, many analytical and experimental studies 
were conducted in order to better use viscoelastic dampers in 
practice. Now the use of viscoelastic dampers is quite 
common in some countries. In China, especially after the 
2008 Wenchuan Earthquake, dampers are also increasingly 
applied in the design of new buildings and the retrofitting of 
existing buildings. 

In this paper, the dynamic loading experiment of 5 VE 
dampers from Japan has been conducted to evaluate their 
performance according to Chinese codes and standards. The 
mechanical properties of the dampers were summarized 
based on the test results. The requirement of related Chinese 
codes and standards on the mechanical properties of the 
dampers were also introduced in detail which provided a 
helpful reference for the future use of VE dampers in China. 
 
2.  OUTLINE OF THE EXPERIMENT 
 

A single damper is composed of two layers of 
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viscoelastic material sandwiched by three parallel plates. 
The area of each layer of viscoelastic material is 
400x400mm2 and the thickness is 15mm. The dimension 
and photo of the VE damper are shown in Fig. 1.  

The dynamic behavior of the damper was characterized 
by performing a series of tests with a displacement feedback. 
In order to examine the mechanical properties of the damper, 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 

 

dynamic loading experiments were carried out using the 
testing setup shown in Fig. 2. 

A 100kN actuator was used to assign the displacement 
to the system. The actuator is mounted in such a way as not 
to give eccentric load and it is positioned in parallel with the 
load cell, as shown in Fig. 2. The loading is controlled by the 
deformation indicated by using the inner deformation meter. 
Loading condition use the frequency, amplitude and the 
cycle count as parameter for each dependence test. The 
temperature of the VE material is maintained to 20±3 .℃  The 
excitation conditions are shown in Table 1. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Item Wave Amplitude (mm) Strain (%) Frequency (Hz)  Cycles 

Strain dependence Sinusoidal wave ± 7.50~45.00 50~300 0.1 5 

  Frequency dependence Sinusoidal wave ± 15.00 100 0.25~1.5 5 

Ultimate capacity Sinusoidal wave ± 52.50 350 0.1 5 

Fatigue property Sinusoidal wave ± 15.00 100 0.1 30 

 
3.  THE PERFORMANCE INDEX AND THE 
PERFORMANCE EVALUATION CRITERION IN 
CHINESE CODE 
 

The mechanical property of the viscoelastic material 
has the characteristics of viscous liquid and elastomer. When 
subjected to alternating stress, it permits some of the input 

energy stored in the form of potential energy while the rest 
part of the input energy can be dissipated in the form of 
thermal energy (Chang et al. 2004). The mechanical 
property of the VE damper is usually analyzed by 
introducing three parameters: G′ , G′′ and η . 

The first parameter G′  is the equivalent shear 
modulus. It is defined as the following equation: 

Figure 2  Configuration of the Testing Setup and Photo 

2400

Figure 1  Dimension and Photo of the CST30 Viscoelastic 
Damper 

Table 1  Exicitation Conditions 

(b) Photo of the Damper 

(a) Dimension of the Damper (a) Configuration of the Testing Setup   

(b) Photo of the Testing Setup 
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Dmax: maximum displacement in the loop 
Dmin: minimum displacement in the loop 
Fmax: maximum load in the loop 
Fmin: minimum load in the loop 

S: section area 
t: thickness 

 
The second parameter G′′  is the loss modulus which 

indicates the energy dissipation capability of the VE-material. 
The third parameter η  is used as a measure of damping in 
the VE-material, a big η  value indicates the damper have 
good capacity to dissipate energy. The relationship among 

these three parameter can be express as follows: /G Gη ′′ ′= . 
According to Dampers for Vibration Energy Dissipation of 
Buildings which is to be issued by the Ministry of Housing 
and Urban-Rural Development, P. R. China, the loss factor 
η  can be obtained by using the ratio of damping force F1 
which corresponds to the zero displacement to the damping 
force F2 which corresponds to the maximum displacement 
in a same F-D hysteretic loop. 

According to the requirements specified by Code for 
Seismic Design of Buildings (GB-50011, 2010), which is 
issued by the Ministry of Housing and Urban-Rural 
Development, P. R. China, and Dampers for Vibration 
Energy Dissipation of Buildings and Technical Specification 
for Buildings with Energy Dissipation Devices, which are to 
be issued by the Ministry of Housing and Urban-Rural 
Development, P. R. China, the following contents are 
checked: appearance quality, dimension deviation, 
maximum damping force, pseudo-shear modulus, loss factor, 
hysteretic curve, maximum pseudo-shear strain, 
frequency-dependent capacity, ultimate capacity, and fatigue 
property.  

The detailed requirements of each item are listed in 
Table 2.

 

 
Item Performance Requirement 

Appearance quality 
The surface of the steel plate must be smooth with no rust or burr. The viscoelastic material must be 
compact and have smooth surface. No cracks exist between the steel plate and the viscoelastic 
material.  

Dimension deviation 

The dimension deviation of the steel plate should be no more than ±2% of the design value. The 
measured length and width of the viscoelastic material should not exceed the design value by ±2%. 
The thickness of the viscoelastic material should not exceed the design value by ±3%, the 
differences between each data should be less than ±5%. 

Maximum damping 
force 

The measured damping force should be more than 120% of the design value 

Pseudo-shear 
modulus 

The deviation of the measured pseudo-shear modulus compared with the design value should not 
exceed ±15%, and the average value of the measured data should not exceed ±10% of the design 
value. 

Loss factor 
The measured loss factor should be more than 85% of the design value, and the average value of the 
measured data should be more than 90% of the design value. 

Hysteretic curve The measured hysteretic curve should be smooth and normal. 

Maximum 
pseudo-shear strain 

The measured maximum pseudo-shear strain should be not less than 120% of the design value. 

Ultimate capacity  
When the ultimate deformation amplitude reaches 350% of the design shear strain, the connection 
failure should not occur in the interface place of the steel plate and viscoelastic material. 

Fatigue property 
If the VE damper is mainly used in seismic mitigation, the changing rate of pseudo-shear modulus 
and loss factor should not exceed ±15%. 

 
4.  RESULT OF THE TEST 
 
4.1  Strain Dependence  

Two specimens were tested under this excitation 

condition. The following items of the performance 
requirements were checked: appearance quality, dimension 
deviation, maximum damping force, loss factor, hysteretic 
curve, pseudo-shear modulus, and pseudo-shear strain. 

max min max min
( ) / ( )K F F D D= + +

:γ
max min

( ) / 2F F Sτ = +

max min
( ) / 2D D tγ = +

Table 2  Performance Requirement 
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In order to investigate the dependence of the response 
on the strain amplitude, a number of cyclic tests at 
loading rate were conducted, the frequency was set as 0.1Hz 
of sinusoidal wave, and the ambient temperature was in the 
range of 20℃±3℃, each loading was carried out 5 cycles 
and the 3rd cycle of the hysteretic loop is us
the hysteretic characteristics value. The amplitude of the 
deformation was gradually increased from 7.5mm to 45mm 
which is equal to ±50,±100,±110,±
± 150,± 180,± 200,± 250,± 300 percentage
thickness of viscoelastic body in alternative direction. The 
relationship between hysteretic characteristics and strain are 
shown in Fig. 3. The typical hysteretic loop obtained from 
the test is shown in Fig. 4. 

As it can be seen, the loss factor of the damper have a 
relatively stable value when the strain amplitude is within 
the range of 100%~200%, but if the strain amplitude 
exceeds 200%, there is a decrease in the loss factor by about 
20%. The equivalent shear modulus and the loss modulus of 
the damper decrease with the gradually increase of the strain 
amplitude. When the strain amplitude gradually increased 
from 7.5mm to 45mm, no connection failure 
interface place of the steel plate and the viscoelastic material
The maximum pseudo-shear strain is 300
of the viscoelastic body.     
 

 
 
 
 

 

 

 

 

                       

 

 

 

 

 

 

 
 
                    

 

 

 

 

(a) The Relationship Between G′  and Shear Strain

(b) The Relationship Between G′′  and Shear Strain

In order to investigate the dependence of the response 
on the strain amplitude, a number of cyclic tests at constant 
loading rate were conducted, the frequency was set as 0.1Hz 
of sinusoidal wave, and the ambient temperature was in the 

h loading was carried out 5 cycles 
and the 3rd cycle of the hysteretic loop is used for obtaining 
the hysteretic characteristics value. The amplitude of the 
deformation was gradually increased from 7.5mm to 45mm 

±120,±130,±140,
percentage of the 

thickness of viscoelastic body in alternative direction. The 
relationship between hysteretic characteristics and strain are 

The typical hysteretic loop obtained from 

can be seen, the loss factor of the damper have a 
relatively stable value when the strain amplitude is within 
the range of 100%~200%, but if the strain amplitude 

200%, there is a decrease in the loss factor by about 
r modulus and the loss modulus of 

the damper decrease with the gradually increase of the strain 
When the strain amplitude gradually increased 

from 7.5mm to 45mm, no connection failure occurred in the 
viscoelastic material. 
0% of the thickness 

 

 

 

                    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.2  Frequency Dependence 
One specimen was tested under this excitation 

condition. The following items of the performance 
requirements were checked: appearance quality, dimension 
deviation, pseudo-shear modulus
factor. 

In order to investigate the frequency dependence, the 
specimen is applied under the horizontal displacement which 
is equal to 100% of the thickness of viscoelastic body. The 
loading condition was changed at six different loading 

Figure 3  The Relationship Between Mechanical
Propertiers of the VE Damper 

and Shear Strain 

and Shear Strain 

(c) The Relationship Between 

(d) The Relationship Between Maximum Damping Force 
and Shear Strain

 

Figure 4  The Hysteretic Loop of the Damper 
Deformation Amplitude 

Force(kN) 

 
was tested under this excitation 

The following items of the performance 
requirements were checked: appearance quality, dimension 

shear modulus, hysteretic curve, and loss 

In order to investigate the frequency dependence, the 
the horizontal displacement which 

is equal to 100% of the thickness of viscoelastic body. The 
loading condition was changed at six different loading 

The Relationship Between Mechanical 
VE Damper and the Strain Amplitude 

The Relationship Between η  and Shear Strain 

The Relationship Between Maximum Damping Force 
and Shear Strain 

 

Hysteretic Loop of the Damper When 
Deformation Amplitude is 15mm 

Displacement (mm) 
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frequencies (0.25, 0.5, 0.75, 0.8, 1.0, 1.5Hz
wave. 5 cycles of loading is proceed and the 3
hysteretic loop is used for obtaining the hysteretic 
characteristics value. The ambient temperature was in the 
range of 20℃±3℃. The relationship between hysteretic 
characteristics and strain are shown in Fig.
hysteretic loop obtained is shown in Fig. 6

The equivalent shear modulus and the loss modulus 
both increase gradually with the increase of frequency, while 
the loss factor maintains a relatively stable value within a 
wide range of frequency. The hysteretic loops obtaine
smooth and had good shape.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
                      
 
 
 

Figure 5  The Relationship Between Mechanical 
of the VE Damper and Loading Frequency

(a) The Relationship Between G′  and Loading Frequency

(b) The Relationship Between G′′  and Loading Frequency

(c) The Relationship Between η  and Loading Frequency

1.5Hz) of sinusoidal 
wave. 5 cycles of loading is proceed and the 3rd cycle of the 

for obtaining the hysteretic 
characteristics value. The ambient temperature was in the 

. The relationship between hysteretic 
characteristics and strain are shown in Fig. 5. The typical 

6.  
The equivalent shear modulus and the loss modulus 

gradually with the increase of frequency, while 
s a relatively stable value within a 

loops obtained were 

 

 

 

 

 

 

 

 

 

4.3  Ultimate Capacity  
One specimen was tested under this excitation 

condition. The following items of the performance 
requirements were checked: appearance quality, 
deviation, and the ultimate capacity

In order to investigate the ultimate capacity, the 
specimen is applied the horizontal displacement which is not 
less than 350% of the thickness of the viscoelastic body for 5 
cycles, and the 3rd cycle of hysteretic loop is obtained for its 
characteristics value. The frequency is set as 0.1Hz of 
sinusoidal wave. The ambient temperature was in the range 
of 20℃±3℃. 

After the test, there is no connection
the interface place of the steel plate a
which means the specimen can satisfy 
Chinese codes on ultimate capacity
 
4.4  Fatigue Property 

One specimen was tested under this excitation 
condition. The following items of the performance 
requirements were checked: appearance quality, dimension 
deviation, and the fatigue property

The fatigue property is mainly evaluated by repeating 
dependence test. According to Chinese code, the repeating 
dependence test is a process of repeating 30 cycles of 
loading to 100% of the thickness of the viscoelastic body in 
alternative direction. The frequency was set as 0.1Hz of 
sinusoidal wave. The ambient temperature was in the range 
of 20℃±3℃. 

30 cycles of hysteretic loop are shown in Fig.
rate of change of the mechanical properties of the damper 
shown in Fig. 8 and Table 3. 

 

 

 

 

 

 

 

 The Relationship Between Mechanical Properties 
Loading Frequency 

Loading Frequency 

Loading Frequency 

and Loading Frequency 

Figure 6  The Hysteretic Loop of the Damper When the 
Loading Frequency is 0.25Hz

Force(kN) 

Force(kN) 

Figure 7  Hysteretic L

was tested under this excitation 
. The following items of the performance 

requirements were checked: appearance quality, dimension 
deviation, and the ultimate capacity. 

In order to investigate the ultimate capacity, the 
specimen is applied the horizontal displacement which is not 
less than 350% of the thickness of the viscoelastic body for 5 

eretic loop is obtained for its 
characteristics value. The frequency is set as 0.1Hz of 
sinusoidal wave. The ambient temperature was in the range 

connection failure occurred in 
the interface place of the steel plate and viscoelastic material 
which means the specimen can satisfy requirements of 

on ultimate capacity. 

was tested under this excitation 
. The following items of the performance 

checked: appearance quality, dimension 
deviation, and the fatigue property. 

The fatigue property is mainly evaluated by repeating 
dependence test. According to Chinese code, the repeating 
dependence test is a process of repeating 30 cycles of 
loading to 100% of the thickness of the viscoelastic body in 

requency was set as 0.1Hz of 
sinusoidal wave. The ambient temperature was in the range 

30 cycles of hysteretic loop are shown in Fig. 7. The 
of the mechanical properties of the damper is 

Loop of the Damper When the 
requency is 0.25Hz 

Displacement (mm) 

Displacement (mm) 

Loop of 30 cycles 
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Frequency(Hz) 

Horizontal displacement(mm)

Strain （%） 

Repeating count (cycle) 

Equivalent shear modulus (MP

(Ratio) 

Loss modulus (MPa) 

(Ratio) 

Loss factor 

(Ratio) 

 
5.  CONCLUSIONS 

 
An experiment test program is performed in order to 

evaluate the performance of 5 VE dampers from Japan
according to Chinese codes and standard
performance evaluation criterion is also introduced in detail. 
By experiment a thorough understanding of the mechanical 
property of the CST30 VE damper is obtained

Figure 8  The Relationship Between Mechanical 

Table 3  

(a) The Relationship Between G′  and Repeating Cycles

(c) The Relationship Between 

 

 

 

 

 
                      
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 

0.1 

Horizontal displacement(mm) ±15 

±100 

 3 10 15 

Pa) 0.70 0.58 0.57 

(1.00) (0.82) (0.81) (0.74)

0.58 0.45 0.43 

(1.00) (0.78) (0.74) (0.60)

0.83 0.77 0.75 

(1.00) (0.92) (0.90) (0.89)

An experiment test program is performed in order to 
of 5 VE dampers from Japan 

according to Chinese codes and standards, and the 
evaluation criterion is also introduced in detail. 

By experiment a thorough understanding of the mechanical 
is obtained, and the 

conclusions are summarized as follows
(1) With the increase of the strain, the equivalent she

modulus and loss modulus both decrease gradually. The 
value of loss factor remain relatively stable when the strain 
amplitude do not exceed 200% of the thickness of the 
viscoelastic material, but if the amplitude exceed 200% the 
loss factor will be lower obviously. When the loading 
amplitude reach 350% of the thickness of the viscoelastic 

The Relationship Between Mechanical Properties of the VE Damper and

  Rate of Change of the Mechanical Properties of the VE Damper

and Repeating Cycles (b) The Relationship Between 

The Relationship Between η  and Repeating Cycles 

 

20 30 

0.52 0.48 

(0.74) (0.69) 

0.35 0.35 

(0.60) (0.60) 

0.74 0.73 

(0.89) (0.88) 

conclusions are summarized as follows:  
(1) With the increase of the strain, the equivalent shear 

modulus and loss modulus both decrease gradually. The 
value of loss factor remain relatively stable when the strain 
amplitude do not exceed 200% of the thickness of the 
viscoelastic material, but if the amplitude exceed 200% the 

r obviously. When the loading 
amplitude reach 350% of the thickness of the viscoelastic 

and Repeating Cycles 

Rate of Change of the Mechanical Properties of the VE Damper 

G′′  and Repeating Cycles 
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material, the damper can still function well which 
demonstrates that this type of damper has strong ability of 
deformation. 

(2) The damper has good frequency dependence. With 
the increase of the loading frequency, the equivalent shear 
modulus and the loss modulus of the damper show the trend 
of rise while the loss factor remain relatively stable.  

(3) After 30 cycles of repeating loading, the hysteretic 
loop still have good shape and the damper still have effective 
energy dissipation capacity.  

The analytical result shows that the CST30 VE damper 
has stable mechanical properties, the damper have good 
energy dissipation capacity under earthquake action and can 
function well within a wide range of loading frequency. 
According to the requirement specified by related Chinese 
codes and standards and the test results, the CST30 VE 
damper meet the requirements of Chinese codes and can be 
used in engineering structures in China. 

(4) The study in this paper did not focus on the 
application of the model in whole building structure, this 
study need to be conducted for the next step of the research. 
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Abstract: Masonry structures are vulnerable to earthquakes, thus approaches to the improvement of seismic performance 
of this kind of structure are of significant importance. In the present paper, the effect of base isolation in masonry 
structures is studied with numerical simulation. Based on a typical, to be constructed masonry apartment block, two finite 
element models with and without base isolation are built. Comparison between the seismic performances of these two 
models is drawn, and the reliability of the results is verified with experimental data. It is shown that the use of base 
isolation can bring considerable improvements to the seismic performance of masonry structures. 

 
 
1.  INTRODUCTION 
 

Masonry structures are vulnerable to earthquakes. For 
instance, the Umbria-Marche earthquake (1997) damaged 
important historical heritage buildings in Italy, such as the 
Basilica of Saint Francis in Assisi and more than 200 ancient 
churches (Pelà L, 2009). 

Therefore, approaches to the improvement of seismic 
performance of this kind of structure are of significant 
importance. In order to investigate the effect of base 
isolation systems in masonry structures, two finite element 
models with and without base isolation are built based on a 
typical, to be constructed masonry apartment block in 
Shanghai( figure 1).  
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Figure 1  Plan of Masonry Apartment Block 
 

 

2.  FINITE ELEMENT MODELS 

 
The two finite element models are built with the 

commercial FEM software ANSYS. Masonry walls, 
concrete floor slabs are simulated with SHELL elements, 
while concrete beams and columns BEAM elements. In the 
model with base isolation, the bearings are simulated with 
COMBIN elements. 

In linear analyses, the elastic modules and Poisson’s ratios 
of the main materials are chosen according to the 
characteristics of the actual materials. In nonlinear analyses, 
however, since only one yield strength can be defined for a 
certain material for beam and shell elements, the yield 
strengths and modules after yielding for quasi-brittle 
materials such as masonry and concrete, are chosen as 
follows: a bi-linear material model is adopted; the yield 
point is chosen in such a way that  

 
)(3.0 crkckcrk ffff 

          
(1)

 
 

in which fcrk is the tensile strength of the material, and fck is 

the compressive strength of the material; and the module 

after yielding is 1/10 of the elastic module. The sliding 

bearings are also modeled with a bi-linear model, to simulate 

the sliding behavior.  
The FEM models with and without base isolation are 

shown in Fig. 2 and Fig. 3 
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Figure 3  FEM Model Without Base Isolation 
 

  The results of modal analyses are shown in table 1 and 2.  
It can be seen that with the introduction of base isolation, the 
dynamic characteristics of the structure is significantly 
changed.  

 
Table 1  Modal Analysis Result of FEM Model  

with Base Isolation 

 

Table 2  Modal Analysis Result of FEM Model  

Without Base Isolation 

 

 

3.  PERFORMANCES UNDER SERVICE STATE 

 

The performances of the structures under service state are 
studied with time-history analyses. The earthquake waves 
used as inputs are the Wenchuan wave and the Shanghai 
artificial wave No.2 , with the same peak value 35cm/s2. 

In order to observe the responses of the structures, 5 series 
of nodes, namely N1~N5, are selected for each FEM model. 
The locations of the nodes are shown in figure 4. As can be 
seen, the N1 nodes are at the centre of the structure, while 
nodes in other series are at the corners.  

 
Figure 4  Locations of Node Series 

 
3.1  Performance Under Wenchuan Wave 

The story drifts of the two models under the Wenchuan 
wave are shown in figure 5 and 6, while the inter-story drift 
ratios are shown in figure 7 and 8. 

As can be seen from the results, the story drifts of the 
structure dramatically increased after the introduction of 
base isolation, due to the sliding of the bearings. The 
maximum inter-story drift of the centre point N1 dropped 
significantly from 0.28/1000 to 0.1/1000, while the 

Mode 
Frequency 

(Hz) 
Period 

(s) 
Participation 
Factor (X) 

Participation
Factor (Y) 

1 0.3814 2.6221 0.5307 0.4656 

2 0.3832 2.6097 0.9976 0.9985 

3 0.4819 2.0751 0.9998 0.9998 

4 3.8224 0.2616 0.9999 1.0000 

5 4.2882 0.2332 1.0000 1.0000 

6 4.8962 0.2042 1.0000 1.0000 

7 6.3681 0.1570 1.0000 1.0000 

8 7.4229 0.1347 1.0000 1.0000 

9 8.7791 0.1139 1.0000 1.0000 

10 9.0902 0.1100 1.0000 1.0000 

Mode
Frequency

(Hz) 
Period

(s) 
Participation 
Factor (X) 

Participation
Factor (Y) 

1 2.5215 0.3966 0.0165 0.7969 

2 3.2191 0.3107 0.6975 0.8279 

3 3.4080 0.2934 0.8317 0.8324 

4 8.3865 0.1192 0.8339 0.9568 

5 9.6400 0.1037 0.8339 0.9573 

6 10.7761 0.0928 0.9611 0.9595 

7 11.2396 0.0890 0.9914 0.9600 

8 12.3177 0.0812 0.9914 0.9601 

9 13.1935 0.0758 0.9914 0.9605 

10 13.2582 0.0754 0.9916 0.9605 
Figure 2  FEM Model with Base Isolation 
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maximum inter-story drift of the corner points only has a 
slight decrease. This is because that after the introduction of 
the base isolation, the rotation effect increases, which 
suggests that the projection of the mass centre of the 
structure does not fall on the rigidity centre of the base 
isolation system.  

 
Figure 5  Story Drift of FEM Model 

with Base Isolation Under Wenchuan Wave 

 
Figure 6  Story Drift of FEM Model 

Without Base Isolation Under Wenchuan Wave 

 
Figure 7  Inter-story Drift Ratio of FEM Model 

with Base Isolation Under Wenchuan Wave 

 

Figure 8  Inter-story Drift Ratio of FEM Model 
Without Base Isolation Under Wenchuan Wave 

 
The time-history curves of the base shears of the two 

models under the Wenchuan wave are shown in figure 9 and 
10. It is worth noting that the maximum value of the base 
shear decreased dramatically from about 5000kN to no more 
than 350kN, which verified the effectiveness of the base 
isolation system. 

 

Figure 9  Base Shear Curve of FEM Model 
with Base Isolation Under Wenchuan Wave 

 

Figure 10  Base Shear Curve of FEM Model 
Without Base Isolation Under Wenchuan Wave 
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3.2  Performance Under Shanghai Artificial Wave2 
The story drifts of the two models under the Shanghai 

artificial wave No.2 are shown in figure11 and 12, while the 
inter-story drift ratios are shown in figure 13 and 14. 

 

Figure 11  Story Drift of FEM Model 
with Base Isolation Under Shanghai Artificial Wave2 

 

Figure 12  Story Drift of FEM Model 
Without Base Isolation Under Shanghai Artificial Wave2 

 
Figure 13  Inter-story Drift Ratio of FEM Model 

with Base Isolation Under Shanghai Artificial Wave2 

 
Figure 14  Inter-story Drift Ratio of FEM Model 

Without Base Isolation Under Shanghai Artificial Wave2 

  The story drifts of the structure also dramatically 
increased after the introduction of base isolation. The 
maximum inter-story drifts of the centre point, however, are 
almost the same in the two models, and the maximum 
inter-story drifts of the corner point even increased after the 
introduction of the base isolation. It is thus proved that the 
effectiveness of base isolation system changes with the 
characteristic of the input earthquake wave, and that judging 
from the maximum inter-story drift, the designed base 
isolation system here is not suitable for the Shanghai 
artificial wave No.2.  
  The time-history curves of the base shears of the two 
models under the Shanghai artificial wave No.2 are shown 
in figure 15 and 16. It can be seen that the maximum value 
of the base shear also decreased from about 2000kN to about 
1000kN, which means that under Shanghai artificial wave 
No.2, even though the designed base isolation system is not 
able to control the maximum inter-story drift ratio, it is still 
quite effective at controlling the maximum base shear. Still, 
the effect is not as significant as under the Wenchuan wave.  

 
Figure 15  Base Shear Curve of FEM Model 

with Base Isolation Under Shanghai Artificial Wave2 
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Figure 16  Base Shear Curve of FEM Model 

Without Base Isolation Under Shanghai Artificial Wave2 

 
 
4. PERFORMANCE UNDER ULTIMATE STATE 

 
The performances of the structures under ultimate state 

are studied with push-over analyses. The load patterns are 
chosen according to the pattern of the displacement 
responses of the two models in the time-history analyses 
shown in the previous chapter. It is decided that for the 
model without base isolation, the load varies linearly along 
the height, while for the model with base isolation the load 
stays consistent along the height. 

 
4.1  Performance of Model without Base Isolation 

Because the material adopted in this study contains only 
elastic and hardening periods, the model itself is not able to 
predict the time when the structure actually fails under an 
increasing load. However, it is founded that when the base 
shear of the structure reaches 9592kN, all the load bearing 
walls along the direction of the load on the first floor reaches 
the yield strength defined in equation (1). And it is assumed 
that the structure reaches its ultimate state not later than this 
moment. Figure 17 shows the plastic strain in the masonry 
walls at that moment, and the curve in figure 18 shows the 
relationship between the base shear and its corresponding 
average top displacement.  

 
4.2  Performance of Model with Base Isolation 

According to the analyses introduced in the previous 
chapter, under the same earthquake wave, the base shear of 
the structure without base isolation is about 2~14 times of 
the one with base isolation. The average value of this ratio is 
8. It is then assumed that under the same earthquake wave, 
the ratio of the base shears between these two structures is 8. 
Therefore, under the same earthquake that causes a base 
shear of 9592kN in the structure without base isolation, the 
base shear in the structure with base isolation is 
approximately 1200kN. 

The relationship curve between the base shear and its 

corresponding average top displacement is shown in figure 
19. It can be seen that under the corresponding base shear, 
the structure is still within its linear stage. Therefore, a 
conclusion can be made that under an earthquake strong 
enough to cause the structure without base isolation to fail, 
the one with base isolation will probably undertake no 
damage at all.  

 
Figure 17  Plastic Strain of FEM Model 

Without Base Isolation 

 

Figure 18  Top Drift vs. Base Shear of FEM Model 

Without Base Isolation 

 
Figure 19  Top Drift vs. Base Shear of FEM Model 

with Base Isolation 
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5. VERIFICATION OF ANALYTICAL RESULTS 

 

  In order to investigate the effectiveness of the base 
isolation system, a shaking table test is also conducted. A 
simplified 1/4 model is constructed, and the test model is 
shown in figure 20. 

 

Figure 20  Simplified Test Model 
 

  According to the test results, under service stage, the 
average of the inter-drift ratio of the structure without base 
isolation is 2.09 times of the one with base isolation, which 
is quite close to the result of the nodes at the centre of the 
structure obtained by the numerical analyses (which is 1.4), 
considering the significant simplification of the test model. 
The rotation effect is not included in the shaking table test, 
due to the simplification of the test model. 
  It is observed in the shaking table test that under a 
Wenchuan wave input with a peak value of 0.321g, the test 
model without base isolation develops obvious cracks on the 
masonry walls as can be seen in figure 21 and 22. In the 
model with base isolation however, the same earthquake 
input causes no cracks at all. The result fits the one obtained 
in the numerical analyses.  
 

 

Figure 21  Cracks on the walls of the model 

without base isolation 

 

Figure 21  Cracks on the walls of the model 

without base isolation 

 

 

6.  CONCLUSIONS 
 

On the basis of analytical and experimental results, 
following conclusions are drawn. 

The base isolation system is able to reduce the base 
shear significantly, and the inter-story drift can also be 
controlled. 

Under certain level of earthquake, no visible damages 
have been observed in the model with base isolation whereas 
failure is quite likely to take place in the fixed model. 

Except for the rotation effect, good agreement is 
found between experimental and analytical model results. 
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Abstract:  It is essential to consider inherent uncertainties of seismic ground motion and dynamic response of structures 
to enhance the reliability of design ground motion selection. To solve this problem, authors proposed a scheme to 
synthesize design ground motion for nonlinear dynamic analysis of structures by considering the structural and seismic 
uncertainty. The scheme considers a set of possible ground motions and its property is described by multiple indices, 
which enables us to consider different aspects of nonlinear response of structure.  

Proposed scheme is applied to synthesize a design ground motion for a moment resisting concrete frame. Recorded 
ground motions are used to formulate the set of possible ground motions in order to evaluate the efficiency of proposed 
method in context of real ground motions and real structure. Based on the estimation, we investigate the variation of 
performance of the design GM in the iterative modification. 

Several aspects of synthesized ground motions are discussed through simulation results. For example, design ground 
motion is efficiently improved in terms of various aspects of nonlinear responses, synthesized ground motion is stable in 
perspective of uncertainty of possible ground motions, etc, which verifies the suitability of proposed scheme for design 
purposes. 

 
 
1.  INTRODUCTION 

 

Large number of ground motions records available 

from past seismic activity (K-NET 2008, ESD 2008, and 

SCSN 2008). In future, number of ground motions records is 

expected to be increased due to wide spread of seismic 

instrumentations. This data bank of ground motions is 

helpful for formulation of design ground motions for the 

efficient design of structure under considerations. Anyhow, 

the performance of design ground motion depends on the 

efficiency of method of design ground motion selection or 

synthesis (Goulet et al. 2008). 

Three steps are involved in state-of-the-art procedures 

of design ground motion synthesis. First, from scratch or by 

modifying an existing ground motions, a limited number of 

ground motions are formulated. Second, out of formulated 

ground motions, a relatively efficient ground motion is 

selected for modification in next step. Third, the process of 

modification is iterated until the required ground motion is 

synthesized. As an essence, the ground motion synthesis 

procedures involve the selection of ground motion in 

iterative modification. Thus, methods available in the 

literature for the selection/synthesis of design ground 

motions can be categorized into two groups. First group 

comprises of the methods which involve the spectrum 

matching (Hancock et al. 2006) in one way or the other.  

The methods deploying the indices to quantify the 

effectiveness of ground motions (Honda and Ahmed 2011, 

Zhai and Xie 2007) can be grouped into second group.  

Selection of an appropriate index is a well known research 

topic (Akkar and Ozen 2005). Directly or indirectly, 

performance of indices based ground motion selection 

methods is contained in the quality of indices, quantity of 

indices, and compatibility of indices with the problem 

(Ahmed and Honda 2010, 2011(1)). Moreover, indices could 

not perfectly represent the nonlinear behavior of structure. 

In evaluation of the performance of ground motion 

based on indices, following should be taken into 

consideration. 

 Different ground motion is “large” in terms of different 

index 

 Different ground motion could be regarded as effective, 

when structural properties are modified due to 

stochastic structural characteristics. 

We would like to present a simple scheme to synthesize 

ground motion(s) considering these aspects of the problem. 
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2.  OBJECTIVES 

 

Inclusion of indices for selection/synthesis of design 

ground motion is a common approach because of simplicity 

of application. For example, index can be as simple as 

response of a spring mass system. Meanwhile, the indices 

based ground motion selection techniques are undermine 

due to lack of information on setting the 

parameters/properties of indices. 

Second, due to stochastic nature of structural 

characteristics, it is discouraged to use unique properties of 

indices. Indices should be sensitive to fluctuation of 

structural characteristics. 

To cope with the requirement of proper indices for the 

selection/synthesis of design ground motions, authors have 

proposed to use the feature indices associated with the 

nonlinear response structures (Ahmed and Honda 2011 (2), 

(3) ) and also proposed the method for the synthesis of 

design ground motion(Honda and Ahmed 2011). The 

discussion of the characteristics of feature indices and effect 

of formulation of possible ground motions to synthesize the 

design ground motion comprises the scope of this study. The 

proposed method (Honda and Ahmed 2011) is summarized 

in following. 

 

 

3.  DESIGN GROUND MOTION SELECTION BY 

FEATURE INDICES 

 

The proposed method of ground motion synthesis is 

based on the representation of the set of ground motions by 

feature indices related to nonlinear response of structure. 

Ground motion efficient in terms of feature indices will 

represent the set of ground motions in terms of uncertain 

structural response. It is difficult to find a unique ground 

motion which can represent the set of possible ground 

motions in terms of all feature indices. To meet this objective, 

a ground motion is synthesized by reinforcing the 

components of ground motion by using wavelet functions 

(Daubechies 1992). The proposed method of ground motion 

synthesis comprises of three steps. 

1. Formulation of possible ground motions 

2. Selection of feature indices 

3. Synthesis of a design ground motion by iterative 

modification of an original ground motion 

 

3.2  Formulation of possible ground motions 

Data bank of recorded seismic activity and different 

fault simulation techniques result into a number of ground 

motions. Regarding ground motion simulation techniques 

(Irikura1986, Miyake et al. 2003) different ground motions 

should be generated for different fault parameters. 

Consideration of different methods of ground motion 

simulation will increase the number of simulated ground 

motions by many folds. Such simulated ground motions and 

data bank of recorded seismic activities results into a suite of 

candidate design ground motions. 

The size of suite of ground motions may be reduced by 

neglecting the ground motions with relatively low peak 

ground acceleration values, by considering source to site 

distance, magnitude of event, etc.  It is still impossible to 

conduct nonlinear dynamic analysis against all ground 

motions deduced after applying these filters to suite of 

ground motions. Such ground motions which are required to 

be considered for the nonlinear dynamic analysis of 

structures are referred to as a set of possible ground motions 

hereafter. 

 

3.2  Selection of feature indices  

An index related to dynamic characteristics of structure in 

the nonlinear range is most appropriate to represent the set of 

possible ground motions, but it is not possible to find an 

efficient index due to complexity of nonlinear dynamic 

analysis. Response of single degree of freedom system 

(SDOF) whose yield force and vibration characteristics are 

similar to full scale multi degree of freedom structure, may 

serves the propose.  

Evaluation of set of possible ground motions may be 

enhanced by inclusion of multiple indices.  Selection of 

appropriate multiple indices to evaluate the set of possible 

ground motions is a detailed research topic.  Authors have 

proposed a simple scheme to select the indices out of group 

of candidate indices (Ahmed and Honda 2011 (1) ).  

According to this scheme, an index which is related to an 

expected damage mechanism of structure is to be used to 

represent the set of possible ground motions. This scheme 

was applied to a five story three bay two dimensional 

concrete frame, and it verifies the increase in the reliability 

of design ground motion selection (Ahmed and Honda 2011 

(1) ). 

It is important to clarify that these indices are not meant 

for the reproduction or prediction of nonlinear response 

behavior of full scale structure.  Rather than that, such 

indices are expected to be appropriate for evaluation of the 

characteristics of ground motions in terms of their influence 

on structural behavior. 

 

3.3 Synthesis of ground motion by modification of 

ground motion  

Inclusion of multiple indices is necessary to enhance the 

reliability of design ground motion. Meanwhile, inclusion of 

multiple indices complicates the selection of design ground 

motion, because it is difficult to find a ground motion which 

is dominant in terms of multiple indices. We generate a 

design ground motion via iterative modification of an 

original ground motion. Procedure is as described below. 

First, we randomly chose a ground motion out of set of 

possible ground motions. Ground motion is iteratively 

modified to synthesize design ground motion. In 

modification process, influencing time frequency component 

of ground motions are reinforced by using wavelet functions. 

As the problem dealt is a nonlinear problem, it is not 

possible to distinguish the important frequency component.  

Therefore a range of time-frequency component is to be 

modified by using wavelets function. By random 

modification of frequency characteristics of the chosen 
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ground motion, ten ground motions are formulated. These 

modified ground motions are referred to as candidate ground 

motions hereafter. The candidate ground motion which 

shows the largest improvement in performance in terms of 

feature indices is selected and again modified by using 

wavelet functions to generate new candidate ground motions. 

While evaluating the candidate ground motions by indices, 

indices properties are fluctuated to cope with the uncertainty 

of structural parameters.  This process is iterated until the 

candidate ground motion sufficiently dominates in terms of 

all indices.  

 

 

4.  EFFECT OF SET OF POSSIBLE GROUND 

MOTION ON SYNTHESIZED GROUND MOTION 

 

Characteristics and size of set of possible ground 

motions is debatable. Possible ground motions may 

comprise of recorded seismic activities and simulated 

ground motions.  

Possible ground motions are not limited to a certain 

number, and a set of possible ground motions could not 

circumscribe all possible ground motions. But a set of 

ground motions which is representative can be used to 

synthesize ground motion. Synthesized ground motion is 

required to be representative of possible ground motions. It 

is also expected that the synthesized ground motion would 

be effective for the ground motions which are not included 

in the set of possible ground motions.  

We discuss the efficiency of synthesized ground motion 

in perspective of properties of indices and number of 

possible ground motions used in synthesis process through a 

numerical simulation in the following sections. 

 

 

5.  NUMERICAL SIMULATIONS 

 

In order to elaborate the performance of the presented 

scheme, numerical simulation is conducted. Design ground 

motion is synthesized for a five story moment resisting 

concrete frame.  

 

5.1  Possible Ground Motions 

Set of possible ground motion is considered for the 

design of structures to enhance the reliability of structural 

performance.  2,000 ground motion records from past 

earthquake events are obtained from K-NET (K-NET 2008).  

Actual ground motion records are used in order to discuss 

the applicability of the presented scheme for real ground 

S
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𝑓𝑐
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Strain 

𝑓𝑢  

𝑓𝑡  
휀𝑜  휀𝑢  
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𝐸𝑜 = 2𝑓𝑐
′/휀𝑜  

Figure 2  Stress strain model for concrete02 

Concrete02
15),

 

Table 2  Properties of concrete model Concrete02 

𝑓𝑐
′ =  compressive strength of concrete (Mpa) 

(Subjected to uncertainty) 
- 27.57 

𝑓𝑢 = ultimate strength of concrete 0.2 ∗ 𝑓𝑐
′  

𝑓𝑡 = tensile strength of concrete 0.14 ∗ 𝑓𝑐
′  

휀𝑜 = strain at compressive strength -0.003 

휀𝑢 = strain at ultimate strength 5 ∗ 휀𝑜  

𝐸𝑜 = initial stiffness 2𝑓𝑐
′/휀𝑜  

𝜆 = unloading stiffness to initial stiffness ratio 0.1 

𝐸𝑜 = tension softening stiffness 𝑓𝑡/0.002 

Ratio of confined to unconfined compressive 

strength of concrete 
1.3 
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Figure 1  Elevation of concrete frame 

Each element 

is modeled by 

fiber element 

20x20x10  

Table1  Detail of beam and column sections 

 
Width 

[cm] 

Depth 

[cm] 
Reinforcement 

Column 38 38 
19mm dia. 22 bars uniformly 

distributed on all faces  

Beam 30 38 
Top. 19 mm dia. 7 bars 

Bot. 19 mm dia. 7 bars  
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motions.  It would be possible to generate such ground 

motions using numerical techniques.  The ground motions 

records are factored so that their peak ground acceleration 

values are ranging between 600cm/sec
2
 to 800cm/sec

2
. 

To discuss the effect of set of possible ground motions 

on synthesized ground motion, ground motion is synthesized 

by considering a set of 500 ground motions, which are 

randomly selected from 2,000 possible ground motions. 

Performance of the synthesized ground motion is elaborated 

in context of the set of possible ground motions used in the 

synthesis process and also in context of the set of possible 

ground motions which are not considered in the synthesis 

process. 

 

5.2  Structural model 

Design ground motions are synthesized for a moment 

resisting concrete frame, elevation of the frame is shown in 

Figure 1 and sectional details are shown in Table 1. This 

structure here after referred to as target structure.  The dead 

load for the nonlinear analysis is contributed by the self 

weight of members beam, columns, concrete slab and 

weight of floor finishes. Nonlinear dynamic analysis is 

conducted by using OPENSEES (OPENSEES 2006). 

Elements of frame are modeled by using unidirectional 

steel and concrete fibers, which are characterized by stress 

strain relationships.  To characterize stress strain curve for 

the fibers of concrete and steel different models are available 

as recipes in OPENSEES. Among material models available 

on OPENSEES, Concrete02 (Filippous et al. 1983) 

model is used to model confined and unconfined concrete.  

The stress strain curve for concrete model is shown in Figure 

2.  Tensile strength of concrete is also considered in this 

model.  Parameters to model stress strain curve for concrete 

are summarized in Table 2.  

Similarly, material model Steel02 of OPENSEES is 

used to characterize the stress strain behavior of steel fibers.  

Figure 4  Displacement response of concrete frame against a random ground motion out of set of possible 

ground motions 
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Figure 3  Stress strain model for steel02 

Table 3  Parameters of steel model used in simulation 

Parameter Value 

𝐹𝑦  250 Mpa (subjected to uncertainty) 

𝐸 200,000 Mpa (subjected to uncertainty) 

𝛽 0.18 

R  18 
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In Steel02 model we can control the transition from linear 

to nonlinear stage. The stress stain curve for this steel model 

is shown in Figure 3, the model parameters are tabulated in 

Table 3. 

 

5.3  Uncertainty of material properties  

The dynamic characteristics of the structure, such as 

natural frequency, yield force etc, are function of the 

material and sectional properties of the members of the 

structure. Theoretically, the material properties are supposed 

to be a constant, while, practically the material properties of 

the member would be fluctuating between a minimum and 

maximum value. This complicates the dynamic response of 

the structure.  

In order to consider the effect of uncertain material 

properties on structure response, we consider material 

properties of elements as independent stochastic variables.  

Yield strength of steel, modulus of elasticity of steel and 

compressive strength of concrete are considered as 

stochastic variables.  Parameters of stochastic variables are 

listed in Table 4. 

Parameters of the fiber model of concrete are function of 

compressive strength of concrete. When compressive 

strength of concrete is given as a stochastic variable, 

property of the whole structure also varies in a stochastic 

manner.  

Results of a nonlinear analysis against one of the possible 

ground motions are shown here as an example. 

Displacement response of floors are shown in Figure 4, 

while the stress strain curve of steel fiber of left side 

columns of all floors are plotted in Figure 5. OPENSEES 

calculates the strain of each fiber against the deformation of 

member. Such strain of columns is used to quantify the 

effect of ground motion on structure. 

 

5.3  Quantification of damage of structure 

Let us consider the quantification of severity of damage 

in the structures.  Damage level caused by ground motions 

is assessed by comparing maximum strain experienced by 

steel rebar of each member of the structure.  Let  εm
i   

denote the strain of the rebar of the m-th structural member 

when the structure is exposed to the i-th ground motion.  

Suppose that the d-th ground motion is the design ground 

motion, then εm
d  is regarded as reference value of strain of 

the m-th structural member.  The structure is regarded as 

damaged, if strain of half of members exceeds the value 

given for each member by the design ground motion. 

Strength of ground motion can be quantified by 

considering the probability that the structure designed by the 

ground motion is damaged when it is exposed to all possible 

ground motions.  It is written as  

 

 𝑃𝑑 = 𝑝𝑟𝑜𝑏  
 Ind 휀𝑚

𝑛 > ε𝑚
𝑑  𝑀

𝑚=1

𝑀
>  

1

2
  (1) 

 

where M is the number of elements;  n is the script to 

denote ground motion;  and  𝐼𝑛𝑑{𝐶}denotes an indicator 

function that is given as 

Ind X =   
1,   if condtion X is true
0,   otherwise                  

  

 

 

Figure 5  Stress strain responses of steel fibers of left 

side columns of all floors at maximum stressed section 
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Table 4  Parameters of stochastic material-properties 

Properties 

Yield 

strength of 

steel rebar 

(fy) Mpa 

Modulus of 

elasticity of 

steel rebar 

(E) Mpa 

Compressive 

strength of 

concrete 

(fc’) Mpa 

Mean 250 200,000 27.5 

Standard 

deviation 
5% 3% 7% 

Distribution 

type 
Normal Normal Normal 
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5.4  Damage mechanism based indices 
(1) Index selection:  It is proposed to use feature 

indices which are related with expected damage mechanisms 

of the structure under consideration, because ground motions 

effective in terms of such indices would be effective to 

trigger possible damage mechanism and therefore should be 

used as a design ground motion. In this simulation, indices 

are determined as follows. 

First, the stress strain distribution of columns of all 

floors at maximum stressed section presented in Figure 5 is 

analyzed.  It is observed that stress in each floor decreased 

as the floor number increases. It indicates that oscillation in 

the first mode is the most prominent mechanism to damage 

this structure. Second, distribution of the damage is 

discussed.  Since design of all floors is the same, damage 

would be concentrated to the lower floors.  

Based on these results, first mode is dominant in 

structural behavior.   Failure would not be only due to a 

single mechanism but we consider the most prominent 

mechanism(s). 

(2) Properties of indices for synthesis:  Response of 

single-degree-of-freedom (SDOF) system is apparently a 

good index for the first mode dominant structure.  Values 

of parameters of SDOF system is difficult to determine, 

because stiffness of structure reduces as damage progresses, 

resulting with longer natural period.  Therefore there is no 

theoretically correct value.  

We indirectly evaluate the variation of frequencies due 

to damage of the structure by analyzing the response of the 

structure against three different excitation forces. The 

distributions of frequency components of displacement 

response of the damaged structure, is shown in Figure 6. 

Vertical axis is normalized by the corresponding maximum 

values to ease the comparison and visualization.  Three 

input motions such as following was investigated.  

 Impulse force:  Structure is exposed to a very small 

impulse force. The distribution of frequency content of 

displacement response shown in Figure 6 has three peaks, 

which corresponds to three fundamental modes of the 

structure. 

 Randomly selected ground motion (X): Structure is 

exposed to a random ground motion X. The distribution of 

frequency content of displacement response shown in 

Figure 6 has three peaks.  Corresponding frequencies of 

these peaks are lower than those by impulse case.  

 Randomly selected ground motion factored by three (3X): 

To explore the elongation of natural frequencies due to 

damage, structure is exposed to a ground motion X which 

is three times amplified. Further decrease in fundamental 

frequencies is clear from Figure 6. 

The reduction of frequency of first mode from 1.36 Hz 

to 0.95 Hz helps us to formulate the properties of SDOF 

system. Figure 7 shows the distribution of natural 

frequencies and yield displacements of the SDOF 

realizations 

 

5.6  Conditions for synthesis of design ground motion 

(1) Number of indices:  To compare the effect of 

indices and number of possible ground motions on 

synthesized ground motion, we compare two cases in which 

ground motion is synthesized by different indices. In first 

case ground motion is synthesized by using single index, 

displacement response of SDOF corresponding to first mode 

is used as index. In second case ground motion is 

synthesized by using two indices, indices are displacement 

response and dissipated energy by SDOF corresponding to 

first mode of structure (Let D1 and E1 denotes these indices 

respectively). 

(2) Size of the sampled sub set of the ground motions:  

In both cases ground motion is synthesized by using a minor 

set of 500 ground motions out of a set of 2000 possible 

ground motions. The set of 500 possible ground motions is 

randomly selected out of set of 2000 possible ground 

Figure 7  Distributions of frequencies and 

yield displacement for SDOF realizations  
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Figure 6  Fourier amplitude of displacement 

response of the target structure. 
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motions, and here after referred to as a sub set of possible 

ground motions.  

 
5.7  Synthesis of design ground motion 

Design ground motion is synthesized in a step by step 

modification process elaborated in section 3. In synthesis 

process a ground motion is randomly selected out of 500 

ground motions and frequency components are modified by 

using wavelets. In each modification, 10 candidate ground 

motions are formulated. The performance of each candidate 

ground motion is evaluated against 50 SDOF realizations. In 

each modification a candidate ground motion which shows 

most improvement is selected for the modification in the 

next step, and here after referred to as selected candidate 

ground motions. The process of modification by wavelet is 

iterated until ground motion becomes strong enough for 

SDOF realizations.  

We compare the performance of ground motions 

synthesized in aforementioned two cases in the following 

sections. 

 

 

6  COMPUTATION RESULTS 

 

Ground motion is synthesized by using single index for 

first case, and a sub set of 500 possible ground motions out 

of a set of 2000 possible ground motions is used in synthesis 

process.  

Ground motion is synthesized using response of SDOF 

system as index. This is a simple spring mass system. But, 

the effectiveness of the synthesized ground motion would be 

explored for a complicated structural system which is 

modeled with high degree of freedom and fluctuation is 

assumed in the material properties of the members. Dynamic 

analysis is conducted by using finite element based program 

OPENSEES.  

 

6.1  Effectiveness of the proposed step by step ground 

motion synthesis process 

Target structure is exposed to selected candidate ground 

motions and also to sub set of possible ground motions. 

Probability of structural damage and exceedance probability 

in terms of indices are introduced to discuss the performance 

of ground motions against real structure and in terms of 

index respectively. 

Probabilities of structural damage: Probability of 

structural damage (𝑃d ) for both sub set of possible ground 

motions and selected candidate ground motions are 

formulated by using the concept discussed in section 5.3 and 

by employing equation 1.  

Exceedance probability in terms of index: Exceedance 

probability or normalized rank (𝑝) of the i-th GM (pi) in 

terms of index 𝑥1 is formulated as 

 pi =
 Ind{xn

1 > xi
1}N

n=1

N
 (2) 

where, N is number of possible ground motions. Figure 8 

shows the distribution of probability of structural damage 

(𝑃d ) and exceedance probability in terms of index (𝑝) for 

sub set of possible ground motions. The same 

probabilities  (𝑃d and 𝑝)  are formulated for the selected 

candidate ground motions in context of sub set of possible 

ground motions and traced on Figure 8.  

Firstly, track of red dots corresponds to the step by step 

modification of a random ground motion, which had 

probabilities (𝑃d and 𝑝) smaller than 40%. It shows the 

effectiveness of the proposed method to iteratively modify 

the ground motion. 

Secondly, the zoomed part of the figure shows that the 

performance of the synthesized ground motion is increased 

to 95%.  Improvement of performance from 40% to 95% 

indicates that the proposed method is reliable in terms that it 

Figure 8  Distribution of exceedance probability of 

structural damage (Pd ) against exceedance probability in 

terms of index ( p) for subset of possible ground and design 

ground motions synthesized by using D1 as index. 

 p ( %)  

 Pd 

( %)  

 p ( %)  

 Pd 

( %)  

D1 as index  

D1 as index  

Figure 9  Distribution of exceedance probability of 

structural damage (Pd ) against exceedance probability in 

terms of index ( p) for set of possible ground and design 

ground motions synthesized by using D1 as index 
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can synthesize a ground motion which is representative of 

possible ground motions considered in the synthesis process. 

 

6.2  Consideration of a sub set of possible ground 

motions 

Since it is impossible to generate all possible ground 

motions, synthesized ground motion must be representative 

of ground motions which are not considered in the synthesis 

process.  To evaluate the effectiveness of synthesized 

ground motion in that context, the probabilities (𝑃d  and 𝑝) 

are formulated by using set of 2,000 possible ground 

motions and presented in Figure 9.  Similar to Figure 8, 

 𝑃d  and 𝑝 are formulated for the selected candidate ground 

motions considering 2,000 possible ground motions and 

traced on Figure 9. Figure 9 shows the promising 

performance of synthesized ground motions against such set 

of possible ground motion which was not fully considered in 

the synthesis process.  

It is to be highlighted that in this work the ground 

motions are synthesized by using the sampled set of possible 

ground motions (500 ground motions), not all of the possible 

2,000 ground motions. 

 

6.3  Effect of indices on synthesized ground motion  

To elaborate the effect of indices on synthesized ground 

motion, here we discuss the ground motions synthesized by 

using one and two indices.  

Case 1: Displacement response of SDOF corresponding to 

first mode of structure is deployed as a single index for 

synthesis of design ground motion. The effectiveness of the 

synthesized ground motion in perspective of modification in 

step by step synthesis process and effect of set of possible 

ground motions are discussed in section 6.1 and section 6.2.  

In Figures 8 and 9, the track of red dots corresponds to 

the step by step modification of a random ground motion. 

Acceleration response of SDOF corresponding to the first 

mode of the system is not involved in the synthesis process.  

We explore the suitability of acceleration of SDOF as an 

index for the synthesis process, by formulating probability in 

terms of that index (using equation 2). 

 Distributions of probabilities of structural damage 

against the exceedance probability in terms of displacement 

and acceleration responses are plotted in Figure 10 (a) and 

Figure 10 (b) respectively. 

Form Figure 10 (b), the enhancement of exceedance 

probability in terms of acceleration response is up to 75 %. 

This shows that acceleration response of SDOF 

corresponding to first mode is not very efficient, but it does 

up to some extent. 

Case 2:  From the zoomed part of Figure 8 and Figure 

9, the enhancement is up to 95%. To further improve the 

performance of synthesized ground motion, we synthesize a 

design ground motion by using two indices, which are 

displacement response and energy dissipated by SDOF 

corresponding to first mode of structure. (They are denoted 

by D1 and E1, respectively.) The reasons for including these 

indices for synthesis of design ground motion is that 

degrading of the stiffness cannot be properly represented by 

displacement response of structure, but it can be represented 

by dissipated energy of SDOF. 

Design ground motion is synthesized by using a sub set 

of 500 possible ground motions, but efficiency of selected 

candidate ground motions is elaborated in perspective of set 

of 2,000 possible ground motions.  

Similar to the first case, probability of structural 

damage and exceedance probabilities are formulated for 

 Pd 

( %)  
 Pd 

( %)  

Figure 10  Distribution of exceedance probability of structural damage (Pd ) against exceedance probability in 

terms of index ( p) for set of possible ground and design ground motions synthesized by using D1 as index. 

 p ( %)   p ( %)  

D1 as index  A1 as index 

 A1 is not used in synthesis 
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selected candidate ground motions and for set of possible 

ground motions, and presented in Figure 11 and Figure 12. 

Figure 11 shows the distribution of probability of 

damage against the exceedance probability in terms of 

indices. While, 3D plot in Figure 12 shows the distribution 

of probability damage against the exceedance probability in 

terms of both indices used in synthesis process. The zoom in 

part of Figure 12 shows the enhancement of synthesized 

ground motion up to 98%.  

Figure 11 shows the track of red dots going well up to 

Figure 11  Distribution of exceedance probability of structural damage (Pd ) against exceedance probability in terms of 

indices ( p) for set of possible ground motions and design ground motions synthesized by using D1 and E1 as indices  

 p ( %)  

 Pd 

( %)  
 Pd 

( %)  

 p ( %)  

D1 as index  E1 as index  

 Pd 

( %)  

 𝑝𝛿  ( %)   𝑝𝐸  ( %)  

 𝑝𝛿  : Exceedance probability in terms of index D1 

𝑝𝐸  : Exceedance probability in terms of index E1 

Figure 12  Distribution of exceedance probability of structural damage (Pd ) against exceedance probability in 

terms of indices ( p) for set of possible ground motions and design ground motions synthesized by using D1 and 

E1 as indices 
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top of vertical axis. Steepness of the track of red dots is an 

important difference as compared to first case. In later case 

steep track shows that selected candidate ground motion is 

efficiently improves as compared to the first case because 

we used more appropriate indices.   

 

 

7  CONCLUSIONS 

 

Ground motion synthesis is inevitable, because it is difficult 

to find a required ground motion by searching in data banks 

of ground motions or by using ground motion simulation 

techniques. Inclusion of indices for synthesis/selection of 

design ground motion is well known due to simplicity of 

application. Selection of indices and selection of properties 

of indices are critical issue, which are discussed in this paper. 

We propose to use the indices which are related with 

nonlinear response of structure. The efficiency of the indices 

related to nonlinear response of structures is discussed by 

synthesizing a design ground motion for a concrete frame. In 

ground motion synthesis, the indices are used to represent 

the set of possible ground motions. 

Simulation results verify, first, the efficiency of 

synthesized ground motion is increased due to inclusion of 

indices which are “sufficient” to represent the set of possible 

ground motions in terms of nonlinear response of structure. 

Second, the efficient modification of ground motions in 

iterative process and efficiency of proposed method in 

context of set of possible ground motions is verified by 

simulation results. These verify the suitability of proposed 

scheme for practical purposes.  

 

 
References: 
K-NET (2008), Kyoshin-Net (K-NET), National research institute 

for earth science and disaster prevention (NIED): 
http://www.k-net.bosai.go.jp , 2008. 

ESD (2008), The European strong-motion database: 
http://www.isesd.cv.ic.ac.uk/esd/frameset.htm 

SCSN (2008), Southern California seismic network: 
http://www.scsn.org, April, 2008. 

Goulet, C. A., Watson-Lamprey, J., Baker, J. W., Luco, N., and 
Yang, T. Y. (2008), “Assessment of ground motion selection and 
modification (GMSM) methods for non-linear dynamic analyses 
of structures,” Geotechnical Earthquake Engineering and Soil 

Dynamics IV, Sacramento, CA, 10. 
Hancock, J., watson-lamprey, J., Abrahamson , N. A. , Bommer, J.J., 

Markatis, A., Mccoyh, E., and Mendis, R. (2006), “An improved 
method of matching response spectra of recorded earthquake 
ground motion using wavelets,” Journal of earthquake 
engineering, 10(1), 67-89 

Honda, R. and Ahmed, T. (2011), “Design input motion synthesis 
considering the effect of uncertainty in structural and seismic 
parameters by feature indices,” Journal of Structural 
Engineering ASCE, 37(3), 391–400.  

Ahmed, T. and Honda, R. (2010), “Performance of design input 
motions selected using feature indices to represent possible 
ground motions,” Proceedings of the thirteenth Japan 
earthquake engineering symposium, 1965-1972 

Ahmed, T. and Honda, R. (2011) (1), “Performance of nonlinear 
response of structures as feature indices for the selection of 
design ground motions,” Proceedings of the 31st conference on 
Earthquake Engineering Symposium, JSCE, Paper No. 1-143  

Ahmed, T. and Honda R. (2011) (2), “Efficiency of design ground 
motion representing ground motions generated by fault model in 
terms of nonlinear response values,” Proceedings of the seventh 
Japan conference on structural safety and reliability, Vol.7,  
Paper No. WA3-7A 

Ahmed, T. and Honda, R. (2011) (3), “Stability of design ground 
motion synthesized by using nonlinear response based feature 
indices,” Proceedings of the thirteenth international summer 
symposium JSCE Japan, 67-70 

Zhai, C-H. and Xie, L-L. (2007), “A new approach of selecting real 
input ground motions for seismic design: the most unfavorable 
real seismic design ground motions,” Journal of earthquake 
engineering and structural dynamics, 36(8), 1009–1027.  

Akkar, S. and Ozen, O. (2005). “Effect of peak ground velocity on 
deformation demands for SDOF systems,” Journal of 
earthquake engineering and structural dynamics, 34(13), 
1551–1571. 

Daubechies, I. (1992). Ten lectures on wavelets, SIAM, 
Philadelphia. 

Irikura, K. (1986), “Prediction of strong acceleration motion using 
empirical Green’s function,” Proceedings of 7th Japan 
earthquake engineering symposium Tokyo, 151–156. 

Miyake H., Iwata T. and Irikura K. (2003), “Source characterization 
for broadband ground-motion simulation: kinematic 
heterogeneous source model and strong motion generation area,” 
Bulletin of the seismological society of America, 93(6), 
2531–2545. 

OpenSees (The Open System for Earthquake Engineering 
Simulation):  http://opensees.berkeley.edu/, 2006. 

Filippou, F. C., Popov, E. P., Bertero, V. V. (1983), “Effects of Bond 
deterioration on hysteretic behavior of reinforced concrete joints, 
Report EERC 83-19,” Earthquake engineering research center, 
University of California, Berkeley. 

 

- 1614 -

http://opensees.berkeley.edu/


JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 

INFLUENCE OF NEAR-FAULT GROUND MOTIONS AND SEISMIC POUNDING ON THE 
RESPONSE OF BASE-ISOLATED REINFORCED CONCRETE BUILDINGS 

 
 
 

Deepak R. Pant1) and Anil C. Wijeyewickrema2) 
 
 

1) Graduate Student, Department of Civil and Environmental Engineering, Tokyo Institute of Technology, Japan 
2) Associate Professor, Department of Civil and Environmental Engineering, Tokyo Institute of Technology, Japan 

pant.d.aa@m.titech.ac.jp, wijeyewickrema.a.aa@m.titech.ac.jp 
 
 

Abstract:  This paper investigates the effects of near-fault ground motions and seismic pounding on the response of a 
code-designed 4-story base-isolated reinforced concrete (RC) building.  Three-dimensional nonlinear finite element 
analyses were carried out considering bounding values of isolator properties.  One-sided as well as two-sided pounding 
of the building with retaining walls at the base was considered.  Fourteen near-fault ground motions containing strong 
velocity pulses and representing the maximum considered earthquake were used to explore the influence of ground 
motion characteristics on peak and residual drifts, story shear forces, and column curvature ductility demands.  When 
pounding was not considered in the analyses, the mean inter-story drift ratio in the building reached a maximum value of 
0.7%, indicating moderate structural damage.  Pounding with the retaining walls on both sides increased the mean drift 
by 20%.  Ground motions consistently induced higher damage at the first story compared with the upper stories.  
Dispersions in the peak responses under individual ground motions were higher when pounding was considered 
compared with the no-pounding case.  Significantly larger dispersions were also observed when upper bound values of 
isolator properties were used compared with lower bound values.  Findings of the study are expected to assist the design 
of base-isolated RC buildings in near-fault zones. 

 
 
1.  INTRODUCTION 
 

Base-isolation is considered as an efficient technique to 
improve seismic performance of buildings, because the 
inter-story drifts, shear forces and floor accelerations of a 
base-isolated building are reduced when compared with 
those of a conventional fixed-base building.  However, 
near-fault ground motions containing strong, long-period 
velocity pulses are expected to induce unacceptably large 
demands in base-isolated buildings (Hall et al. 1995, Jangid 
and Kelly 2001).  The current design standards (BSSC 
2009, ASCE 2010) require the design of base-isolated 
structures to be based on nonlinear time-history analysis 
considering site-specific response spectra, if 1S  the design 
mapped Risk-targeted Maximum Considered Earthquake 
(MCER) spectral acceleration parameter at a period of 1 s is 
such that 1 0.6 ,S g≥  to account for possible near-fault 
effects.  The response of base-isolated structures designed 
for 1 0.6 S g<  but subjected to pulse-like ground motions 
generated from near-fault earthquakes is not well understood.  
In addition, the development of a site-specific response 
spectra for base-isolated buildings in near-fault regions could 
be a challenging task as the knowledge of near-fault 
earthquakes and their effects on structures is limited (Alavi 
and Krawinkler 2004).  Since such earthquakes might 
induce large displacement demands in a base-isolated 
building, another important concern is the pounding of the 
building with retaining walls at the base.  Therefore, it is 

important to study the behavior of base-isolated structures 
subjected to near-fault ground motions containing strong 
velocity pulses, considering pounding effects. 

One of the relevant previous studies is the work by Hall 
et al. (1995), in which the effects of near-fault ground 
motions on the response of buildings were studied.  
Included in the examples is the nonlinear analysis of 
base-isolated steel buildings considering pounding.  
However, previous studies on the effects of near-fault 
ground motions on base-isolated reinforced concrete (RC) 
buildings have not considered seismic pounding.  
Providakis (2008) investigated the response of base-isolated 
RC buildings under near-fault excitations without 
considering the nonlinear behavior of the superstructure.  
Mazza and Vulcano (2009, 2011) studied nonlinear response 
of base-isolated RC buildings under near-fault ground 
motions using two-dimensional finite element (FE) models.  
Ozdemir and Akyuz (2010) and Ozdemir and Constantinou 
(2010) performed three-dimensional analyses of 
base-isolated RC buildings considering bidirectional 
near-fault earthquakes but did not consider the nonlinear 
behavior of the superstructure.  Jangid and Kelly (2001), 
Jangid (2007), and Kalpakidis et al. 2010 considered the 
effects of near-fault ground motions on the response of 
base-isolated structures using simplified models of the 
superstructure. 

Previous studies that investigated pounding of 
base-isolated structures did not focus on the effects of 
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near-fault ground motions.  Tsai (1997) investigated 
seismic pounding of base-isolated buildings using elastic as 
well as elastoplastic shear beam models of the buildings.  
Komodromos and co-workers (see for example Polycarpou 
and Komodromos 2010) investigated pounding of 
base-isolated buildings without considering nonlinear 
behavior of the superstructure.  In the ATC-63 project 
(documented in FEMA P695 (FEMA 2009)), collapse 
evaluation of base-isolated RC buildings considering 
pounding was performed using two-dimensional nonlinear 
models under a set of far-field earthquake ground motions.  
More recently, Pant and Wijeyewickrema (2012) 
investigated seismic pounding of base-isolated RC buildings 
through three-dimensional nonlinear models using mostly 
far-field ground motions.  The nonlinear response of 
base-isolated RC buildings designed following the current 
codes of practices, under near-fault ground motions 
representing MCER, including pounding effects, has not 
been investigated in the past.  In addition, state-of-practice 
in the analysis of base-isolated structures is that the 
nonlinear time-history analysis of structures is performed for 
bounding values of isolator properties; however, none of the 
previous studies on seismic pounding have been performed 
within the context of bounding analysis. 

In the present study, the response of a typical 4-story 
base-isolated RC building is investigated under a set of 14 
near-fault ground motions containing strong velocity pulses 
and representing MCER.  The building was code-designed 
for a site where 1S  the spectral acceleration parameter at 1 
s is such that 1 0.6 .S g<   Three-dimensional FE model of 
the building was developed considering material and 
geometric nonlinearities.  Pounding of the building with the 
retaining walls at the base was modeled using a modified 
Kelvin-Voigt (MKV) impact force model (Pant and 
Wijeyewickrema 2012).  Nonlinear time-history analyses 
were carried out considering lower bound (LB) and upper 
bound (UB) values of isolator properties to account for the 
variations in material properties at the time of bearing 
construction and changes in mechanical properties over the 
installed lifetime (Kalpakidis et al. 2010).  Response of the 
building without considering pounding is compared with the 
response considering pounding to highlight the effects of 
seismic pounding. 
 
 
2.  BUILDING DESCRIPTION AND DESIGN 
 

A 4-story, 3-bay by 3-bay base-isolated RC 
moment-frame building was chosen as a typical building.  
Three configurations were considered, Configuration A: 
base-isolated building with a retaining wall on left side, 
Configuration B: base-isolated building with a retaining wall 
on right side, and Configuration C: base-isolated building 
with retaining walls on both sides (Fig. 1).  While the 
common scenario in practice is Configuration C, 
Configurations A and B have been considered to compare 
one-sided pounding with two-sided pounding.  The 
retaining walls extend from ground level up to the base level 

of the building. 
The bay width of the building in both directions is 6.0 

m.  The story height of the building is 4.0 m, except for the 
first story which is 4.5 m high.  The building was designed 
by the equivalent lateral force (ELF) procedure, following 
the provisions of 2012 International Building Code (IBC) 
(ICC 2012), ASCE 7-10 (ASCE 2010), and ACI 318-11 
(ACI 2011).  The building was assumed to be located on a 
stiff soil site (Site Class D) and was intended to be used as 
an office building (risk category II).  The mapped MCER 
spectral response acceleration parameters are   

1.609 sS g=  and 1 0.593 S g=  at short periods and 1 s 
period, respectively.  The superstructure of the building 
was designed for the forces associated with the design 
earthquake (DE) and the isolation system was designed for 
the effects of MCER.  The compressive strength of concrete 
is 28 MPa,  and the yield strengths of main steel 
reinforcement bars and ties are 420 MPa  and 300 MPa,  
respectively.  The slab thickness is 200 mm.  Dead load 
consists of member self-weight, and 7.6 kN/m and 
6.8 kN/m  loads due to partitions and external cladding on 
base beams and floor beams, respectively.  Live loads on 
floor and roof slabs were assumed to be 4.8 kPa  and 
1.0 kPa,  respectively.  Seismic weights of each story 
were computed as 4,090 kN at base level, 4,863 kN at the 
first floor level, 4,766 kN at second and third floor levels, 
and 3,324 kN at roof level; thus the total seismic weight 

21,809 kN.W =   The design base shear coefficient was 
determined as 0.147.  Based on the Site Class, design 
spectral accelerations, and risk category, seismic design 
category D was assigned and the special moment frame 
(SMF) system was chosen for the superstructure.  
Accidental eccentricity of 5% of the plan dimension of the 
building was considered in both the directions. 

The lead rubber bearing (LRB) isolation system was 
chosen for the building and typical bounding values of 
isolator properties were considered in design (Pavlou 2005).   
Identical 650 mm diameter circular bearings having a lead 
core of 113 mm diameter were provided under each of the 
sixteen column bases.  Each bearing consists of forty seven 
5 mm thick rubber layers alternating with 2 mm thick steel 
shims.  The primary shape factor of a bearing is 32.5, 
which is somewhat larger for common designs in the US but 
is common in Japan, where the primary shape factor is 
maintained in the range of 30 to 40 to avoid buckling in 
large lateral deformations (Pan et al. 2005).  The main 
properties of the isolation system for the DE and MCER 
based on the lower bound properties of isolators are shown 
in Table 1.  It is noted that the designed base-isolated 
building meets all the requirements of section 17.4.1 of 
ASCE 7-10 (ASCE 2010) and hence the ELF procedure was 
considered adequate for the design and a nonlinear 
time-history analysis was not required. 
 
 
3.  NUMERICAL MODELING 
 

Three-dimensional FE model of the building was 
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Fig. 1. (a) Configuration A: the building with a retaining wall on left side; (b) Configuration B: the building with a retaining 

wall on right side; and (c) Configuration C: the building with retaining walls on both sides. 
 

Table 1. Lead rubber bearing (LRB) isolation system 
characteristics based on LB isolator properties. 

 
developed in OpenSees (2010).  Beams and columns were 
modeled using force-based, Euler-Bernoulli fiber 
beam-column elements that account for the spread of 
nelasticity along the length of the element.  A section 
discretized into unconfined concrete, confined concrete and 
steel fibers is located at each integration point in the element.  
Uniaxial material models with nonlinear constitutive 
relationship were assigned to these fibers.  The section 
response is derived through the integration of uniaxial 
responses of fibers.  In this study five Gauss-Lobatto 
integration points were taken per element.  The modified 
Kent and Park model (Kent and Park 1971, Park et al. 1982) 
was used for concrete in compression, and in tension, a 
bilinear curve in which a linear elastic branch is followed by 
a linear softening branch up to zero stress was used.  For 
the behavior under cyclic loading, the model proposed by 
Yassin (1994), which takes into account concrete damage 
and hysteresis, was used.  For reinforcing steel, the 
constitutive model of Menegotto and Pinto (1973), which 
includes strain hardening and the Bauschinger effect, was 
used.  In this study, the strain-hardening ratio was taken as 
1%. 

Lead rubber bearings were modeled using elastomeric 
bearing elements.  A bilinear hysteretic model that is well 
suited for lead rubber bearings was used to represent the 
lateral force-deformation relationship of each element 
(Naeim and Kelly 1999).  The values of initial stiffness 

1,K  yield force ,yF  and 2 1 ,K Kα =  where 2K  is the 
post-elastic stiffness (Fig. 2(a)), assigned to the bilinear 
hysteretic model for each element are shown in Table 2.  
Vertical force-deformation relationship (Fig. 2(b)) of each 
element was simulated using a linear elastic spring with 

stiffness vK  (Table 2) in compression and 0.01 vK  in 
tension (Erduran et al. 2011). 

In-plane stiffness of slabs was accounted for by using 
rigid truss elements connecting two ends of each beam 
element and opposite corners of each slab of every bay.  
Out-of-plane stiffness of slabs was neglected.  Accidental 
eccentricities were not considered in the model.  
Neglecting the viscous damping in bearings (hysteretic 
damping being modeled explicitly), 5% stiffness 
proportional damping, where damping coefficient was 
calculated using the fundamental frequency of the entire 
base-isolated building based on the post-elastic stiffness, was 
applied only to the superstructure.  Impact was modeled 
using zero-length elements, which were used as contact 
elements between the base slab and a retaining wall (see Fig. 
1).  The material property of the contact elements was 
based on the modified Kelvin-Voigt (MKV) model.  The 
total stiffness of the spring elements between the base slab 
and a retaining wall, computed as the axial stiffness of the 
building slab is 5,000 MN / m.   Retaining walls were 
modeled as rigid objects and backfill soil-structure 
interaction was considered outside the scope of this study. 
 
 
 
 
 
 
 
 
 
Fig. 2. Typical force-deformation relationships of isolators: 

(a) lateral and (b) vertical. 
 

Table 2. Properties of elastomeric bearing elements. 
 

 LB UB 

1K  (kN/m) 5945.5 8858.7 

yF  (kN) 111.4 133.7 

α  0.1 0.1 

vK (kN/m) 61.65 10×  61.65 10×  

 DE MCER 

Effective period 2.24 sDT =  2.53 sMT =  

Effective damping 27.2%Dβ =  18.8%Mβ =  

Isolator displacement 201 mmDD =  383 mmMD =  

Total displacement 231 mmTDD =  440 mmTMD =  

(a) (b) (c) 

(a) (b) 

u

F

yF

1K
2K

 excitation di
 

 excitation di
 

 excitation di
 

Fv

uv

vK

0.01 vK
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4.  FUNDAMENTAL PROPERTIES OF THE 
BUILDING 

 
The fundamental fixed-base period of the 

superstructure of the building is 0.56 s.  The design 
effective period of the isolation system 2.24 sDT =  is 4 
times larger than the fixed-base period of the superstructure.  
The fundamental periods of the building based on 
post-elastic stiffness of the isolation system are 3.07 s  and 
2.53 s for lower and upper bound properties of isolators, 
respectively, which are at least 4.5 times larger than the 
fixed-base period of the superstructure. 

Pushover analysis considering P − ∆  effects was 
carried out for the superstructure of the building in a 
fixed-base condition, under an inverted triangle load pattern, 
to determine the base shear capacity and overstrength.  The 
capacity curve is shown in Fig. 3, where base shear 
coefficient is defined as ,V W  where V  is the base shear.  
The design base shear coefficient is also shown in Fig. 3 for 
comparison purposes.  The base shear capacity of the 
building is about 0.3 ,W  which exceeds the design base 
shear by a factor of about 2.  It is noted that the observed 
overstrength factor of the superstructure is less than 3, 
expected for a reinforced concrete SMF (ASCE 2010). 
 
 
 
 
 

 
 
 
 
 
 
 
 
 

Fig. 3. Capacity curve of the building. 
 
 
5.  EARTHQUAKE GROUND MOTIONS 
 

Fault-normal components of 14 near-fault ground 
motions containing strong velocity pulses were selected 
from a database of 91 records complied by Baker (2007) and 
were obtained from Pacific Earthquake Engineering 
Research Center database (PEER 2011).  Baker classified 
the ground motions to be pulse-like by comparing the 
original ground motion with the residual ground motion 
obtained after extracting the pulse-like signal from the 
original ground motion, using wavelet analysis.  To include 
the ground motions potentially caused by directivity effects, 
only the original ground motions with peak ground velocity 
(PGV) greater than 30 cm/s and with the pulse arriving early 
in the time-history were considered (Baker 2007).  In the 
present study the further criteria imposed for the selection 
based on the recommendations of ATC-63 project (Pg. A-8, 

 
Table 3. Earthquake ground motions used in this study. 

 

Record 
No. 

Record ID 
NGA 

Seq. No. 
Event 

(Station) wM  Year 
PGA 
(g) 

PGV 
(cm/s) 

PGD 
(cm) 

Source-site 
distance 

(km) 

Lowest 
freq 
(Hz) 

Site 
Class 

1 ELCEN6 181 
Imperial Valley-06 

(El Centro Array #6) 
6.5 1979 0.44 111.85 66.58 1.75 0.13 D 

2 ELCEN7 182 
Imperial Valley-06 

(El Centro Array #7) 
6.5 1979 0.46 108.79 45.55 2.1 0.13 D 

3 STU 292 
Irpinia, Italy-01 

(Sturno) 
6.9 1980 0.23 41.40 22.10 8.8 0.16 B 

4 PTS 723 
Superstition Hills-02 
(Parachute Test Site) 

6.5 1987 0.42 106.77 50.70 2.25 0.15 D 

5 SAA 802 
Loma Prieta 

(Saratoga - Aloha Ave) 
6.9 1989 0.36 55.54 29.41 8.05 0.13 C 

6 ERZ 821 
Erzican, Turkey 

(Erzincan) 
6.7 1992 0.49 95.40 32.09 2.2 0.13 D 

7 PET 828 
Cape Mendocino 

(Petrolia) 
7.0 1992 0.61 81.87 25.48 4.1 0.07 C 

8 LUC 879 
Landers 

(Lucerne) 
7.3 1992 0.72 129.59 

137.5
0 

2.95 0.10 C 

9 RRS 1063 
Northridge-01 

(Rinaldi Receiving Sta) 
6.7 1994 0.87 167.05 28.83 3.25 0.11 D 

10 SOVMF 1086 
Northridge-01 

(Sylmar-Olive View Med FF) 
6.7 1994 0.73 122.75 31.74 3.5 0.12 C 

11 TCU065 1503 
Chi-Chi, Taiwan 

(TCU065) 
7.6 1999 0.82 127.81 93.27 3.65 0.08 D 

12 TCU082 1515 
Chi-Chi, Taiwan 

(TCU082) 
7.6 1999 0.25 56.11 71.65 7.98 0.05 C 

13 TCU101 1528 
Chi-Chi, Taiwan 

(TCU101) 
7.6 1999 0.22 68.39 71.94 5.24 0.05 D 

14 TCU102 1529 
Chi-Chi, Taiwan 

(TCU102) 
7.6 1999 0.29 106.76 88.00 4.6 0.06 C 
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FEMA 2009) are: (i) magnitude of the earthquake 
6.5;wM ≥  (ii) peak ground acceleration (PGA) is greater 

than 0.2 g; (iii) source-to-site distance taken as average of 
Campbell and Joyner-Boore fault distances is less than 10 
km; (iv) lowest usable frequency is not greater than 0.167 
Hz; (v) record Site Class is either of B, C, or D; and (vi) 
instrument was in a free-field condition.  In criteria (iv) we 
have chosen a frequency of 0.167 Hz instead of 0.25 Hz 
recommended by the ATC-63 project to include the records 
for the evaluation of base-isolated buildings with periods up 
to 6 s.  Twelve of these records (Table 3) are the same as 
the ones listed in FEMA P695 near-field pulse records 
subset.  Mean PGA, PGV, and peak ground displacement 
(PGD) of the records set are 0.49 g, 98.58 cm/s, and 56.78 
cm, respectively ,which indicates that fairly strong ground 
motions have been included in the set. 

Original ground motions without scaling were used in 
this study because it was found that the scaling may alter the 
pulse-like characteristics of near-fault motions.  For 
instance, when the records were spectrally matched to the 
MCER-level design response spectra using RspMatch2005 
(Hancock et al. 2006) and subsequently analyzed using the 
procedure of Baker (2007) to identify their characteristics, 
only 5 records were identified as containing strong velocity 
pulses.  Nonetheless, as shown in Fig. 4, the arithmetic 
mean of 5%-damped pseudo acceleration and displacement 
response spectra of ground motions closely match 
MCER-level design response spectra in a period range of 
0.5 DT  to 1.25 MT  (BSSC 2009, ASCE 2010).  The 
spectra of several ground motions exceed the MCER spectra 
at the fundamental period of the building computed based on 
post-elastic stiffness of the isolation system, which is 3.07 s 
based on lower bound and 2.53 s based on upper bound 
properties. 
 
6.  TIME-HISTORY ANALYSIS RESULTS 
 

Nonlinear time-history analyses were carried out for all 
the three configurations of the building when subjected to 
the set of earthquake ground motions applied in the direction 
as shown in Fig. 1.  The separation distance between the 
building and retaining walls was set equal to the 
code-recommended value of 440 mmTMD =  (ASCE 
2010).  Analyses were also performed assuming that a 
sufficient separation distance is available between the 
building and retaining walls such that pounding does not 

occur.  The P − ∆  effects for the superstructure as well as 
the isolation system were considered in the analyses.  
While the main response indicators presented are peak 
inter-story drift ratio, residual inter-story drift ratio, peak 
story shear force, and peak column curvature ductility 
demand, where necessary, peak base displacements are also 
shown to further explain the building response.  Here, story 
shear forces were normalized by the seismic weight W  
and the column curvature ductility demand at a story was 
evaluated as the peak observed among all the columns of the 
story.  In this study, peak inter-story drift ratios in the 
ranges of 0.2%–0.5%, 0.5%–1.5%, and 1.5%–3% 
correspond to only non-structural damage, moderate 
structural damage, and severe structural damage, 
respectively (Elnashai and Sarno 2008).  Peak inter-story 
drift ratios greater than 3% can be assumed to correspond to 
a collapsed story.  Statistical distribution of the results is 
presented in terms of arithmetic mean and 84th percentile 
values (computed as mean plus one standard deviation).  It 
is noted that tension did not develop in any of the isolators in 
all the analysis cases. 

It is clearly seen from Table 4 that several ground 
motions have potential for pounding at the base of the 
building when separation distance is equal to .TMD   Also 
shown in Table 4 are the amplitude of the pulse pA  and the 
ratio of pulse period pT  to the fundamental period of the 
structure ,IT  computed using the procedure of Baker 
(2007).  When the lower bound properties of isolators are 
used, the mean (84th percentile) base displacements on the 
left and right side of the building are 364.5 mm (559.1 mm) 
and 311.9 mm (497.3 mm), respectively.  When the upper 
bound properties of isolators are used, the mean (84th 
percentile) base displacements on the left and right side of 
the building are 273.9 mm (422.3 mm) and 236 mm (380.5 
mm), respectively.  While the mean values of 
displacements obtained using lower bound properties of 
isolators are less than ,TMD  the 84th percentile values 
exceed .TMD   On the other hand, the mean as well as 84th 
percentile values of base displacements are less than TMD  
using upper bound properties of isolators.  It is observed 
that the peak displacement demand greatly depends on the 
pulse amplitude in combination with .p IT T   In particular, 
the records with p IT T  close to unity and with high pulse 
amplitude were found to be imposing large displacement 
demands on the isolators.  For example, when lower bound 
properties of isolators are considered, records STU and PTS

 

 

 

 

 

 

 

 

 

 

Fig. 4. Comparison of 5%-damped elastic response spectra of ground motions and their mean with DE- and MCER-level 
design response spectra: (a) pseudo acceleration and (b) displacement. 
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Table 4. Peak base horizontal displacements of the building when there is no pounding. 
 

 pA  (cm/s) 
Lower bound properties of isolators Upper bound properties of isolators 

p IT T  a
BLD (mm) b

BRD  (mm) p IT T  a
BLD (mm) b

BRD  (mm) 

ELCEN6 89.94 1.2 477.4 539.4 1.5 287.9 234.4 

ELCEN7 69.98 1.4 497.8 404.3 1.7 297.2 276.8 

STU 37.20 1.0 68.3 43.4 1.2 33.3 47.2 

PTS 87.69 0.7 623.3 473.3 0.9 541.6 366.5 

SAA 26.47 1.5 127.1 88.4 1.8 137.8 83.9 

ERZ 66.34 0.9 530.8 426.5 1.0 447.5 385.2 

PET 39.69 1.0 218.5 333.9 1.2 165.6 281.5 

LUC 74.64 1.7 468.9 154.9 2.0 336.3 94.9 

RRS 114.88 0.4 379.6 369.9 0.5 331.4 406.1 

SOVMF 71.00 1.0 515.3 537.4 1.2 372.3 440.7 

TCU065 102.44 1.9 560.9 490.7 2.3 374.0 305.6 

TCU082 36.45 3.0 82.7 112.9 3.6 67.2 80.2 

TCU101 37.62 3.3 145.1 41.2 4.0 119.6 18.5 

TCU102 50.56 3.2 407.3 350.2 3.8 322.5 282.9 

 aDisplacement towards the left, bdisplacement towards the right. 

 
have p IT T  equal to 1 and 0.7, respectively; however, 
since PTS has a pulse amplitude of 87.69 cm/s which is 
more than two times the pulse amplitude of STU; PTS 
imposes much larger displacement demand of 623.3 mm 
compared with 68.3 mm imposed by STU. 

Figures 5, 6, 7, and 8 present the mean and 84th 
percentile values of response indicators of the building.  
The difference between the 84th percentile and mean values 
represents the dispersion (i.e., standard deviation) of 
responses under individual ground motions from the mean.  
High dispersion indicates a lesser confidence in predicted 
response indicators.  When pounding is not considered, the 
mean as well as 84th percentile inter-story drift ratios using 
lower bound model are less than or in the order of 0.5% 
indicating essentially no structural damage to the building 
(Fig. 5(a)).  However, when upper bound model is used, 
mean inter-story drift ratio at the first story is 0.7% 
indicating moderate structural damage to the building.  The 
84th percentile inter-story drift ratio at the first story using 
upper bound model is greater than 1.5% indicating severe 
structural damage.  The difference between lower and 
upper bound models is more pronounced at lower stories 
compared with the upper stories.  It is also observed that 
the response of the building using upper bound model is 
unfavorable as it shows large deviation of the response 
indicators from the mean compared with the response 
obtained using lower bound model.  Similar trend is also 
observed in residual inter-story drift ratios, where mean 
values remain very low at less than 0.05% (Fig. 5(b)).  The 
mean values of base shear forces obtained using lower and 
upper bound models are about 0.2W  and 0.23 ,W  
respectively, which are less than the base shear capacity 
predicted from pushover analysis (Fig. 5(c)).  The 84th 
percentile base shear force using upper bound model is close 

to the base shear capacity of the structure.  The deviation in 
shear force values from the mean is less compared with that 
observed for inter-story drift ratios.  Compatible with 
inter-story drift ratios are the column curvature ductilities, 
which show that essentially no yielding occurs (reflected by 
ductilities of less than or in the order of 1) in any column 
when lower bound properties of isolators are used, (Fig. 
5(d)).  While the mean value of ductility at the first story 
using upper bound model indicates that minor yielding of 
the first story columns occurs, the 84th percentile value 
reflects significant yielding of the columns.  Trends in the 
deviations of the response indicators from the mean are 
similar to the trends in inter-story drift ratios. 

Comparing the responses of the building in 
Configuration A (Fig. 6) and Configuration B (Fig. 7), it is 
observed that the pounding on left side is more severe 
compared with the pounding on the right side.  This is also 
justified by larger base displacement demands occurring on 
the left side of the building compared with those on the right 
side (Table 4)  Only marginal difference is observed 
between responses of the building in Configuration A (Fig. 
6) and Configuration C (Fig. 8).  Therefore, the response of 
the building in Configuration C will be used here for 
comparison of pounding and no-pounding cases.  Mean 
values of inter-story drift ratios at first and second stories 
using lower bound model are more than 0.5 %, indicating 
moderate structural damage to the building (Fig. 8(a)).  
Note that these values were less than 0.5% when pounding 
was not considered.  Because of pounding, the mean 
inter-story drift ratios at the first story are increased by a 
factor of 2.6 and 1.2 using lower and upper bound properties 
of isolators, respectively.  Both lower and upper bound 
models yield responses with large deviation from the mean.  
Because of pounding, the 84th percentile inter-story drifts at 
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Fig. 5. Response of the building when there is no pounding: (a) peak inter-story drift ratio; (b) residual inter-story drift ratio; 
(c) peak normalized story shear force; and (d) peak column curvature ductility. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 6. Response of the building in Configuration A: (a) peak inter-story drift ratio; (b) residual inter-story drift ratio; (c) peak 
normalized story shear force; and (d) peak column curvature ductility. 
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Fig. 7. Response of the building in Configuration B: (a) peak inter-story drift ratio; (b) residual inter-story drift ratio; (c) peak 
normalized story shear force; and (d) peak column curvature ductility. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 8. Response of the building in Configuration C: (a) peak inter-story drift ratio; (b) residual inter-story drift ratio; (c) peak 
normalized story shear force; and (d) peak column curvature ductility. 
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Table 5. Maximum values of response indicators at the first story of the building. 
 

 

Peak inter-story 
drift ratio (%) 

Residual inter-story 
drift ratio (%) 

Peak normalized 
story shear force 

LB UB LB UB LB UB 

No pounding 0.63 3.81 0.038 0.35 0.29 0.32 

Config. A 3.29 5.71 0.34 0.75 0.33 0.32 

Config. B 1.84 3.81 0.24 0.35 0.32 0.32 

Config. C 3.29 5.71 0.34 0.75 0.33 0.32 

 
 
the first story using lower and upper bound models are 
increased by a factor of 3.6 and 1.4, respectively.  Increase 
in mean and the 84th percentile values of residual inter-story 
drift ratios is larger compared with the increase in peak 
inter-story drift ratios (Fig. 8(b)).  Increase in mean story 
shear forces due to pounding is negligible considering the 
upper bound properties of isolators (Fig. 8(c)).  However, 
considering lower bound properties of isolators, the mean 
and 84th percentile base shear forces are increased by a factor 
of 1.2 due to pounding.  Increase in curvature ductility 
demands due to pounding is the highest among all response 
indicators.  The mean curvature ductilities at the first story 
are increased by a factor of 6 and 1.4 using lower and upper 
bound properties of isolators, respectively (Fig. 8(d)).  
However, the 84th percentile curvature ductilities at the first 
story are increased by a factor of 8.7 and 1.5 using lower and 
upper bound properties of isolators, respectively.  
Interestingly, the mean values of the inter-story drift ratios, 
story shear forces, and column curvature ductilities are 
nearly the same using lower and upper bound models; while 
the mean residual inter-story drift ratios show negligible 
difference using the two models.  This is because the lower 
bound model tends to increase the base displacement and 
hence the severity of impact, while upper bound model tends 
to decrease the base displacement but transfer larger forces 
to the superstructure.  In addition, the effect of seismic 
pounding is more pronounced in the immediate vicinity of 
impact (i.e., at the first story). 

Table 5 shows maximum response of the base-isolated 
building at the first story, generated due to all 14 earthquake 
ground motions.  Even though pounding does not occur, 
the maximum inter-story drift ratio considering upper bound 
properties of isolators exceeds 3%, indicating collapse of the 
first story and base shear force reached the capacity of the 
building.  This is unacceptable for a well-designed 
base-isolated building, which shows that the response of 
base-isolated structures is strongly affected by the pulse-like 
characteristics of near-fault ground motions.  Pounding 
exacerbates the situation leading to a peak inter-story drift 
ratio of 5.71% and residual inter-story drift ratio of 0.75%. 

To enable the comparison of the response due to 
one-sided pounding in Configurations A and B with that of 
two-sided pounding in Configuration C, the peak inter-story 
drift ratios at the first story obtained using lower bound 
properties of isolators are plotted in Fig. 9 for ELCEN6, PTS, 
SOVMF, and TCU065, which were the only earthquake 

excitations that caused pounding on the left, right, and both 
sides.  It is clear that the drift demands under two-sided 
pounding are less compared with those under one-sided 
pounding. 
 

 

 

 

 

 

 

 

 

 

 

Fig. 9. Peak inter-story drift ratios at the first story using LB 
isolator properties. 

 
 
7.  CONCLUDING REMARKS 

 
This study evaluates seismic performance of a typical 

4-story base-isolated RC building designed for a site where 

1 0.6 .S g<   The isolation system which consists of lead 
rubber bearings, has an effective damping of about 19% at 
the maximum displacement.  A set of 14 near-fault 
pulse-like ground motions representing MCER was 
considered and nonlinear time-history analyses with and 
without pounding of the building with the retaining walls at 
the base were carried out using lower bound as well as upper 
bound values of isolator properties.  It was found that the 
response of the building is substantially influenced by the 
pulse-like characteristics of the ground motions.  
Maximum isolator displacement demands under 50% of the 
ground motions exceed ,TMD  when lower bound 
properties of isolators were considered.  The earthquake 
ground motions with p IT T  close to unity and with high 
pulse amplitude were found to be imposing large 
displacement demands on the isolators.  When pounding 
was not considered in the analysis, the mean values of 
response indicators suggest that in the worst situation, the 
building undergoes moderate structural damage with a peak 
inter-story drift ratio of 0.7% at the first story.  Results also 
reveal that the response of the building can be predicted with 
a higher confidence using lower bound properties of 
isolators compared with the upper bound properties.  
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However, in the worst situation, the maximum values of 
response indicators show the imminent collapse of the first 
story.  When pounding was considered, it was found that 
the response of the building cannot be predicted with a 
higher confidence as it could be done when pounding does 
not occur.  Because of pounding, the mean values of 
response indicators were increased by a factor of 2.6, 1.2, 
and 6 for peak inter-story drift ratio, story shear forces, and 
column curvature ductilities, respectively, considering lower 
bound properties of isolators.  Although the maximum 
values of response indicators suggest that the collapse is 
inevitable when pounding occurs with the retaining walls on 
both sides of the building, the mean values suggest that the 
building undergoes moderate structural damage.  It is noted 
that the results presented herein based on bounding values of 
isolator properties may represent conservative estimates, as 
the isolators may not have gone under sufficient number of 
large amplitude cycles under the selected near-fault ground 
motions to experience expected changes in their mechanical 
properties. 
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Abstract:  The concept of replaceable structural member or fuse is a new approach of earthquake resilient structural 
design, which includes structural members like coupling beams, energy dissipation devices, and rubber bearings and so 
on. The new structural system is not only capable of preventing from failure of the structure, and protecting people’s life 
safety during an earthquake, but the fuse part is easily replaced and restored immediately after an earthquake. The design 
rules of replaceable structural members generally contain two levels. In the state of service level, the replaceable 
structural member is supposed to provide stiffness to the system. In the region of high seismicity, the replaceable 
structural member is designed to be inelastic or failure, like a fuse, and to protect the main structure from damage. The 
authors of this paper proposed a new method of replaceable members, which are replaceable coupling beams and 
replaceable foot parts of reinforced concrete shear walls. The coupling beams and foot parts of RC walls are both the 
incidental members to be damaged during earthquakes and to be replaced after earthquakes. Shear wall specimens with 
replaceable coupling beams and replaceable foot parts are designed and tested under cyclic loading. This paper will report 
the test and analysis results in details. 
 

 

1. INTRODUCTION 
 

Shear wall structures are most important 
lateral-force-resisting-systems that have been shown to be 
very efficient in resisting seismic loads. But previous 
earthquake damages showed that the coupling beams and 
shear wall foot parts were easily damaged in the earthquake 
(shown as Fig.1, Fig.2, Fig.3, and Fig.4). Especially, in 
2/27/2010 Chile Magnitude 8.8 Earthquake, a large number 
of shear wall foot parts were seriously damaged (Carpenter, 
Naeim, and Lew et al. 2011). Furthermore, it is difficult to 
repair these parts after earthquake, and it will cause the 
building life-cycle cost increasing. So, it is necessary to 
transform traditional anti-collapse design approach to the 
repairable design method in some important structures. One 
of the simplest ways to achieve repairable design is to set 
some replaceable structural members in proper positions of a 
structure while the whole structure still works as an integrate 
system. 

The concept of replaceable structural member or fuse is 
a new approach of earthquake resilient structural design, 
which includes structural members like coupling beams, 
energy dissipation devices, and rubber bearings and so on. 
The new structural system is not only capable of preventing 
from failure of the structure, and protecting people’s life 

safety during an earthquake, but the fuse part is easily 
replaced and restored immediately after an earthquake.  

Previous study (Fortney, Shahrooz, and Rassati 2006, 
2007) had investigated the behavior of replaceable fuse steel 
coupling beam by test and calculation. Research results 
showed that fuse steel coupling beam demonstrated well 
performance, but the fillet welds used in the built-up 
I-sections had been terminated at the ends of the beam 
sections, which led to the onset of the fillet weld failures. 
Similarly, the authors of this paper connected fuse with 
non-yield segment by end plate instead of splice plate in 
order to minimize the destruction of non-yield segment. In 
the paper, several new coupling beams fuse will be 
introduced, and design methodologies of new coupling beams 
have been developed. Finally, static push-over analysis 
studies is done to investigate the seismic performance of the 
new coupling beams. In addition, four large half-scale models 
of shear walls with the replaceable coupling beams has 
being produced, to be used to further study the seismic 
performance of the new coupling beams by cyclic loading 
test. 

Shear wall foot parts are required to be strengthened in 
a variety of codes, but are still very easy to damage in the 
earthquake. Research literature about replaceable members 
of the shear wall foot has not yet found. As an attempt, the 
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authors of this paper set a new compression-tension rubber 
bearing in each corner of the shear wall foot to enhance the 
ductility of the shear wall and reduce the foot damage. By 
large scale model test, some useful conclusions were drawn.  

 
Figure 1  Photo for Failure of Coupling Beam in 5/12/ 

2008  Wenchuan Earthquake, China 
 

 
Figure 2  Photo for Failure of Coupling Beam in 2/27/2010 

Chile Magnitude 8.8 Earthquake 

 
Figure 3  Photo for Failure of Shear Wall Foot in 5/12/2008 

Wenchuan Earthquake, China 

 
Figure 4  Photo for Failure of Shear Wall Foot in 2/27/2010 

Chile Magnitude 8.8 Earthquake (Carpenter, Naeim, and 
Lew et al. 2011) 

 
 
2.  NEW REPLACEABLE COUPLING BEAMS 
 
2.1  The Test Fuse Model 

The span-to-depth ratio of conventional coupling beams 
is smaller, so shear failure often occurred in the earthquake. 
In order to avoid shear failure mode of coupling beams, and 
according to structural replaceable design philosophy, a fuse 
was set in the middle span of coupling beam. The fuse and 
the non-yield segment were connected by high-strength bolts. 

Under strong earthquake, the fuse will yield and dissipate 
energy in advance, where the non-yield segment keeps intact. 
Furthermore, fuse can be easily replaced after earthquake, 
saving the cost of repair. The coupling beam fuse can be 
made into a variety of structural forms to enhance the energy 
dissipation capacity and ductility. Following photos are 
some new proposed coupling beam fuses. 

(1) A steel I-beam, whose web having diamond-shaped 
hole, named fuse 1(Figure 5). 

(2) Two webs of the steel I-beam, filling lead between 
the webs, named fuse 2(Figure 6). 

(3) Two round steel tube, filling lead in the tube, named 
fuse 3(Figure 7). 

 
Figure 5  Photo for Fuse 1 

 
Figure 6  Photo for Fuse 2 

 
Figure 7  Photo for Fuse 3 

 
 

 
Figure 8  Connection of Fuse and Non-yield Segment 

FUSE NON-YIELD SEGMENT
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Non-yield segment is composed of steel reinforced 

concrete, which is a steel I-beam embedded in the reinforced 
concrete beams, shown as Figure 8. 

 
2.2  Design Methodologies 

New replaceable coupling beam design requirements: 
Under frequent earthquakes, the new replaceable 

coupling beam is the same as conventional coupling beam, 
supposed to provide stiffness to the system and keep intact; 

Under basic earthquake or rare earthquake, the fuse of 
new replaceable coupling beam should yield in advance and 
dissipate seismic energy, whereas the non-yield segment 
keeps elastic. 

In order to unify with the conventional coupling beams’ 
design methods, and to facilitate the structural designer to 
understand the new design method, new coupling beam 
design method is based on the conventional coupling beams 
design methods. The specific design steps show as follows: 

The first step, choose conventional coupling beams that 
should be substituted by replaceable coupling beams. 
However, the internal force calculation is still in accordance 
with conventional coupling beam. 

The second step, after obtaining the coupling beam 
shear and moment, there is no need to satisfy shear load ratio 
limits requirements. This is a very important advantage 
comparing with conventional coupling beams. Then, the 
bearing capacity calculation of new replaceable coupling 
beams was divided into two parts: 

(1) The non-yield segment design. 
The design requirement is that the non-yield segment 

should not damage in any basic earthquake or rare 
earthquake. Therefore, the coupling beam calculation 
moment should multiply by the amplification factor  , 
which is greater than 1, and then flexural bearing capacity 
calculation of the non-yield segment use the new moment. 
Similarly, the coupling beam calculation shear should 
multiply by the same amplification factor , and then shear 
bearing capacity calculation of the non-yield segment use 
the new shear. The value of   is not easy to determine, in 
principle, a higher value can minimize the damage 
possibility of the non-yield segment, but a higher value may 
result in cost rising. 

(2) The fuse design. 
The fuse design requirement is that the fuse should 

keep elastic under frequent earthquake, but it should yield in 
advance and dissipate seismic energy under basic earthquake 
or rare earthquake. Fuse design moment is the same as 
conventional coupling beam design moment, and flexural 
capacity calculation is based on the design moment. Also, 
the fuse design shear is the same as conventional coupling 
beam design shear. In this case, the fuse would yield under 
the design shear and dissipate energy under basic or rare 
earthquake. 

The figure 9 is the design flowchart of new replaceable 
coupling beams. 

Select the section height of 
the conventional coupling beams

(   >1)
Design moment of the non-yield segment is   M

Design shear of the non-yield segment is  V

Calculate the combination  shear V  and 
moment  M  of the conventional coupling beams

Design moment of the fuse is M
Design shear of the fuse is V

Reinforcement calculation Section design
 

Figure 9  New Coupling Beam Design Flow Chart 
 

2.3  Analytical Study 

2.3.1  Computational Model 
In order to verify the previous design method and 

compare the seismic performance between new coupling 
beams and conventional coupling beams, two finite models 
were established. The first one is a shear wall with 
conventional coupling beams, while the other is a shear wall 
with new replaceable coupling beams with fuse 1. The 
model geometric design parameters were shown as Figure 
10. 
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Figure 10  Model Geometric Designs 

According to previous design methods, and based on 
《Code for Seismic Design of Buildings》(Chinese), The 
new coupling beam and conventional coupling beam 
reinforcement, respectively, as shown Figure 11, Figure 12, 
and Figure 13. 
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Figure 11  Conventional Coupling Beam Reinforcement 
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Figure 12  New Coupling Beam Reinforcement 
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Figure 13  New Coupling Beams’ A-A Profile 

 
Also, to compare bearing capacity between the 

conventional shear wall and new shear wall, the wall section 
size and reinforcement are exactly the same. 

The fuse was Q235 steel with yield strength of 235MPa. 
Solid 65 elements were used to simulate concrete, and shell 
181 element was utilized in the modeling of fuse. 
Reinforcement was modeled by link8 element. All used steel 
and reinforcement were assumed to behave as ideal elastic 
plastic material. The shear wall with conventional coupling 
beams finite model is shown in Figure 14. 

 
Figure 14  The Shear Wall with Conventional Coupling 

Beams 
 
2.3.2.  Static Push-over Analysis 

For a detailed comparison of the seismic performance 
between conventional shear wall and new shear wall, a static 
push-over analysis was carried out (Xilin Lu, Yun Chen, and 

Yuanjun Mao 2011). An axial load of 1773kN was first applied 
by prestressed rod until the axial-force-ratio reached 0.2. 
Then, displacement controlled load was applied with the 
level maximum displacement of 55mm until inter-story drift 
angles of both shear wall reached 1/100. In this case, both of 
shear wall have been yielding. The base shear-inter-story 
drift curves obtained from the analysis were shown in Figure 
15. 
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Figure 15  Base Shear-inter-story Drift Angle Curves 

Comparison 
 

As was shown in Figure 15, the ultimate bearing 
capacity of the conventional shear wall and new shear wall 
is similar. This indicates the new replaceable coupling beam 
can provide the same constrain moment such as 
conventional coupling beams to the shear wall. However, the 
yield mechanisms of the two coupling beams are different, 
the new coupling beam fuse yield, even the end of the 
coupling beam should not damage. In contrast, longitudinal 
steel yields in common coupling beams. The deformation of 
two coupling beams show as Figure 16 and Figure 17: 

 

 
Figure 16  Deformation of Conventional Coupling Beams 

 

Figure 17  Deformation of New Coupling Beams 
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By comparing the Figure 16 and Figure 17, the 

deformation of conventional coupling beams is concentrated 
in the end and its end curvature is the largest. In contrast, the 
deformation of new coupling beams is concentrated in the 
fuse. Consequently, the end of conventional coupling beam 
create bend yielding, while the middle of new coupling 
beam create shear yielding. 

Figure 18 is steel stress diagram of new replaceable 
beams, from which can be seen that the fuse has been 
completely yield, but non-yield segment is still in the elastic 
state. Because the longitudinal reinforcement was used to 
bear the bending moment of the non-yield segment, and 
stirrups and steel webs used to bear shear force. So, as a 
result of damage concentrated in the fuse, the new 
replaceable coupling beam is easy to be replaced after 
earthquake. 

 
Figure 18  New Replaceable Coupling Beam Steel Stresses 
 
 
3.  CYCLIC TESTS OF RC WALLS WITH 

REPLACEABLE FOOT 
 
3.1 Replaceable Combined Rubber Bearing Design 

The replaceable combined rubber bearing was designed 
to resist compression and tension. The 3D dimensions of the 
bearings developed in this test are 
386mm×200mm×137.5mm (length×width×height). The 
main part of the bearing in the middle is a multi-layer 
elastomeric bearing which has 12 rubber layers and 11 steel 
shims (shown in Figure 19). On each side of the elastomer 
there stands one steel plate which is 4mm thick LY225. 
LY225 is a kind of low yield steel used in metallic dampers 
from Japan, which could perform relatively high plastic 
deformation ability (the Japan Society of Seismic Isolation, 
2008). The elastomeric bearing is supposed to resist most of 
the compression, especially after the yielding of the steel 
plate. The LY225 steel plates are supposed to resist most of 
the tension applied on the combined bearing surface.  
Figure 21~22 show the vertical stiffness curves of the 
designed combined bearing under compression and tension. 

Rubber layer (2.5mm)

4mm LY225

Steel shim (2.5mm)  
Figure 19  Section Plan of the Combined Bearing 

 

Figure 20  Photo of Combined Rubber Bearing 
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Figure 21  Force-deformation Curve of the Combined 
Bearing Under Compression 

0 1 2 3 4 5
0

100000

200000

300000

400000

500000

600000

V
e

rt
ic

al
 T

en
si

o
n

/N

Deformation/mm

Combined Bearing
Elastomeric Bearing 
Low Yield Steel Plate

 

Figure 22  Force-Deformation Curve of the Combined 
Bearing Under Tension 

 

3.2  Test Specimen 

In this paper, test results were obtained for 2 wall 
specimens, one conventional RC wall (SW-0) and one with 
replaceable combined bearings at wall foot part (NSW1-2). 
The walls were both 3.2m tall and 200mm thick, with web 
length of 1600mm. The reinforcing system was design in 
terms of Chinese code for seismic design of buildings. 

Fuse 
Non-yield segment 

Non-yield segment
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Boundary vertical rebar consisted of 7 HRB335 (Ab= 
113mm2) bars, whereas web bars were HPB235 (Aw= 50 
mm2). Figure 23 and 24 show the reinforcing details of the 
specimen SW-0. The reinforcement of specimen NSW1-2 is 
identical to SW-0 except that the horizontal distribution 
reinforcements in the bottom 400mm-high area were 
increased to make up for the loss of lateral shear capacity on 
the RC wall section. 

Double-row 

Double-row 

 
Figure 23  Specimen SW-0—reinforcing Details 

 

 

Figure 24  Section Reinforcement of Specimen SW-0 
 

Detail A

Double-row 

Replaceable 
bearing

 

Embeded threaded 
sleeve joint

Connection steel plate 
(25mm)

Bolts of 8.8 level (M22)

Combined bearing

RC Wall

Base beam

 
Detail A 

Figure 25  Reinforcing and Set-up Detail of NSW1-2 
 
Figure 25 shows the reinforcing and set-up detail of 

specimen NSW1-2. There were 3 threaded sleeves welding 
on each side of the connection steel plate and embedded in 
concrete. So the combined bearing setup was designed 
replaceable if the device is damaged during an earthquake. 
The set-up shown in Detail A was prepared and installed in 
place before casting the whole wall.  

Material tests were conducted at the concrete age of 75 
days. The concrete applied in the two specimens were the 
same, which was C25. According to the material tests, the 
cubic compressive strength of the concrete (fcu,k) was 
28.5MPa, and the elastic modulus of the concrete was 
2.318×104MPa. So the standard axial compressive strength 
was fck =0.88×αc1×fcu,k =19.1MPa, where αc1 is the ratio of 
axial compressive strength to cubic compressive strength of 
concrete according to Chinese design code. Here αc1=0.76. 
 

3.3  Test program 

 
Figure 26  Specimen SW-0 

 

 
Figure 27  Specimen NSW1-2 
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The test setup of two specimens is shown in Figure 
26~27. An axial load of 0.18Acfck was applied on the top of 
the wall by hydraulic jacks mounted on top of loading beam. 
The axial load was applied prior to imposing lateral 
displacements, and it held nearly constant throughout the 
duration of each test. Cyclic lateral displacements were 
applied to the specimen by one hydraulic actuator mounted 
horizontally to a reaction wall 4.0 m above the base of the 
wall.  

Instrumentation was set to measure displacements and 
strains at critical locations of the two walls (shown in Figure 
28). Strain gages were mounted on the rebars, on the surface 
of wall foot and on all the LY225 steel plate of combined 
rubber bearings at various locations. Shear deformations 
were measured through the use of wire potentiometers in an 
X configuration and a vertical displacement transducer at 
each edge of the wall (Massone and Wallace, 2004).  
 

Strain gauge on 
rebars

1 2 3 4

Strain gauges on the LY225 
steel plate of 1 ,2 ,3 ,4  

   SW-0                NSW1-2 

LVDT

Wire 
Potentiometer

Concrete 
strain 
gauge

 
      SW-0                  NSW1-2 

Figure 28  Instrumentation Set on Specimens 
 
The lateral loading histories of the two specimens were 

both displacement-controlled during the entire procedure 
(shown in Figure 29~30). In the elastic levels, the 
displacement circles comprised one circle at each level, 
while the horizontal cyclic displacement comprised three 
circles at each level after yielding until failure. The 
displacements shown in Figure 29 and 30 are the ones 
obtained from the actuator. However, the displacements 
evaluated by the wire potentiometers would be 2mm~5mm 
less than those from the actuator.  
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Figure 29  Loading History of SW-0 
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Figure 30  Loading History of NSW1-2 

 
3.4  Test Results 
3.4.1 Hysteretic behavior and crack pattern 

The force-displacement hysteresis curves including the 
drift of the two specimens are shown in Figure 31~32. 
Failure of a test unit was defined as a 20%-drop of the 
resistance at peak deformation compared to the maximum 
strength reached during the test (Park, 1988). Photographs of 
the specimens after failure showing the crack pattern are 
present in Figure 33~34.  

SW-0: The cracks began to appear in the corner of the 
wall at the loading level of 4mm. Subsequently, several 
horizontal cracks distributed on the each edge of the wall 
and some short diagonal crack appeared on the web of the 
specimen. At the peak displacement of 7.5mm, one 
boundary outer vertical rebar yielded. The concrete cover 
spalling at each wall foot started at the load level of 
14~17mm. Till the stage of 29mm, several relatively long 
horizontal cracks developed at the bottom. The lateral 
resistance force reached the maximum value at the 
displacement of 36mm, when the outer vertical rebar was 
first visible. As the displacement amplitudes were increased, 
the concrete spalling concentrated in the foot part of wall 
and concrete began to crush when the vertical rebars began 
to buckle. Shortly before the stage of 43mm was reached, 
one of vertical corner rebar ruptured at about 65mm above 
the base. The test was ended at this stage and the total drop 
in force capacity had been 20.7% and 35.8% at each 
direction. Figure 31 shows the stable force-displacement 
behavior of SW-0. In the end, the whole crack distribution 
reached the height of 1750mm to the base of the wall and 
two boundary vertical rebars ruptured at each foot area of the 
specimen.  

NSW1-2: The new RC wall with replaceable combined 
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rubber bearing showed a very different crack pattern during 
the test. Cracks first appeared at the inner corner near the 
bearing, the A point shown in Figure 34, at the loading 
displacement of 8mm. As the lateral displacement increased, 
the diagonal cracks developed in the area above the bearing, 
directing to A point. Until the displacement level of 29mm, 
short diagonal cracks were just distributed in the area from A 
point to the edge of the wall, up to 500mm above the bearing. 
At the level of 14mm, 17mm, 29mm and 35mm, No.4, No.1, 
No.2 and No.3 LY225 steel plates (shown in Figure 28) 
buckled from the middle, respectively. Concrete cover began 
to spall at the edge of the wall on the top of bearing 1(shown 
in Figure 34) at the stage of 23mm and the embedded sleeve 
became visible. From the displacement of 29mm to 62mm, 
cracks developed longer and severe up to higher area and in 
the middle area of the wall, also directing to A point. From 
the stage of 62mm, the concrete spalling above the bearing 1 
became severe and consecutive and concrete began to crush 
at the peak displacement of 72mm. In the end, test stopped 
due to large area of concrete crushed around bearing 1 and 
the cover of the base beam near the bearing 2 spalled 
severely and embedded sleeves under bearing 2 were visible. 
Shortly before reaching last level, the outer boundary 
vertical rebars that welded on the connecting steel plate 
ruptured from the welding point. Figure 32 shows the very 
long hysteresis loops with pinching effect. At last, the whole 
crack distribution reached the height of 1250mm to the base 
of the wall. 

 

Figure 31  Force-Displacement Hystereses of SW-0 
 

 

Figure 32  Force-Displacement Hystereses of NSW1-2 

 
Figure 33  Crack Pattern of SW-0 

 

 
Figure 34  Crack Pattern of NSW1-2 

 
 
 
 
3.4.2 Ductility comparison of the two walls 

 

A A
2 1
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Table 1 Ductility of the two specimens 

Test 
Specimen 

Δy
a 

(mm) 
Δy 

(mm)
Δu 

(mm) 
μΔ= 
Δy/Δu 

Max 
Lateral 

Resistance 
(kN) 

SW-0 East 7.5 13.4b 43.9 3.28 516 
West 7.5 13.6b 46.9 3.45 507 

NSW
1-2 

East 10.7 12.6 81.7 6.48 440.7 
West 10.7 12.5 78.5 6.28 389.7 

a Displacement at first yield of the outer vertical rebar for 
SW-0 or the LY225 steel plate for NSW1-2 
b Yield displacement based on the R. Park method (Park, 
1988) 

 
Table 1 presents the comparison of ductility results for 

the two different shear wall. The yield displacements of 
SW-0 were computed based on the method by R. Park, 
while the ones of NSW1-2 were obtained from the 
hysteresis loops where the yielding inflection points were 
very obvious. Although the lateral resistance capacity of the 
new designed shear wall was less than the conventional wall, 
the displacement ductility was nearly two times the value of 
SW-0. Meanwhile, at the stage of 43mm, which was nearly 
the failure level for SW-0, no severe and deep cracks 
appeared on the wall of NSW1-2 and no large damages 
occurred except the four buckled LY225 steel plate.  
 
 
4.  CONCLUSIONS 

 
This article focuses on two kind of replaceable 

structural members: replaceable coupling beams and 
replaceable shear wall foot parts. By numerical simulation 
and experimental studies, the following preliminary 
conclusions were drawn: 

According to proposed replaceable coupling beam 
design method, the numerical simulation demonstrated the 
damage can be concentrated in the middle of the coupling 
beam, while the remaining parts of the coupling beam keep 
elastic. This is beneficial to repair after earthquake. 
Moreover, it is not necessary for new coupling beam to 
satisfy shear load ratio limits requirements. Maybe this is a 
most important advantage. In addition, the new coupling 
beams will not reduce the bearing capacity of the shear wall. 
Experimental study is still in progress. 

Two specimens of large scaled model test of the new 
designed shear wall with replaceable foot were conducted, 
and some primary results are obtained. Their crack pattern 
and failure mechanism are quite different. The hysteresis 
loops of new shear wall are much fuller and longer than the 
other. Although the lateral resistance capacity of the new 
designed shear wall was less than the conventional wall, the 
displacement ductility was nearly two times the value of the 
former wall.  
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Abstract:  Structural damages observed in recent strong earthquakes indicate that the code intended failure patterns of 
RC structures can hardly be realized. The effectiveness of the design approach of RC structures that aims to developing 
the preferred failure modes is questioned. It has become popular to take effective measures to ensure the development of 
preferred failure modes under strong earthquakes. This paper summarizes and compares the failure patterns observed in 
the recent Wenchuan earthquake and East Japan earthquake. The characteristics of the seismic design methods that aim to 
realize the code preferred failure patterns in China and Japan are compared and discussed. 

 
 
1.  INTRODUCTION   

 
It has been widely accepted that building structures 

exhibit significant nonlinearity during strong earthquake 
events. It is neither rational nor realistic to design a structure 
that can maintain elastic during earthquakes of any intensity. 
Therefore current seismic design code requires three levels 
of seismic performance. Under frequent earthquakes 
structures should be restrained from any damages. Under 
design level earthquakes structures are allowed to develop 
reparable damages. Under rare earthquakes structures should 
not collapse. The reasonable failure pattern of structures 
under earthquake attack is critical for the achievement of 
seismic design objectives. The structural failure pattern can 
be defined in three aspects, i.e. the damage location, damage 
sequence and damage levels. These three aspects of failure 
pattern have significant influence on the energy dissipation 
capacity and collapse prevention capacity of the structure. 
The reasonable failure pattern is very important for 
structures to ensure reliable performance under strong or 
even mega earthquakes and worth paying much attention 
during seismic design. The Chinese seismic design code 
provides plenty of provisions regarding the failure mode 
selection and the corresponding design approach. However, 
the code preferred failure modes were rarely realized during 
the Wenchuan Earthquake. In addition, the structural 
engineers don’t invest sufficient effort into the analysis and 
research on structural failure mechanism under strong 
earthquakes. 

In this paper, the failure patterns observed in Wenchuan 
earthquake and the east Japan earthquake are summarized 
and studied. The design philosophy and detailed approach 

for control of the failure patterns of two typical RC frame 
structures in China and Japan are compared. The merits and 
disadvantages of either way are pointed out. This paper can 
be a reference for seismic design. 
 
 
2.  EARTHQUAKE DAMAGES AND REVELATION 
 
2.1  Damages in Wenchuan earthquake（Li Yingmin et al. 
2008, Han Jun et al. 2010） 

In Wenchuan earthquake the code preferred ‘strong 
column-weak beam” mechanism of RC frames was rarely 
developed. Instead of beam end hinges, column end hinges 
were frequently observed in frame structures, which made 
many researchers and engineers surprised and start to look 
for the reasons in previous work by the authors (Ye Lieping 
et al. 2008, Lin Xuchuan et al. 2009, Han Jun et al. 2010). It 
soon became an urgent issue to examine the effectiveness of 
the measures specified in current seismic code aiming to 
ensure strong column-weak beam mechanism and to find 
out better measures. The most accepted solutions proposed 
by many researchers were to increase the column to beam 
strength ratio and reduce the frame column compression 
ratio, which were adopted in the 2010 edition Chinese code 
for seismic design of building structures. 

The infilling masonry walls are main partition walls for 
frame structures and also one of the most severely damaged 
components during Wenchuan earthquake. The cracking and 
damaging of infilling walls prior to the damages of structural 
components during strong earthquakes may be beneficial for 
the overall structural seismic performance, if ignoring the 
post-quake repairing cost. However, the same damages may 
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also be developed in the infilling masonry walls in medium 
and frequent earthquakes, resulting significant economic loss. 
It will become an important research topic how to develop 
performance based seismic design method that can control 
the damage levels of infilling masonry walls under different 
levels earthquakes based on the actual social economic level. 
The discontinuous arrangement of infilling walls along 
building height may cause vertical stiffness irregularity and 
result in bottom weak story damages. The irregular plan 
arrangement of infilling walls may cause overall torsional 
failure. The diagonal strut effect of infilling walls may 
induce additional shear force in columns. Therefore, infilling 
walls have significant influence on the structural failure 
pattern. Effective measures should be taken to avoid the 
adverse effect of infilling walls of the formation of 
reasonable failure patter of the whole structure.  

In Wenchuan earthquake zones, RC frame-shear wall 
structures were countable and exhibited good seismic 
performance. In Dujiangyan city infilling walls and link 
beams of two frame-wall structures were damaged severely 
with local damages at the middle of the walls. The link beam 
failure of frame-wall structures are among the few examples 
of the successful realization of the code preferred failure 
modes. However, the failure of the middle of the walls still 
indicates the inadequacy of the intended control by the code 
of the strong shear-weak flexure of shear walls. The 
Wenchuan earthquake structural damages suggest the 
significance of the formation of the reasonable failure 
pattern on the good seismic performance. It still needs 
examination on the effectiveness and rationality of the 
controlling strategy in the code.  
 
2.2 Damages in east Japan earthquake (安部重孝 2011,
国土交通省国土技術政策総合研究所 2011) 

In the east Japan earthquake on March 11, 2011, RC 
structures exhibited good seismic performance except for the 
collapses caused by the tsunami. The code intended design 
objectives were achieved in general. The main structural 
damages were: 1) seismic behavior of buildings designed by 
new and old codes was obviously different. Buildings 
designed before 1981 were damaged more severely due to 
the fracture of the frame columns and the loss of the vertical 
load carrying capacity. As shown in Fig. 1, buildings 
designed or retrofitted after 1981 were relatively lightly 
damaged without collapse. 2) bottom column hinges were 
very common, which is a preferred failure mode. However, 
shear failure of frame columns were frequently observed (as 
shown in Fig. 2). RC shear wall mainly failed due to the link 
beams (as shown in Fig. 3), which is code preferred. 3) 
although the main structures were not severely damaged, the 
nonstructural components were damaged significantly, 
causing casualty and economic loss. 4) roofs of long span 
structures like gymnasiums and concert halls were severely 
damaged. 
 

   

Figure 1 Local Collapse of Frame Structure 
 

   
Figure 2 Shear Failure of Frame Column 

 

 
Figure 3 Link Beam Failure of Shear Wall 

 
 
3.  CHINESE CODE APPROACH OF FAILURE 
PATTERN DESIGN FOR STRONG EARTHQUAKE 
 

Current seismic design methods in building codes of 
most countries in the world follow the capacity-ductility rule 
in previous work by the authors (T. Paulay et al. 1992, Yang 
Yuan 2000). The ductile deformation capacity of the 
structure is the most important characteristic in ensuring 
good seismic performance in strong earthquakes. In China 
code for seismic design of building structures the capacity 
design method is adopted to ensure the preferred failure 
mode and satisfy the ductility demand. Accordingly, a 
complete design procedure involves two stages. At the first 
stage, a limiting condition corresponding to frequent 
earthquake level is defined, beyond which the structure 
becomes inelastic. Elastic earthquake response analysis, 
internal forces redistribution due to the uncertainties of the 
structural model and for the preset failure pattern), ultimate 
design of section and elastic deformation check are 
conducted. Seismic measures are taken to meet the 
requirement of structural reparability under medium 

 

- 1636 -



 

earthquake, though the level structural reparability covers a 
wide range instead of a limiting condition. At the second 
stage, elasto-plastic analysis is carried out for the prevention 
of collapse. The controlling condition is also defined by a 
limiting condition (similar to the ultimate condition check). 
Therefore, the current design approach ensures the preset 
failure pattern through the following measures: 1) internal 
forces adjustment. This can be demonstrated by the design 
of strong column-weak beam mechanism. The China code 
takes the required sum of design column end moment as the 
sum of the beam end design moment or the amplified sum of 
actual moment; 2) control of stiffness and strength regularity 
(such as the transfer story, strength of weak story and 
stiffness control). The first measure is based on the idea that 
the preset failure mode can be realized through the control of 
various components and locations. The level of troll depends 
on seismic fortification intensity and structural types. 
However, this measure has inherent disadvantages. Firstly, 
the internal force adjustment is based on elastic analysis. The 
actual distribution of actual elasto-plastic internal forces is 
different from that of elastic forces. Therefore, if the 
redistribution of elasto-plastic internal forces follows the 
same ratio of the distribution of elastic forces, a structure 
designed for preset failure pattern cannot failure in 
unpredicted way at all taking the force equilibrium view of 
point. In other words, the fret measure can’t reflect the actual 
internal force redistribution, while the structural failure is 
caused by actual redistributed internal forces.  Secondly, 
increase the load carrying capacity of the unexpected 
locations based on internal force redistribution doesn’t 
consider the actual loading condition and load carrying 
capacity of these locations. For example, the axial 
compression force of a frame column usually varies during 
an earthquake event, resulting in varying load carrying 
capacity of that column. The expected column strength is 
only nominal. In other words, the column hinge will be 
unavoidable. The second measure is only valid for the 
prevention of story yielding mechanism. However, it is 
incompetent for structures on slope, which requires a 
different method. 

In response to the lessons learned from Wenchuan 
earthquake, the revision of the 2010seismic design code 
simply increases the strength demand. It is without doubt 
that this is helpful for the realization of preferred failure 
mode. However, it is questionable that this method is most 
appropriate, economic and reliable. 
 
 
4.  JAPANESE CODE APPROACH OF FAILURE 
PATTERN DESIGN FOR STRONG EARTHQUAKE  

 
The new seismic design method enacted in Japan in 

1981 is based on a two level seismic design procedure. The 
level 1 design is the allowable stress design of structures for 
frequent and medium earthquakes. The second level design 
is the check of structural ultimate strength for strong 
earthquakes. The level 2 seismic design is named the 
ultimate lateral load carrying capacity method in Japan, 

which means the lateral strength demand of structure under 
level 2 earthquakes. The seismic design guidelines of RC 
structures based on ultimate strength published by AIJ in 
1990 describes the detailed procedure of the level 2 design. 
The level 2 design is featured by ensuring the formation of 
the overall yielding mechanism of the structure under level 2 
earthquakes. When the lateral deflection reaches the 
expected value, the corresponding lateral strength of the 
structure is below the ultimate lateral load carrying capacity. 
The difference between the level 2 design in Japan code and 
the strong column-weak beam mechanism using 
amplification factor lies in that the Japanese approach 
directly treats the overall structural yielding mechanism, 
which consists of the design of the yielding mechanism and 
the design to ensure such mechanism. The design of the 
yielding mechanism means when the structure reaches the 
ultimate condition, the expected plastic hinges of the preset 
overall yielding mechanism should possess sufficient 
reliable moment strength and plastic deformation capacity so 
as to ensure the expected lateral strength of the structure. 
While the design to ensure the yielding mechanism means 
when the structure arrives at the ultimate 
condition(corresponding to an approximate inter-story drift 
angle of 1/67), the portions of the structural components 
outside the plastic hinge region sustain adequate moment 
strength. This design requires the estimation of the moment 
strength demand of those locations and the prevention of 
other failure modes than the flexural failure of all the 
structural components. The detailed procedure can be found 
in previous work by the authors (梅村魁. 1981, Ye Lieping 
et al. 2009). 

In general the Japanese approach considers the 
structural internal force redistribution in giant earthquake 
and the variation of the strength of structural components, 
resulting in a more realistic design. However, the accuracy 
and effectiveness of the approximate analysis of the structure 
under giant earthquake is the key to the successful 
application of the level 2 design. In addition, it is only 
suitable for RC frame or frame-wall structures with a height 
limit of 45m whose dynamic behavior are governed by the 
first mode. Therefore more research is necessary in order to 
widen the application and verify the effectiveness. The 
rationality of the overall yielding mechanism needs further 
study. 

 
 

5.  STRUCTURAL FAILURE MECHANISM AND ITS 
RATIONALITY 

 
As a matter of fact, it needs attention and further 

research what kind of failure mode is reasonable. Currently, 
the evaluation method for the rationality of a failure mode 
has not been established yet. It is suggested that the 
feasibility, energy consuming capacity, reliability, 
reparability and economy be seriously considered in 
establishing the evaluation rules. If the expected failure 
mode cannot be realized in actual earthquake events, such 
failure mode canno0t be rational. Good energy dissipation 
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capacity is always anticipated. The post-quake reparability 
directly impacts the economic loss. With good reparability, 
the rehabilitation cost shall be largely reduced. The 
construction cost of a failure mode also influences its 
rationality. As a result, the rationality of a failure mode 
should be assessed by a multi index evaluation method. 
However, such evaluation method is still not available and 
needs research efforts to establish. 

Theoretically speaking, the formation of a preferred 
failure mode doesn’t necessarily require the strengthening of 
the locations where failure is not intended. Weakening the 
expected failure location can also reach the same result, as 
long as the weakening won’t sacrifice the structural safety 
and reliability. In other words, the strengthening all the way 
philosophy is not the only solution. On the contrary, a 
stronger structure may not necessarily lead to the eventual 
formation of the preferred failure mode. Take the strong 
column-weak beam mechanism as the example, according to 
the analysis and actually observed damages(such as the 
fracture failure of steel columns in Kobe earthquake), a 
column may suffer axial forces exceeding the ultimate axial 
load capacity at times during the earthquake while the 
corresponding flexural strength equals zero, which will 
definitely result in the column failure. 

The design philosophy of fail-safe is also feasible. In 
most cases, this philosophy can be realized and controlled in 
an easier more economical way. In recent years, the seismic 
design philosophy based on designing weakened 
components has been put forward and obtained attention. 
This philosophy emphasizes on the setting of weakened 
locations on purpose to help the realization of preferred 
failure mode(such as the rocking wall system and the energy 
mitigation system in current code). Conceptually, this 
philosophy is easy to accept. Compared with the 
conventional way, both philosophies intend for rational 
failure mode. However, the conventional way focuses on the 
strengthening of the locations where failure is not expected 
while the proposed method weakens the locations where 
failure is intended. In some sense, a good seismic design 
implies the successful selection and design of the weak 
components, resulting in a sufficient energy consuming 
capacity of such weakened components while sustain 
vertical load carrying capacity and prevent the collapse of 
the structure. Foundation isolation, flexible bottom energy 
dissipation structures or seismic isolation structure and 
rocking wall structures and so on are examples of successful 
design of weak components, which may lead to the 
unification of the conventional seismic design concept and 
energy mitigation and reduction concepts in previous work 
by the authors (Ou Jinping et al. 1995, Qu Zhe et al. 2009, 
Miu Zhiwei et al. 2009, Ajrab J. J. et al. 2004, Marriott D. et 
al. 2008). Meanwhile, seismic design philosophy based on 
the design of weakened components can help improve the 
performance based seismic design and seismic retrofitting 
design. In the aspect of logic, weakening fulfills better the 
overall seismic design strategy of current codes than 
strengthening and is more cost-effective and easier to realize 
and maintain. It is no doubt that the proposed design 

philosophy should avoid the reduction of the structural 
reliability. The three level design objectives should be 
satisfied. The problem is although the proposed design 
philosophy is accepted reasonable, it remains conceptual. A 
systematically research is necessary for the new concept to 
be applied in actual engineering projects. 
 
 
6.  SUMMARY 

 
An effective design and control is critical to ensure 

excellent seismic performance for RC structures. Through 
the comparison the observed failure patterns and code 
provisions of China and Japan, this paper discusses the 
design approach to ensure rational failure patterns under 
strong earthquakes. The following concluding remarks can 
be made:  

（1）the capacity design approach based on adjusted 
frequent earthquake induced internal forces can hardly 
endure the preferred failure pattern, since this approach lacks 
sufficient consideration of the redistribution of forces after 
the structure behavior is inelastic. However, the Japanese 
design approach considers the inelastic behavior of 
structures during strong earthquakes, leading to more 
reasonable design. 

（2）the evaluation method for the level of rationality 
of structural failure patterns under strong earthquakes has yet 
to be developed. Evaluation indices of various weights and 
the application method need to be suggested for the 
establishment of preset reasonable failure patterns. 
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Abstract:  Flat-plate system has become one of the most popular practices now-a-days, primarily for architectural 
flexibility, use of space, easier formwork and shorter construction time. However the structural efficiency of the flat-plate 
is hindered by its poor performance under earthquake loading. Post-earthquake observations and experimental testing 
have been shown that lateral movements induced by earthquake can make the connections between slabs and columns 
susceptible to punching shear failures.  Though Reinforced Concrete Frame (RCF) is widely used in Bangladesh, 
flat-plate constructions are also becoming a common practice. BNBC and ACI have suggested that flat-plate frames can 
be designed either by Direct Design or Equivalent Frame Method. The ACI-ASCE committee also suggests that in 
regions of high seismic risk, flat-plate construction should only be used in structures braced by frames or shear walls. 
Hence it becomes more important to investigate the seismic performance of flat-plate system.  Seismic performances of 
both systems are evaluated based on linear, non-linear static and dynamic method and shown that flat-plate is more 
flexible than RCF. It can be concluded that for high levels of seismic ground motion, the insufficient lateral resistance of 
the flat-plate system will cause extensive damage, which is far more than observed in RCF. 

 
 

 

1.  INTRODUCTION 

 

Now-a-days in Bangladesh, many reinforced concrete 

(RC) buildings are being constructed using columns and flat 

plates slab systems without beams. Flat Plate building 

systems are utilized extensively for construction of 

apartments, commercials, hotels, office buildings, platform 

of train, bus stations or car parking lot etc. The architects, 

structural designers and building owners have a tendency to 

eliminate conventional beams for good look and 

convenience in placing the brick walls.  

Because of the absence of deep beams and shear walls, 

are resulting in low transverse stiffness. This induces 

excessive deformations which in turn causes damage of 

structural & non-structural members even when subjected to 

earthquakes of moderate intensity. 

Another issue is the brittle punching failure due to the 

transfer of shear forces and unbalanced moments between 

slabs and columns during seismic action. 

Bangladesh is one of the most earthquakes vulnerable 

countries in the world. Bangladesh National Building Code 

(BNBC) and American Concrete Institute (ACI) code has 

suggested that flat-plate frames can be designed either by 

direct design method or equivalent frame method 

considering gravity load only, which has made the situation 

more critical. The ACE-ASCE committee also suggests that 

in regions of highly seismic risk, flat-plate frame 

construction should only be used as the vertical load 

carrying system braced by frames or shear walls. Hence it 

becomes more important to investigate the seismic 

performance of existing flat-plate system.  

This paper investigates the seismic performance of 

existing RC flat plate structures using both non-linear static 

& dynamic analysis and identifies the structural performance 

levels as per FEMA 356 guidelines. 

 

 

2.  METHODOLOGY 

 

Seismic lateral forces on primary framing systems shall 

be determined by using either the Equivalent Static Force 

Method or the Dynamic Response Method as mentioned in 

Bangladesh National Building Code (BNBC). The Dynamic 

Response method, where used, shall be based on one of the 

dynamic analysis procedures like Response Spectrum 

Analysis and Time History Analysis. The normalized 

response spectra as given in figure 1 shall be used in the 

dynamic analysis. 

The site soil characteristics as mentioned in BNBC are 

presented in table 1. 
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2.1 Non-linear Static (Push-over) Analysis 

 

The nonlinear pushover analysis requires development of the 

capacity curve. The capacity curve is derived from an 

approximate nonlinear analysis for the structure. In the 

process of performing this incremental nonlinear static 

analysis, a capacity curve is developed for the building. This 

capacity curve is simply the plot of the total lateral seismic 

demand “V”, on the structure, at various increment of 

loading, against the lateral deflection of the building at the 

roof level, under that applied lateral force. The push-over 

analysis is performed using ETABS software. A Typical 

capacity curve has been shown in figure 2. 

 

 
 
2.2 Non-linear Dynamic (Time-history) Analysis 

 

Ground motion time history developed for the specific site 

shall be representative of actual earthquake motion for the 

directions under consideration. The method consists of 

applying a specific earthquake motion directly to the base of 

a computer model of a structure. Instantaneous stresses 

throughout the structure are calculated at small intervals of 

time for the duration of the earthquake or a significant 

portion of it. The maximum stresses that occur within the 

entire analysis period are found by scanning the computer 

results. 

Dynamic analysis has been carried out exposed to the effect 

of the El Centro Earthquake with amax=0.32g as shown in 

figure 3. 

 

 

 

 

3.  STRUCTURAL PERFORMANCE LEVELS 

 

For evaluating the structure based on the FEMA 356 

global-level criteria, the maximum inter story drift values are 

taken from the non-linear dynamic analysis. Table 2 

provides the inter story drift limits for three structural 

performance levels for concrete frame structure.   

 

 

 

 

4.  CASE STUDY 

 

To evaluate the seismic performance of a flat plate RC frame 

structure, analyses of a typical prototype of a nine storied 

residential building in Chittagong, port city of Bangladesh 

have been selected as shown in figure 4. The soil profile has 

been characterized and selected as S3. Beams are found at 

the periphery of the structure. Ground floor is used for 

parking space (soft story). The structure is found irregular in 

plan and elevation. A three-dimensional model for this 

structure has been established using ETABS as shown in 

figure 5. The structure has been considered as Ordinary 

Moment Resisting Frame (OMRF).  

 

Linear static & dynamic analysis has been performed and 

the base shear (V), displacement (d) and story drift (∆) have 

been calculated as shown in table 3 & table 4. The dynamic 

properties e.g. natural periods and mode shapes have been 

carried out by free vibration analysis. The three mode shapes 

with different time periods T1=0.841 sec for mode 1, 

T2=0.382 sec for mode 2 and T3=0.254 sec for mode 3 have 

been calculated and represented in figure 6. 

Type Description 

S1 Rock and Stiff Soils 

S2 Deep Cohesionless or Stiff Clay Soils 

S3 Soft to Medium Clay and Sand 

Structural performance level Drift (%) 

Immediate Occupancy (IO) 1 

Life Safety (LS) 2 

Structural Stability (SS) 4 

Figure 1 Normalized Response Spectra for 5% Damping 

       Ratio as per BNBC 

Table 1 The site soil characteristics for seismic lateral forces 

Figure 2 Typical Capacity Curve 

Figure 3 El Centro ground motion 

Table 2 Global-level drift limits in FEMA 356, 2000 
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It has been seen that the first mode excites 82% of the total 

mass. Hence, in this case, total requirements on number of 

modes to be considered tends to or more than 90% of the 

total mass is excited will be satisfied by considering the first 

mode of vibration only. However, for illustration, solution to 

this example considers the first three modes of vibration. 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5.  PUSH-OVER ANALYSIS 

 

Push-over analysis has been carried out using ETABS. Two 

types of control are available- load control and displacement 

control. Load control is applied in this study. In the load 

control, the load factor is directly incremented and the global 

structural displacements are determined at each load factor 

level. 

Story 

Height 

(m) 

Linear Static Linear Dynamic 

V 

kN 

d 

mm 

∆ 

(%) 

V 

kN 

d 

mm 

∆ 

(%) 

27 427.15 27.08 0.09 307.81 25.94 0.08 

24 458.53 24.19 0.10 474.44 23.26 0.09 

21 401.22 21.00 0.11 408.96 20.29 0.10 

18 339.33 17.57 0.12 359.72 17.05 0.11 

15 286.58 13.94 0.12 310.38 13.59 0.11 

12 229.27 10.25 0.11 252.67 10.04 0.11 

9 169.67 6.71 0.10 190.00 6.60 0.10 

6 114.63 3.69 0.07 126.80 3.52 0.07 

3 57.32 1.16 0.03 62.88 1.15 0.03 

∑ 2483.70   2493.75   

Story 

Height 

(m) 

Linear Static Linear Dynamic 

V 

kN 

d 

mm 

∆ 

(%) 

V 

kN 

d 

mm 

∆ 

(%) 

27 427.15 47.00 0.13 307.81 45.14 0.11 

24 458.53 43.00 0.15 474.44 41.51 0.14 

21 401.22 38.30 0.18 408.96 37.17 0.16 

18 339.33 32.82 0.20 359.72 32.02 0.19 

15 286.58 26.64 0.22 310.38 26.12 0.21 

12 229.27 19.99 0.22 252.67 19.69 0.22 

9 169.67 13.28 0.20 190.00 13.13 0.20 

6 114.63 7.06 0.16 126.80 7.01 0.16 

3 57.32 2.18 0.07 62.88 2.17 0.07 

∑ 2483.70   2493.75   
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Figure 4 Characteristic plan of the structure  

Table 3 Linear Static & Dynamic analysis results in X 

direction 

Figure 6 Three different Mode shapes  

T3=0.254 sec T2=0.382 sec T1=0.841 sec 

Figure 5 Characteristic 3D model of the structure 

Table 4 Linear Static & Dynamic analysis results in Y 

direction 
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A sequence of one or more cases that start from zero and 

gravity and other fixed loads are applied using load control 

which is selected when the magnitude of load that will be 

applied is known and the structure is expected to be able to 

support that load. A modal load is a specialized type of 

loading used for push-over analysis. 

Material strength has been determined by non-destructive 

test. Estimated concrete strength is 3000 psi and the yield 

strength of steel is 60000 psi. 

Axial and P-M-M hinges are considered at the end of the 

column members. 

 

5.1 The Capacity Curve 

The capacity curves have been found from push-over 

analysis in two orthogonal directions as shown in figure 7 

and figure 8. Capacity of the structure in X-direction is more 

because structural capacity of the members in X-direction is 

more than that in the Y-direction. This analysis has been 

performed for total 200 steps. Maximum iteration per step is 

10. The magnitude of push to displacement has been 

considered as 20. 

 

 

 

 

 

5.2 The Performance Point 

Using an elastic response spectrum, the capacity spectrum 

method initially characterizes seismic demand. This 

spectrum is plotted in spectral ordinates (ADRS) format 

showing the spectral acceleration as a function of spectral 

displacement. The intersection of the demand and capacity 

spectra, if located in the linear range of the capacity, would 

define the actual displacement for the structure; however this 

is not normally the case as most analyses include some 

inelastic nonlinear behavior. 

To find the point where demand and capacity are equal, a 

point on the capacity spectrum need to be selected as an 

initial estimate. 

 

 

 

Using the spectral acceleration and displacement defined by 

the point reduction factors may be calculated to apply to the 

5% elastic spectrum to account for the hysteretic energy 

dissipation or effective damping associated with the specific 

point. If the reduction demand spectrum intersects the 

capacity spectrum at or near the initial assumed point, then it 

is the solution for the unique point where capacity equals 

demand. If the intersection is not reasonably close to the 

point then a new point somewhere may be assumed and 

repeat the process until a solution is reached. This is the 

performance point where the capacity of the structure 

matches the demand of the specific earthquake. The 

performance point of the structure in both X and Y-direction 

have been represented in figure 9 and figure 10. 

 

 
 

 

Figure 7 Capacity spectrum in X-direction 

Figure 8 Capacity spectrum in Y-direction 

Figure 9 Performance point in X-direction 

Spectral displacement in mm 
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6.  TIME HISTORY ANALYSIS 

 

The time history of displacements at the top of the structure 

in X direction is presented in figure 11. The maximum 

displacement is found as 211 mm and the maximum base 

shear is found as 20510 kN as shown in figure 12.  

 

 

The time history of displacements at the top of the structure 

in Y direction is presented in figure 13. The maximum 

displacement is found as 613 mm and the maximum base 

shear is found as 10960 kN as shown in figure 14. 

 

 

 

7.  EVALUATION OF PERFORMANCE LEVEL 

The global performance level of the structure has been 

evaluated for non-linear static & dynamic analysis and is 

presented in table 5. 

 

Table 5 Performance point & performance level 

At performance point 

Non-linear 

X direction Y direction 

V 

kN 

dx 

mm 

∆x 

(%) 

V 

kN 

dy 

mm 

∆y 

(%) 

Static 13883 105 0.39 10663 140 0.52 

Dynamic 20510 211 0.78 10960 613 2.26 

Performance level 

Static IO IO 

Dynamic IO LS 

Figure 10 Performance point in Y-direction 

Figure 11 Time versus top displacement in X direction 

Spectral displacement in mm 

Figure 13 Time versus top displacement in Y direction 

Figure 14 Time versus base shear in Y direction 

Figure 12 Time versus base shear in X direction 
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Global performance of the structure meets Immediate 

Occupancy (IO) performance level in case of non-linear 

static analysis in both X and Y direction but in case of 

non-linear dynamic analysis Life Safety (LS) performance 

level meets in Y direction. 

 

 

8. CONCLUSION & RECOMMENDATION 

 

From the study, it can be concluded that the purely flat-slab 

RC structural system is considerably more flexible for 

horizontal loads than the traditional RC frame structures 

which contributes to the increase of its vulnerability to 

seismic effects. 

 

The stiffness degradation in the flat plate system could be 

taken into account. Flat plate structures with regular plan 

offer better performance than irregular plans. 

 

The critical moment in design of these systems is the 

slab-column connection, i.e., the penetration force in the slab 

at the connection, which should retain its bearing capacity 

even at maximal displacements. It should have needed 

proper attention in designing the column-slab connections. 

 

In designing flat plate building dynamic base shear should 

be used instead of static base shear. Ordinary moment 

resisting frame should be avoided in flat plate construction. 

Because this frame has no adequate ductility. Proper 

reinforcement should be used so that frame has sufficient 

ductility such as SMRF frame. Slab thickness is important 

parameters of punching shear strength in flat plate. 
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Abstract:  Earthquake Engineering is both an art and a science that is in continuous evolution. As new data from 
research and observations of structural performance during actual earthquakes are gathered, existing parameter may either 
be reinforced or revised. The Philippines has an extensive earthquake data that need to be classified to be of use to the 
current knowledge in earthquake engineering. These historical non-instrumental data extends from 1589 until 1901 when 
instrumental records became available. The first Building Code to require seismic analysis was in 1966. Since then, the 
country’s National Structural Code of the Philippines (NSCP) has been updated 8 times to conform to the present state of 
the art in earthquake resistance design. 
    Since the Philippines have a very limited strong ground motion data, earthquake simulation has not been pursued 
actively. Until the 5th Edition of the National Structural Code of the Philippines has adopted in its entirety the Uniform 
Building Code of the United States. Lately, more studies were conducted regarding the seismicity of the country. In the 
absence of Strong Ground Motion data, simulations were made to come up with its own seismic acceleration map 
applicable to the country. Although it is still cross-referenced to the International Building Code of the United States, 
experiences from recent earthquake events in Japan last 11 March 2011 and the February 2011 event in New Zealand has 
been studied for correlation purposes. 

 
 
1.  INTRODUCTION 

 

The Philippines has an extensive record of past 

earthquakes dating back to 1589 after its colonization by 

Spain. Data from this period until 1864 came mostly from 

Church chronicles, reports of the clerics, government 

documents, historical publications, personal diaries and 

letters of private individuals. In January 1865 a 

seismological service was organized was organized by the 

Jesuits as the Manila Observatory. 

In 1901, the Manila Observatory was reorganized as the 

Weather Bureau of the Philippines. The addition of new and 

better seismological instruments were affected resulting in 

more accurate reports. These reports were then classified 

either as instrumental or non-instrumental bulletins. 

In 1984, seismology was transferred to the Philippine 

Institute of Volcanology and Seismology (PHIVOLCS) from 

Philippine Atmospheric, Geophysical and Astronomical 

Services Administration (PAGASA). Strong Ground Motion 

instrumentations were implemented around the country as 

an important project for disaster prevention and mitigation. 

Figure 1 shows the major earthquakes that have occurred in 

the Philippines from historical records. 

The Association of Structural Engineers of the 

Philippines (ASEP) reviews, recommends and publishes the 

updates on the National Structural Building Code of the 

Philippines (NSCP) after the approval of the Department of 

Public Works and Highways. The NSCP covers the design 
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Figure 2.  Seismic Zone Map of the Philippines. 

(a)   

(b)   

Figure 3.  Spectral Acceleration Maps: 

(a) USGS-PHIVOLCS  (b) S. Su  

of buildings, towers and other vertical structures. Up to the 

NSCP 2001, the Code drew heavily on the American Society 

of Civil Engineers and the Uniform Building Code of the 

United States for its seismic map acceleration values. 

Knowledge of the seismic risk of the Philippines has 

improved markedly since ASEP made decisions on the 

seismic coefficient in its 1991 Guidelines. The seismic 

coefficients must be large enough to provide safety but at the 

same time small enough so that they are not economically 

unrealistic to apply. 

The recent NSCP 2010 has continued to divide the 

country into two seismic zones for the design of buildings. 

The seismic zone map is shown in Figure 2 with the 

corresponding effective peak ground acceleration values. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.  NSCP 2010 SEISMIC CODE PHILOSOPHY 

 

There has been a rapid progress in understanding the 

seismic risk of the Philippines following the 16 July 1990 

earthquake. The Asian Development Bank (ADB) and the 

International Bank for Reconstruction and Development 

(IBRD) provided financing for a comprehensive Earthquake 

Recovery Project (ERP) of bridge replacement, bridge 

seismic retrofit and seismic evaluation. As part of the 

program, the United States Geological Survey (USGS) and 

PHIVOLCS prepared a seismic risk map for the Philippines. 

The procedures used in the development of this map 

were typical of those previously used as resources in the 

United States in preparation of seismic risk zonation maps in 

which the Uniform Building Code is based. The following 

steps were used: 

1. Delineation of seismic source zones or faults; 

2. Analysis of the magnitude-frequency distribution 

of historic earthquakes in each seismic zone; 

3. Calculation and mapping of extreme probability 

of ground motion for a specified return period. 

Maps were produced for ground accelerations with a 10% 

probability of exceedence in 50 years for rock, medium and 

soft soil sites.  

      

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Rock or firm alluvium is normally used as the reference site 

condition for building code regulations. The site coefficients 

are then used to reflect the specific conditions at a building 

site. The USGS-PHIVOLCS Map for rock is shown in 

Figure 3a. Specific faults were not considered in the analysis. 

The approach was to smooth the seismic activity of large 

numbers of faults over a source region. Another study done 

by S.Su of Manila Observatory in 1986 is shown in Figure 

3b. It can be seen that the two maps differ because they are 

dependent on the number of seismic source zones used. It is 

clear that the estimates of seismic risk can be changed 
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Figure 5.  Philippine Fault Lines and 

probable earthquake magnitudes. 
Figure 4.  Seismic Zone Map of 1977 

divided the Philippines into 3 zones. 

substantially when more detailed information on specific 

faults is incorporated into the analysis procedure. 

Considering the above limitations, the preparation of 

the NSCP 2010 Seismic Zone Map approached it in three 

aspects: 

1. Probabilistic Approach with 10% Probability of 

Exceedence for the whole country except for 

Palawan and Northeastern Luzon; 

2. Probabilistic Approach with 2% Probability of 

Exceedence in 50 years for Palawan and 

Northeastern Luzon; 

3. Deterministic Approach using historical data. 

 

 

3.  CORRELATION WITH OTHER CODES 

 

     In the NSCP 2010 version, it was deemed more 

appropriate to divide the Philippines into two seismic zones 

considering that the country does not have sufficient 

instrumental data of strong ground motions and there are still 

uncharted faults that may be active. The Seismic Zones are 

Zone 4 (Z=0.4g) and Zone 2 (Z=0.2g). Zone 3 (Z=0.3g) in 

the 1992 Code was upgraded to Z=0.4g after the destructive 

North Luzon Earthquake of 16 July 1990. Figure 4 shows 

the Seismic Zone Map of 1977. The Seismic Zone Map of 

1992 is the same up to NSCP 2010. 

     Investigation and evaluation of building failures after 

the 1990 earthquake tend to indicate that most of the failures 

were improper ductility design consideration, concrete-steel 

ratio, materials property, and the near-source factor effect 

where vertical acceleration should have been considered. 

The NSCP 2001 considered the near-source effect in its 

seismic provision. 

 
 

In the absence of strong ground motions records, the NSCP 
2010 justified its use of the effective ground acceleration 
values based on the following: 

1. The 0.4g acceleration value for Zone 4 is 

referenced from the ASCE 7-95 value for Southern 

California where the San Andrea Fault is located. 

Its characteristic is similar to the Philippine Fault.  

 

Table 1.  Comparison of the Philippine Fault 

          with the San Andrea Fault. 

 

2. There are 6 areas in the Philippines that are 

potential generators of large earthquakes in the 

study of Villaraza (2004). These are shown in 

Figure 5. It is primarily based on historical records 

starting from 1599 taken from the chronicles of the 

Spanish friars who had to have a detailed 

description of natural events that destroyed their 

mission activities in order to justify aid. The 

experience the New Zealand earthquake of 

February 2011 seems to add credence in upgrading 

the 1977 Zone 3 areas to Zone 4. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 SAN ANDREA 

FAULT 

PHILIPPINE 

FAULT 

TYPE OF 

FAULT 

Right-lateral 

strike slip 

Left-lateral strike 

slip 

LENGTH 1200 km 1500 km 

SLIP RATE ± 20 to 35 mm 

per year 

± 20 to 40 mm 

per year 

PROBABLE 

MAGNITUDES 

Mw 6.8-8.0 Mw 6.5-8.0 

M6.5 

M7.5 

M7 

M7.8 

M7.5 

M7.5 
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3. There are no areas potential to generate a 

magnitude 9 earthquake. A M7.8 or even a M8+ at 

the Manila Trench is possible which has not moved 

since 1645. A ground seismic simulation was made 

for a M9 earthquake occurring at 150 km and 200 

km east of Manila at the Manila Trench using the 

model of Villaraza (1987) on an intermediate soil. 

The equivalent NSCP peak ground acceleration is 

380 gals for 200 km. The NSCP value is Z=400 

gals. See Figure 6. 

4. Observation of structures in the Sendai area which 

is closest to the epicenter (129 km east) did not 

suffer any structural damage from the ground 

motion. The base shear obtained using the seismic 

coefficient of the Japanese Building Code as 

described in the described by Kuramoto (2006) and 

the NSCP 2010 is almost equal with the latter 

being a little higher. The difference is in the design 

of multistory buildings where the Japanese have to 

check it with a site specific acceleration spectrum 

or site specific time history. 

Figure 6.  Ground seismic acceleration simulation . 

 

 

5.  The Christchurch 22 February 2011 and the 

Darfield 04 September 2010 earthquake response 

spectra were compared with the NSCP 2010 

     

Figure 7.  Acceleration response spectra of the 

Christchurch and Darfield earthquakes compared 

to the NSCP response spectrum. (EERI May 2011) 

    acceleration response spectrum considering the  

    two epicentral distances 8 km and 30 km 

respectively. Truncating the three highest spectral 

acceleration values of the Christchurch earthquake 

will yield an average value almost equal to the 

NSCP value.  

 

 

4.  CONCLUSION 

 

     The experiences of each country can be beneficial to 

the development of earthquake engineering in the quest for 

safer and economical structures.  

     The stability of structures during earthquake events is 

characterized by proper seismic parameters such as the 

effective ground acceleration values. Corollary to this is the 

critical role of the material properties, the detailing for 

ductility, and the design for redundancy on the safety of the 

structure. 

     Ground acceleration values derived from other 

countries are useful as long as the fault characteristics are 

studied for proper evaluation. Great care and understanding 

of the principles affecting the modeling and implementation 

of spectral map should be observed. It may give a wrong 

sense of safety and security to the structural engineers unless 

the assumptions are made clear and the data are sufficient 

enough to justify such detailed mapping. 

     In the absence of sufficient strong ground motion 

acceleration data in the Philippines, it was opted not to adopt 

a spectral acceleration map but to divide the country into 2 

seismic zones. Further research studies based on updated 

data are still required to upgrade the map. 
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Abstract:  Performance-based earthquake engineering (PBEE) is based on the premise that the performance of 
engineered facilities can be predicted and evaluated with sufficient confidence. Many current PBEE frameworks assume 
performance is evaluated with high confidence. However, prediction of system response greatly depends on the analyst’s 
experience and modeling skills. Therefore, the uncertainty with which the engineering community can predict response of 
a system or one of its components should be realistically quantified in PBEE. A blind prediction contest of a simple 
full-scale reinforced concrete bridge column subjected to six consecutive unidirectional ground motions was organized to 
identify the uncertainty with which important response quantities could be predicted. Predictions submitted by 42 teams 
were statistically analyzed and showed tremendous scatter in predictions of basic engineering response parameters. For 
instance, the average coefficient of variation in predicting maximum displacement and acceleration over 6 ground 
motions was 39% and 48%, respectively. Biases in median predicted responses were significant, varying from 5 – 35% 
for displacement and from 25% - 118% for acceleration. 

 
 
1.  INTRODUCTION 
 

Performance-based earthquake engineering (PBEE) 
implies design, evaluation, and construction of engineered 
facilities whose performance under common and extreme 
loads responds to the diverse needs of owners, users and 
society (Krawinkler, 1999). In the USA, several conceptual 
PBEE frameworks have been developed, some for design 
(SEAOC (1995), FEMA-302 (1997), FEMA-350 (2000b)) 
and some for evaluation (ATC-40 (1996), FEMA-356 
(2000a), PEER PBEE by Cornell and Krawinkler (2000)) of 
engineered facilities. Although some of the frameworks can 
account for effects of modeling uncertainty, PBEE 
evaluation is most commonly based on premise that the 
performance of engineered facilities can be predicted and 
evaluated with high confidence. However, prediction of 
system response greatly depends on the analyst’s experience 
and modeling skills. Therefore, the uncertainty with which 
the engineering community can predict performance of a 
system or one of its components should be realistically 
quantified and considered in PBEE. 

PEER/NEES Concrete Column Blind Prediction 
Contest (Terzic et al. 2012) of a full-scale reinforced 
concrete bridge column tested under six consecutive 
unidirectional ground motions was organized to identify the 
uncertainty with which important response quantities could 
be predicted. Each contestant/team had to predict peak 
response for global (displacement, acceleration, and residual 
displacement), intermediate (bending moment, shear, and 

axial force), and local (axial strain and curvature) response 
quantities for each earthquake. Predictions were submitted 
by 42 teams from 14 different countries: United States, Italy, 
China, Japan, Peru, Taiwan, New Zealand, Switzerland, 
Canada, Australia, Puerto Rico, Portugal, Colombia, and 
Ecuador. Although not a requirement, the contestants had 
either M.S. or PhD degrees. The submitted predictions were 
statistically analyzed with the purpose of quantifying 
modeling uncertainty. 
 
 
2.  SHAKE TABLE TESTS 
 

The full-scale shake table test of a bridge column was 
performed to investigate the seismic performance of bridge 
columns built to current U.S. standards. The column was 
detailed according to Caltrans Seismic Design Criteria 
(Caltrans, 2006) and Bridge Design Specifications (Caltrans, 
2004). The 1.22-m (4-ft) diameter cantilever column 
spanned 7.31 m (24 ft) above the footing (Fig. 1). With a 
height-to-diameter aspect ratio of six, the test specimen was 
intended to respond in the nonlinear range with 
predominantly flexural behavior. To mobilize its capacity 
during shake table tests, a large mass weighting 2.32 MN 
(521.9 kip) was cast on the top of the column. A total of ten 
earthquake simulations were conducted; only the first six 
were relevant to the blind prediction contest. The column 
was not straightened or repaired between tests. 
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Four historical earthquake recordings were selected as 

shake table input motions. For the seismic hazard, a 
hypothetical site near San Francisco, California was selected.  
For this site, earthquake recordings from a strike slip fault 
mechanism were given preference. Three input motions 
were selected from the 1989 Loma Prieta earthquake. The 
fourth record was selected as the Takatori station from the 
1995 Kobe earthquake. These records are identified in Table 
1. Each of the recordings was obtained from PEER’s strong 
motion database (PEER 2007). Only one horizontal 
component of motion was imposed. The recorded peak 
ground acceleration (PGA) obtained from the table feedback 
are identified with the test name in Figure 2.  

 
 
 

 
 

 
 
 
During the test, EQ1 the column displaced within its 

elastic range, producing a peak drift ratio of 0.85%. Test 

EQ2, with a peak drift ratio of 1.82%, initiated nonlinear 
response of the column. Test EQ3, with a peak drift ratio of 
4.93% and a residual drift of -0.87%, initiated spalling of the 
concrete cover. Significant nonlinearity of the column 
response to this earthquake corresponded with considerable 
cracking of the column. Test EQ4 simulated an aftershock 
and achieved a peak drift ratio of 2.33%. Regions with 
spalling caused by test EQ3 enlarged, but damage was less 
significant than that induced by EQ3. Test EQ5, with a peak 
drift ratio of 7.78% and a residual drift of 1.43%, induced 
the largest displacement and the most significant spalling 
and cracking of the column measured in the intended load 
protocol. Test EQ6, a repeat of test EQ3, resulted in a peak 
drift ratio of 6.69% and residual drift of 0.68%. The drift 
time history of Figure 3 illustrates the initial displacement 
conditions of the tests. Peak drift ratios obtained in each test 
are summarized in Figure 4. More details about the 
performance of this bridge column can be found in Restrepo 
et al. (2012).   
 

 

 
 
 
3.  MODELING UNCERTAINTY 
 

The predictions of 42 participants for 8 different 
response quantities and 6 different earthquakes are analyzed. 
The following sections summarize the results of the analysis 
including: mean and median bias, coefficient of variation, 
and histograms that show the error of a predicted 
displacement and acceleration quantities with increase in the 
number of subsequent earthquakes.   

   
 
 

Figure 2  Peak ground acceleration replicated by the shake 
table. 

Table 1  Ground motion selections. Figure 3  Drift ratio time histories.  

Figure 4  Peak drift ratios achieved.  

Figure 1  Test setup.  
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3.1  Mean and median bias and coefficient of variation 
for considered response quantities 
 

The predicted data are statistically analyzed to quantify 
their variation from the measured responses and to show the 
dispersion of predicted responses. Figures 5 to 16 show 
mean and median bias and coefficient of variation for each 
predicted quantity and each earthquake. Positive bias in the 
figures means that the analysis results are larger than 
measured. Designations “Min” and “Max” in the figures 
refer to the absolute maximum of the considered response in 
the weaker and the stronger direction of ground motion. 
Table 2 gives average coefficient of variation (COV) over all 
considered earthquakes for different response quantities. 

From all required response quantities, the forces at the 
base of the column were predicted with the best accuracy. 
The order of increasing accuracy was: compressive axial 
force, shear, and bending moment. The prediction of 
displacement at the top of the column was fair. Horizontal 
acceleration at the top of the column, average curvature at 
the bottom of the column, average axial strain of the column 
close to the base, and residual displacement were not 
predicted with great accuracy (in order of accuracy as listed 
with residual displacement having the smallest accuracy). 
The basic observations derived from statistical analysis are: 
1. Relative displacement at the top of the column was 

predicted more accurately for small and medium 
intensity earthquakes (EQ1, EQ2, and EQ4) then for the 
high intensity earthquakes (EQ3, EQ5, and EQ6) (Fig. 
5b). However, the coefficient of variation is bigger for 
small and medium intensity earthquakes than for high 
intensity earthquakes (Fig. 5c).   
a. The median bias in predicting the maximum 

displacement in stronger direction of ground 
motions is between 5% and 15% for small and 
medium intensity earthquakes, while it is between 
21% and 35% for high intensity earthquakes (Fig. 
5b). For the weaker direction of ground motion, the 
median bias is less than 20% for all earthquakes 
(Fig. 6b). 

b. The coefficient of variation in predicting the 
maximum displacement in stronger direction of all 
ground motions is between 26% and 53% with an 
average of 38.9% (Fig. 5c). For weaker earthquake 
direction it is between 22% and 69% with an 
average of 38.4% (Fig. 6c). 

2. Absolute acceleration at the top of the column was not 
predicted very accurately. The forth earthquake, EQ4 
(medium intensity earthquake which simulated an 
aftershock for EQ3), posed the greatest challenge. 
a. The median bias in predicting the maximum 

acceleration in the stronger direction of ground 
motion is between 25% and 48% for all 
earthquakes other than EQ4, while it is 118% for 
EQ4 (Fig. 7b). For the weaker direction of ground 
motion the median bias is between 18% and 87% 
for all earthquakes (Fig. 8b) 

b. The coefficient of variation in predicting the 

maximum acceleration in stronger direction of all 
ground motions is between 39% and 55% with an 
average of 47.7% (Fig. 7c). For the weaker 
earthquake direction, it is between 38% and 59% 
with an average of 46.9% (Fig. 8c). 

3. Bending moment at the base of the column was 
predicted more accurately for small and medium 
intensity earthquakes (EQ1, EQ2, and EQ4) than for the 
high intensity earthquakes (EQ3, EQ5, and EQ6) (Fig. 
9b). However the coefficient of variation (COV) is 
bigger for small and medium intensity earthquakes than 
for the high intensity earthquakes (Fig. 9c). 
a. The median bias in predicting the maximum 

bending moment in the stronger direction of 
ground motion is between 2% and 9% for small 
and medium intensity earthquakes, while it is 
between 11% and 15% for high intensity 
earthquakes (Fig. 9b). For the weaker direction of 
ground motion, the median bias is between 2% and 
8% for small and medium intensity earthquakes, 
while it is between 8% and 16% for high intensity 
earthquakes (Fig. 10b). 

b. The coefficient of variation in predicting the 
maximum bending moment in stronger direction of 
all ground motions is between 21% and 30% with 
an average of 27.3% (Fig. 9b). For the weaker 
earthquake direction, it is between 23% and 51% 
with an average of 31.9% (Fig. 10c). 

4. Base shear was predicted very accurately for all the 
earthquakes. 
a. The median bias in predicting the maximum shear 

in the stronger direction of ground motions is 
between 0.5% and 8% for all earthquakes except 
EQ4, where it is 27% (Fig. 11b). For the weaker 
direction of ground motion, the median bias is 
between 2% and 9% for all earthquakes other than 
EQ6, while it is 18% for EQ6 (Fig. 12b). 

b. The coefficient of variation in predicting the 
maximum shear in stronger direction of all ground 
motions is between 21% and 44% with an average 
of 29.7% (Fig. 11c). For the weaker earthquake 
direction, it is between 24% and 47% with an 
average of 32.4% (Fig. 12c). 

5. The compressive axial force was predicted very 
accurately for all the earthquakes. 
a. The median bias in predicting the maximum 

compressive axial force is between 2% and 7% for 
all earthquakes (Fig. 13b). 

b. The coefficient of variation in predicting the 
maximum compressive axial force for all 
earthquakes is between 15% and 31% with an 
average of 25.3% (Fig. 13c). 

6. The maximum average curvature in the stronger 
direction of ground motion was not predicted very well. 
Curvatures were measured over a range extending from 
5.1 cm (2 in.) to 45.7 cm (18 in.) from the bottom of the 
column. This distance corresponded to one-third the 
column diameter.  
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a. The median bias in predicting the maximum 
average curvature is between 23% and 57% for 
earthquakes 2 through 6 (Fig. 14b). 

b. The coefficient of variation in predicting the 
maximum average curvature for earthquakes 2 
through 6 is between 51% and 69% with an 
average of 62.9% (Fig. 14c). 

7. The maximum average axial strain in the column 
measured over the same portion of the column was not 
predicted very accurately.  
a. The median bias in predicting the maximum 

average axial strain is between 11% and 58% for 
earthquakes 2 through 6 (Fig. 15b). 

b. The coefficient of variation in predicting the 
maximum average axial strain of the column for 
earthquakes 2 through 6 is between 63% and 90% 
with an average of 79.2% (Fig. 15c). 

8. The residual displacement at the end of each ground 
motion was not predicted very accurately and had the 
greatest dispersion compared to all other response 
quantities. 
a. The median bias in predicting the residual 

displacement is between 24% and 75% for 
earthquakes 2 through 6 (Fig. 16b). 

b. The coefficient of variation in predicting the 
residual displacement after earthquakes 2 through 
6 is between 102% and 277% with an average of 
151.6% (Fig. 16c). The coefficient of variation was 
the greatest for the EQ2 (277%), and for all other 
earthquakes it was in the range from 102% to 
127%. 
 

 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
 
 
 
 

Table 2  Average coefficient of variation (COV) for 
different response quantities 
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Figure 5  Statistical analysis of predictions of “Max” 
displacements for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 8  Statistical analysis of predictions of “Min” 
accelerations for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 7  Statistical analysis of predictions of “Max” 
accelerations for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 

  

Figure 6  Statistical analysis of predictions of “Min” 
displacements for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 9  Statistical analysis of predictions of “Max” 
bending moments for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 10  Statistical analysis of predictions of “Min” 
bending moments for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 11  Statistical analysis of predictions of “Max” base 
shear for 6 different earthquakes: (a) analytical predictions 
with measured response, mean, and median marked on the 
graph; (b) mean and median bias; (c) coefficient of variation. 
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Figure 12  Statistical analysis of predictions of “Min” base 
shear for 6 different earthquakes: (a) analytical predictions 
with measured response, mean, and median marked on the 
graph; (b) mean and median bias; (c) coefficient of variation. 
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Figure 13  Statistical analysis of predictions of maximum 
compressive axial forces for 6 different earthquakes: (a) 
analytical predictions with measured response, mean, and 
median marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 15  Statistical analysis of predictions of “Max” 
average axial strain for 5 different earthquakes: (a) 
analytical predictions with measured response, mean, and 
median marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 14  Statistical analysis of predictions of “Max” 
average curvature for 5 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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Figure 16  Statistical analysis of predictions of residual 
displacements for 6 different earthquakes: (a) analytical 
predictions with measured response, mean, and median 
marked on the graph; (b) mean and median bias; (c) 
coefficient of variation. 
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3.2  Error as a function of damage state of the column 
after an earthquake 
 

Lateral displacements and accelerations are the most 
commonly used engineering demand parameters (EDPs) in 
the framework of PBEE analysis today. It is thus important 
to show distribution of error in predicting these response 
quantities over a range of earthquakes and for different 
damage states. The damage state of the column after each 
earthquake is described in Section 2.  

Distribution of error in predicting a response quantity is 
presented in two formats: as cumulative error and as average 
error over a set of earthquakes. In both types of plots the 
error was disaggregated to show contribution of each set of 
earthquakes to cumulative or average error. 

Cumulative error and average error are calculated using 
Eq. (1) and Eq. (2), respectively: 

        
CumErr = abs((Ranal ! Rexp ) / Rexp

i=1

n

" )  (1) 

AvgErr = 1
n

abs((Ranal ! Rexp ) / Rexp
i=1

n

" )  (2) 

where n is the number of considered earthquakes, Ranal is 
analytically predicted response, and Rexp is a measured 
response. 

Figure 17 shows cumulative error (Eq. 1) in predicting 
the maximum horizontal displacement with the contribution 
of each earthquake marked on the plot. The error in 
predicting the maximum displacement for EQ1 (that 
displaced column within its elastic range) has the largest 
contribution to the total error. The error in predicting the 
maximum displacement after the EQ2 (incipient of yielding) 
and EQ5 (the most extensive damage and significant 
residual displacements) are somewhat smaller than for any 
other earthquake. For the EQ6, the error was almost 
consistent among all contestants. 

 

 
 
 

Figure 18 shows the average error (Eq. 2) in predicting 
the maximum horizontal displacement considering different 
number of earthquakes. Designation “n” on the plot 
represents the number of earthquakes that were considered 
when calculating the average error. Except for the 10 best 
predictions (~25% of participants) the error in predicting the 
maximum displacement due to EQ1 is significantly greater 

than for any other earthquake. 
 

 
 

 
Figure 19 shows cumulative error for the maximum 

horizontal acceleration with contribution of each earthquake 
marked on the plots. For the first 14 (~33%) contestants, the 
cumulative error increases almost linearly from 40 to 100%. 
From then on the increase in the cumulative error becomes 
rapid. The worst prediction reaches cumulative error of 
almost 1200%. The maximum acceleration after the EQ4 
was the most difficult to predict while the best prediction 
was achieved for EQ1. This can also be observed from 
Figure 20 that shows the average error in predicting the 
maximum horizontal acceleration considering different 
number of earthquakes. 

The presented data indicate difficulty in predicting the 
maximum displacement of the column in the elastic range of 
behavior and after significant damage and residual drifts are 
present in the column. Although it was difficult to predict 
displacement in the elastic range of behavior, most of the 

Figure 17  Cumulative error over 6 earthquakes in 
predicting maximum horizontal displacement.  
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Figure 18  Average error in predicting maximum horizontal 
displacement considering different numbers of earthquake.  
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Figure 19  Cumulative error over 6 earthquakes in 
predicting maximum horizontal acceleration: (a) all 
contestants; (b) the best 14 predictions. 
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contestants successfully predicted the maximum acceleration 
of the column in that range. However, for the earthquakes 
that induced nonlinear deformations in the column the error 
in predicting horizontal acceleration increased significantly 
for the majority of contestants. 

 
 
 
3.  CONCLUSIONS 
 

Based on the statistical analysis of predictions 
submitted by 42 teams for a set of response quantities of a 
bridge column exposed to 6 consequitive earthquakes, the 
following conclusions are drawn: (1) the forces at the base of 
the column (axial force, shear force, and bending moment) 
were predicted with good accuracy (median bias mostly less 
than 10% and average COV of ~30% ); (2) relative 
horizontal displacement at the top of the column was 
predicted with satisfactory accuracy for low intensity 
earthquakes (median bias between 5% and 15% and average 
COV of ~40%) and not that accurately for high intensity 
earthquakes (median bias between 21% and 35% and 
average COV of ~40%); (3) absolute horizontal acceleration 
at the top of the column, average curvature at the bottom of 
the column, average axial strain of the column close to the 
base, and residual displacement were not predicted with a 
great accuracy, in order of decreasing accuracy as listed with 
residual displacement having the smallest accuracy (median 
bias mostly between 20% and 60% and average COV 
between 50% and 150%); and (4) while the accuracy of 
predicting the horizontal displacement of the column was 
very low for the small intensity earthquake that displaced the 
column in its elastic range, the accuracy of predicting its 
peak acceleration was satisfactory. These results provide 
very useful information regarding areas where current 
numerical models might be improved, and provide 
quantitative data regarding the uncertainty of analytical for 
use in PBEE. Such blind prediction contest should be 
encoureged for other tests.  
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Figure 20  Average error in predicting maximum horizontal 
acceleration considering different numbers of earthquake.  
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Abstract:  Offshore jacket type platforms have been subjected to severe environmental loads such as 
irregular waves and ground motion excitations. Recent studies has been demonstrated that near and far fault 
ground motions are different from each other in many respects such as peak ground acceleration (PGA), 
velocity and displacement, rupture directivity, fling step and pulse properties. In this paper, influence of near 
and far-fault ground motions on offshore jacket type platforms has been investigated. For this purpose, finite 
element program ABAQUS has been used to model Judy platform with element Beam31 and pipe sections. 
This program has ability of performing nonlinear dynamic analysis, appropriately. In this paper, five events 
which include both near and far-field records, have been selected as input excitations for time-history 
analysis. In general, the results show that the seismic behavior of jacket platform under far-fault ground 
motions is more critical than near-fault earthquakes. In addition, in order to investigate effect of structure’s 
natural frequency on behavior of offshore platform subject to near and far field ground excitation, six models 
with different natural characteristic are modeled, analyzed and results evaluated under near and far field 
earthquakes.  

 
 
1.  INTRODUCTION 

 Offshore platforms are usually located in the aggressive 

environment, so dynamic loads including wind, wave and 

current dominate the design of offshore structures. In 

seismically active offshore zones, earthquake excitations 

have also to be considered in the design of the fixed 

platforms. Some researchers have investigated on behavior 

of jacket platforms under ordinary excitations (for example, 

Craig et al. 1980, Bea 1984, Nadim and Gudmestad 1994, 

Kayvani and Barzegar 1996, Conte and Peng 1997, Peng et 

al. 2005, Golafshani et al. 2009). After Northridge (1994), 

California, and Kobe (1995), Japan, earthquakes, due to 

severe damages to structures with short and long periods, 

more researchers were inclined to investigate of excitations 

with nearer distances from their sources. Because of locating 

many stations close to their faults, some important features 

of Near-Fault motion such as Directivity and Fling-Step 

effects was identified. Previous studies have demonstrated 

that near-source ground excitations are more critical than the 

far-source earthquakes (Akkose M and Simsek E 2010, Tang 

Y and Zhang J 2011). The near-source effects have also been 

incorporated in some design codes, for example: GB50011, 

2001. In this paper, behavior of jacket platforms under near 

and far-fault strong motions has been compared. To this end, 

a finite element approach has been chosen. The numerical 

model has first been verified by modal analysis and then a 

few time-history analyses have carried on and the responses 

of structures have been compared. 

 

2.  Characteristics of near-source ground motions 

 

2.1 Directivity effect 

 Near and far-source ground motions are different in many 

aspects such as peak ground acceleration, rupture directivity, 

fling step and pulse properties. In some research, the values 

between15-60 (km) has been mentioned as a near-source 

zone, but majority of codes such as UBC (Uniform Building 

Code) has supposed 15 (km) for near-source zone radius. 

One of the primary factors affecting excitations in the 

near-source region is the direction in which rupture 

progresses from the hypocenter along the zone of rupture. 

“Directivity” refers to the direction of rupture propagation, 

as opposed to the direction of ground displacement (Cox and 

Ashford 2002). If the rupture propagates toward the site and 

the angle between the fault and the direction from the 

hypocenter to the site is reasonably small, the site is likely to 

demonstrate forward directivity (Fig.1). If the rupture 

propagates away from the site, it will likely demonstrate 

reverse directivity. If the site is more or less perpendicular to 

the fault from the hypocenter it will likely demonstrate 

neutral directivity (Abrahamson 2000). Rupture often 

propagates at a velocity close to the velocity of shear wave 
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radiation, so energy is accumulated in front of the 

propagating rupture. It can be seen in Fig.2 that the seismic 

energy from each fault segment arrives at the site 1 in the 

same time. This led to emerge large amplitude in a relatively 

short duration record. In the Site 2, however, arriving the 

pulses energy with time delay led to low amplitude in a long 

duration record. Therefore, the excitation with a forward 

directivity is characterized by large-amplitude pulses in the 

velocity and displacement time histories (Fig.3). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2 Fling-step effect 

 Grave (2003) has found out effects of                             

fling such as sinusoidal velocity and permanent 

displacement by modeling a single pulse and twice 

integration of acceleration time history (Fig.4)   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3. Jacket platform  

 

3.1 Introduction and modeling of jacket platform 

 In the current paper, a jacket platform has been used which 

is located in North-sea named Judy. It has stood in 75 m 

water depth and it has four piles with 93 m penetration depth. 

A view of this platform and some general information are 

given in Fig.5 and Table1. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

Judy Platform Component 

14000 (ton) Deck weight 

15400 (ton) Jacket weight 

355 (MPa) Yield stress for the steel material 

460 (MPa) Ultimate stress for the steel material 

2700×50 (mm) Pile dimension 

4 Leg number 

Figure.1 Forward, reverse, or neutral directivity effects 

(Somerville, et al. 1999)   

Site 2
A

B

C

D

Site 1

From E

From A

From B

From C

From D

E

Figure.2 Propagation of seismic wave and accumulation of 

energy  

Figure.3 Ground Velocity time history: a) with forward 

directivity, b) with backward directivity (Tirca et al. 2003)  

Figure.4 Separation of fling waves and one site at Chi-Chi 

earthquake (Grave, 2003) 

Figure.5 Judy’s visage in place 

 

Table.1 General information for the Judy platform 
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  The numerical analysis has been carried out using 

ABAQUS, a nonlinear finite element program. The platform 

model includes deck, jacket, piles and surrounding soil. In 

order to modeling of nonlinear soil-pile interactions, a 

three-dimensional model has been used. In addition, the 

beam elements (type B31) have been used for individual 

jacket members. The total mass of the deck has distributed 

as lumped elements on the nodes of the deck by Mass 

elements. In Fig.6 and Table.2, a view of numerical model 

and some member sections have been shown.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Section ID Diameter*Thickness (cm) 

1 120*3 

2 90*4 

3 100*2.5 

4 100*2 

5 90*2.5 

A-1 200*3.5 

A-2 220*4.7 

A-3 220*4.7 

A-4 240*4.3 

A-5 270*5.2 

B-1 200*3.5 

B-2 220*4.7 

B-3 220*4.7 

B-4 240*4.3 

B-5 270*5.2 

 

  The interaction between soil and piles has been modeled 

by a set of nonlinear springs which describe lateral resistance, 

friction and end bearing (see fig 7). The lateral soil resistance 

has been modeled by springs normal to the axis of piles with 

a nonlinear behavior described by so-called “p-y” curves 

(see Fig.8). The tangent friction between soil and piles has 

been modeled by nonlinear springs parallel to the axis of the 

pile and with nonlinear behavior described by so-called “t-z” 

curves (API 2000). The end-bearing has been modeled by 

no-tension springs located at the end of the piles and acting 

along the axis of the pile and with nonlinear behavior 

described by so-called “q-z” curves. All the mentioned 

springs, have been modeled with element “SPRING1” in 

ABAQUS. This element has been defined between a fixed 

node (surrounding soil in this case) and a movable node 

(pile). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  It is assumed that jacket platform structure is not 

simultaneity subjected to the earthquake, sea waves and 

currents. The marine growth mass and its associated added 

mass have been included in the total mass of the jacket 

members. 

 

3.2 Validation of the numerical model 

 To verify numerical model, one of the most reliable 

methods is comparison between mode’s period of the jacket 

platform and numerical model. Therefore by modal analysis 

of the numerical model and obtaining periods of five modes, 

3 

 

Figure.6 Three dimensional view of Judy platform with 

Mass element 

Table.2 Section dimensions of the platform Figure.7 Modeling of soil-pile interaction  

 

Figure.8 A sample of P-Y curve (sand) 

A 

 
1 

 2 

 

4 

 5 

 

B 
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it is observed that there is not notable discrepancy between 

numerical model and jacket platform (see Table.3). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4. Time-history analysis 

 Time-history analysis is a powerful method for analyzing 

the behavior of structures under severe ground motion loads. 

During a specified earthquake, this method demonstrates 

behavior of the structures perfectly and be able to 

monitoring the forces and displacements structure’s 

members. In this study, the model has been excited under 

five couple acceleration records of far and near-source 

earthquakes which have been listed in Table.4. For this 

purpose, those records which include same site condition 

such as a type of soil and shear wave velocity have been 

selected. In order to three dimensional time-history analysis, 

records at the both direction have been considered and at the 

two perpendicular directions on jacket platform have applied. 

The vertical component of these records, has not applied on 

structure because of negligible their effects.  

                                        

  

 

 

  There are many methods to scale up records. In this paper, 

for scaling ground acceleration, the method of “Normal to g” 

has been used. In this method all values of the accelerogram 

have been divided by PGA (Peak Ground Acceleration), 

therefore the maximum value of acceleration has been 

equaled to 1g (9.81 m/s
2
) (Asgarian et al. 2002). In addition, 

before applying earthquake excitation, records should be 

corrected. In this procedure, the early wrong direction that 

has occurred due to double integration of incorrect 

acceleration in time-history of the displacement has been 

removed. For this purpose, a polynomial function has been 

fitted to the acceleration curve, then by subtraction 

acceleration values of this polynomial, corrected 

acceleration values has been obtained (Seismosignal 

Software, Version 4.3.0). In addition, filtering operation on 

the records to remove unwanted frequencies has been 

performed (Seismosignal Software, Version 4.3.0). 

  For investigation the behavior of the jacket platform under 

far and near-source earthquakes, many components of the 

analysis have been studied. In this paper, deck displacement 

and maximum stress of the structure have been selected as 

Engineering Demand Parameter (EDP). In order to three 

dimensional analysis and the perpendicular directions of the 

record in, deck displacement values also have been obtained 

in the two directions (see Fig.8). In Table.5 deck 

displacement and maximum stress of the platform under 

near and far-field records of the events have been shown. 

 

   

 

 

 

 

 

 

 

 

 

 

 

 

a) 

 

 

 

 

 

 

 

 

 

 

 

 

 

b) 

 

 

Period of Judy 

platform (s) 

Period of 

numerical 

model (s) 

 

2.94  2.58 Mode 1 

2.7 2.51 Mode 2 

2.19   1.98 Mode 3 

1.34 1.1 Mode 4 

1.03 0.85 Mode5 

Distance from 

the fault (km) 
PGA (g) Accelerogram 

8.2 0.821 Duzce (1999) 

17.6 0.727 Duzce (1999) 

2.5 0.774 Imperial Valley (1979) 

43.6 0.351 Imperial Valley (1979) 

8.9 0.939 Northridg (1994) 

37.9 0.562 Northridg (1994) 

2.8 1.22 San Fernando (1971) 

24.9 0.323 San Fernando (1971) 

3 0.851 Tabas (1978) 

26.1 0.106 Tabas (1978) 

Table.3 Periods of numerical model and Judy platform 

 

               

  

Period of numerical 

model (s) 

Period of Judy 

platform (s) 

Mode 1 2.58 2.94  

Mode 2 2.51 2.7 

Mode 3 1.98 2.19   

Mode 4 1.1 1.34 

Mode5 0.85 1.03 

 Table.2 Periods of numerical model and Judy platform 

Table.4 Some details of ground motion records 

 

Table.4 Some data about far and near-fault records used in 

the current study 

Figure.8 The response of Judy jacket platform under 

 a) Duzce near-source b) Duzce far-source 

 

Figure.8 The response of Judy jacket platform under 

 a) Duzce near-source b) Duzce far-source - 1664 -



 

 

 

 

 

5. Effect of natural frequency on platforms response  

 Natural frequency and period of structures is one the most 

influential components of structural response. To investigate 

the natural frequency of jacket platforms effects under far 

and near-field excitations, frequency should be considered as 

one variable value. In this paper, period of the platform has 

been changed and three models with lower periods (JP-1 to 

JP-3) and three models with upper periods (JP-4 to JP-6) 

have been built. For this purpose, section members and 

volume unit weight of the steel have been changed. Table 6 

has been shown the natural frequency of JP-1 to JP-6. 

 

 

 

 

 

  For studying the effects of natural frequency of the jacket 

platform, two events that include different behavior under 

far and near-field ground motions have been selected. In the 

San Fernando and the Northridge earthquakes, respectively, 

near and far-source states are predominant. In Figure.9 the 

maximum values of the deck displacement in the models 

JP-1 to JP-6 has been shown. 
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 As it has been shown in Figure.9, for both San Fernando 

and Northridge near-field ground motions, the response of 

the platforms has been decreased with increasing the natural 

period of the models and for their far-field ground motions, 

it has been increased with decreasing the period of the 

models. Generally, it has been understood that under near 

and far-field earthquakes, platform with low and high 

periods are critical respectively.  

 

6. Conclusion 

 In this paper, the model of one operating fixed jacket 

platform in the North-sea have been studied numerically 

against different far and near source earthquake excitations. 

A dynamic time-history analysis, accounting for the 

structure geometrical, material nonlinearities and the 

soil-pile inelastic dynamic interactions has been chosen. All 

the selected earthquakes records have magnitudes above 6.5 

and are from those earthquakes which both far and 

Maximum 

stress 

(MPa) 

Deck 

displacement 

(cm) 

Earthquake 

350 133 Duzce (Near-source) 

327 40 Duzce (Far-source) 

219 34 Imperial Valley (Near-source) 

305 71 Imperial Valley (Far-source) 

292 32 Northridg (Near-source) 

323 73 Northridg (Far-source) 

325 62 San Fernando (Near-source) 

312 26 San Fernando (Far-source) 

350 125 Tabas (Near-source) 

433 190 Tabas (Far-source) 

period of the model (s) 
Natural frequency of 

the model (Hz) 
Model 

1.76 0.567 JP-1 

2.03 0.492 JP-2 

2.34 0.427 JP-3 

2.58 0.388 Judy 

2.97 0.337 JP-4 

3.64 0.275 JP-5 

4.1 0.244 JP-6 

Table.5 Deck displacement and maximum stress of Judy 

platform under near and far-source earthquakes 

 

Table.5 Deck displacement and maximum stress of judy 

platform under near and far-source earthquakes 

Table.6 Natural frequencies and periods of six numerical 

model 

 

Table.6 Natural frequencies and periods of six numerical 

model 

Figure.9 The maximum value of a) Deck displacement  

b) Stress of JP-1 to JP-6 under four events 

  

 

Figure.8 The response of Judy jacket platform under 

 a) Duzce near-source b) Duzce far-source 
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near-source records included. Maximum stress and deck 

displacement have been chosen as the responses parameter 

of the platform. In general, it has been found that in two 

cases near-source and three cases, far-source earthquake 

excitations appear to be critical. However, the far-source 

ground motions have been found to be more unfavorable. 

The latter part of this paper is related to investigate effects of 

natural frequency and period of the jacket platform on the 

response of the structure during near and far-source 

earthquake excitations. Six models with periods less and 

more than the period of the primary jacket platform have 

been created and their responses under near and far-source 

of San Fernando (with more critical of near-source case) and 

Northridge (with more critical of far-source case) records 

have been compared. Entirely, it has been founded that in the 

both near-source events, the model with the minimum period 

is critical and by increasing the periods, response of the 

models have been decreased. Also, in the both far-source 

events, the model with the maximum period is critical and 

by reduction of the periods, response of the models 

decreases. 
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Abstract:  Lima city the capital of Peru had experience big earthquakes in last century, like 1940, 1966 and 1974, the 
last big quake that strike the city. Since that quake, 37 years have pass and return period became shorter and shorter. Due 
to this worried, the damage estimation and loss estimation in terms of retrofitting cost is developed using tool that 
implement a simple approach for compute the earthquake response of buildings base on damage function. For that 
purpose six districts of different socio economical levels has been studied to produce damage estimation functions. These 
functions were implemented on tool CCRE a simplified tool based on SRSND, a simulator for computing cost estimation 
of retrofitting. Results were computed for six district on Lima city and extrapolated based on the damage functions and 
cost estimation functions using socio economical criteria. Simulations, provide the idea of the expected damage for the 
next quake, and became a tool for decision makers. 

 
 
1.  INTRODUCTION 

 

Lima city is the capital and the largest city of Peru. It is 

located in the valleys of the Chillón, Rímac and Lurín rivers, 

in the central part of the country, on a desert coast 

overlooking the Pacific Ocean. Together with the seaport of 

Callao, it forms a contiguous urban area known as the Lima 

Metropolitan Area. With a population approaching 9 million, 

Lima is the fifth largest city in Latin America, however is 

located on an earthquake prone zone. Lima had experience 

big earthquakes in the last century, as shown in Table 1, 

where in the last century earthquakes of 1940, 1966 and 

1974 produce strong damage on urban areas.  

      Table 1: Large quakes in Lima City 
DATE EPICENTER Max. MMI 

9/7/1586 Lima coast IX 

13/11/1655 Lima, San Lorenzo island VIII 

20/10/1687 Lima South coast VIII 

28/10/1746 Lima North coast X 

30/3/1828 Lima, in front of Callao port VII 

24/5/1940 Lima VIII 

17/10/1966 North coast and Lima VIII 

3/10/1974 Lima VIII 

 

One of the strongest earthquakes was produced in 

October 1966, several inhabitants of the Huacho area were 

killed, and over 20,000 were homeless in Huacho, the most 

severely damaged village. At the time of this shock a 

religious festival (perhaps associated with that mentioned 

earlier, established in commemoration of the great Lima 

catastrophe in October 1746) was being held in Callao; 

several died when some churches collapsed. Landslides and 

huge ground cracks were noted along the Pan American 

Highway, and over 2,000 houses sustained severe structural 

damage in Lima. 

 

 

 

 

 

 

 

 

 

 

 

 

                         

Figure 1: Destruction in La Molina area 1966 quake 

 

On October 10th 1974 and strong shock centered 

approximately 80 kilometers southwest of Lima rocked the 

southern coastal area of Peru inflicting heavy damage in the 

Lima area. The quake, which killed 78 and injured several 

thousand, was Lima's worst earthquake disaster in terms of 

lives lost since May 31, 1970, when a magnitude 7.9 shock 

killed an estimated 50,000 on Chimbote quake, the strong 

earthquake registered in Peru. 
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Figure 2: Collapse church´s roof -1974 quake 

 

 

Since 1974, Lima city has not experience an strong 

earthquake, so seismic gap has been generated in Lima´s 

surrounding area. Since 2007 Pisco quake, the largest quake 

that strike Peru recently, the central government and the 

researchers are trying to take the attention of the decision 

makers on city offices, in order the start to apply a policies 

for reduce the seismic risk. Therefore, the authors in a join 

research with the Ministry of Housing and Construction 

propose a tool to compute the seismic risk, CCRE-CISMID, 

simplified version of risk analysis base on the SRSND 

simulator (Zavala et. al. 2007), to produce the lost estimation 

on housing. The implementation a simple approach for 

compute the earthquake response of buildings base on 

damage function is presented. For that purpose six districts 

of different socio economical levels has been studied to 

produce damage estimation functions considering, using 

socio economical criteria.              

 

2.  THE STUDY OF LIMA´S SIX DISTRICTS 

   On 2003 the first study for seismic risk estimation was 

developed by CISMID, under the support of APESEG. 

Since that study, valuable information has been collected by 

our researchers and students, and Pisco quake data 

contribute for the generation of  SRSND for calibration of 

damage diagnosis on buildings. Therefore, an update of the 

risk analysis is needed to improve the model of lost 

estimation. The improvement has been developed using the 

data and field survey of six districts, developed in a join 

research project with Ministry of Housing and Construction 

(PGT-CISMID). Villa El Salvador, San Juan de Lurigancho, 

La Molina, Chorrillos, Comas and Puente Piedra districts 

microzoning and diagnosis have been developed. Also 

results from 3 districts studied under SATREPS (Chiba 

University-CISMID/FIC/UNI) project has been consider for 

the present study.  

2.1  Update Microzonification Map 

The update microzonification map was developed by 

the Geotechnical Lab staff (Aguilar & Lazares, 2011) that 

consider field study of the soils and recompilation on 

existing data of soil profiles. Zones in purple are debris areas, 

red color shows bad soil, brown color shows soft soil, 

yellow color is a middle soil and green color shows good 

soil. Each zone has an expected peak ground 

acceleration(PGA) that will be used as input data for the 

earthquake response of structures. Also the tsunami 

inundation zone, presented as a red line (Estrada & Adriano, 

2011) has been include in the microzoning map.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3: Lima Microzoning Map (2011) 

2.2  Building stock and vulnerability 

Survey work was developed on the six update districts, were 

some new areas nor included on 2003 diagnosis has been 

included. In this areas a representative house for each block 

was study, in order to evaluate the seismic response using a 

simplify analysis using influence parameters, such socio 

economical condition, type of material, etc. 

2.3  Socio Economical condition and model estimation 

The city of Lima (include the harbor of Callao) has a total of 

43 districts, as is presented in Figure 4.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4: Districts on Lima city 
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Among the districts the north and south are districts where 

the amount slums are quite considerable.  

On other zones of the districts like in center south or south 

east the concentration of high income class is notorious.     

From PGT-CISMID study districts, as an example, let´s 

consider one district (La Molina) belong to high upper class, 

another district belong to middle class (Chorrillos) and four 

districts area popular zones (Villa El Salvador, San Juan de 

Lurigancho Comas and Puente Piedra). Considering Figure 

5, we can analyze the distribution of socio economical level.  

 

Figure 5: Housing by socio economical level 

The four popular districts with low socio economical have 

join a group by itself and middle class district is just with a 

peak at socio economical level C, and high socio economical 

level district as La Molina have peaks as A and B levels. 

Therefore , type of housing and cost of reposition must be 

different for each of the socio economical level groups.  

 

2.4  Risk evaluation considering damage functions 

involving socio economical level 

For the evaluation of the risk, the retrofit cost for house unit 

is consider as output parameter of the presented process. We 

can consider the methodology propose by Miranda (1999) 

and implemented on SNSRD and presented by Zavala (2007, 

2010). Then a simplified analysis of the response to take into 

account only an equivalent first mode of vibration of the 

structure to take advance of the spectra component of 

pseudo displacement is considering in the scheme. 

As an example we introduce the damage function in terms of 

drift response () on masonry buildings, is compute using the 

following equation: 

 

 

 

                                     (1) 

 

 

 

where Xi and Xi-1 are the response displacement on story i 

and story i-1, h is the inter story high, Z is the PGA that 

depends of seismic microzonification, U is the building 

importance factor (1 to 1.5) , S is soil type factor (1 to 1.4), 

C is the amplification factor (function of the soil period and 

structure period), R is a reduction factor (3 in the case of 

masonry structures), T is the period of the building (here 

consider as function of the interstory height (h)), µ is the 

expected ductility on the structure .   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 6: Damage Level on La Molina District 

 

       Figure 7: Damage Level on Popular Districts 

Based on test results presented by Zavala (2004) and 

complemented with numerical simulations on non linear 

models, damage matrix can be computed in terms of damage 

functions. Therefore, involving the socio economical 

variable, damage level is computed with the functions 

calculated from a regression analysis of the six districts 

results, presented in Figure 6 (for high socio economical 

level district) and Figure 7 (for low socio economical level 

district).  

Using the damage level expressed in percent, the damage 

cost retrofit functions are proposed and presented in    

Figure 8 where each socio economical level has a function. 

Under this diagnosis the update of Lima risk analysis is 

performed, and presented in Figure 9. 

 

 

 

 

 

 

 

 

 

Figure 8: Retrofit cost in US$ for house unit 
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This results consider not only the seismic risk, also consider 

the tsunami hazard and the socio economical condition in 

the updated districts. 

 

 
Figure 9: Updated Lima Seismic Risk map 

 

All this algorithm was implemented on CCRE tool a 

simplified version of SRSND, that implement equation (1) 

and functions presented on Figures 5,6,7. The results of the 

application is presented on Figure 8, were green areas 

represent a retrofit cost less than 15%, yellow zones shows 

retrofit cost between 15% to 30% and red zones represent 

cost over 30% that will represent reposition of the house. 

 

As was mentioned before on of the keys of these process is 

the improve of the results of 2003 CISMID risk analysis. As 

an example the results of La Molina district is presented on 

Figure 10. These results shows zones in red that represents 

the most seismic risk areas for this district.   

 

Figure 10: CISMID Risk analysis (2003) 

In order to show the improve of the analysis we present on 

Figure 11 the results of the simulation using the scheme 

presented in this paper using the socio economical level 

functions for the appropriate areas.   

 

Figure 11: CISMID Risk analysis (2011) 

From Figure 11 and Figure 10 is possible to notice the 

improve of the simulation scheme, showing new zones in 

risk on the district. 

 

3.  CONCLUSIONS 
- Lima city is bigger city in Peru and since 1974 does not 
experience am strong quake. Therefore strong earthquake is 
expected and the worried is increasing among researchers. 
However we need to open the eyes of the decision makers 
and politicians in order they considering measures for 
reduces the seismic risk in the dangerous zones of the city. 
 
- A simplified procedure has been presented in this paper for 
evaluate the seismic risk in terms of retrofit cost of housing 
unit. This process introduce the use of damage functions for 
each socio economical level, to improve the results of the 
diagnosis. This functions has been calibrated with the survey 
results of Pisco quake 2007 presented by Zavala (2010). 
 
- The application of the damage functions were executed on 
six districts of Lima city on the PGT-CISMID project and 
Japan Peru SATREPS project has been consider on the 
development of an update risk analysis of Lima city.  
Improve of the results has been presented and given trust for 
the simulation scheme. 
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Abstract: In this paper an earthquake loss model for India and Pakistan is presented. The primary aim of this study is to 
focus in the development of a regional seismic loss model for Asia Continent and in particular India and Pakistan. This 
model incorporates the state of the art of regional seismotectonic studies in order to develop a new regional 
seismotectonic model across plate tectonic boundaries surrounding Indian and Pakistani population centers. The 
geological and tectonic maps of Asia as a continent as well as maps with seismic interpretation such as spatial distribution 
of earthquake epicenters, earthquake ruptures and seismic moment have been prepared as tools to delineate seismic 
source areas, to study the completeness of the earthquake catalogue, to determine seismic activity, and to define 
recurrence parameters for each seismic source. The seismicity parameters such as magnitude-frequency relationships and 
maximum magnitude are determined using past occurrence of earthquakes and expert judgment. A synthetically 
generated set of potential earthquakes are used here which represents temporal and geographical distribution of seismicity 
in this region. The seismic hazard, the built environment inventory and the building vulnerabilities are probabilistically 
convoluted to estimate probabilistic losses. Such results are implemented in user friendly financial software which is then 
used by insurance and reinsurance companies to estimate their potential exposure to seismic hazards. The main 
advantages of this model are its high resolution stochastic event set, detailed seismic model, and a range of vulnerability 
functions describing various building types and contents.  

 
 
1.  INTRODUCTION 
 

Catastrophe loss modeling has been under rapid 
development in the recent years. This is mainly due to 
significant demands for natural catastrophe models and their 
applications in the financial and insurance industry. Due to 
the high severity and low frequency of natural catastrophes 
such as earthquakes, the use of traditional actuarial methods 
based on historical loss records, are inadequate and 
incomplete for estimation of potential future losses. 
Computer risk models today are used to evaluate potential 
losses from future events and provide facilities for better 
controlling exposure to potential losses. Information 
obtained from this type of modeling is ideally suited to the 
regional risk consideration of traditional financial entities as 
well as to the growing insurance catastrophic market in the 
region. 

The deaths, injuries, and devastation caused by two 
large earthquakes in recent years brought sharply into focus 
the seismic hazard faced by India and Pakistan. The major 
Bhuj earthquake of 26 January 2001 (Mw 7.6) in India 
caused devastation to the state of Gujrat, killing about 
20,000 persons and injuring many more (e.g. Hough et al, 
2002). It was India’s most deadly earthquake in recorded 
history. The earthquake left nearly half a million people 
homeless and destroyed about 350,000 dwellings. Similar 

earthquake in Pakistan in 2005 caused widespread damage 
and loss of life to some of the remote population centers in 
Northern Pakistan. These earthquakes immediately raised 
important questions of how can seismic hazard and 
consequence damage to built environment and loss of lives 
from future earthquakes in India and Pakistan be predicted. 
The challenge of seismic hazard assessment in regions of 
diffused pattern of seismicity is how to address different 
seismogenic sources and their risk on the built environment. 

The first generation of the earthquake loss models for 
India and Pakistan were developed in 1998 by EQECAT and 
have been under constant maintenance and minor 
modification since then. In this paper the methodology and 
results for a new earthquake loss model for this region is 
presented. The seismic hazard, the built environment 
inventory and the building vulnerabilities are probabilistic- 
ally convoluted to estimate probabilistic losses. The main 
advantages of this model are its high resolution stochastic 
event set, detailed seismic model, and a range of 
vulnerability functions describing various building types and 
contents. The new model uses the latest information on 
regional seismotectonic to develop a new regional seismic 
hazard model for the Himalayan belt as well as stable Indian 
shield. This model benefits from a high geographical 
resolution for the underlying administrative units to capture 
detailed variation of seismic hazard and to enhance the 
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modeling of soil effect. Any natural catastrophe model, 
regardless of the peril under study, incorporates several main 
components: 
1. Natural catastrophe hazard model 
2. Exposure mapping tool 
3. Vulnerability functions of built environment to the 

natural hazard 
4. Loss calculation and implementation of insurance 

conditions 
 
A few national and regional seismic hazard studies have 

been performed for this region in the last decades. The first 
national seismic hazard map for India was compiled by the 
Geological Survey of India (GSI) in 1935. In 1962, a second 
national seismic hazard map was published by the India 
Standards Institution (ISI). This map was based primarily on 
earthquake epicenters and isoseismal maps drawn by the 
GSI. This map was further revised in 1966, 1970 and 1984. 
In 1992, the Global Seismic Hazard Assessment Program 
(GSHAP) was launched by the International Lithosphere 
Program (ILP) under the framework United Nations 
International Decade for Natural Disaster Reduction 
(Giradini et al, 1999). In this paper the probabilistic seismic 
hazard model developed by EQECAT for the Asian 
Continent and in particular the India and Pakistan regions is 
presented. In the following sections in this paper the input 
data and methodology applied to model seismic hazard are 
presented. 

 
2. EARTHQUAKE HAZARD MODEL  

 
Probabilistic seismic hazard analysis provides the basic 

module for any seismic risk and loss model. Probabilistic 
seismic hazard models regardless of their use in pure 
engineering design purpose or for insurance loss estimation 
model consist of certain models. The first step in a 
probabilistic seismic hazard analysis is the definition of 
earthquake source or sources which will affect the site of 
interest. This step is often a major part of a seismic hazard 
assessment. Regional seismicity together with known 
tectonic features are fundamental information used to 
delineate seismic source zones and to determine seismicity 
parameters. Seismic source zones are determined based on 
the relationship of observed earthquakes to the tectonic 
manifestations of geological units. The geological and 
tectonic maps of Asia as a continent as well as maps with 
seismic interpretation such as spatial distribution of 
earthquake epicenters, earthquake rupture and seismic 
moment have been prepared as tools to delineate seismic 
source areas, to study the completeness of the earthquake 
catalogue, to determine seismic activity, and to define 
recurrence parameters for each seismic source. The 
seismicity parameters such as magnitude-frequency 
relationships and maximum magnitude are determined using 
past occurrence of earthquakes and expert judgment. The 
earthquake catalogue is examined for completeness within 
each source and the results are used to calculate the 
Gutenberg-Richter relationship.  

2.1  Seismotectonic Setting of East Asia 
  

The Indian plate boundary in the study region is 
characterized by a continental collision segment along the 
Himalaya in the north, a complex to an oblique subduction 
along the Burma-Andaman arc in the east and transverse 
fault systems such as the Chaman fault in the northwest 
(Figure 1). It is now well known that the continued 
northward collision of the Indian plate with respect to the 
Eurasian landmass causes the intense seismicity, and has 
produced the most gigantic topographic features of the world, 
the Himalaya and the Tibetan plateau. The broad tectonic 
and seismicity patterns of these regions and the 
corresponding seismic source zones are described here. 

Figure 1: Surface topography and generalized structure of 
the Alpine-Himalayan belt. Direction of plate motion is 
schematically shown by arrows (after Koulakov et al, 2002). 

 
The Himalayas form a clearly defined arcuate zone of 

plate consumption along which the Indian and Asian plates 
collide at the rate of about 5.5 cm/yr (Minster and Jordan, 
1978). The 2400 km long east-west stretch of the Himalaya 
is composed of several north dipping thrust sheets which are 
also punctuated by topographic breaks. The major tectonic 
features in this region include, from south to north, the Main 
Boundary Thrust (MBT), the Main Central Thrust (MCT) 
and the Indus Tsangpo Suture Zone (ITSZ). Most of the 
seismicity in the Himalayan region is concentrated along 
shallow north dipping planes, which indicate underthrusting 
of the Indian plate beneath the Eurasian plate. In addition to 
four great earthquakes of magnitude exceeding 8 during 
1897, 1905, 1934 and 1950, another 11 earthquakes 
exceeding magnitude 7.5 have occurred in the Himalayan 
belt during the past 110 years. The four great earthquakes 
(Mw ≥ 8.4) which have occurred along the Himalaya front 
during the last 110 year left three major gaps between them. 
The Assam earthquakes of 1897 and 1950 rank among the 
few greatest continental earthquakes (Mw = 8.7) (Richter, 
1958).  

North and northeast India, including several mega-cities 
in the Indo-Gangetic plain, are potentially exposed to high 
seismic hazard from the large/great earthquakes along the 
Himalayan arc. It has been suggested that much of the arc 
may be overdue to rupture in large/great earthquakes (e.g. 
Bilham et al., 2001). Khattri (1999) has estimated the 
probability of occurrence of a great Mw 8.5 earthquake in 
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the central seismic gap of the arc (a segment that extends 
from about 78_ E to 85_ E) in the next 100 year to be 0.59. 

Generally speaking, the Indian shield region can be 
considered as one single seismic source zone for hazard 
computations. However, smaller seismic zones can be 
delineated in this region, primarily based on the locales of 
the major earthquakes and seismic lineaments, some of 
which are not so well defined. The Indian shield region is 
marked by several rift zones and shear/thrust zones. 
Although considered to be a stable continental region (SCR), 
this region has experienced many earthquakes of magnitude 
Mw 6.0 since the 18th Century (Ramalingeswara Rao, 1998), 
some of which were disastrous. Among them are the 
Mahabaleshwar (1764), Kutch (1819), Damooh hill (Near 
Jabalpur, 1846), Mount Abu (1848), Coimbatore (1900), 
Son-Valley (1927), Satpura (1938), and Jabalpur earthquake 
of May, 1997.  

The Narmada-Son lineament (NSL), a prominent 
tectonic feature of the Indian shield region, has been 
experiencing earthquakes of different magnitudes in the past, 
the recent example being the May 21, 1997 Jabalpur 
earthquake of magnitude 6.0. This is an SCR earthquake 
with an unusual focal depth of about 30 km. At least 4 
earthquakes of magnitude >5.4 have occurred along this 
zone, two of them in the proximity of the 1997 Jabalpur 
earthquake (Gupta et al., 1997). The major tectonic 
constituents in the southern sector of the Indian Shield 
include the massive Deccan Volcanic Province (DVP), the 
South Indian Granulite Terrain (SIGT), the Dharwar craton 
(DC), the Cuddapah basin (CB), the Godavari graben (GG) 
and the Mahanadi graben (MG), the Eastern and the Western 
ghats on the east and west coast of India, respectively. The 
Koyna reservoir region has been experiencing induced 
earthquakes right from the date of its first filling in 1962. 
Over the past 36 years the region around the reservoir has 
experienced 10 earthquakes of magnitude ≥ 5, over 100 
earthquakes of magnitude ≥ 4 and about 100,000 of smaller 
magnitudes.  

In addition to seismicity associated with the Himalayan 
belt, there are also intraplate seismic activity threatening 
major cities and population centers in Indian Shield. The 
Mw 7.6 Bhuj earthquake of 26 January 2001 was arguably 
the largest intraplate earthquake to have occurred globally in 
more than 100 years. The Bhuj earthquake occurred far from 
the edge of the Indian plate and quite close to an M 7.7 
earthquake that occurred in 1819 (Bilham, 1998). The 
Earthquake in the Government estimates place direct 
economic losses due to the earthquake at 1.3 billion dollars, 
although more recent estimates indicate losses as high as 5 
billion (Hough et al, 2002). The location of Gujarat is over 
400 km from the nearest plate boundary in central Pakistan, 
however, several large historical events have occurred in the 
region, including the Allah Bund earthquake of 1819, which 
was likely of comparable size to the 2001 event (Bilham, 
1998, Hough et al 2002). Nevertheless, the repeat time for 
earthquakes the size of the Bhuj event is likely to be 1000 
years or more, and these considerations have led parallels to 
be drawn between the Bhuj earthquake and the 1811–1812 

New Madrid earthquake.  
The northern Baluchistan region of Pakistan includes 

the Chaman Fault system, a left-lateral transform plate 
boundary that separates the Indian and Eurasian plates. The 
Chaman Fault is an 800 km long left-lateral strike-slip 
feature that appears south of the Herat Fault and then trends 
south-southwest along the Afghanistan-Pakistan border 
(Wellman 1966). The northern Chaman fault system in the 
past century has been largely inactive, suggesting that this 
time period is not representative of long-term activity in the 
region and that up to 4 m of potential slip is currently 
available to drive one or more future M7 earthquakes. 

The Eurasian plate, at its boundaries and within has a 
number of predominant strike-slip features. The Heart fault 
is a distinct morphological feature that traverses almost the 
entire length of northern Afghanistan for 1,100 km 
(Wellman 1966). According to Quittmeyer and Jacob (1979) 
this is a right-lateral strike-slip feature with a probable 
history of movement throughout the Cenozoic. Quittmeyer 
and Jacob (1979) believe the fault to be ‘inactive’ with no 
evidence of fault-related seismicity. Ambraseys and Bilham 
(2003) state that slip on this fault would be insignificant in 
accommodating the north-south convergence thus 
explaining absence of seismic activity during the historic and 
instrumental period. Verma et al (1980) have concluded that 
the Herat fault is seismically inactive barring its portion that 
trends northeast towards the Himalaya. 

The Iran-Afghanistan border, coincidentally, is the 
eastern extremity of the Arabia-Eurasia collision zone. 
Walker and Jackson (2002) state that at this longitude nearly 
all the Arabia-Eurasia convergence (~40 mm/year at 60° E) 
is accommodated in the seismic belts of the Alborz and 
Kope Dagh in northern Iran, requiring the comparatively 
aseismic central Iran to move N-NNE relative to 
Afghanistan. The N-S right-lateral shear component between 
central Iran and Afghanistan is taken up by a series of N-S 
trending right-lateral strike-slip faults bordering the 
relatively aseismic Kavire Lout block. On their northern end, 
these faults terminate in a series of E-W trending 
right-lateral strike-slip faults and the Tabas thrust system 
while on the southern end, they terminate in the E-W coastal 
ranges of the Makran where the Arabian Sea is subducted 
northwards (Walker and Jackson (2002).  

An active zone of subduction is produced in the 
Makran region of south Pakistan and southeast Iran where 
the Arabian Sea floor is subducting at a shallow angle to the 
north (Quittmeyer and Jacob 1979). Intense earthquake 
activity is reported here at depths of 70-300 km. The Arabian 
Sea is currently going under continental Lut and Helmand 
blocks with an azimuth of N10° E and with a convergence 
velocity of 36.5 mm/yr in the western, and 42.0 mm/yr in the 
eastern boundaries (Jacob and Quittmeyer, 1979; DeMets et 
al., 1990; Byrne et al., 1992). Except for the great 
earthquake of 1945 (Ms=8.1), few moderate to large 
earthquakes are known to have occurred in the Makran and 
the seismic behavior of the Makran Subduction Zone is still 
largely unknown. However, most of the events which have 
occurred in the Makran are of intermediate depths, within 
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households, local insurers and international reinsurers. In 
this paper, the EQECAT’s new earthquake loss model for 
India and Pakistan is briefly introduced. Since its 
development in 2006, the model has been used by many 
insurance and reinsurance companies worldwide. This 
model is capable of estimating seismic losses for different 
types of buildings by usage, structural types and occupancies. 
Probabilistic loss curves as well as annual mean losses can 
be estimated using this model. The model compared to its 
earlier version, provides much higher geographical 
resolution both in terms of hazard calculation and loss 
estimation. Application of this tool on a national scale by 
domestic insurance companies could help insurance market 
in these countries to rationally quantify their status with 
regard to catrisk insurance rate, catrisk policy terms based on 
risk pricing and homeowner affordability, risk mitigation, 
healthy insurance penetration, risk-based premium, national 
awareness, catastrophe insurance law and many other 
insurance related factors. 
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Abstract:  Seismic fragility curves show the probability of exceeding a damage state versus the ground motion intensity 
(in terms of PGA or MMI) of an earthquake. These curves can be developed using historical data, expert's opinion, 
analytical approach, and/or a hybrid of the previous approaches. Thus, it is possible to quantify the vulnerability of a 
building type to seismic hazard. However, the design standard for building changed several times as the understanding of 
the behavior of structures subjected to earthquakes improved. In particular, a major change occurred some time in the late 
1980s to early 1990s when there was a paradigm shift from elastic to inelastic behavior in the design of buildings, 
requiring ductile behavior during severe loading cases. Thus, there exist in our building stock, buildings of the same 
archetype but have different "vintage" which correspond to the structural code used at the time of design and construction 
of the building. This paper presents a simple technique for considering the effect of the vintage of a building when 
analytically deriving fragility curves of archetype building frame models for use in loss estimation under disaster risk 
management. 

 
 
1.  INTRODUCTION 

 

The number of fatal earthquakes per decade and the 

frequency of occurrence of earthquakes worldwide continue 

to increase (Coburn and Spence 2002). The economic losses 

also continue to increase in individual countries, with losses 

in the Philippines, not including the losses from the July 16, 

1990 earthquake, nearing $500 million (Ohta et al. 1986). 

The recent destructive earthquakes in Japan and New 

Zealand continue to remind us of the importance of 

preparedness when dealing with earthquakes. These events 

emphasize the need for risk assessment and earthquake loss 

estimation methods that can be used by decision makers in 

Disaster Risk Management and Mitigation. 

 

Risk assessment requires three important elements: 

hazard, exposure and vulnerability. The hazard refers to the 

elements in the environment that cause damage, the 

exposure refers to the elements that are at risk and the extent 

of their connection with the hazard, and the vulnerability 

refers to the susceptibility to damage of the elements at risk. 

To account for vulnerability of structures to earthquakes, 

fragility curves are normally developed for archetype 

building models that can be found in a region. Fragility 

curves plot the percentage probability of exceeding a 

particular damage state vs. ground motion intensity (GMI). 

The GMI due to an earthquake can be expressed in terms of 

peak ground acceleration (PGA) or Modified Mercalli 

Intensity (MMI). Different damage states are identified; 

some of the more common ones include: Slight, Moderate, 

Extensive and Complete damage states.  

 

In the USA, the HAZUS Earthquake technology 

contains earthquake loss estimation methods that are 

intended to help government units in evaluating a wide 

range of losses resulting from scenario earthquakes. This 

will serve as a basis for decisions concerning preparedness 

and disaster response planning and for planning mitigation 

measures to reduce potential future losses (Whitman et al., 

1997). 

 

In Australia, Geosciences Australia (GA) developed 

the Earthquake Risk Model (EQRM), which is capable of 

simulating earthquake ground motion and estimating impact 

to different building types. Coupled with an extensive 

exposure database, GA is able to estimate the earthquake 

loss due to scenario earthquakes. 

 

In Japan, the work of risk management is pursued 

under the Center for Sustainable Urban Regeneration 

(cSUR) at the University of Tokyo. In a paper by Fujino and 

Takada (2009), they discuss the state of risk assessment, 

management and monitoring of infrastructure systems in 

Japan. It is observed that Japan already has a mature risk 

assessment methodology in earthquake engineering, 

complete with seismic hazard maps and fragility curves of 
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buildings. The authors also discuss the need for additional 

investments in disaster prevention activities for urban 

infrastructures in Japan, showing that sustainability provides 

a rational way of presenting the need. Finally, the paper 

describes the role of monitoring infrastructures for risk 

reduction as a means of quantifying vulnerability. Although 

sensor system networks are deployed throughout the country 

for structural-health monitoring, the authors conclude that 

the vulnerability assessment lags behind the hazard 

assessment and therefore requires further research (Fujino 

and Takada, 2009) . 

 

In the Philippines, Japanese researchers collaborating 

with scientists from the Philippine Institute of Volcanology 

and Seismology (PHIVOLCS) conducted the Metro Manila 

Earthquake Impact Reduction Study (MMEIRS) in 2004. 

Their work included risk assessment due to scenario 

earthquakes caused by movement from different active 

faults in the country. Their results indicate 40% of residential 

buildings will be damaged in the event of magnitude 7.2 

earthquake occurring in the West Valley Fault, resulting in 

34,000 deaths and 110,000 injured. However, the authors 

emphasize that this is just a first attempt and further 

consideration and development are needed on many aspects 

of the evaluation method used (Solidum et al. 2004). 

 

The method proposed in this paper to account for 

building vintage in fragility curves will improve the present 

understanding of the difference in behaviors of the building 

stock in the Philippines. 

 

2.  METHODOLOGY 

 

Several approaches exist for developing fragility 

curves analytically. The structural analysis alone can be 

static or dynamic and linear or nonlinear. Thus, we can have 

four possible combinations but the nonlinear static or 

dynamic analyses are commonly used in developing 

capacity curves of building structures. 

 

Due to the absence of strong-motion earthquake 

records in the Philippines, a nonlinear dynamic analysis 

cannot be conducted. Thus, a nonlinear static analysis called 

the nonlinear pushover method is used in this research. 

 

2.1  Analytical Procedure for Deriving Fragility Curves 

The flowchart in Figure 1 shows the analytical 

procedure used in developing fragility curves. The procedure 

starts with a collection of building models of the same 

archetype with varying dimensions of the structural elements. 

The nonlinear static pushover analysis is then conducted for 

all the models to obtain their capacity curves. Together with 

the earthquake demand curve, the capacity curves are used 

in the Capacity Spectrum Method to determine performance 

points for each building. Threshold values in terms of 

spectral displacements for particular damage states are then 

used to evaluate the performance points. The percent 

probability of exceedance is computed by summing all the 

performance points that fall within a threshold value divided 

by the total number of performance points per earthquake 

demand curve. These are then plotted with the percent 

probability of exceedance in the vertical axis and the ground 

motion intensity (GMI) on the horizontal axis. Finally, a 

standard log-normal cumulative distribution function is fitted 

to come up with the fragility curves for each damage state. 

 

 

 

 

 

2.2  Accounting for Building Vintage 

The National Structural Code of the Philippines 

(NSCP) changed several times over the last 40 years since 

its first edition to incorporate developments in research and 

design of structures. The first edition of the NSCP was 

released in 1972 as a response to the clamor for safer 

buildings after the Ruby Tower collapse. The design 

paradigm used at the time is the allowable stress design 

where the materials are designed to remain elastic. However, 

in the 1992 NSCP, after observing catastrophic failures of 

buildings designed using past codes, a paradigm shift in the 

design of structures was adopted. Instead of brittle failure 

which happens without warning, ductile behavior is 

preferred without collapse of the structure. Ductile failure 

allows cracking of the concrete and yielding of 

reinforcements without loss of the vertical carrying capacity 

of the building. Thus, currently, there are buildings in our 

building stock that have different "vintages" based on the 

code used during its design and construction. Although they 

may have similar archetype structural systems, in particular 

the beam-column frame system, their individual response to 

earthquake excitation is very different. The difference in the 

response of different designs can be observed from 

Figure 1  Procedure for Developing Fragility Curves 

(UPD-ICE Technical Report 2011) 
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hysteresis plots of force-deformation and moment-rotation. 

These can then be used to model nonlinear hinges at the 

ends of beams and columns to take into account the vintage 

of the building in the analysis. 

 

3.  MODEL  DATABASE 

 

The building model has 3 storeys with 3 m high floors. 

The number of bays in each direction was also kept constant 

at three (3) bays.  This is the simplest model that is able to 

capture the behavior of complete frame building models. 

The supports at the bottom were modeled as fixed supports. 

Figure 2 shows the three dimensional reinforced concrete 

frame model used in the analysis. 

 

 

 

 

3.1  Material Properties 

The following material properties were used in the 

building model: 

• Concrete unit weight = 23.5 kN/m3 

• Concrete compressive strength, fc’ = 21 MPa 

• Reinforcement yield stress, fy = 240 MPa 

• Modulus of elasticity, E = 25 GPa 

• Poisson’s Ratio, ν = 0.20 

 

3.2  Geometry and Member Sizes 

The Table 1 below shows the matrix of member sizes 

used for the fifteen (15) models used in the analysis. 

Variations in bay width, beam width and depth and column 

sizes were made to account for possible differences in the 

sizes of the reinforced concrete members of existing 3-storey 

buildings. Variations in other parameters could have been 

made, e.g. variations in the building height and concrete 

compressive strength. These were not considered in 

developing the matrix of member sizes because most 

existing 3-storey structures follow the 3 m. high building 

height and the concrete compressive strength used in the 

analysis. 

 

 

Model 

ID 

Bay Width 

(m) 

Beam (mm) Column 

(mm) Width Depth 

RC-1 4 300 400 400 

RC-2 4 250 350 400 

RC-3 4 300 400 350 

RC-4 4 250 350 350 

RC-5 4 250 300 350 

RC-6 5 300 400 400 

RC-7 5 250 350 400 

RC-8 5 300 400 350 

RC-9 5 250 350 350 

RC-10 5 250 300 350 

RC-11 6 300 400 400 

RC-12 6 250 350 400 

RC-13 6 300 400 350 

RC-14 6 250 350 350 

RC-15 4 250 300 300 

 

 

3.3  Reinforcement Details 

A nonlinear structural analysis software was used to 

design the reinforcements of the building models. ACI 

318-05 (basis for reinforced concrete provisions of the 

NSCP 2010) was used to design High Code buildings while 

ACI 318-99 (allowable stress design method is used) was 

used for Low Code buildings. 

 

3.3  Loading 

Two types of loads were used in the analytical 

modeling: dead load and earthquake load, with the live load 

assumed negligible compared to the dead load. The 

superimposed dead load, DL, was assumed to be 4.5kPa. 

The earthquake load, E, was calculated using NSCP 2010 

provisions which happen to be the same as UBC 1997. 

 

3.4  Earthquake Scenario 

The following earthquake demand scenario was kept 

constant for both building vintages: 

• Seismic Source Type: A 

• Distance to Source: >15km (Far-field) 

• Soil Profile Type: Sa (Hard Rock) 

 Ca=0.32 

 Cv=0.32 

• Ct(ft) = 0.030 

Figure 2  RC Frame Building Model 

Table 1  Matrix of Member Sizes Used for Each Model 

Table 1  Matrix of Member Sizes Used for Each Model 
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On the other hand, the following parameters were 

changed to differentiate the two vintages of the building 

models used in the analysis: 

 

 

 High Code Low Code 

Overstrength Factor 8.5 3.5 

Base Shear, V/W 0.113 0.0938 

 

 

4.  NONLINEAR STATIC ANALYSIS 

 

The Capacity Spectrum Method (CSM) from ATC-40 

was used to determine the performance points of each 

building model when subjected to a particular earthquake 

demand. These performance points will serve as the basis for 

computing the fragility curves by determining how many of 

them fall within the set damage thresholds. 

 

4.1  Nonlinear Hinges 

Moment and shear nonlinear hinges were placed at the 

ends of the beams while coupled axial and moment 

nonlinear hinges were placed at the ends of the columns. 

 

For High Code, the default hinge properties were used. 

For Low Code, on the other hand, the following factors were 

multiplied to the default moment and shear hinge properties 

to account for the lower ductility of older structures. 

Coupled axial and moment hinge properties of the column 

remained the same. These factors were computed from 

hysteresis plots of beam shear vs. displacements and 

bending moment vs. rotation of typical reinforced concrete 

connections detailed using provisions from the 1970s and 

the 1997 Canadian code (Biddah 1997). The design 

paradigm used in the 1997 Canadian code is for ductile 

failure without collapse.   

 

 

Shear 

Shear Force 0.9625 

Displacement 0.477 

Moment 

Moment 0.84 

Rotation 0.645 

 

 

4.2  Demand Spectrum 

Demand was based on the design response spectrum 

from the NSCP Philippines 2010 which was adopted from 

UBC 1997. Demand was scaled in order to get more 

performance points for each model. The following factors 

were applied to the design demand by changing the Ca’s and 

Cv’s. 

 

 

 

 

 

 

Demand Factor Ca Cv 

0.15 0.048 0.048 

0.30 0.096 0.096 

0.40 0.128 0.128 

0.50 0.16 0.16 

0.75 0.24 0.24 

1.00 0.32 0.32 

1.25 0.40 0.40 

1.50 0.48 0.48 

2.00 0.64 0.64 

 

 

 

 

 

 

4.3  Nonlinear Pushover Analysis 

The nonlinear pushover analysis provides the 

approximate behavior of the structure after it exceeds the 

elastic range. The result of the analysis is a capacity curve 

plotted as a function of the lateral force applied vs. the roof 

displacement. The lateral force is incrementally applied until 

elements of the structure yield. The structure is then revised 

by reducing the stiffness of the elements which already 

yielded. The lateral force is then increased until other 

elements yield or the structure becomes unstable. Figure 4 

shows the nonlinear pushover curve for Model RC-1, where 

two damage states are also defined: the slight damage and 

the complete damage states. Notice that Figure 4 is plotted in 

terms of spectral displacement and spectral acceleration. 

ATC-40 provides two equations necessary to convert to 

spectral coordinates in preparation for the Capacity 

Spectrum Method where the demand earthquake spectra will 

be plotted together with the capacity spectrum to determine 

performance points of the building model. As described in 

the previous section, several demand curves were generated 

using the design spectrum recommended by the NSCP 2010. 

The performance points are the intersections of the capacity 

curve and the demand curves.  

 

Table 2  Differentiating Between Vintages 

 

Table 4  Demand Scaling 

 

Figure 3  Demand Spectra from Scaled Design Spectra 

from NSCP 2010 

Table 3  Frame Hinge Factors for Low-Code Buildings 
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5.  DAMAGE THRESHOLDS 

 

Figures 4 and 5 show how the damage thresholds for 

the different damage states are determined. The damage 

states are defined using spectral displacements experienced 

by the structure. The slight damage state is reached once the 

structure starts to behave inelastically. Whereas, the 

complete damage state is defined by the end point of the 

capacity curve or when there is a significant drop in the 

capacity. Two arbitrary damage states, the moderate and the 

extensive damage states, are defined using the recommended 

HAZUS threshold ratios, relating the different damage states 

to each other. Figure 5 shows the ratios used and the 

corresponding spectral displacements for RC-1. 

 

 

 

 

6.  EFFECT ON CAPACITY SPECTRA 

 

Using model RC-1 to compare the capacities of 

buildings designed using High Code and Low Code, it is 

noticeable that buildings that follow High Code yield first 

before Low Code but the nonlinear region of High Code is 

much longer than that of Low Code. The same was noticed 

for the rest of the models. This is the expected behavior 

because reinforced concrete buildings designed using High 

Code have special reinforcement detailing that allow for 

more ductility. Furthermore, observe that buildings designed 

using Low Code have higher strengths compared to High 

Code which agrees with the conservative allowable stress 

design approach used in earlier versions of the NSCP. 

 

 

 

 

 

7.  PROBABILITY DAMAGE MATRICES 

 

Now that the damage thresholds have been defined for 

each model, the number of models exceeding a damage state 

for each demand spectrum is determined, both for buildings 

designed using High Code (NSCP 2010) and Low Code 

(NSCP 1972). Afterwards, the probability of exceeding a 

damage state is computed for each demand curve by 

summing the number of models within each damage state 

and dividing by the total number of models.  

 

 

 

 

 

PGA 
Probability of Exceeding a Damage State 

Slight Moderate Extensive Complete 

0.048 0 0 0 0 

0.096 0.267 0 0 0 

0.128 0.267 0.2 0 0 

0.16 0.267 0.267 0 0 

0.24 0.267 0.267 0 0 

0.32 0.4 0.4 0.333 0.133 

0.4 0.667 0.667 0.667 0.4 

0.48 1 1 1 0.867 

0.64 1 1 1 1 

 

 

 

 

Table 5  Damage Probability Matrix for High Code 

Buildings 

 

Figure 6  Comparison of Capacity Curves for High Code 

and Low Code RC-1 Models 

Figure 5  Threshold Values for RC-1 

Figure 4  Sample Building Capacity Spectrum of RC-1 
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PGA 
Probability of Exceeding a Damage State 

Slight Moderate Extensive Complete 

0.048 0.133 0.133 0.133 0 

0.096 0.667 0.467 0.467 0.133 

0.128 1 0.733 0.533 0.4 

0.16 1 0.933 0.533 0.533 

0.24 1 1 0.933 0.533 

0.32 1 1 0.933 0.733 

0.4 1 1 1 1 

0.48 1 1 1 1 

0.64 1 1 1 1 

 

8.  SEISMIC FRAGILITY CURVES 

 

The next step in the procedure is to fit a lognormal 

cumulative distribution function: 






















dsds AGP

PGA
PGAdsP ln

1
]|[


   (1) 

Equation (1) is characterized by the median 

dsAGP and the uncertainty parameter ds . Figure 7 

shows the fragility curves using High Code (NSCP 2010) in 

the design of the building frame, while Figure 8 shows the 

fragility curves using Low Code (NSCP 1972). Figure 9 

shows the High Code and Low Code fragility curves 

superimposed with one another for comparison. Observe 

that High Code curves are shifted to the right relative to the 

Low Code fragility curves implying that buildings designed 

using the latest codes are safer because they will require 

larger earthquake shaking to cause damage. This shows the 

beneficial effect of ductile behavior of reinforced concrete 

structures and the need to retrofit old structures in 

preparation for possible large magnitude earthquakes. 

 

 

 

 

 

 

 

The uncertainty determined from the curve-fit is called 

the aleatory uncertainty but there are other sources of 

uncertainty, known as epistemic uncertainty, which can only 

be determined from a survey of experts. The epistemic 

uncertainty was determined to be 0.7 (Tan, 2011). This was 

taken into account by taking the square root of the sum of 

the squares of the two uncertainties. With the median and 

total uncertainty determined, the fragility curves can be 

replotted using equation (1). 

 

It is possible to convert from Peak Ground 

Acceleration (PGA) to Modified Mercalli Intensity (MMI) 

using correlation equations established in seismology. In the 

following figures the Gutenberg and Richter equation was 

used to convert from PGA to MMI: 

2

1

3
log 

I
a              (2) 

 

Figure 10 shows the High Code Fragility curves in 

terms of MMI while Figure 11 shows the Low Code 

Fragility curves in terms of MMI. Similar observations (as 

when they are plotted in terms of PGA) can be made when 

they are superimposed with each other as shown in Figure 

12 – the High Code curves are shifted to the right of the Low 

Table 6  Damage Probability Matrix for Low Code 

Buildings 

 

Figure 7  Fragility Curves Using High Code in terms of 

Peak Ground Acceleration (PGA) 

Figure 8  Fragility Curves Using Low Code in terms of 

Peak Ground Acceleration (PGA) 

Figure 9  Comparison of Fragility Curves in terms of Peak 

Ground Acceleration (PGA) 
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Code curves implying that buildings designed using High 

Code are more earthquake-resistant.  

 

 

 

 

 

 

 

 

 

 

 

 

 

9.  CONCLUSIONS 

 

In order to include the non-ductile behavior of 

reinforced concrete members designed using Low Code, 

frame hinge reduction factors for shear and bending moment 

were determined from experimental results and applied to 

the models before the nonlinear pushover analysis is 

conducted to determine the capacity curve of the frame 

model. Thus, another step is added to the existing procedure 

in order to analyze buildings of a different vintage.  

 

RC frame buildings, designed using Low Code, do not 

have special reinforcement detailing for it to behave in a 

ductile manner. They nominally have higher elastic strengths 

compared to buildings designed using High Code but once 

their capacities are reached they fail in a brittle catastrophic 

manner. Thus, buildings designed using Low Code requires 

less earthquake shaking before complete damage.  

 

Comparison of the fragility curve for complete 

damage state alone show that buildings designed using High 

Code have a 50% probability of exceedance at 0.42g while 

for buildings designed using Low Code is at 0.18g. In other 

words, the earthquake resistance of buildings designed using 

High Code is approximately 2.33 times that of buildings 

designed using Low Code. There is, therefore, a definite 

need for old vintage buildings to be retrofitted in preparation 

for strong motion earthquakes. 
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Abstract: Pakistan is an earthquake-prone region due to its tectonic setting resulting in high hazard with moderate to 
strong ground motions, vulnerability of structures and social vulnerability to ground motions; leading to the loss of life, 
property damage and economic losses. Earthquake related disaster in Pakistan is a regular and serious threat to the 
community however the country lack tools for earthquake risk reduction through early warning (pre-earthquake planning), 
rapid response (prompt response to locations of high risk) and pre-financing earthquake related risk (property insurance 
against disaster). This paper present models for physical, social and economic loss estimation of structures in Pakistan for 
earthquake induced ground motions which are derived using state-of-the-art earthquake loss estimation methodologies. 
The loss estimation methodologies are being calibrated with the site-specific materials and structures response whereas 
the derived models are tested and validated against recent earthquakes in the region. The models can be used to develop 
damage scenario for earthquakes (estimate damaged and collapsed structures, casualties and homeless) and estimate 
economic losses for the required repair and reconstruction (for a single earthquake event and all possible earthquakes). 
The models can provide help on policy- and decision-making towards earthquake risk mitigation and disaster risk 
reduction in Pakistan. 

 
 
1.  INTRODUCTION 
 

Pakistan is one of the regions with the highest seismic 
risk due to its active tectonic features resulting in high 
hazard level, vulnerability of regional structures and 
infrastructures and social vulnerability to strong ground 
shaking. Being sixth amongst the highly populated countries 
of the world where urbanization is on rise as are future 
earthquake disasters which may lead to human casualties, 
direct economic losses due to repair and reconstruction of 
structures, indirect economic losses due to business 
downtime and loss of means of income.  

On average the country can possibly experience a 
damaging earthquake every ten years (Ahmad 2011), 
however little effort has been made since in reducing the 
earthquake disaster risk in Pakistan. The drastic 
consequences of all these earthquakes in Pakistan are due to 
the lack of well planned preparedness activities in the 
country. The future risk of earthquakes in a country can be 
mitigated through retrofitting existing structures, well 
designing new structures and ensuring proper land use 
planning. On parallel rapid response planning, emergency 
planning and pre-financing earthquake risk can significantly 
reduce earthquake disaster risk and help early recovery.  

 The paper thus present tools for risk assessment and 
loss estimation of structures in Pakistan for site amplified 
ground motions to quantify the socio-economic impacts of 

earthquakes (single event and all possible earthquakes) in the 
region. The tools presented herein can be used for policy- 
and decision-making towards earthquake risk mitigation and 
disaster risk reduction in Pakistan.  
 
2.  EARTHQUAKE LOSS ESTIMATION 

FRAMEWORK  
 
2.1  General Framework 

Seismic risk assessment and economic loss estimation 
of structures in a region should takes into account all 
possible earthquakes which can occur and affect the region 
in future time (Abrahamson 2006, Bommer and 
Abrahamson 2006). Such analysis takes into consideration 
the impacts of all possible earthquakes in the region with 
their associated rate of activity i.e. the occurrence probability 
of earthquakes.  

Also, the earthquake loss estimation tools must have the 
capabilities; to treat different sources of uncertainties 
systematically, provide estimate of losses for all possible 
earthquakes as well as single event earthquake, should be 
capable to provide estimate with different confidence level, 
it should be updatable and must consider at least two 
procedures for risk assessment (Calvi et al. 2006, Pinho et al. 
2008). The following frameworks are thus developed in the 
present study for loss estimation considering all possible 
earthquakes and a single earthquake event: 
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Probabilistic Earthquake Loss Estimation Framework 
Considering All Possible Earthquakes: This framework 
includes seismic hazard curve, which quantify the annual 
probability of exceedance of different level of ground 
motions at a site form all possible earthquakes. It also 
includes the vulnerability curve, which provide estimate of 
the economic losses the structures can incur given the 
intensity of ground motions.  

For loss estimation at a site, the hazard and 
vulnerability curves are convolved to compute the so called 
loss exceedance curve, which correlates the annual 
probability of ground motions with the likely economic 
losses of structures for that ground motions. On integrating 
the loss exceedance curve, the average annual economic loss 
(AAL) can be obtained, where AAL represents the losses the 
structures can incur in a given region on annual bases from 
all possible earthquakes. Figure 1 depicts different 
components involved in the loss estimation framework 
developed for structures in Pakistan. The AAL is estimated 
as a probability distribution, considering various sources and 
procedures for hazard and vulnerability curve derivation for 
a given region.       

 
Figure 1 Probabilistic Earthquake Loss Estimation Framework, 

Major Components Involved and Typical Shape of Curves. From 
Left to Right and Top to Bottom : Seismic Hazard Curve, Structure 

Vulnerability Curve, Loss Exceedance Curve 

 
Probabilistic Earthquake Loss Estimation Framework 

for Single Event Earthquake: In some cases it is also 
important to quantify the socio-economic impacts of single 
earthquake e.g. historical events, for general awareness and 
retrofit prioritization to mitigate the risk. Single event loss 
estimation is also essential in real and near-real time for 
prompt response to areas with high damage potential for 
rescue prioritization and planning to reduce the disaster risk. 

This framework includes the simulation of ground 
motions for the event, considering possible uncertainties in 
the ground motions. The framework also include structure 
vulnerability curve and fragility functions, where fragility 
functions define the probability of exceedance of specified 
level of physical damages in structures. Fragility functions 
can help develop damage scenario, generate damage maps, 

provide estimate of casualties. Figure 2 depict components 
involved in the single event loss estimation framework with 
possible outputs for policy- and decision -making.     

 
Figure 2 Probabilistic Earthquake Loss Estimation Framework for 
Single Earthquake and Possible Outputs. From Left to Right and 

Top to Bottom : Scenario Ground Motions, Structure Vulnerability 
Curve and Fragility Functions, Damage Map and the Associated 

Uncertainty, Distribution of Losses 
 
2.2  Components of Earthquake Loss Estimation 

Framework 
Seismic Hazard Curve: The seismic hazard curve for a 

site requires the frequency estimate of site ground motions 
i.e. the rate at which a target ground motion level is 
exceeded on annual bases. Thus the objective of hazard 
analysis within the context of probabilistic earthquake loss 
estimation is to calculate the rate of potential ground motion 
levels from all possible future earthquakes. Seismic hazard 
curve is generally obtained for a given site using the 
probabilistic seismic hazard analysis (PSHA) procedure as 
outlined by Reiter (1990). The PSHA procedure adopted in 
the present study will be elaborated in the following related 
section.  

Structural Vulnerability Curve: The vulnerability curves 
are derived by combining the structural fragility functions 
with the consequence factor (the cost of damage repair, as a 
fraction of structure replacement cost, to bring the structure 
to normal condition). For a specified ground motion the 
damage statistics of structures (the percentage of structures 
with different damage levels) is retrieved from the fragility 
functions which is convolved with consequence factor and 
integrated over the damage levels to calculate the 
corresponding MDR and help derive vulnerability curve for 
the structure class, see Figure 3 for graphical description. 

Structural Fragility Functions: Fragility functions 
represents the probability of exceeding a given degree of 
damage of structures for a specified ground motion levels 
and thus represents the conditional exceedance probability of 
damage. Structural fragility functions can be obtained either 
through statistical analysis of observed earthquakes, expert 
opinion based on observed structural response (experiments 
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and/or earthquakes observations) and experimental 
investigation of structures (empirical), or analytical analysis, 
or a hybrid procedure which combines analytical with that of 
empirical procedure (Calvi et al. 2006). The present study 
considered two analytical probabilistic methodologies to 
derive fragility functions for structures in Pakistan. The 
following sections briefly present the methodologies and the 
parameters to derive fragility functions for application.    

 
Figure 3 Graphical Description of Vulnerability Curves Derivation 

from Structure Fragility Functions. From Top to Bottom and 
Anti-Clock Wise: Structure Fragility Functions, Damage Statistics 
for a Specified Ground Motion, Economic Consequence Factor 

(from FEMA 2003 and Bal et al. 2010), and Vulnerability Curves 
 

3.  FRAGILITY FUNCTIONS FOR STRUCTRUES 
IN PAKISTAN 

 
3.1  Structures Classification  

On National scale the construction typologies in 
Pakistan is primarily based on the type of material used in 
the construction of walls, floors and roof, and the overall 
construction quality of a structure typology. This include the 
building units e.g. the type of masonry units, structural 
elements like wood/timber or concrete frame, binding 
material in construction of walls e.g. cement mortar, mud 
mortar, material constituent used in the construction of 
floors/roof e.g. reinforced concrete floors, reinforced 
concrete-brick floors, wooden logs provided with straw and 
heavy mud flooring, roof trusses of wood or steel. 

The structures in Pakistan can be broadly classified in 
the three groups: masonry, timber and concrete structures. 
Masonry structures may be further classified in different 
categories (11 classes) depending on the type of masonry 
unit used in construction, floor/roofing (based on type e.g. 
wood/rc and weight) and presence of any seismic resistance 
features e.g. horizontal band beams at roof level, lintel level, 
plinth level, etc. Concrete structures are classified into two 
major groups; concrete bare frame structures with/without 
masonry infill. Timber structure are classified into two 
groups; wooden structures with light roofing and braced 
wooden frame system e.g. Dhajji structures, and wooden 

structures of heavy roofing with poorly detailed timber 
frames. Thus a total of 15 classes of structures are 
considered for fragility functions derivation, as given in 
Table 1. 

Table 1 Structure Typology Matrix Considered in The Present Study 

 
Following the behavior of the considered structures and 

their likely mechanism during moderate and strong ground 
shaking in past earthquakes (Ahmad 2011, Ali 2007, Javed 
et al 2006, Naseer et al 2010, UN-HABITAT 2008), 10 of 
the classes (1,2,4,5,7,9,10,12,13,14) are considered with 
in-plane response of structures and 5 of the classes 
(3,6,8,11,15) are considered with out-of-plane response of 
walls subjected to ground shaking.  

 
3.2  Structures Assessment Methods 

Probabilistic Displacement-Based Earthquake Loss 
Assessment Methodology (DBELA): The study included the 
DBELA methodology developed by Crowley et al. (2004, 
2006) for fragility functions derivation. The method is 
calibrated with the regional-specific material properties and 
the likely structures response to ground shaking. Further 
details on the method for the derivation of fragility functions 
for both in-plane response and out-of-plane response of 
structures can be viewed in the available literature (Ahmad 
2011, Ahmad et al 2010a, Crowley et al 2011a, 2011b).  

Probabilistic Nonlinear Dynamic Reliability Based 
Method for Fragility Functions Derivation (NDRM): The 
study included also a dynamic reliability-based method 
which uses the incremental dynamic analysis (IDA) 
technique for structural analysis (Vamvatsikos and Cornell 
2002) and the classical First-Order-Reliability-Method 
FORM approximation (Der Kiureghian 2005, Pinto et al. 
2004) whereby the ground motions with different probability 
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of target damage exceedance are quantified in order to 
derive structural fragility functions. Further details on the 
method is given in Ahmad (2011).   

 
3.3  Fragility Functions for Case Study Structures 

The two methods (DBELA and NDRM) are calibrated 
for assessment of case study structures. This includes the 
experimental investigation (laboratory testing of structural 
elements and structures at the Earthquake Engineering 
Center of Peshawar) and numerical investigation (nonlinear 
static and dynamic time history analysis NLTHA of 
structural models) of representative materials and structures.  

The scope of the analyses is to develop displacement 
capacity model (obtained through experimental and 
numerical analyses), viscous damping model (obtained 
through experimental analysis) and secant period model 
(obtained through numerical analysis) for structures which 
are essential for the derivation of fragility functions using the 
DBELA methodology. The NDRM requires the 
development of mathematical framework for NLTHA of 
structural models. Table 2 reports the input parameters for 
fragility functions of the case study structures. Further 
details on the mathematical modelling and NLTHA of case 
study structures is given in Ahmad et al. (2010b, 2010c) and 
Ahmad et al. (2011a, 2011b).  

  
Table 2 Input Parameters for Scalar-Based (Elastic Spectral 

Acceleration at 0.30sec SA(0.30sec,5%)) Fragility Functions, 
Lognormal Distribution, Derived Using Static (DBELA) and 

Dynamic (NDRM) Procedures. DS1 Represents Slight Damage; 
DS2 Represents Moderate Damage; DS3 Represents Heavy 

Damage; DS4 Represents Collapse 

 
 
 
 

3.4  Test, Validation and Calibration of The Fragility 
Functions 

The derived structures fragility functions are tested 
against the real damage observations during the recent 
earthquakes in Pakistan. It included the recent 2005 Kashmir 
earthquake and the 2008 Balochistan earthquake. The scope 
of this test is to check the efficiency of the two methods and 
the derived fragility functions in damage prediction 
structure-by-structure class and per administrative units 
(District Level) for the damaged structure types in the 
earthquake affected region and carry out possible 
modification (adjustment), if necessary, to the basic fragility 
functions derived herein. This included the development of 
damage scenario for the case study structures within the 
earthquake damaged area. 

Description of Case Study Earthquakes: The Kashmir 
earthquake had moment magnitude of 7.6 located at Latitude 
34.49N and Longitude 73.63E, approximately 19 km north 
east of Muzaffarabad city of Azad Jammu Kashmir. The 
earthquake damaged more than 780,000 buildings were 
either destroyed or damaged beyond repair and more 
rendered unusable that needed demolishment and 
replacement (EERI 2005). The destruction was observed 
mainly over an area of 30,000 sq-km within rupture distance 
of about 10 km to 40 km. The Balochistan earthquake had 
moment magnitude of 6.4 located at Latitude 30.65N and 
Longitude 67.32E. This earthquake affected wide area where 
about 800 structures were collapsed, 5000 were heavily 
damaged, 2500 were moderately damaged and 2500 were 
minor damaged (UN-HABITAT 2008). 

Earthquake Damage Statistics and Definition of 
Exposure: Information on the damaged statistics of 
structures is obtained from the available literature; Ali 
(2007) for Kashmir earthquake and UN-HABITAT (2008) 
for Balochistan earthquake, which are considered as a 
reference for the comparison. For Kashmir earthquake 
various Districts affected are considered while for 
Balochistan earthquake only three Districts mainly Harnai 
(23.42 km from source), Pishin (16.65 km from source) and 
Ziarat (28.96 km from source), are considered due to the 
obvious reasons of the availability of data on the damage 
statistics of structures. For Kashmir earthquake, the exposure 
of the affected building stock are obtained from Ali (2007); 
including 40% stone masonry (80% rural and 20% urban), 
30% block masonry (100% urban), 20% brick masonry 
(100% urban) and 5% concrete structures (100% urban). 
These structure types were affected within about 10 to 40 
km of earthquake source, which include the major affected 
Districts nearby. For Balochistan earthquake the damage 
statistics is provided in terms of the percentage of damaged 
structures per District which primarily comprised of adobe 
masonry structures.   

Simulation of Ground Motions: Detailed and reliable 
data is not available on the actual observed ground motions 
in the nearby areas with their exposed structures. Thus, the 
ground motions for these earthquakes are simulated using 
empirical ground motion prediction equation (GMPE) of 
Boore and Atkinson (2008). The ground motions are 
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computed for type D NEHRP soil class with shear wave 
velocity Vs30 of 250m/sec, considering the total uncertainties 
in ground motion estimation. The ground motion is 
computed within 10 to 40 km for Kashmir earthquake where 
the exposed case study structures are considered distributed 
uniformly. For Balochistan earthquake the ground motion is 
simulated at the geometric center of each District where the 
exposure is lumped for assessment. 

Fragility Functions for Damage and Collapse 
Assessment: For Kashmir earthquake, the global fragility 
functions of both floor types i.e. rc/wooden floor, for 
masonry, and lateral resisting system type (with/without 
masonry infill) for concrete structures are considered with 
weighting the estimated damage probability equally i.e. 0.50 
factor is assigned to each fragility functions in order to 
obtain the total probability for a given structure type. The 
out-of-plane fragility functions are considered for rural 
rubble stone masonry structures collapse assessment only. 
For Balochistan earthquake, as mentioned earlier that it 
primarily include adobe masonry structures with relatively 
few structures of other material and construction type e.g. 
brick masonry, confined masonry, etc. Thus, only global 
fragility functions of adobe masonry structures are 
considered. 

Damage Scenario Comparison: Figure 4, Figure 5 and 
Figure 6 reports the comparison of the estimated damage 
scenarios with the observation in the earthquakes.  
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Figure 4 Simulation of Structure Wise Damage Scenario for 2005 
Kashmir Earthquake. Mean Estimate Using DBELA-Based and 
NDRM-Based Fragility Functions (Original and Adjusted) and 

Comparison with the Observed Damaged and Collapsed Structures.  

 
Figure 5 Simulation of District/Structure Wise Damage Scenario for 
2008 Balochistan Earthquake: Observed Damaged and Collapsed 

Structures and Mean Estimated Using DBELA-Based and 
NDRM-Based Fragility Functions for Adobe Masonry Structures 

 

Figure 6 Simulation of District Wise Damage Scenario for 2005 
Kashmir Earthquake. From Top to Bottom and Left to Right: 

Observed Damaged and Collapsed Structures, after ERRA (2006a) 
(Top) and Mean Estimated Using DBELA-Based and 

NDRM-Based Global Weighted Fragility Functions (Bottom).  
 
For both the earthquakes, the two methods provide 

satisfactory estimate for the damaged and collapsed 
structures in most cases. The estimate of collapse for rubble 
masonry structures is relatively poor whereby the 
out-of-plane fragility function is systematically adjusted 
(reducing the ultimate displacement capacity) to provide 
reasonable estimate. The DBELA-based fragility functions 
provide relatively lower estimate of the damages for 
concrete structures, which are adjusted thereof. For District 
wise comparison in case of Kashmir earthquake, the fragility 
functions are weighted according to the structure type 
contribution while the information on the building stock is 
obtained from PCO (2010) for 1998 Census projected to 
year 2005. For Balochistan earthquake the methods provide 
somewhat similar estimate where the DBELA-based 
fragility functions provide relatively higher estimate 
(Positively). Overall the two methods (DBELA and NDRM) 
seems to be comparative for simulation of damage scenarios.        

 
4.  EARTHQUAKE LOSS ESTIMATION AT 

NATIONAL SCALE 
 
4.1  Definition of Exposure 

The region under consideration consists of about 
hundred and ten administrative units, including eight 
Districts from the Azad Jammu and Kashmir (Figure 7), 
where each District consists of about a million, less or more 
population. Information on the building stock in each 
District is obtained from PCO (2010) and GAJK (2010) for 
the 1998 census essentially projected approximately to the 
end of 2011 year. For hazard and loss estimation the 
exposure is located at the geometric center of the 
administrative units, which although represents a very crude 
geographical resolution of urban exposure, can provide 
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reasonable estimate of mean damage ratio (MDR) estimate 
however may with higher estimate of uncertainties (Bal et al., 
2010).    

 
Figure 7 Definition of Exposure for National Scale Assessment: 
District Wise Exposure of Pakistan (Projected to Year 2011 From 

The 1998 Census) 
 

4.2  Seismic Hazard Analysis of The Entire Country 
The representation of ground motions and their severity 

at the site for all possible earthquakes is carried out through 
the use of a classical probabilistic approach formulated by 
Cornell (1968). Although many features have since been 
added to the general framework of PSHA but the underlying 
procedure and concept remains the same.  

The present study adopted the standard PSHA 
framework as outlined by Reiter (1990) where the hazard 
curve per District is derived using the hazard formulation of 
Bazzurro and Cornell (1999). The basic formulation is 
recently decomposed by Bommer and Stafford (2009) and 
which is approximated (after Stafford, 2007) herein for the 
numerical computation of the annual rate of exceedance 
ARE of specified ground motions, as given:     
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where λ(gm) represents the total ARE of specified 
ground motion gm from all sources; νi represents the total 
number of earthquakes, great than a minimum specified 
magnitude Mmin, per year for a given seismic source; 
P(M=mj) represents the probability of a specified magnitude 
m, obtained using magnitude-frequency relationship for a 
given source; P(R=rk) represents the probability of each 
specified rupture location (hypocenter) over the source, 
resulting in a corresponding source-to-site distance r; ε 
represents the epsilon of standard normal distribution, 
estimate the deviation of specified ground motion gm from 
the median estimate µ using the standard deviation σ of 
ground motion variability for a specified ground motion 
intensity. The median estimate and ground motion variability 
both are defined using GMPEs.  

The present study considered the seismicity model i.e. 
definition of seismic sources and temporal distribution of 
earthquakes (magnitude-frequency relationship, recurrence 

law), developed by PMD (2007) and GSHAP (Giardini et al., 
1999) for area seismic sources in Pakistan. Three GMPE’s 
(Abrahamson and Silva 2008, Boore and Atkinson 2008, 
Campbell and Bozorgnia 2008) developed under the PEER 
NGA Project are considered for the estimation of ground 
motions over stiff soil type D of NEHRP soil classification 
with shear wave velocity Vs30 of 250 m/sec. For earthquake 
loss estimation the hazard is expressed in terms of the 
probability of exceedance of ground motions. Thus, ARE of 
ground motions obtained for each District is converted to the 
exceedance probability of corresponding ground motions 
using the Poisson Model:      

      [ ] ( )tAREe1 ×−−=≥ 1NP  (2) 

where P[..] represents the probability exceedance of 
ground motions for a specified target time t, where t is 
considered unity for the estimation of annual average losses 
from all possible earthquakes. The Poisson model considers 
the earthquakes in time as a Possonian process, random 
occurrence with no memory of past earthquakes where ARE 
of an earthquake is not affected by the occurrence of similar 
earthquake in the past. Nevertheless, it has provided a very 
useful mean of converting ARE to exceedance probability 
PE and reasonably useful for the most practical seismic risk 
analysis studies (Cornell and Winterstein, 1986). Figure 8 
reports the derived hazard curves for the case study 110 
Districts in Pakistan.   

   

   
Figure 8 Hazard Curve Derived Through PSHA. From Top to 

Bottom: Mean Hazard Curves for Two Candidate Districts (in terms 
of ARE and PE of Specified Ground Motions) and The Whole 110 

Districts using The Seismicity Model of GSHAP and PMD 
 

4.3  Derivation of District Wise Vulnerability Curves 
The economic losses the structures can incur subjected 

to ground shaking is estimated using the structures 
vulnerability curves, MDR correlated with the ground 
motion intensity. The convolution of MDR for a given 
structure class with the total number of structures and the 
replacement cost of an individual structure of that class 
provide an estimate of the mean absolute economic losses 
the group of structures can incur subjected to earthquake. 
The economic losses in a given region (say District) can be 
integrated over all structure classes to provide estimate of 
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mean total economic losses in a given District. 
Every District predominantly consists of different 

building typologies e.g. adobe masonry, brick masonry, 
block masonry, stone masonry and timber structures. 
Vulnerability curves are derived for each material type 
structures where finally a single vulnerability curve is 
assigned to each District probability weighted by the 
structure type contribution. A single curve per District is 
employed in the framework primarily for the simplicity 
reason and due to the fact that it reduces the computational 
effort by one-fifth, giving the same results as obtained using 
class-by-class vulnerability curves.     

In the present study the exposure data on each building 
types at Tehsil level (Sub-District) is obtained from 
Maqsood and Schwarz (2008) and ERRA (2006b) which is 
used to define structure wise exposure for each District. 
Each vulnerability curve is associated with the 
corresponding uncertainties arising due to the use of 
different methodology for fragility functions derivation and 
the economic consequence factor. The present study used the 
consequence factor proposed by FEMA (2003) and Bal et al., 
(2010). Figure 9 reports the Mean vulnerability curves 
derived for each case study District in Pakistan, where each 
methodology (DBELA and NDRM) and consequence 
factors are assigned equal weights.       

  
Figure 9 Derived Mean Vulnerability Curves Correlated with 

Elastic 5% Damped Spectral Acceleration at 0.30sec. From Left to 
Right: Weighted Curve for each 110 Districts and Two Candidate 

Districts with Relatively Less (Muzaffarabad, Post-2005 Structures) 
and High Vulnerability (Pishin, Existing Structures)  

 
4.4  Estimation of Average Annual Loss (AAL) 

The economic losses the structures can incur over the 
design life from all possible earthquakes in a given region is 
quantified on annual bases. The annual economic losses in a 
given region (say District) can be integrated over all 
structure classes to provide estimate of average annual loss 
AAL. The AAL represents the annual specified amount 
needed to be arranged in order to be ready to pay for the 
repair and reconstruction of structures in a given region 
following any earthquake event. The District wise AAL 
integrated over the whole Districts provide estimate of AAL 
in the country.  

The annual economic losses from all possible 
earthquakes at a site is computed by deriving loss 
exceedance curve per District which is integrated to estimate 
the AAL. The present study used the Simpson’s rule 
formulated for numerical integration to estimate AAL per 
District, after Crowley et al (2009):     
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where PE represents the annual probability of 
exceedance of specified ground motion from all sources; 
MDR represents the repair to replacement cost exceedance 
for the specified ground motion; Nj represents the total 
number of structures of a given class; Cj represents the 
average cost of individual structure of a given class; f 
represents a correction factor, which is 1.0 in case of FEMA 
consequence factor and 1.05 in case of Bal et al consequence 
factor.  

The f factor is required in the later model due to the fact 
that the vulnerability curve derived from fragility functions 
is normalized by 1.05 factor in order to perform fitting to the 
derived curve using standard lognormal cumulative 
distribution function. In this case, the repair cost ratio for the 
collapse is also considered as 1.05 instead of 1.04 originally 
proposed. Each District in Pakistan consists of two 
construction types (besides the construction material) which 
include Kacha and Pacca constructions (PCO, 2010). The 
present study considered average replacement cost of 2820 
USD for Kacha construction and 7210 USD for Pacca 
construction. Figure 10 reports the mean AAL per District in 
Pakistan and the cumulative distribution of AAL at National 
level. Each component involved in the process is assigned 
with equal weights to estimate AAL.        

 

 
Figure 10 Estimated AAL. From Top to Bottom: Mean Average 

Annual Loss AAL (in Millions USD) at District Level and 
Distribution of Total AAL on National Levels  

 
Considering the two seismicity models, two 

vulnerability methods, three GMPEs, results in median 
estimate of AAL of about 603 millions USD with 
logarithmic standard deviation β of 0.81 for the whole 
country. The government should arrange every year a sum 
specified by AAL in order to be ready to pay for the repair 
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and reconstruction of structures following any earthquake 
event anywhere in the country, which seems significant 
losses for the country like Pakistan. 
 
5.  LOSS PREDICTION TABLES 
 
5.1  Aim and Objective 

The general loss estimation framework (Figure 2) 
require fragility functions in terms of seismic intensity 
SA(T=0.30sec, 5%) which are essential for earthquake loss 
estimation whereby the seismic intensity of ground motions 
is required to estimate losses for a given earthquake. 
However, considering the case of local government 
authorities, it will be utmost important to present the 
earthquake impacts in a convenient and easy to 
understandable form. For example as structure- independent 
and intensity-independent parameters, yet respecting  the 
fundamentals of strong ground motions that can be 
generated by the considered earthquake and structures 
fragility and vulnerability to the earthquake induced ground 
shaking. It can then much facilitate the prompt assessment of 
a given region with minimal efforts essential for the quick 
response and emergency planning soon after the earthquake.  

The best approach is to record the actual ground 
motions of earthquake, if possible, using a dense array of 
accelerographs and process the data (in real/near-real time) 
to obtain the seismic intensity required for damage scenario 
simulation using the fragility functions. For example the 
READY system for earthquake disaster management in 
Yokohama City, Japan (Midorikawa, 2005) and the 
IERREWS network for reduction of losses in disastrous 
earthquake in Istanbul Municipality, Turkey (Erdik et al., 
2010) among others. Such initiative is also essential for 
major cities in Pakistan towards earthquake disaster risk 
reduction.    
 
5.2  Earthquake Parameters for Direct Loss Estimation 

Considering the fact that the simplest and readily 
available parameters soon after the earthquake could be the 
size of the earthquake (magnitude) and location (epicenter 
and depth of hypocenter) e.g. as reported by the USGS soon 
after the earthquake.  

For this purpose large factitious earthquake scenarios 
are considered with different source–to–site distance and 
earthquake magnitude combination for loss estimation 
(distance and magnitude are divided into bins where the 
estimate are provided at the center) whereby the 
corresponding losses are presented in easy to read and usable 
tabular form. The present study thus carried out such 
analysis for the case study structures considering loss 
estimation at District level for scenario earthquakes, mainly 
structural damages, the economic losses as a percent of total 
building stock normalized by the unit cost of single structure, 
human fatalities, human injuries and number of people 
homeless. The tables are provided herein. These tables can 
be used given only the source–to–site distance and 
magnitude of earthquake event. 
 

5.3  Uncertainties in Losses 
The provided tables can be used to estimate mean 

losses for a given earthquake. Uncertainties in losses 
estimate need to be associated whereby the users can assess 
losses with different confidence level. It can help also in the 
probabilistic estimate of losses in earthquakes. Thus an 
attempt is made to correlate losses from scenario 
earthquakes with the associated uncertainties in the loss 
estimate, since it is observed that a simple relation can be 
establish in the loss estimate and uncertainties (Porter, 2010). 

Figure 11 shows such correlation for MDR with the 
uncertainties in MDR estimate. It can be observed that the 
coefficient of variation C.O.V. decreases with increasing the 
MDR, as also observed previously (Porter, 2010) which can 
be approximated using an analytical decaying equation. 
However, the corresponding normal standard deviation is 
found to firstly increase with increase in the losses, as also 
observed earlier by Porter (2010), but it is also observed in 
the present study that the normal standard deviation saturate 
when loss increase enough and decrease essentially at higher 
estimate of losses. Thus, the formulation of normal standard 
deviation requires a complex functional form rather than an 
increasing only function as proposed by Porter (2010), 
which will provide inaccurate estimate of dispersion when 
the losses increase from earthquakes. 

 

 

Figure 11 Correlation of Mean MDR with the associated 
uncertainties on MDR estimate. From left to right and top to 

bottom: coefficient of variation, normal standard deviation σ and 
logarithmic standard deviation β 

 
Alternatively, the present study also investigated the 

correlation between logarithmic standard deviation β and 
MDR for uncertainty estimation on MDR. It is observed that 
like C.O.V. the logarithmic standard deviation also shows a 
decaying behavior with increasing losses which can be 
formulated easily. The present study thus uses logarithmic 
standard deviation β for measuring uncertainties on loss 
estimate due to its decaying only behavior with increasing 
losses. Thus β is formulated, for which analytical functions 
are derived, for estimating uncertainties on the losses 
estimate for the considered region. Also, for estimating 
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losses with different level of probability exceedance, the 
following Eq. (1) can be used approximately. 

      ( )εβ0.5β
Mean

2

eLossLoss ±−=  (4) 

where Loss represents the estimate of losses; Lossmean 
represents the mean estimate as provided in the derived 
tables; β represents logarithmic standard deviation, the 
measure of uncertainties in the loss estimate; ε represents the 
number above/below median estimate e.g. ε 1.0 represents 
the 84th percentile estimate which has 16 percent chances of 
exceedance. The following analytical equations are derived 
through constraint nonlinear regression analysis for the case 
study structures for different type of loss estimate: 

      0.46
lapseDamage/Col  11.05DSβ −=  (5) 

      0.46
MDR  0.76MDRβ −=  (6) 

      0.36
Fatalities  3.35Fβ −=  (7) 

      0.36
Injuries  4.93Iβ

−=  (8) 

      0.51
Homeless  12.21Hβ −=  (9) 

where DS represents the percentage of structures 
damaged and collapsed; MDR represents the mean damage 
ratio as a fraction of the total exposed structures in the 
considered District, normalized by the net average cost of a 
single structure; F represents the percentage of human 
fatalities, as a percent of total population in a given District; I 
represents the percentage of people injured, as a percent of 
total population in a given District; H represents the 
percentage of homeless people, as a percent of total 
population in a given District. The mean estimate of losses 
are tabulated for future applications which can be obtained 
from the provided web link LPO (2011). 

 
6.  CLOSURE  
 

Summary: The paper present tools for earthquake loss 
modelling in Pakistan. It included development of 
probabilistic earthquake loss estimation framework for 
structures to quantify losses for site amplified ground 
motions, for both single earthquake events and all possible 
earthquakes expected in a given region. The framework 
require the structures fragility functions and vulnerability 
curves which are derived for the case study structures using 
state-of-the-art probabilistic analytical methodologies 
(DBELA static and NDRM dynamic). The derived fragility 
functions are tested and validated against recent observations 
in moderate earthquake (Mw 6.4 2008 Balochistan) and 
large earthquake (Mw 7.6 2005 Kashmir). Two seismicity 
models (GSHAP and PMD) are used to derive hazard curve 
per District in Pakistan using standard PSHA framework 
formulated herein. Case study application is carried out to 
estimate economic losses the structures can incur on annual 
bases in a given District (AAL) for the required repair and 
reconstruction after future expected earthquake events. 
Finally, various scenario earthquakes are considered for loss 
estimation in order to develop structure-independent and 
intensity-independent functions which are tabulated in easy 
to interpretable form for future applications for single 

earthquake loss estimation. 
Conclusions and Findings: Overall the two methods for 

structures assessment (DBELA and NDRM) are found 
comparable for damage and collapse assessment of existing 
structures. Comparison with earthquake observations shows 
that the methods provide reasonable estimate of damaged 
and collapsed structures in earthquakes 
(structure-by-structure class as well as District level 
comparisons). The observation shows that pure rigid rocking 
phenomenological model for out-of-plane collapse 
assessment of walls significantly underestimate the collapse 
of rubble masonry structures, also observed for adobe 
structures (Ahmad et al 2011c), whereas a factor of 4% 
applied to reduce the ultimate displacement capacity can 
provide reasonable estimate. The weighted global fragility 
functions can reasonably simulate earthquake damage 
scenario at District level. For AAL estimation the use of 
weighted average (National level and Provincial level) 
vulnerability curve can provide relatively less or more 
estimate compared to District wise vulnerability curve 
weighted to structure type contribution, as recommended.                
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Abstract:  In recent years, in the Peru, had the bad experience of having suffered many human and material losses due 
to the effects of natural disasters, particularly earthquakes. These effects are more frequent and mostly grow in number of 
people and affected property, this is due to the development of cities, especially in the Peruvian coast. In the Peru the 
development of cities is not in an orderly and planned way and people built their houses without following the current 
regulatory framework that ensures good structural behavior during the event of the occurrence of a severe earthquake. For 
reasons previously needed a tool that allows the identification of areas that are at high risk to take adequate measures to 
prevent and mitigate the effects of a severe earthquake. This study presents a system automated on a GIS platform, which 
allows to know the likely effects of an earthquake in an urban area, taking as a basis the Geotechnical information place, 
urban cadastre and creating a numerical model of seismic response for different building types commonly used in 
Peruvian territory. This tool will be granted to government entities as a consultation and generation of information base 
for their development plans. 

 
 

1. INTRODUCTION 

In the past years we have suffered great earthquakes in 
Peru that have brought high damage in urban areas causing 
not only material damage but also human loss. To make a 
recount in 1996, 2001 and 2007 the southern part of Peru 
have suffered from the consequences of earthquakes with 
magnitude near or greater than Mw = 7.5 that have 
devastated a large area of many populated areas. 

Since these recent seismic activities Peruvians have 
acquired awareness about the importance of prevention 
activities specially regarding on building earthquake 
resistance. 

All these reasons make the necessity to develop a 
practical tool to identify the vulnerable urban areas due to 
effects of a big earthquake. This tool is based in three 
aspects: Seismicity of the area, soil conditions and structural 
characteristics of the buildings. 

The digital environment for the development is the 
ArcGIS v10.0, suite in which it is possible to develop 
customized applications for any kind of geospatial 
information. The language that have been used to develop 

the tools if Python. 
In this work it has been developed a tool to evaluate 

basically two things: The number of ruptures in a water 
distribution network and the replacement cost of the building 
in terms of percentage of the total cost of the building state 
before the earthquake. 

2. REQUIRED DATA 

As mentioned before the developed tool is based in soil 
conditions and structural characteristics of the buildings and 
construction material for pipes. 

2.1. Soil conditions 
The soil conditions are classified according to the 

Technical Standard E 03 for Earthquake Resistant Design, 
where the Peruvian territory is divided in three seismic zones, 
and a Zone Factor can be obtained.  Then it is required a 
geothecnical study, where the soil is classified in four types 
according to their competence to resist loads and dynamic 
behavior in an occurrence of an earthquake.  The soil 
factors for each type of soil are shown in Table 1: 
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Table 1. Soil amplification factors (Peruvian National Code) 

Soil Type Description Amp. Factor 
S1 Rocks 1.0 
S2 Intermediate 1.2 
S3 Soft soil 1.4 
S4 Special case To be determined 
 

For soil Type S4 it is necessary a better study to 
determine accurately the amplification factor.  For example 
this is the case of refilled soils.  Other parameters related 
with the soils conditions is the seismic amplification factor, 
that relates the soil period and the structure period, this value 
is equal or less than 2.5.  To apply these soil factors, first it 
must be calculated the acceleration on the rock by making a 
seismic hazard assessment of the area under study and then 
apply these amplification factors to obtain the acceleration in 
the base of the building. 

2.2. Building characteristics 
To analyze the building seismic response it is necessary 

to know few physical parameters of them and put them in a 
geo-database.  The geo-database is a compilation of two 
groups of information.  On one side, the cartographic 
information, it means the location, size and shape of the lots, 
and the other one is the database where it is kept the 
descriptive data of each building. 

The descriptive geo-database that contains the 
information on the lots is based on the cadastral information 
shown in Table 2: 

Table 2. Building related database. 

Field Value Description 

Use 

0 
1 
2 
3 
4 

Empty 
Individual House 
Multifamily House 
Commerce 
Public buildings (School, Hospital, 
Police) 

Material 

0 
1 
2 
3 
4 

Empty 
Adobe or quincha 
Masonry 
Reinforced concrete 
Others 

Conservation 

0 
1 
2 
3 
4 

Empty 
Good 
Regular 
Bad 
Very bad 

Height Number Number of stories 
 

If the cadastral information is not available, it is 
necessary to make a field survey.  This field survey can be 
made at different levels: a) Lot level, each lot is investigated 
and its data fills one registry in the data base. b) Block level, 
the data is only one registry per block, it means that only one 
building in the block is evaluated, this is the representative 
lot.  The criteria to select the representative lot depends on 
repetition of the values shown in Table 2, for example if in 
one block there are building of one, two or three stories, and 
the majority of buildings have 2 stories then this is the value 

that is considered as the representative. c) Sector level, if the 
resources to make a field survey are very limited, then it is 
taken a sample data from the total population.  This 
procedure is very valid since the people from the same social 
and economic class build their houses almost as the same 
way, the properties of these building can be generally 
represented for one model and the value assignation is the 
same as for blocks. 

To evaluate the damage in the buildings fragility curves 
were developed based on data that was obtained from the 
study made at CISMID with the following procedure: 

a) Calculate the natural period of the building by 
means of Eq. (1) and Eq.(2) 
0.07 1 0.75 /981  (1) 
2 /  (2) 

Where: 
 Period 
 Height of the building 

 Base acceleration 
 Frequency 

 
b) Calculate the distortion of the building 

1.75 0.75 / ^2 	/  (3) 
: 

Distortion of the building 
Ductility of the building (2.5 in case of 

masonry) 
 
c) Calculate the damage ratio based on the distortion 
This distortion of the building can be related with the 

level of damage by means an empirical curve.  This 
empirical curve has been developed by analyzing the 
seismic response of different masonry buildings in Lima city, 
by carrying out a numerical simulation and obtaining 
different level of damage.  Finally, these values are 
averaged to obtain a regression curve that relates these two 
parameters: Damage vs. Distortion, shown in Figure 1. 

From this empirical curve a regression line is calculated 
and it is obtained the relationship between distortion and 
level of damage that is shown in Eq. (4) 

 
13287 204.61 0.0014 (4) 

Where: 
 Level of damage 

 

 
Figure 1. Empirical relationship between Distortion and 

Damage level, for masonry building at Lima City. 
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2.3. Water Network characteristics 
In case of the water network system, also it is necessary 

to know the location of the pipes to be intersected with the 
soil conditions and two descriptive parameters: The diameter 
and the material of the pipe. 

The damage parameter that is evaluated in case of water 
distribution pipes is the number of breaks per kilometer of 
pipe.  Some studies have investigated that the number of 
breaks is related with the velocity of wave propagation 
during an earthquake, therefore it is necessary to convert the 
soil acceleration into velocity.  From the studies made at 
CISMID (2010) a relationship between acceleration and 
velocity has been obtained for Lima soils.  This 
relationship is shown in Eq. (5) 

11.504 .  (5) 

 Where: 
  Soil velocity 
  Soil acceleration 
 
The number of breaks per kilometer in case of 

asbestos-cement or PVC is shown in Eq. (6): 
 

0.0000005 0.0002 0.0029  (6) 
 Where: 
  Number of breaks per kilometer of pipe 
  Soil velocity 

 
 
3. TOOL DEVELOPMENT 

The goal of this informatics tool is to systematize all the 
information related with soils, buildings and water pipes to 
prepare thematic maps that can be used for making decision 
people as a tool for disaster prevention and mitigation plans. 

The systematization is developed in a geographic 
information system platform as a customized application by 
programming by using Python language.  To develop this 
system was necessary to follow the flowchart shown in 
Figure 2 to verify the data consistency and to pass to 
elaborate the suitable program. 

The steps to develop the tool are: 
a) Requirement definitions: In this step all the 

necessary information is verify if exist or not.  If 
the data does not exist then it is necessary to create 
it, by conducting field survey or bibliographic 
search.  As was mentioned before the level of 
detail depends not only on the existence of the data 
but also on the budget to get it. 

b) Data search and analysis: In this step the acquired 
data is verified, quality, quantity and possibility of 
use is confirmed.  If some data is missing a field 
survey is conducted to fill out the missing 
information. 

c) Building and water pipe models: With the formulas 
and equations shown above the assessment 
damage models are developed.  The results are 
compared with the previous results and if there is 
any correction it is made to accomplish the 

determined accuracy. 
d) Development of GUI: The Graphical User 

Interface is developed to interactively select and 
enter the data to the system.  In this section dialog 
windows are develop to select soil, building and 
water pipe files.  The files must be in SHaPe 
format, to be compatible with the system.  Also 
all shape files must be in a same geographic 
projection to carry out the intersection process 
between layers.  This requirement must be 
verified before the shape files are used. 

e) Application: After the data is verified and 
calibration process was done the tools is applied to 
real data to obtain the thematic maps, where 
different presentations are possible to obtain.  
These thematic maps will allow to the users to 
make statistical analysis. 

 
Figure 2. Flowchart to develop the informatics tool. 

 
4. APPLICATION 

As mentioned before, the application is developed by 
programming in Python language within the platform of the 
commercial software ArcGIS.  The version that must be 
used to run the application is v10.0 or later with service pack 
3 installed.  The modules used in Python are Arcpy and 
Math to call routines and functions that are already written 
and developed to be used in ArcGIS platform. 

It is important that all the information and programs 
must be in a common directory as shown in Figure 3. 

  

Figure 3. Location of Data (Origen) Output Folder 
(Procesamiento) and Programs (Programas) 
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Once within the ArcMap platform this directory must 
be connected to access the data and programs as shown in 
Figure 4. 

 
 

Figure 4. Access to working directory. 
 
Application to Tacna City 

As an example the system is applied to Tacna city in 
southern Peru.  It was applied here since there were the 
necessary to data: geotechnical, buildings and water pipe. 
 

  

 
Figure 5. Integrated data: buildings, water pipes and 

geotechnical. 
With this data the program is run and finally it gives the 

thematic maps with the level of damage in buildings and 
water pipes.  Figure 6 shows the thematic map of level of 
damage for buildings in Tacna city. 
 
 
5. CONCLUSIONS 
- An automatic tool to evaluate the building and water 

pipe damage has been developed. 
- To carry out the damage assessment procedure 

geotechnical, cadastral and pipe information is 

necessary.  However, the building information could 
be in different area sizes: Lot, Block or Zone, 
depending the quantity or quality of the data. 

- The tools can be applied to cities with similar building, 
pipe and soil conditions similar to Lima city. 

- To obtain empirical relationships between acceleration 
and level of damage, it has processed a wide variety of 
cases, so the application is well calibrated for this type 
of buildings and soils. 

- Regarding the analysis for water pipe some additional 
curves may be develop, to cover the variety of pipe 
materials and diameters, but this tools can give a good 
figure about the possible damage in case an severe 
earthquake. 

- Statistical information can be obtained from the final 
thematic maps and can be used to make prevention and 
mitigation plans. 

 
Figure 6. Integrated data: buildings, water pipes and 

geotechnical. 
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Abstract:  With recent advancements of construction technology, large complex structures are being constructed. Also 
existing important structures became older, there are growing concerns about their increasing vulnerability to earthquake. 
In seismic structural design, usually simplified analysis such as spring-mass model or 2-D cross-section analyses are used. 
However, because seismic responses of such structures are complicated, it is difficult to accurately estimate their 
responses by simplified analyses. A 3-D finite element analysis with fine resolution is a candidate for more accurate 
estimations. However, it leads a huge amount of computation cost. Speed-up and stabilization of finite element solver are 
the key factor in realization of 3-D finite element analysis which can contribute actual seismic designs.  In this study, we 
develop a structural seismic analysis method with high accuracy and high resolution for large complex structures based 
on 3-D dynamic finite element analysis method. In order to reduce computation costs, we use a high performance 
computing technique (an iterative solver with variable pre-conditioner, mixed precision and GPU). We present seismic 
structural responses of large-scale underground high way junction as application examples to demonstrate the usefulness 
of our method. 

 
 
1. INTRODUCTION 

 

With recent advancements of construction technology, 

large complex structures are being constructed. Also existing 

important structures became older, there are growing 

concerns about their increasing vulnerability to earthquake. 

A small damage of such structures might cause big impacts 

on social activities, because it is used by numerous residents 

and industries. Since their functions must be maintained 

after earthquakes, their high seismic resistances should be 

required. More accurate estimation of its seismic responses 

is necessary for the purpose of design and risk mitigation. 

In seismic design of underground structure, usually 

simplified analysis such as spring-mass model or 2-D 

cross-section analyses are used. However, because seismic 

responses of large and complex shaped structures in 

underground are complicated, it is difficult to accurately 

estimate their responses by simplified analyses. A 3-D finite 

element analysis is a candidate for such estimation.  

With a recent advancement of high performance 

computing, there are several researches using large-scale 

3-D dynamic finite element analyses (Dobashi et al. 2008, 

Ohbo et al. 2004, Yamada et al. 2004 and Ono et al. 2005). 

These researches point out differences between results from 

finite element analysis and simplified analysis, and indicate 

necessity of large-scale 3-D finite element analysis for 

seismic design. However, the resolution of finite element 

models used in these researches are still not enough fine for 

actual seismic structure designs. The use of finite element 

model with finer resolution leads a huge amount of 

computation cost and makes it difficult to implement seismic 

response analysis based on 3-D dynamic finite element 

method in the current computer environment. 

A large scale parallel computation using several 

computation nodes is one of the candidates to accelerate 

calculation. In this research, we discuss acceleration of 

computation on single node to prepare for high performance 

parallel computation on several nodes. Since it is difficult to 

use parallel computation environment in actual seismic 

design at this moment, speed-up of computation on single 

node is also important for popularization of large scale finite 

element analysis to actual seismic design. 

Based on the above, in this research, we improve our 

existing 3-D finite element analysis program to reduce 

computation cost of large-scale problems. We use an 

iterative solver with variable pre-conditioner to accelerate 

analysis and reduce memory usage. Furthermore, we use 

GPU (Graphic Processing Unit) for the further acceleration 

of computation. 
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2. METHODOLOGY 

 

2.1 Original Code 

Firstly, we explain our original code, which is used in 

the research by Dobashi et al. 2008. The equation (1) is 

discretized governing equation of 3-D linear elastic body by 

finite element method and Newmark- method.  
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Where K is the stiffness matrix; M is the mass matrix; C is 

the Rayleigh damping matrix; t is the size of a time step; u 

is the nodal displacement vector; v is the nodal velocity 

vector; a is the nodal acceleration vector. The superscript n 

means n-th time step. In dynamic finite element method, we 

solve matrix equation (1), whose solution vector is u
n+1

 at 

every time step. Speed-up of solving matrix equation is 

important for speed-up of whole analysis, since this is the 

most time consuming part of whole analysis procedure. In 

the original program, conjugate gradient (CG) method is 

used for solver of matrix equation. Since memory usage of 

CG method is less than direct methods, for large-scale 

problem, usually CG method is used. A preconditioner in 

CG method can reduces the calculation time, since a 

preconditioner improves characteristics of matrix equation. 

In the original program, the Jacobi preconditioner is used. 

Matrix-vector multiplication is the primary operation in the 

CG solver, since it is the most consuming operation from the 

view point of computation time and resource. In the original 

program, element by element method is used for 

matrix-vector multiplication. In element by element method, 

there is no need to store the entire coefficient matrix of 

equation (1). As a result, large-scale problem can be solved 

since required memory is drastically reduced, although 

computation time increases a little. 

 

2.2  Acceleration  

Firstly, the original code is parallelized by OpenMP, 

since the target of this research is acceleration on single node. 

To achieve high parallelization efficiency, we arranged data 

structure with a domain decomposition manner to avoid 

memory contention.  

Next, the solver with a variable preconditioner is 

implemented, which use the inner loop for preconditionner 

and the outer loop for reduction of error vector. Although 

both loops are CG method, only inner CG loop is computed 

with single precision and its matrix is stored in compressed 

row storage format, since the high accuracy in inner loop is 

not required and single precision computation needs less 

cost compared with double precision computation.  

Finally, we implement GPU (graphic processing unit) 

computation to inner loop of the above algorithm. GPU was 

developed for image processing mainly. Recently, its high 

computation performance attracts attentions and effective 

utilizations  in  science and  technology  field are  expected. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1  Analysis model – bird’s-eye view 

 

 

Table 1  Material properties 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

GPU can accelerate computation by high parallelism and 

high contiguous memory access. In addition, in order to 

increase the visibility and portability of codes, libraries are 

provided by NVIDIA which is the manufacturer of GPU. 

These libraries demonstrate the high performance of 

computation, since they are sufficiently tuned considering 

the characteristic of GPU (Kubota and Takahashi 2010). In 

this research, we use CUSPARSE and CUBLAS libraries 

(NVIDIA 2010 and NVIDIA 2008). So far, it is said that 

finite element method is unsuitable for GPU computation, 

since the coefficient matrix is sparse matrix. It is difficult to 

implement matrix-vector multiplication with contiguous 

memory access in sparse matrix. However, many researches 

and development of libraries on sparse matrix operation are 

investigated in recent years (Bell and Garland 2008 and 

Dziekonski et al. 2011). They enabled us to implement fast 

computation of sparse matrix and vector multiplication.  

 

 

3.  NUMERICAL EXPERIMENT 

 

3.1  Problem Setting 

To check the performance of our codes, we conduct 

numerical experiment. Target model is the underground 

highway 'YAMATE' tunnel which is currently under 

construction in Tokyo (Fig.1). The surrounding soil is 

z
xy

100m

Shear wave Poisson's Damping

velocity ratio constant

(kg/m
3
) (m/s) (-) (-)

1st ground layer 1500 60 0.45 0.25

2nd ground layer 2000 400 0.45 0.04

Young's Poisson's Damping

modulus ratio constant

(kg/m
3
) (kN/m

2
) (-) (-)

Main tunnel 609 1.8×10
7 0.3 -

Ramp tunnel 2500 3.0×10
7 0.15 -

Mass

Mass
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modeled as two layer horizontal stratification. The first layer 

is soft surface layer (shear wave velocity Vs = 60 m/s), the 

second layer is hard layer (shear wave velocity Vs = 400 

m/s). The structure consists of two parallel main tunnel and 

one ramp tunnel (Fig.1). The main tunnel's external diameter 

is 12.83 m, segment girder height is 0.53 m. The ramp tunnel 

consists of RC junction, gateway tunnel and retaining walls. 

Since cross-section of tunnel varies along the line of tunnel 

axis direction, this analysis model is really complicated. The 

shape of entire analysis model is cuboid and its length, width 

and height are 763m, 119m and 66.5m. Material constants of 

each part are shown in Table 1. The details of modeling are 

described in the work by Dobashi et al. 2008. 

Figure 2 is the close-up view of finite element mesh at 

junction of main tunnel and ramp tunnel. In this simulation, 

2
nd

 ordered tetrahedral elements are used. The total number 

of nodes is 2456212; the number of elements is 1673489. 

The number of degree of freedom becomes 7368636. This 

finite element mesh allocates 5 elements per one wave 

length and guarantees the accuracy up to 2.5Hz. The finite 

element mesh was created with consideration of reducing 

bad quality elements as much as possible. 

Input seismic wave is shown in figure 3. This wave is 

used for real seismic design of highway in Japan
 

(Metropolitan Expressway Co., Ltd 2003). The input seismic 

wave lasts 40.95 second. Since time step size of our analysis 

is 0.01 second, total number of time steps becomes 4096. 

The absorbing boundary is implemented on side and bottom 

surface of analysis model to reduce the effect of reflecting 

waves on structural responses. 

 

3.2  Performance Comparison 

We analyzed whole time steps on ahead and found that 

the largest stress occurs at 1777 time step. Therefore, we 

calculated 11 time steps (1772-1782) around 1777th time 

step and measure calculation time to estimate the effects of 

our improvement. Figure 4 shows displacement of tunnel at 

1777 steps (tunnel's axis direction). There are large 

displacements (about 15cm) at gateway of ramp tunnel. 

The machine used in our numerical experiment has 2 

intel Xeon5680 (3.33GHz, 6 cores) as CPU and 48GB 

memory. On GPU side, the machine has 4 NVIDIA C2070 

(1.15GHz, 512 cores, 6GB memory). 

4 version of codes listed below are compared, and 

Table 2 shows computation time of each code. 

Ver.1: original code (without any improvement)  

Ver.2: ver.1 Parallelized by OpenMP 

Ver.3: ver.2 with single precision calculation and 

variable preconditioner  

Ver.4: ver.3 with GPU computation 

Ver.2 which is parallelized by 12 cores is 10 times 

faster than Ver.1. Because of reducing memory contention, 

high parallel efficiency is obtained. By implementing 

variable preconditioner with single precision, Ver.3 is 3 

times faster than Ver.2. This speed-up is because the 

effectiveness of variable preconditioner is not detracted by 

single precision calculation but computational costs of single 

precision  calculation  is  about  half  of  double  precision 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2  Analysis model – close-up view  

of finite element mesh 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3  Input seismic wave 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4  Structure response in y direction at 1777
th
 step 

 

Table 2  Comparison of calculation time 
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Ver.1 54680.3
Ver.2 5488.0
Ver.3 1844.0
Ver.4 271.6
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calculation. Ver.4 is 6.8 times faster than Ver.3. The variable 

preconditioner takes most of calculation time in our 

improved code. The usage of GPU with highly tuned 

libraries for computation of variable preconditioner can 

reduce computation time. 

The expected analysis times for all time step (4096 

steps) are about 5655 hours (about 235.7 days) in Ver.1, 

about 190.7 hours (about 7.9 days) in Ver.3 which is the 

fastest version without GPU, about 48.2 hours (about 2 

days) in Ver.4.  

 

 

4.  CONCLUDING REMARKS 

Although accurate estimation of seismic responses of 

large complex structures is necessary for seismic design, its 

computation cost is huge. In this research, we improve our 

3-D finite element analysis program to realize high accuracy 

and high resolution seismic response estimation with less 

computation cost. We use an iterative solver with variable 

preconditioner and GPU to accelerate calculation. Our 

improved analysis code is about 200 times faster than 

original one on single node. Since our improved code can 

conduct large-scale analysis in realistic calculation time, we 

expect such seismic response analysis with high accuracy 

and high resolution become widely used in seismic design. 
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Abstract:  This paper proposed the new system for building damage assessment using photos of damaged house taken 
by residents or volunteer fire corps in damaged area. Specialists outside the damaged confirm these photos on the website 
and assess their damage levels. All the data used for building damage assessment is managed with GIS database on the 
management server located outside the damaged area under cloud condition. This kind of digital management system can 
contribute to enhance the accuracy and efficiency of the procedures for issuing the Victim Certificates for residents. In 
this paper, the total system for supporting building damage assessment was designed and its prototype system was 
developed. The system for uploading the photos of damaged houses was developed as mobile communication service. 
The remote system for specialists to assess the damage level was developed as web service. 

 
 
1.  INTRODUCTION 
 

In Japan, several big earthquakes are expected to 
occur in the near future. A lot of structural damages due to 
these earthquakes will cause enormous needs for building 
damage assessment. Building damage assessment is 
necessary for governments to issue the Victim Certificates 
for residents who suffered housing damages. However, 
current number of human recourses who are trained with the 
procedure of building damage assessment is not enough. It is 
necessary to develop the new system which can correspond 
to next large-scale earthquake disaster. The guidelines of 
general procedure for inspecting building damage and 
evaluating loss due to disasters were published by the 
Cabinet Office in 1968, 2001 and 2009. However, in past 
disasters, various problems of building damage assessment 
have been pointed out such as inaccurate inspection, 
difficulty in quick inspection and lack of human recourses 
with sufficient skill of assessment.  

In this research, new remote system for building 
damage assessment using IT system was proposed and 
prototype system was developed.  These systems have 
some features that can solve some problems pointed out by 
past building damage assessments and execute building 
damage assessment quickly after a large scale earthquake 
disaster. This proposed system has two sub-systems. First 
one is photo uploading system used in damaged area. 
Second one is assessment system for supporting experts 
such as registered architects and experienced workers 
outside the damaged area. Finally, we report that design and 
functions of developed system. 

 
 
2.  PROBLEMS OF PAST BUILDING DAMAGE 
ASSESSMENTS AND SOLUTIONS 
 

There are 3 inspection stages in building damage 
assessment such as “Primary Inspection”, “Secondary 
Inspection” and “Issue of the Victim Certificates”. Through 
these stages, damage levels of buildings are decided by 
visual inspection. The primary inspection evaluates the 
damages appeared on the exterior of a building. The 
secondary one evaluates not only the exterior damage but 
also the interior damage. The purpose of the secondary 
inspection is to provide the second opinion for the evaluation 
when the owner or resident of a damaged house does not 
accept the result of the primary one. Therefore, the primary 
inspection is carried out for all the damaged buildings, while 
the secondary inspection is usually carried out by request. 
Finally, Victim Certificates for residents are issued from the 
local governments. 

The process of assessment needs accuracy, quickness, 
objectivity and fairness because the results of the 
assessments are used as criteria for providing public 
monetary supports for rebuilding their livelihood. However, 
various problems have been pointed out for the building 
damage assessments after past earthquakes. We reviewed 
literatures regarding past several building damage 
assessments such as Shigekawa (2005) and classified 
reported problems as shown in Table 1. As a result, 
enormous problems in each inspection stage were obtained. 
Our proposals to solve the problems at each stage were  
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Flow of  Inspection
1995 Hyogoken-Nanbu

Earthquake
2004 Niigata Chuetsu 

Earthquake
2007 Niigata Chuetsu-

oki Earthquake
Solution of past 

problems in this research

Ⅰ-Criteria ①Criteria

There is no standard to
carry out the building
damage assessment.

(Murao,1999)

There is no standard to carry out the building
damage assessment. Neither examination methods
nor the inspection methods are clearly provided.
Only guidelines were issued by the Cabinet Office.

(Shigekawa, 2005)

-

Ⅱ-Training of 
Inspector

②Summon of 
Inspection

Insufficient number of
assistant staff
(Murao,1999)

Insufficient number of
assistant staff

(Shigekawa,2005)

Difficulty in assemble of  
inspectors

(Tanaka,2008)

Inspectors who goes in
the damaged area
becomes unnecessary.

③Training -

Because method of
assessment is different in
each local government,
training is difficult.

(Horie,2004)

-
Prior training to
inspectors can be
executed.

④Organize
Inspector's knowledge
was insufficient.

(Murao,1999)

Difficulty in gathering
enough number of
Inspectors and keeping
inspection quality

(Shigekawa,2005)

- ・The owner of damaged
house and the fire
fighters can become an
investigator.
・Inspection quality can
keep by doing prior
training and taking a
picture using instruction.

Ⅲ-Screening ⑤Screening -
Limit in on-site inspection for  lack of inspectors

(Shigekawa,2005)

Because of a lot of
support workers exist
outside of damaged area.
So, a lot of
investigations can be
executed.

Ⅳ-Inspection

⑥Primary
Inspection

- -

Difference between
structural engineer's
aspect and the Cabinet
Office guideline

(Tanaka,2008)

-

-
Inspector's knowledge 
was insufficient. 
(Shigekawa,2005)

-
The assessment result
keeps accuracy by a
double check.

Problem concerning
inspection accuracy

(Murao,1999)

Problem concerning
inspection accuracy

(Shigekawa,2005)

Problem concerning 
inspection accuracy 

(Tanaka,2008)

The assessment result
keeps accuracy by a
double check.

⑦Secondary
Inspection

Difficulty in responding
to residents who have
dissatisfaction in
inspection results

(Murao,1999)

Difficulty in responding
to residents who have
dissatisfaction in
inspection results

(Shigekawa,2005)

- -

- -
Difficulty in predicting
number of application

(Tanaka,2008)

Because of a lot of
support workers exist
outside of damaged area.
So, a lot of
investigations can be
executed.

- -

Needs for assistant
staff's for thirdly
inspection

(Tanaka,2008)

The assessment result
keeps accuracy by a
double check.
So, number of execution
of third inspection can
be reduced.

⑧Victim Certificate -

The efficiency of work
was low, because the
issue of enormous
certificates was the first
time for local
governments.

(Yoshitomi,2005)

-

Because of issue of the
victims certificate was
automated, the amount
of work of
administrative office can
be greatly reduced.

Use of electronics
devices

①Use of GIS Used by ex post analysis Used by ex post analysis Used by ex post analysis
Possible to use GIS by
improving the Web
environment.

②Use of GPS

Not used because of
technological
development

Not used Not used
Standard equipment in a
smart phone.

③Mobile phone Used a little. Used a little.
The usability has
improved greatly with a
smart phone.

④Digital camera Used a little.

・ Only used for the
record

・ Limit in data
processing using PC
for lack of capacity.

Standard equipment in a
smart phone.

⑤Cloud computing
Not used because of
technological
development.

Not used because of
technological
development.

The Cloud computing
can be used with a smart
phone.

Table 1  Problems and solutions of building damage assessment after earthquakes 
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inclination and building element. Assessment for one 
damaged house should be conducted by two or three 
specialists to double-check the result and keep accuracy, 
damage level and area from pull down choice set in each 
factor page. In addition, they can request additional photos 
for accurate assessment to inspectors in damaged area 
through the each assessment page. In final page, fill in the 
special or caution comments of assessed damaged house and 
pass to the next specialist. When the assessment ends here, 
Victim Certificates for resident is issued from local 
government. 
 
 
5. CONCLUSIONS 

 
In Japan, several big earthquakes are expected to 

occur in the near future. It is necessary to develop the new 
system which can be corresponds to next large-scale 
earthquake disaster. In this research, new remote assessment 
system for building damage assessment was proposed.     

Some problems of past building damage assessments 
were analyzed and applicability of new technologies 
including new electronics devices which are GPS, GIS, 
digital camera and mobile phone (smart phone) was 
discussed. Among these problems, this paper focused on 
“Inspection stage” and “Assessment stage”, and proposed 
new remote system for building damage assessment using 
both mobile communication service and web service.  

The prototype images of remote building damage 
assessment system were developed based on the data of 
totally damaged houses due to the 2011 off the Pacific coast 
of Tohoku Earthquake. In the future, we plan to improve the 
functions of the system and examine its effectiveness 
through experiments for specialists. 
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Abstract:  The Taiwan High-Speed Railway (THSR) system plays an important role in maintaining efficient 
transportation of passengers around Taiwan. However, the control mechanism between THSR and traditional railway 
systems is quite different. Drivers on THSR trains cannot control the cars by themselves; only the control center of THSR 
can give the commands, which are based on the train timetables and should be followed by the drivers to operate the cars. 
Moreover, when a disaster occurs, the control center needs to prepare a rescheduled timetable in accordance with current 
situations so that drivers can follow. This study presents a methodology to establish a set of optimal operation rules which 
are tree-based rules for real-time train timetable control on THSR system. The rules can be used to determine the optimal 
real-time operation during disturbances. Steps of the proposed methodology involve: (1) building of train timetable 
optimization model (2) generation of optimal input-output patterns (3) extraction of tree-based rules for designed 
scenarios using the decision-tree algorithm. Therefore, it could be a good simulation analysis for predicting the effect of 
disruptions on the timetable without doing real experiments such as trains being disordered and overtaken. 

 
 
1.  INTRODUCTION 

 

Nowadays, railway transportation has become a good 

alternative in many countries as an efficient and economic 

public transportation mode. It plays an important role in the 

passenger and freight transportation market. The railway has 

grown by over 40% in both freight and passenger sectors 

over the past 10 years. All railway companies try to provide 

good services in order to satisfy their customers. One way to 

realize this is by improving the quality of the train control 

process or scheduling so that the railway company could 

optimize these services as well. In addition, the train 

timetable is the basis for performing the train operations. It 

contains information regarding the topology of the railway, 

train number and classification, arrival and departure times 

of trains at each station, arrival and departure paths, etc. 

More formally, the train scheduling problem is to find an 

optimal train timetable, subject to a number of operational 

and safety requirements. The High-speed Railway (HSR) 

system has been proven to be a safe, comfortable and 

efficient transportation mode (Ardun and Ni, 2005). Some 

developed countries in Europe (e.g. Germany, France and 

Spain) and Asia (e.g. South Korea and Japan) already used 

HSR to become an effective transportation for their faster 

travel intercity. Each of them develops the HSR system to 

provide a better service such as reducing travel time by 

optimize the maximum operating speed. Same as Taiwan 

HSR also have the objective to reduce the travel time by 

using speeds as fast as possible but still consider safety 

factors. When disturbances occur the control center need to 

needs to prepare a rescheduled timetable in accordance with 

current situations so that drivers can follow. Rescheduling 

instructions are only addressed to the operators of the 

infrastructure. HSR Company use indirect communications 

system. 

The second issue is that railway systems are often 

characterized by high traffic density and heterogeneous 

traffic that is sensitive to disturbances; thus, rescheduling 

activity for updating an existing production schedule in 

response to disruptions or other changes is needed (Vieira et. 

al., 2003). The real problem in the THSR system is its use of 

a contingency timetable to solve the timetabling problem 

under disturbances. This system generates the timetable 

according to a specified train running route. Each condition 

also has different timetable results. Nevertheless, as many 

contingency timetables can be prepared as planners can 

make in the THSR system. In fact, it still has a big problem, 

in that it is especially time consuming to maintain and select 

the appropriate contingency timetable for one disruption and 

create an optimal timetable during the disturbances. There 

are five thousand types of contingency timetables in the 

THSR Company, and the train operator should select the 

appropriate timetable within a limited time. Furthermore, 

based on the data in the contingency timetable, THSR 

prefers to cancel many trains and operates only two trains 

per hour in many cases of disturbances. On the other hand, 

creating an optimal timetable, which means optimal journey 

time, is important since the THSR Company has to preserve 

the maximal profit during disturbances. In addition, in order 

to mitigate the impact of disturbances instead of cancelling 
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many trains on their system, THSR needs a method for 

analyzing how disturbances propagate within the original 

timetable and which actions to decide. In the end, the train 

operator could predict the effects of disruptions on the 

timetable without doing real experiments. 

The train operators could predict the effects of 

disruption on the timetable when disturbances occur. The 

control center will receive a signal and detail information 

from drivers. From that, they use timetable to deliver the 

commands to drivers, because of THSR drivers cannot 

control the train by them self. So the need of rescheduling 

timetable is immediately in this case. The benefits and 

challenges of the train scheduling method can contribute to 

improving the quality of the train control process. Thus, the 

optimization model that represents the real problem needs to 

be designed to support the train operator’s creation of an 

optimal schedule in limited computation times. Moreover, 

predicting the impact of disturbances on the timetable also 

needs to be addressed in order to anticipate and mitigate the 

worst condition. Those two problems are being faced by the 

THSR Company today; therefore, the objective of this 

research is to solve them by doing three tasks as follows: (1) 

designing an optimal timetable using an optimization-based 

approach to identify which capability is needed to 

accommodate basic requirements; (2) checking the model 

using real data from THSR Company; (3) analyzing the 

responses of model results to the disturbances using 

sensitivity analysis; (4) build the decision tree using data 

mining technique. 

 

 

2.  MODEL FORMULATION 

 

2.1  Procedures of the methodology 

In this section, a methodology is presented for 

extracting the optimal operation rules of real-time train 

timetable control on THSR system. Figure 1 illustrates the 

flowchart of the proposed method. Each step in Figure can 

be thoroughly described as follows: 

 

OR DM

Input data

Output data

input-output 

patterns

Real-time 

decision model
 

Figure 1  The diagram of overtaking for two trains. 

 

Step 1: Construct the timetable scheduling optimization 

model to obtain the optimal input–output patterns. The 

formulation of this deterministic model formulated as the 

mixed-integer linear programming (MILP) problem is 

described in ‘‘timetable scheduling optimization model”. 

Then, the optimization model using the data from THSR 

runs to obtain the optimal train operating control. The 

optimization model is carried out by the CPLEX solver. 

Step 2: Classify the optimal patterns into training and 

testing datasets. The optimal patterns obtained from Step 1 

are separated into two datasets. The first dataset is used for 

training rules and the second dataset is used for testing the 

extracted tree-based rules. 

Step 3: Construct the decision-tree model to extract the 

tree-based train control rules for designed scenarios using 

training dataset. Two terms are defined in this study. The 

attribute refers to a single data item common to all cases 

under consideration, and the record is the collection of 

attribute values of a specific case. To train a decision-tree 

model, one or more In attributes (inputs) and one Out 

attribute (output or target) are needed. 

 

2.2  Variables of model 

Index information of the mathematical models above is 

explained below: 

', tt  the index of a train. 

',kk  the index of a station. k’ is the next station of k. 

S  the set of all stations. 

V  the set of all trains. 

B  the last time of one day that can be planned in the 

timetable. 
O

tK  the first station of train t in one journey. 

F

tK  the final station of train t in one journey. 

',, kktT  the minimum travel time of train t from station k 

to station k’. 
sta

ktT ,  the minimum stoppage time required for train t at 

station k 
turning

tT  the regular inspection, cleaning and turning back 

time for train t. 
ent

kttH ,',  the minimum headway time between train t and 

train t’ when they enter station k. 
lea

kttH ,',  the minimum headway time between train t and 

train t’ when they leave station k. 
O

kta ,  the arrival time for train t at station k in original 

train timetable. 
O

ktd ,  the departure time for train t at station k in 

original train timetable. 

kta ,  the scheduled arrival time for train t at station k 

ktd ,  the scheduled departure time for train t at station 

k 
d

ktty ,',  a binary variable, which takes the value of 1 if 

train t’ departs from station k before train t, and 0 

otherwise 
a

ktty ,',  a binary variable, which takes the value of 1 if 
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train t’ arrives in station k before train t, and 0 

otherwise 

 

2.3  Objective function and constraints 

 This study selected two optimization models that 

describe the operation of High Speed Rail system, one for 

timetable scheduling, one for timetable rescheduling. The 

constraints function is same in these two optimization 

models for timetable scheduling and rescheduling, it must be 

matching the related constraint of infrastructure for High 

Speed Rail system. The difference of these optimization 

models is the object function, the object function for 

rescheduling is minimized the travel time of each trains, 

other is minimized the difference between original timetable 

and rescheduling timetable. 

 





Vt

KtKt O
t

F
t

da )(min
,,

　    (1) 

 





SkVt

O

ktkt

O

ktkt ddaa
,

,,,, |)||(|min　  (2) 

 

 The Eq. (1) minimize the sum of the journey times 

(arrival and departure times) for each trains. The total 

scheduled operation time (from first station to final station 

for train service) of each of the train is computed in the 

objective function. The objective Eq. (2) minimizes the 

difference of delay time between original train timetable and 

rescheduling train timetable, it consider the delay time for 

arrival and departure time at each station. The object 

function of rescheduling is minimized the difference 

between original timetable and rescheduling timetable. This 

research define this difference using the departure and 

arrival time for each trains between original and new 

timetable, it satisfy the arrival time and departure time of 

new timetable minis original timetable should be minimum. 

In this way, it can be ensure that the difference of original 

and new timetable is closed. For High Speed Rail system, 

the passengers of train station are unsatisfied that waiting 

long time for train coming. They are hope that it can be on 

time for arrival time and departure time of train at station, 

and get in the destination also. Therefore, this study consider 

the arrival and departure time of train at station as the related 

definition for object function, it minimize the difference of 

new and original timetable. 
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 The Eq. (3) sets the minimum time to travel between 

two contiguous stations (k to k’) for all trains. The arrival 

time for train t in the station k’ minus departure time in the 

station k (origin station) should be greater or equal to the 

needed time for trains t to travel between two contiguous 

stations (k to k’). This research uses minimum travel time 

between two contiguous stations, because different types of 

trains have different speeds and travel time would 

automatically differ. The running time is calculated from 

departure times in the timetable minus dwell times. 

Therefore, station times for each train t at station k should be 

less than departure time minus arrival time, as shown in Eq. 

(4). This condition represents that the model uses minimum 
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station time at each station, because not all trains will stop at 

every station. Eq. (5) sets the travel time in line determines 

the total travel time for one train to travel through a line plus 

allowed extended time margin. Maximum travel time has 

been applied in the constraint; thus, the difference between 

arrival and departure time for one train in the same station 

should be less or equal to this travel time. In the THSR 

system, allowed time margin was set to different numbers 

for different types of train. Therefore, this parameter would 

be a good input in sensitivity analysis to reveal the effects of 

changes in this parameter on objective value. 

 Like many railway companies, THSR has a cyclic 

timetable in order to manage the resources comprising its 

infrastructure. In the THSR system, train circulation takes 

the minimum time, including car cleaning, regular car 

inspection, and turning back operations. THSR system has 

different type of trains, which is not all trains will stop at 

every station, sometimes passing operations become 

necessary for one train to allow another train to pass through 

the station. Eq. (6)-(9) are satisfy the headway between two 

trains for passing operation, which use the binary variable 
d

ktty ,',  and 
a

ktty ,',  to describe the passing operation. The 

decision variable 
d

ktty ,',  takes the value 1 if train service t’ 

leaves station k before train service t, and 0 otherwise, and 

the decision variable 
a

ktty ,',  takes the value 1 if train 

service t’ enter station k before train service t, and 0 

otherwise. Figure 2 is shown that train t passing first for 

leave station k, so that set the 
d

ktty ,',  equal to value 0. It can 

be satisfied in Eq. (6)-(7). 
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Figure 2  The diagram of overtaking for two trains. 

 

 Figure 3 is shown that train t’ passing first for leave 

station k, so that set the 
d

ktty ,',  equal to value 1. It can be 

satisfied in Eq. (6)-(7). Next, Eq. (8)-(9) are same to describe 

which train enters station first by headway. Eq. (10) makes 

the safety for two trains used the same tracks, which let the 

order for departure at this station is same of the order for 

arrival at next station. Finally, Eq. (11) limits the sum of total 

scheduled time to the maximum allowed scheduled time of 

all train services. Eqs. (12)-(15) limits the term 
a

ktty ,',  and 

d

ktty ,',  to non-negative values, and limits the binary 

decision variable equal to value 1 or 0. 
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Figure 3  The diagram of overtaking for two trains. 

 

2.4  Model performance analysis 

 After the mathematical model for scheduling problem 

was formulated, a collection of data regarding scheduling 

requirements from the THSR Company began. Primary data 

was collected from interviews with senior engineers in the 

THSR Company, and secondary data was gathered from 

THSR documents including the Equipment and Facilities 

Operations Manual, and existing timetables from THSR. 

The next step in creating a scheduling database was coding 

and developing a model application that was used Visual 

Studio C#. This application was developed to create the .lp 

file as an input file in CPLEX and accommodate all 

activities including add, deletes, edit data, and generate 

model results and timetable diagrams. Mathematical models 

in this research were coded in MATLAB software, which 

refers to the timetable diagram as output. Mixed integer 

programming (MIP) methods and dynamic programming 

solution techniques have been used to solve the models with 

the CPLEX solver tool. The tests were operated in an Intel 

Core 2 Duo CPU 2Ghz with 2GB RAM. The algorithm 

derived good results and obtained the minimum total travel 

time. 

 Figure 4 is the results of train timetable in this study, 

and it is similar to the current train timetable of Taiwan High 

Speed Rail system. It can be indicate that the train interval is 

close for morning and afternoon in this train timetable. 

Because that the time of morning and afternoon are the rush 

hour in Taiwan, it bring many stream of people for travelling 

by train. Relatively, it setting wide interval in noon is 

considering the number of passenger for travelling by train. 

It considers the business for this setting in Taiwan High 

Speed Rail system. 
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Figure 4  The timetable diagram of purposed model for 

Taiwan High Speed Rail system. 

 

 

3.  MODEL APPLICATION 

 

3.1  Sensitivity analysis 

 Figure 5 is the result of delay event for each train delay 

9 minutes in High Speed Rail system, and it can be bring 

that the effect for train timetable delay. In this figure, the 

train ID’s are the 10(time for morning), 30(time for noon) 

and 50(time for afternoon) for south bound train respectively. 

It can be indicate that the timetable delay time with three 

trains delay 8 minutes at BANCIAO station is more than the 

timetable delay with three trains delay 8 minutes at Tainan 

station. The start station of south bound train is TAIPEI 

station, and for south direction are BANCIAO, TAOYUAN, 

HSINCHU, TAICHUNG, CHIAYI, TAINAN and 

ZUOYING. If a train is stop delay at some station, the other 

stations are also delay. Therefore, the train is delay near at 

first station, it can be effected the timetable delay time many 

more. For example, the south bound train ID is 50 for 

stop-all-station, which stop 1 minute at each station. If this 

train (train ID=50) stop 9 minutes at TAICHUNG station 

(means that is stop delay), the stop will also delay after 

TAICHUNG station (CHIAYI, Tainan and ZUOYING 

station). This train stop 9 minutes at Taichung that is be more 

over 8 minutes delay time. For the train timetable delay time, 

the total delay time is 8 m (delay at Taichung station) + 

2×8×2 m (the departure and arrival delay time at CHIAYI 

and TAINAN station) + 8 m ((the departure and arrival delay 

time at ZUOYING station) = 48 minutes. 

 

 

Figure 5  The result of train stop at different station to 

timetable delay time. 

 

 Figure 6 is the result of train delay time effect to 

timetable delay time for south bound and north bound. The 

transverse axle is different train delay time for train ID=10, 

30 and 50 at Taichung station, and the vertical axle is the 

timetable delay time. It can be indicate that if the train delay 

increasing, the timetable delay time also increase. Because 

the minutes of train delay time is positive depended for 

timetable delay time, train delay time many more for 

timetable delay time many more also. 

 

 
Figure 6  The result of different delay time to timetable 

delay time. 
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 The Figure 7 is the result of the south bound train stop 

delay to the number of effective train. The transverse axle is 

train number for south bound, and vertical axle is the 

number of effective train. In this figure, the train number that 

is 1 to 20 and 35 to 58 occur stop delay at some station, the 

number of effective train are increasing. This result is 

depend on the time for morning and afternoon is rush hour 

in Taiwan, so the passengers travelling by train is many 

more. The other thing is that the train delay time increasing, 

and the number of effective train is increasing also. But for 

delay time is 63 minutes, the number of effective train is not 

increasing (it’s decreasing), that is the delay time is so long 

for effect train at the back. In this figure that can explain that 

effect large of effective train number is by train stop delay 

about 30 minutes. 

 

 
Figure 7  The result of each train to number of effective 

train. 

 

3.2  Applying Data Mining to Operations Research 

Increasing interest in the integration of Operations 

Research (OR) and Data Mining (DM) can be observed 

(Meisel and Mattfeld, 2010). Recently, a number of 

publications of successful approaches at the intersection of 

the two procedures appeared. They underline the potential 

for benefits from integration. However, these approaches 

focus either on specific application domains or on specific 

methods. Operations Research and Data Mining in an 

application context OR models the structure of an 

application system and seeks for decisions in order to act on 

the application. DM transforms data into information about 

the application system. OR techniques increase the 

efficiency of DM and DM increases effectiveness of OR. 

 For some application problems, it needs a large of 

computing time to solve the solution using operational 

research. That is very difficult for real-time or short time 

decision process. Hence, some researchers applying data 

mining to operations research, to increase the efficiency for 

decision solution. From some publications about integrating 

data mining and operations research, two types of synergies 

are distinguished: (1).Replacement; (2).Refinement. Data 

mining to increase operations research effectiveness by 

replacement, used to decisions cannot be determined 

through assumptions or to lack information of application 

problems (Agafonov, et al., 2009). According to the 

relationship between system variables and decision variables, 

data mining can be used to define the rules of these, and 

discovery the information of decisions. Data mining to 

increase operations research effectiveness by refinement, 

focus on the the detail of operations research (Glowacka et 

al., 2009). For example, reduce the variables or parameters 

to increase the computation time or some part of application 

re-determine the problems by data mining. 

 

3.3  Input and output patterns 

When some trains occurs delay event at station, it 

should be used the large of computing time for solving 

optimization model. That doesn’t apply to High-Speed 

Railway system for real time operation. Hence, this study 

used the input and output patterns from optimal train 

timetable model to build a decision tree, the tree can predict 

the effective action and operation for train delay at station. 

This study classified four classes for prediction: (1) 

predicted the total delay time for train timetable; (2) 

predicted the train ID if it will be effect; (3) predicted the 

number of effective trains; (4) predicted the timetable for 

rescheduling. In the Figure 8, it can be indicate that the train 

ID 123 is stop delay 45 minutes at station BANCIAO, that is 

effect 3 train (train ID=629, 131, 1627) are also delay of 

departure time and arrival time at some station. The total 

timetable delay time may be more than the train ID=123 

delay time: 2 m (departure and arrival time) × 5 m (five 

station after BANCIAO station) × 45 (train delay time). 

 

 
Figure 8  The effect for a train stop delay 45 minutes at 

BANCIAO station. 

 

 The predictive classes for each attributes are shown in 

Table 1. The attribute BD is the direction of train operation, 

each are south bound and north bound. The attribute NO is 

the train ID, it has total number of 58 trains. The attribute 

STA is the station name, it set up for 8 stations for THSR. 

The attribute TYP is the type of train for all-station-stop and 

some-station-stop. The attribute OST is the strain top time at 

station in original train timetable. The attribute IPA is true if 

the other train will pass by this train at this station o not. The 

attribute DLT is the train delay time at this station. 

 

Table 1  The attributes of decision tree. 

Attribute Value Description 

BD 1, 2  south bound or north 

bound  
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NO 1, 2, 3, …, 58  train No.  

STA 1, 2, 3, 4, 5, 6, 

7, 8  

station No.  

TYP All_S, No_All  all station stop or some 

station stop  

OST Numeric  stop time for original 

timetable  

IPA True, False  is passing for other train  

DLT Numeric  delay time  

 

3.4  Classification algorithm 

 The prediction of decision tree has three classes, ERGE, 

ENUM and EID, that shown in Table 2. The class ERGE is 

the range of train timetable delay time, in X to Y minutes. 

The class ENUM is the effective number of train, for effect x 

trains. The class EID is the train ID, it will be effected by 

other trains, for x, y and z three train ID. The performance of 

classification algorithm is shown in Table 3. The accuracy 

for predict range time is higher than the other predictive 

classes. It will be close to 90% choosing J48 classification 

algorithm.  

 

Table 2  The classes of decision tree. 

Attribute Value Description 

ERGE x-y range of timetable delay (x to y)  

ENUM x  number of effective trains (x trains)  

EID -x-y-z- which train NO of effective train 

(train No=x,y,z)  

 

 The accuracy of predicting the number and ID for 

effective trains are almost 65%, and it can be 75% for 

choosing BFTree algorithm especially. This table indicated 

that the events of train delay can be predicted successful, and 

provide the information for related operator in HSR control 

center. 

 

Table 3  The accuracy of classification algorithm. 

Classification 

Algorithm 

ERGE 

(%) 

ENUM 

(%) 

EID 

(%) 

BFTree  91.64  74.97  73.61  

FT  89.13  62.38  58.67  

J48  92.37  60.66  65.94  

LMT  90.54  63.69  66.67  

NBTree  91.22  62.70  63.59  

REPTree  85.21  59.25  59.98  

 

 

4.  CONCLUSIONS 

 

 This section reviews how the research objectives were 

successfully achieved and lists conclusions from the research 

results conducted in this study. The conclusions are listed as 

follows: This research developed an optimization model for 

designing timetables in high-speed railway systems that 

considers basic requirements. The model could generate a 

good timetable result as good as a real timetable. 

Furthermore, the model could generate train circulation 

patterns as illustrated in the timetable diagram results. 

Sensitivity analysis could determine the essential parameter, 

critical infrastructure, and predict the propagation of 

disruption on the original timetable. Thus, sensitivity could 

be a good simulation analysis for predicting the effects of 

disruptions on the timetable without conducting real 

experiments. Decision tree can predict the effect of train 

delay at station, and provide the related information to 

operator in THSR control center for disturbances. 
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Abstract:  The numerical model, which was used to predict the dynamic response of the reinforced concrete bridge pier 
in the blind prediction contest held by PEER and NEES in 2010, is described in this paper. The results of this model was 
rewarded the first place in the researcher category in the contest. The model succeeded in predicting some of the 
responses, such as the maximum deformation and shear force, while failed in predicting some others, including the 
residual deformation and the axial force. After the contest, a preliminary parametric study was carried out to see the 
influence of each parameter in the model. Among many others, it was found that the initial damping ratio and the elastic 
modulus of the steel rebars were the most influential parameters, whose values were, however, selected based more on 
empirical judgment than on any rigorous theory.  

 
 
1.  INTRODUCTION 
 

A complicated analysis model does not necessarily 
ensure better results of prediction than a simple one. An 
extraordinary example is the win of Professor Kolleger 
from the Vienna University of Technology in the reinforced 
concrete slab shear prediction competition held by the ETH 
in Zurich in 2005. It was reported that his “predicted 
deformation capacity closely approximated the observed 
response of all specimens containing transverse 
reinforcement” (Jaeger, 2006). It is worth noting that his 
prediction, it was said, was based solely on hand 
calculation.  

The author of this paper participated in the blind 
prediction contest held by PEER and NEES in 2010 to 
predict the dynamic response of a full-scale reinforced 
concrete (RC) bridge pier subjected to a series of shake 
table motions at UCSD, and unexpectedly won the first 
place in the researcher category. The numerical model used 
in this analysis and its results are reported in this paper. The 
results of a preliminary parameter study are also included at 
the end of this paper to identify what has been done right to 
obtain the good prediction. It should be pointed out that the 
successful prediction was by no means the consequence of 
the superiority of the author’s numerical model over those 
of the other participants in the same category. Instead, it is 
no more than an educated guess which is based on a 
relatively simple model and experience of numerical 
modeling of RC members.  

The specimen, as depicted in Figure 1, is a cantilever 
circular RC column resting on a rectangular RC foundation 
and supporting on its top a lumped mass of approximately 
250 ton. The foundation was fixed to the shake table 

through prestressing steel rods. The top mass consisted of 
five concrete blocks tied together by prestressing steel rods. 
The seismic excitation was exerted in a single direction, as 
indicated in Figure 1 by an arrow. 

The column is reinforced with 18 #11 deformed steel 
bars arranged along the perimeter of the cross section and 
#5 double circular hoops, 3’8” in diameter, at a spacing of 6 
inches along the height of the column (Figure 2). There is 2 
inches clearance from the hoops to the concrete surface, 
indicating 84.6mm distance from the centroid of each 
longitudinal bar to the concrete surface. The yield strength 
of the #11 rebar provided by the contest committee is 518 
MPa. The concrete compressive strength tested at different 
ages is listed in Table 1.  

 
Figure 1  Dimensions of specimen (unit: cm) 
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Direction of 
loading

Double #5 @ 6"
15.9mm)

#11 ( 35.8mm)

2" clear cover
(50.8mm)84.6mm

 
Figure 2  Reinforcement of specimen 

 
Table 1  Test concrete compressive strength 

Date tested Age (days) fc0 (MPa)
2010/8/30 21 36.96 
2010/9/20 (1st day of shaking) 42 40.89 
2010/9/21 (2nd day of shaking) 43 41.99 

 
 
2.  NUMERICAL MODEL 
 

A finite element model consisting of ten 2-dimensional 
linear beam elements (type B21) and a point mass element 
was built in ABAQUS/Standard 6.8 for the specimen 
(Figure 3). The column was fixed at its base and the 
concrete foundation was not explicitly modeled. The length 
of the beam element at the bottom, which was expected to 
concentrate most the plasticity of the column and thus 
dominate the nonlinear response of the column during 
shaking, was selected to be equal the diameter of the 
column, i.e., 1219mm.  

 
Figure 3  Finite element model of specimen 

 
Additional integration points, denoted as steel fibers 

hereafter, were inserted into the column cross section, each 
of which represented a longitudinal rebar. Along the 
loading direction, 9 integration points, or concrete fibers, 
were evenly placed for the concrete part of the section.  

User-defined uniaxial hysteresis of the steel and the 
concrete fibers was adopted. It is part of a more general 
collection of uniaxial hysteretic models of commonly-used 
constructional materials, namely PQ-Fiber, for the 
simulation of seismic response of building structures, 

which was developed by Qu (2007) and his colleagues. The 
hysteretic model used for the blind analysis contest is 
labeled in PQ-Fiber as STEEL02 for the steel fiber and 
CONCRETE02 for the concrete model.  

The hysteretic model for the steel fiber is basically the 
peak oriented model proposed by Clough (1966) with two 
modifications. Firstly, the material reloads with its 
unloading stiffness up to 0.2 times the maximum stress 
ever achieved in the reloading direction before it orients to 
the peak point (Figure 4). Secondly, a strength deterioration 
model based on effectual hysteretic energy dissipation 
proposed by Qu (2010) is incorporated.  

The hysteretic model for the concrete fiber is the same 
as the model of Concrete02 in OpenSEES (McKenna, 
1997). The deterioration of the stiffness in both tension and 
compression and that of the tensile strength are taken into 
account (Figure 5).  

 

 
Figure 4  Stress-strain relationship of steel fiber 

 

 
Figure 5  Stress-strain relationship of concrete fiber 
 

Table 2  Parameters of material models 
Parameter Value 
Compressive strength fc0 40.89 MPa

Peak strain εc0 0.0028 
Residual strength fu 0.8 fc0 

Ultimate strain εcu 0.0038 
Compressive damage factor dcu 0.5 

Tensile strength ft 1.0 MPa 

Co
nc

re
te

 

Tensile softening factor γs 0.1 
Elastic modulus Es 104 GPa 

Yield strength fy 518 MPa 
Post-yield stiffness ratio α 0.001 Re

ba
r 

Damage factor 52 
 

The values of the parameters that define the above 
material models, which were adopted for the blind analysis 
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contest, are listed in Table 2. The concrete compressive 
strength, fc0, and the steel yield strength, fy, were taken as 
their test values published by the contest committee, while 
the others were chosen empirically (e.g., fu, εcu, dcu, ft, γs and 
α) or based on some empirical modification of the test 
values (e.g., the concrete peak strain, εc0 and the steel elastic 
modulus, Es). 

The stress-strain curve obtained by concrete cylinder 
compressive test at 21-day age was provided, from which 
both the compressive strength fc0 and the peak strain εc0 
could be determined. In the analysis, fc0 was chosen to be the 
42-day strength of 40.89 MPa, which was obtained on the 
first day of shaking, and the peak strain, εc0, was assumed to 
be the same as that obtained at 21-day age (Figure 6).  

 

 
Figure 6  Skeleton curve of concrete fiber 

 
The measured elastic modulus of steel was 208 GPa. In 

the analysis, however, it was empirically taken as half the 
measured value (Figure 7). It was mainly an effort to reduce 
the initial stiffness of RC members, which, to the author’s 
experience, is frequently over-estimated with the measured 
elastic modulus of steel. The effect of this modification will 
be shown later in this paper.  

 
Figure 7  Skeleton curve of steel fiber 

 
The hoop in the column was not explicitly modeled. In 

addition, neither the shear failure of the column nor the 
anchorage failure of the longitudinal rebars was taken into 
account.  

Mass proportional damping was used and the damping 

ratio corresponding to the first mode, which is 0.609 
second, was assumed to be 2%. 

 
 
3.  INPUT MOTIONS 
 

The recorded table motions were first processed by a 
Butterworth band pass filter before being used as the input 
for the analysis. The frequency band was arbitrarily decided 
to be 0.1 Hz ~ 5 Hz. The peak values of the shake table 
motions were considerably changed by the filtering, as can 
be seen in Table 3, while the response spectra remained 
almost unchanged within the useful frequency range (Figure 
8). The filtering was believed to have little effect on the 
prediction results. White noise excitations between these 
major runs were not simulated. 

 
Table 3  Earthquake motions simulated by shake table 

Recorded Filtered 
Test 

Original 
NGA File PGA 

(g) 
PGV 
(cm/s) 

PGA
(g) 

PGV
(cm/s)

Run 1 AGW090.at2 0.195 17.59 0.133 14.55
Run 2 CLS090.at2 0.411 38.50 0.366 38.99
Run 3 LGP000.at2 0.515 85.39 0.457 80.95
Run 4 CLS090.at2 0.445 40.11 0.397 42.10
Run 5 TAK000.at2 0.540 94.01 0.477 98.53
Run 6 LGP000.at2 0.496 98.64 0.441 80.56

 

 
Figure 8  Pseudo velocity spectra of shake table motions 

(5% damping) 
 
 
4.  ANALYSIS RESULTS 
 

The analysis was conducted in series for the 6 runs of 
the test so that the damage of the column, generally in terms 
of strength and stiffness deterioration, during a previous run 
would go into the following run. While the strength 
deterioration in this test seemed to be insignificant, the 
deterioration of the reloading stiffness and its effect on the 
following runs can be observed in Figure 9, which depicts 
the predicted moment-curvature relationship at the column 
bottom for each run. A static pushover curve produced by 
Response 2000 (Bentz et al, 2001) is also plotted in those 
graphs. According to the analysis, the column remains 
essentially elastic during the first two runs, which have peak 
ground velocities (PGVs) of 14.55 cm/s and 38.99 cm/s, and 
goes deep into the plastic range in Run 3 with PGV of 80.95 
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cm/s. The ratio of maximum to yield curvature reaches 
greater than 4 in this run. After Run 4 whose intensity is 
relatively low, Run 5, the well-known Takatori motion 
recorded in 1995 Kobe earthquake, brings the column to 
yield in not only the previously yielded direction in Run 3, 
but also the other direction. The last run also performs a 
strong motion and it is performed when the column has been 
extensively damaged. However, the maximum deformation 
of the column does not much exceed those in the previous 
runs.  

 

 
Figure 9  Predicted bottom moment-curvature relationship 

 
By comparing the predicted results with the measured 

ones, it can be found that the above numerical model 
succeeded in predicting the maximum drift, the maximum 
base shear and the maximum base moment for every run of 
the test (Figure 10(a), (c) and (d), where the horizontal axis 
indicates the number of run). The relative errors of the 
predicted results corresponding to the measured ones were 
generally below or around 20% for these quantities. These 
well-predicted quantities accounts for more than half the 
answers required by the blind analysis contest.  

 

 
Figure 10  Predicted and measured results: (a) maximum 

drift; (b) maximum curvature at bottom; (c) maximum base 
shear and (d) maximum moment at bottom. 

 
It is, however, obvious that the model failed to yield 

good estimate of some other responses, such as the curvature 
at the column bottom (Figure 10(b)). The curvature was 

much over-estimated for Run 2, 3, and 4, while was a little 
under-estimated for Run 5 and 6. While the slight 
under-estimation of the maximum curvature for Run 5 and 6 
corresponds well with that of the maximum top drift for the 
two runs, the over-estimation for Run 2, 3 and 4 can not be 
readily explained.  

The bottom curvature was averaged within different 
ranges along the column between in the test and in the 
analysis. It was taken as the curvature of the bottom element 
in the analysis, whose length was 1219mm, much greater 
than the 200mm length within which the averaged curvature 
was measured in the test. However, this difference was much 
more likely to contribute to some under-, rather than 
over-estimation.  

With some simple assumption of the curvature 
distribution along the height of the column, for example, 
those shown in Figure 11, the bottom curvature, φ, and the 
top drift, Δ, can be readily related by simple equations, e.g., 
Equation 1.  

Lp
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Figure 11 Curvature distribution 
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where L is the total height of the column; Lp is the assumed 
length for the plastic hinge and φy is the yield curvature, 
which is about 0.01/m for the investigated column 

 
The relationship of the predicted Δ and φ is plotted in 

Figure 12, together with the measured maximum values. 
Assuming Lp equals the length of the bottom element, i.e., 
1219mm, the relationship in Equation 1 would match well 
the analysis result. In addition, the assumed curvature 
distribution in Figure 11 and the assumed plastic hinge 
length Lp can also well explain the measured data of Run 5 
and 6. It is, however, quite otherwise for Run 2 and 3.  

 
Figure 12  Lateral drift versus bottom curvature 

relationship 

-6000

-4000

-2000

0

2000

4000

6000

-0.05 0 0.05
Curvature (1/m)

M
om

en
t (

kN
m

)

-6000

-4000

-2000

0

2000

4000

6000

-0.05 0 0.05
Curvature (1/m)

M
om

en
t (

kN
m

)

-6000

-4000

-2000

0

2000

4000

6000

0 05 0 0 05

M
om

en
t (

kN
m

)

-6000

-4000

-2000

0

2000

4000

6000

0 05 0 0 05

M
om

en
t (

kN
m

)

-6000

-4000

-2000

0

2000

4000

6000

-0.05 0 0.05
Curvature (1/m)

M
om

en
t (

kN
m

)

-6000

-4000

-2000

0

2000

4000

6000

M
om

en
t (

kN
m

)

Curvature (1/m) 
-0.05        0        0.05 -0.05        0        0.05 -0.05        0        0.05

Run 1 Run 2 Run 3

Run 4 Run 5 Run 6

0

100

200

300

400

500

600

1 2 3 4 5 6

M
ax

. D
rif

t (
m

m
)

0

0.2

0.4

0.6

0.8

1

R
el

at
iv

e 
Er

ro
r

0

10

20

30

40

50

60

70

1 2 3 4 5 6

M
ax

. C
ur

va
tu

re
 (r

ad
/k

m
)

0

0.2

0.4

0.6

0.8

1

R
el

at
iv

e 
Er

ro
r

0

200

400

600

800

1000

1 2 3 4 5 6

M
ax

. B
as

e 
Sh

ea
r (

kN
)

0

0.2

0.4

0.6

0.8

1

R
el

at
iv

e 
Er

ro
r

0

2000

4000

6000

8000

1 2 3 4 5 6

M
ax

. B
en

di
ng

 M
om

en
t (

kN
m

)

0

0.2

0.4

0.6

0.8

1

R
el

at
iv

e 
Er

ro
r

(a) (b) 

(c) (d) 

measured predicted relative error 

-600

-400

-200

0

200

400

600

800

-0.05 0 0.05 0.1
Bottom curvature (1/m)

To
p 

dr
ift

 (m
m

)

Measured
Predicted

Run 2

Run 3 
Run 4

Eq. 1 
Run 5, 6 

- 1720 -



The numerical model also failed to yield satisfactory 
estimate of some other important response quantities, e.g., 
the residual deformation and the axial force of the column. 
The predicted residual drift was much smaller than the 
observed ones for Run 3 through Run 6. Furthermore, the 
residual drift in Run 3 disappeared in Run 5 in the analysis. 
It was not the case in the test (Figure 13(a)).  

For the maximum axial compressive force, no 
significant variation between different runs was observed in 
the test. In the analysis, however, the maximum axial 
compressive force in a plastic run, e.g., Run 3, was much 
greater than that in an essentially elastic run, e.g., Run 1 
(Figure 13(b)). For a flexural RC member, the neutral axis of 
cracked sections moves towards the compressive side, 
leading to extension of the member’s center line. This 
explains the significant variation of axial force in the 
analysis, which is directly associated with that of the vertical 
acceleration.  

 

 
Figure 13  Predicted and test results: (a) residual 

deformation and (b) maximum axial compressive force 
 
The thus-produced vertical acceleration seems to 

depend highly on concrete material model used in the 
analysis. The vertical acceleration responses given by two 
inherent concrete models in ABAQUS, namely the concrete 
damaged plasticity model and the smeared crack model, are 
compared in Figure 14 with that by Concrete02 in PQ-Fiber. 
Identical model is adopted for the steel fiber in all the three 
analysis. Very different results can be observed.  

 

 
Figure 14  Vertical acceleration at column top predicted by 

models with (a) concrete damaged plasticity model; (b) 
concrete smeared crack model and (c) Concrete02 in 

PQ-Fiber 
 
 
5.  PARAMETRIC STUDY 
 

In order to identify the sensitive parameters in the 
current model, a parametric study is conducted after the 

contest. At this stage, the predicted results by the 
above-mentioned models (referred to as the original model 
hereafter) are taken as the reference for comparison. The 
quantities listed in Table 4 are compared between the 
original model and the altered models.  

Many modeling parameters are investigated and are 
identified as not so much influential when they are taken 
within their respective reasonable ranges. These include: (1) 
size of the bottom element; (2) steel hardening stiffness ratio; 
(3) steel damage factor; (4) concrete elastic modulus and (5) 
concrete tensile behavior.  

 
Table 4  Quantities compared in parametric study 

Label Physical quantity 
δmax Maximum lateral drift at the top 
δamp Absolute value of the maximum positive plus 

that of the maximum negative lateral drift 
Amax Maximum total acceleration at the top 
Fmax Maximum base shear 
Mmax Maximum moment at the bottom 
Nmax Maximum axial force at the bottom 
εTmax Maximum tensile strain at the bottom 
εCmax Maximum compressive strain at the bottom 
 
It was, however, identified that both the global and the 

local responses or only some local responses are quite 
sensitive to some other parameters, including (1) the initial 
damping ratio, (2) steel elastic modulus and (3) concrete 
ultimate strength. 

 
5.1  Initial damping ratio 

The initial damping ratio is typically assumed in the 
range of 2% ~5% for dynamic analysis of building structures 
in the US (FEMA P695, 2009). An initial damping ratio of 
2~3% is generally used in the design practice of RC building 
in Japan following the reported measurement conducted by 
AIJ (2000). This coincides with the values recommended by 
Newmark et al (1982) for well-reinforced concrete structures 
at their working stress level. It is, however, frequently 
assumed to be 5% in linear and nonlinear dynamic analysis 
of RC structures in China, as is encouraged by the seismic 
design code (GB50011, 2010).  

In nonlinear analysis, the assumed initial damping 
should be less than that in a linear analysis because the 
energy dissipation due to the nonlinearity of materials should 
be taken into account in the nonlinear material model. In 
addition, the assumed initial damping for the analysis of a 
single cantilever column should be less than that of a real 
building structure because the portion of energy dissipation 
arising from nonstructural components is almost zero in the 
former case. It was based on these considerations that 2% 
initial damping, which seems to be the lower bound for the 
seismic analysis of RC structures, was adopted in the 
original model.  

The initial damping ratio has considerable influence on 
the prediction of both the local and the global response of the 
column, especially when the column remains essential 
elastic, e.g., in Run 1 (Figure 15). If the damping ratio is 
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increased from 2% to 5%, the maximum drift, as well as the 
maximum base shear and moment, would be reduced by 
about 20%~30% during Run 1 (Figure 16(a)). Because of 
the yielding of the column, the maximum force responses 
become independent on the initial damping ratio while the 
maximum drift is still reduced by more than 20% for Run 3 
(Figure 16(b)). The influence of the initial damping seems to 
vanish in Run 5, during which the hysteretic energy 
dissipation takes a much greater part of the total energy 
dissipation than in the precious runs (Figure 16(c)).  

 

 
Figure 15  Time histories of top drift predicted by models 

with different initial damping ratio 
 

 
Figure 16  Ratios of maximum responses predicted with 

5% to those with 2% initial damping ratio 
 

5.2  Steel elastic modulus 
The use of 0.5Es instead of the measured value, Es, as 

the elastic modulus of the steel fibers in the original model 
(Figure 17) was solely an empirical judgment in order to 
reduce the initial stiffness of the RC column. The change in 
stiffness is accompanied by the shift of the vibration period 
of the column, which is likely to greatly affect the predicted 
maximum responses of the column depending on the 
characteristics of the response spectrum of the input motions. 
It is found after the contest that the use of this reduced steel 
elastic modulus may greatly affect the prediction results of 
both the force and the deformation responses when the 

column remains essentially elastic (Figure 18(a)) and the 
deformation response after the column yields (Figure 18(b) 
and (c)). The moment-curvature curves for Run 1, 3 and 5 
predicted by models using different steel elastic moduli are 
compared in Figure 19. The change in stiffness is obvious.  
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Figure 17  Steel fiber skeleton curves with different elastic 

moduli 
 

 
Figure 18  Ratios of maximum responses predicted with 

measured Es to those with 0.5Es 
 

 
Figure 19 Bottom moment-curvature relationship predicted 

with different steel elastic moduli 
 

5.3  Concrete post peak behavior 
In the original model, it was assumed that the concrete 

fiber is able to keep 80% of its strength after the peak strain 
is exceeded. This is beneficial for the convergence of the 
numerical computation, but may over-estimate the capacity 
of the concrete. By comparing the results obtained by fu = 
0.8fc0 and fu = 0.2fc0, as shown in Figure 20, it is found that 
the concrete post peak behavior may greatly influence the 
maximum compressive strain at the bottom of the column 
while its influence on the global responses is quite limited 
(Figure 21 (a) and (c)). From the moment-curvature curves it 
can be seen that the post-peak stiffness of the column is less 
when fu = 0.2fc0 is assumed (Figure 22).  

It is also observed that for Run 4, the weak run between 
Run 3 and Run 5, not only the local compressive strain, but 
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also the maximum force response is considerably reduced if 
fu = 0.2fc0 is assumed (Figure 21 (b)). It is a consequence of 
the reduced post peak stiffness of the member, as can be 
seen in Figure 22.  

 

 
Figure 20  Concrete fiber skeleton curves with different 

ultimate strength 
 

 
Figure 21  Ratios of maximum responses predicted with fu 

= 0.2fc0 to those with fu = 0.8fc0 
 

 
Figure 22 Bottom moment-curvature relationship predicted 

with different concrete ultimate strength 
 
 

6.  CONCLUDING REMARKS 
 
The numerical model used for the blind prediction 

contest jointly organized by PEER and NEES in 2010 is 
described in details. A parametric study is also conducted to 
identify the influential factors in the numerical model.  

The results of the blind prediction and the parametric 
study after the contest indicate that: 

(1) At least the strength of flexural reinforced concrete 
members can be estimated with confidence;  

(2) Other quantities, including the nonlinear maximum 
drift, can also be well estimated. However, the parametric 
study reveals that the successful estimation presented in this 
paper is primarily the consequence of a good guess on the 
initial damping ratio and an arbitrarily reduced elastic 
modulus of the steel rebars. The influence of the initial 

damping ratio may diminish as the member goes deep into 
the plastic range, while that of the reduced steel stiffness 
exists in the full range of the member’s response.  

(3) Residual drift seems more difficult to estimate than 
the maximum one. There is great space to improve the 
current numerical model to give better estimate for the 
residual deformation.  

It should be pointed out that any conclusion drawn 
from a single model for a single analysis may be incomplete. 
More complete understanding of the advantages and 
disadvantages of different modeling techniques may be 
obtained by collecting and comparing the models of all the 
participants of the blind analysis contest.  
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Abstract:  A 5-story steel moment frame building was tested at E-Defense in August of 2011 with three different 
support conditions: supported by triple friction pendulum isolation system, supported by lead rubber bearings in 
combination with cross linear bearings, and in the fixed-base condition. Nonstructural components and contents were 
installed on the 4th and 5th floors. The isolated buildings were subjected to strong excitations with the goal to approach the 
displacement limit of the base-isolation devices. The triple friction pendulum system was subjected to a variety of large 
ground motions, but did not reach its displacement limit as the friction was observed to be larger than during initial 
bearing characterization. The lead-rubber isolators were subjected simultaneously to large displacements and some 
tension. Nonstructural component damage and content disruption due to strong vertical excitation was observed in both 
isolation systems and in the fixed-base configuration.   
 

 
 
1.  INTRODUCTION 

 

In August 2011, a monumental series of shake table 

tests were completed at the Hyogo Earthquake Engineering 

Research Center, otherwise known as E-Defense, of the 

National Research Institute of Earth Science and Disaster 

Prevention, through energized collaboration of U.S. and 

Japan researchers. In six total days of testing spanning a two 

week period, a 5-story steel moment frame building 

structure was shaken with two different seismic isolation 

systems and in the fixed base configuration. In total, the 

building structure was subjected to 41 sinusoidal and 

earthquake simulations including 13 distinct earthquake 

records, which is the greatest number and variety of 

simulations that has been performed in any test program at 

E-Defense to date. In particular, the building in the 

base-isolated configuration was subjected to very large 

earthquakes, several times pushing the E-Defense shaking 

table to its limit. 

The overarching objective of the test program was to 

provide a full scale demonstration of the effectiveness of 

base isolation to protect not only the building structure, but 

also the nonstructural components and contents in very rare 

earthquakes. To this end, the building structure was 

augmented with a variety of nonstructural components and 

contents. On the 4
th
 and 5

th
 floors of the structure, an 

integrated system of interior walls, suspended ceilings and 

piping was assembled using U.S. construction techniques. 

The architectural layout included enclosed areas on each 

floor, which allowed for the enactment and portrayal of a 

hospital room and an office room including a variety of 

furniture and other loose items. In addition, a full story 

pre-cast concrete cladding column cover assembly was 

fabricated on the 4
th
 floor to evaluate the effectiveness of 

current slotted steel connection design to allow inter-story 

drift. The performance of these nonstructural systems and 

contents is not the focus of this paper. 

The two isolation systems designed and tested as part of 

this program were: 1) triple friction pendulum bearings 

(TPBs), and 2) a combined system of lead-rubber bearings 

(LRBs) and cross linear bearings (CLBs). The TPB isolation 

system was designed to provide continued functionality in a 

maximum considered earthquake ground motion, while the 

LRB/CLB system was selected with consideration to the 

performance objectives of nuclear power plants. Another 

objective of the program was to demonstrate the ability to 

extend seismic resiliency to challenging configurations, as 

the isolation systems were strategically selected to 

accommodate a relatively lightweight (relative to a typical 

isolation system design) and asymmetric superstructure. The 

earthquake excitations were carefully selected to excite the 

isolation systems to their displacement limits, which was 
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controlled by the physical limit of travel in the TPB system 

and stability considerations in the LRB/CLB system. A final 

objective was to determine the influence of vertical 

excitation on the performance of seismically-isolated 

buildings. In all three support configurations, the building 

was subjected to a variety of XY (horizontal only) and 3D 

excitations, including considerably large vertical 

accelerations. This paper highlights preliminary results and 

observations pertaining to the response of the isolation 

systems and the building structure. 

 

 

2.  BUILDING FRAME SPECIMEN 

 

The specimen used throughout the test program was a 

5-story steel moment frame building that was used as part of 

a previous test program (Figure 1). The specimen was 

constructed in September 2008 and tested in March 2009 

with several different types of inter-story dampers to provide 

enhanced performance (Kasai et al. 2010). All dampers were 

removed from the building for the present seismic isolation 

experiments. This building specimen is approximately 16 

meters tall, and asymmetric in plan with dimension of 10 

meters by 12 meters (2 bays by 2 bays).  

The specimen was designed and detailed according to 

Japanese code and design practice. The beams and girders 

are built-up or rolled wide flange sections, and the columns 

are cold-formed HSS sections. All girder-to-column and 

column base connections are fully restrained moment 

connections. Each girder was constructed in 3 pieces, and 

spliced by high-strength bolts at the approximate inflection 

points determined by gravity loading. The flanges of the 

girders are widened near the connections to the column to 

limit yielding near the critical welds. Floor slabs are 

composite slabs formed from 75-mm high corrugated steel 

decks covered by 80-mm normal concrete. The roof slab is a 

150-mm normal concrete slab with a flat steel deck; the roof 

was designed to carry additional loading representative of 

equipment. Additional details of the building design and 

configuration are provided in Kasai et al. (2010). For the 

2011 experiments, additional mass in the form of steel plates 

was placed on the roof in an irregular configuration to 

enhance the asymmetry of the building specimen (Figure 2). 

At 535 kN, this supplementary weight far exceeds the 

concentrated weight introduced by a typical roof mounted 

piece of equipment, such as a chiller (about 80 kN).  

The design weight of the building, including known 

adjustments for configuration changes relative to earlier tests, 

is about 5,300 kN (1,200 kips), which is similar to the 

measured weight of the building specimen from load cells 

(described later). Table 1 summarizes the design weight and 

the estimated offset of the center of mass relative to the 

geometric center of the building in the x and y-directions. 

The dynamic properties of the building measured and 

reported from previous tests are: natural period = 0.68 sec, 

damping ratio = 2%. The modeling and analysis of the 

building specimen for 2011 experiments will be reported in 

future papers; preliminary results suggest the specimen in 

the fixed-base configuration may have responded with 

slightly longer period and greater damping ratio than in 

previous tests. Such behavior may have been the result of 

(a) 

(b) 

(c) 

Figure 1  5-story steel moment frame specimen w/ triple 

pendulum isolators: (a) on shaking table, (b) plan view, 

and (c) elevation view. 
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further accumulation of damage in concrete slabs from all 

prior tests. 

 

 

3.  DESIGN OF THE ISOLATION SYSTEMS 

 
Two considerations influenced the design of both 

isolation systems. First, the isolation systems were to 

accommodate a relatively lightweight structure that weighed 

only about W = 5,300 kN (1,200 kips), leading to an average 

axial load of only about 600 kN (133 kips) per bearing when 

bearings are placed under all columns. Second, as previously 

noted, the system is asymmetric for shaking in the 

x-direction especially with the roof mass. 

The first isolation system incorporated 9 identical TPBs, 

one beneath each column, which were manufactured by 

Earthquake Protection Systems (Figure 3). The properties of 

these isolators were chosen to accommodate the largest near 

fault ground motions that could be replicated by the 

E-Defense table. The bearings are 1.4 m (55 in) in diameter 

(Figure 3(b)), and provide a displacement capacity 1.13 m 

(44 in) with anticipated base shear coefficient V/W = 0.275, 

where V = isolator shear force and W = weight (Figure 4(a)). 

Under typical loading, sliding alternates on the inner 

pendulum surfaces (period T = 1.84 s) and outer pendulum 

surfaces (period T = 5.57 s), with sliding on the outer 

pendulums first occurring when the base shear coefficient 

V/W reaches about 0.08. Prior to reaching the displacement 

limit, the bearings will stiffen at 1.1 m (43.3 in) (base shear 

coefficient V/W = 0.214) as the limit of travel on the outer 

pendulum surfaces is reached and sliding transitions back to 

the inner pendulum (Figure 4(a)). This stiffening behavior is 

intended to slow the sliding and minimize the intensity of the 

impact that might occur at the displacement limit. The light 

structural weight and moderate structural asymmetry were of 

minor influence for the triple pendulum bearings, since the 

shear resistance generated by a friction device is 

proportional to the weight carried. As such, the isolation 

period is independent of the weight carried, and the lateral 

resistance of the isolation system is naturally balanced with 

the distribution of the mass above.  

The second isolation system, featuring 4 LRBs 

manufactured by Dynamic Isolation Systems as the primary 

isolation devices, was designed to protect a nuclear power 

plant in beyond design basis shaking. The design basis 

shaking was evaluated for a representative soil site in eastern 

U.S., wherein the design spectrum was derived by 

converting the uniform hazard spectrum for an annual 

probability of exceedance of 10
-4
 to a uniform risk spectrum 

(Huang et al. 2009). In order to accommodate the light mass 

and overturning moments, the LRBs (Figure 5(a)) were 

supplemented with 5 CLBs (Figure 5(c)) manufactured by 

THK according to design specified by Aseismic Devices 

Company. The LRBs were each 700 mm (27.5 in) in 

diameter with a 102 mm (4 in) lead core and a shape factor S 

= 29. The ratio of lead core to bearing diameter is slightly 

below the range of 1/6 to 1/3, which has been considered by 

some to be ideal (Buckle et al. 2006). Assuming a constant 

axial force of 1325 kN (300 kip) per bearing based on the 

tributary gravity load, these LRBs provide a yield strength 

coefficient V/W = 0.055 and a post-yield period of T = 2.86 

sec (Figure 4(b)). The CLBs are essentially low friction 

sliders that share the vertical load with the LRBs without 

increasing the stiffness or base shear of the isolation system. 

Level Design 

Weight (kN) 

        

(m, %) 

        

(m, %) 

Roof 1170
(*)

 0.00, 0% -1.15, 9.6% 

5 808 0.18, 1.8% -0.39, 3.3% 

4 834 0.19, 1.9% -0.23, 1.9% 

3 829 0.23, 2.3% -0.19, 1.6% 

2 828 0.22, 2.2% -0.26, 2.2% 

Base 842 -0.05, 0.5% 0.45, 3.8% 
(*) 

Includes 535 kN of steel plate weight 

Figure 2  Supplementary steel plate mass (in green) 

superimposed on roof plan 

Table 1  Seismic Weight and Offsets  

(a) 

(b) 

Figure 3  (a) Photograph and (b) section view 

(indicating sliding surfaces) of TPBs used in the test 

program 
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The friction coefficient of the CLBs is given by 

  

 0(1.2 3.6 / ) /1000vP P            (1) 

 

where Pv is the axial force and P0 is a reference force of 

2451 kN. Furthermore, the CLBs enhance the global 

stability of the system by allowing the axial force to 

naturally redistribute between the LRBs and the CLBs, 

while also providing tension resistance. This combination of 

devices provided an anticipated base shear coefficient V/W = 

0.34 at a displacement limit of 0.6 m (24 in), wherein the 

limit was determined by stability considerations in the LRBs 

rather than the limiting shear strain.  

The LRB-CLB system placed LRBs at the edge 

locations and CLBs at the center and corner locations 

(Figure 5(b)). This arrangement offset the stiffness center of 

the isolated layer 0.5 m to the y-direction from the geometric 

center, which is opposite of the mass offset (Table 1). 

 

 

4.  OVERVIEW OF TEST PROGRAM 

 

The building shaking schedule was as follows: 1) three 

days shaking for the TPB isolation system, 2) two days 

shaking for the LRB/CLB system, and 3) one day shaking 

for the fixed-base configuration, with about 7 strong 

excitations per day. Table 2 lists the primary shakings 

performed for each system, including scale factors and target 

peak accelerations. In many simulations the output peak 

table accelerations was larger than the target, but the output 

spectra showed good agreement with the target over the 

relevant period range.  

The schedule for the TPB system was selected with the 

objective of subjecting the system to a wide variety of strong 

ground motions with different characteristics, such as intense 

high frequency content (e.g. JMA Kobe), near-fault (e.g. 

Sylmar and Takatori), very long period (e.g. Chi-chi 

TCU065 and Tabas), and long duration subduction (e.g. 

Tohoku-Iwanuma). Some excitations were repeated at 

different scale factors to incrementally and safely approach 

the displacement limits of the bearings. The schedule for the 

LRB/CLB system was selected with the objective of 

approaching the displacement limit of the system using 

synthetic motions representative of nuclear sites (Vogtle on 

the east coast and Diablo Canyon on the west coast) (Huang 

et al. 2009). The schedule for the fixed-base building was 

selected with the objective of strategically comparing the 

response of the isolated and fixed-base buildings; wherein 

the fixed-base records were necessarily scaled down to limit 

the structure response to the safe (linear) range. 

Figure 4  Force-displacement of the composite isolation system for (a) TPB 

system, and (b) LRB/CLB system 

Figure 5  (a) Photograph of LRB, (b) plan layout of LRB/CLB, and (c) photo of CLB. 

Bearing position labels and direction of shaking are clarified. 

(a) 

(b) 

(c) 
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5.  INSTRUMENTATION 

 
An extensive instrumentation plan was developed and 

executed that included more than 650 channels. Isolator 

lateral deformations were recorded using DTP-D-5KS wire 

potentiometers with a stroke limit of ±2.5 m. An assembly of 

load cells was used to measure lateral and vertical forces of 

each bearing in a configuration that has been described 

previously (Dao et al. 2011). In the LRB/CLB system, forces 

were measured in the LRBs only. Bidirectional story drifts 

were recorded at two locations (SE and NW quadrant) on 

every floor by laser displacement transducers attached to a 

rigid vertical truss. Floor accelerations were recorded at each 

level by 3D accelerometers attached at the SE, NE and NW 

columns.  

Table 2  Schedule of Realized Excitations on Test Days 
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6.  EARLY OBSERVATIONS FROM THE TESTS 

 

6.1  Response of TPB at Large Displacement Demands 

The largest displacement in the TPBs was observed in 

100% Tabas XY on Day 3 (Table 2). The realized peak 

vector displacement demand in the bearings was about 700 

mm (27.6 in) (Figure 6(c, f)), which was well short of the 

expected displacement near 1 m (39.4 in) for this motion. 

Analysis using a simplified single degree-of-freedom 

(SDOF) bidirectionally coupled model with the 

characterized properties of the bearings (Figure 5(a)) 

predicts a displacement demand of 1.05 m (41.3 in). Further 

analysis suggests that during the E-Defense tests, the TPBs 

responded with effective friction greater than observed 

during characterization tests. Full speed characterization 

tests conducted by EPS (data not shown here) produced 

hysteretic loops that correspond closely to the idealized 

behavior in Figure 5(a). However, characterization of the 

unidirectional sine wave tests suggests that the realized 

friction of the outer sliding surfaces in the shake table test 

was larger than the value determined from initial 

manufacturer supplied full speed characterization tests 

(about 8%). For instance, Figure 7 shows the normalized 

force vs. displacement for the center bearing, where dotted 

lines that match the theoretical stiffness of the outer 

pendulum have been super-imposed over the test data. These 

lines correspond to a friction coefficient of 10%.    

The reason for the increase in friction in the TPB 

devices during testing at E-Defense relative to 

characterization is currently under investigation. The 

following factors are acknowledged: (1) The support plates 

separating the bearings from the load cells may not have 

been sufficiently rigid to stabilize and keep the bearings flat 

and level. (2) The grout layer between the bearings and the 

structure was incomplete as constructed and may have 

generated further incongruency in the sliding surface. On a 

positive note, the TPB isolation system accommodated all 

selected ground motions safely without reaching its 

displacement limit.  

The unnormalized hysteresis loops for individual 

bearings exhibit fluctuation that can be attributed to 

variations in axial load. A large displacement pulse and 

associated overturning in the x-direction caused the axial 

force in the SE bearing to increase/decrease (and the 

hysteresis loop to expand/shrink) when the displacement is 

negative/positive, respectively (Figure 6(a-c)). The opposite 

effect is observed in the NE bearing (Figure 6(d-f)). This 

type of behavior in friction pendulum bearings is known and 

well documented (e.g. Morgan and Mahin 2011). In general, 

the lateral stiffness and resistance of a bearing is a function 

of axial load, which causes the local variations in force (e.g. 

over the largest displacement cycle in Figure 6(a)). The 

effect is moderate in the 100% Tabas XY excitation, but 

becomes more pronounced when vertical excitation is 

present. 

 
6.2  Response of LRB/CLB at Large Displacement 

Demands 

The largest displacement in the LRB/CLB system was 

observed in 95% Diablo Cyn XY on Day 5 (Table 2). The 

realized peak vector displacement was 547 mm (21.5 in) in 

bearing E (Figure 8(c)) and in the opposite side bearing W 

(Figure 8(f)) was 412 mm (16.2 in). The measured 

displacement in the 95% motion closely matched the 

prediction to reach 550 mm (21.7 in) in the 100% motion. In 

general, the measured response was close to the pre-test 

analysis results for the LRB-CLB system. 

The LRB-E and W hysteresis loops (Figures 8(a-b), 

8(d-e)) are relatively smooth, with some notable pinching 

near the center (typical for a bearing with a small lead core) 

and minor variances likely due to bidirectional interaction. 

To examine the influence of axial load variations on the 

bearing hysteresis loops, the history of bearing displacement 

and axial force was plotted for each LRB (Figures 9(a-d)). 

The axial force data (Figure 9(d)) suggests that instances of 

greatest axial unloading generally correspond to instances of 

peak deformation (whether positive or negative) in all 

bearings (Figure 9(c)). In fact, LRB-E exhibited tension for 

several deformation peaks in a row. A summation of the 

axial force over all LRBs (Figure 9(e)) conveys the net axial 

unloading of the LRBs, which indicates that a net transfer of 

axial force from the LRBs to the CLBs at large deformation 

demands must have taken place. This force transfer occurs 

because the LRBs naturally shorten at large deformations, 

but were constrained from shortening by the base diaphragm 

and the high vertical stiffness of the CLBs. Since the 

compressive force on the LRBs never became large, the 

Figure 6  Recorded data for TPB in 100% Tabas XY; 

force vs. disp. in x, y and displacement trace for (a-c) SE 

bearing, and (d-f) NE bearing 
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LRBs and CLBs worked well together to isolator instability 

in this system. Evidently, for the specimen tested in this 

program, the axial unloading of LRBs at large displacements 

completely offset any increases in compressive force of the 

LRBs due to overturning. For instance, bearing LRB E 

appears to accumulate tension at every local peak (positive 

and negative deformation), which would correspond to 

instances of both positive and negative overturning. This 

phenomenon merits further investigation. 

In this 95% Diablo Cyn simulation, the recorded tensile 

force in bearing LRB E was about 300 kN (67 kips) (Figure 

9(d)), while over the entire series of simulations, a maximum 

tensile force of about 500 kN (112 kips) was observed. The 

manufacturer indicated that LRBs may be designed for an 

allowable stress up to 1.5G in tension (G = shear modulus), 

corresponding to about 240 kN (54 kips) in these LRBs, but 

that tensile capacities much larger than this have been 

observed in testing. The cyclic response of the LRBs did not 

appear to be affected by enduring the repeated tension 

demands generated by the test program. 
 
6.3  Influence of Vertical Excitation on the Response of 

the Isolation Systems 

One of the most noteworthy observations of the test was 

the influence of vertical excitation on the response of the 

isolated buildings. Damage to the nonstructural components 

on the 4
th
 and 5

th
 floor and notable content disruption was 

observed in all system configurations (TPB, LRB-CLB, and 

fixed base) during motions that included large components 

of vertical excitation. While base isolation is well known to 

provide no protection against vertical excitation, the level of 

disruption that could be attributed to vertical excitation was 

unexpected.  

The Northridge Rinaldi Rec. Sta. (RRS) excitation with 

88% scale factor caused the greatest level of disruption in all 

systems, and the peak table acceleration in each direction 

was observed to be on the order of 1.5-2 times the target, 

accompanied by a comparable increase in the response 

spectrum of the motion over the period range of 0-0.5 

seconds. The motion was replicated with similar intensity 

and frequency content for all systems and on the empty table. 

While the motion produced by the table represents shaking 

considerably larger than 88% RRS for short period response, 

it was not thought to be unrealistic. 

Corresponding to the observed damage and disruption, 

both horizontal floor accelerations and story drifts in the 

isolated building appear to be significantly amplified when 

the vertical component of excitation is present. Figure 10 

compares recorded floor accelerations (5
th
 and roof level) 

and story drifts (1
st
 and 2

nd
 level) for the TPB system 

subjected to 88% RRS XY and 3D excitations. Figure 11 

shows the same set of results for the LRB-CLB system. In 

the TPB system, the upper story floor accelerations are 

increased from about 0.3g for XY excitation to about 0.9g 

for 3D excitation (Figure 10(b), 10(d)). This latter value is 

comparable to the PGA, and would thus suggest a 

diminished benefit of seismic isolation. The increase seems 

to be attributed to high frequency oscillation that is absent 

under XY excitation, and suggests a lateral/vertical coupling 

phenomenon. The story drift histories also exhibit the high 

frequency oscillation but the influence on peak drifts is 

moderate. The increase in accelerations and drifts are also 

observed in the LRB/CLB system (Figure 11), but does not 

appear to be as strong as in the TPB system.   

One explanation for the difference in response 

accelerations between TPB and LRB-CLB bearing response 

is that several of the TPB system isolators were subjected to 

multiple uplift excursions and subsequent pounding when 

the device(s) made renewed contact with the table. The 

LRB-CLB system did not permit uplift but instead engaged 

the tensile resistance of both devices. No appreciable 

difference in damage or disruption was noted for the TPB 

system compared to the LRB/CLB system. Some of the 
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Figure 8  Recorded data for LRB/CLB 95% in Diablo 
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same characteristic high frequency response was also 

observed in the acceleration histories of the fixed-base 

system (not shown here), but did not appreciably influence 

the peak accelerations. 

Although not shown here, significant amplifications in 

vertical acceleration (relative to the ground) also occurred. 

The lateral-vertical coupling and amplification of horizontal 

and vertical accelerations was a real phenomenon in this 

structure, and will be explained in future publications. 

However, it would be premature to draw general conclusions 

about the influence of vertical excitation on base-isolated 

structures. 

 

 

3.  CONCLUDING REMARKS 

 

The test data from the E-Defense tests has the potential 

to transform our views on how to provide continued 

functionality after strong earthquakes. The isolation systems 

eliminated structural damage in motions that would likely 

have induced severe damage or possibly collapse of the 

fixed-base structure. At the same time, many interesting 

phenomena were revealed with regard to behavior of the full 

scale isolation devices, interaction of the response due to 

horizontal and vertical excitation, and the performance of 

nonstructural components and contents in both the seismic 

isolation and fixed base configurations. The data from this 

test is a rich resource to be unveiled in the months and years 

to come. 
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Abstract:  This paper summarizes the analysis approach and numerical results of a full scale 5-story steel frame 
building equipped with triple friction pendulum bearings, which was subjected to a number of extreme ground motions 
representing the seismic hazard of high seismicity regions in the United States and Japan. The full scale shaking table 
tests took place at the world’s largest facility at E-Defense in Japan. A blind prediction challenge was organized in 
parallel with the testing program to stimulate current computational methods and modeling techniques and evaluate the 
accuracy and predictions for both isolated and conventional steel frame buildings. For this purpose, a three dimensional 
nonlinear model was developed and successfully reproduced the experimental data of the base-isolated building 
configuration in terms of engineering demand parameters such as story drift ratios, story shear forces and absolute 
accelerations along the height of the building.  

 
 
1.  INTRODUCTION 
 

Seismic isolation has been recognized as one of the 
most effective ways to protect a structure, its non-structural 
components and contents from large earthquakes. The base 
isolation technology enables engineered modification of the 
seismic response of a seismically isolated building. The 
seismic isolation system provides a reduction of seismically 
induced deformations of the superstructure and at the same 
time mitigates high acceleration demands in non-structural 
components. The effectiveness of such technology has been 
highlighted in a number of analytical and experimental 
studies on various base isolation systems during the past 30 
years (Kelly and Aiken 1991, Kelly 1993, Naeim and Kelly 
1999, Ryan et al. 2005, Fenz and Constantinou 2006, 
Masroor and Mosqueda 2011). More recently, during the 
Great Tohoku earthquake in Japan in March 2011, the 
seismic behavior of response–controlled buildings by the use 
of base isolation and damper technology was proven to be 
satisfactory (Kasai 2011, Kasai et al. 2012). Higashino and 
Okamoto (2006) summarized the worldwide adoption of 
seismic isolation and describe the current state of the 
practice, including specific applications in a number of 
countries around the world. 

Most shaking table tests on base isolation systems have 
been conducted on reduced scale models (Kelly and Beucke 
1983, Constantinou and Tadjbakhsh 1984, Zayas et al. 1987, 
Constantinou et al. 1990, Masroor and Mosqueda 2011) in 
order to test the effectiveness of various isolation devices. 
Only recently, in Japan, a series of full-scale shaking table 
tests were conducted at E-Defense with a base-isolated 

four-story reinforced concrete (RC) hospital equipped with 
natural rubber bearings (Sato et al. 2011). These tests 
investigated the seismic performance of hospital equipment 
in comparison with the fixed base configuration. It is 
understood that experimental data on the response of 
full-scale base-isolated buildings is scarce; therefore, there is 
a need to demonstrate the benefit of such technology to date 
and the efficiency and reliability of simulation tools for 
base-isolated buildings. For this reason, during August 2011, 
the Network for Earthquake Engineering Simulation (NEES, 
Tools for Isolation and Protective Systems) in collaboration 
with the National Research Institute for Earth Science and 
Disaster Prevention (NIED) and the NEES Nonstructural 
Grant Challenge project conducted an extensive 
experimental program that involved two series of tests of a 
5-story steel moment frame building equipped with triple 
friction pendulum (TFP) isolators and rubber bearings. A 
third series of shaking table tests was also carried out with 
the fixed-base building configuration. 

In parallel with the experimental program, a blind 
analysis challenge was organized in order to contribute to 
the development of computational prediction of seismic 
response and efficient modeling techniques for steel frame 
buildings incorporating seismic isolation devices. The blind 
analysis contest was hosted by the Center for Urban 
Earthquake Engineering (CUEE) at Tokyo Institute of 
Technology in collaboration with NEEStips and NIED. As 
part of the blind analysis competition, a three-dimensional 
(3-D) model of the full-scale 5-story steel frame building 
was developed to validate the numerical simulation 
predictions of the fixed-base and base-isolated 
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configurations in comparison with the available 
experimental data.  

This paper discusses the modeling techniques that were 
utilized in order to successfully reproduce the experimental 
data from the full-scale shake table tests as part of the 
E-Defense blind analysis challenge with emphasis on the 
base-isolated building configuration. 
 
2. DESCRIPTION OF THE TEST SPECIMEN 
 

A 5-story steel building was used as the main 
specimen for the experimental program of the NEEStips 
projet. The test specimen is shown in plan view and 
elevations in Figures 1 and 2, respectively. Its total height 
from the upper surface of the foundation beam was 15.8m. 
The building was asymetric (see Figure 1) with a plan 
dimension of 10mx12m. The seismically active weight of 
the fixed-base and base-isolated building was 4467kN and 
5529kN, respectively. 

 

Figure 1.  Plan view of the 5-story steel frame building 
(drawings from Kasai et al 2010) 
 

The building consisted of perimeter and interior steel 
moment resisting frames in both loading directions. The 
steel components of the building consisted of 400mm deep 
wide-flange beam sections and hollow square sections 
(HSS) as columns (HSS350) with variable tube thickness 
along the height of the building. These sections are 
summarized in Tables 1 and 2. The beam-to-column 
connections of the steel building were fully restrained 
moment resisting connections that represented typical 
Japanese steel construction. In order to increase the yield 
rotation of the beam, the flange was haunched (see Tables 1 
and 2). The measure material properties of the individual 
sections were based on tensile coupon tests and are 
summarized in Kasai et al. (2010). A 155mm slab, which 
consists of 75mm corrugated steel deck covered by 80mm 
normal concrete, guaranteed composite action. The slab at 
the roof was 150mm thick. A precast lightweight curtain 
wall and a glass curtain wall were provided around the first 
and second stories of the building. This building has been 

used in a previous large-scale experimental program (Kasai 
et al. 2007, 2008, 2010) that evaluated the effectiveness of 
various types of dampers (steel, viscous, oil and viscoelastic) 
on the seismic performance of the 5-story steel building. 
More details regarding the specimen can be found in Kasai 
et al. (2007, 2010). Ceiling, piping and partition systems 
were also installed in the fourth and fifth floor of the 
building (see Dao et al. 2011). 

 

(a) 

 
(b) 

Figure 2.  Elevation in the x and y- loading directions of the 
5-story steel frame building (drawings from Kasai et al 
2010) 
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2.1  Base Isolation System 
 
 Nine identical triple friction pendulum (TFP) bearings 
were provided by EPS and were utilized as the base isolation 
system. This system was connected on the shaking table on 
specially fabricated steel hex plates that were equipped with 
load cells. One of the isolators is shown in Figure 3. The 
isolation system was designed such that the maximum story 
drift ratios of the superstructure do not exceed 0.5% in a 
Maximum Considered Earthquake (MCE) as discussed in 
Dao et al. (2011). A triple friction pendulum bearing consists 
of two layers of sliders sandwiched between concaved 
sliding surfaces. The principles of operation and 
force-displacement relationships of this system are discussed 
in Fenz and Constantinou (2006). The secant period of each 
bearing is 4.6sec at 1140mm (peak displacement). 
 
Table 2. Column sections with reference to Figure 1 

 
 
3. OUTLINE OF THE BLIND ANALYSIS CONTEST 
 
 In parallel with the experimental program, a blind 
analysis contest was held in order to evaluate the 
state-of-knowledge on computational modeling of steel 
buildings equipped with isolation devices. Twenty-one 
entries from around the world participated in the blind 
analysis contest, which was organized in two steps. The first 
step involved pre-test blind predictions based on the 
anticipated earthquake loading. The purpose of this step was 
to fix the input model parameters of the conventional 
fixed-base and base-isolated building configuration. The 
second step involved post-test predictions using the actual 

earthquake loading as measured from the shaking table. The 
analytical results that were submitted as part of the blind 
analysis contest, involved absolute maximum response 
quantities including relative floor displacements and story 
drift ratios, absolute floor accelerations, maximum absolute 
base shear and the maximum bidirectional isolator 
displacement at one of the exterior columns of the steel 
building. As part of the competition, the average roof 
spectral acceleration over the frequency range of 1.33Hz to 
4.00Hz, assuming 5% damping was also required to be 
submitted. The latter is used as a damage indicator for 
non-structural components. To judge the accuracy of the 
predicted quantities, the total error for each participant was 
computed based on the square root of sum of the squares of 
the individual response quantity errors. More information 
can be found in http://www.cuee.titech.ac.jp/contest. 

 

Figure 3.  Triple friction pendulum isolator; basic 
dimensions 

Story C1 C2 C3
5 !-350x350x12x12 !-350x350x12x12 !-350x350x12x12
4 !-350x350x12x12 !-350x350x12x12 !-350x350x12x12
3 !-350x350x16x16 !-350x350x16x16 !-350x350x19x19
2 !-350x350x16x16 !-350x350x19x19 !-350x350x19x19
1 !-350x350x19x19 !-350x350x22x22 !-350x350x22x22

1397mm

330mm

546mm

546mm

1397mm

Floor G1(Full Portion) G2(End Portion) G2(Center Portion) G2(End Portion) G2(Center Portion)
RF H-400x200x9x12 BH-400x200x9x12 H-400x200x9x12 BH-400x200x12x16 H-400x200x9x12
5F BH-400x200x12x16 BH-400x200x12x16 H-400x200x9x12 BH-400x200x12x16 H-400x200x9x12
4F BH-400x200x12x19 BH-400x200x12x19 H-400x200x9x16 BH-400x200x12x19 H-400x200x9x16
4F H-400x200x12x22 BH-400x200x12x19 H-400x200x9x16 BH-400x200x12x19 H-400x200x9x16
2F H-400x200x12x22 BH-400x200x12x19 H-400x200x9x16 BH-400x200x12x19 H-400x200x9x16
1F BH-900x500x16x28

Floor G11(Full Portion) G12(End Portion) G12(Center Portion) G13(End Portion) G13(Center Portion)
RF H-400x200x9x12 BH-400x200x9x12 H-400x200x9x12 BH-400x200x9x12 H-400x200x9x12
5F BH-400x200x12x16 BH-400x200x12x16 H-400x200x9x12 BH-400x200x12x16 H-400x200x9x12
4F BH-400x200x12x16 BH-400x200x12x19 H-400x200x9x16 BH-400x200x12x19 H-400x200x9x16
4F BH-400x200x12x19 BH-400x200x12x19 H-400x200x9x16 BH-400x200x12x19 H-400x200x9x16
2F H-400x200x12x22 BH-400x200x12x19 H-400x200x9x16 BH-400x200x12x19 H-400x200x9x16
1F BH-900x500x16x28

BH-900x500x16x28BH-900x500x16x28

Table 1. List of cross section sizes with reference to Figure 1

BH-900x500x16x28 BH-900x500x16x28
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4. MODELING OF THE TEST SPECIMEN 
 
 As part of the blind analysis contest, a three 
dimensional model of the test specimen was developed in 
the Open System for Earthquake Engineering Simulation 
(OpenSees) platform (McKenna 1997). Steel beams were 
modeled with a grid of 5x3 fiber elements that represented 
the flange and web width and thickness, respectively. The 
HSS columns were also modeled with a grid of 5x4 fiber 
elements to model the depth and thickness of the HSS 
column. For HSS columns, fiber elements were employed 
since coupling of axial load and bending is considered. The 
number of fibers to be used for both beams and columns was 
determined based on a sensitivity study that was conducted 
with the fixed-base building configuration prior to the 
pre-test submission. Since maximum absolute story drift 
ratios of the superstructure were not expected to exceed 
1%rad, the Menegotto-Pinto (1973) hysteretic model (noted 
as Steel02) was utilized to model the nonlinear behavior of 
steel beams and columns. This model accounts for both the 
Bauschinger effect and cyclic hardening of a steel 
component. The parameters that control these effects were 
calibrated based on available steel beam quasi-static cyclic 
tests from a recently developed database for nonlinear 
modeling of steel components (Lignos and Krawinkler 
2011). An example of a numerical model calibration is 
shown in Figure 4. This figure shows the deduced moment 
rotation relationship of a steel beam as predicted by the 
Menegotto-Pinto hysteretic model. Superimposed in the 
same figure are the experimental data for the same beam. 
The comparison indicates an almost identical match.  

 
Figure 4.  Predicted versus experimentally obtained 
deduced moment rotation diagram for a steel beam 
(experimental data from Chou and Wu 2007) 
 
 Since the material properties for all steel beams and 
columns were available to the analysis contest participants, 
in the case of beams, two different Menegotto-Pinto material 
models were employed to account for the difference in 
material properties of the beam web and flanges. Note that if 
pounding against an outer moat retaining wall is expected, 
the modeling technique needs to be revised so that cyclic 
deterioration in strength and stiffness of steel components is 
explicitly modeled.  

 The shear and torsional stiffness of the individual 
sections were modeled with the elastic material. 
Deformations due to bending, shear and torsion were 
coupled in the same cross sections with a section aggregator. 
A displacement-based nonlinear beam-column element was 
used for both beams and columns that considered spread of 
plasticity along the element. Five Gauss integration points 
were considered along the beams and columns to capture 
their nonlinear curvature distribution. The integration along 
the element was based on the Gauss-Lobatto quadrature rule 
(Gautschi and Li 1991) by assuming a prismatic cross 
section. 
 
4.1.  Modeling of the Triple Friction Pendulum Bearing 
 
 The one-dimensional behavior of the TFP bearing has 
been documented by Fenz and Constantinou (2006) and 
Morgan and Mahin (2010) based on piece-wise linear 
behavior for pressure-independent friction properties and 
small angles approximations. Becker and Mahin (2011) 
developed a new kinematic model based on the constitutive 
and compatibility relationships of all of the bearing’s sliding 
surfaces. This model does not have any restrictions on 
friction and radius of each sliding surface. Still, this model 
does not consider the variation of axial load in the TFP 
bearing.  Herein, the behavior of the TFP bearing was 
modeled with a bidirectional element implemented in 
OpenSees. This model does not consider the fluctuation of 
axial load during the dynamic response of a base-isolated 
building. The input parameters of the bidirectional model 
were calibrated based on unidirectional experimental data 
that were released by the Blind Analysis Contest organizers. 
Figure 5 shows a comparison of the simulated versus 
experimental hysteretic response of one of the TFP bearings. 
In average, a constant compressive vertical load was applied 
to the TFP bearings that they were pushed to about 630mm 
maximum lateral displacement. From the same figure it is 
indicated that these bearings have a fairly low friction 
coefficient. The equivalent damping that the isolators add to 
the base-isolation system is about 30%. 

 
Figure 5.  Predicted versus experimentally obtained 
load-displacement diagram of a TFP bearing (experimental 
data from Blind Analysis Contest Organizers) 
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4.2.  Modeling the Non-Structural ALC Panels 
 
 Typically, the effect of non-structural components as 
part of a building is important on the contribution to its 
lateral stiffness and damping at a range of story drift ratios 
smaller than 1.5%. Therefore, the Autoclaved Lightweight 
Concrete (ALC) panels (perimeter wall around the steel 
building as shown in Figure 6a) were also considered in the 
3-D numerical model of the test specimen. The nonlinear 
hysteretic behavior of the ALC panels was simulated with 
the SAWS hysteretic model that was developed as part of 
the CUREE-Caltech wood frame project. This model was 
assigned to diagonal struts that were installed around the 
perimeter of the steel building at the first two stories. The 
SAWS model is able to simulate the degrading pinched 
hysteretic response of an ALC panel (see Figure 6b). It was 
assumed that the behavior of the ALC panels was degrading 
in strength after the story drift angle overpassed 1.2% rad. 
The strength of the ALC panel was assumed to be zero after 
a story drift angle of 2% rad. These values were obtained 
from ALC panel tests that were conducted by Matsuoka et al. 
(2008). A similar modeling technique has been successfully 
implemented by Nam and Kasai (2011) to model the 
dynamic response of a full-scale 4-story building that was 
tested through collapse at the E-Defense shaking table in 
September 2007. The contribution of the ALC panels to the 
lateral stiffness of the test specimen was about 10% of its 
total lateral stiffness in both loading directions. These values 
agree well with earlier studies by Nam and Kasai (2011). 
 
4.3.  Modeling Damping 
 
 The predominant periods of the fixed-base and 
base-isolated building configurations were 0.695sec and 
1.635sec, respectively (assuming that there is no movement). 
Viscous damping was modeled by assuming 2.3% Rayleigh 
damping at T1 and T3 for both the fixed-base and 
base-isolated buildings. The damping ratios that were 
assumed, were obtained from system identification tests of 
the fixed-base building configuration tested in 2009 as 
summarized in Kasai et al. (2011). It should be noted that for 
the base-isolated building configuration, Rayleigh damping 
was assigned only to the steel beams and columns (not the 
isolators) of the test specimen. The stiffness proportional 
part of the Rayleigh damping was based on the initial 
stiffness matrix of the numerical model of the superstructure. 
Note that Charney (2008) suggested that Rayleigh damping 
should be based on the tangent stiffness matrix of the 
structure in order to avoid issues related to artificial damping 
forces when the superstructure experiences severe nonlinear 
behavior. This was not the case for both the fixed-base and 
base-isolated configurations.  
 Ryan and Polanco (2008) suggested that the Rayleigh 
damping assumption often leads to undesirable suppression 
of the first mode response of a base-isolated structure; To 
correct this behavior stiffness-proportional damping should 
be used in lieu of Rayleigh damping. However, the Rayleigh 
assumption did not cause this problem for the 5-story base 

isolated steel building that was analyzed as part of the blind 
analysis contest. Second order effects were modeled with the 
P-Delta transformation. 
 

 
(a) 

 
(b) 

Figure 6.  ALC panels; (a) location of panels around the 
perimeter of the 5-story steel building; (b) simulated 
hysteretic response of a typical ALC panel 
 
 The Implicit Newmark integration algorithm was 
employed to conduct the nonlinear response history analysis 
with direct integration of the equations of motion. The 
Newton solution algorithm was used with a varying analysis 
time step dt that was initially set to be 0.01sec (same as the 
ground motion time step). If convergence was not satisfied 
the time step was decreased to 0.005sec, 0.001sec and 
0.0001sec. The convergence criterion that was employed 
utilized the norm of the left hand side of the system of 
equations formed by the integrator, which is typically equal 
(not always) to the displacement increments that are to be 
applied to the numerical model. 
 
4.4  Validation of the 3-D Numerical Model 
 
 In order to establish confidence for the simulated data 
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of the numerical model discussed in Section 2, two main 
types of analyses were conducted with the fixed-base 
building. A pushover analysis of the fixed-base building (see 
Figure 7a) based on a first mode lateral load pattern for the 
x- loading direction (y- is not shown for brevity). From this 
figure, the story stiffness of the steel MRF in the x-loading 
direction is about 12% larger than the one in the y-loading 
direction. The first plastic hinge occurs at the column base 
after the story drift ratios exceed 0.01rad for both loading 
directions. These results matched well with available 
numerical simulations discussed in Kasai et al. (2008) for the 
same building. In addition, maximum story drift ratios along 
the height of the same building subjected to the 50% of the 
unscaled JR Takatori record from the Kobe 1995 earthquake 
were compared with available experimental data (Kasai et al. 
2010) for x- (see Figure 7a) and y- (see Figure 7b) loading 
directions, respectively. Again a satisfactory agreement 
between simulated and experimental results was achieved. 

 

(a) 

 

 (b) (c) 
Figure 7.  Fixed-base building configuration; (a) Story 
shear forces versus story drift ratios in the x- loading 
direction; (b) peak SDRs in x-loading direction during the 
50% JR Takatori record; (c) peak SDRs in y-loading 
direction during the 50% JR Takatori record. 
 
5.  BLIND ANALYSIS CONTEST TESTING 
PROTOCOL 
 
 The base-isolated building configuration was subjected 

to a large number of ground motions that represented the 
seismic hazard in high seismicity regions in the United 
States and Japan.  However, for the purpose of the blind 
analysis contest, a single ground motion was used for both 
the fixed-base and base-isolated buildings. The ground 
motion that was used in the post-test analysis contest was 
recorded during the 2011 Great East Japan earthquake at 
Iwanuma station. The duration of this ground motion 
exceeded 2min. The unscaled absolute acceleration spectra 
for all three components (x-, y-, vertical) of the ground 
motion are shown in Figure 8 for 5% damping. The recorded 
acceleration histories from the shaking table tests are used 
for this purpose. From the same figure, it can be seen that the 
x- and y- components of acceleration have a similar 
frequency content. The effect of the vertical motion is not 
expected to be significant The 70% and 100% of the 
unscaled motion was applied to the fixed-base and 
base-isolated building configuration, respectively. Note that 
the 100% of the unscaled Iwanuma record represents a 
maximum considered event (MCE) in the United States 
based on the design acceleration spectra presented in Dao et 
al. (2011). 

 
Figure 8.  5% absolute acceleration spectra for x-, y- and 
vertical acceleration components of the unscaled Iwanuma 
record from the 2011 Great East Japan earthquake. 
 
6.  COMPARISON OF ANALYTICAL AND 
EXPERIMENTAL RESULTS 
 
 This section discusses the comparison of the simulated 
versus experimental results from the blind analysis contest 
for the base-isolated building configuration. Figure 9 shows 
the simulated (noted as “Sim.”) absolute peak floor 
displacement profiles along the height of the building 
relative to the shaking table, for x- and y- loading directions. 
In the same figure, we have superimposed the measured 
quantities (noted as “Exper.”). This figure indicates a 
relatively good match between the simulated and 
experimental results. Due to the base-isolation system, an 
almost uniform displacement profile is achieved along the 
height of the building. The latter is also illustrated in Figure 
10 that shows the maximum absolute story drift ratios (SDR) 
of the test specimen for both loading directions. From this 
figure, the experimental results are in close agreement with 
the simulated data. 
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 (a) x-direction (b) y-direction 
Figure 9.  Comparison between predicted and measured 
peak absolute displacements of the base-isolated building 
relative to the shaking table 
 

As discussed in Section 5, this ground motion 
represents well a MCE in the United States (Dao et al. 2011). 
From Figure 10, The maximum SDRs of the superstructure 
are well below 0.5% radians. Therefore, the performance 
objectives for the design and selection of the base-isolation 
system are satisfied. 

 

 (a) x-direction (b) y-direction 
Figure 10.  Comparison between predicted and 
experimentally obtained absolute peak story drift ratios of 
the superstructure for the 100% Iwanuma record 
 
Looking at the absolute values of the peak absolute 
accelerations along the height of the base-isolated 
configuration subjected to 100% of the unscaled Iwanuma 
ground motion, the originally obtained post-test predictions 
(noted as Post-Test) did not match well with the measured 
experimental data for both loading directions (see Figure 11). 
This occurred because the ground acceleration history in 
both loading directions was not superimposed correctly with 
the relative floor acceleration histories of the superstructure 
to obtain its floor absolute acceleration histories. 

 
 (a) x-direction (b) y-direction 
Figure 11.  Comparison between predicted and measured 
absolute peak floor absolute accelerations for the 100% 
Iwanuma record 
 
 Superimposed in the same figure are the peak floor 
absolute accelerations along the height of the base-isolated 
building configuration as predicted by the same numerical 
model after applying the correction in the post-processing 
(noted as “Corrected” in Figure 11). The small differences 
between simulated and experimental data in terms of peak 
floor absolute accelerations are attributed to differences in 
the high frequency range. This can be seen from Figure 1. 
This figure shows a comparison of the 5% damped floor 
absolute acceleration spectra (floors 1, 3 and roof) from the 
measured and simulated floor absolute acceleration data.  

 

 (a) x-direction (b) y-direction 
Figure 12.  Floor absolute acceleration spectra for 5% 
damping for the 100% Iwanuma record 
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 Figure 12 indicates that the numerical model is able to 
reproduce reasonably well the peak floor absolute 
accelerations in the low frequency range for the given 
ground motion. However, the numerical model consistently 
over predicts the peak floor absolute accelerations in the 
high frequency range. This observation is particularly 
important if a specific frequency range of the numerically 
obtained peak floor absolute acceleration spectra is used to 
characterize damage on non-structural components of a 
building during an earthquake. 
 The shaking table tests of the 5-story base-isolated steel 
building provide a unique opportunity to investigate the 
hysteretic behavior of the TFP system as part of a building. 
Figure 13 shows the measured total base shear force versus 
TFP relative displacement with respect to the shaking table 
at the exterior column C2 (see Figure 1) for x- (see Figure 
13a) and y-loading directions (see Figure 13b). In the same 
figure we have superimposed the simulated response from 
the 3-D numerical model of the test specimen. These figures 
indicate that numerical predictions are well correlated with 
the experimental data for both loading directions.  

 
(a) x-direction 

 

(b) y-direction 
Figure 13.  Comparison between predicted & measured 
hysteretic behavior of the TFP bearing at column C2 
 
 The differences in force measurements in both loading 
directions are primarily attributed to the fact that the 
numerical model that is used to simulate the hysteretic 
response of the TFP bearings does not consider the 

fluctuations in vertical load of the TFP bearing. These 
fluctuations could become very important if the vertical 
component of the ground motion acceleration becomes 
significant, which is not the case for the Iwamuna record 
(see Figure 8). This could be very important for near-fault 
ground motions. 
 The numerical model is able to reproduce reasonably 
well the displacement histories of the TFP bearing in both 
loading directions as seen in Figure 14. The small 
differences between the predicted TFP displacement 
histories versus the measured ones is attributed to (1) the 
bilinear approximation of the hysteretic response of the TFP 
(see Figure 5) and (2) the small differences in approximating 
friction between the sliding surfaces of the TFP bearing. It 
should also be pointed out that the TFP bearings are able to 
re-center after an extreme earthquake (bearing maximum 
displacement exceeded 350mm) with long duration with 
practically no damage to the structural and non-structural 
content of the building extending its seismic resiliency. 
 
7.  SUMMARY AND CONCLUSIONS 
 

This paper summarizes the modeling approach and 
experimental validation of a full-scale 5-story steel building 
equipped with triple friction pendulum (TFP) bearings that 
was tested at the world’s largest shaking table facility at 
E-Defense, Japan during August 2011. The 3-dimensional 
model (3-D) of the base-isolated building configuration was 
developed as part of a blind analysis contest that was hosted 
by the Center for Urban Earthquake Engineering (CUEE) at 
Tokyo Institute of Technology in collaboration with 
NEEStips and NIED.  The blind analysis challenge was 
organized to mainly contribute to the development of 
computational prediction of seismic response of 
base-isolated structures. The main findings from the 
integrated experimental and analytical research study 
presented in this paper are summarized as follows, 

1. Absolute maximum floor displacements and story 
drift ratios along the height of the base-isolated 
building are predicted fairly well from the 3-D 
numerical model of the test specimen.  

2. Peak story drift ratios of the superstructure were 
well below 0.5% radians indicating that the design 
and selection of the base isolation system satisfied 
the performance objectives that were set for the 
steel building. 

3. The numerical model of the test specimen slightly 
over predicted its peak floor absolute accelerations. 
The differences between measured and simulated 
floor absolute acceleration histories for the given 
ground motion are attributed to the fact that the 
numerical model slightly over-predicts acceleration 
values in the high frequency range. However, 
absolute accelerations in the low frequency range 
are predicted fairly well. This observation is 
particularly important for utilization of numerically 
simulated floor absolute acceleration histories to 
derive damage indicators for non-structural 
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components. 
4. Provided that (1) the vertical component of the 

ground motion acceleration is not significant, (2) 
the fluctuations of the vertical axial load on the 
FTP bearings are not large and (3) for small angle 
approximations during the dynamic response of the 
base-isolation system, a simple bidirectional 
element is able to successfully reproduce the 
hysteretic behavior of a FTP bearing by assuming 
pressure-independent friction properties between 
the sliding surfaces of the FTP bearing. 

 Landmark experimental data have been generated 
through the NEEStips/NIED collaborative research project 
that offer a unique opportunity for further advancements in 
computational modeling of the dynamic response of 
base-isolated structures. This data can be effectively utilized 
for the development of a performance-based design 
methodology for base-isolated structures in order to achieve 
damage-free seismic performance during extreme 
earthquakes. 
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Abstract:  The seismic performance tests of a full-scale five-story steel building were conducted on the E-Defense 
shaking table in Japan in 2011. Before the tests, a blind prediction contest was held to allow participants to construct 
analytical models and predict the dynamic responses of the steel frame specimen with or without base isolators. This 
paper presents the details of the analytical modeling techniques for the building with the fixed-base configuration. Using 
the OpenSees program, the fibered beam elements for the frame response prediction model were considered to account 
for the steel and concrete full-composite actions. The effective concrete slab width was determined from the simulation 
results of a beam-to-column subassembly test. The influence of the metal deck orientation on the composite beam 
properties has been taken into account. Each column member adopts the nonlinear beam-column element with a fiber 
section consisting of kinematic hardening steel material fibers. The beam and column mechanical properties were 
computed using center line to center line dimensions. The frame response prediction results show good agreement with 
the test results. This suggests that the proposed modeling techniques may be considered for the structural analysis of 
similar steel frames with a fixed-base configuration. 

 
 
1.  INTRODUCTION 
 

In August 2011, the world’s largest three-directional 
earthquake simulation table, E-Defense shaking table, was 
utilized for experimental tests of a full-scale five-story steel 
building. The building supported by the triple friction 
pendulum isolators was tested. The seismic performance of 
the base-isolated building was compared to that of the 
building in the fixed base configuration. Before the tests 
were executed, a blind prediction contest was held to allow 
researchers and practitioners from all over the world to 
construct analytical model and predict the dynamic 
responses of the building with or without base isolators. The 
authors of this paper participated in the contest, and applied 
the OpenSees program (McKenna 1997) to conduct the 
response history analyses of the building frame with the 
fixed-base and the base-isolated configurations. This team 
was awarded the 1st and 2nd places in the fixed-base and the 
base-isolated categories, respectively. This paper presents the 
analytical modeling techniques and compares the prediction 
with the test results of the specimen in the fixed-base 
configuration. 
 
2.  TEST FRAME 
 

The test specimen was a steel moment frame first 

utilized in 2010 (Kasai et al. 2010, Yu et al. 2011). The story 
height is 3.85m for the 1st story, 3.0m for the 2nd to 4th 
stories, and 2.985m for the 5th story.  Figure 1 shows the 
floor framing plan. The longitudinal and transverse 
directions of the building are defined as the Y and X 
directions, respectively. The structural configuration consists 
of two bays of 7 m and 5 m in the Y direction and two bays 
of 5 m each in the X direction. Wide flange sections were 
used for all beams, and square hollow structural section 
(HSS) for columns. The member sizes can be found in the 
reference (Kasai et al. 2010). The steel grade was SN490B 
for the frame beams and BCR295 for the columns. 

 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 1  Floor framing plan (mm) 
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3.  ANALYTICAL MODEL 
 

In the numerical model, the frame mass was specified 
at the top of the concrete floor slab. The masses in the X 
direction (Mx), Y direction (My), and rotational moment of 
inertia about the Z direction (Iz) were all lumped to the mass 
center of each floor. The total mass in the Z direction of each 
floor was distributed into 9 portions on the nodes of columns 
(see Figure 1) according to the tributary area. This setting 
enabled the effects of vertical ground accelerations to be 
considered for each column. Rigid floor diaphragm was 
assumed. The geometric nonlinearity was not considered. 
The Newmark method of constant average acceleration 
scheme (β=1/4) with a time step size of 0.01 seconds was 
used for the time integration. Rayleigh damping ratios were 
assumed 2% for the first and second modes. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3.1  Analytical model for the composite beam 

The frame beam member is considered as the steel and 
concrete full-composite beam in the analytical model. The 
nonlinear beam-column element in OpenSees was adopted 
to represent the composite floor beam. This element is a 
force-based distributed plasticity element (Neuenhofer and 
Filippou 1997). The fiber section was adopted to define the 
force-deformation response at a cross section of the 
beam-column element. As shown in Figure 2, the influence 
of the metal deck orientation on the effective concrete slab 
thickness for the composite beam was considered. Figures 
2a and 2b illustrate the fiber sections of the composite beams 
along the Y and X directions, respectively. The steel section 
each consists of 40 fibers using the steel yield strength 
provided by the organizer for the kinematic hardening steel 
material (Figure 2). The stress-strain relationship of the 
concrete provided by the organizer was used for the concrete 
fibers. The stress-strain relationship of the concrete follows 
the recommendations provided by Kent-Scott-Park and the 
unloading/reloading responses are based on the work of 
Karsan and Jirsa (1969) as shown in Figure 2. The effective 
concrete slab width (bE) was determined from the simulation 
results of a beam-to-column subassembly test (Figure 3) in 
the 2007 blind analysis contest (Yu et al. 2010). That is 
300mm wide when the simulation result as shown in Figure 
4 was obtained. The concrete slabs of the beams along the Y 
and X directions consist of 50 and 25 compression-only 

fibers, respectively, as shown in Figures 2a and 2b. Five 
integration points along the fibered beam-column element 
were chosen to compute the element responses.  

Figure 6 shows the geometry of nodes and elements in 
the analytical model. It also shows the beam cross section 
variation. Each beam span in the building specimen consists 
of three portions: a center portion and two end portions. The 
beam flanges of the end portions are thicker than those of the 
center portion, and are horizontally haunched to increase the 
beam yield capacity in the beam bays without dampers 
(Kasai et al. 2010). In the analytical model, however, only 
one element was specified in each bay (Figure 6), and the 
center portion section was used throughout the whole beam 
member.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3.2 Analytical models for column members and 
beam-to-column joints 

Each analytical column member adopts the nonlinear 
beam-column element with a fiber section consisting of 40 
kinematic hardening steel material fibers (see Figure 5). The 
shear deformation of the beam-to-column panel zone joint 
was not considered. That is, the beam and column 
mechanical properties were computed using the center line 
to center line dimensions (see Figure 6). 
 
 
 
 
 
 
 
 

Figure 2  The cross section of composite beam along (a) the 
Y direction and (b) the X direction. 

Figure 3  The beam-to-column subassembly 
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Figure 4  Composite beam response simulation 

Figure 5  The cross section of a column member 
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4.  PREDICTION RESULTS 
 

The analytical natural periods of the first three modes 
are 0.63, 0.61, and 0.43 seconds. The 3D nonlinear response 
history analysis was performed using 70% Great East Japan 
Earthquake, Iwanuwa acceleration records. Figures 7a to 7c 
show the absolute maximum structural responses. All the 
prediction results are very close to the responses observed in 
the test. The frame displacement responses are small, and the 
maximum story drift is less than 1% radian (Figure 7c). The 
roof displacement time histories of the test specimen and the 
prediction model in the X and Y directions are shown in 
Figure 8. The analytical model satisfactorily predicted the 
displacement responses of the test specimen. 

The base shear time histories of the test specimen and 
the prediction model are shown in Figure 9. The maximum 
predicted base shear is 2624kN and 3053kN in the X and Y 
directions, respectively. The maximum base shear measured 
from the test is 2617kN and 3008kN in the X and Y 
directions, respectively. The predicted base shear agrees with 
the test results very well. The average 5%-damped roof 
spectral acceleration computed from the measured roof 
responses is 18821mm/sec2 and 25906mm/sec2 in the X and 
Y directions, respectively. The average 5%-damped roof 
spectral acceleration computed from the predicted roof 
responses is 21490mm/sec2 and 28316mm/sec2 in the X and 
Y directions, respectively, larger than that computed from 
the experimental roof responses. 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6  The geometry of nodes and elements in the prediction model 
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5.  SUMMARIES AND CONCLUSIONS 
 

This paper describes the modeling techniques and the 
prediction results for participating in the fixed-base 
configuration category of the 2011 E-defense blind analysis 
contest. Based on these analytical studies, summaries and 
conclusions can be made as follows: 
1. The beam member in the prediction models was 

considered as the steel and concrete full-composite  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
beam. The effective concrete slab width was determined 
from the simulation results of a beam-to-column 
subassembly test. The influence of the metal deck 
orientation on the composite beam properties has been 
taken into account. 

2. Each column member in the numerical model adopts 
the nonlinear beam-column element with a fiber section 

Figure 8  Roof displacement time histories 

Figure 9  Base shear time histories 
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consisting of kinematic hardening steel material fibers. 
The beam and column mechanical properties were 
computed using the center line to center line 
dimensions. 

3. Test results indicate that the maximum story drift is less 
than 1% radian. Thus, the effect of the beam-to-column 
panel zone joint deformations should be insignificant. 
Therfore, although the beam-to-column panel zone joint 
shear deformations were not incorporated, the proposed 
analytical model still predicted the structural responses 
satisfactorily. 

4. The predicted responses well agree with the test results. 
This suggests that the modeling techniques illustrated in 
Summaries 1-3 could be considered for the structural 
analysis of similar structures with a fixed-base 
configuration. 
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Abstract:  The long-period earthquake motion of the 2011 off the Pacific coast of Tohoku Earthquake excited high-rise 
buildings with long-period natural vibration. These situations of visible shaking can be seen on internet as YouTube as 
video movies recorded by the general public there. Author interpreted period and amplitude from these movies opened to 
the public and compared them to the number of the floors, the height, and the result of the microtremor measurement 
before and after the event and so on. Then author examined the relationship between the natural period and the height or 
the change of the natural period by the earthquake motion. As a result, it was found that it is possible to grasp a natural 
period and amplitude with tremendous precision from video movies, and a building with relative long natural period is 
said to tend to issue large deformation but it is difficult to grasp the risk of the building only form the natural frequency. 
Furthermore, there is no significant difference on the earthquake motion characteristics derived both from microtremor 
and earthquake motion. 

 
 
1.  INTRODUCTION 
 

Because the 2011 off the Pacific coast of Tohoku 
Earthquake (hereafter the 3.11 earthquake) excited long 
period earthquake motion due to the large fault rapture 
motion, structures with long natural period like skyscrapers 
are discernibly shaken. Consequently, many shaking 
buildings were shot at various sites and the videos can be 
seen on web sites as YouTube. The author interprets the 
period and the amplitude of shaking buildings from these 
video files and considers relationships between period and 
height or the change of the natural period caused by the 
earthquake motion, comparing the result of the interpretation 
to the floor numbers, height or the result of microtremor 
before and after the earthquake. 
 
 
2.  DATA SET AND INTERPRETATION METHOD 
 
2.1  Data Set 

Data set is consisted of the video files interpretable the 
period and amplitude with stable observing point. The period 
and the amplitude are carefully interpreted based on this data 
set. In addition, although these video files seemed to be 
started recording after reaching a large motion, a clock 
appeared in movies shows a time around 14:50, so the main 
part of the long period earthquake motion seems to be 
recorded. 
 

The specifications and the characteristics of 
skyscrapers are based on characteristics data sheet of the 
database of measured dumping (edited at 2000.10) or other 
detail information on buildings on web sites. Because this 
characteristics data sheet conceals the name of the building, 
that is identified from number of stories, eaves height or 
completed year. The buildings in video movies are also 
grasped the characteristics corresponding to datasheet from 
the name of the buildings. 
 
2.2  Interpretation Method on Period and Amplification 
(1) Direct Interpretation 

It is necessary for interpretation of the building motion 
to appear the objects for reference. If the objects for 
reference can be assumed a fixed point, it is rather easy to 
interpret the period and the amplitude. Here, the objects for 
reference was chose a structure far away or neighbor 
building. In case of comparing the neighbor building, 
relative displacement is combined from characteristics of the 
both buildings. Similar period or amplitude for each other 
causes beat. The frequency of the beat is the difference of the 
frequency of each building and it is possible to fix the 
predominant frequency of each building noticing that the 
apparent frequency is the averaged frequency of both 
building. It is difficult to understand clearly the beat 
frequency because it is rather long for building with long 
period. So the natural frequency easy to interpret first, and 
then the natural frequency of another building is estimated 
using the apparent frequency interpreted from relative 
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variability for both building and the fixed frequency. 
Amplitude is interpreted roughly in order of 10cm 

seemed to be the maximum amplitude. 
 
(2) Indirect Interpretation 

The vibration of the building in the video files is very 
tiny and it was often difficult to grasp it quantitatively. In 
such a case, potential phenomenon for period determination 
were found out with repeatedly careful confirmation of the 
video file. The phenomenon is, for example, sequential 
vibrating sound of a building, reflection on a glass wall of a 
building, behavior of neighboring building reflected on a 
wall, vibration of a movable shelf, opening and closing a 
door and so on. Although it was difficult to clarify the 
amplitude with these clues, it seemed to be possible to 
estimate the period with considerable accuracy. 
 

 
3. PREDOMINANT PERIOD AND AMPLITUDE 
INTERPRETED FROM VIDEO FILES 
 

Totally 50 buildings between 5 stories and 70 stories 
were interpreted the frequency and so on from video files. 
The vibration frequency was interpreted for at least one 
direction of each building and partly two directions, so the 
total number of data is more then 50. The result of the 
interpretation is listed in Table 1, and examined in more 
depth below. 
 
3.1  Predominant Period 
(1) Comparison of the Predominant Period Before and 
After the 3.11 Earthquake 

      Vibration Excited by the Quake Analytic Measured before Quake Noise before Quake Noise after Quake
Predominant Max. Max. Design  Predominant Vibration   '06/01/30measured  '11/10/19measured

No. Building Name Comple- Number of Floors Height Period  Amp. Drift Ang. Period Period in second Damp. Period Amp. Period Amp. Structure
 tion Ab. B. Pent. in m in sec. Direction cm % in sec. Wind Noise Quake % in sec. times  in sec. times

1 Shinjuku C Oct-79 54 4 3 216 6.00     Short: NS 50 0.23 5.65       6.00   6.00    5.85       2.1            S
54 4 3 216 Long side 5.35       4.97   4.97    4.55       4.8            

2 Shinjuku N Jun-78 50 5 3 203 5.20     Short side 100 0.49 5.42       4.80   0.39    4.94       11.2          S
50 5 3 203 Long side 4.27       3.43   0.37    3.22       6.2            

3 Shinjuku AT Jan-95 44 4 2 189 4.50     Long: NS 90 0.48 S, partially SRC
4 Shinjuku SJ Mar-76 43 6 2 193 4.80     Short side 150 0.78
5 Shinjuku M Sep-74 55 3 210 4.25     Short side S(2F-55F), SRC(under 1F)

55 3 210 3.60     Long side 
6 Shinjuku K Jun-71 47 3 2 170 4.50     Short: EW 80 0.47 3.85       4.30   0.50    S(3F-47F), SRC(1F, 2F), 

47 3 2 170 3.85     Long: NS 40 0.24 4.30       3.10   0.80    RC(BF)
7 Asakusa C 10 40 1.20     Short side 30 0.75
8 Roppongi AM Mar-86 37 4 153 3.75     Short side 60 0.39 S, partially SRC and RC
9 Roppongi IG Jul-02 32 2 116 3.20     EW 30 0.26 SRC

10 Shinjuku JE Sep-97 28 4 1 149 3.40     Long side 30 0.20
11 Shinjuku ST Feb-98 36 4 1 147 3.60     Long side 30 0.20 S
12 Shinjuku MT Sep-95 34 3 2 161 4.50     Short side 80 0.50 S, SRC
13 TokyoCityHall1S Mar-91 48 3 242 5.17     Short: EW 110 0.45 5.56       5.00   0.46    4.72       5.6            S(2F-48F), SRC(under 1F）

48 3 242 4.74     Long: NS 80 0.33 5.20       4.29   0.75    4.05       2.6            
TokyoCityHall1N 48 3 242 Short: EW 5.56       5.11       10.2          

48 3 242 Long: NS 5.20       4.04       5.9            
14 Kanda ST 1980 14 2 56 1.50     Long side 20 0.36 S, SRC(under 1F)
15 Kanda N Mar-84 8 4 32 1.20     Short side 10 0.31 SRC
16 Akasaka SP Mar-11 16 2 64 1.91     along Road 20 0.31 S
17 Roppongi MT Mar-03 54 6 2 238 6.00     200 0.84
18 TokyoCityHall2 Mar-91 34 3 162 3.61     Short side 60 0.37 3.98       2.92   0.78    S, SRC and RC

34 3 162 Long side 3.91       2.73   0.73    
19 Ikebukuro S Apr-78 60 3 3 227 Short side 6.25       6.25  1.56    S(Upper and Middle), 

60 3 3 227 4.70     Long side 100 0.44 5.88       4.55  SRC(Lower)
20 Marunouchi TN Sep-03 19 3 2 100 5.00     Short side 60 0.60 S, patiallySRC
21 Marunouchi TM Nov-08 37 4 2 178 5.00     Short side S(CFT), partially SRC
22 Marunouchi ST Apr-07 35 4 1 165 3.10     Long side S(CFT column)
23 Marunouchi A Jul-71 29 4 2 110 3.00     S, partially SRC
24 Shinjuku W Jun-91 13 2 52 1.50     Long side 20 0.38 SRC
25 Shinjuku CT Oct-08 50 3 2 204 3.70     NS 60 0.29 S, partially SRC
26 Shinjuku LT Jun-89 31 5 1 122 2.70     Short: NS 60 0.49 2.99       2.60   2.80    0.90    SRC

31 5 1 122 2.70     Long side 3.00       2.38   2.55    
27 Shibuya CT Mar-01 41 6 184 4.68     S, partially SRC and RC
28 Harumi TX Mar-01 44 183 4.40     20 0.11
29 Harumi TY Mar-01 39 175 4.20     30 0.17

Harumi TZ Mar-01 33 155 4.70     30 0.19
30 Yokohama LT 1993 70 3 3 282 4.54     NE 60 0.21 6.02       4.60  5.22   0.70    
31 Yokohama QA Jun-97 36 5 2 172 4.50     Short side 40 0.23 SRC

36 5 2 172 4.70     Long side 
32 Yokohama MM Mar-03 28 3 2 147 4.00     S, under ground SRC
33 Shinagawa GT Mar-03 32 3 148 3.96     Long side 
34 Shinagawa T Mar-03 30 3 148 3.33     
35 Shinagawa ET Mar-03 32 3 152 4.00     S and SRC
36 Marunouchi M Aug-02 37 4 179 4.30     Short side S, under ground SRC

37 4 179 4.50     Long: EW 150 0.84
37 Marunouchi NM Apr-07 38 4 1 177 4.50     Long: EW 80 0.45 S, under ground SRC
38 Shinjuku S Mar-74 52 4 2 200 NE 5.07       4.44   0.74    4.79       17.8          S, partially SRC and RC

52 4 2 200 NW 5.07       4.44   0.80    4.33       15.2          
39 Roppongi T 1994 9 36 1.17     Short side 20 0.56
40 Roppongi U Nov-73 7 1 28 1.56     Short side 20 0.71 RC
41 Roppongi N 1948 7 1 28 0.54     Short side SRC
42 Roppongi G Sep-95 9 3 36 0.70     SRC
43 Ohfuna K Jul-77 5 20 0.98     Short side 15 0.75
44 Daikanyama D Jul-05 12 48 1.50     40 0.83
45 Shinbashi Ｎ Apr-03 32 4 2 193 4.10     Short side
46 Shiodome R Apr-03 38 4 2 172 Long side 
47 Shinbashi D Oct-02 48 5 1 210 6.10     Short side 120 0.57 5.40       

48 5 1 210 Long side 4.60       
48 Kasumigaseki K Apr-68 36 3 2 147 4.80     Short side 70 0.48 5.14       3.74   1.02    4.12        14.7          

36 3 2 147 Long side 5.04       3.38   1.31    3.53        5.3            
49 Kasumigaseki CGW Sep-07 38 3 1 174 4.14     EW
50 Shinagawa CST Mar-03 29 4 1 148 3.80     

Table 1  Predominant Vibration Excited by the 2011Off the Pacific Coast of Tohoku Earthquake 
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Microtremor measurements were conducted for 
high-rise buildings; C, N and S at Shinjuku, and both of 
observation floors of the first building of Tokyo metropolitan 
city hall, between 17 o’clock and 18 o’clock on October 19, 
2011, seven months after the 3.11 earthquake. The result of 
the microtremor measurements are compared with that 
before the earthquake found out from the characteristics data 
sheet. Figure 1 shows that the predominant period before the 
earthquake is rather longer than that after the earthquake but 
that is almost same level, so it seems that the predominant 
frequency has not changed remarkably before and after the 
earthquake. 

 
(2) Comparison between the Predominant Period 
Excited by the Earthquake Motion and the Measured 
Predominant Period Before and After the Earthquake 

Figure 2 compares the predominant period of 
microtremor before the earthquake and that excited by the 
earthquake motion of the 3.11 earthquake. This figure shows 
that predominant period for all buildings without LT 
building at Yokohama is lengthened at the time of the 3.11 
earthquake. It may cause a quantity of reduction of rigidity. 
Predominant period of the LT building at Yokohama is 5.22 
seconds from the microtremor before the 3.11 earthquake 
and around 4.6 seconds for the wind response with HMD, 
hybrid mass dumper. The predominant period excited by the 
earthquake motion of the 3.11 earthquake is interpreted 4.54 
seconds from the video file and it corresponds to that of the 
wind response, so it is concerned that HMD worked at the 
time of the 3.11 earthquake.  

Although the change of the predominant period of 
almost all the other buildings was less than 10%, that of both 
the second building of Tokyo metropolitan city hall and K 
building at Shinjuku was close to 20 %.  

Figure 3 shows the comparison between the 
predominant periods measured after the 3.11 earthquake and 
that excited by the 3.11 earthquake. According to this figure, 

the periods after the earthquake seem to be short. There is a 
possibility that the decreased rigidity is recovered after the 
earthquake. 
 
(3) Relationship between the Predominant Period and 
the Height or the Number of Stories of Building 

Figure 4 shows the relationship between the height of 
the building H (m) and the predominant period T (second) 
before the earthquake derived from the characteristics data 
sheet. The coefficient k below mostly scatters between 0.015 
and 0.03 centering on around 0.02. 

 
HkT ×=  

 
Figure 5 shows the relationship between the height of 

the building H (m) and the predominant period T (second) 
excited by the strong motion of the 3.11 earthquake. The 
coefficient k basically scatters between 0.015 and 0.03 as 
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Figure 1  Comparison of the Predominant Period 
Before and After the 3.11 Earthquake 
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Figure 2  Comparison of the Predominant Period 
Excited by the 3.11 Earthquake and Before the Event 
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Figure 3  Comparison of the Predominant Period 
Excited by the 3.11 Earthquake and that After the Event 
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same as the relationship between the height of the building 
H (m) and the predominant period T (second) before the 
earthquake, and mostly between 0.02 and 0.03. However 
some of buildings deviated from the relationship, indicating 
as a red marker. The buildings with a red marker seem to be 
caused large deformation more than 1/180 of averaged story 
drift calculated from the approximated number of interpreted 
maximum amplitude and the height of the building. The 
accuracy of the interpretation from the video file is low and 
it seems that the error of interpretation for lower buildings is 
large. Because it is clear from the video that the buildings 
vibrated relative larger than neighbor buildings, it must be 
noticed that the other low buildings without a red marker 
have a possibility to cause large deformation.  

Figure 6 shows the relationship between the number 
of stories of the building N and the predominant period T 
(second) excited by the strong motion of the 3.11 earthquake. 
Most building shows longer period than that derived from an 
equation T=0.06N, and many of them shows longer period 
than that derived from an equation T=0.1N. It is impressive 

that the possible deformed buildings are plotted between the 
relationship T=0.06N and T=0.1N.  

Figure 7 shows the relationship between the height H 
and the number of stories N of target buildings. Because 
there is no information of the height for most of the target 
buildings lower than 20 stories, the height is estimated by 
the relation below indicating in Figure 7. 

 
NH ×= 0.4  

 

 
3.2  Amplitude of the Earthquake Motion Interpreted 
from the Movie Files 

Figure 8 shows the relationship between the 
approximate value of the amplitude from the video files and 
the height of the buildings. This figure is just for a reference 
because of possible large error. Red marks indicate estimated 
buildings with shear deformation more than 1/180. A low 
building at left end of this figure is given quite different 
result by a variation of 10cm. It is necessary to notice that 
the low building at left end clearly behaves as biased 
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vibration in the video file although the building is not 
marked red. 

Figure 9 shows the approximate value of the 
amplitude corresponding to the predominant period excited. 
This figure gives that the longer predominant period, the 
larger amplitude. Also this figure can be thought to 
correspond to response spectra. So the displacement 
response spectra is calculated from strong motion records of 
sites nearby and compared in the next section. 

 
4. DISPLACEMENT RESPONSE SPECTRA 
USING STRONG MOTION RECORDS 
 

It seems that the displacement interpreted from video 
files may reach 1/120 at the time of the 3.11 earthquake. 
Displacement response spectra corresponding to the period 
concerned are calculated from the strong motion records of 
the 3.11 earthquake to verify the validity of the interpreted 
deformation, because the situation with such large 
deformation seems to be serious. The buildings concerned 
locate at Shinjuku, Ikebukuro, Roppongi, Akasaka, Kanda, 
Shinagawa, Yokohama and so on. The displacement 

response spectra with 1% dumping are calculated for the 
strong motion records of sites S, I, M, J, U, N and Y, close to 
the buildings concerned. Un-damped period set to 0.5, 0.7, 
1.0, 2.0, 2.5, 3.0 4.0, 5.0 and 6.0 seconds. Figure 10 shows 
the displacement response spectra. The displacement 
response spectra increase towards long period as 30-60cm at 
4 second of period, 40-80cm at 5 second of period and 
50-70cm at 6 second of period. It agrees to the interpreted 
amplitude in order. On the other hand, although the 
displacement response spectra almost agree to overall trend 
for all the sites, the site characteristics is also appeared, so it 
suggests the necessity of consideration of the site 
characteristics for the long period characteristics. 
 
 
5.  CONCLUSIONS 
 

This paper examines to grasp the dynamic 
characteristics of high rise buildings shaken by the 
earthquake motion of the 3.11 earthquake with analyzing 
video files opened public. As a result, the period and the 
amplitude are accurately grasped and it is possible to 
understand clearly the relationship between the predominant 
period and the height or the number of stories. Although it is 
possible to say generally that the relative longer the 
predominant period of buildings, the larger the deformation 
to lead damage, it is confirmed to be difficult to understand 
the dangerousness of buildings only from the predominant 
period. Also there is no significant difference of the 
characteristics against earthquake motion derived from 
microtremor and earthquake motion of the 3.11 earthquake. 
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Abstract:  In order to investigate the seismic performance and dynamic response characteristics of buildings on the 
campus of Tohoku Institute of Technology, the authors have been conducting earthquake response observation and 
microtremor measurement. One of main building of Tohoku Institute of Technology, which was damaged by the 1978 
Miyagi-ken-oki earthquake, was restored. The eight storied reinforced concrete frame construction was strengthened in 
the longitudinal direction by means of steel cross braces which were installed in both facades from outside of the building. 
In this paper, we introduce the typical obtained records from the buildings. Secular change of the vibration response 
characteristics of the building is described based on results of microtremor measurement. Also, based on the obtained 
records and results of microtremor measurement, we discuss the vibration response characteristics of the building. 

 
 
1.  INTRODUCTION 2.  EARTHQUAKE OBSERVATION AND 

MICROTREMOR MEASUREMENT  
A large earthquake with a magnitude of MW=9.0 struck 

the wide areas along the pacific coast of Japan. The number 
of victims and missing people was nearly 20,000. The city of 
Sendai, in which a main campus of Tohoku Institute of 
Technology is located, is a middle-sized city of about 
1,000,000 inhabitants and lies about 350km to the north of 
Tokyo. At the earthquake, Sendai city was also subjected to 
strong ground motion and a seismic intensity 6+ was 
recorded. The maximum value of the recorded ground 
acceleration was 0.5G at the campus. 

 
2.1  Ground Motion Records at Yagiyama Campus of 
Tohoku Institute of Technology 

A main campus of Tohoku Institute of Technology, 
Yagiyama campus, is located about 15km to the southeastern 
of Sendai city center. Figure 1 shows layout of school 
buildings. There are 10 buildings in the campus. Buildings 
No.1, No.3, No.5, No.6, No.10 and library are equipped with 
seismic sensors.  

 
 The performance of structural systems during 

earthquake can be better understood if earthquake response 
observation systems can be deployed through the structures 
in order to record their response during earthquake. Thus, 
the authors have been conducting earthquake response 
observation for school buildings of Tohoku Institute of 
Technology to assess the structural dynamic behavior under 
seismic events. And we have been continuously performing 
microtremor measurement in order to check the change of 
the natural periods to estimate the equivalent stiffness 
degradation of them, mainly caused by the shocks of strong 
earthquakes since the buildings was constructed. 

As a typical example, this paper deals with No.5 
building. Vibration response characteristics of the building is 
investigated based on obtained earthquake observation 
records and microtremor measurement results. 

 
 
 
 
 

 
 
 
 
 
 
 
 
 
 

No.5 Building No.6 Building 

 
Figure 1  Layout of School Buildings on Yagiyama 

Campus of Tohoku Institute of Technology 
 
 
 
 
 
 
 

 
        No.3 Building 

Library 

Small-Titan 

No.10 Building 

No.1 Building 
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Table 1  Maximum Acceleration at the Campus [1] Figure 2 and Table 1 show maximum ground 
acceleration at the campus obtained by a high-density array 
observation system, Small-Titan [1]. The maximum 
accelerations recorded at the campus were 471gal and 
421gal in the NS and EW directions respectively and was 
264gal in the vertical direction. The duration of strong 
shaking was over 150 seconds. A pseudo-velocity response 
spectra is shown in Figure 3.  

Direction
Maximum 

Acceleration [gal] 

Instrumental 

Seismic Intensity

NS 471 

EW 421 

UD 264 

5.8 
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Figure 2  Acceleration Time Histories 
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Figure 3  Pseudo-Vellocity Response Spectra (h=5%) [1] 
 
   As shown in this Figure, the predominant period of the 
horizontal ground motion is approximately 0.6 to 1.0 
second; two predominant periods of the vertical motion are 
observed, one at approximately 0.6 to 0.7 second and the 
other at approximately 1.0 to 1.6 second. 
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Figure 4  Typical Floor Plan (unit: mm) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Figure 5  Elevation for South Building Face (unit: mm) 
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2.2  Outline of Building No.5 7(c)) to improve ductility of columns. Also, in 2005, 30 oil 
dampers were installed in structural frames in the 
longitudinal direction to avoid large deformation of the 
braces and to continue the functionality of the building 
during and after seismic events (Figure 7(d)). Table 2 shows 
outline of a series of retrofit works. 

One of the main buildings of Tohoku Institute of 
Technology, building No.5, is eight storied reinforced 
concrete frame construction and was built in 1968. Figure 4 
and 5 illustrate plan and elevation. Figure 6 shows overall 
south side view. 

  
 
 
 
 
 
 
 
 
 
 
 
 

Table 2  Outline of the Retrofit Works 
Year Direction Outline of Retrofit Work 

Trans. R.C. Shear Walls 
1979 

Long. Steel Cross Braces  Fig. 8(a) 

2001 - 
1F North side columns: Fig. 8(b) 
 Carbon Fiber reinforced Polymer 

2004 - 
B3F ～ 3F columns (87 columns): 
Polyester Fiber Fabrics  Fig.8 (c) 

2005 Long. 1F ～ 5F Oil Dampers  Fig. 8(d)

 
 
 

Figure 6  Overall South Side View of the Building  
   
The building has been subjected to several large 

earthquakes after its completion in 1968 up to date. 
Specifically, the building was seriously damaged by the 
Miyagi-ken-oki earthquake on June 12, 1978. The damage 
to the building is characterized by the mode of failure, i.e. 
shear and bending-shearing failure of columns in the north 
side frame under the action of horizontal force in the 
longitudinal direction. After the Miyagi-ken-oki earthquake, 
strengthening of the building in the transverse direction was 
made by installing additional R.C. shear walls. As the 
strengthening in the longitudinal direction, steel cross braces 
were attached to both faces of the building from outside as 
shown in Figure 6 (S. Kawamata.et al., 1980) [2]. 

 
 
 
 

  (a) Steel Cross Braces           (b) Carbon Fiber 
                             reinforced Polymer 

 
 
 
 
 
 
 

After the seismic retrofit by the steel cross braces, the 
building was retrofitted by carbon fiber polymer in 2001 
(Figure 7(b)) and polyester fiber fabrics in 2004 (Figure  

 
(c) Polyester Fiber Fabrics   (d) Incorporated Oil Dampers 

Figure 7  Retrofit Works 
  
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Figure 8  Transition of Identified Natural Frequencies of the building 
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In order to identify the dynamic characterization of the 
building, microtremor measurements have been performed 
regularly since the building was constructed (K. Mori and Y. 
Abe et al., 2009) [3]. Figure 8 shows natural frequency 
transitions of the fundamental mode, which were obtained 
by microtremor measurement from 1975 to 2011. These 
results made it possible to investigate the change of vibration 
characteristics of the building for 35 years. As shown in this 
Figure, it is recognized that the fundamental frequencies 
after the 1978 earthquake decreased to 65-88% of the 
original value. However, the decreasing frequencies 
increased about 85% of the original value by retrofitting 
with R.C. shear walls and steel cross braces. After the retrofit 
work by installing the steel cross bracing system, natural 
frequencies show nearly constant value until 2002. In 2002 
and after, a noticeable change in the natural frequencies were 
observed. The noticeable change is due to several 
earthquakes, May 26, 2003 Miyagi-ken-oki Earthquake and 
July 26, 2003 Northern Miyagi Earthquake, and a series of 
retrofit works mentioned above. The fundamental frequency 
after the 2011 Earthquake reduced by 90% compared to 
before the earthquake. 

Acceleration time-history for the 2011 earthquake 
recorded at the building is provided in Figure 9. The 
duration of strong motion was about 150 seconds and 
maximum acceleration at 5th floor exceeded 800gal in the 
longitudinal direction. Figure 9 also shows Fourier spectrum. 
The spectrum was calculated using the recorded data which 
was divided into 9 segments with 30 second each. As a result, 
the dominant frequency after the principal shock is 
comparatively small compared to before the principal shock. 
These resulting data is in agreement with microtremor 
measurement result, where the dominant frequency 
decreased after the earthquake. 

 
3.  CONCLUSION 

The school buildings of the Tohoku Institute of 
Technology were subjected to severe earthquake on March 
11, 2011. The dynamic characteristics of the building are 
discussed based on microtremor measurement and 
observation records. With long-term measurement, a secular 
change in dominant frequency of the building and effect of 
retrofit works can be presented. The observation data make 
possible to show the change of dynamic characteristics 
during strong earthquake motion. 
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Abstract:  A semi-active base-isolation system using semi-active hydraulic dampers was installed in an 11-story 
university building and a 26-story super high-rise building that were completed in Tokyo in April 2005 and February 
2008, respectively. Sliding mode control considering the time lag of the damper force was designed based on a bilinear 
optimal control theory to reduce the acceleration response of the buildings, while keeping the deformation of the isolation 
story relatively small. A monitoring system was also applied to detect the malfunctions of the whole system, including the 
computer, the sensors, the electromagnetic valves of the dampers, etc. The monitoring system helps the semi-active 
base-isolation system to be certified as highly reliable system that offers continued control even in the event of a major 
earthquake. 
 This paper discusses the performance verification of the semi-active base isolation system through earthquake 
observation records. Seismic response analyses using a pseudo three-dimensional model of the buildings were also 
conducted to simulate the responses observed in the 2011 off the Pacific coast of Tohoku Earthquake. The reliability and 
performance of the semi-active control was thereby clarified. 

 
 
1.  INTRODUCTION 
 

Semi-active response control systems are able to 
provide effective control with less energy than active 
response control systems. For this reason, this technology is 
attracting a great deal of attention as one that can also be 
used to control building response in the event of a major 
earthquake, and steady progress is being made with regard to 
practical application of the technology. The first actual 
application of a semi-active response control system that 
switches the damping coefficient of the semi-active 
hydraulic dampers installed between building stories was in 
1997 (Kurata et al. 1999). In 2000, a semi-active base 
isolation system that used laminated rubber bearings and 
semi-active hydraulic dampers was put into actual use 
(Yoshida 2001). This semi-active base isolation system uses 
hydraulic dampers whose damping coefficient can be 
switched in four stages. 

The authors have developed a semi-active base 
isolation system designed to improve habitability, 
particularly in the event of low and medium intensity 
earthquakes, by reducing the building response acceleration, 
and have applied this system to an 11-story university 
building (Shinozaki et al. 2005) and a 26-story super 

high-rise building (Shinozaki et al. 2008) in Tokyo. This 
semi-active base isolation system comprises laminated 
rubber bearings and passive hydraulic dampers with the 
damping coefficient set to a constant level, and semi-active 
hydraulic dampers whose damping coefficient can be 
switched in two stages by means of sliding mode control. 
This system can maintain the deformation of the isolation 
story to the same level as in an ordinary passive base 
isolation system, while at the same time reducing building 
response acceleration to a greater degree. The operation of 
sensors, control computers and the solenoid valves in 
semi-active hydraulic dampers can be monitored at all times. 
This monitoring achieves a highly reliable system in which 
control can be continued not only in the event of low and 
medium intensity earthquakes but also in major earthquakes. 
 This paper discusses the basic performance of the 
semi-active hydraulic damper and the performance 
verification of the semi-active base isolation system through 
earthquake observation records. A brief overview of the 
monitoring system is also included. Seismic response 
analyses using a pseudo three-dimensional model of the 
buildings were also conducted to simulate the responses 
observed in the 2011 off the Pacific coast of Tohoku 
Earthquake. 
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2.  SEMI-ACTIVE HYDRAULIC DAMPER AND ITS 
MODELLING 
 

The semi-active hydraulic damper installed in the actual 
buildings can change the damping coefficient in two stages: 
C1L = 12.25 kN･s/cm and C1H = 36.75 kN･s/cm. Figure 1 
shows the piston velocity-damping force relationships that 
correspond to the low and high damping coefficients. In the 
event of an abnormality, such as sensor failure or power 
outage, the damping coefficient is automatically fixed at 
C1H, so even if an earthquake should occur in such 
situations, deformation of the isolation story will not be 
excessive. 

The time lag of the damping force when the damping 
coefficient of the semi-active hydraulic damper was changed 
(in other words, the time constant) was measured under 
excitation by triangular waves with the period of 2 s and 4 s 
by means of displacement control. Figure 2 shows the results 
of measurement of time constants when the damping 
coefficient has been changed in response to various 
velocities. The time constant is larger when the damping 
coefficient has been changed from C1L to C1H than from 
C1H to C1L. 

The relational expression for the damping force of the 
damper based on the Maxwell model shown in Figure 3 is as 
follows: 

  10101 )()( xcxxkxxk
k
c

    (1) 

Here, if the damping force is df , then: 

  )(11
1xc

T
f

T
f

d
d

d
d     (2) 

Equation (2) shows that the target damping force 1xc      
and the actual damping force of the damper have a 
first-order lag relationship. The time constant dT ( kc / ) is 
dependent on c . 

The time constant corresponding to the two damping 
coefficients of the semi-active hydraulic damper, C1H = 
36.75 kN･s/cm and C1L = 12.25 kN･s/cm, are 0.125 s and 
0.042s, respectively, with respect to the actual measurement 
of k (294 kN/cm). This generally corresponds well to the 
time constant measurement in the range of relatively low 
velocity shown in Figure 2. It is clarified that the time 
constant in the larger velocity range is well simulated by the 
Maxwell model with the equivalent damping coefficient 
considering the damper force relief, as is indicated in 
Figure2 (Nagashima et al. 2010). 

The time constant dT  is approximated as a constant 
value in Equation (2) in designing the control law and its 
velocity dependence is considered in the simulation 
analyses. 
 
 
3.  SLIDING MODE CONTROL 
 
 A sliding mode control has been used to reduce the  
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Figure 1  Piston velocity-damping force relationship of 

semi-active hydraulic dampers 
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Figure 2  Time constants of semi-active hydraulic damper 
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Figure 3  Maxwell model of hydraulic damper 

 
 
acceleration response of the building, while keeping the 
deformation of the isolation story relatively small. Sliding 
mode control considering the time lag of the damper force 
was developed based on a bilinear optimal control theory 
and a control law for simultaneous bidirectional control was 
proposed (Nagashima et al. 2010, Yoshida et al. 2002). 
 The sliding mode control law is expressed as the sum 
of the equivalent control force requ and the nonlinear control 
force rNLu as shown in the following equation. 
 rNLreq uuu   (3) 
where 
 T

yx
T

yx ccuuu ),(),(   

cx, cy: damping coefficient in each direction 
 The damping coefficient is changed according to the 
following rule using Equation (3): 

 SXxxSXxx cuccuc  forC1H,forC1L  (4) 

 SYyySYyy cuccuc  forC1H,forC1L  (5) 

where SXc  and SYc are set to the mean values of C1H and 
C1L, respectively. 
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4.  BUILDINGS WITH SEMI-ACTIVE BASE 
ISOLATION SYSTEM 
 
4.1  11-Story University Building 
 This university building was completed in Tokyo in 
2005. The building comprises a high-rise structure and a 
low-rise structure, connected by an atrium. Figure 4 shows 
the section view. The high-rise structure has 11 floors above 
ground and a five-level basement. The low-rise structure has 
three floors above ground and a four-level basement. The 
skeletons of both structures are reinforced concrete frame 
structures with earthquake-resistant walls. The base isolation 
system is placed between B3F and B4F. 
 The base isolation system employs hydraulic dampers 
and laminated rubber bearings made of natural rubber. There 
are a total of 20 hydraulic dampers, 10 each in the X and Y 
directions. Half (10) of these are semi-active hydraulic 
dampers, and the others are passive dampers. The damping 
coefficient is C = 25.50 kN･s/cm in the case of passive 
dampers and C1L = 12.25 kN･s/cm and  C1H = 36.75 kN･
s/cm in the case of semi-active hydraulic dampers. 
 The acceleration at the top of the high-rise and low-rise 
structure, the input acceleration and the isolation story 
deformation are observed in horizontal two directions, and 
used for the control, with up to the fifth mode of the 
structure considered. The layout of the accelerometers and 
displacement transducers are indicated in Figure 4. 
 
4.2  26-Story Super High-Rise Building 
 This super high-rise building was completed in Tokyo 
in 2008. Figure 5 shows the section view. There are 26 floors 
above ground and a three-level basement. The skeleton is a 
steel frame structure and the frame is reinforced in the 
transverse direction by the multi-story earthquake-resistant 
walls called ‘super wall’ at both sides. The base isolation 
system is placed in B1F. 
 The base isolation system employs hydraulic dampers 
and laminated rubber bearings made of natural rubber. There 
are a total of 24 hydraulic dampers, 12 each in the X and Y 
directions. Half (12) of these are semi-active hydraulic 
dampers, and the others were passive dampers. The damping 
coefficient was C = 25.50 kN･s/cm in the case of passive 
dampers and C1L = 12.25 kN･s/cm and  C1H = 36.75 kN･
s/cm in the case of semi-active hydraulic dampers. 
 The acceleration at the 26th floor, the input 
acceleration and the isolation story deformation are observed 
in horizontal two directions, and used for the control, with 
up to the fifth mode of the structure considered. The layout 
of the accelerometers and displacement transducers are 
indicated in Figure 5. 
 
 
5.  CONTROL SYSTEM DESIGN 
 
5.1  Control System Design for 11-Story University 
Building 

 

 

Figure 4  Section view of 11-story university building 
 

 

 
Figure 5  Section view of 26-story super high-rise building 
 
 
5.1.1  Building Model for Simulation 
 As shown in Figure 6, a pseudo three-dimensional 
model that could appropriately evaluate translational and 
torsional vibration was developed. Mass and rotational 
inertia were applied at the mass points at the centers of 
gravity on each floor in both high-rise and low-rise 
structures. In the high-rise structure, an earthquake-resistant 
wall was provided in the center for bending, shear and 
torsional springs, and other frame elements other than the 
earthquake-resistant wall were modeled as equivalent shear 
springs. 
 The base isolation bearing springs were placed directly 
beneath the high-rise structure and low-rise structure and 
were concentrated at one center of rigidity position in each 
group of bearings. Each hydraulic damper was modeled as a 
Maxwell model and the effect of their individual installation 
locations was taken into account. 
 At the completion of the building, the ambient 
vibrations of the building were measured and the frequency 
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response functions of a building model without base 
isolation were evaluated for the accelerations in the high-rise 
and the low-rise structures in response to the acceleration of 
the B3F. The first natural frequencies of the building were 
estimated at 1.34 and 1.52 Hz in the longitudinal (X) and the 
transverse (Y) directions, respectively, with the fixed base 
condition. The stiffness of the building model was modified 
to fit these natural frequencies and 0% damping factors were 
assumed up to the fifth mode for simulation. The semi-active 
base isolation system was then placed under the building 
model. 
 
5.1.2  Response without control 
 The observed responses during the Chiba-ken 
Hokuseibu earthquake on July 23, 2005 (M6.0), were 
simulated using the above-mentioned building model. The 
semi-active control was not activated and the damping 
coefficient of the semi-active hydraulic dampers was fixed at 
C1H during the earthquake. 
 Figure 7 shows the observed acceleration at the top of 
the high-rise and the low-rise structures, the input 
acceleration, and the isolation story deformation with their 
simulated responses in the longitudinal (X) direction. The 
observed responses are mostly well simulated. However, the 
observed acceleration at the top of the high-rise structure 
contains the higher frequency component that corresponds to 
the second mode, more than the simulated one. 
 
5.1.3  Sliding mode control 
 The first natural frequencies of the building was 
assumed as 1.19 Hz in the X direction and 1.36 Hz in the Y 
direction for the design of sliding mode control, considering 
that they would be 10% smaller for the earthquake 
excitations instead of the ambient vibrations. The stiffness of 
the building model was modified to fit these natural 
frequencies and the stiffness proportional damping was 
assumed with 2% damping factor for 1.19 Hz. The sliding 
mode control was designed, targeting this model. 
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Figure 7  Comparison of observed and simulated responses 

of 11-story university building without control: (a) input 
acceleration, (b) deformation of isolation story, (c) 
acceleration at the top of low-rise structure, and (d) 

acceleration at the top of high-rise structure 
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Figure 8  Frequency response functions to input 
acceleration in the longitudinal (X) direction: (a) 

acceleration in the high-rise structure, and (b) deformation of 
isolation story 

 
 The sliding mode control is then applied to the 
building model for simulation shown in Section 5.1 to check 
its performance, where the first natural frequencies of the 
building model are further modified as 1.43 and 1.68 Hz in 
the X and Y directions, respectively, with the fixed base 
condition. The frequency response functions were evaluated 
for the deformation of the isolation story and the acceleration 
in the high-rise structure in response to the input acceleration 
during white noise excitation of 100 cm/s2. As shown in 
Figure 8, both the acceleration and the isolation story 
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deformation with respect to the first mode were generally the 
same for passive and semi-active control. As for the 
acceleration, a clear reducing effect is seen in the second 
mode, even though the building model for control is 
relatively different from the one for simulation. 
 
5.2  Control System Design for 26-Story Super 
High-rise Building 
 At the completion of the building, the ambient 
vibrations of the building were measured and the frequency 
response functions of the building without base isolation 
were evaluated for the accelerations of the 26F in response 
to the acceleration of the B1F. The first natural frequencies 
of the building with the fixed base condition were estimated 
at 0.352 and 0.406 Hz in the transverse (X) and the 
longitudinal (Y) directions, respectively, which were in good 
agreement with those of the building model expressed by a 
pseudo three-dimensional model for structural design; 0.352 
Hz in the X direction and 0.342 Hz in the Y direction. The 
building model was not modified and used for both of 
simulation and control system design. 
 The stiffness proportional damping was assumed with 
2% damping factor at 0.352 Hz for the control design as well 
as for simulation. The semi-active base isolation system was 
then placed under the building model. 
 
 
6.  MONITORING SYSTEM 
 
The semi-active base isolation system is designed to operate 
at all times regardless of the scale of the earthquake. In order 
to increase the reliability of system operation, a monitoring 
system was provided with the objective of detecting 
abnormalities in the sensors, control computers, semi-active 
hydraulic damper solenoid valves and other parts of the 
electrical system. When the monitoring system detects an 
abnormality in the semi-active base isolation system, it 
immediately shuts down the semi-active control operations 
(in which all semi-active hydraulic dampers are fixed to the 
C1H damping coefficient). 
 For all semi-active hydraulic dampers, the current 
flowing through the circuits between the power supply and 
the terminal box is monitored at all times by the control 
computer. In the event that, in response to an instruction to 
switch the damping coefficient, the current value does not 
reach the prescribed value within the prescribed period of 
time, this is judged to be an abnormality with the solenoid 
valve, cable etc. Four solenoid valves are provided for each 
semi-active hydraulic damper. The ammeter measures the 
total current for all the four solenoid valves. Figure 9 shows 
the relationship between the operating status of the solenoid 
valve and the effective value of the current flowing through 
the circuit. When the solenoid valve is closed, the current 
flowing through the circuit is 0. When the solenoid valve is 
opened, a large starting current flows for an instant, and, 
when it reaches the prescribed position, the current stabilizes 
at an operating current of approximately 2.4 A in total for the 
four solenoid valves. The time from the point at which the 

instruction to switch the damping coefficient is issued until 
the time that the solenoid valve operating current stabilizes is 
extremely short (approximately 0.05 s). During control, if 
the current does not stabilize at 2.4 A ± 20% within 0.30 s 
after the time at which the instruction signal to open the 
solenoid valve (damping coefficient C1L) is issued, it is 
judged as an error. Similarly, if the current does not stabilize 
at 0.5 A or below within 0.25 s after the time at which the 
instruction signal to close the solenoid valve (damping 
coefficient C1H) is issued, it is judged as an error. 
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Figure 9  Effective current with respect to switching signal: 
(a) Electronic current flowing through the circuit, and (b) 

operating status of the solenoid valve; 
 
 
7.  OBSERVED AND SIMULATED RESPONSE 
WITH SEMI-ACTIVE CONTROL 
 
 The response observed in the 2011 off the Pacific coast 
of Tohoku Earthquake are shown and simulated for both of 
the buildings. 
 
7.1  Response of 11-Story University Building 
 The maximum observed accelerations at the top of the 
high-rise and the low-rise structures, the input acceleration 
and the isolation story deformations are summarized in 
Table 1. 
 

Table1  Maximum observed responses of 11-story 
university building 

 Longitudinal 
(X) 

Transverse 
(Y) 

Acceleration at the top of 
high-rise structure 58.6 cm/s2 69.8 cm/s2 

Acceleration at the top of 
low-rise structure 40.0 cm/s2 53.6 cm/s2 

Input acceleration 65.4 cm/s2 52.7cm/s2 

Deformation of the isolation 
story 9.1 cm 13.2 cm 
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Figure 10  Comparison of the observed and the simulated 
responses of 11-story university building in the X direction: 
(a) input acceleration, (b) deformation of isolation story, (c) 
acceleration at the top of low-rise structure, (d) acceleration 
at the top of high-rise structure, and (e) damping coefficient 

of semi-active hydraulic damper 
 
 It is confirmed that the switching of the semi-active 
hydraulic dampers continued from the beginning to the end 
of the earthquake excitation, following the control signal and 
no malfunctions are detected by the monitoring system. The 
observed time-history responses in the longitudinal (X) 
direction are illustrated in Figure 10. The switching of the 
damping coefficient of the semi-active hydraulic dampers 
from 80 to 120 s is extracted and shown in Figure 10(d). As 
a preliminary study, the corresponding simulated responses 
are calculated using the building model explained in Section 
5.3. The accelerations except the input acceleration are 
filtered to extract the low frequency component ranging 
from 0.1 to 4 Hz, using FFT. 
 The observed deformation of the isolation story is well 
simulated and the observed accelerations are mostly well 
simulated. However, the observed peak accelerations at the 
top of the high-rise and the low-rise structures are relatively 
larger than the simulated ones, due to the higher frequency 
component of the second mode. This phenomenon has been 
also observed in the time-history responses without control, 
as discussed in Section 5.2. As a result, the observed 

damping coefficient of the semi-active hydraulic dampers is 
more frequently switched compared to the simulated one. 
There seem to be several reasons to explain this 
phenomenon; one possible reason may be the friction force 
around the first floor of the high-rise structure against the 
ground, which has to be further studied. 
 
7.2  Response of 26-Story Super High-Rise Building 
 The maximum observed accelerations at the 26F, 17F 
and B1F, the input acceleration and the isolation story 
deformations are summarized in Table 2. 
The observed time-history responses in the longitudinal (Y) 
direction are illustrated in Figure 11. The switching of the 
damping coefficient of the semi-active hydraulic dampers 
from 80 second to 120 second is extracted and shown in 
Figure 11(f). The switching of the semi-active hydraulic 
dampers continued from the beginning to the end of the 
earthquake excitation, following the control signal and the 
reliability of the system was clarified by the monitoring 
system. 
 As a preliminary study, the corresponding simulated 
responses are calculated. The accelerations except the input 
acceleration are filtered to extract the low frequency 
component ranging from 0.1 to 10 Hz, using FFT. The 
observed deformation of the isolation story as well as the 
acceleration responses is mostly well simulated. The 
effectiveness of the semi-active base isolation is thereby 
confirmed. 
 The maximum acceleration responses with passive 
response control are calculated, assuming the damping 
coefficients of all the semi-active hydraulic dampers are 
fixed at C = 25.50 kN･s/cm and compared with those with 
semi-active control, as shown in Figure 12. Compared to the 
passive response control, the reduction from 10% to 20% is 
observed in the maximum response acceleration with 
semi-active control. 
 

Table 2  Maximum observed responses of 26-story super 
high-rise building 

 
Transverse 

(X) 
Longitudinal 

(Y) 

Acceleration at 26F 46.1 cm/s2 50.9 cm/s2 

Acceleration at 17F 66.0 cm/s2 34.1 cm/s2 

Acceleration at B1F 29.2 cm/s2 31.7cm/s2 

Input acceleration at MB2F 97.7 cm/s2 63.6 cm/s2 

Deformation of the isolation 
story 7.6cm 9.2 cm 

 

- 1774 -



  

observed simulated

-80
-40

0
40
80 cm/s2 Maximum value:63.6cm/s2(observed)

(a)

-10
-5
0
5

10 cm Maximum value:9.2cm(observed), 9.6cm(simulated)

(b)

-80
-40

0
40
80 cm/s2 Maximum value:31.7cm/s 2(observed), 26.2cm/s 2(simulated)

(c)

-80
-40

0
40
80 cm/s2 Maximum value::34.1cm/s2(observed), 28.0cm/s2(simulated)

(d)

-80
-40

0
40
80

0 50 100 150 200

cm/s2 Maximum value:50.9cm/s2(observed), 51.7cm/s 2(simulated)

(e)
s

1
2
3
4
kN/cm/s

80 90 100 110 120s
(f)

 

Figure 11  Comparison of the observed and the simulated 
responses of 26-story super high-rise building in the Y 

direction: (a) input acceleration, (b) deformation of isolation 
story, (c) acceleration at B1F, (d) acceleration at 17F, (e) 

acceleration at 26F, and (f) damping coefficient of 
semi-active hydraulic dampers 

 
 
8.  CONCLUSIONS 
 
 This paper discusses the performance verification of the 
semi-active base isolation system installed in an 11-story 
university building and a 26-story super high-rise building 
that were completed in Tokyo. The seismic responses of 
these two buildings were observed in the 2011 off the Pacific 
coast of Tohoku Earthquake and simulation analyses were 
conducted. 
 It was clarified that the switching of the semi-active 
hydraulic dampers continued from the beginning to the end 
of the earthquake excitation following the control signal, and 
the reliability of the systems was verified by the monitoring 
system. 
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Figure 12  Comparison of simulated responses with 
semi-active control vs. passive control in the longitudinal 

(Y) direction. 
 
 The observed responses of the buildings are mostly 
well simulated, thereby confirming the performance of the 
semi-active base isolation system. As for the 26 story 
high-rise building, the maximum response accelerations are 
reduced to 80% to 90%, compared with the case with the 
passive response control. As for the 11-story university 
building, however, the observed accelerations contain the 
higher frequency component of the second mode more than 
the simulated ones. This may be due to the friction force 
around the first floor, which has to be further studied. 
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Abstract:  We report seismic response, damage and emergency response of high-rise buildings in the Shinjuku Station 
area in Tokyo, Japan, for the 2011 Great East Japan Earthquake (Mw 9.0), using strong motion data, numerical 
simulations, and questionnaire/hearing surveys. As an example, the Shinjuku Campus of Kogakuin University (steel 
building of 29-stories) showed that the maximum amplitudes of the strong motions are 1 m/s/s, 0.2 m/s, and 0.1 m for 
accelerations, velocities, and displacements, respectively, at the ground level. And those of the 29th floors are amplified to 
3 m/s/s, 0.7 m/s, and 0.37 m, respectively. Even though there was no structural damage, nonstructural elements suffered 
damage: falls of ceiling boards, deformation of partition walls at higher floors. An emergency elevator had been stopped 
for more than 3 weeks, because of twisted cables and broken parts. The questionnaire/hearing surveys from 16 buildings 
in the Shinjuku area showed that their seismic response and damage patterns are similar to those of Kogakuin University. 
Even though there was no severe building damage, emergency managers felt difficulty to make an appropriate 
announcement whether people should stay or evacuate from the building to obtain the damage information immediately 
after the earthquake. This suggests the effectiveness of RSM (Real-Time Seismic Monitoring system) after an earthquake. 

 
 
1.  INTRODUCTION 
 

The 2011 Great East Japan earthquake (Mw 9.0) 
paralyzed the function of the city of Tokyo, such as traffic 
jams and congestions of telephones. Even though the ground 
motion was not very severe in Tokyo metropolitan area, 
where JMA Intensity is about 5, many people were difficult 
to get home and had to stay in the city for all night. 
Especially, since high-rise buildings shook severely at higher 
floors by the long-period strong ground motions, many 
people evacuated from the buildings. This caused extremely 
crowded areas in the downtown districts in Tokyo, and 
rescue and fire-fighting activities could be difficult for larger 
earthquakes. 

In this paper, we report seismic response, damage and 
emergency response of high-rise buildings in the Shinjuku 
Station area during the earthquake. The station is the largest 
in the world; about 3,600,000 passengers use trains every 
day. Among 30 high-rise buildings (more than 100 m) in the 
area, digital strong motion data of the Kogakuin University 
and adjacent the STEC buildings are available for this study 
(see Picture 1). We simulated seismic response of the 
Kogakuin building using 3D structural model. In addition, 
we conducted questionnaire and hearing surveys for 22 
high-rise buildings in the area, and obtained useful results 
from 16 building management companies and 23 tenants. 

2.  SEIMIC RESPONSE OF HIGH-RISE BUILDINS 
 
2.1  Strong Motion Records of High-Rise Building 

We explain the structure and strong motion records of 
the Shinjuku Campus building of Kogakuin University. As 
shown in Figures 1 and 2, it is the steel moment frame 
building with braces of 29-stories and approximately 140 
meter height. The natural periods of the 1th and 2nd modes 
are about 3 s and 1 s, respectively. Figure 3 shows the 
locations of strong motion seismometers, which are located 
from GL-100m, B6F, and up to the top roof floor (29F).  

On the other hand, Picture 1 and Figure 3 also show the 
STEC office building, which is the next of the Campus 
building, and the location of strong motion seismometers. 
The structure is steel moment frame with braces, which is 
similar to the Campus building, but it is slightly lower with 
28-stories of about 128 m height. 

Table 1 and Figures 5 - 6 show the maximum 
amplitudes of the response of the two high-rise buildings, an 
example of recorded waves of accelerations and 
displacements, and response spectra during the main shock 
of the 2012 Great East Japan earthquake. The maximum 
amplitudes of accelerations, velocities, displacements, and 
seismic intensities of JMA (Japan Metrological Agency) are 
about 1 m/s/s, 0.2 m/s, 0.1 m, and 4 at the ground level, 
respectively, whereas those of the top floors are amplified to  
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Picture 1 The Shinjuku Campus of Kogakuin 
University (Right) and STEC Office Building (Left)

Figure 1  Structural Plan and Location of Strong Motion 
Seismometers

3.2 3.2 25.6 3.2 3.2
38.4

6
.4

2
5

.6
3

.2
3

.2
3.

2
3

.2
3

.2
3.

2

3.2 3.2 25.6 3.2 3.2
38.4

6
.4

2
5

.6
3

.2
3

.2
3.

2
3

.2
3

.2
3.

2
3

.2
3

.2
3.

2

X2

Y14

3.2 3.2 25.6 3.2 3.2
38.4

6
.4

2
5

.6
3

.2
3

.2
3.

2
3

.2
3

.2
3.

2

3.2 3.2 25.6 3.2 3.2
38.4

6
.4

2
5

.6
3

.2
3

.2
3.

2
3

.2
3

.2
3.

2
3

.2
3

.2
3.

2

X2

Y14

 NS1

 EW

 NS2 

 UD

GL-100m

29F

1F

B6F

8F

16F

22F

28F

22F

15F

STEC 
Office 

Building

8F

143m

Shinjuku 
Campus 
Building

Roof
Roof

GL-100m

29F

1F

B6F

8F

16F

22F

28F

22F

15F

STEC 
Office 

Building

8F

143m

Shinjuku 
Campus 
Building

Roof
Roof

29F

1F

B6F

8F

16F

22F

28F

22F

15F

STEC 
Office 

Building

8F

143m

Shinjuku 
Campus 
Building

Roof
Roof

4.
64.

3 4.
34.

3
4.

34.
3 4.

34.
3 4.

34.
3

3.
9

3.
9

3.
9

4.
3 4.

3
5.

1
4.

24.
2 4.

24.
2

5.
54.

0
4.

0
4.

0
4.

0
4.

0
4.

04.
0 4.

05.
2

12
7.

8

5F

10F

15F

20F

25F

30F

4.
64.

3 4.
34.

3
4.

34.
3 4.

34.
3 4.

34.
3

3.
9

3.
9

3.
9

4.
3 4.

3
5.

1
4.

24.
2 4.

24.
2

5.
54.

0
4.

0
4.

0
4.

0
4.

0
4.

04.
0 4.

05.
2

12
7.

8

4.
64.

3 4.
34.

3
4.

34.
3 4.

34.
3 4.

34.
3

3.
9

3.
9

3.
9

4.
3 4.

3
5.

1
4.

24.
2 4.

24.
2

5.
54.

0
4.

0
4.

0
4.

0
4.

0
4.

04.
0 4.

05.
2

12
7.

8

5F

10F

15F

20F

25F

30F

             (a) EW Direction     (b) NS Direction 
[ 
Figure 2  Structural Elevation of Kogakuin University Building     Figure 3 Location of Strong Motion Seismometers

Table 1  Max. Amplitudes of Strong Motions of the Kogakuin and STEC Buildings during 2011 East Japan EQ 
  (a) Kogakuin University Building                             (b) STEC Office Building  

Note: NS1=West Side, NS2=East Side                          Note: NS1=East Side, NS2=West Side 
     The JMA intensities of the shaded cells are calculated using the two horizontal components 

Floor 29 25 22 16 8 1 B6F -100m Floor 28 22 15 8 1 B6F
EW 30.5 28.7 24.8 - - 0.0 EW 32.7 27.3 18.8 7.8 0.0
NS1 33.7 29.0 25.9 16.9 - 0.0 NS1 29.7 23.5 15.3 7.0 0.0
NS2 33.5 25.6 16.4 - 0.0 NS2 34.9 27.4 17.2 8.7 0.0
EW 30.6 26.1 25.1 - - 5.7 6.5 5.8 EW 34.4 28.9 20.5 9.9
NS1 34.7 29.9 26.9 17.9 - 6.2 7.1 6.3 NS1 29.0 23.2 15.8 8.3
NS2 35.3 27.4 18.2 - 7.2 7.0 NS2 35.2 28.0 18.3 8.9
UD 3.5 3.7 3.4 3.3 UD 3.5 3.5
EW 234.6 134.7 151.7 - 197.1 91.9 63.3 45.9 EW 161.0 124.7 152.2 154.7
NS1 291.6 151.4 153.4 232.4 198.2 97.5 56.8 49.5 NS1 246.9 125.8 246.0 190.0
NS2 340.7 159.2 241.9 - 81.6 55.4 NS2 302.1 155.8 228.6 159.3
UD 183.6 - 37.1 29.1 UD 134.2 37.9

5.9 5.2 5.1 - - 4.5 4.4 4.1 5.6 4.9 5.5 5.3 4.5JMA Intensity

Relative
Displacement

to1F (cm)

Absolute
Displacement

(cm)

Acceleration
(cm/s/s)

JMA Intensity

Relative
Displacement

to 1F (cm)

Absolute
Displacement

(cm)

Acceleration
(cm/s/s)

- 1778 -



 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4  Accelerations (Left) and Displacements (Right) of the NS2 Components from GL-100 m to the Top Floor 

 

(Note: This Data (ch28) of the 8th floor is contaminated by noises) 

Figure 5  Maximum Accelerations, Velocities, Displacements, and the JMA Intensities of Kogakuin Univ. 
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     Figure 6  Velocity Response Spectra (h=5%)  of Campus Building of Kogakuin University  
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about 3 m/s/s, 0.7 m/s, 0.37 m, and 6. The array of the 
displacements indicates the dominance of the 1st mode at 
longer periods, whereas that of the accelerations shows the 
dominance of the 2nd mode at shorter periods, because the 
amplitudes at the 22th floor are smaller than those of the 
16th and 22th floors.  

Figure 6 shows the velocity response spectra of the NS 
and EW components at the 1st and 29th floors of the 
university building. The spectra of 1st floor show relatively 
flat amplitudes at broad periods, whereas those of the 29th 
floor show distinct natural periods around 3 s and 1 s, 
corresponding to the 1st and 2nd modes, respectively. 

We checked the dependency of the natural period on the 
maximum amplitude of the building response. Figure 7 
shows the natural periods of the 1st modes versus the 
maximum amplitudes of velocities of the 29th floor. We 
used the two data sets: one for small earthquakes before the 
2012 main shock, and the other for the main-shock and 
after-shocks. The larger the building response is, the longer 
the natural period becomes. In particular, the former dataset 
from small earthquakes shows shorter natural periods than 
those of the latter including the main shock. This is probably 
caused by relaxing non-structural elements, such as 
partitions and curtain walls during the main-shock. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

2.2  3D Seismic Response Simulations 
We simulate numerically the seismic response of the 

Kogakuin building, using a 3D non-linear moment frame 
model. Since the stiffness of columns is much larger than 
that of beams and braces, we assumed that plasticity 
occurred in beams and braces, but not columns. Figure 8 
shows the non-linear hysteretic models for the beams and 
the braces. In addition, we assumed the rigidness of the 
floors and the panel zones between column and beam. We 
also assumed the fixed columns by neglecting the 
soil-structure interaction. We use the Rayleigh-type damping 
factors of 1 % for the 1st and 2nd modes, which values were 
estimated from the forced vibration experiments. The natural 
periods of the simulation model are about 2.8 s and 0.9 s for 
the 1st and 2nd modes, respectively, which are slightly 
shorter than those during the main shock. 

Figure 9 show the comparisons between the recorded 
and simulated waves (accelerations and displacements), for 
the foreshock (2011/3/9 Sanriku-Oki EQ, M7.3) and the 
main shock. Since the natural periods of the simulation 
model are close to those of the building during the foreshock, 
the results by the foreshock show good agreements with the 
observations. On the other hand, the simulated results for the 
main shock show larger accelerations and smaller  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Figure 8  Non-Linear Hysteretic Models for Beams and Braces of the 3D Structural Model of Kogakuin Univ. 
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    Figure 7  Dependency of Natural Periods on the Maximum Velocities of the 29th floor of University Building 
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displacements than those of the observations, because of the 
discrepancy of the natural periods between the simulation 
and the observations. 
 
2.3  Strong Motion Data of Other High-Rise Buildings 

Table 2 shows the maximum amplitudes of 
accelerations and displacements of other high-rise buildings 
in the Shinjuku station area during the 2011 Great East Japan 
earthquake. Note that the displacements for the Shinjuku 
Center Building (Hosozawa, et.al, .2011) and Tokyo 
Metropolitan Government Building (Tokyo Metropolitan 
Government Financial Bureau, 2011) are relative values to 
those of the 1F and B3 floor, respectively. On the other hand, 
those of buildings A and B are absolute values. Since the 
sizes of buildings A and B are similar to those of the 
Kogakuin and STEC buildings, the results including the 
JMA intensities are similar (see Table 1 and Figure 3). On 
the other hand, the two taller buildings show the larger 
response of the displacements, whereas accelerations do not 
show large differences. 
 
 
3.  EMERGENCY RESPONSE AND DAMAGE 
 
3.1  Systems for Emergency Response 

We report emergency response systems, initial 
response of people, and damage of high-rise buildings in the 
Shinjuku station area. As the case of Kogakuin University, 
Figure 8 shows popup windows of the two EEW 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(Earthquake Early Warning) systems after the 2011 Great 
East Japan earthquake, whose data are provided by NIED 
(Nationl Research Institute for Earth Science and Disaster 
Prevention) and JMA (Japan Metrological Agency through 
Anet Co.). Since the initially estimated magnitude was small 
(7.6 and 7.3 by JMA and NIED, respectively), and the 
epicentral distance was large (about 390 km), the estimated 
JMA intensity was 3 (the actual intensity was 5). Therefore, 
the automated warning message was not issued. Even this 

 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 9  Observed and Simulated Accelerations and Displacements of the 29th Floor for the Fore- and Main-Shocks 
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Table 2  Max. Amplitudes of Strong Motions of High-Rise 
Buildings in the Shinjuku Station Areas 

 (Note: The displacements of buildings No.1 and 2 are relative 
values with respect to those of 1F and B3, respectively.) 

NS EW UD NS EW UD
54F 161 236 - 54 49 - -
28F 171 113 - 33 26 - -
1F 142 94 57 0 0 - -
48F 242 288 198 65 66 - -
43F 114 136 156 57 54 - -
32F 95 117 125 44 39 - -
25F 113 141 105 35 31 - -
8F 120 89 71 10 9.2 - -
1F 91 82 45 0.6 0.7 - -
B3 74 73 48 0 0 - -
31F 280 239 117 49 35 7.8 5.6
15F 168 160 83 27 17 7.5 5.2
1F 155 112 52 14 10 7.7 4.6
B5 66 62 47 14 10 7.7 4.4
30F 184 209 291 38 33 7.3 5.5
20F 158 157 222 30 24 7.2 5.2
10F 156 138 122 16 12 7.3 5.2
2F 109 85 62 10 8.5 7.3 4.5
B3 63 71 52 11 8.4 7.3 4.5

4

No.

1

2

3

Acc. (cm/s/s) Disp. (cm) JMA
Intensity

FloorBuilding Name

Shinjuku
Center Building

(54 Stories)

Tokyo
Metropolitan
Government

Building
(48 Stories)

B Building
(30 Stories)

A Building
(31 Stories)

- 1781 -



 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
limitation of accuracy, we believe that the systems are useful 
for initial response, especially for the long-period ground 
motion from far and large earthquakes. Figure 10(b) shows 
100 s of the arrival time for the long-period ground motion 
(surface waves: Kubo et al., 2011), which is enough time for 
initial response, such as the emergency stop of elevators and 
issuing a warning announcements 

Figure 9 shows the popup window of the RMS 
(Real-Time Strong Motion Monitoring System) of Kogakuin 
University, which shows the real-time information of the 
building response: the arrays of estimated JMA intensities, 
and drift angles (Kubo, 2011). Using this system, the  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
emergency control center quickly knew that the building was 
structurally safe, and made prompt announcements to stay at 
safe places. 
 
3.2  Damage of High-Rise Buildings 

Even though there was no severe damage in the 
university building, several non-structural elements and 
equipments suffered damage, as shown in Pictures 2: fall 
and deformation of ceiling panels and plaster boards, 
deforming of partition walls, fall of unsettled objects, and so 
on. In addition, an emergency elevator stopped the service 
for about three weeks, because the main cables were twisted, 

Figure 10  EEW (Earthquake Early Warning System) after the 2012 East Japan Earthquake at Kogakuin University 

(a) EEW by JMA and Anet Co.                 (b) EEW by NEED and Kogakuin University 
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Figure 11  RMS (Real-Time Strong Motion Monitoring System) after the 2012 East Japan Earthquake at the university 
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and it was difficult to obtain the replacement parts.  

We also conducted questionnaire and hearing surveys 
about building response, damage, and emergency response 
at 22 high-rise buildings in the Shinjuku station area, and 
obtained data from 16 building management companies and 
23 tenants. As results, we found that the extent of damage 
was very similar to that of Kogakuin University: the fall and 
deformation of non-structural elements and equipments, and 
tangled elevator cables (see Picture 2(b)). In addition, there 
were a couple of buildings which were suffered water 
leakage from sprinklers, and a few people were trapped in 
elevators, because of the activation of emergency sensors.  

Generally, communications between building managers 
and tenants were difficult, because of the telephone lines 
congestion. Even though there were no severe structural 
damage of a building, some managers felt difficulty to make 
an appropriate announcement whether people should stay or 
evacuate from the building, because they could not obtain 
the information of damage immediately after the earthquake. 
This suggests that EEW and RMS are effective for 
emergency management during a big earthquake. 
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     (a) Fall of ceiling panels             (b) Movement of a copy machine      (c) Deformation of a partition wall 

Pictures 2  Various Damage and Situation in and around Kogakuin University and the Shinjuku Station Area 

(d) Tangled elevator cable             (e) Fall of Unsettled Objects       (f) Fall of Cover at Expansion Joint 

 (g) Evacuees from the Shinjuku Station   (h) Disaster Control Headquarter of Univ.     (i) Evacuees at Kogakuin Univ. 
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Abstract:  The 2011 Earthquake off the Pacific Coast of Tohoku that occurred on March 11, 2011 caused devastating 
damage to the northeast Pacific coast region of Japan. Three different types of seismic isolated buildings stand in the 
grounds of Shimizu Corporation’s Institute of Technology in Tokyo. The effects of applied seismic isolation methods 
were verified through the observed earthquake responses of the three seismic isolated buildings subjected to this 
earthquake. In each of the seismic isolated buildings, the observed accelerations on the floors were reduced to about half 
compared to those on the ground. 

 
 
1.  INTRODUCTION 
 

The number of seismic isolated buildings has 
drastically increased in Japan after the “1995 Kobe 
Earthquake”, and the total number of seismic isolated 
building is said to exceed 2,500, excluding individual 
seismic isolated houses. In the early implementation of 
seismic isolation methods, most of the buildings employed 
ordinary rubber bearings and dampers that were simply 
installed underneath a structure. The effects of such ordinary 
seismic isolation methods have been already confirmed 
through the observed records of past earthquakes in Japan.  

Recently, various kinds of new seismic isolation 
methods have been developed and applied to actual 
buildings. In Shimizu Corporation’s Institute of Technology 
in Tokyo, there are three different types of seismic isolated 
buildings, each of which employs a newly developed 
seismic isolation method: column-top seismic isolation, 
core-suspended isolation, or partially-floating seismic 
isolation. Each seismic isolated building was installed with 
earthquake-sensing devices to verify the effects of the 
applied seismic isolation method. 
 
 
2. OVERVIEW OF THE THREE SEISMICALLY 
ISOLATED BUILDINGS 

 
Three different types of seismic isolated buildings stand 

in the grounds of the Shimizu Corporation’s Institute of 
Technology in Tokyo. Each of the three buildings employs a 
unique seismic isolation method, and is installed with 
earthquake-sensing devices. 

 
2.1 The Main Building: A Column-Top Seismic Isolation 

System 
The main building in the institute is a 6-story, long-span, 

seismic isolated structure which utilizes a column-top 
seismic isolation (CTSI) system (Nakamura et al. 2009). 

The building uses a large-scale “trussed cage” structure, 
the upper part of which is supported on six isolators on 
independent columns, creating an expansive area at ground 
level, as shown in Figures 1 – 4. Mega-truss frames and rigid 
frames with bracings are used to provide a large free office 
space of 80 m x 40 m. Four concrete piles support each 
isolated column, eliminating the need for footing girders 
underground. 

The seismic isolators are lead rubber bearings of 1,000 
mm or 1,100 mm in diameter, as shown in Figure 3. Because 
of the soft soil conditions of the site, the natural period of the 
seismic isolated structure is designed to be 4.0 s at 200 % 
shear strain level of the isolator. The maximum vertical 
stress for dead and live loads is an average of 14.1 N/mm2.  
 
2.2 The Safety & Security Center: A Core-Suspended 
Isolation System 

A core-suspended isolation (CSI) system consists of a 
reinforced concrete core on top of which a seismic isolation 
mechanism composed of a double layer of inclined rubber 
bearings is installed to create a pendulum isolation 
mechanism (Nakamura et al. 2011). The Safety & security 
center, shown in Figure 5, is the first building to utilize the 
CSI system.  

The pendulum seismic isolation mechanism for the 
building consists of two layers each of four inclined rubber 
bearings, installed at the top of a reinforced concrete core, 
from which three floors of office structure are suspended by 
high-strength steel rods, as shown in Figures 5 and 6. Fluid 
dampers are placed between the core shaft and the 
suspended  office  structure  to control the motion of  
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the 

building. The first mode period is designed to be around 5 s 
in both the X and Y directions. 

 

 
Figure 5 General view of and the structural system of the 

safety & security center 

 
Figure 6 The core-suspended isolation system, comprising 

two layers, each of four inclined rubber bearings 
. 

 
2.3 The wind Tunnel Testing Laboratory: A 
Partially-Floating Seismic Isolation System 

A partially-floating seismic isolation (PFSI) system 
utilizes buoyant floatation forces to partially support the 
gravity weight of the protected structure, along with rubber 
bearings (Saruta et al. 2007). In addition, the system utilizes 
a porous media attached to sides of the basin as a means of 
damping the structural motion.  

The wind tunnel testing laboratory, shown in Figures. 7 
and 8, is the first building to utilize the PFSI system. The 
basement, as shown in Figure 8, is of 2.3 m draft, and half of 
the weight of the structure is supported by buoyancy. The 
natural period of the seismic isolated structure is designed to 
be 4.1 s. 
 
 

 
Figure 1  General view of the main building 

 

Figure 2 Structural system of the main building 

 
Figure 3  A seismic isolator (lead rubber bearing)      

on top of a column 

 
Figure 4 First-floor piloti 
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Figure 7 General view of the wind tunnel testing laboratory 

 

Figure 8 A cross section of and the structural system of the 
partially-floating seismic isolation system 

 
3.  OBSERVED EARTHQUAKE RESPONSES OF 
THE SEISMICALLY ISOLATED BUILDINGS 
 

A Structural health monitoring (SHM) system was 
implemented into the three seismic isolated buildings to 
detect their seismic performance (Okada et al. 2009). The 
effects of applied seismic isolation methods were verified 
through the observed earthquake responses of the three 
seismic isolated buildings subjected to the 2011 
Tohoku-Pacific Earthquake. 

 

3.1 The Main Building 

Maximum acceleration responses of the main building 
when subjected to the 2011 Toshoku-Pacific Earthquake are 
shown in Figure 9. Observed acceleration waves on the 
ground and on the 6th floor are shown in Figure 10. The 
maximum accelerations on the floors of the seismic isolated 
structure were story-wise almost uniform, and reduced to 
about half compared to those on the ground.  

The locus of the horizontal deformation of a lead rubber 
bearing is shown in Figure 11. The maximum displacement 
of the rubber bearing was 8.6cm, which was much less than 
the maximum deformation of performance, which was 
45cm.  

Figure 12 shows the transfer functions of the observed 
accelerations on the 6th floor to those on the ground. The 
transfer function indicates that the fundamental natural 

period of the seismic isolated structure was about 2 s, which 
is shorter than the designed first mode period. 
 
3.2 The Safety & Security Center 

Maximum acceleration responses of the safety & 
security center when subjected to the 2011 Tohoku-Pacific 
Earthquake are shown in Figure 13. Although the 
acceleration responses were amplified at the top of the core 
structure, the CSI system reduced them and the maximum 
accelerations on the floors in the hung structure were 
reduced to about half in the X-direction, and to about one 
third in the Y-direction, compared to those on the ground, 
respectively. Observed acceleration waves on the ground 
level and on the 2nd floor in the office are shown in 
Figure14. 

Figure 15 shows the locus of the horizontal relative 
displacement between the core structure and the 2nd floor in 
the office. The maximum relative displacement was about 
8cm, which was much less than the clearance of 30cm.  

Figure 16 shows the transfer functions of the observed 
accelerations on the 2nd floor in the office to those on the 
ground level, which indicate that the fundamental natural 
period of the hung structure was 3.6 s (0.28Hz) in the 
X-direction, and 3.4 s (0.29Hz) in the Y-direction, 
respectively. These values are shorter than the designed first 
mode periods. 

 
3.3 The Wind Tunnel Testing Laboratory 

 Maximum acceleration responses of the wind 
tunnel testing laboratory when subjected to the 2011 
Tohoku-Pacific Earthquake are shown in Figure 17. The 
acceleration response on the roof in the Y-direction was 
amplified because the top part of the building is partially 
made of steel. The maximum accelerations in the 1st 
basement level and on the 1st floor of the structure were 
reduced to about half in both directions, compared to those 
at the base of the pit. Observed acceleration waves at the 
base of the pit and on the 1st basement level are shown in 
Figure 18. 

The locus of the horizontal deformation of a rubber 
bearing is shown in Figure 19. The maximum displacement 
of the rubber bearing was 4.6 cm, which was much less than 
the maximum deformation of performance, which was 
46cm.  

Figure 20 shows the transfer function of the observed 
accelerations on the 1st basement level to those at the base of 
the pit, which indicates that the fundamental natural period 
of the hung structure was 2 s (0.5Hz). This value is shorter 
than the designed first mode period. 
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Figure 11 Locus of the horizontal deformation of a 

lead rubber bearing in the main building 
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Figure 10 Observed acceleration waves on the ground and on the 6th floor of the main building 

Figure 9 Maximum responses of the main building 

Figure 12 Transfer function of the observed accelerations
(on the 6th floor / the ground floor) of the main building
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Figure 13 Maximum response of the safety & security center 

Figure 14 Observed acceleration waves on the ground level and the office on the 2nd floor of the safety and security 

Figure 15 Locus of the relative displacement between 
the office on the 2nd floor and the core structure of 

 the safety & security center  

Figure 16 Transfer function of the observed accelerations 
(in the office on the 2nd floor / the ground level) of the 
safety & security center of the safety & security center 
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Figure 17 Maximum response of the wind tunnel testing laboratory 
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Figure 19 Locus of the relative displacement of a rubber 
bearing in the wind tunnel testing laboratory 

Figure 20 Transfer function of the observed 
accelerations (on the 1st basement level / at the base of 

the pit) of the wind tunnel testing laboratory of  
the safety & security center 

Figure 18 Observed acceleration waves at the base of the pit and on the 1st basement level in the wind tunnel testing laboratory 
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4. Conclusions 

 

Three different types of seismic isolated buildings 

stand in the Shimizu Corporation’s Institute of 

Technology in Tokyo. Each of the three buildings 

employs a unique seismic isolation method: the main 

building by column-top seismic isolation (CTSI) 

system, the safety & security center by core-suspended 

isolation (CSI) system, and the wind tunnel testing 

laboratory by partially-floating seismic isolation 

(PFSI) system. 

The effects of applied seismic isolation methods 

were verified through the observed earthquake 

responses of the seismically isolated buildings 

subjected to the 2011 Tohoku-Pacific Earthquake. In 

each of the three seismic isolated buildings in the 

institute, the observed accelerations on the floors were 

reduced to about half compared to those on the ground.  
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Abstract:  Time history records of ground acceleration and pore water pressure were obtained at a levee, right-bank of 
Naruse river, Miyagi prefecture.  The earthquake response of the levee is simulated by 1-D effective stress analysis 
using the ground motion recorded in the base layer as input motion.  Though the simulated acceleration response and the 
excess pore water pressure are coincide with the observation as a whole, hydrodynamic pressure and dissipation of pore 
water pressure are not reproduced.  Dynamic analysis is widely used for seismic design of the bridge with horizontal 
force distributed structure in recent years but there is little research on dynamic analysis of such bridges using real 
earthquake data. We carried out dynamic analysis using accelerograms recorded at the ground surface near P3 of Yamada 
viaduct, Iwate prefecture. The simulated earthquake response shows a good agreement with the observed response when 
impact and friction forces acted between side blocks and bearings are taken into account. 

 
 
1.  INTRODUCTION 
 

The largest earthquake in recorded history in Japan 
started its rupture on March 11, 2011 at 14:46:18 in JST.  
Japan Meteorological Agency (JMA) reported JMA 
magnitude, MJ of the earthquake was 7.9 within 3 minutes.  
The moment magnitude, Mw was then calculated using data 
recorded by domestic broadband seismographs but in vain; 
almost all the data exceeded recording capacity of the 
seismographs (JMA, 2011). 

JMA reported a revised MJ of 8.4 at 16:00 and then Mw 
of 8.8, which was estimated using data from broadband 
seismographs all over the world, at 17:30. The Mw was 
revised to 9.0 on March 13 after a detailed analysis of the 
rupture process.  It was found to include three major 
ruptures and the maximum slip was estimated to be 30-40m 
(Yoshida et al., 2011). 

Challenges left after the earthquake, named the 2011 off 
the Pacific coast of Tohoku Earthquake by JMA, are so 
enormous that even its magnitude was hard to be determined 
as mentioned above.  One of the important challenges is 
developing methods for effective and economical disaster 
mitigation against such great earthquakes.  In order to gain 
a foothold for this great task, preliminary earthquake 
response analyses were carried out using the strong motions 
and earthquake responses of a levee and a viaduct recorded 
during the devastating earthquake. 
 
 

2.  EARTHQUAKE RESPONSE OF A LEVEE 
 
2.1  Configuration and State of the Levee 

Figure 1 shows locations of accelerometers and 
piezometers at Nakashimo station, right-bank of Naruse river, 
Miyagi prefecture.  The sensor arrays were installed at the 
berm, where liquefaction strength had been improved by the 
sand compaction pile (SCP) method, and near the crown, 
where no liquefaction remediation has been conducted. 

Time history records of ground acceleration and pore 
water pressure were obtained at the sensor array near the 
crown during the 2011 event, while no records were 
obtained at the berm.  As shown in Photo 1 (right), the 
station was attacked by tsunami of which inundation height 
was estimated about 1m from the trace of water surface on 
the inside wall of the instrument shed. 
 
2.2  1-D Effective Stress Analysis 

A computer code for 1-D effective stress analysis, 
YUSAYUSA-2 (Yoshida and Towhata, 2005), was 
employed for simulating earthquake response of the levee.  
Table 1 shows the material properties of the soil layers used 
in the analysis.   

Figure 2 shows the observed motion at the base layer, 
which was used as an input motion, and the observed and 
simulated motions at the crown.  Though short period 
component of the simulated motion is somewhat smaller 
than the observed one, the entire waveform was reproduced 
well.  Observed and simulated time histories of excess pore 
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water pressure are also compared in Figure 3.  
Hydrodynamic pressure and dissipation of pore water 
pressure were not reproduced at all; freezing soil sampling 
and 2-D simulation may be required for improving the 
agreement between observed records and the effective stress 
analysis. 
 
 
3.  EARTHQUAKE RESPONSE OF A VIADUCT 
 
3.1  Configuration and State of the Viaduct 

Figure 4 shows section of Yamada viaduct, which is 
470.7m long with two 4-span continuous steel box girders, 
with locations of accelerometers.  Ground motion and 
earthquake response of the viaduct during the 2011 event 
were recorded by the accelerometers on the ground surface, 
top of P3, and the girder.  The viaduct, located in Yamada 
town, Iwate prefecture, is a horizontal force distributed 
structure using multi-layered rubber bearings.  Dynamic 
analysis is widely used for seismic design of the bridge with 
horizontal force distributed structure in recent years. There is, 
however, little research on dynamic analysis of such bridges 
using real earthquake data; a dynamic response analysis of 
the viaduct was carried out using the strong motion record. 

The viaduct viewed from the top of A1 and the 
accelerometer on the top of P3 are shown in Photo 2.  The 
acceleration waveforms recorded on the ground surface are 
shown in Figure 5 with their acceleration response spectra. 
 
3.2  Earthquake Response Analysis 

Analytical model (Figure 6) based on the design 
description was first employed for an earthquake response 
analysis.  The bearings were assumed to be movable in the 
longitudinal direction, while fixed in the transverse direction 
because side blocks were installed for restricting movement 
of bearings.  Stiffness of the bearings in the longitudinal 
direction was set to 6 times of the design description so that 
the fundamental natural period of the model matches to the 
observed one, 1.1 [s].  A sway-rocking model was 
employed for the foundation-ground system. 

Figures 7 and 8 compare the observed and the 
computed response.  We can see that the analysis 
overestimates the response of the girder in the longitudinal 
direction at 1 [s] and underestimates that in the transverse 
direction at 0.7 [s]. 
 
 
 
 
 
 
 
 
 
 
 
 
 

3.3  Contact between Bearings and Side Blocks 
Detailed site investigation revealed that the side blocks 

had scraped top plates of the bearings as shown in Photo 3 
and Figure 9.  Therefore, an earthquake response analysis 
was carried out again taking the contact between the 
bearings and the side blocks into account (Figure 10).  The 
impact force was set to the shared load in the transverse 
direction multiplied by 0.16g, which is double of the RMS 
of acceleration response waveform of the girder, 0.08g.  
The friction force was calculated from the impact force 
multiplied by friction ratio, which was assumed 0.1. 

Figures 11 and 12 compare the observed records with 
the computed responses.  A better agreement can be seen in 
the response of the girder in the longitudinal direction at 1 
[s] due to the revision of the analytical model.   We have 
been investigating the reason that causes the remaining 
difference between observed and computed responses. 
 
 
4.  SUMMARY 
 

Results of preliminary analyses using the strong motion 
and earthquake response records obtained during the 2011 
off the Pacific coast of Tohoku Earthquake are presented.  
Development of methods for effective and economical 
disaster mitigation against great earthquakes is a pressing 
issue.  NILIM has been intent on maintenance of the strong 
earthquake motion observation systems and utilizing the 
observed records for seismic design and earthquake disaster 
mitigation.  We will be working on further development of 
the observation systems and improvement of the data 
utilization. 
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Figure1  Locations of accelerometers and piezometers at Nakashimo station. 

 

  

Photo 1  Nakashimo station before (left: 2008) and after (right: April 4, 2011) the earthquake.  Tsunami inundation height was about 
1m in this area. 

 
Table 1  Material properties for the 1-D effective stress analysis. 
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Figure 2  Time history records observed at Nakashimo station during the 2011 off the Pacific of Tohoku Earthquake (NS component, 

top: crown, bottom: base layer) compared with a simulated motion at the crown by the effective stress analysis (middle). 
 

-20

0

20

40

60

80

100

0 50 100 150 200 250 300
Time [s]

E
xc

e
ss

 p
o
re

 w
at

e
r

pr
es

su
re

 [
kP

a
]

Observed

Simulated

 
Figure 3  Observed excess pore water pressure compared with the simulated one. 
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Figure 4  Section of Yamada viaduct with locations of accelerometers. 
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Photo 2  Yamada viaduct viewed from the top of A1 (left) and the accelerometer on the top of P3 (right). 
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(a) Acceleration waveforms    (b) Acceleration response spectra 

Figure 5  Strong motion recorded on the ground surface under Yamada viaduct. 
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Figure 6  Perspective of the analytical model of Yamada viaduct. 
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(a) Girder, longitudinal direction   (b) Pier, longitudinal direction 
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(c) Girder, transverse direction      (d) Pier, longitudinal direction 

Figure 7  Comparison between the observed and the computed earthquake responses of the girder and pier of Yamada viaduct. 
 

    
(a) Longitudinal direction      (b) Transverse direction 

Figure 8  Comparison of Fourier spectra of the observed and computed earthquake responses at the girder. 
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Photo 3  A bearing on the top of P3.  The top plates of bearings were scraped by the side blocks. 
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Figure 9  Width of the scrapes, which corresponds to the deformation of bearings , observed at the top plates of bearings. 
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Figure 10  Perspective (top) and force-displacement relationships of bearings with side blocks (bottom) of the revised analytical model 

of Yamada viaduct. 
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(a) Girder, longitudinal direction    (b) Pier, longitudinal direction 
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(c) Girder, transverse direction    (d) Pier, longitudinal direction 

Figure 11  Comparison between the observed and the computed earthquake responses of the girder and pier. 
 

    
 (a) Longitudinal direction      (b) Transverse direction 

Figure 12  Comparison of Fourier spectra of the observed and computed earthquake responses of the girder. 
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Abstract:  The authors have applied seismic retrofitting with deformation-dependent oil damper to an existing 54-story 
office building located at Shinjuku ward, Tokyo Metropolitan in 2009, to suppress vibration under the long period 
earthquake ground motions. This paper describes the outline of the building, the specification of the 
deformation-dependent oil damper, the seismic observation system, and the confirmation of the vibration control 
performance based on the observation records. The main seismic records of the building was observed in the 2004 Mid 
Niigata Prefecture Earthquake (in the condition without oil damper), and in the 2011 Tohoku Pacific Earthquake (with the 
oil damper). An ARX model is fitted to these observation records to evaluate the control performance of these oil dampers 
as equivalent damping ratios. The damping ratios of the first mode for the transverse (y) and for the longitudinal (x) 
direction of the building were increased by these oil dampers 1.4 and 0.3 percent, respectively. The simulation analysis of 
the 2011 Tohoku Pacific Earthquake in the condition without oil dampers is also conducted. It was found that these oil 
dampers effectively reduced the maximum response of the building to about 80 percent. In conclusion, the performance 
of the seismic retrofitting of the super high-rise building was confirmed. 

 
 
1.  INTRODUCTION 
 

It is pointed out that great earthquakes such as the Tokai 
Earthquake, the Tonankai Earthquake, and the Nankai 
Earthquake, may occur in the near future. When such an 
earthquake occurs, long period ground motions will reach 
the Kanto, Nobi, and Osaka plains, where Japan's three 
major urban areas have developed, and shake high-rise 
buildings violently. Since some of old high-rise buildings 
were designed without considering long-period ground 
motions, reinforcing such buildings is an important issue.  

An effective method to reinforce existing high-rise 
buildings is installing additional dampers. However, a 
problem with ordinary damper is that they require 
reinforcement of surrounding columns and girders to support 
large reaction forces generated during earthquake ground 
motion. To solve this problem, we developed a 
deformation-dependent oil damper (Kimura et al, 2008). The 
most attractive feature of this damper is to reduce the 
damping force at the moment when the frame deformation 
comes close to its maximum value. Allowing this feature, 
reinforcement of columns, girders, and foundations are no 
longer required. We applied this deformation dependent oil 

damper to an existing 54-story office building named 
Shinjuku Center Building located at Shinjuku ward, Tokyo 
Metropolitan in 2009, to suppress vibration under the long 
period earthquake ground motions (Kimura et al, 2009). The 
seismic record of the building was observed in the 2011 
Tohoku Pacific Earthquake (Nii et al, 2011). In this paper, 
we report about study on performance of seismic retrofitting 
of super high-rise building based on earthquake observation 
records. 
 
 
2.  OUTLINE OF BUILDING 
 

We applied the seismic retrofitting using deformation 
dependent oil dampers to an existing 54-story office building 
named Shinjuku Center Building located at Shinjuku ward, 
Tokyo Metropolitan (Figure 1(a)). This building was 
completed in 1979. Figure 1(b) shows the framing plan of a 
typical floor. It is 63.0m×42.0m rectangle. The longer edge 
consists of 3m units and the shorter edge consists of 15.4m, 
11.2m and 15.4m spans.  

The part above the ground level is steel structure. As an 
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earthquake proof component, energy absorbing walls using 
steel bar (hereafter cited as SBEAW) are installed around the 
central core in both direction. Moment resisting frames   
connect the core and the external columns. Truss beams are 
constructed at the top story and middle stories in order to 
control flexural deformation (Figure 1(c)). First natural 
period of this building is 6.5 second along transverse (y) 
direction, 5.4 second along the longitudinal (x) direction.  

Figure 2 shows the details of SBEAW. It consists of two 
pieces of reinforced concrete walls separated into upper and 
lower parts. Two parts are connected with comb-like steel 
bars which are deformed by shear force between the two 
pieces and absorb the energy with their bending ductility. By 
the experiment carried out before construction, it is 
confirmed that allowable cumulative plastic deformation 
ratio of connecting steel bars is around 135. This building 
has 12 SBEAW along the transverse direction and 20 along 
the longitudinal direction in each story. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

3.  RETROFITTING OIL DAMPER 
 

We set 12 deformation-dependent oil dampers in every 
24 floors from 15th to 39th floor as shown in Figure 3 for 
retrofitting. The total number is 288. We chose these floors 
because the dynamic analysis shows that the deformation 
angle between stories and the cumulative plastic 
deformation ratio of steel bars are relatively large at these 
floors. Considering the relationship with the surrounding 
frame, we set the one-way bypass to open when the 
deformation reaches 5mm. Table 1 and Figure 4 show the 
specification of the oil damper. The oil damper is installed 
between bottom of brace and base plate settled on the slab as 
shown in Figure 5. The joint of brace and girder, and the 
joint of base and base plate are performed by press-bond 
with PC bar. No weld is required. We set the tension of each 
PC steel bar to be 250kN so that the brace and the girder do 
not slide.  
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Figure 1 Outline of the Building: 
 (a) Picture of the Building, (b) Framing Plan of Typical 
Floor, and (c) Framing Elevation Plan of Narrow Side  

(a)  (b)  

(c)  

Figure 2 Details of SBEAW 
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Figure 3 Layouts of the Oil Dampers 

Figure 4 Specification of the Oil Damper 

Table 1 Specification of the Oil Damper 

Figure 5 Setting of the Oil Damper 
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4.  SEISMIC OBSERVATION SYSTEM 
 

Shinjuku Center Building has an earthquake and wind 
monitoring system (Nii et al, 2011). This system is used to 
accumulate observed data under earthquake and strong wind, 
but also aimed to be used for disaster prevention. This 
system records data under long period earthquake and strong 
wind causing long shake duration. Under experiencing 
earthquake, it has a function that automatically analyses the 
data and sends the result out to the users. Diagram of the 
system is illustrated in Figure 6. The system is composed of 
the sensor, recording device, monitoring PC and non-service 
interruption power device. The recording device is 
connected by a cable to sensor attached to the structure and 
is activated and saves data once triggering condition is 
fulfilled. Monitoring PC is connected to the recording device 
through LAN. When an earthquake hits, it automatically 
collects and analyses the data from the recording device. The 
analysis results are sent out to the registered users by e-mails. 
In parallel to this process, data from the main sensor is 
constantly sent to the monitoring PC in real time. By doing 
this, it is possible to secure the observed data under long 
duration shaking of the structure resulting from a long period 
earthquake.  

Shinjuku Center Building has been recording the 
earthquake records since its completion of the construction 
and studying the effects of the vibration control system using 
this monitoring system introduced in 2010. Moving-coil 
type accelerometers that installed in the completion of the 
construction are used as sensors in this monitoring system. 
The location of the sensors and corresponding channel are 
summarized in Figure 7. The locations of the accelerometers 
are at roof (XY), 28th floor (XY), and 1st floor (XYZ). 
Wind direction/speed is also recorded by the same recording 
device. There are 9 observation components in total. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

5.  OBSERVATION RESULTS 
 
5.1  Outline of the 2011 Tohoku Pacific Earthquake 

The 2011 Tohoku Pacific Earthquake occurred at 14:46 
on March 11th 2011, epicenter located in Sanriku Sea with 
moment magnitude of 9.0. According to Japan 
Meteorological Agency, the intensity of the earthquake was 
7 at Kurihara City in Miyagi and 5-low was recorded in 
Shinjuku ward Tokyo where Shinjuku Center Building is 
located. Figure 8 shows the velocity response spectra with 
h=5% and Figure 9 shows the energy spectra with h=10%, 
recorded at first floor of Shinjuku Center Building. The three 
standard design waves EL CENTRO NS, TAFT EW and 
HACHINOHE NS, and the uniform design spectra regulated 
by building standard law (rare and extremely rare earthquake 
motion) are also plotted for comparison of the level of 
earthquake motion. The level of the earthquake motion in 
Shinjuku is in the middle between rare and extremely rare 
earthquake motion of the uniform design spectra regulated 
by building standard law. Proportion of the component with 
period less than 1 second is small and the component with 
long period (especially 2-3 seconds) is relatively large. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
5.2  Response of the Shinjuku Center Building 

Shinjuku Center Building has been recording 
earthquake motions since the completion of the building. 
There are many earthquake records obtained since then, 
including recent the 2011 Tohoku Pacific Earthquake. The 
maximum values recorded from the 2011 Tohoku Pacific 
Earthquake are summarized in Table 2. Figure 10 and Figure 
11 respectively illustrates accelerogram and relative 
displacement motion between RF and 1F. As shown in the 
figures, the earthquake motion continued for long time and 
the building was shaking for longer than 10 minutes. 

The maximum acceleration of the top floor was 
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Figure 6 Diagram of the Observation System 

Figure 7 Locations of the Sensors and Channel 
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236.0Gal in the longitudinal (x) direction and the maximum 
displacement of the top floor was 54.2cm in the transverse 
(y) direction, the average story drift angle which is figured 
out by dividing the maximum displacement of the top floor 
by the height of the building was 1/399. Therefore it is 
evaluated that there are no damages on the main structure 
such as columns and girders. In the inspection of the 
dampers after the earthquake, no abnormality was reported 
such as scratch, corrosion, peeled of paint or oil leakages. 
Figure 12 shows the moment the inspection was carried out. 
By inspecting the oil trace on the piston rod, the maximum 
deformation of the oil damper during the earthquake was 
estimated. The maximum deformations are summarized in 
Table 3. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
6.  PERFORMANCE VERIFICATIONS 
 
6.1  Estimation of Additional Damping Ratio with Oil 
Dampers 

To estimate the additional damping ratio with the 
dampers, the modal damping ratio of the building is 
identified using multi-input-multi-output ARX model 
method (Saito, 1998) from the seismic records obtained 
before / after installation of the dampers. Damping ratio 
from 1st to 3rd mode in each direction was evaluated by 

Longitudinal Transverse Longitudinal Transverse
(X) (Y) (X) (Y)

RF 236.0 161.3 49.4 54.2
28F 112.7 171.3 26.3 33.3
1F 94.3 142.1 - -

Maximum acceleration (Gal) Maximum deformation (cm)
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Table 2 Maximum Observed Response 

Figure 10  Observed Acceleration Waveform:  
(a) at the Top Floor in X-dir., (b) at the 28th Floor in X-dir., (c) 
at the First Floor in X-dir., (d) at the Top Floor in Y-dir., (e) at 

the 28th Floor in Y-dir., and (f) at the First Floor in Y-dir. 
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Longitudinal (mm) Transverse (mm)
(X) (Y)

39F 4 8
37F 6 7
34F 6 11
32F - 8
29F 6 11
28F 6 -

25F 8 15
23F 6 8
21F 8 11
19F 6 9
17F 6 12
15F 8 5

Floor

Figure 11  Relative Displacement Waveform between RF 
and 1F: (a) at the Top Floor in X-dir., and (b) at the Top 

Floor in Y-dir.  

Figure 12  Inspecting the Oil Trace on the Piston Rod after 
the 2011 Tohoku Pacific Earthquake 

Table 3 Estimated Maximum Deformation of Oil 
Dampers by Inspecting the Oil Trace 
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composing the single input (acceleration of the first floor) 
and second output (acceleration of the top floor and the 28th 
floor) ARX models. Figure 13 shows the damping ratio of 
1st mode obtained from several earthquakes before / after 
installation of dampers and it is plotted against the amplitude 
of 1st modal accelerations. Table 4 shows the estimations of 
damping ratio of the 2004 Mid Niigata Prefecture 
Earthquake M=6.8 (before installation of damper) and the 
2011 Tohoku Pacific Earthquake (after installation of 
damper). From these figure and table, it is observed that 
there is an increase in the damping ratio after installation of 
the dampers. The damping ratios of the 1st mode for the 
longitudinal (x) direction and transverse (y) direction of the 
building were increased by these oil dampers about 0.3 and 
1.4 percent, respectively. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
6.2  Observed and simulated response with / without 
Oil Damper 

The vibration control effect of this damper under the 
2011 Tohoku Pacific Earthquake was verified by simulation 
analysis. In this verification, transverse (y) direction was 
considered as more dampers installed and larger deformation 
was recorded in this direction. Lumped mass model with 52 
stories (linear) was used for the analysis. Dynamic analysis 
is conducted by the mode superposition method to the 10th 
mode. For under the 3rd mode, the damping ratio which is 
identified from the seismic records obtained before / after 
installation of dampers (Table 4) is used. For over the 3rd 

mode, the damping ratios are constant. As an input 
earthquake ground motion, acceleration waveform recorded 
at first floor was used.  

Figure 14 shows the analysis results of maximum 
displacement and acceleration of each story with or without 
dampers. Figure 15 shows the simulated relative 
displacement in transverse (y) direction between RF and 1F 
and the simulated acceleration at the top floor with or 
without dampers. Figure 16 shows simulated and observed 
response waveform with damper in transverse (y) direction 
at the top floor. The maximum displacement at top floor was 
76.4cm without the dampers and 60.8cm with the dampers 
(the actual observed result was 54.2cm). This indicates that 
the dampers reduced displacement by 20%. The maximum 
acceleration was 220.3 Gal without the dampers and 184.1 
Gal with the dampers (the actual observed value was 161.3 
Gal) and there is about 20% reduction. Consequently, the 
performance of the seismic retrofitting of the super high-rise 
building was confirmed and the analytical results were in 
good agreement with the observed record. 
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Figure 14  Comparison of Observed and Simulated 
Maximum Response of Each Story with / without Dampers: 

(a) Displacement, and (b) Acceleration 

Figure 15  Comparison of Simulated Response Waveform 
with/without Dampers: (a) Displacement at the Top Floor, 

and (b) Acceleration at the Top Floor 

Period 
 T  (sec) without damper *1 with damper *2

1 5.4 1.55 1.89
2 1.8 0.77 2.67
3 1.0 1.92 2.29
1 6.5 1.26 2.72
2 2.0 1.57 2.88
3 1.0 1.99 2.51

*1: estimated from the 2004 Mid Niigata Prefecture Earthquake
*2: estimated from the 2011 Tohoku Pacific Earthquake

Transverse
(Y)

Dir. Mode Damping ratio h  (%)

Longitudinal
(X)
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7.  CONCLUSION 
 

The authors have developed a deformation-dependent 
oil damper and applied to 54-storey super high-rise building 
to reduce the vibration induced long-period earthquake 
ground motion. The seismic responses were observed in the 
2011 Tohoku Pacific Earthquake and system identification 
using ARX model and simulation analyses were conducted 
to estimate the control performance of damper.  

It is clarified that the damping ratio was higher and the 
response lower by 20% as compared to the building without 
dampers, and the observed responses of the buildings are 
mostly well simulated, thereby confirming the performance 
of the seismic retrofitting of super high-rise building with 
damper. 
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Abstract:  Strong motion records of the 2011 off the Pacific Coast Tohoku Earthquake were obtained at a high-rise base 
isolated building in Mito-city. We studied the dynamic response of the building using the records. The input motions on 
the basement were more than 400 cm/s2 in acceleration, and velocity response spectra (5% damping) of the input motions 
dominant at 0.3 - 0.5 and 1.0 - 2.0 second period were over 100 cm/s. Response acceleration on the 1st floor was reduced 
to 0.3 - 0.5 of that on the basement and the amplification within the superstructure was small, showing the good isolation 
effect. Also, the 1st natural frequency and the damping factor of the whole structure with base isolated layer were 
calculated by ARX model. As a result, the 1st natural frequency fell to 0.4 - 0.5 Hz and the damping factor rose to 20 - 
40% in the principal shock part. Moreover, the relative displacement of the base isolated layer was estimated to be about 
15 cm in displacement, using the records on the basement and 1st floor, which corresponded to the simulation analysis 
result by the design model. 

 
 
1.  INTRODUCTION 
 

Authors have been conducting earthquake observation 
since 2001 to gain better understanding of vibration 
characteristics and to verify the validity of structural design 
of a 21-story seismic isolating high-rise residential building 
constructed in Mito (Kinpara et al. 1999, Makido et al. 
1999). 

The analytical results of earthquake records observed in 
this building during the 2011 off the Pacific Coast of Tohoku 
Earthquake and the simulation results by a design model are 
reported in this article (Kato and Sakai 2011). 
 
2.  OVERVIEW OF THE BUILDING AND STRONG  

MOTION OBSERVATION SYSTEM 
 

This 21-story building is a base isolated building with 
eave height of 64.05m. The superstructure is a rigid-framed 
reinforced-concrete (RC) structure in which natural rubber 
bearings, lead dampers (U-180 type), and steel dampers 
(SCM415 φ90 R325) are arranged in the isolation floor. 

A spread foundation is formed by a mat slab, the site's 
ground classification is type II soil provision, and the 
predominant period of the ground (Tg) is 0.28 seconds. 

Figure 1 shows a typical floor plan and a framing 
elevation, and Figure 2 shows the layout of the seismic 
isolation devices. In addition, Table 1 shows the primary 

natural period. The primary natural period at design level 2 
(within the stable deformation of isolation device) is 3.78 
seconds in X direction and 3.80 seconds in Y direction. 

The seismic sensor units are servo-type accelerometers 
disposed at three locations including the basement, the first 
floor, and the 21st floor. Three components (XYZ) are 
measured for each sensor unit, making a total of nine 
components. The sensor arrangement is shown in Figure 1 
above. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1  A Typical Floor Plan and a Framing Elevation
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3.  RESULTS OF STRONG MOTION 

OVSERVATION 
 
3.1  Acceleration Record 

Figure 3 shows the acceleration waveforms. As shown 
in the waveforms of the basement, one major phase is seen 
in around 100 seconds, the phase before that is smaller, 
which corresponds to the acceleration waveforms in Ibaraki 
Prefecture according to the historical research documents 
(NIED 2011). In addition, Figure 4 shows the distribution of 
maximum acceleration. Comparing the basement and the 1st 
floor, the maximum acceleration in the horizontal direction 
decreased from 314 cm/s2 to 112 cm/s2 in the X-direction, 
and decreased from 402 cm/s2 to 184 cm/s2 in the 
Y-direction. The isolation effect was identified to be 1/3 - 1/2 
in horizontal acceleration. On the other hand, the 
amplification similar to ordinary buildings [non-isolation] is 
seen in the vertical direction, with 240cm/s2 on the basement, 
287 cm/s2 on the 1st floor, and 506 cm/s2 on the 21st floor. 
The maximum velocity (not shown) of the basement in the 
horizontal direction is 33 cm/s in Y-direction, and it was 
approximately 65% of the velocity of design (Level 2). 
 
 

 

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 

Direction Super-
structure

Slight Drift Damper Yield Leve 2 Bearings Only

     X 1.06 1.56 2.23 3.78 4.32
     Y 1.16 1.61 2.26 3.80 4.33  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Table 1  The Primary Natural Periods at Design [sec] 

Figure 2  Plan of Base Isolation Floor 
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Figure 3  Observed Acceleration Records 

Figure 4  Maximum Acceleration 
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3.2  Spectrum Characteristics of the Input Motions 
To study the characteristics of the input seismic motions, 

response spectra of the records on the basement (5% 
damping) are shown in Figure 5. The spectra of the 
basement are dominant in short-period, and predominant at 
the range of 0.3 to 0.5 seconds and 1 to 2 period seconds. 
The velocity response spectra are at a level slightly 
exceeding 100cm/s which was the standard for design 
(Level 2) in the Kanto region. 

 
3.3  Primary Natural Frequency and Damping Factor 

ARX model is applied with the records of the basement 
as input and the records of the 21st floor as output. The 
time variation of the primary natural frequency and 
damping factor of the entire system of the building 
including the isolation floor is studied. The results are 
shown in Figure 6. 

It is clear from this figure that the primary natural 
frequency tends to be between 0.6 - 0.8Hz in both X and Y  
(not shown) directions during the initial motion region, to 
decrease to about 0.4Hz during the main motion region, and 
again increase to above 0.6Hz during the final motion 
region. 

The damping factor also has comparatively changes as 
the natural frequency and is about 0-10% during the initial 
motion region, and tends to increase to 20-40% in the main 
motion region, and to decrease to 20% or lower in the final 
motion region. 

Relative displacement of the isolation layer 
(X-direction) is shown in Figure 7. It is clear from these 
results that the primary natural frequency and damping 
factor depend on the amplitude of relative displacement. 

 
3.4  Restoring Force Characteristics of the Isolation 

Floor 
To evaluate the restoring force characteristics of the 

seismic isolation floor, the inertial force was calculated from 
the mass of each floor (at time of design) and acceleration of 
each floor. The relative displacement of the seismic isolation 
floor was calculated from the integral displacement of the 
acceleration record of the basement and the first floor. Then, 
the relationship of load and deformation of the seismic 
isolation floor was calculated. In addition, for the 2nd floor - 
20th floor where no seismometer was installed, the 
acceleration waveform was calculated by linear interpolation 
of the acceleration waveform of the first floor and the 21st 
floor with actual records. The band-pass filter whose cutoff 
frequency is 0.1Hz, 2Hz is used. 

The results of the restoring force characteristics of the 
isolation floor are calculated every 10 seconds between 60 
seconds and 180 seconds, and are shown in Figure 8.  

The skeleton curve at the time of design (standard 
condition) is also shown in Figure 8. 

The results in this diagram show the influence of 
higher-order mode due to the linear interpolation of the 
acceleration waveform, and the restoring force 
characteristics obtained from observation results agree with 
those of the model of design. 

 

 

 

 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 

 
 

 

 

 

Figure 6  The Time Variation of the Natural 
Frequency and Damping Factor (X-Direction) 

Figure 7  Relative Displacement of Base Isolation 
Floor (X-Direction) 

Acceleration Response Spectra (h=5%) 

Velocity Response Spectra (h=5%) 
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Figure 5  Response Spectra of Input Motions
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Figure 8  Hysteresis Loops for Each Time Section (X-Direction) 
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4  SIMULATION BY DESIGN MODEL 
 

Response displacement of each floor is simulated by 
input motion records of the basement into the analytical 
model of design. 

Figure 9 shows a comparison of observation results and 
analytical results of the response displacement of the 1st 
floor and the 21st floor. The analyses are in agreement with 
the observation from the main motion region to the final 
motion region in both X and Y directions. 

In addition, Figure 10 shows orbit of the relative 
displacement obtained from the integral displacement 
waveform of the acceleration records of the basement and 
the 1st floor. It is clear from these results that the 
displacement orbit of the observation is in agreement with 
the analysis, and the maximum displacement of the base 
isolation floor was 15cm in the analysis and 14cm in the 
observation. This displacement is less than half of the stable 
deformation of 31.2cm of the base isolation system of 
design. 

 
5.  COMPARIOSON OF ISOLATION AND 

NON-ISOLATION RESPONSE 
 

Using the design model, the case of non-isolation (the 
isolation layer is fixed) was analyzed, and the response 
results were compared with the case of isolation. A 
comparison of the distribution of the response acceleration 
of each story is shown in Figure 11(a), and a comparison of 
the drift ratio of each story is shown in Figure 11(b). 
Amplification of acceleration response of the superstructure 
against input of the earthquake is not large from this diagram 
even in the case of non-isolation. However, response 
acceleration of each story is above 200cm/s2, which is 
considered the acceleration at which falling or moving of the 
tableware and furniture occurs in a building. On the other 
hand, in the case of isolation, the response acceleration of 
the building is small compared to the non-isolation, and is 
approximately 100 cm/s2. 

In addition, when observing the drift ratio, stories 
generating a response of up to 0.005 (1/200) are observed in 
the case of non-isolation, but the drift ratio falls to 0.001 or 
less in the case of isolation. 
 
6.  CONCLUSIONS 
 

The following understanding is gained from analytical 
results of observing seismic behavior of the high-rise base 
isolated building caused by the earthquake off the Pacific 
Coast of Tohoku. 

 
・The horizontal acceleration of the basement was about 300 
~ 400cm/s2, the acceleration of the 1st floor via the isolation 
layer was reduce to about 100 ~ 200cm/s2, and seismic 
isolation effects were demonstrated. 
・The input response spectra were dominant in the short 
period component, and the velocity response spectra were at 
a level slightly exceeding 100cm/s. 

・As a result of analysis of temporal change of the natural 
frequency and damping factor, they changed in 
correspondence with the amplitude of relative displacement 
of the isolation layer. 
・As a result of estimating the restoring force characteristics 
of the isolation layer using observation records, the 
hysteresis-loops demonstrated agreement with the skeleton 
curve of the design. 
・The relative displacement of the isolation layer was a 
maximum of up to 14cm, which was in agreement with the 
analytical results according to the design model (15cm). 
・As a result of comparing the response analysis of the cases 
of isolation and non-isolation, acceleration exceeded 
200cm/s2 on each floor, and drift ratio was close to 1/200 in 
the case of non-isolation. On the other hand, acceleration 
was about 100cm/s2 for nearly all stories, and drift ratio was 
less than 1/1000 on all stories in the case of isolation. 

 
Based on the large amount of aftershock records 

available, we would like to make studies in the future 
regarding the restoring force characteristics of the isolation 
layer according to the differences in the input motion level 
and the influence of the repeated earthquake to the isolation 
device. 
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Figure 9  Displacement Response Waveforms 
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Abstract:  Fifty-eight stations in the strong motion network of Building Research Institute (BRI) were triggered by the 
2011 Great East Japan Earthquake. Most of the stations experienced the strongest shaking ever. Among buildings in the 
BRI network, at least four buildings suffered some damage due to the severe earthquake motions. Through the analyses 
of strong motion data recorded in those buildings, obvious change of the natural periods during intense shaking could be 
identified. When the earthquake occurred, significant long-period earthquake motions were observed in Tokyo, Osaka 
and other large cities that are far away from its hypocenter. A super high-rise building in the Osaka Bay area was situated 
770 km away from the epicenter, although the response displacement at the 52nd floor of the building exceeded 1.3 
meters and the slow vibration lasted for more than 10 minutes. Firstly, this paper introduces general results of the BRI 
strong motion network from the 2011 Great East Japan Earthquake. Then, detailed discussions are made about the 
distinctive cases including damage buildings, super-high-rise buildings and base-isolation buildings. 

 
 
1. INTRODUCTION 
 

The Building Research Institute (BRI) of Japan 
operates its nationwide strong-motion network in Japan. 
Most of the targets of instrumentation are building structures. 
Currently, we run nearly 80 strong-motion stations deployed 
in major cities throughout Japan. 

Fifty-eight instruments of the BRI strong motion 
network have been triggered by the East Japan Earthquake 
of March 11, 2011. Some instrumented buildings suffered 
damage that could be identified from the analysis of strong 
motion data. The instruments located in large urban areas, 
such as Tokyo and Osaka, successfully captured remarkable 
long-period ground motions and responses of super 
high-rise buildings. The paper reports notable strong motion 
data recorded during the East Japan Earthquake. 
 
 
2. BRI STRONG MOTION NETWORK 
 

To enhance the seismic safety of building structures, it 
is necessary to understand the characteristics of earthquake 
ground motions and the behaviours of buildings during an 
earthquake. BRI is performing strong motion observation to 
reveal the actual dynamic behaviours of buildings and is 
conducting research projects to clarify these motions. 

BRI has installed strong motion instruments in major 
cities throughout Japan. Nearly 80 observation stations are 
now in operation as shown in Fig. 1. One third of these 

stations are located in Tokyo and its outskirts. All of the 
stations are equipped with up-to-date digital instruments and 
most of them are connected to BRI via public telephone 
lines so that these instruments may be appropriately 
maintained and strong motion data may be collected 
immediately after an earthquake. 
 

 

Figure 1 Stations of the BRI strong motion network 
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3. STRONG MOTION DATA OF THE 2011 EAST 
JAPAN EARTHQUAKE 

 
On March 11, 2011, a massive earthquake with Mw9.0 

occurred off the Pacific coast of Japan. The earthquake, 
hereinafter referred to as the East Japan Earthquake, brought 
about monstrous tsunami and enormous damage to the 
eastern Japan. The earthquake caused violent ground 
shaking in the broad area in northeastern area of Japan as 
well. 

Fifty-eight stations of the BRI strong motion network 
were triggered by the earthquake. The triggered stations are 
plotted in Fig. 2 with the location of the epicenter of the 
earthquake. The closest station was located in Sendai City 
and 175 km away from the epicenter to the west. 
 

 

 
Figure 2 Triggered stations of the BRI strong motion 

network by the 2011 East Japan Earthquake 

 

4. STRONG MOTION DATA OF DAMAGED 
BUILDINGS 

 
Among buildings in the BRI strong motion network, at 

least 4 buildings suffered severe earthquake motions and 
then some damage. One example of the damaged buildings 
is the research building of Civil Engineering and 
Architecture, Tohoku University (Photo 1). This is the 
9-story steel-framed reinforced concrete (SRC) school 
building that is located in the Aobayama Campus of Tohoku 
University, Sendai City. This building has a long history of 
strong motion observation. Among them, strong motion 
records on the ninth floor of the building that were obtained 
in the 1978 Miyagi-ken-oki (Off Miyagi Prefecture) 
earthquake are well known to have represented a maximum 
acceleration of more than 1,000 cm/s2. 

During the East Japan earthquake, multi-story shear 
walls seriously suffered bending failure. The instrument has 
two acceleration sensors on the first floor and ninth floor. 
Peak accelerations of the strong motion data obtained during 
the mainshock are listed in Table 1. Peak accelerations on 
the first floor exceeded 330 cm/s2 in both of the directions. 
A maximum acceleration on the ninth floor was twice to 
three times larger than that on the first floor, and exceeded 
900 cm/s2 in the transverse direction. Acceleration 
waveforms, relative displacement of the ninth floor to the 
first floor, and identified fundamental natural periods of 
every 10 seconds are shown in Fig. 3. The fundamental 
natural periods plotted in Fig. 3 (e) represented about 0.7 s 
at the initial time of the earthquake motion in both of the 
directions, but increased to about 1.0 s in the first wave 
group at the time of 40 to 50 s, and increased from 1.2 s to 
about 1.5 s in the second wave group at the time of 80 to 
100 s. Due to the seismic damage, the fundamental natural 
period finally became twice longer than the natural period at 
the initial stage. This signifies that the stiffness of the 
building was reduced to 1/4. 

 

 
Photo 1 Research building of Civil Engineering and 

Architecture, Tohoku University 
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Table 1 Peak Accelerations recorded in the research 
building of Civil Engineering and Architecture, Tohoku 

University 

Location Label 
Peak acc. (cm/s2) 

Tran. 
(N208°E) 

Long. 
(N298°E) 

Z 
(UP) 

first floor 01F 333 330 257
ninth floor 09F 908 728 640

 

 

Figure 3 Strong motion data recorded in the research 
building of Civil Engineering and Architecture, Tohoku 

University and transition of the fundamental natural periods. 
(a) acceleration waveforms in the transverse direction, (b) 
acceleration waveforms in the longitudinal direction, (c) 
building displacement in the transverse direction (relative 

displacement to first floor of the 9-story building), (d) 
building displacement in the longitudinal direction, and (e) 

fundamental natural periods of the building that were 
calculated every 10 seconds. Thick and thin lines in (a) and 
(b) represent acceleration waveforms on the first and ninth 

floors, respectively. 

 

4. LONG-PERIOD EARTHQUAKE MOTIONS IN 
TOKYO AND OSAKA 

 
In Japan, long-period earthquake motions and 

responses of long-period structures, such as super high-rise 
buildings or base-isolation buildings, that are shaken under 
the motions have been socially concerned in recent years. 
When the East Japan earthquake occurred, long-period 
earthquake motions were observed in Tokyo, Osaka and 
other large cities that are away from its hypocenter. This 
section presents two cases in Tokyo and Osaka from the 
BRI strong motion network. 

Firstly, a 37-story reinforced concrete (RC) super 
high-rise building (Photo 2) on the coast of Tokyo Bay is 
introduced. Figure. 4 shows waveforms of displacement (in 
two horizontal directions of S-N and W-E) that were 
calculated from the integration of acceleration records on 
the first and 37th floors in this building, and building 

displacements that were calculated by subtracting the 
displacements on the first floor from those on the 37th in the 
two horizontal directions. A maximum value of ground 
motion displacement was about 20 cm. It is understood that 
the ground itself was greatly shaken. A displacement of the 
building caused by its deformation reached 15 to 17 cm. 

Secondly, Figure 5 shows strong motion records that 
were obtained from the 55-story steel office building  
(Photo 2) on the coast of Osaka Bay that is 770 km away 
from the hypocenter. The figure represents absolute 
displacements in the SW-NE and in the NW-SE on the first 
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Photo 2 37-story reinforced concrete (RC) super high-rise 
building on the coast of Tokyo Bay 

 

Figure 4 Displacement waveforms observed at a 37-story 
residential building in Tokyo Bay area. From the top to the 

bottom; absolute displacements in the S-N and in the W-E on 
the first floor, absolute displacements in both of the 

directions on the 37nd floor, and building displacements 
(relative displacements of 37th floor to first floor) in both of 

the directions. 
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floor, absolute displacements in both of the directions on the 
52nd floor, and building displacements (relative 
displacements of 52th floor to first floor) in both of the 
directions, from the top to the bottom. A ground motion 
displacement was not large, or less than 10 cm, but the 52nd 
floor in the building suffered a large motion with a 
zero-to-peak displacement amplitude of more than 130 cm. 

In order to examine the properties of earthquake 
motions on both of the coasts of Tokyo Bay and Osaka Bay, 
pseudo velocity response spectra with a dumping ratio of 
2% of strong motion records that were obtained from the 
first floors in the buildings at the two locations are shown in 

Fig. 6. The response spectrum (right) in the records on the 
coast of Tokyo Bay had peaks at a period of 1 to 1.2 s, at 3 s 
and at 7 s, but a relatively flat shape in general. 

On the other hand, the response spectrum (left) in the 
records on the coast of Osaka Bay had a large peak at 7 s, 
and amplitude of the response was not much different from 
on the coast of Osaka Bay. The coincidence of the 
fundamental natural period (6.5 to 7 s) in the office building 
with a predominant period of the earthquake motion is 
considered to have caused a resonance phenomenon and 
then large building motions. 
 

  

Figure 6 Pseudo response spectra with damping ratio of 
2% of records in Tokyo Bay area (left) and Osaka Bay area 

(right) 
 
5.  CONCLUSIONS 
 

Building Research Institute has obtained valuable 
strong motion data from the 2011 East Japan Earthquake of 
March 11, 2011. Among the buildings in the BRI strong 
motion network, at least 4 building suffered damage that 
could be obviously identified from the analyses of strong 
motion data. On the other hand, a super high-rise building in 
the Osaka Bay area was subjected to inconceivable large 
and long shaking. The strong motion observation for 
buildings has been recognized to be one of effective means 
of study on seismic safety of buildings. 
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Photo 3 55-story steel office building on the coast of 

Osaka Bay 

 

Figure 5 Displacement waveforms observed at a 55-story 
office building in Osaka Bay area. From the top to the 

bottom; absolute displacements in the SW-NE and in the 
NW-SE on the first floor, absolute displacements in both of 
the directions on the 52nd floor, and building displacements 
(relative displacements of 52th floor to first floor) in both of 

the directions. 
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Abstract:  This paper tries to illustrate the socioeconomic consequences in Japan and recovery efforts in the affected 
areas after the Tohoku Pacific Ocean Earthquake occurred on 11, March 2011. It can be pointed out that the social 
influences of the earthquake were diffused by nation-wide voluntary restraint on entertainment consumption expressed by 
public sympathy, power shortage caused by severe damage of the power plants of Tokyo Electric Power Co. Ltd 
including Fukushima Nuclear power Plant, cut of industrial supply chain due to damage of subcontractor providing 
primary industrial parts, and rumor that Japan was contaminated by radioactivity. The data shown in this paper are as of 
the end of December, 2011, in principle. 

 
 
1. OUTLINE OF DIRECT DAMAGE 

 

1.1. Human Loss 

As of 31 December, 2011, the number of the dead is 

about 15,844 persons and the missing are 3,451 persons, 

amounted to 19,295 persons of the total human loss 
(1)

. As 

the missing are still being identified on a daily base, the 

death toll is increasing, while the missing was decreasing. 

The ninety percent of them were killed by the tsunami. 

 

1.2. Buildings Collapsed 

   The number of totally, half and partially collapsed 

houses was about 1 million units. Apart from it, non housing 

buildings of 57 thousand units were destroyed 
(1)

. More than 

90 per cent of them are destroyed by the tsunami. In some 

area, however, severe soil liquefaction caused damage to 

houses. 

 

Table1. Buildings collapsed 

Totally collapsed 128.612 units 

Half collapsed 244,108 

Partially collapsed 674,895 

Totally and half burnt down        281 

  Total 1,047,895 

 

1.3. Damage to business enterprises 

Tokyo Commerce and Industry Research Inc. compiled 

the damage of the companies listed on the Tokyo Stock 

Exchange based on their disclosed information. As of 16 

March, 2011, 1,597 companies opened their damage to the 

public 
(2)

. Out of 1,597 companies, 1,135 companies (71%) 

reported that the earthquake caused certain damage to them, 

although 97 companies (6.1%) had not confirmed the total 

picture of the damage yet.  

 

Table2. Damage to business enterprises 

Extent of damage Companies % 

Perfectly damaged (No 

perspective of recovery) 

85 5.3% 

Production and services 

interrupted 

472 29.6% 

Partially damaged 481 30.1% 

Under investigation 97 6.1% 

No damage 462 28.9% 

Total 1597 100.0% 

 

Table 3 shows the contents of damage answered by 1038 

companies which clarified the damage already. The major 

damage was the collapse of building (51%), followed by 

lifeline failure and infrastructure destruction (20%). 18 

companies were ordered to evacuate from the Fukushima 

nuclear power plant.  

The number of companies affected by the earthquake was 

much greater than that of Great Hanshin-Awaji earthquake 

because the affected area was wider. Thus, many companies 

could not help interrupting production due to cutting the 

supply chains occurred nation-widely. Particularly, auto 

mobile industries were serious and the influences appear 

even on the production in foreign countries. The situation 

was the same with IT industry. In case of damage to 

papermaking factories, the publication of the magazines had 

been delayed. 
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1.4. Damage to fisheries 

According to the report of the Ministry of Agriculture and 

Fisheries, as of 31 July, 2011, the total number of the 

damaged fishing boats reported by the 7 affected prefectures 

was about 21,589 ships or more and 319 fishing port had 

been severely collapsed and out of them, 56 ports were 

partially collapsed 
(3)

. It means that about 37% of fishing 

boats of the 7 prefectures was disappeared, and 45% of 

fishing ports of the Eastern Japan located along the Pacific 

Ocean have become useless. 

 

Table3. Contents of damage 

 

1.5. Farmland covered by seawater 

With regard to the agricultural damage, the area of farm 

land which has been covered by tsunami is about 23,600 ha 

(14.5% of the affected cities and towns, and 0.05% of the 

total farm land of Japan), and the cost for eliminating salt 

from soil was estimated at 7 billion yen (US$ 86 million) 
(3)

. 

 

1.6. Displaced peoples 

Just after the earthquake, the displaced peoples amounted 

to about 470 thousand persons (On 14 March, 2011 at its 

peak). During last five months, some have put themselves 

relative’s protection and some have settled themselves in 

public apartment houses or temporary houses provided by 

the local governments. At the end of July, 2011, about 87 

thousand peoples are still living at 2,500 temporary refugee 

places, which vary from school gymnasiums to private 

hotels 
(1)

.  

 The Central Government targeted the construction of 

52,500 units of temporary houses by the end of August, 2011. 

As of the end of July, about 46,700 units (89%) were 

constructed. The delay of construction was caused by the 

lack of materials such as plywood and heat insulator due to 

damage of the production factories and the scarcity of the 

safe and proper places from tsunami for the temporally 

houses.  

 

1.7. Damage to electric power plant 

Before the earthquake, the capacity of power supply of 

Tokyo Electric Power Co. Ltd. (TEP) was about 52 million 

kilo watt (KW). Fukushima Nuclear Power Plant No.1 and 

No.2 shared about 5 million KW, though its maximum 

supply capacity was 9 million KW, which was unable to be 

supplied after the earthquake. In addition, six thermal power 

plants were partially damaged and stopped working, 

resulting in cutting down of 13 million KW of power. Thus, 

total amount of power stoppage was 22 million KW, and 

only 30 million KW were supplied, while the demand for the 

power is normally 35~37 million KW in March 
(4)

. In order 

to deal with this supply and demand gap, TEP introduced 

scheduled power cut policy, which became another cause 

leading economic recession. 

 

2. SOCIOECONOMIC CONSEQUENCES AND 

ECONOMIC LOSS 

 

2.1. Public sentiments 

One of the unique characteristics of this earthquake was 

that its socioeconomic consequences were mainly caused by 

sympathetic public sentiments after the event. All Japanese 

nations expressed their sympathy for the victims on the 

death of their family and severe damage caused by the 

earthquake and tsunami. The public then voluntarily 

refrained from enjoying almost all kind of entertainment 

activities, such as tourism, concert, festival, cherry-blossom 

party, celebration party and so on. The power saving also 

accelerated the people’s self control on unnecessary 

consumption, leading to excessive economic saving. 

Other public sentiments were formed by the radiation 

leak of Fukushima nuclear power plant No.1. The public 

were so scared of vegetables or fishes which were exposed 

to radiation. Thus, the products of Fukushima Prefecture 

were avoided even though no radiation exposure, resulting 

in severe economic stagnation in the Prefecture and 

surrounding region.  

 

2.2. Foreigner’s response and influence on tourism 

(1) Foreigner’s response 

The radiation leak triggered off the foreigner’s escape 

from Japan. The Ministry of Justice reported that 530 

thousand foreigners departed Japan during the period from 

12 March to 8 April, 2011, while 302 thousand persons 

arrived in the same period. Thus the net reduction of 

foreigners was 230 thousand persons
 (5).

 Since the arrivals 

exceed the departures after the middle of April, foreigners 

will come back at the pre-event level.  

 

Table4. Foreigner’s immigration (Thousand persons) 

 

 

         

Kind of damage Companies 

(multiple 

ans.) 

% 

(Total:1038

) 

Collapse of building 529 51.0% 

Lifeline and infrastructure 

failure 

208 20.0% 

Damage of production line 194 18.7% 

Interruption of electricity 88 8.5% 

Supply chain 66 6.4% 

Tsunami flood 20 1.9% 

Evacuation from nuclear 

power plant 

18 1.7% 

 Total of answers 1123 - 

Period Departur

es 

Arriva

ls 

Differenc

es 

Accumul

ation 
3/12~3/

18 

244 58 ▵ 186 ▵ 186 

3/19~3/

25 

149 51 ▵ 98 ▵ 284 

3/26~4/

1 

79 87 8 ▵ 276 

4/2~4/8 59 106 47 ▵ 229 

Total 531 302 ▵ 229 - 
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(2) Influence on tourism 

The tourists from abroad were also drastically decreased. 

The Japan National Tourism organization (JNTO) reported 

that the number of foreign tourists of the year 2011 was 6.2 

million persons which decreased by 2.4 million persons and 

by 27.8% to previous year. With regard to the period from 

March to December, the number decreased by 2.5 million 

persons, and by 33.9 %
( 6)

.  

According to the Japan Research Institute Limited, the 

average expenditure per person is 157 thousand yen. Thus, it 

is estimated that the decrease of the total consumption of the 

foreign tourists in the year 2011 would be 390 billion yen 

(US$4.8 billion).  

 

2.3. Influence on business 

(1) Bankruptcy and unemployment  

  The Teikoku Data Bank reported that the total number of 

the bankruptcy of business enterprises caused by the 

earthquake accumulated to 510 companies by the end of 

December 2011, and the total debt was 727.4 billion yen 

(US$ 9 billion). According to the detailed survey, 6.9 % 

were due to direct damage by either earthquake or tsunami, 

and 93.1% were due to indirect damage (Table 6). As to the 

type of business, the highest was on construction companies 

followed by machine and metal industries, and hotels 
(7)

. 

As to unemployment, the Ministry of Health, Welfare 

and Labor announced that the number of the issue of the 

 

 

Table5. Number of Tourists 

Month No. of Tourists Ratio(%) 

(1-2011/2010

)*100 

2011 2010 

March 353 th  710 th -50.3 

April 296   789 -62.5 

May 358   722 -50.4 

June 433   677 -36.1 

July 561   879 -36.1 

  August 547 802 -31.9 

September 539 718 -24.9 

October 616 727 -15.3 

November 552 639 -13.1 

December 572 648 -11.7 

Total(Jan-Dec) 8,611   6,219 -27.8 

 

unemployment certificate for applying to unemployment 

insurance amounted to 204,036 persons in the three affected 

prefectures during the period from 12 March to 18 

December, 2011. This number was 1.5 times to the one in 

the same period of previous year. 
(8). 

 

 

Figure1 Structural diagram of socioeconomic consequences 
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Table6. Reason of bankruptcy (4/1/2012) 

 

(2) Reduction of profit in companies 

According to the SMBC Nikko Securities Inc., which 

tried to sum up the special loss of the 1,277 companies’ 

statement of accounts of the last March disclosed up to 27th 

of May, 1230 companies (96%) put the loss in the statements 

and their total special loss amounted to about 6 trillion yen 

(US$75 billion). This was the second biggest loss in Japan 

following to the Lehman Shock in 2008, which caused the 

loss of 7.4 trillion yen. Most of the losses were expenditures 

for the recovery and reconstruction from the earthquake 

damage. The biggest loss was 1.078 trillion yen 

(US$13.4billion) by the Tokyo Electric Power Co. Ltd., 

followed by JR East Japan, which lost 157 billion yen (US$2 

billion) 
(9)

. 

 

(3) Estimated loss of agriculture and fisheries 

  According to the Ministry of Agriculture and Fisheries, 

the total loss of boss fields may become to 1trillion and 777 

billion yen (US$22.2 billion). The total loss of the 

agricultural facilities is estimated at 832 billion yen 

(US$ 10.4 billion), and the share of loss of agricultural and 

forestry facilities are 86 % and 16 % respectively. With 

regard to the fisheries, the total loss is estimated as 895 

billion yen (US$ 11 billion). The damage of ports shares 

72 %, and the loss of fish boats shares 15 % 
(3).

 

 

2.4. Demographic influence 

  Some of the refugees from tsunami attacked areas and the 

escapees from Fukushima Nuclear Power Plant left their 

home town and settled down to their relatives houses located 

in deferent prefectures or to public houses provided by 

voluntary local governments. Eventually, huge population 

movement was generated at national level. According to the 

Ministry of Internal Affairs and Communications, the out 

migrants exceeded the immigrants by 41,226 persons in the 

three affected prefectures during the year 2011, which are 

more than 30,680 persons compared with the previous year.  

The Maximum excess of the out migrants were 31,381 

persons in Fukushima Prefecture, and 6,402 persons in 

Miyagi Prefecture and 3,443 persons in Iwate prefecture.  

At the local city or town level, out of 20 local cities or 

towns that the out migrants exceeded immigrants, fourteen 

local cities or towns were on the affected areas by the 

earthquake. The population decrease is one of the most 

serious post earthquake influences, because it may lead not 

only to the delay of recovery and reconstruction, but also to 

the decline of liveliness of society in long term 
(10)

. 

 

2.5 Influence on education 

  The Ministry of Education, Culture, Sports, Science and 

Technology (MEXT) reported that the number of the 

transfer students from their original elementary and junior 

high schools which were either collapsed by the earthquake 

and tsunami or were located in the precautionary area 

against Fukushima nuclear power plant amounted to 21,769 

persons. Out of them, 17,471 students (80.3%) were from 

Fukushima prefecture because all residents of the cities or 

towns within 20 km radius of the nuclear power plant were 

forced to escape from radiation 
(11)

.  

 

2.6 Macroeconomic loss 

(1) Damage estimate of macroeconomic impact 

On 24 June, 2011, the Cabinet Office of Japan has 

released a loss estimate for the macroeconomic impact of 

this earthquake and tsunami.  The total loss amounts to 16 

trillion and 900 billion yen (about US$ 211 billion; at the 

rate of US$1=80 yen). This estimate, however, has been 

computed by just compiling  recovery cost of the damaged 

facilities reported through the affected local governments, 

and thus does not include either the effects from the 

on-going incident at the Fukushima Daiichi Nuclear Power 

Plants or the effects from the rolling black-out that has been 

imposed in the Kanto region 
(12)

. The item-wise loss is 

shown in Table 7.   

 

Table7. Loss estimate (billion yen) 

 

(2) Insurance payment 

The total payout of earthquake insurance amounted to be 

1 trillion and 350 billion yen (US$ 17 billion). Out of them 

the life insurance shared 147 billion yen (US$1.8 billion), 

for 19,290 cases, while the property insurance occupies 1 

trillion and 200 billion yen (US$ 15 billion) for 741thousand 

claims. In case of the Kobe EQ, it was 78.3 billion yen 

(US$1 billion). This amount is almost equal to the total 

reserve fund for insurance payout which government and 

insurance companies keep. Thus, the insurance companies 

can afford to pay 
(13)

. 

 

 

By direct damage            35 (6.9%) 

By indirect damage          475 (93.1%) 

   Major costumers were damaged        199 (39.0%) 

   Influenced by public saving           102 (20.0%) 

   Interruption of supply chain            64 (12.5%) 

   Chain reaction to parents company       38 (7.5%) 

   Others                             72 (14.1%) 

 Tohoku 

EQ 

Kobe 

EQ 

Buildings 

(houses, shops, office, factories, etc) 

10,400 6,300 

Life line facilities 

(water, gas, electricity, 

communication etc) 

1,300 600 

Social infrastructure 

(river, road, port, swage, air port, etc) 

2,200 2,200 

Agriculture and fisheries 

(farm land, forestry, ships. Etc) 

1,900 500 

Others 

(school, hospital, garbage disposal, 

etc) 

1,100 

Total 16,900 9,600 
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(3) Influence on GDP 

  The GDP share of three affected prefectures (Miyagi, 

Iwate and Fukushima) to that of allover Japan is around 

4.0%. It is almost same with the share of the production at 

Hyogo prefecture suffered from Great Hanshin-Awaji 

earthquake. On 19
th
 May, 2001, the Cabinet Office reported 

that the decrease of GDP in the first quarter (from January to 

March) and the second quarter (from April to June) were 

1.65 % and 0.5% respectively compared with the previous 

quarter. However, it increased to 1.4% in the third quarter 

(July to September) as a rebound, and will increase to 0.5% 

in the fourth quarter.
 (14)

. 

 

3. RESPONSE AND RECOVERY  

 

3.1. Rescue and relief activities  

About 107,000 officials of the Self-Defense Forces (SDF) 

were dispatched to the affected area at the peak of rescue and 

relief activities and their support continued up to 31 August. 

They dealt with rescue and search of the victim and provided 

the life support to refugees. The SDF utilized its base to 

accumulate relief goods contributed by the whole nation and 

shared the role of distributing them to the victims with the 

local governments 
(15)

. 

Approximately 28,600 firefighters and 12,200 police men 

were also dispatched from the firefighting departments and 

the police organizations of the whole nation respectively. 

The public officials of central and local governments 

gathered from the nationwide 
(16)

. 

As to the volunteer’s assistance, it was limited at the early 

stage of the event due to the lack of gasoline and light oil 

and the difficulty to secure foods and accommodations Since 

the beginning of April, however, the full-scale activities have 

been started. 

 

3.2 International cooperation 

The Ministry foreign Affairs summarized that the 

international rescue and relief teams dispatched up to the 4
th
 

April, 2011, amounted to more than 1000 persons from 20 

countries. As to donations of support goods, 29 countries had 

donated variety of the necessities of life and the supports 

were still continued. Apart from them, the U.S. Marines in 

Japan dispatch approximately 20,000 soldiers
 
under the 

name of “Tomodachi Operations” 
(17)

. 

 

3.3 Debris treatment 

  One of the most severe obstacles that disturbed early 

recovery was huge amount of debris. The Ministry of 

Environment estimated, based on the number of destructed 

houses and the satellite image, that the total volume of the 

debris by the Tohoku Pacific Ocean EQ would be 25 million 

ton. It is about 1.7 times of the Kobe EQ. This estimate, 

however, does not include the debris of collapsed ports, cars, 

and ships, and thus the figure may become bigger at the end
 

(18)
. The Cabinet meeting held on 20 May estimated that the 

cost for treating them would be about 680 billion yen 

(US$ 8.5 billion), and determined to appropriate in the 

supplementary budget 
(19)

. 

3.4 Temporally housing 

   The Disaster Relief Act regulates that an affected   

prefectural government has to provide temporally houses to 

those who lost their houses by large scale natural disasters. 

Thus about 52,000 units of temporally houses were 

constructed by the end of December, 2011. Apart from that, 

about 60,000 unites of private houses were rent mainly for 

the refuses from Fukushima Nuclear Power Plant. Due to the 

lack of material, the construction pace was very slow, and 

eventually it took 6 months until 90 % of houses could be 

constructed. 

   The average floor area of a unit is 29.7m
2
, and the 

construction cost is about 2.4 million yen (US$30 thousand). 

Thus total cost for temporally houses amounted to 125 

billion yen (US$1.6 billion). Currently, however, the 

additional cost is need for protecting against the cold 

weather.  

 

3.5 Recovery of business 

   According to the survey conducted in April 2011 by the 

Ministry of Economy, Trade and Industry, more than 60% of 

companies had already recovered, and 30% anticipated that 

they might be able to recover by the August. In fact, the 

second survey conducted in June, about 80% of companies 

reported that the production had been recovered at the 

pre-earthquake level, and remaining 20% would recover by 

the end of the year 
(20)

. Most of businesses pointed out that 

the risk of power shortage and the delay of rally in business 

were further important issues 
(21).

 

  

4. DISCUSSIONS 

 

-How to secure the budget for reconstruction: 

 This is the most severe problem under the circumstance 

that the nation is in debt of US$ 12.5 trillion and the 

additional taxation may depress Japanese economy. 

Moreover, it is also anticipated that another earthquake may 

hit the Capital City Tokyo in near future. 

 

- Restructuring of agriculture and fisheries 

  The affected region is the best place for fishery. The 

modernization, however, has lagged so far due to traditional 

fishing rights and interest system. It is a chance to break with 

the convention. 

 

- Influence on the Tokyo Metropolitan Area 

   In Tokyo Metropolitan area, not so severe physical 

damage was caused by the earthquake. However, all public 

mass transits such as JRs, subways, and the private railways 

stopped their operations, resulting in more than 5 million 

commuters who could not return their home within the day. 

Since some 8 to 9 million commuters returned home on foot 

or by private cars, the main roads in Tokyo were severely 

congested. This experience suggested that further response 

strategy for mass commuters was definitely needed for an 

anticipated Tokyo earthquake. 

  Another problem was that liquefactions were observed in 

very large areas in Tokyo Metropolitan area. Since the 
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measures against the damage by liquefactions had not well 

instituted so far, some of disaster regulations have been 

amended immediately after the earthquake. More substantial 

things, however, most of affected residents by liquefaction 

had not recognized that they lived on such dangerous place. 

Therefore, it should be regularized that the risk information 

of liquefaction must be given to the costumers when they 

buy land or house.      
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Abstract:  For most Japanese companies and organizations, the enormous damage of the Great East Japan Earthquake 
was more than expected. In addition to great tsunami and earthquake motion, the unforeseen lack of electricity and fuel 
disturbed business activities seriously. Furthermore, disruption of supply chains led considerable decline of production in 
many industries across Japan and foreign countries. Therefore it becomes urgent need for Japanese government and 
industries to utilize the lessons of the earthquake and execute effective countermeasures, considering great earthquakes in 
the future such as Tonankai-Nankai Earthquakes and Tokyo Inland Earthquakes. In addition to improving 
earthquake-resistant ability of buildings and facilities, diffusion of BCP and BCM to enterprises is indispensable. Based 
on the lessons, BCM should include the point of view of supply chain management more clearly, and emphasize 
“substitute strategy” more explicitly in order for a company to survive even if it completely loses its present production 
bases. The central and local governments are requested, in addition to develop their own BCP, to revise estimated damage 
of earthquakes and improve environment for BCM of the private sectors. 

 
 
1.  INTRODUCTION 
 

The Great East Japan Earthquake far surpassed all of 
the Japanese government’s existing earthquake predictions. 
Beyond the direct damage to businesses from ground motion, 
the tsunami and ground liquefaction, shortages of electricity 
and fuel occurred throughout east Japan also became major 
limiting factors for business activity. The resultant halt to 
production and supply of parts, materials, and services by 
the damaged businesses disrupted the supply chain and 
spread their influence to businesses of manufacturing and 
other industries throughout Japan and overseas as well. 

As there is considerable concern that major earthquakes 
in the Tokai and Tonankai-Nankai regions (Pacific Ocean 
coastline area of central and western Japan), inland of Tokyo 
and so on in the near future, Japan is already known as 
“earthquakes country.” If Japanese industries and companies 
do not learn the lessons of the Great East Japan Earthquake 
and take measures quickly, there will be no way to clear 
anxieties here and abroad regarding Japan’s production and 
distribution system in a time of disaster. 

Fortunately, the business sector has begun to deal with 
this challenge. Moreover, since the remarkable efforts by 
industries to restore production activities after the earthquake 
have achieved quicker results than foreseen, some degree of 
relief and trust to ability of Japanese industry to respond the 
damage has spread. 

This paper will discuss the factor of the damage to 
companies and industries caused by the Great East Japan 
Earthquake, with emphasis on the supply chain and business 
continuity management (BCM), and propose how to 

improve business continuity plans (BCP) of Japanese 
companies in future. 
 
2.  AMOUNT OF BUSINESS DAMAGE AND ITS 
CHARACTERISTICS  
 
2.1  Influence on businesses in the Damaged Area 

Tohoku Economic Foundation 1 conducted “the 
Questionnaire Survey on the Effect of the Great East Japan 
Earthquake” July 5-15, 2011 and received 245answers (64 
from manufacturers, 181 from non-manufacturers). 
Response rate was 36.3%．  

 

 

No damage 
Damage on 
uilding/facility b 

Human suffering 
 
Indirect damage

Manufacturers Non- manufacturers 

Chart 1  Damage of Member Companies of  
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73.4% of manufacturer and 74.0% of non- 
manufacturers responded that there was some damage on 
their building or facilities. In addition, 51.6% of 
manufacturers and 53.6% of non-manufacturers responded 
that they had indirect damage (Chart 1)． 

As to the detail of the indirect damage, 42.2% of 
manufacturers noted “increase of cost by the change of 
logistics network”, 29.7% noted “decrease of production by 
disruption of supply chain,” and 20.3% noted “price increase 
of fuel and raw materials.” For non- manufacturers, 22.1% 
cited “decrease of sales by voluntary restraint of 
consumption,” and 16.8% cited “price increase of fuel and 
raw materials.”  
 
2.2  Influence on businesses in Tokyo 

In central Tokyo, the Great East Japan Earthquake 
registered seismic intensity of 5 upper and 5 lower on the 
Japanese seismic scale. 

The Tokyo Chamber of Commerce and Industry 2  
conducted a “Great East Japan Earthquake questionnaire 
survey” March 24–April 5, with valid responses from 1,009 
members, and 92.7% of the businesses noted some degree of 
influence from the disaster. 78.2% cited influence on their 
operational situation, such as sales or the number of 
customer visiting their business places, while 59.6% of the 
companies noted influences on their procurement activities, 
such as their ability to obtain raw materials, supplies, and 
products. Thus, many businesses based in Tokyo 
experienced problems with disrupted production through the 
influence of the supply chain.  
 
2.3  Influence on Major Businesses Nationwide 

About one month after the earthquake, April 8-15, the 
Ministry of Economy, Trade, and Industry (METI) 
conducted its “Emergency survey on the actual status of 
industries after the Great East Japan Earthquake” directed at 
80 companies (55 in manufacturing and 25 in 
retailing/service). At the time of the survey, of the 
manufacturing businesses located in the damaged area, 64% 
(raw material producers 67%, processors 58%) had restored 
their production bases; 26% (raw material producers 20%, 
processors 38%) estimated that they would be restored by 
the middle of July; and 3% estimated that restoration would 
require from six months to less than one year. Those 
businesses responding that they could not predict when their 
production bases would be restored came to 7%. 

Regarding the reasons for difficulty in obtaining raw 
materials and parts/components, 88% of the raw materials 
producing industries cited “damage to the suppliers we 
procure from” and 42% cited “damage to the suppliers 
supplying the companies we procure from.” while 82% and 
91% respectively of the processing industries cited these 
reasons. This result indicates that the processing industries 
were being strongly impacted from two levels up the supply 
chain.  

When asked about alternate suppliers, 65% of the raw 
material industries and 76% of the processing industries 
responded that “in the process of securing alternate 

suppliers.” On the other hand, 12% and 48% respectively 
replied that “no alternate suppliers for some raw materials or 
parts/components.” (Multiple answers were permitted when 
a company uses multiple materials or parts/components.) 
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Cart2  Reasons of Difficulty in Obtaining Row Materials and 
Parts/Components (One month after the earthquake) 

 

METI also conducted a “Second emergency survey on 
the actual status of industries after the Great East Japan 
Earthquake” June 14 - July 1, surveying 123 major 
enterprises (65 manufacturing, 58 retailing and service). This 
represents a period around three and a half months after the 
Great East Japan Earthquake.  

On this second survey, out of 91 production bases of 
manufacturing companies that received direct damage from 
the earthquake or tsunami or both, 93% had already been 
restored by this time (whereas in the April survey, 90% 
thought they would be restored by summer), indicating that 
the recovery had been quicker than expected. Regarding 
production levels, 80% had regained or surpassed 
pre-earthquake levels. In addition, of the rest 20% (replying 
their production levels were still lower than before the 
earthquake), some 70% said they expected to return to 
pre-earthquake production levels before the end of 2011. 

Looking at procurement of raw materials and parts/ 
components by manufacturing businesses, the second survey 
found that compared to the April survey, the proportion of 
materials industries responding that there were no alternate 
suppliers fell from 12% to zero, while these figures fell from 
48% to 18% for processing industries. (Multiple answers 
were permitted when a company uses multiple materials or 
parts/components.) The processing industries, which have a 
longer supply chain above them, were indeed more strongly 
affected by indirect damage from the earthquake, but their 
recovery had made progress during the intervening three 
months. 

As can be seen from these METI surveys, looking at 
manufacturing industries as a whole, many of the companies 
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recovered more quickly that they had expected after the 
earthquake. A reason for this is that the original forecasts 
strove for certainty and therefore made slightly longer 
predictions, but many see this as reflecting the Japanese 
companies’ “ability of production-field” to achieve recovery. 
This ability would include the dedicated recovery efforts of 
company’s stuff in the field and workers of contractors 
working around the clock, with their practical knowledge/ 
skill and their sense of responsibility. 
 
2.4  Effects on the Automotive Industry 

One of the industries those are most deeply affected by 
the Great East Tokyo Earthquake was the automotive 
industry. According to materials from the Japan Automobile 
Manufacturers Association, Inc., Japan’s domestic 
production of four-wheeled vehicles surpassed one million 
units per month by October 20083. As the Lehman Shock 
took hold, this fell to 580,000 units in January 2009 and 
480,000 units in the following month; for the next several 
months, production hovered around 400,000-500,000. 

Looking at the earthquake’s influence, we see that 
production fell precipitously from 800,000 units in February 
2011 to 400,000 in March and further to 290,000 in April. 
Production rose again at a rapid clip, however, to 740,000 
units in May. Compare to the Lehman Shock, the effect was 
shorter but deeper. 

Taking Toyota Motor Corporation as an example, the 
final assembly plant in Miyagi Prefecture suffered some 
damage, but a greater limiting factor on production was the 
major damage to components factories producing the 
electronics and other parts. According to the publication of 
the Toyota Motor’s website4, production halted completely 
at its domestic plants for about two weeks after the disaster, 
and while production was partially resumed after the end of 
March, the shortage of parts continued. The parts shortage 
reached its overseas plants in the second half of April, 
resulting in shutdown of operations there as well. Around the 
middle of May, vehicle production at the domestic plants 
was at half of its usual level, and in June production at both 
domestic and foreign plants was steadily on the way to 
recovery. By July Toyota had recovered enough that it 
announced plans for increased production during 2011 to 
make up for the shortfall. 

The semiconductor industry is extremely important, as 
it has the responsibility of providing parts to a wide range of 
businesses, with automobiles as notable examples. A number 
of major plants are located in the damage zone of the 
earthquake. Since a semiconductor plant must produce to 
extremely fine tolerances, it is highly sensitive to the motion 
from earthquakes and to power outages as well. 

For these factories, it was difficult to secure alternate 
production of special-order goods such as car 
microcomputers, which differ by make and model. One 
example would be the Naka Plant operated by Renesas 
Electronics Corporation in Ibaraki Prefecture. Its market 
share of microcomputers for motor vehicle engine, brake 
controls and electric equipment were high, therefore 
substitution for these items was difficult. Since it was 

essential for the plant to recover as soon as possible, over 
2,000 support personnel from the Renesas group and outside 
the group were dispatched to work daily on the Naka Plant’s 
recovery. As a result, partial resumption of production was 
achieved at the beginning of June rather than the original 
schedule of July.  
 
3.  MEASURES FOR DISASTER REDUCTION AND 
BCP 
 
3.1  Disaster Reduction Plans in Japan 

During the Great East Japan Earthquake, Japanese 
businesses found that their “disaster reduction” measures 
which had been worked out in the past showed their value in 
reducing earthquake and tsunami damage. Here disaster 
reduction basically refers to efforts to address potential 
damage from national disasters such as earthquake motion, 
wind and flooding so as to ensure protection of the lives of 
customers and employees, secure that buildings are able to 
withstand, prevent secondary damage, and contribute to the 
local community. During the earthquake, the fact that 
damage of buildings and civil engineering structures, for 
example, the Tohoku Shinkansen line and Tohoku 
Expressway, was not so severe can be ascribed to 
earthquake-resistant design and construction. 

When compared to US, UK and other major European 
countries, Japan suffers from a lot of natural disasters such 
as earthquakes, winds and flooding. Its people have been 
able to imagine the concrete forms of natural disasters’ 
damage without difficulty. Therefore, “disaster reduction 
plans” to specify the cause of damage and to prevent the 
damage to life, limb, and property has become widespread in 
the past among companies and organizations in Japan. 

 
3.3  Diffusion of BCM and BCP in Japan 

BCM has been widely introduced earlier in US and UK 
than in Japan, although BCM (and BCP) have been adopted 
also in Japan in recent years. Part of the reason of late 
diffusion might to be ascribed to the diffusion of disaster 
reduction plans in advance in Japanese businesses. In the 
occasions to introduce BCP, questions to ask difference 
between disaster reduction plans and BCPs were very 
frequent. 

The Cabinet Office of the Japanese government 
conducted a "Survey on the Actual Situation of Companies 
in Business Continuity and Disaster Reduction"  
(conducted November 2009, 736 companies responding), 
according to which 55% of major companies had completed 
a “disaster reduction plan” (which commonly incorporates a 
BCP) and 25% were in the process of formulating one. 
Among the medium-sized companies, these numbers were 
36% and 15% respectively.  

Looking at the status of BCP, 28% of major companies 
had completed a plan and 31% were in the process of 
formulating one, while for medium-sized companies, the 
levels were 13% and 15% respectively. Disaster reduction 
plans are more common among Japanese companies than 
BCP.  
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However, the Japanese government began its 
involvement with encouraging the formulation of BCP by 
issuing its 2005 “Business Continuity Guidelines”; given 
this timing, it seems that the spread of BCP has proceeded 
fairly rapidly over the intervening years. 

 
3.4  Meaning and Concept of BCM 

BCM refers to “management strategies to ensure that 
critical operations selected before are not interrupted in time 
of disaster, and if, by any possibility, critical operations do 
become interrupted, to restore within the recovery time 
objective and to protect the company from damage 
accompanying interruption of operations”. BCP includes, for 
example, “examination and adoption of countermeasures 
such as provision of back-up systems, securing of back-up 
offices, early confirming of the safety of employees, 
ensuring the needed personnel, and alternate production 
facilities.” 

If a company’s workers are safe from fire and 
earthquake and buildings and facilities are fire safe and 
earthquake resistant, early recovery from the damage of 
national disaster should be basically easier. Therefore, many 
of concrete countermeasures of disaster reduction plans and 
BCPs are common. However BCM focuses strongly on 
continuation of a company’s operations with full awareness 
of its responsibility to supply goods and services to clients 
and to society.  

Here “time” becomes an important concept, such as in 
terms of having a recovery time objective so as to avoid 
causing loss of sale destination due to delay in resumption of 
supply. Additionally, the kinds of crisis events to be 
addressed by BCM should be comprehensive, including for 
example such sudden phenomena as natural disasters, 
outbreak of contagious disease, accidents, and other troubles. 
A basic principle is “not to focus on the specific causes but 
on the outcome event (resultant situations)”, such as absence 
of key personnel, inability to use headquarters or plants, the 
impossibility of procuring raw materials or parts, and other 
limits to company’s resources, which occur as outcome. This 
concept leads to the importance to secure “substitution” to 
these necessary resources. This substitution strategy is useful 
for damage by any specific causes mentioned above. 

It is becoming more widely recognized in Japan that 
there is a need for BCM that goes beyond disaster reduction 
plans and aims at ensuring continuity of a company’s 
business activities even in situations such as the outbreak of 
pandemic influenza, power outages, or interruption of the 
supply chain even when the company itself has suffered no 
direct damage. 
 
3.5  Disruption of Supply and Companies’ Response 

Even before the Great East Japan Earthquake, Japanese 
companies seemed to aware, based on their view of supply 
chain management (or the BCM if one is in effect), the fact 
that if a major earthquake should occur, they would be faced 
with the problem of disruption of procurement from their 
suppliers which were damaged by the earthquake to some 
degree. At the same time, however, they probably found 

themselves faced with the fact that in reality it was very 
difficult to adopt any radical approaches to prevent the 
disruption of supply, since cost and labor factors come into 
play.  

When faced with the massive damage caused by the 
Great East Japan Earthquake, Japanese industries and 
enterprises have made an all-out effort to early recovery, as 
an after-the-fact approach. It seemed that, most of the 
companies whose facilities and installations were damaged 
set out to restore the damage, if the damage was within a 
range where recovery was somehow possible on site. They 
accepted support from the local community and various 
companies they dealt with and demonstrating their abilities 
of production-field. The METI surveys cited above make 
clear the progress toward recovery that has been made.  

However, it is still a fact that there are a considerable 
number of companies which were hit directly by the tsunami 
or strong earthquake motions and still cannot set any timing 
for full recovery. If the damage of their main buildings and 
important facilities are severe and they do not have substitute 
site of their business, it must be difficult to recover their 
operations soon. 

There are also enterprises which were not damaged 
themselves but which are confronted by the disruption of 
their supply of essential parts or components. Their response 
seems to have taken these three general directions: (1) 
assisting their damaged suppliers to recover; (2) acquiring 
alternate sources of procurement for the unobtainable parts 
and components; and (3) redrawing specifications so that the 
unobtainable parts and components need not be used. 
Approach (2) is extremely difficult when the needed parts or 
components have been specially ordered to a single supplier. 
As for (3), there are examples where during normal 
operations objections to change specifications from the 
production floor are common, but when faced by a sudden 
disruption of supply, the production floor and customers 
alike have become more amenable to such changes. 

Among the companies that have been struggling with 
the disruption of their supply of parts or materials aftermath 
this major earthquake, there are probably some whose grasp 
of the location of producers higher up on their supply chain 
was insufficient. Such companies likely had no way to 
foreseen the damage they suffered, and they probably 
regretted their lack of research. Moreover, some companies 
might have used multiple suppliers only to find that they 
were relying on the same supplier two or three levels up the 
chain. Instead of the more common pyramid shape, this 
would form a “diamond-shaped” supply network. However, 
the problem of a diamond-shaped supply network is not a 
new one; it also appeared following the 1999 Chi-Chi 
Earthquake in Taiwan, when semiconductor plants in that 
area were damaged, and this has been cited as an example of 
the need for BCM. 

No doubt in the future Japanese enterprises will make 
greater efforts at knowing about suppliers two or more levels 
upstream on the supply chain. Since the efforts will be 
possible only at considerable cost, and it will be essential to 
rely on their suppliers for information about even further up 
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the chain, it will not be a simple undertaking. 
In addition, companies have become aware of the 

implications when individual enterprises have used their 
original specifications, making it difficult to resort to 
alternate procurement, and when they have sought to reduce 
costs by centralizing and reducing their suppliers, again 
making alternate procurement difficult. 
 
4. ENCOURAGING THE SPREAD AND 
IMPROVEMENT OF BCM AND BCP 
 
4.1  Learning from the Earthquake and Improving the 
Supply Chain 

Based on the facts and analyses above, the author 
would like to offer the following directions for improvement 
in Japan’s future supply chain management. 

First, even though it may mean some sacrifice in terms 
of parts procurement cost and product differentiation, 
finished product manufacturers need to make a management 
decision to change their sense of values so as to give more 
emphasis to the stable supply of their products in time of 
disaster. Specifically, they should consider the following four 
points. 

(1) In setting specifications, narrow the parts that takes a 
role of strategic differentiation appropriately. For these 
distinguishing parts, seek to have suppliers secure 
substitute supply bases. 

(2) For other parts, introduce and thoroughly apply rules 
which emphasize possibility of alternate procurement.  

(3) Reconsider parts development conducted only in 
cooperation with a single specific subcontractor, 
keeping in mind the risk of the supply of these parts 
being cut off. 

(4) When requesting companies you deal with and get 
cooperation from to secure their own substitute bases, 
do not try to make the costs involved solely the burden 
of a subcontractor; provide whatever support you can. 
Improvement in supply chain management is necessary 

from the subcontracting companies’ standpoint as well. I 
would like to point out the following four points: 

(1) Companies should be prepared for growing inquiry 
from customers to confirm and ensure their business 
continuity ability. 

(2) Companies which have a large market share should 
consider the possibility of receiving support from 
customers for increasing their business continuity 
ability. 

(3) Companies should seek stable supplies from 
procurement source even further upstream. 

(4) Companies should consider strategies for their own 
survival by directing supplies to other chains if the 
supply chain is disrupted at some downstream. 
The private sector would be the main force in carrying 

out these measures, utilizing government supports to deal 
with them rapidly. The organizations to promote BCM and 
supply chain management would be expected to play a 
useful role. 

Japan’s business sectors and its government should 

aware that foreign countries are apprehensive about the 
possibility of future large-scale earthquakes in Japan, and 
must make clear the status of policies being undertaken to 
control the effects of supply chain disruption. 
 
4.2  The Need for Substitution Strategies as Part of 
BCM 

Supply chain management is an important element in 
BCM, but it is also necessary to promote the improvement 
and spread of other aspects of BCM. 

Analyzing how effective a company’s BCP was in 
dealing with the Great East Japan Earthquake reveals that 
the key to effectiveness was whether substitution strategies 
were sufficiently addressed in their BCP. As already 
mentioned, it is strongly recommended that in BCM, 
companies focus on outcome events such as the absence of 
key personnel, inability to use headquarters or plants, or the 
impossibility of procuring raw materials or parts. If they do 
so, they can then consider substitution strategies to deal with 
the loss of business bases, people, materials and parts, and 
other important resources. Even if unexpectedly large 
tsunamis or ground motion result in loss of bases, this should 
not be a completely unforeseen result since thought will 
already have been given to the possible loss of bases. 

Nevertheless, it is not simple to provide a substitute 
base on the same level of facility as the regular/usual base. 
Unless a company finds itself in a situation where sales are 
growing and it is able to invest in strengthening its 
production capacity, it will be difficult to prepare another 
production base. There are, however, methods that can be 
adopted with some degree of effectiveness. 

One of these methods is to prepare substitute bases up 
and running as quickly as possible when it becomes clear 
that the usual bases cannot be restored easily. For example, a 
company can designate an “alternate communications base” 
in some location (perhaps even the president’s home) where 
it can communicate with employees and important business 
contacts. It should have their backup files of important 
information, blueprints, and other documentation. When 
disaster occurs and the usual bases become unavailable, the 
alternate communications base can be used to start 
confirming the safety of employees and to open 
communications with important contacts, while also starting 
to look for alternate bases to be used for overall business 
activities after the disaster. 

As for manufacturing bases, if the cost to prepare two 
production bases in ordinary times is prohibitive and would 
limit profitability, the company can decide on only the 
location for a substitute production base in advance clearly, 
and carry out training for setting up alternative base there, 
while it keeps one base production system.  

A second approach would be to conclude an agreement 
with another company in the same industry but at some 
distant location to provide mutual cooperation in time of 
disaster; each company could help the other as a sort of 
substitute base. The arrangement makes it possible for a 
company to make use of its technology and knowhow in 
association with the other company, maintain its relations 
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with important customers, and even keep some of its 
workers employed.  

It is very important, however, that the two parties have 
a strong mutual trust. Regretfully there are few practical 
examples of this approach. If two companies can come up 
with some cooperative arrangement that would routinely be 
mutually profitable, then such an arrangement might be 
more widely adopted. Efforts could also be made to seek a 
mediating role for government or economic organizations.  
 
4.3  Position of Substitute Bases 

Even though a BCP designated substitute base(s), there 
would be many examples of both the usual base and the 
substitute base(s) simultaneously sustaining damage from 
the same widespread disaster. In the Great East Japan 
Earthquake, there were no few companies that their usual 
and substitute bases concurrently sustained damage from the 
tsunami, while others got simultaneous damage from 
shortages of electricity and fuels. Thus it is also very 
important to review the position of substitute bases. 

Normally it is easier to maintain business continuity by 
having key personnel move from the usual base to the 
substitute base and resume activity there, so preparing a 
substitute base within walking distance is one useful 
approach. This arrangement, however, would raise concern 
that the substitute base would sustain damage at the same 
time as the regular/usual base, so it would appear desirable 
to provide for both a nearby substitute base and another one 
considerably farther away.  

In many cases, a company will not have the leeway to 
prepare both substitute bases with the same level of facilities 
and equipment. Therefore, it can be effective to designate 
one of these by location only, and keep without extensive 
preparation. However, employees and other business 
counterparts should be made aware of this location clearly. 

For a company having it’s headquarter in downtown in 
large metropolitan areas; if its substitute base are also located 
downtown, when a disaster occurs at night or on holidays, it 
can be difficult for personnel living in the suburbs to gather 
urgently at its substitute base. It can thus be effective to have 
a substitute base outside of the downtown area where people 
can come together easily, including use of a dormitory 
provided as residences for its personnel. 

If, however, a disaster occurs during working hours, 
such a company may find it possible to move to a substitute 
base not far from its downtown headquarter while making 
the move to the suburban substitute base would be difficult. 
Thus it would be effective to designate substitute bases both 
downtown and in the suburbs. 
 
4.4 Preparing an Environment for Improvement of 
BCM 

In order to support effective BCM of private business, 
as learned from experience with the Great East Japan 
Earthquake, the government should make its announced 
estimates of damage more complete. At present the 
government is proceeding with revision of its estimates of 
damage from earthquake motion and the tsunami, but in 

addition, further information should be included regarding 
estimated damage to mobile phones, mobile e-mail, the 
Internet, and other means of communication apart from 
hardwired telephones, as well as damage estimates for 
gasoline, light diesel oil and other fuels and shortages of 
electric power. 

Second, the government and local authorities should 
clearly recognize the importance in their own BCPs. They 
are necessary not only for rescue and recovery activities in 
their regions, but also the permission and approval 
procedures essential to companies’ resume of business 
operations. It should be also useful that they put together a 
package of preferential measures and easing of regulations 
for businesses’ continuity of operations and prepare the way 
for their smooth application. 

 
5.  CONCLUSION 
 

The Great East Japan Earthquake brought about serious 
indirect damage to the business, as well as direct damage to 
their personnel, buildings and facilities. Based on the 
experience of steep decline in production of many industries, 
Japanese economy should address supply chain problem in a 
time of disaster more earnestly. Even it means some sacrifice 
in terms of parts procurement cost and product 
differentiation, manufacturers need to change their sense of 
values so as to give more emphasis to the stable supply of 
their products in time of disaster. 

The earthquake also showed the necessity of “substitute 
strategy” in the BCM, as it is effective to the unforeseen 
damage of necessary resources for the critical business. 
Although is not easy to provide a substitute base on the same 
equipment level as its regular and usual base, there are some 
methods that can be adopted with some degree of 
effectiveness. An example would be the mutual support 
agreement with other companies. 

In order to support effective BCM of private business, 
the government should formulate their own BCPs, improve 
estimated damage from earthquake motion and the tsunami, 
in addition, and expand the estimated damage to cover 
telecommunication, fuels and electric power.  

Japan’s business sectors and government should aware 
that foreign countries concern about the possibility of future 
large-scale earthquakes in Japan, and must make clear the 
concrete measures to control the damage, including effects 
of supply chain disruption. 
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Note 

 
1 Tohoku Economic Foundation is a comprehensive economic 

group which consists of about 900 member companies in Aomori, 
Iwate, Miyagi, Akita, Yamagata, Fukushima and Niigata 
prefectures.  
http://www.tokeiren.or.jp/index.html 

2 Tokyo Chamber of Commerce and Industry is a comprehensive 
economic group which consists of 80,000 member companies in 
23 wards of Tokyo. 

3 The Japan Automobile Manufacturers Association website, 
http://jamaserv.jama.or.jp/newdb/index.html 

4 Toyota Motor Corporation website, 
http://www2.toyota.co.jp/announcement/shinsai_info/news.html 
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Abstract: This paper discusses on disaster management of local authorities in Japan. In mid disaster, their duties 

are focused on emergency responses, and requirement of normal administrative services is continuously increased 

as time passed. For the services it is necessary to secure information on the residents, and important to prevent the 

loss of the information against disaster. Therefore, making BCP (Business Continuous Preparedness) in local 

authorities is needed including to secure administrative system and information for decreasing issues and problems 

after disaster. 
 

1.  INTRODUCTION 
 

The disasters attack both developed and developing 

countries. The Great East Japan Earthquake Disaster caused 

huge damage which impacted on disaster prevention policies of 

Japan. It become that death toll is 15,822, and missing persons 

are 3,923 by the National Police Agency investigation on 

October 11, 2011 (note 1). Decreasing of missing persons is 

larger than increasing of death toll comparing with the figures 

on April 12 one month after the disaster event. It means that 

many unknown survivors have become to be found. It is 

considered that the municipal database on residents became to 

be managed well, that was confused after the disaster event. 

As the disaster affected to large area, the direct amount of 

damage of the disaster is very high, reaching to approximately 

17 trillion yen by Cabinet Office estimation (note 2). As direct 

amount of damage by the Great Hanshin Awaji Earthquake 

Disaster was estimated at approximately 10 trillion yen, the 

former is 1.7 times of later. Form the viewpoint of GDP, the 

former is also huge one economically being 4% of GDP, 

comparing with later of 2%. 

The damaged local governments which were affected huge 

damage push forward restoration and reconstruction. However, 

the normal administrative services does not cope with the needs 

of residents as the available “human, material, money and 

information” resources are constrained largely and these are 

assigned to restoration and reconstruction. Therefore, this paper 

describes the BCP (Business Continuity Preparedness) by 

which the administrative services are done continually after the 

disaster event. 

 

2. RESIDENT DATABASE FOR 

 ADMINISTRATIVE SERVICES 
 

At the normal phase, information being the base of 

administrative services includes the resident database such as 

the Basic Resident Register. In other words, it is the database of 

people who live in a municipal area according with a life cycle 

such as birth, entering the elementary school, and death, so 

various administrative services are provided using the database. 

Most of such database is managed as electrically recorded 

information not a paper base now, and necessary information 

comes to be taken out promptly when it is needed 

In the emergency phase, resident database used normally 

is needed for a refuge instruction, safety confirmation, death 
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confirmation and/or information for living and supplies. 

However, if the database recorded electrically is lost or 

information could not be taken out such as a power failure or 

destruction of PC, it is difficult to provide appropriate 

administrative services in emergency. 

For example, regard the changing death and missing 

persons in half of a year, as number of death and missing were 

1,197 in emergency phase because of scarcely information on 

death and missing, number of death and missing has reached to 

28,483  a month later because of information available on 

death and missing (Fig.1). After that death persons have 

increased and missing persons have decreased. As missing 

decreasing is larger than death increasing, total number of death 

and missing has decreased and become under 20,000. It is the 

reason that resident database being restored and used is 

effectively.  
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Fig.1 Number of Death and missing (note 3) 

 

3. HUMAN, MATERIAL, MONEY AND 

 INFORMATION RESOURCES 
 

In this way, the resident database is important in providing 

the administrative services at emergency phase, and the human, 

material, money and information resources to utilize the 

database become indispensable. For example, as staff of an 

administration in charge of database could not come to an 

office, or they would die or injure caused by disaster, it is 

difficult to utilize the database if working. In addition, database 

could not be utilized without material such as power failure, 

destruction of equipments such as PC, and destruction of office 

building. In this case because it is difficult for staff in charge to 

gather, manage and provide information without material, 

resident could net receive necessary information on 

administrative services in emergency, and there would be a 

room to enter rumor. If loss of database in spite of staff in 

charge and material worked, resident could not receive 

necessary information on administrative services in emergency. 

Regard money being relation to the speed of restoration and 

reconstruction if there is money to be utilized through decision 

making by a damaged local government, removal of the debris 

or the construction of temporally houses would be immediately 

done, and resident would be easily to change living from 

emergency to normal. Therefore, the loss of human, material, 

money and information resources dose not make providing 

administrative services, and resident could not receive 

necessary information at each phase after disaster such as 

disaster information, refuge information, damage information, 

safety information, and life and supplies information. 

Coping with lack of human resource is to support it from 

local governments without damage. In case of the Great East 

Japan Earthquake Disaster, many local governments in Japan 

have sent staff in charge of administrative services in 

emergency, restoration and reconstruction to damaged local 

governments, and those has been effectively done. For example, 

until June 10, 2011, Aichi prefecture government has sent 608 

staff to Iwate, Miyagi and Fukushima prefectures, Nagoya city 

government has sent 518 staff to Rikuzentakada and Sendai 

cities and other local governments in Aichi prefecture totally 

have sent 734 staff to local governments in Iwate, Miyagi, 

Ibaragi and Chiba prefectures, the staff have been in charge of 

affliction certificate issuance, supporting management of refuge 

places, homepage updating, etc (note 4).  

Coping with lack of material, for example, it is necessary 

to build temporary office coping with destruction of office 

building, and it is necessary to secure electric power such as 

preparing electric generator coping with power failure. In case 

of lacking electric generator, if official cars are electric cars 

and/or hybrid cars, as they are removal they would be power 

stations for gathering, managing and dispatching information 

needed at government offices and/or refuge places. 

Coping with loss of database, it is available to back it up, 
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but it is important to back up in the place which could not be 

damaged at the same time. Being those supporting and 

preparation make administrative services changing to normal 

phase (restoration and reconstruction). 

 

4. PREPARATION FOR BCP 

 
Because a local government has duty to do administrative 

services for residents, it is necessary for the government to do 

administrative services suitable for each of normal and 

emergency phases. It is also necessary to keep human, material, 

money and information resources working well in normal phase 

since appropriate administrative services could not be done 

with the loses of them in emergency phase. This is the BCP of 

administration. In BCP, it is necessary to establish emergency 

operations with normal operations in time progressing as first 

aid, relief, restoration and reconstruction. Particularly, the 

placement of staff in charge (human resource) is important and 

if not securing them support request to other local governments 

would be coming up. 

One of the securing of necessary resources such as human, 

material, money and information resources is cooperation of 

local governments over a wide area. Such cooperation is 

included in the regional disaster prevention plan made by each 

local government, and various agreements for cooperation are 

made. For example, Gmagori city in Acihi prefecture 

participates in “San-ennanshin Mutual Support Agreement” in 

2005 with 27 related governments in Nagano, Shizuoka and 

Aichi prefectures. In addition it participates in “Agreement on 

Mutual Support in Large Disaster Event” in 1997 with 17 local 

governments holding motorboat races. And it participates in 

“Agreement of Mutual Support on Wide Fire Service in Aich 

Prefecture” in 2003 (note 5). 

There is also one to one cooperation based on friendship 

cities. As most friendship cities are far each other and those 

would not suffer at same time in emergency, the cooperation 

would function as BCP especially information. In case of 

Gamagori city, it has made agreement on information dispatch 

with Urazoe city, Okinawa prefecture, being one of the 

friendship cities after the Great East Japan Earthquake Disaster 

(not 6). As information on Ohsaki city, Miyagi prefecture, 

which function of dispatching information was cut off in the 

event had been dispatched through the homepage of Tobetsu 

town, Hokkaido, it allows to dispatch information on Gamagori 

city or Urazoe city through homepage of one in case that the 

other information dispatching function is cut off. Because they 

have made agreement regard exchange of dispatching format on 

life and material information in emergency, to exchange 

information through telephone and/or wireless is less. However, 

on resident database being most important in emergency, back 

up system is kept only in the office and/or related agency 

building. Therefore it is one of forthcoming issues to keep back 

up system to building far from damaged areas. 

 

5. SUMMARY 

 
It is urgent business for each local government to make 

BCP namely continuity of human, material money and 

information resources for restoration and reconstruction of 

damaged local governments and preparation to forthcoming 

earthquakes such as Tokyo and Tokai-Tonankai-Nankai. 

Inspecting the business continuities of the damaged local 

governments, it must be to make use of the result for BCP. 

It is important to consider for BCP that the influence of the 

great merger of Heisei gives the damaged local governments. 

The number of local government which was 3,232 is reduced to 

half about with 1,777 in 2009 ten years later in 1999. An area in 

which a decision-making could be done as one local 

government before merger would be one part of expanded 

merger government and be possible to be provided less 

administrative services, such as decision-making time lag, 

decision-making suitable for the area, providing information in 

emergency. On the contrary, administrative services which were 

difficult to provide in viewpoint of government finance have 

been enabled to provide because of being one part of big 

government, such as progressing disaster prevention measures. 

In this way there is right or wrong about the merger, however, 

this is the point to consider forthcoming mergers by inspecting 

them. 

In the current society where information technology 

progresses, it is necessary to utilize information technology for 

BCP. In the Great East Japan Earthquake Disaster twitter had 
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been used for information exchange in real time, and helped 

penetration such as information on the disaster and the damage. 

It has been also inflected for the activity of the volunteer by 

first aid, relief or the emergency restoration. On the other hand, 

information has negative aspect that once false information 

such as rumor would be sent, it would penetrate in an instant, 

and it would need long time and much manpower for the 

cancellation. A local government always has to monitor the 

twitter, and if false information appears in twitter, it come to 

have to try for cancellation of the false information immediately. 

In other words, it becomes necessary for the government to 

have twitter as a communication channel with residents. 

When the local government performed administrative 

services in normal and/or emergency, it mentioned above that 

resident database became the base in both. It has to consider on 

BCP of human, material, money and information resources to 

utilize the database in emergency phase. Regarding human and 

material resources, administrative services are easily done if the 

support system is made. However in case of loss of database 

long time and much manpower are needed to restoration of 

database. So, it must be important to plan means on loss of 

database. In the example of above-mentioned Gamagoori city, it 

takes the backup of the resident database, but this is not enough 

because of the backup in the office building. Therefore, it is 

important to plan the backup system out of the office building 

without damaged and still becomes the big issue in the local 

government which does not make backup system ready. 

 

SUPPLEMENTARY NOTE 
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http://www.bousai.go.jp/oshirase/h23/110624-1kisya.pdf 

3) Public information document, Emergency disaster guard 

headquarters National Police Agency  

http://www.npa.go.jp/archive/keibi/biki/higaijokyo.pdf 
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6) From hearing to Gamagoori city government
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Abstract:  In the areas damaged by the Great East Japan Earthquake, it is an urgent need to provide employment 
opportunities. Unfortunately, however, the supply chain of fishing industry, which was important there, has broken down 
yet. This results in high unemployment rate. By examining the restoration process of other industries’ supply chains 
including distribution and automobile industries, this paper concludes that the fishing industry’s supply chain could be 
restored by concentrating their resources into particular business areas with the outside support from the central and local 
governments and stakeholders concerned. 

 
 
1.  INTRODUCTION 
 

After the Great East Japan Earthquake, there is an urgent 
need to provide employment opportunities in the affected 
coastal areas where tsunami damages are serious. After 
people moved to temporary housing from the evacuation 
centers, they are expected to earn their living. However, the 
restoration of fishing industry, while considered important, is 
not progressing. This paper will discuss the reasons for the 
late restoration of the fishing industry in comparison with 
the distribution and manufacturing industries, and will 
explore important measures that can be employed in the 
future.  

Hence, this paper tries to examine the reasons from the 
viewpoint of interdependence among the companies in 
supply chain which means that each company’s production 
activities support other companies and are supported by 
others. Production will not be possible if each company 
cannot procure raw materials from upstream companies, if 
commercially produced goods by downstream companies 
cannot be marketed, and if logistics needed for the transfer 
of goods to consumers are not established. Restoration of 
particular production activities in a particular area depends 
on the restoration of the supply chain concerned. Therefore, 
in considering the restoration of the supply chain of the 
fishing industry, it is helpful to see how the supply chain of 
distribution and manufacturing industries were damaged and 
restored after the earthquake disaster. 
 
 
2.  SUPPLY CHAIN RESTORATION OF 
DISTRIBUTION INDUSTRY 

 
Among the distribution industries, the major wholesalers 

and retailers having nation-wide logistics network resumed 
operations in almost all of their stores a month after the 
earthquake. Although the distribution centers in the stricken 
area suffered a great deal of damage, distribution centers 
outside the affected area were made to function as 
substitutes, including distribution centers in Kansai area. For 
example, although Tohoku and Kanto Centers suffered a 
great deal of damage, AEON shifted to a logistics network 
system in which goods were supplied to each store in 
Tohoku area from the Chubu and Kansai Centers 
immediately after the earthquake. Afterwards, the Kanto and 
Tohoku Centers were restored in March and April, 
respectively, and has since returned to the system existing 
before the earthquake (Figure 1). 

AEON supplied difficult-to-provide goods from a 
wide-range of areas and in some cases from overseas 
immediately after the earthquake. Even for milk, Kyushu’s 
private brand (PB) products were delivered to Kanto area 
while Hokkaido’s PB products were delivered to the Tohoku 
area.  Moreover, emergency goods like mineral water from 
France, South Korea and Canada, and toilet paper from 
China were likewise imported (Yano, 2011).  

Basically, substitution of goods exists in retailer business. 
If consumers do not find goods of a specific brand on store 
shelves during an emergency, they will buy goods of other 
brands. Even in a major retailer, it is not difficult to 
substitute goods that were produced by companies affected 
by the disaster since there are many manufacturers who wish 
to potentially start trade with the major retailer. Even before, 
the life cycle of goods has become considerably short so that 
it is a daily work for the major retailer to replace the goods 
on store shelves. For these reasons, major distribution 
companies were restored one month after the earthquake. It 
cannot be overemphasized that major distribution companies, 
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which were restored early, received benefits due to the 
reconstruction demand in Tohoku area. 

In addition, restoration was long overdue for local 
retailers that could not easily receive support from outside of 
the stricken area. It is noted that major manufacturing 
companies as well as major wholesalers outside the stricken 
area could not but give priority to the supply of commodity 
to the major retailers. Although local small retailers have 
gone out of business to form shutter streets in old 
downtowns in Tohoku area for many years, the earthquake 
disaster accelerated this movement. In order to survive, local 
small retailers are urged to secure local original products and 
independent suppliers. The local governments may help 
local distribution industry with financial support from the 
viewpoint of city planning as well. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

3.  SUPPLY CHAIN RESTORATION OF 
AUTOMOBILE INDUSTRY 

 
In the manufacturing industry, the automobile supply 

chain gathered much public attention. Tier-2 and tier-3 parts 
suppliers, which supplied automotive electronic components 
for example, suffered a great deal of damage, and the 
production of assemblers in Japan as well as in the whole 
world stopped. Although each assembler was doing 
decentralized ordering of primary parts, tier-1 parts suppliers 
were consolidating their orders in the secondary and tertiary 
stages of the supply chain. In the production of parts which 
other suppliers cannot easily provide restoration of 
concerned factories is indispensable, and each assembler 
dispatched staff aids and strove for restoration. As a result, 
production has returned to the levels before the earthquake 
disaster just after six months. 

Historically, assemblers set up major factories in Tokai 
and Kanto areas, and established the parts supply chain 
within the areas. However, after the 70s, production was 
starting to develop in Asian countries and parts required for 
production of automobiles were exported from Japan. Since 
high customs duties were imposed on imported cars, 
factories had to be established in each country even if the 
market size was small. After the 80s, in order to lessen the 

impacts of a strong yen and ease trade frictions, production 
was likewise started in advanced countries, such as the 
United States (Nemoto, 2011). 

Due to developments in the FTA/EPA, customs duties 
have been reduced for completely assembled cars as well as 
automobile parts, and integration of production bases has 
progressed. For example, in Bangkok (Thailand) and 
Guangzhou (China), concentration of assemblers and parts 
suppliers has progressed and most of parts can be supplied 
now domestically or from neighboring countries (i.e. 80 or 
90 percent of parts supplied from within Asia and North 
America).  

After the 90s, automobile factories were newly 
established in the Kyushu and Tohoku areas. This is because 
production capacity expansion of overseas factories was not 
able to catch up with an expanded world market. At the 
same time this has become the perfect opportunity to 
decentralize factories out of Tokai and Kanto areas in order 
to disperse disaster risk and also to establish new mother 
factories serving as a model in the case of overseas 
expansion. There are also support from academia and the 
government while parts supplier's concentration has also 
progressed gradually in Kyushu and Tohoku areas (rate of 
internal procurement is about 50 percent) and eventually 
suppliers have appeared to supply automobile electronic 
components to European and American assemblers.  

The supply chain was thought to be a pyramid-type 
model (Figure 2), but after the earthquake disaster it was 
found that actual situation indicates a diamond-type model 
(Figure 3). Although the number of tier-2 and tier-3 parts 
suppliers is very large, electronic components were 
produced intensively by a limited number of companies due 
to economies of scale in production. In particular, 
substitution of several parts seems difficult (several months 
will be required for production to start even if alternate 
production is possible). 

A typical example is the Renesas Electronics, which 
produces automotive electronic components. The company 
was formed through the merging of the semiconductor 
departments of Mitsubishi, Hitachi and NEC in order to 
survive intense global competition, and currently enjoys a 30 
percent global share of automotive electronic components 
which controls the car engine. Although the company’s 
Naka factory suffered a great deal of damage after the 
disaster which has significantly affected the world car 
production, assemblers and other companies concerned 
dispatched a maximum of 2,500 aid workers a day without 
pay to support restoration. As a result, the company was able 
to restore and reach pre-earthquake supply capacity several 
months ahead of the original schedule.  

As an assembler’s future measure, geographically 
dispersed sourcing from two or more parts suppliers are 
proposed. Through this, even if a certain parts supplier's 
factory suffers a great deal of damage, parts can still be 
supplied from another parts supplier. Also, for assemblers 
and parts suppliers, it is effective to educate people on the 
company’s Business Continuity Plan, which carry out 
alternate parts production from other factories in times of 

FIGURE 1  Business Recovery of the AEON Group (449 
stores) Source: AEON Materials 

(http://www.aeon.jp/information/pdf/110412R.pdf) 
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emergencies. Alternate production strategies of automotive 
electronic components may be established at production 
factories in Asia. It is important to standardize a production 
information system and institute a contract of production 
during emergency among these factories so that information 
required for production can be shared in a short period of 
time. 

The automobile industry needed six months to be 
restored, or depending on one’s viewpoint it can be thought 
to have ended in six months. For example, Toyota has 
attained the production volume in an average year within the 
fiscal year, with production increases covering the latter half 
of 2011. Although the problem of supply chain disruption 
was greatly raised immediately after the earthquake disaster, 
the influence was not so serious than we thought (especially 
when compared with the influence of the latest appreciation 
of the yen).  In this regard it would probably be necessary 
to examine the cost effectiveness of measures that further 
shorten the six-month period in the formulation of a future 
Business Continuity Plan. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
4.  SUPPLY CHAIN RESTORATION OF FISHING 
INDUSTRY 
 
4.1  Damage in the Supply Chain of Fishing Industry 

The fishing industry also suffered serious damage from 
the earthquake. Aquaculture facilities and more than 20,000 
fishing vessels were greatly damaged. The Ministry of 

Agriculture, Forestry and Fisheries has estimated the amount 
of damage at more than 1,200 billion yen (Table 1). Supply 
chain in the fishing industry was formed downstream by 
local traders, fish processing industries, wholesalers, retailers 
and local restaurants and hotels, and upstream by 
shipbuilding and repair industries and feed contractors for 
aquaculture. Among the companies constituting this supply 
chain, with the exception of wholesalers and retailers in 
consumer areas, many small and medium-sized enterprises 
are currently located around the local fishing ports suffered a 
great deal of damage.  

There are a high percentage of companies that are 
affected in the above supply chain. These companies have 
weak financial standings due to reductions in fish catch in 
recent years and have no capacity to help other companies 
within the area. There is another serious problem that 
financial support is difficult for companies confronted with 
the “Double Loan”. This is the problem encountered by the 
victims of disaster who already had loans or other debts for 
their businesses but were obliged to make new loans in order 
to resume their business. The assets which were mortgaged 
for the old loans had been destroyed or could not be used 
any longer after the disaster. Thus, support from outside is 
remarkably important.  

Moreover, the fishing industry, which maintains fishing 
ports, loading/unloading and market facilities, has been 
receiving generous official support up to now (especially 
subsidy from the central government). Fishing 
industry-related facilities accumulated over several decades 
were seriously damaged. Damage to facilities operated by 
the private sector, such as fishing vessels and aquaculture 
facilities, accounted for a little less than 30 percent of 
fishery-related amount of damage. The remaining damage 
was done to public facilities such as fishing ports and 
joint-use facilities. 

It is not easy to return these facilities to pre-earthquake 
conditions within a short period of time considering the 
severe financial situation of the local and central 
governments. The local government needs to define 
reconstruction priority immediately and improve the 
conditions by which private sectors can invest comfortably. 
For this, we appreciate the official decision that four fishing 
ports in Miyagi prefecture; namely Shiogama, Ishinomaki, 
Onagawa, and Shizugawa were prioritized from many 
fishing ports that suffered a great deal of damage in the 
prefecture. 
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Source: Takashima (2011) 
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 Number of 
damage 

Amount of damage 
(100M Yen)

Fishing vessels1 21,589 vessels 1,609
Aquaculture 

facilities2 
1,312

Fishing ports4 319 ports 8,220
Joint-use 

facilities3,4 
1,625 facilities 1,228

Total 12,379
Notes: 
1) 12,023 were damaged out of the 13,570 vessels in 

Miyagi Prefecture 
2) Includes silver salmon, scallop, oyster, sea cucumber, 

konbu, seaweed in Miyagi Prefecture  
3) Loading/unloading and market facilities, freezing and 

refrigeration facilities  
4) For joint-use facilities in the fishing industry, monetary 

aid from central and prefectural governments 
Reference: Ministry of Agriculture, Forestry and Fisheries 

(2011.8.9) 
 
4.2  Promoting Aquaculture with Private Enterprises 

Using Miyagi Prefecture as a case study, the supply 
chain restoration policy of the fishing industry is explored 
below.  

The amount of fishery production of Miyagi Prefecture 
in 2005 is 83.0 billion yen. The peak year of production was 
in 1985 with 120.0 billion yen. Out of the 83.0 billion yen 
output in 2005, deep-sea fishing comprises 30 percent, 
offshore and coastal fishing 35 percent, while aquaculture 35 
percent. The value of production has decreased rapidly due 
to tightening of fishing regulations on international deep-sea 
fishing and reduction in fish resources. Offshore and coastal 
fishing is also required to comply with strict management 
due to reduction in resources. On the other hand, the value of 
aquaculture production has followed an increasing trend 
because of achievements in fish farming techniques, 
including increased number of fish species suitable for 
aquaculture. Therefore, Miyagi Prefecture has drawn out a 
plan for the promotion of aquaculture as a future important 
business field (Miyagi Prefecture, 2009a). 

According to Miyagi’s inter-industry table, the amount 
of shipment is 60.4 billion yen while the fishery production 
of 83.0 billion yen (Figure 4). This implies that fish landed 
in Miyagi is distributed all over the country. Although efforts 
to expand local consumption should not be spared, supply 
chain formed until now rests on the assumption of 
distributing to the whole country, and it is necessary to aim 
at resurrecting the supply chain on a national scale as a 
target.  

To resurrect the supply chain, it is necessary to make a 
mechanism for cooperation with companies outside the 
disaster area. For example, scallops, oysters, sea cucumbers, 
wakame seaweeds, silver salmons, etc. are bred in the 
prefecture. Although a fixed brand is already established, it 
is necessary to introduce fish stocks with high marketability 
and to develop processed marine products. It is possible to 

begin aquaculture with high productivity with an 
incorporated company, by receiving support from major 
distribution, trading, e-commerce and door-to-door delivery 
companies, etc.  

In this sense, there is great expectation for special 
private-led investment areas for fishing revival, which 
Miyagi Prefecture advocates. If competition among 
fishermen cooperatives and private companies are promoted, 
structural improvements in fishing may be pursued by 
consolidating fishing ports, introducing private investments 
and opening fishing rights. Although fishing rights is given 
free at this time, it is possible that the government requires 
bidding, and charges usage fees to those who have fixed 
qualifications in the future (Hatta, 2010). For fishing industry, 
it might be better to get investors who can manage resources 
well and can perform high productivity fishing. Newly 
established firms have to change fishing into an appealing 
industry. 
 
4.3  Promoting Accumulation of Fish Processing 
Industry 

Fish processing industry was being located in Miyagi 
Prefecture at Kesennuma, Ishinomaki and Shiogama. The 
industry types are frozen processed foods (91.1 billion yen in 
2007), fish pastes (48.1 billion yen), frozen marine products 
(31.8 billion yen), and other processed foods; e.g., 
salt-preserved dried foods (120.6 billion yen). Among these, 
frozen processed foods include battered fish ready for fry 
and sliced raw fish that use locally-produced mackerel, shark, 
and imported codfish and flounder. The sasa- and 
age-kamaboko, which are national brands, are contained in 
the classification of fish pastes. Moreover, frozen marine 
products which required minimal processing includes saury, 
bonito, and mackerel. 

As shown in the inter-industry table, fish processing 
industry procures 99.2 billion yen of raw materials from the 
fishing industry of Miyagi Prefecture haing a value of 
production of 83.0 billion yen. An import of 95.9 billion yen 
from outside the area is compensating for the insufficiencies. 
Incidentally, concerning fish pastes, after the decline in fish 
catch in the North Sea, fish are supplied from the United 
States and Southeast Asia.  

The concentration of companies in the Miyagi 
Prefecture as a fish processing base induces an advantage, 
and it can also be said that the concentration encouraged 
developments. Especially important is the interaction on the 
increased sale in market landings due to the concentration of 
fish processing companies, and on new location of 
companies because of the increased sale (Miyagi Prefecture, 
2009b). 

However, landings were reduced due to limitations in 
fishery resources in recent years. Furthermore, as 
experienced by the recent disaster, the earthquake damaged a 
lot of fish processing companies. At present, there is 
apprehension on whether each company would reconstruct 
their factories within the prefecture, especially now that the 
concentration of companies has been lost. In particular, there 
is no reason for companies, which import raw materials and 

Table 1  Damage in Fishing Industry 
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ship products outside the area to rebuild within the 
prefecture.  

Miyagi Prefectural Government has aimed at 
resurrecting the supply chain on the basis of reviving 
concentration of fishing industry in Kesennuma, Ishinomaki 
and Shiogama. For that purpose, it is necessary to emphasize 
anew the advantages of locating in Miyagi Prefecture. For 
example, brand values of materials can be redefined by 
using locally produced fish stocks and aquaculture products 
and newly developed processing technologies, etc. If brand 
value increases, support of major distribution companies 
which have marketing know-how can be expected. For 
Miyagi Prefecture, without the restoration of fish processing 
companies, the reconstruction of the fishery supply chain 
will not be possible. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
5.  CONCLUSION 
 

From an investigation of the distribution and 
automobile industries, it was clarified that support from 
outside the disaster area is important for the restoration of 
supply chain. The reason why firms outside the disaster area 
give support is because it is advantageous or indispensable 
to its production activity to restore the supply chain. 
Manufacturers who want to start dealing with major 
distribution companies will absolutely cooperate in the 
restoration of the logistics network. Similarly, since the 
whole supply chain will stop if specific parts are not 
supplied, all companies constituting the automobile supply 
chain will have to unite and be in charge of restoration. 

Due to limitation of fishery resources, the value of 
production has been decreasing which has weakened the 
fishing supply chain. Moreover, production facilities such as 

fishing ports have been improved using subsidies from the 
governments. Therefore, when fishing vessels and other 
production facilities are lost at once due to an earthquake 
disaster, self-reliance restoration is difficult. Probably, it will 
be necessary for the governments and the private sector to 
concentrate investment on a promising area and industry 
type (e.g., expectations for aquaculture’s high earning 
capacity). Major distribution firms’ support, introduction of 
fish stocks which meets consumers' needs, development of 
processed marine products, among others, will lead to the 
supply chain restoration of the fishing industry. 
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Abstract:  This study considers the regional characteristics of the Tohoku region and the extent of the damage caused by 
the Great East Japan Earthquake and makes proposals for recovery and reconstruction of the areas affected by this 
disaster as well as for a reduction of the impact of natural disasters that may occur in the future with GIS (Geographic 
Information Systems), which focus on handling unique information such as geographical information including longitude 
and latitude, as a social infrastructure positioned at the heart of the information infrastructure. Due to the fact that social 
media that used ICT (Information and Communication Technology) was useful in the days directly after the disaster, it 
can be said that it is necessary to investigate the provision of an information infrastructure that uses ICT to prevent or 
reduce the impact of disasters. Therefore, this study proposes the construction of a geographical information database 
using GIS and the provision and sharing of information using social media GIS after discussion of the relationship 
between GIS and the development of the computerization of Japan as a valid example of using information systems for 
recovery and reconstruction after the Great East Japan Earthquake. 
 

 
1.  INTRODUCTION 
 

On the 11th March, 2011, a great earthquake of 
magnitude 9.0 occurred in the Tohoku region of Japan. 
There was widespread damage not only due to the 
earthquake but also to a giant tsunami and many lives were 
lost. In addition, the Fukushima Daiichi Nuclear Power 
Station was also damaged and people all over the world 
became concerned about the effects of radioactive 
contamination. In this way, Japan was struck by the triple 
disaster of a great earthquake, a giant tsunami and an 
accident at a nuclear power plant all at the same time. Since 
the Great Hanshin Earthquake (January, 1995), there has 
been remarkable development in the computerization of 
Japan but although ICT (Information and Communication 
Technology) played an important role in the days directly 
after the Tohoku earthquake, it had diverse as well as major 
effects such as the spread of financial damage caused by 
misinformation both inside and outside the disaster zone.  

Consequently, due to the fact that social media that used 
ICT was useful in the days directly after the disaster, it can 
be said that it is necessary to investigate the provision of an 
information infrastructure that uses ICT to prevent or reduce 
the impact of disasters as well as for the revitalization of the 
whole area struck by the disaster. I conducted a field survey 
from May to December, 2011 and visited the Pacific coast of 
Japan which is designated as a disaster zone from Aomori 
Prefecture to Ibaragi and Chiba Prefectures to see the extent 
of the damage for myself. Taking this kind of experience, the 
regional characteristics of the Tohoku region and the extent 
of the damage caused by the Great East Japan Earthquake 

into consideration, this study aims to make proposals for the 
recovery and reconstruction of the areas affected by this 
disaster as well as for a reduction of the impact of natural 
disasters that may occur in the future with GIS (Geographic 
Information Systems), which focus on handling unique 
information such as geographical information including 
longitude and latitude, as a social infrastructure positioned at 
the heart of the information infrastructure. 
 
 
2.  THE DEVELOPMENT OF 

COMPUTERIZATION AND GIS 
 

2.1  The Development of Computerization in Japan 
In Japan, the Basic Law on the Formation of an 

Advanced Information and Telecommunications Network 
Society (Basic IT Law) was put into effect in the year 2000 
and the e-Japan Strategy which began in the same year 
proposed ideas, strategies and policies with the aim of 
implementing a Japanese-style IT society. The aim of the 
2006 u-Japan policy was to implement a society in which 
anyone could link up any device to a network anywhere at 
any time by 2010. In 2010, i-Japan Strategy 2015, which 
proclaimed the implementation of a digitally safe and 
dynamic society, was proposed. Further, there is a current 
transition from the ubiquitous network society that was 
aimed for in u-Japan policy to a cloud computing society 
that makes it possible to access the internet with diverse 
information tools. The result should be the manifestation of a 
society in which anyone can access the internet if they are in 
possession of any kind of device as long as there is an 
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environment in which it is possible to access the internet at 
any time in any place.  

The above information shows the remarkable 
development of computerization since the Great Hanshin 
Earthquake and the information environment that surrounds 
us is changing radically. At the time when the Great Hanshin 
Earthquake occurred, the use of the internet via PC and the 
popularity of mobile phones among the general public were 
just beginning. Conversely, the current information 
environment is complex and as it is possible to access the 
internet with PCs as well as mobile phones (including smart 
phones), it has become possible for anyone to transmit 
information easily. Further, through social media such as 
Blogs, Twitter, You Tube and Facebook, it is possible to 
transmit information not only with words but with complex 
formats combining still and moving images. 

This series of social media is used on an everyday basis 
mostly by the younger generation in recent years in Japan 
and such media are in the process of permeating into the 
everyday lives of the general public. However, in advanced 
information-oriented societies such as Japan, at the same 
time as playing a very useful role, social media has an 
unknown side and may have had both large-scale positive 
and negative effects on the Great East Japan Earthquake (I 
will expand on this later on). 

2.2  The Function and Roles of GIS 
As shown in Figure 1, GIS has 4 major functions: a 

database creation function, an information analysis function, 
an information sharing/provision function and a decision 
making support function. These functions are used to link 
the real world to the virtual world and it can be said that GIS 
is an information system that has a close relationship with 
people and society. GIS that has such superior and unique 
functions may become, even in diverse information systems, 
the basis for an information infrastructure that plays an 
important role in recovery and reconstruction and disaster 
prevention and reduction measures in future disaster zones. 
In the following sections I make 2 proposals for disaster 
prevention and reduction measures and recovery and 
reconstruction that will be possible with the use of an ad hoc 
combination of the 4 GIS functions mentioned above.  
 
 
3.  LOCAL INFORMATION DATABASE 

CONSTRUCTION WITH GIS 
 

3.1  The Necessity of constructing Databases with GIS 
There are areas within the disaster zone where 

depopulation and ageing is advancing more rapidly than the 
national average and as there are also areas that have had a 
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Figure 1  The relationship between society and the various GIS functions 
Note) References from Yamamoto (2009) 
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remarkable outward flow of population since the great 
earthquake, it is necessary to fully consider population 
structure and distribution as well as industry structure in 
reconstruction plans. For this purpose, it is essential to first 
construct GIS databases with basic local information about 
natural conditions such as the extent of damage, degree of 
danger for communities, geographical features and both new 
and old uses of land, and about the local economy and 
society such as industry and population. 

In addition to the above, by making special and 
experiential knowledge about the community held by 
specialists in diverse fields, the administration and the 
general public into visible information using digital maps, it 
would be beneficial to construct GIS databases of local 
knowledge that can be shared as explicit rather than tacit 
knowledge. Further, these may be essential to conduct 
recovery and reconstruction for the disaster zones in the 
Great East Japan Earthquake and to reduce damage in 
disasters that may occur in the future in combination with a 
GIS database of basic local information, positioning local 
information databases at the centre of the information 
infrastructure. 

The disaster zone has a history of damage from a 
number of tsunamis in the past and local knowledge of 
natural disasters has been communicated to the present day 
as explicit knowledge in the format of historical records, 
tradition and folklore as well as stone monuments. Particular 
examples of these are shown in photograph 1 with the 
monument of the expected height of future tsunamis from 
the Empo Earthquake (1677) that was built on the coast in 
Choshi City in Chiba Prefecture, photograph 2 with the 
Namiwake Shrine in Wakabayashi Ward in Sendai City and 
photograph 3 with the stone monument stating ‘do not build 
houses below this point’ in Miyako City in Iwate Prefecture.  

In particular, the name of Namiwake Shrine in 
photograph 2 comes from the fact that the tsunami caused by 
the Jogan Earthquake (869) split into two at the point where 
the shrine stands and, despite that fact that it is located 
approximately 5.5km as the crow flies from the coast, it 
appears that the giant tsunami of the Great East Japan 
Earthquake also reached this point. Consequently, this shrine 
was built in order to pass on the story of the damage caused 
by the great earthquake and giant tsunami to future 
generations and, in the end, it has been proven to be an 
appropriate message by the Great East Japan Earthquake.  

In addition, the text that is carved into the stone 
monument in photograph 3 tells us that the settlement was 
wiped out in this place when a giant tsunami hit at the times 
of the Meiji Sanriku Earthquake (1896) and the Showa 
Sanriku Earthquake (1933), and it is famous as a warning 
message from the past generations to their future 
descendants. Further, this kind of stone monument has been 
built in many locations on the Sanriku coast as a reminder of 
the tragedy and damage caused by giant tsunamis in this area 
up to the present day. How to use this kind of local 
knowledge as explicit knowledge in response to disasters 
that may occur in the future is not only an important issue 
for people who are currently alive but also for future 

 
Photograph 1  The expected height of future tsunamis from 

the Empo Earthquake, Choshi City in Chiba Prefecture 
(June, 2011) 

 

 

Photograph 2  Namiwake Shrine in Wakabayashi Ward in 
Sendai City, Miyagi Prefecture (October, 2011) 

 

 

Photograph 3  Stone monument stating ‘do not build 
houses below this point’ in Miyako City, Iwate Prefecture 

(September, 2011) 
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generations. 
Consequently, first of all, a database containing basic 

local information such as natural conditions, local economy 
and society needs to be constructed. Combining local 
knowledge that exists as tacit knowledge in information that 
citizens possess, records of past tsunami and the damage 
caused and databases of local knowledge that has been 
accumulated by past generations may be required to reduce 
damage in disasters that are expected to happen in the future 
through widely sharing information as a local information 
database. The Great East Japan Earthquake disaster zone is 
not only spread over a wide area but as there are also large 
regional differences in extent of damage, it is important to 
construct a detailed local information database using GIS 
and to decide on a regional revitalization plan based on this 
and execute this with the participation of diverse bodies 
connected to the area. Further, I would like to propose that 
local information databases as mentioned above should be 
constructed not only for disaster zones but for all areas 
nationwide. This kind of database is composed with a base 
of disaster prevention and reduction measures and can play 
the role of the foundations of information in the recovery 
and reconstruction stages after a disaster. It can also be 
expected to be used for diverse purposes in normal times, 
too. 
 
3.2  Using Local Information Databases 

The disaster zone comprises small scale farming, 
mountain and fishing villages that are widely distributed in 
addition to large cities such as Sendai City and this region 
already had many inherent local economic and social issues 
before the earthquake struck such as the decline of many 
different industries and medical care issues in addition to 
depopulation and ageing. For that reason, along with local 
revitalization in areas with large regional differences, it is 
necessary to also simultaneously respond to pre-existing 
local economic and social issues. Moreover, land subsidence 
occurred mostly in areas near the coast and in settlements 
that sustained catastrophic damage in the giant tsunami, it 
has become essential to review relocation in terms of 
settlements, families and individuals to high ground or other 
areas. With the local information database proposed above 
as a base, it may be possible to propose land and space usage 
plans with the purpose of creating areas that are strong in 
resistance to disasters.  

At the same time, it may be possible to review the 
introduction of new ways of thinking such as compact or 
low carbon cities into local revitalization plans in order to 
simultaneously create areas that co-exist well with the 
environment. Further, it can be said that the greatest 
attraction of the Sanriku coast is the beautiful scenery that is 
dotted with agricultural and fishing settlements in every 
nook and cranny of the deeply indented coastline. For that 
reason, in the general concept of the environment, the 
landscape is adopted as an indicator showing the 
idiosyncrasies of the area and, while preserving the beautiful 
scenery, it can be said that it is essential to conduct land and 
space use in a manner that co-exists with the environment 

and that has strong resistance to disasters. 
In addition, the general public in areas outside of the 

Tohoku region is also double-checking hazard maps that are 
published by the administration. Further, there was not only 
liquefaction in reclaimed land in coastal areas but also inland 
and it seems that this liquefaction occurred in reclaimed land 
in water areas such as rivers and marshlands. For this reason, 
ancient maps were consulted and the former use of the land 
was investigated. Through such spontaneous initiatives, 
local vulnerabilities are discovered and conditions that can 
be expected at the time of a disaster are understood along 
with a thorough everyday knowledge of evacuation shelters 
and routes, conducting evacuation simulations individually 
or as families can be considered to be important as measures 
to reduce the impact of disasters. Therefore, not only hazard 
maps but also old maps are required in local information 
databases, and through suitable reference to this kind of local 
information database by the general public, the recognition 
of disaster risks that can affect one personally will become 
the basis to conduct risk communication between diverse 
bodies within the community.  
 
 
4.  INFORMATION PROVISION AND SHARING  

WITH SOCIAL MEDIA GIS 
 
4.1  Proposal for Social Media GIS 

Secondly, as an information infrastructure that can be 
used as a communications tool, I can propose Web-GIS，a 
social media GIS structure born of the use of digital maps 
and social media. In Japan in recent years, the development 
of computerization has been remarkable and directly after 
the occurrence of the Great East Japan Earthquake, in 
addition to ICT which was used conventionally, through the 
wide use of methods to transmit and gather information with 
social media, their validity in times of disaster was 
recognized. The mayor of Minami Soma City in Fukushima 
Prefecture, Katsunobu Sakurai, used YouTube to ask the 
world for support, subtitling his video in English and at the 
same time as shocking the world with the extent of the 
serious situation in the disaster zone and the influence of 
social media and the widespread diffusion of information 
was recognized.  

Further, ESRI Japan1）published social media maps for 
the disaster zone immediately after the major earthquake in 
New Zealand and the Great East Japan Earthquake and it 
can be said that these were used as collective intelligence 
information that it is possible to update in real time based on 
digital maps. From the above, social media maps using these 
kinds of Web-GIS in areas outside of disaster zones can be 
created. Furthermore, it is necessary to maintain these so that 
they can be used in normal times for general hobbies and 
pleasure as well as for transmitting and gathering diverse 
information during disasters such as checking people’s 
safety, disaster information and evacuation information.  

For this reason, it is indispensable to consider the future 
development of computerization as well as to develop 
information systems that can be used by the general public 
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in emergencies such as during the occurrence of natural 
disasters. One test of this is social media GIS as a base for a 
local knowledge GIS database as proposed in the previous 
section. For example, hazard maps have been created and 
made public by many local authorities, but by creating social 
media GIS/hazard maps that concentrate collective 
intelligence with respect to hazards that include local 
information from the general public in addition to 
information that is made public by the administration or 
specialists, it may be possible to greatly enhance disaster 
prevention and reduce impact on communities. Through 
such initiatives as these, I can expect to conduct effective 
risk communication between diverse bodies in the 
community through systems that make tangible the visibility 
of the characteristics of the area with digital maps. 

In these kinds of situations, it is possible to investigate 
open source GIS for those with restricted budgets. The open 
source desktop tool GIS Grass that was originally designed 
at the U.S. Army Construction Engineering Research 
Laboratories and Mapserver that was developed at 
Minnesota University in the U.S. are well known. These 
open source GIS are generally known as FOSS4G (Free 
Open Source Software for Geospatial) and the international 
non-profit foundation OSGeo supports the user community. 
This organization also has a branch in Japan and it conducts 
support for the Great East Japan Earthquake2）.  

My laboratory participated in the “Denshi Kokudo” 
Web System Project conducted by the Geographical Survey 
Institute at the Ministry of Land, Infrastructure, Transport 
and Tourism to develop an outdoor education program in 
school education and a website for it. With the cooperation 
of elementary and junior high schools in Musashino City, 
Tokyo, I and my staff have actual experience of running this 
program3）. At that time, considering the possibility of 
actually introducing this program into elementary and junior 
high school curricula, we used the Japanese-developed open 
source GIS Kashmir 3D4） and MANDARA5）. Experiments 
considering this kind of cost performance first of all may be 
important in order to enhance the possible introduction and 
implementation of GIS in communities.  

In disaster zone support for the Great East Japan 
Earthquake, essential relief supplies and human resources 
such as medical personnel, volunteers, NPOs and diverse 
technical experts did not reach the areas that required them 
in an organised manner and there were some cases in which 
the demands of the victims and those who were there to 
support them were not met by supply. In such cases, 
information exchange inside and outside the affected areas 
would be more smooth with social media GIS that can link 
the affected areas with communities outside those areas and 
the sending of relief supplies and dispatch of human 
resources would have been carried out more appropriately. 
A concrete example of this is the sinsai.info6) website 
created and operated by a volunteer staff which uses 
Ushahidi, an open source software. Diverse information 
such as damaged areas, evacuation shelters, shops, facilities 
and employment sent by the general public through Twitter 
or e-mail is arranged on this website and is displayed in an 

easy-to-understand manner. It can be said that this method of 
using GIS as a communications tool will be important in the 
future in various fields.  
 
4.2  Operation of Social Media GIS 

It is preferable that social media GIS as proposed above 
are operated voluntarily by the local community and that 
active users are local people. It is essential to customize 
these sites taking usability into account so that system 
management can be performed even by those who are not 
system specialists and it is possible that community business 
opportunities could be born out of this. In addition, people 
who are familiar with information transmission and 
reception using some kind of information tool in normal 
times may be able to use them appropriately at the time of a 
disaster. By linking people within the community with each 
other as well as those on the outside with these kinds of 
information tools in times of disaster may reduce feelings of 
isolation and make it possible to feel safe even when feelings 
of tension continue. It has been said that, at the time of the 
Great Hanshin Earthquake, there were more than a few 
deaths from isolation in temporary housing, mostly among 
the elderly. Of course, face-to-face relationships between 
people are preferable but relationships between people who 
have met through the internet in this way can be considered 
to be, even in some small way, a substitution for the role of 
face-to-face relationships.  

In the days directly after a disaster, the disaster zone and 
its vicinity is divided by traffic networks such as rail and 
road and it may be very difficult to check the safety of 
people in person. For that reason, checking people’s safety 
through the medium of the internet may give people a great 
sense of relief. Further, as the phases of the aftermath of an 
earthquake progress, it is essential to share, manage and 
update diverse supply and demand information in bundles so 
that it is possible to send the necessary supplies and 
personnel to the area that requires them.  

As the disaster zone in the Tohoku region is so wide, it 
has been difficult to obtain information about the extent of 
damage and to have an overall grasp of what kind of relief 
supplies and human resources are required where. Further, as 
western and southern Japan are far away from the disaster 
zone, it is perhaps a reality that NPOs and volunteers cannot 
easily participate in recovery and reconstruction support 
activities. It has been pointed out that many NPOs and 
volunteers rushed to the scene from all over the country to 
conduct recovery and reconstruction activities and support at 
the time of the Great Hanshin Earthquake. The importance 
of the spontaneous activities of such people and their social 
necessity was widely recognized and there were also results 
such as the enforcement of the Law concerning the 
Promotion of Specific Non-profit Organization Activities 
(the NPO Law) in 1998. Further, as there was little damage 
in the surrounding large cities such as Osaka and Kyoto, it 
has been said that it was possible to conduct support 
activities with these cities as a base. Taking heed of the 
above, digital maps of a number of areas based on 
information sharing and exchange concerning objects and 
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people may be beneficial.  
 
4.3  Information Ethics and Literacy 

There are already many different types and formats of 
social media and as propagation power is higher in 
comparison with traditional mass media such as TV, radio 
and newspapers, their influence in society is increasing more 
and more. In this way, the online public sphere was formed 
and all kinds of people became able to freely transmit their 
diverse opinions and, along with accepting the advantages of 
being able to come into contact with a great variety of 
opinions, there is now a need to cultivate the ability to be 
able to scrutinize information. As a darker side of social 
media, I can point out that, due to financial damage caused 
by misinformation which is mainly caused by false rumours 
and chain mail that spreads with speed and on a scale that 
exceeds expectations through ICT, there was a huge negative 
impact on all kinds of industries in Japan, not only on 
agriculture and the fishing industry. In particular, in the 
disaster zone and the surrounding area, there is real and great 
damage that is not a direct effect of the triple disaster of the 
great earthquake, the giant tsunami and the accident at the 
nuclear power station.  

For this reason, along with consistency and respect of 
information ethics by those who transmit information, as 
information transmission using social media becomes 
information transmitted with detailed location information 
such as longitude and latitude through using digital maps on 
social media GIS, it is necessary to make sure to transmit it 
with care. Further, it may be fairly difficult for people who 
receive information at times of emergency in disasters, but 
they have to acquire the information literacy that makes it 
possible to calmly scrutinize information. In computerization 
education in schools, these points can also be expected not 
only to use information tools but also to consistently 
incorporate information ethics and literacy.  

The dark side of information such as groundless 
rumours about disasters could be spread in good faith or 
with malice, through mischief, misunderstanding or 
prejudice or because of a simple mistake, but it is difficult to 
appropriately distinguish authenticity in a great variety of 
information. In the immediate aftermath of a disaster, it is 
the situation that many people both in the disaster zone and 
outside it are shocked and even the most stout-hearted 
person may not have the capacity to be able to think calmly 
and make judgments about the validity and authenticity of 
information. In particular, as the number of characters on 
Twitter is limited, there are cases in which there is a lack of 
explanation or words and even in normal times, 
misunderstandings between recipients of information occur 
easily. Precisely because there are these kinds of problems, it 
is essential for those who transmit information to respect 
information ethics and to pay close attention to what is 
transmitted. As it is possible to send and receive information 
using an information device with just a touch of the send 
button, there has been focus on netiquette at the time of 
transmitting information since the beginning of use of e-mail. 
These basic guidelines for using the internet need to be 

recognized anew in modern societies such as Japan where 
the online public sphere is taking form.  

Further, in addition to people with disabilities or elderly 
people, as non-Japanese people who do not have a good 
command of the Japanese language are more likely to be 
vulnerable in a disaster, well-considered and suitable 
information transmission should be conducted and it is 
expected that evacuation action support will be conducted. 
 
 
5.  CONCLUSIONS 
 

This study had the aim of making proposals for a 
reduction in the impact of disasters that may occur in the 
future and for recovery and reconstruction in the Great East 
Japan Earthquake disaster zone with GIS as social 
infrastructure positioned at the centre of an information 
infrastructure. Specifically, after discussion of the 
relationship between GIS and the development of the 
computerization of Japan, this study proposed the 
construction of local information databases using GIS and 
information provision and sharing with social media GIS as 
a valid example of using information systems for recovery 
and reconstruction after the Great East Japan Earthquake.  

In addition, I referred to literature related to various 
international cases such as Finland which is a country with 
an advanced computerization policy while compiling this 
study. In Miettinen (2010) and Ilkka (2008), Finnish 
scientists introduce social innovation including the 
computerization of their own country and analyze in detail 
the causes of success and failure. The reasons behind 
Finland becoming an advanced ICT state include the NIS 
(National Innovation System) which is an initiative based on 
state level concepts and the decisive action of a number of 
social innovations that was taken.  

Reconstruction in the aftermath of the Great East Japan 
Earthquake is also an opportunity for Japan to implement 
social innovation as an opening in fields in which future 
development can be expected such as information systems, 
not only in the disaster zone but on a national scale. Since 
the Great East Japan Earthquake, the values of the Japanese 
people have been changing gradually and we are in a 
situation where it is possible to investigate changes in 
lifestyle in order to reduce energy consumption levels. I 
believe that this is a good chance to progress with social 
innovation. 
 
 
Notes: 
1)In addition, in the same way ESRI Japan supports map making 

activities as a member of the Tohoku Region Pacific Offshore 
Earthquake EMT (Emergency Mapping Team) formed by 
research institutions and private businesses in order to support 
emergency response and reconstruction support activities. This is 
the Great East Japan Earthquake social media map website: 
http://175.41.145.246/tohoku_taiheiyooki/index.html 

2)OSGeo Foundation, Japan branch 
http://www.osgeo.jp 

3)Outdoor education program 
http://www.ohta.is.uec.ac.jp/yamamoto/gis 
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See Hosoya, N. and Yamamoto, K. (2011a, 2011b) in the 
references for details of the proposal and operation of the outdoor 
education program.  

4)Kashmir 3D 
http://www.kashmir3d.com/ 

5)MANDARA 
http://ktgis.net/mandara/ 

6)sinsai.info Great East Japan Earthquake / Reconstruction Support 
Platform created by Everyone 
http://www.sinsai.info/ 
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Abstract:  Okuyama (2010) found that the long-run effects of the Kobe Earthquake, occurred in 1995, appear to be 
significant, lasting for several years in an increasing manner, based on the time-series analysis of regional economic data, 
such as GRP.  It also suggested that a large part of the economic effects be resulted from structural changes of the Kobe 
economy caused by the damages of and reconstruction activities after the earthquake.  In order to investigate the 
long-run effects further, this paper aims to analyze the extent and structure of the disaster effects, based on the 
input-output framework.  The structural changes are measured based on time-series of Kobe regional input-output tables 
for regional structural change. 

 
 
1.  INTRODUCTION 
 

Since the pioneering work by Dacy and Kunreuther 
(1969), a generalized framework for the economic analysis 
of natural disasters had been proposed (for example, Sorkin, 
1982; and Albala-Bertrand, 1993).  While significant 
progress has been made in recent years for the economic 
analysis of natural disasters, especially in the field of 
economic modeling for disaster impact (for example, 
Okuyama and Chang, 2004; and an excellent compilation of 
related papers by Kunreuther and Rose, 2004), the recent 
advancements have been more toward short-run impact 
analysis with the strategies for modeling extensions and 
modifications to fit them to disaster situations rather than 
toward evaluation of long-run effect of such events.  This 
tendency is due to improved data availability of disaster 
damages and losses and to increased multidisciplinary 
research activities about disasters, including sociology, 
economics, and psychology for more detailed analysis and 
simulation of the impacts.  At the same time, the 
uniquenesses of each natural hazard and of the distribution 
of its damages and losses present enormous challenges in 
economic analysis of disaster impact and effect.  In 
particular, while some research suggests that impact from a 
catastrophic natural hazard may spill over not only to the 
surrounding regions but also to the distant regions via 
tightened interdependency of economic activities (for 
example, Okuyama et al., 1999), some other researchers 
claimed that the the impact of even a large disaster ends up 
“insignificant total impacts” (Albala-Bertrand, 1993). 

These arguments should have entertained empirical 
ex-post investigation of disaster impact and effect; however, 
few studies have engaged such attempt.  Most of those 

ex-post studies estimated, not measured, the impacts of a 
particular disaster based on the available damage data and 
some economic models, like input-output models and so on.  
It appears considerably entangled to extract disaster impact 
and effect from empirically available macroeconomic data, 
because in usual macroeconomic indicators, such as gross 
domestic products (GDPs) or gross regional products 
(GRPs), economic impacts of a particular disaster may be 
potentially hidden within macroeconomic fluctuations and 
may be more likely cancelled out between negative impacts 
from damages and positive impacts of recovery and 
reconstruction activities, and also partly because the disaster 
statistics are not standardized even among developed 
countries and are even “somewhat crude measures,” 
(Skidmore and Toya, 2002).  Of all these difficulties, 
empirical measurement of disaster impacts is crucial to 
understand how a disaster affect economies and to improve 
the accuracy of impact estimates derived based on economic 
model. 

In this paper, the economic effects of the Great 
Hanshin-Awaji Earthquake (also known as the Kobe 
Earthquake) occurred in 1995 are investigated empirically 
using a time-series of input-output tables and structural 
analysis methods.  Next section briefly summarized the 
previous studies and findings related to economic impact 
and effect of natural disasters.  Section 3 presents the data 
for the case study and the methodology for structural 
analysis.  The results of analysis are illustrated and 
discussed in Section 4.  Section 5 concludes this paper with 
the discussion of findings and some remarks.  
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2.  ECONOMIC IMPACTS OF NATURAL 
DISASTERS 
 

The economic impact and effect of natural disasters 
have been studies in various contexts and with a range of 
time durations.  Ex-ante analysis of a hypothetical or 
potential hazard occurrence is often carried out for the 
decision-making of preparedness and mitigation strategies; 
and ex-post analysis of actual hazards and disasters is 
usually carried out to investigate how the event affected the 
economy and to examine to what extent the relief efforts by 
various levels of public sector and by other institutions are 
needed.  Economic analysis of natural disasters can be also 
divided into two categories: analyses of short-run impact and 
of long-run effect.  Short-run impact analysis of disaster 
intends to estimate the total (flow) impacts of a hazard, 
defined above, for the duration of a few years, and usually 
employs input-output model, social accounting matrix, or 
computable general equilibrium model of a particular region, 
regions, or nation.  By its nature, short-run impact analysis 
estimates only flow changes and can distinguish between the 
negative impacts from losses and the positive impacts of 
recovery and reconstruction activities, which serve as intense 
demand injections to the region.  Several short-run analyses 
of disasters were compiled in Okuyama and Chang (2004) 
and the methodologies are summarized in Okuyama (2007).  
On the other hand, long-run analysis of disaster effects aims 
to measure the effects of damages on stock, which may 
affect the long-run growth path of the damaged region, 
resulted from the changes in level of physical and human 
capital accumulation and technology replacement (Okuyama, 
2003).  The long-run analysis of disasters usually employs 
econometric models with time series data; and because of 
this, they cannot distinguish between negative and positive 
impacts of a disaster and can only derive net effects.  
Comparing to short-run impact analysis, long-run analyses 
of natural disasters have been limited, due mainly to the 
uniqueness of each disaster and also to the difference in 
details and extent of damage data gathered over time.  
Notable examples in the line of study using cross-country 
data to analyze the tendency between various indices of 
economic growth and disaster occurrences include Skidmore 
and Toya (2002), Rasmussen (2004), Cuaresma et al. (2008), 
and Cavallo et al. (2010).  Interestingly, some of these 
studies provide conflicting or inconclusive results in terms of 
the relationship between economic growth and disasters.  
In particular, Cavallo et al. (2010) found that natural 
disasters, even focusing only on the largest events, do not 
have any significant effect on subsequent economic growth.  
Empirical evaluation of a particular disaster’s long-run effect 
has been also limited and include Odell and Weidenmier 
(2002) for the 1906 San Francisco Earthquake, Hornbeck 
(2009) for the 1930’s American Dust Bowl, and Baade et al. 
(2007) for the 1992 LA Riot and 1992 Hurricane Andrew 
among others.  Contrary to Cavallo et al. (2010) using 
country as the unit of analysis, these event specific studies 
found that a disaster brings some long-run effect, especially 
to some specific part of economy, such as regional economy 

(Hornbeck and Baade et al), financial sector (Odell and 
Weidenmier).  The contrast of the results between 
cross-country studies and regional and event specific studies 
supports the Albala-Bertrand’s (2007) claim that a disaster 
causes localized damages and losses on capital and activities 
but may not affect negatively (or positively) the 
macro-economy, such as national economy, in both 
short-term and longer-term.  At the same time, this claim 
implies that localized damages and losses may cause 
localized economic impacts, which may be significant to the 
local economy hit by the disaster.  This paper investigates 
that how the Kobe earthquake affected the local economy 
structurally in the long-run, and whether or not the event 
follows the above studies’ conclusion. 
 
 
3.  DATA AND METHOD 
 
3.1  Recap of the Kobe Earthquake 

On January 17, 1995, the worst disaster in the postwar 
Japan struck the second largest region of Japan—the Kinki 
region.  The City of Kobe and surrounding municipalities 
experienced massive destruction of houses, buildings, roads, 
rails, and infrastructure.  The magnitude of this event can 
be shown with the following facts: according to the Hyogo 
Prefecture Government (2010), the number of casualties was 
6,434; the number of injuries was 43,792; the number of 
evacuees was 316,678 (at its peak); and the number of 
damaged houses was about 640,000.  The direct damages 
from this Kobe Earthquake were estimated at about 10 
trillion yen (US$ 100 billion, as $1=100 yen), equivalent to 
about 2.1% of Japan’s GDP and 11% of Kinki’s GRP 
(Gross Regional Product) at that time.  These direct 
damages were concentrated in the destruction of buildings 
(including houses and production facilities), transportation 
facilities, and utilities.  Although the damaged area was 
geographically only 4% of Kinki, it included 15% of the 
Kinki's population.  The damages to capital stocks were 
estimated about 0.8% of Japan's total (Okuyama et al., 
1999). 

 
3.2  Data: Kobe Regional Input-output Tables 

In Japan, designated large cities with the population 
greater than 700 thousand, including the City of Kobe, have 
compiled city’s input-output tables every five years.  In this 
study, the Kobe’s city input-output tables for 1985, 1990, 
2000, and 2005 are employed.  Since the Kobe Earthquake 
occurred in 1995, that year’s city input-output table was not 
constructed due to difficulties in data collection.  The lack 
of 1995 table may create some difficulties in analysis, and 
they will be discussed in the analysis section below. 

Sector classification of each year’s Kobe input-output 
table is slightly different, as the Japanese national tables’ 
sector classification had changed over these years.  The 
number of sectors had changed from 31 for 1985 to 34 for 
2005.  In order to make a consistent sector classification 
over the years but not to aggregate to much for losing the 
details, the sectors are rearranged to become 28 sectors as 
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shown in table A-1 in Appendix. 
In addition, these tables are in current price; thus, they 

need to be in a constant (real) price.  Since the Ministry of 
Internal Affairs and Communications of the Japanese 
government published the constant price national tables for 
1985-90-95 (in 1995 price) and 1995-00-05 (in 2005 price), 
the Kobe tables above are transformed to have the constant 
price (2005 price) based on the sectoral inflators calculated 
from these two constant price national tables. 

 
3.3  Structural Decomposition Method 

A well-summarized description of structural 
decomposition methods can be found in Miller and Blair 
(2009).  In this subsection, the method of decomposition 
employed in this paper is presented.  The key feature of this 
decomposition is to identify the factors of regional structural 
change, potentially resulted from the Kobe earthquake, 
distinguishing the regional specific changes from the 
macroeconomic trends. 

Kobe regional input-output tables are constructed as a 
competitive import form in the following manner: 

 x = Ax + f + e -m    (1) 
where x is a vector of total outputs; A is a matrix of input 
coefficients; f is a vector of final demand; e is a vector of 
exports; and m is a vector of imports.  In order to analyze 
regional specific changes in technology and demand, the 
tables need to be transformed to a non-competitive one.  
This can be done by calculating import coefficients based on 
(1) as follows: 

 Mi =
mi

aij x j
j

! + fi
   (2) 

Using these import coefficients, the relationship (1) can 
be transformed: 

 x = Ax + f + e -M(Ax + f)   (3) 
where M is a diagonal matrix with import coefficients.  
Then, this will become: 

 x = I - (I -M)A[ ]-1 (I -M)f + e[ ]  (4) 

Suppose D=I-M, indicating a diagonal matrix of 
regional purchase coefficients, (4) can be: 

 x = (I - DA)-1 (Df + e)   (5) 
This, in turn, becomes a decomposition of total output 

into outputs induced by regional final demand and by 
exports as follows: 

 x = (I - DA)-1Df + (I - DA)-1 e = xr + xe  (6) 

where xr = (I - DA)
-1Df  and xe = (I - DA)

-1 e .  

Following Miller and Blair above and Hitomi et al. (2000), 

these two are decomposed but separately. 
Decomposition of xr 

For posing a hierarchy in structural decomposition, xr 
can be rewritten as follows: 

 xr = (I - DA)
-1Df = Lrfr   (7) 

where Lr = (I - DA)
-1  and fr = Df .  Suppose the 

changes in output induced by regional final demand between 

periods 0 and 1 can be set as: 
 !xr = xr

1 - xr
0    (8) 

Then, plugging (7) into (8) and taking the average of 
two polar decompositions1 yield: 

 !xr = Lr

1 fr
1 - Lr

0 fr
0 = !Lr fr + Lr!fr  (9) 

where !Lr = Lr

1 - Lr

0 ; !fr = fr
1 - fr

0 ; fr =
1
2 (fr

1 + fr
0 ) ; 

and Lr =
1
2 (Lr

1 + Lr

0 ) .  This is the decomposition of 

upper layer.  In the lower layer, !fr  and !Lr  are 

further decomposed.   

First, since fr = Df , the changes in fr can be 

decomposed similarly to (9) as follows: 
 !fr = !Df + D!f  (10) 

where !D = D1 - D0 ; and D = 1
2 (D

1 + D0 ) .  The first 

component of (10) represents the contribution from changes 

in regional purchase matrix, while the second components 

shows the contribution from changes in (total) final demand.   

Second, according to Akita (1994 and 1999), the 

changes in Leontief inverse matrix in general can be 

decomposed as !(I - A)-1 = !L = L1 (L0 )-1 - (L1 )-1[ ]L0 .  

Using this notion, !Lr  can be decomposed as follows: 

!Lr = Lr

1 (Lr

0 )-1 - (Lr

1 )-1[ ]Lr

0  

    = Lr

1 D1A1 - D0A0[ ]Lr

0  

    = Lr

1 !(DA)[ ]Lr

0   (11) 
In addition, similar to the above, 

!(DA) = !DA + D!A .  Then, (11) can be rewritten as: 

!Lr = Lr

1 !DA + D!A[ ]Lr

0  

    = Lr

1 !DALr

0 + Lr

1 D!ALr

0   (12) 
Using (10) and (12), (9) can be rearranged as follows: 

                                                
1  Dietzenbacher and Los (1998) argued that structural 
decomposition does not provide a unique solution, having “a 
multitude of equivalent forms (p.307)”, this creates a 
inconsistency in results among different forms.  They 
recommended to calculate all the possible combinations (if 
the number of determinants is n, the number of equivalent 
decomposition forms becomes n!) and take average or report 
the range of the results.  They also suggested that the 
average of two polar decompositions can be very close to the 
n! results, and Miller and Blair (2009) concluded that it is 
“often an acceptable approach (p.595).  In addition, as 
presented in this sub-section the structural decomposition in 
this paper contains a hierarchical form, while Chen and Wu 
(2008) claimed “calculating mathematical expectation of n! 
decomposition forms is not possible in hierarchical I-O SDA 
(p. 887).  Hence, in this paper, the average of two polar 
decompositions is used in the structural decomposition form. 
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!xr = !Lr fr + Lr!fr  

    = Lr

1 !DALr

0 fr + Lr!Df[ ]  

     +Lr

1 D!ALr

0 fr + LrD!f   (13) 
in which the first component indicates the contribution from 
the changes in regional purchase matrix, the second 
component shows the contribution from the changes in 
technology, and the third component represents the 
contribution from the changes in final demand.   
Decomposition of xe 

As above, the output induced by exports can be 

rearranged to become xe = (I - DA)
-1 e = Lre .  Then, 

again, using the average of polar decompositions, the 

changes in output induced by exports can be transformed 

similarly to (13): 

!xe = !Lr e + Le!e  

    = Lr

1 !DALr

0 e + Lr

1 D!ALr

0 e + Lr!e  (14) 

where !e = e1 - e0  and e = 1
2 (e

1 + e0 ) .  The first 

component of (14) indicates the contribution from the 

changes in regional purchase matrix, the second component 

shows the portion from the changes in technology, and the 

third represents the effects from the changes in exports. 
Adding (13) and (14) provide the decomposition of the 

total output as follows: 

!x = Lr

1 !DALr

0 fr + Lr!Df + Lr

1 !DALr

0 e[ ]  

    + Lr

1 D!ALr

0 fr + Lr

1 D!ALr

0 e[ ]  

    +LrD!f + Lr!e    (15) 
This illustrates the decomposition of total output change 

into 1) the changes in regional purchase matrix, !D  ; 2) 
the changes in technology, !A  ; 3) the changes in final 
demand, !f  ; and 4) the changes in exports, !e .   
 
 
4.  RESULTS AND ANALYSIS 
 
4.1  General Trends of the Kobe Economy 

Based the Kobe’s regional input-output tables, the 
trends of sectoral output changes are summarized in Table 1.  
Total output change is the largest for 1985-1990, because in 
this period Japan’s bubble economy was in full swing.  In 
this period, the changes in sectoral outputs are relatively 
small in percentage and mostly positive, indicating the 
Kobe’s economy was growing as a whole: the largest 
positive change comes from Construction sector (17) 
followed by Public Services sector (24). 

This figure changes drastically in the next two periods.  
While it is a 10-year period, twice longer than other two 
periods, with the Kobe Earthquake occurred in the mid 

period, the 1990-2000 period has a negative change of total 
output, but the volume is much smaller (about 30% of) than 
the 1985-1990 periods.  The changes in sectoral outputs are 
both positive and negative and the percentages over the total 
change in this period are rather large, comparing to the 
previous period.  The largest positive change is for Public 
Services sector (24), followed by Real Estate (21) and 
Finance and Insurance (20).  In the mean time, the largest 
negative change comes from Construction (17), and Food 
and Kindred Products (3) and Port Related Transport 
Services (22) are the second and third, respectively.  It can 
be considered that the first half of this period (1990-1995) 
should be the aftermath of the bubbly economy’s burst, in 
which Construction sector had a large debt (or unrecoverable 
credits) leading to the contracted output; on the other hand, 
in the latter half (1996-2000), the Kobe’s Construction 
sector had a large demand injection for the reconstruction 
after the Kobe Earthquake in 1995.  It is striking that the 
change in Construction sector’s output for the total of first 
and second halves of this period becomes negative.   

Table 1.  Trends of Output Change by Sector  
(2005 million yen) 

 1985-1990 1990-2000 2000-2005 

Sector (%) (%) (%) 

  1 -2,026 (-0.1%) -753 (0.1%) 985 (0.5%) 
  2 -18,528 (-0.9%) 66,167 (-10.0%) -62,289 (-31.0%) 
  3 139,231 (6.6%) -389,798 (58.7%) 38,207 (19.0%) 
  4 12,624 (0.6%) -28,943 (4.4%) -16,775 (-8.3%) 
  5 4,134 (0.2%) -10,748 (1.6%) -89,644 (-44.6%) 
  6 5,607 (0.3%) -103,070 (15.5%) -17,685 (-8.8%) 
  7 74,162 (3.5%) 542 (-0.1%) 13,543 (6.7%) 
  8 -26,510 (-1.2%) -171,372 (25.8%) 59,586 (29.6%) 
  9 26,872 (1.3%) -23,045 (3.5%) -31,547 (-15.7%) 
 10 105,234 (5.0%) -256,742 (38.7%) 17,481 (8.7%) 
 11 64,359 (3.0%) 38,002 (-5.7%) -500 (-0.2%) 
 12 51,552 (2.4%) 50,706 (-7.6%) 131,709 (65.5%) 
 13 -46,355 (-2.2%) 16,700 (-2.5%) 460 (0.2%) 
 14 6,126 (0.3%) -57,827 (8.7%) 79,257 (39.4%) 
 15 5,268 (0.2%) 5,347 (-0.8%) -1,565 (-0.8%) 
 16 43,860 (2.1%) -157,876 (23.8%) 11,770 (5.9%) 
 17 613,118 (28.9%) -467,844 (70.5%) -283,848 (-141.2%) 
 18 30,017 (1.4%) 68,317 (-10.3%) 28,875 (14.4%) 
 19 241,832 (11.4%) 63,250 (-9.5%) 83,843 (41.7%) 
 20 105,724 (5.0%) 215,092 (-32.4%) 20,186 (10.0%) 
 21 58,495 (2.8%) 224,785 (-33.9%) -39,130 (-19.5%) 
 22 -49,485 (-2.3%) -277,838 (41.8%) 10,622 (5.3%) 
 23 -22,320 (-1.1%) -102,064 (15.4%) 12,367 (6.2%) 
 24 354,165 (16.7%) 232,696 (-35.0%) 312,451 (155.4%) 
 25 267,717 (12.6%) 174,967 (-26.3%) -70,641 (-35.1%) 
 26 48,763 (2.3%) 176,563 (-26.6%) -60,067 (-29.9%) 
 27 24,710 (1.2%) 146,064 (-22.0%) 50,987 (25.4%) 
 28 5,495 (0.3%) -95,328 (14.4%) 2,392 (1.2%) 

Total 2,123,842 (100%) -664,050 (100%) 201,032 (100%) 
Remark: bold numbers are >= 25% of each period’s total change; shaded 
numbers are >= 20% of total change during 1985-2005 (>=332,165 million 
yen). 

Whereas the 2000-2005 period has the smallest and 
positive change (about 10% of 1985-1990 change), the 
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range between positive and negative changes of sectoral 
outputs is the widest among the three periods in Table 1.  
The largest positive change again is for Public Services 
sector (24) with 155% of the total output change in this 
period, followed by Electrical Appliances (12) and 
Commerce (19).  Construction sector (17) is again ranked 
first for the negative change, and Lumber, Wood Products 
and Furniture (5) and Business Services (25) are the second 
and third, respectively.   

Based on the above observations, it is evident that until 
1990 the Kobe economy had experienced structural changes 
in which most sectors were growing; however, after 1990, 
the directions of structural change had become positive or 
negative across sectors—some sectors are growing, such as 
Public Services (24), some other sectors are declining, most 
notably Construction (17), and other sectors are fluctuating, 
for example Business Services (25) and Personal Services 
(26).  In the next subsection, these output changes are 
decomposed to different factors of change as described in 
the previous section. 
 
4.2  Analysis on Structural Decomposition 

The changes in sectoral output are decomposed using 
(15) in order to analyze the sources of structural change.  
Figure 1 shows the distribution of decomposed output 
changes during 1985 and 1990.  As observed in Table 1, 
this period has mostly positive changes, and the majority of 
them come from the changes in final demand ( !f ) and in 
export demand (!e ).  These count 65% and 37% of total 
output change, respectively2.  Most of the changes belong 
to services sectors on the right side of the figure, except 
Food and Kindred Products (3) and Construction (17).  
Other Transport Services (23) has an interesting distribution 
of decomposed changes: final demand and export demand 
have positive changes, whereas all other changes, such as 
changes in technology for regional use and for export and 
changes in regional purchase coefficients for both regional 
and export uses, are negative.  In sum, this sector (23) has a 
nominal negative change, just 1% decline of the total output 
change. 

 
Figure 1. Distribution of Decomposed Factors by Sector: 

1985-1990 

                                                
2 Since there are some negative decomposed changes, the 
sum of two can exceed 100% of the total output change. 

In the following period, 1990-2000, the distribution of 
decomposed changes has a much more different shape, as 
expected from the observation in the previous subsection 
(see Figure 2).  It is evident that there are two distinctive 
patterns of distribution: mostly negative changes for primary 
and secondary sectors (1 through 17), and the coexistence of 
positive and negative changes for services sectors (from 18 
to 28).  The negative decomposed changes for primary and 
secondary sectors originate from the changes in export 
demand ( !e ), indicating that either Kobe lost the 
competitive edge of these sectors or the macroeconomic 
condition during this period caused the contracted demand 
for these sectors.  Only Construction sector (17) 
experienced the significant decline of final demand ( !f ), 
and some minor decline in other components.  On the other 
hand, services sectors have quite different distribution 
patterns of decomposed changes among them.  For instance, 
Commerce (19) has a large change from the change in 
export demand ( !e ), while the changes in regional 
purchase matrix (!D ) for both regional and export uses are 
relatively negative, almost offsetting the positive changes 
from other components including !e .  At the same time, 
Public Services (24) has a large positive contribution of final 
demand change (!f ) with moderate negative contribution 
from the changes in regional purchase matrix ( !D ) and in 
export demand (!e ).  In general, throughout the service 
sectors, the changes in final demand ( !f ) contributed 
positively to the changes in total output, whereas the 
volumes of contribution appear to have a wide range of 
differences.   

 
Figure 2. Distribution of Decomposed Factors by Sector: 

1990-2000 

The contribution of the changes in technology (!A ) 
seems concentrated among services sectors with majority 
being positive.  Largely, the contributions from the changes 
in regional purchase matrix ( !D ) are more significant and 
mostly negative, with a few exceptions, for this period than 
for the previous period.  While the contributions from the 
changes in final demand ( !f ) and in export demand (!e ) 
have the larger share, the changes in technology (!A ) and 
in regional purchase matrix ( !D ) increased their 
contribution, but in different directions—positively for !A  
and negatively for !D .  Especially, the increased negative 
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influence from !D  may be considered as a hollowing-out 
process, a decrease in the level of intraregional 
intermediation (Hitomi et al., 2000), of this region. 

Figure 3 illustrates the distribution of decomposed 
change be sector for the 2000-2005 period.  Since the total 
output change in this period is the smallest among the three 
periods, the shape of distribution looks not as dramatic as for 
the previous two periods in volume.  Again, the changes in 
final demand (!f ) and in export demand ( !e ) occupy 
larger shares to the total output change than other factors do.  
Construction (17) and Public Services (24) are standout 
having significant influence to the total output change, 
similar to the previous two periods.  In addition, the 
changes in regional purchase matrix (!D ), especially for 
regional use, have mostly negative numbers, with a few 
exceptions.  This appear a continuous trend from the 
previous period (1990-2000), indicating the continuous 
hollowing-out process.  What different from the previous 
periods, especially from 1990-2000, is that the changes in 
export demand appear to be mostly positive, with a few 
exceptions in light industries (2, 4, 5, and 6), indicating that 
the Kobe economy regained the demand from the outside. 

 
Figure 3. Distribution of Decomposed Factors by Sector: 

2000-2005 

All of these analyses can provide useful information for 
the transformation of the Kobe economy during 1985-2005.  
Some of the indications, such as continuous hollowing-out 
process, somehow accelerated during 1990-2000, and the 
decline (1990-2000) and regain (2000-2005) could be 
considered as the effects from the 1995 Kobe earthquake.  
However, this conclusion has to be verified with some 
further information, which can separate regional specific 
change from the changes caused by macroeconomic trends.  
The subsection below presents such an attempt. 
 
4.2  Separation of Regional Specific Effect: Shift-Share 
Analysis 

Shift-share analysis is one of the decomposition 
techniques to analyze the influence of economic trend of a 
region through identifying the components of change.  In 
particular, shift-share analysis decomposes the economic 
change in a particular region into three factors: national 
(macroeconomic) influence, industry specific influence, and 

regional specific factor.  Using production level (output)3 
as the indicator of economy’s performance, these three 
factors can be defined as follows: 

National Share: NSi = xi
0 X 1 X 0 ! 1( )  

Industry Mix: IMi = xi
0 Xi

1 Xi

0 ! X 1 X 0( )  

Regional Shift: RSi = xi
0 xi

1 xi
0 ! Xi

1 Xi

0( )  

where xi
0  is the output level of industry i in a particular 

region at the beginning of the period, Xi

1  is the output level 
of industry i in the nation at the end of the period, and X 1  
is the total output of the nation at the end of the period.  
Then: 

!xi = xi
1 " xi

0 = NSi + IMi + RSi  
Therefore, the results from this shift-share analysis can 

be compared with the structural decomposition results above 
to investigate the regional specific effects. 

Figure 4 displays the results of shift-share analysis for 
1985-1990.  The distribution pattern largely mirrors Figure 
1 for structural decomposition results.  Major changes 
specific to Kobe can be seen at Food and Kindred Products 
(3), Construction (17), Public Services (24) and Business 
Services (25) for positive change, and Other Transport 
Services (23) and Personal Services (26) for negative change.  
These observations are consistent with the results from 
structural analysis. 

 
Figure 4. Distribution of Shit-Share Results: 1985-1990 

The results of shift-share analysis for 1990-2000 are 
shown in Figure 5.  With a casual look, the distribution 
pattern of the results mirrors Figure 2’s; however, the careful 
inspection reveals notable differences.  For example, Food 
and Kindred Products (3) and Construction (17) have the 
positive value of national share, whereas the results from the 
structural decomposition for these sectors do not have any 
positive factors.  Another difference of factor distribution 
can be found in Commerce (19): the range of distribution 
between positive and negative values is much narrower in 

                                                
3 Oftentimes, number of employments, rather than output 
level, is used for shift-share analysis, because it is easier to 
obtain in a regional context and for regional employment 
analysis.  Shift-share analysis with output level can be 
found Mayor and López (2008) and Márquez et al. (2009) 
among others. 
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shift-share results than in structural decomposition results.  
At the same time, the interpretation of this sector’s results 
shows some consistency, since regional shift is the negative 
factor in Figure 5 while the changes in regional purchase 
matrix (!D ) are only the negative contributions in Figure 2.  
This implies that for this particular sector the hollowing-out 
process is this region specific.  This also applies to the 
results of Public Services (24).   

 
Figure 5. Distribution of Shit-Share Results: 1990-2000 

However, there are a few sectors with 
counter-evidence: particularly, Other Transport Services 
(23) has negative regional shift (and all other factors are 
positive) in Figure 5, whereas in Figure 2 the contributions 
of !D  are positive and the change in export demand ( !e ) 
is only the negative value.  Why?  This can be interpreted 
that by some reason (probably national and this industry 
specific trend based on the results from shift-share analysis) 
this sector has changed the technology and intermediate 
purchasing pattern to emphasize more on regional specific 
services rather than exporting their service to other regions. 

 
Figure 6. Distribution of Shit-Share Results: 2000-2005 

Figure 6 illustrates the results of shift-share analysis for 
2000-2008.  The distribution of results emulates the one in 
Figure 3, similar to the comparison of 1985-1990 results.  
The results are mostly consistent between the results of 
structural decomposition and of shift-share analysis, except 
Public Services (24).  This sector has all the factors having 
positive values for shift-share results, while the structural 
decomposition derived the contributions of !D  are 

negative.  These inconsistent results between two 
decomposition schemes should be explained using the 
integrated decomposition scheme of the two. 
 
 
5.  CONCLUSIONS 
 

This study aimed to measure the impact of the Kobe 
Earthquake on the economic structure using a series of 
regional input-output tables and the structural decomposition 
method.  Based on the analysis, the significant structural 
changes are observed in different ways among the periods.  
Between 1985 and 1990, when the Japanese economy 
experienced a rapid growth through the so-called bubble 
economy, the Kobe economy grew as most of the sectors 
increased the outputs.  This tendency, however, changed 
significantly after 1990 when the bubble economy burst.  
During 1990 and 2000, including 1995 when the Kobe 
earthquake occurred, most sectors’ output changes appear a 
mixture of positive and negative changes.  This trend 
continues to the period of 2000-2005, while the total output 
change is the smallest among the three periods, the range of 
changes in percentage is the largest. 

In order to separate out the structural change specific to 
the Kobe region (assuming those would be the Kobe 
earthquake’s impacts after 1995), an additional 
decomposition of output change was carried out using 
shift-share analysis.  The results reveal that large negative 
regional shift, implying decline of output specific to regional 
causes, was observed in many sectors during 1990-2000, 
except some service sectors having positive regional shift, 
while other two periods have relatively minor volume of 
regional shifts.  Superimposing the results on shift-share 
analysis on the structural decomposition may indicate the 
regional specific structural change; however, comparing 
these results requires some tweaking of derived values, thus 
in this study it was not done.  With a casual observation, it 
appears that the signs of change for regional purchase matrix 
( !D ) and for regional shift seem consistent each other with 
a few exceptions.  This might implicate that the Kobe 
earthquake influenced to accelerate the hollowing-out 
process of the Kobe economy.  It is hence quite unfortunate 
that 1995 Kobe input-output table was not compiled. 

The effects of the Kobe earthquake contained in the 
Kobe regional input-output tables are the net impacts, i.e. the 
sum of negative and positive impacts.  And, these negative 
and positive impacts may offset each other and may become 
insignificant.  For the further and more detailed analysis of 
the aftermath and how a disaster affects economy, net 
impact needs to be disaggregated to negative and positive 
impacts.  This is because negative impact and positive gain 
affect the economy in many different ways, and because the 
extent of their effects may differ by its significance and over 
space.  Careful examinations of these disaggregated 
impacts will provide important and useful information for 
decision making on preparedness and mitigation strategies 
for the future catastrophes and on recovery and 
reconstruction strategies of the next calamity. 
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Appendix 

 
Table A-1. Sectoring Scheme of Kobe Input-output Table 

Sector Number Industries    
 1 Agriculture, Forestry, Fisheries 
 2 Liquor 
 3 Food and Kindred Products 
 4 Apparel and Textile Products 
 5 Lumber, Wood Products and Furniture 
 6 Rubber Products 
 7 Chemicals and Allied Products 
 8 Primary Metals Industries 
 9 Fabricated Metal Products 
 10 Industrial Machinery and Equipment 
 11 Heavy Electrical Equipment 
 12 Electrical Appliances 
 13 Shipbuilding Industry 
 14 Other Transport Industry 
 15 Precision Machinery 
 16 Miscellaneous Manufacturing Industries 
 17 Construction 
 18 Utilities 
 19 Commerce 
 20 Finance and Insurance 
 21 Real Estate 
 22 Port Related Transport Services 
 23 Other Transport Services 
 24 Public Services 
 25 Business Services 
 26 Personal Services 
 27 Government Enterprises 
 28 Others 
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Abstract: This paper assesses the potential of bamboo building materials to meet East Africa’s urgent housing needs, with special 

reference to Ethiopia. The paper is based on a one-month field study of Ethiopia conducted in early 2011, where we investigated local 

bamboo value chains and their sustainability through a series of interviews, questionnaires, and site visits with local bamboo stakeholders. 

From the study, we found that many rural communities use bamboo extensively as a building material with widespread applications in 

wall, roof, ceiling, structural work and scaffolding systems. Ethiopia has a rich diversity of traditional bamboo housing designs, practices 

and skills.  However, we also found that the sustainability of Ethiopian bamboo architecture is under threat from modernization, 

decreasing availability of bamboo resources, increased rural populations, and lack of adequate processing skills and modern designs. 

Despite these challenges, our economic analysis indicates that using bamboo for the development of tourist lodges and, or, low-income 

urban housing offer a financially viable means of developing the bamboo construction sector.  

 

1. INTRODUCTION 

1.1 Housing Shortages in East Africa and Ethiopia 

In East Africa, in recent decades, the supply of houses in 

rural and urban areas has failed to keep up with growing 

demand. This has led to chronic shortages of safe and 

affordable housing across the region, with slums 

emerging as a dominant and distinct type of settlement in 

many cities (UN-Habitat, 2010). Therefore, there is now 

an urgent need to identify sustainable building materials 

to meet the continent’s demand for housing. In this paper, 

we use the Brundtland Report definition of sustainability 

as meeting the needs of present generations without 

compromising the ability of future generations to meet 

their own needs (WCED, 1987), while sustainable 

building materials are defined as being materials that are 

low in toxicity, possible to maintain without having 

adverse affects on health, renewable, recyclable, energy 

and resource efficient, locally available, and affordable 

(Froeschle, 1999). 

In Ethiopia, the housing situation mirrors regional trends, 

with severe shortages of housing being a recurrent 

problem across the country. Available literature reveals 

that 85% of Ethiopia’s urban population lives in 

unhygienic and confined housing conditions (World 

Bank, 1998; UN-Habitat, 2002; UN-habitat, 2006). 

Given population growth of 2.8% per year and 

accelerated migration to urban centers of 6% per year, 

the demand for affordable and decent housing is set to 

increase rapidly in the coming years (Haregewoin, 2007). 

To meet this demand, the Ethiopian Federal Government 

is now implementing an Integrated Housing 

Development Program (IHDP) that is mainly focusing on 

providing concrete-built condominium houses for low 

and medium-income families in urban areas. In rural 

areas, especially in extremely marginalized and poor 

places, most Regional governments are now also 

implementing the Rural Clustered Village Settlement 

Programme. Under this programmes the use of local 

natural resources, particularly bamboo, is being promoted. 

This new village policy makes the provision of basic 
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services like education, security, water, electricity and 

agricultural extension services easy and economical to 

Regional governments. Due to these developments, the 

need for a sustainable building material is especially high 

in Ethiopia; with forest cover accounting for less than 3% 

of Ethiopia’s total area (FAO, 2010), timber is scarce, 

while other non-renewable building materials, such as 

concrete, are relatively expensive and often have high 

environmental impacts.  

 

1.2 Bamboo Building Materials as a Potential Solution 

to East African Housing Needs   

Bamboo, a native, renewable East African forest resource, 

could be one alternative source of sustainable building 

material that can help the region meet its housing needs. 

Decades of research by bamboo practitioners has 

validated that, when treated and used properly, bamboo is 

a sound structural and engineering material (Janssen, 

2000), which, due to its strength, flexibility and 

versatility, is a suitable material for use in housing. 

Recently, the International Network for Bamboo and 

Rattan (INBAR), the world’s only intergovernmental 

organisation dedicated to the sustainable development of 

bamboo and rattan, and Chinese partners have also 

demonstrated that laminated bamboo can be used in 

structural applications, presenting new opportunities to 

standardize bamboo-based construction and produce 

modern modular housing designs that are potentially 

suitable for East African markets (Xiao et al., 2009 and 

Xiao et al. 2010). 

Bamboo species grow naturally on the mountains and 

highlands of Eastern African Countries and in the 

medium lowlands of other African countries (KEFRI, 

2007). Bamboo is one of the most economically 

important Non-Timber Forest Products (NTFPs) in the 

region, with its renewability and accessibility to the rural 

poor meaning it has traditionally made significant 

contributions to rural livelihood and employment 

(Ensermu et al, 2000).  

In Ethiopia, there are over 850,000 hectares of native 

lowland bamboo (Oxytenanthera abyssinica) and over 

130,000 hectares of highland bamboo (Arundinaria 

alpina K. Schumach) (Luso consult, 1997). Due to lack 

of alternative construction  materials in lowland areas, 

lowland bamboo is commonly used as a dominant 

building material in houses and construction of fences, 

while it is also used widely as fodder for cattle, food for 

people, and a biomass energy source (Luso consult, 1997, 

Ensermu et al, 2000).  

1.3 The Current Status of Bamboo Construction in 

East Africa and Ethiopia 

Although bamboo has traditionally played an important 

role in the rural economies of East Africa, due to 

indiscriminate clearing of natural forests and the lack of 

government policies to support development, bamboo 

resources have diminished rapidly across East Africa, 

with subsequent erosion in the status of the resource 

(KEFRI, 2007).  

In Ethiopia, the most recent national bamboo resource 

inventory reported a 15% decrease in bamboo coverage 

from 1980 to 1997 (Luso consult, 1997), with a primary 

cause being a lack of clear bamboo conservation and 

utilization policies. The Forest Development, 

Conservation and Utilization Proclamation No. 542/2007 

of Ethiopia has no explicit statements on bamboo, while 

inefficient utilization and neglect of bamboo resources is 

compounded by insecurity of land tenure rights and a 

lack of economic incentives to value them as useful 

commodities (Federal Government of Ethiopia, 2007).  

 

In recent years, to address this issue and realize 

bamboo’s potential to solve building material shortages 

in East Africa, INBAR has been leading research and 

development activities to set up a bamboo housing 

industry in Ethiopia and adjacent East African countries. 

The International Development Research Centre (IDRC), 

Ottawa, Canada has supported this work through a two-

year project entitled “Development and Promotion of 

Bamboo Housing Technology in East Africa”. A value 

chain and sustainability study of Ethiopia’s bamboo 

construction sector, the results of which are disseminated 

in this paper, formed a central tenant of this project. 

 

 

1.4 Current Research Needs and Policy gaps 

 While bamboo has considerable potential for meeting 

regional housing needs in East Africa, several questions 

remain over whether bamboo is able to meet housing 

needs at the larger scales, necessitated by the current 

housing crisis, in a sustainable, economic, and 

technically viable way. This paper, which also draws on 

wider experiences from INBAR’s IDRC-funded work, 

aims to address how a sustainable supply chain of 

bamboo raw materials for processing and a larger-scale, 
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economically viable bamboo housing industry can be 

established in Ethiopia.                     

1.5 Paper Objectives  

 

This paper synthesizes the lessons learned from 

INBAR’s IDRC–funded project with the following 

objectives: 

1. To assess the sustainability of a bamboo housing 

sector in Ethiopia in terms of socio-economic, 

environmental and technical aspects;  

 

2. METHODS 

 

2.1 Study Area 

In Ethiopia, challenges to developing a sustainable 

housing sector are highly diverse; reflecting many of the 

issues faced across the East Africa region. Firstly, 

Ethiopia has a large population of 77.1 million, with an 

estimated annual growth rate of 2.8% (Census result, 

2007). Secondly, despite engaging in economic reform 

since the 1990s, the country remains highly poor. Based 

on a poverty line of USD1 per day, an estimated 66.3% 

of Ethiopian households are poor (World Bank, 2005). 

Finally, Ethiopia is almost unique in Africa in having 

virtually no large private sector business. Our field work 

indicated that many previous government-owned 

properties have been transferred to State enterprises. 

Furthermore, no foreign banks are allowed and it is 

almost impossible to obtain start-up loans for small and 

medium businesses. Although the Ethiopian constitution 

defines the right to own land as belonging only to "the 

state and the people", citizens may only lease land for up 

to 99 years, and are unable to mortgage, sell, or own it. 

Within this context, bamboo construction in Ethiopia has 

remained predominantly rural and informal in nature 

(table 1). The main bamboo growing areas in the country 

are in the Southern and Western regions, especially in 

Asosa, located in the Western federal District of 

Benshangul Gumuz and Sidama, located in the Southern 

Nations Nationalities and People’s Region (map 1)  

Application  National 

percentage of 

houses with 

bamboo 

material 

Rural 

percentage of 

houses with 

bamboo 

material 

Bamboo Walling 2.51 3.03 

Bamboo Roofing 3.37 4.1 

Bamboo floor 1.30 1.30 

Bamboo Ceiling 0.05 - 

Table 1: Use of bamboo/reed material in Ethiopian home 

construction, (Source: Analyzed from Federal 

Government of Ethiopia, Population and Housing Census, 

2008) 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Map 1: Map of Ethiopia showing bamboo rich growing 

areas and location of the Capital, (Source: DIVA-GIS 

2011) 

 

2.2 Data Collection 

We collected and verified necessary information for this 

study from primary and secondary sources and 

interactions with stakeholders and informants from 

private sector, government and non-government agencies. 

We carried out Interviews and consultations at all levels 

of the value chain, targeting bamboo farmers, buyers, 

suppliers, producers, processors, traders, architects, civil 

and structural engineers, building experts, government 

and non–governmental agencies with bamboo housing 

and, or, construction related activities in 
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Ethiopia.  Furthermore, we also visited the main Bamboo 

growing areas in the South and Western parts of the 

Country. Finally, during our site visits, we consulted with 

bamboo-based industries in different locations in 

Ethiopia’s main cities, such as Addis Ababa, Hawasah, 

and Assosa.   

2.3 Data Analysis 

The scope of the study upon which this paper is framed 

was to investigate the sustainability of bamboo value 

chains in Ethiopia’s main Lowland and Highland 

bamboo producing areas based on socio-economic, 

environmental and technological indicators and 

assessment. To achieve this, we undertook detailed case 

studies of traditional bamboo architecture from Assosa 

area, which is located in the West and borders the 

Republics of Sudan and South Sudan, and Sidama area, 

which is located in the South in the Southern Nations 

Nationalities and Peoples Region (SNNPR) of Ethiopia. 

Sidama’s capital city is Hawassa in the Hulla-Agresalem 

location. These case studies were cross-referenced 

against modern bamboo structures, built using laminated 

bamboo, which are currently being introduced through an 

INBAR-supervised project in the country.   

In addition to the case studies, we also conducted a 

financial analysis of four potential socially acceptable 

forms of bamboo housing investment scenarios; for very 

low income housing, low-income housing, low to 

medium-income, and recreational bamboo lodge/hotels. 

For each scenario we calculated an Internal Rate of 

Return (IRR) for the property investment. The IRR of an 

investment is the discount rate at which the Net Present 

Value of costs (negative cash flows) of the investment 

equals the Net Present Value of the benefits (positive 

cash flows) of the investment. Therefore, IRR is the rate 

at which the project NPV equals 0. It also provides the 

expected return rate of the project, assuming certain 

conditions are met. In other words, if C(n) is the cash 

flow for each period, then 

  NPV = C(0) + C(1)/(1+r) + C(2)/(1+r)
2
 + … + 

C(n)/(1+r)
n
 

We calculated IRR in Microsoft Excel, which can run 

iterations to calculate IRR by setting NPV = 0 and 

solving for “r” above.  

Based on the current state of the Ethiopian economy, we 

adopted various assumptions to assess the economic 

viability of investing in bamboo housing. For example, 

we used a one unit house scenario, as this allows results 

to be extended to as many units as the capital can allow. 

We also assumed a discount rate of 8%, which is the 

average 2011 lending interest rate in Ethiopia. All cash 

flows were adjusted with an inflation rate of 7%. These 

rates were obtained from the Bank of Ethiopia. The 

operation costs have been assumed to be 4.5%, which is a 

commonly used rate in property investments. This 

category includes all the operational expenses that are 

incurred on an ongoing basis. These include rates, 

property management fees, levies, repairs & maintenance 

and insurance premiums. An annual increase percentage 

of the same has been included in order to adjust the 

initial operating expense amounts for future periods.  

In the analysis, the initial investment is the fixed cost, as 

it includes all the cost for building one unit until it is 

ready for occupation, while the operational cost gives us 

the variable costs on an annual basis. The life span of 

each of the different types of houses has been assumed to 

be 40 years. Total estimated costs of each house-type 

were based on information from local people.  

Finally, based on field interviews and field observations 

we mapped Ethiopia’s existing bamboo value chains in 

high and lowland areas and conducted a SWOT (Strength 

Weakness Opportunities and Threats) analysis. The main 

aim of the SWOT analysis was to identify how a 

sustainable and integrated value chain for housing can be 

developed 

2. RESULTS AND DISCUSSIONS 

 

3.1 Sustainability of Bamboo Housing Architecture 

Based on detailed case studies from rural and urban areas, 

this section introduces our findings on the designs, 

practices, skills and sustainability of traditional and 

modern architecture used by poor communities in 

Ethiopia. This has been analyzed and discussed under 

three case studies: 

 Amhara house Traditional house: Case Study 

for Lowland Bamboo Housing 

 Sidame house Traditional house: Case Study for 

Highland Bamboo Housing 

 Modern-Traditional Bamboo House: Case Study 

for Engineered Bamboo 
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Amhara Traditional Bamboo House: Case Study for 

Lowland Bamboo Housing 

The Amhara Bamboo House is a traditional style of 

architecture with Islamic influences; the predominant 

religion among local peasant associations, which are 

locally known as Kebeles. These concentric houses are 

supported by a center post that carries the weight of a 

thatched roof made from reed. The roof is further 

reinforced by four bamboo members that are tucked into 

the woven wall at the ring beam level and also jut out of 

the thatched roof. The walls comprise of structural 

bamboo poles that end up in the ground and bamboo 

infill that is woven around these members. The front of 

the house is sometimes plastered with mud for purposes 

of beautification and protection. Ropes made from one 

year old bamboos, which are flexible and soft, are used 

for joinery. The roof eve is purposefully designed at a 

very low level as a means of protecting the house against 

strong winds. It also protects the bamboo walls from rain. 

The eve is also used as a resting shade area during the 

day, as well as a firewood store. 

 

 

Figure 1: Amhara bamboo house Structural Design 

Details, (Source: Authors)  

From the layout plan in Figure 2, one can see that there is 

clear separation of spaces, which could be inspired by the 

Islam religion. There are separate houses for older girls, 

older boys and also for cooking. Men can marry many 

wives; each wife gets her own house but their children 

stay together in one house. From field observations and 

interviews, the authors found that men are solely 

responsible for house construction, while women carry 

out repair and maintenance work in addition to the other 

tasks, such as farming, cooking and mining of clay, sand 

and stones. 

Figure 2: Typical Amhara Bamboo House Layout Plan, 

(Source: Authors) 

Construction of each standard house of averagely of 8m 

diameter consumes an average of 300 bamboo culms. 

However, the final number of culms depends on the size 

of the house under construction. The wall structure 

consumes about 30-50 culms, while 120-150 culms are 

used for weaving between the wall structures, installing 

upright standing culms. Finally, roughly 100 culms are 

used for the roof. Bamboo is used both for structure and 

as a filling material, usually woven around the structure. 

Grass thatch is used for roofing.  

The construction is carried out by local people using 

traditional skill passed from one generation to another. 

Some of the houses have open plans whilst others have 

been partitioned. An average of 6 adult men need a 

construction period of about 12 days; where 5 days are 

used to collect and prepare the construction materials and 

the remaining 7 days are used in building the house. The 

house lasts about 20 to 30 years depending on the quality 

and age of bamboo used. Mature bamboo harvested after 

6-7 years lasts longer than immature ones.  

Bamboo for rural housing construction is available for 

free to community members upon request from the 

Kebele (village) Chairman. However, some substantial 

cost (depending on the distance) is incurred in 

transporting the poles from the bamboo forests to the 

construction sites. Due to increased demand and scarcity 

of mature bamboo poles, local communities interviewed 

during our filed study reported that the transport distance 

has been increasing. While traditionally local people 

transported bamboo by hand, due to the longer distances, 

they now have to use of vehicles and animals. 

 

Finally, in addition to the threat to sustainability posed by 

depletion of local resources, the authors found that 

termites and weevils were also reported as presenting 

major challenges to these houses structural integrity. 

Boring beetles are also attracted to immature bamboo 

poles because they have a lot of starch. To ensure 

durability, the local housing artisans take precaution by 

preparing a good or very strong base that termites are 
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unable to penetrate through. Salt solution is also sprayed 

around the house during construction in order to control 

beetle attacks on the bamboo. 

Sidama House: Case Study for Highland Bamboo 

Housing 

This type of house is commonly found in the Southern 

Nations Nationalities and Peoples Region (SNNPR) of 

Ethiopia whose capital city is Hawassa. The people in 

this region have access to natural forest highland bamboo, 

but private bamboo farming is also traditionally practiced. 

The architecture of this people is a unique beehive 

shaped structure that is finished by fixing a layer of 

undifferentiated woven bamboo onto the structure.  

Partitions are also made of woven bamboo. Most of the 

houses have two entrances, a back and front entrance. 

The back entrance is meant for use by the cattle and 

sheep while the front entrance is used by people (Figures 

3). 

 

 

 

Figure 3: Sidama House Layout Plans, (Source: Authors) 

The highly advanced traditional skill of building is 

inherited and passed down within the family from fathers 

to sons to grandchildren. The resulting bamboo house 

can last up to forty (40) years, but the woven outer layer 

is usually replaced after about 15-20 years. 

The materials used include: 

 Bamboo poles of at least 7 years old 

 Ropes for joinery, usually made from the stem 

of false banana, a staple plant in most parts of 

Ethiopia, including the Sidama area. 

 Bamboo sheaths are used to line the roof’s inner 

core as a means of moisture exclusion 

 Center post (usually made from eucalyptus); it 

carries the weight of the building i.e. it is the 

main structural element in the house 

 Nylon ropes are used for decorative purposes; 

this is a recent addition that has happened with 

modernization. False banana ropes were are also 

used for decorative purposes in some houses we 

visited during the study. 

 Clear varnish paint is applied to enhance quality 

and general outlook. This is also a recent 

addition used in restaurants and guest houses to 

enhance visual aesthetics. 

The building process starts by selecting a suitable site for 

construction, with a circle drawn on the ground marking 

the house perimeter.  The vertical wall elements and the 

center post are erected, the roof is then fixed and the 

finishing done. In rural areas, roughly 10 men are 

involved in material collection, site preparation, 

construction, and finishing. The process of cutting, 

splitting, erecting and net making is highly labour 

intensive. A standard Sidama house has a diameter of 10 

meters and takes about one month to complete. A total of 

800-1000 culms for one main standard family structure 

are required for one unit house. In urban areas, like Addis 

Ababa, where similar structures are constructed for 

tourism purposes, such as luxury traditional bars, hotels, 

and entertainment centers, their sizes and costs vary from 

place to place depending on availability of bamboo 

materials and traditional skill. Generally, costs are higher 

in towns compared to rural areas; a standard Sidama 

house costs has almost no costs, as all materials are free 

from private bamboo farms, while communal labour is 

also gratis. In urban areas, one unit usually costs up to 

75,000 Birr (equivalent to US$4,375 at the time of paper 
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submission), with labour accounting for about 35% of 

total costs.  

 

Figure 4: A section showing the construction elements 

of the Sidama house (Source: Authors) 

Analysis of qualitative information from most interviews 

and field observations, we found that the following are 

major sustainability challenges for the Sidama style of 

house design:- 

i. Poor ventilation due to inadequate or non-

existent window openings: During the day, air 

circulation is good because the doors are open, 

the animals are out for pasture, and the people 

are also out attending to various duties. 

However, at night, there is a lot of stuffy air 

from the animals and the owners of the house. 

Furthermore, since most cooking is done at 

night, the houses are also filled with smoke.  

ii. Day lighting: As illustrated in the layout plans, 

most of the rooms in this house lack an opening 

to the outside, making houses very dark during 

the day. This is made worse by blackening from 

smoke. The lack of window openings are due to 

the following reasons:  

a. Rudimentary building technology and 

lack of exposure to new modern 

housing technologies 

b. It is a strategy to cut down the cost 

c. retaining smoke from cooking acts as a 

means of bamboo preservation 

d. It is also a social strategy to enhance 

security and privacy 

iii. Termite attack: this is especially common for 

immature bamboo poles 

iv. Fire: sometimes, the kitchen is put outside the 

house to mitigate against this risk 

v. Non-effective water exclusion system 

 

To preserve bamboo, Sidama communities rely on smoke 

that comes from the cooking area. The community is also 

very keen in selecting only mature bamboo of over 7 

years for long-lasting and durable houses. Most of the 

traditional houses had no ventilation, but in recent 

constructions; windows have been added to the elevation 

of the house. 

 

Modern-Traditional Bamboo House: Case Study for 

Engineered Bamboo 

Most communities are now shifting away from 

traditional bamboo houses to modern structure due to a 

combination of factors, such as increased incomes, 

continued maintenance costs associated with traditional 

bamboo houses, new influences from abroad, rising 

scarcity and price of bamboo poles, and the growing 

influence of construction technologies being promoted by 

development agencies and NGOs. Within this context, 

INBAR and its partners work in Ethiopia are introducing 

new lamination technology for bamboo, which will allow 

local enterprises to produce bamboo plywood and 

laminated lumber. In 2012, a processing plant will be 

established in Addis Ababa with an annual production 

capacity of 2,970m³ for 12mm thick plywood panels. An 

agreement has been reached with the Addis Ababa 

Housing Authority to use these panels as wall partitions 

in their new urban condominium housing built under 

IHDP.   

3.2 Social, Financial and Economic analysis of 

investments in bamboo housing 

In urban areas, we selected four scenarios based on 

common housing designs of 20M
2
 preferred by most 

Ethiopians and tourists for detailed financial and 

economic viability analysis. The four scenarios and our 

findings are given below. 

Investment in “very low income” housing in urban areas:  

This house when complete has an iron roof, mud-walls 

and floor (see Figure below). In the first scenario, an 

investment of 75,000 Birr (equivalent to US$4,375 at the 

time of paper submission) has been assumed for a 

complete single unit, which attracts a monthly rent of 300 

Birr. The annual rent has also been adjusted for inflation 

at the average rate of 7 per cent on a year to year basis. 

Using a period of 40 years and applying all the 

aforementioned assumptions in scenario one, the project 

has been found to be unviable because it has an IRR of 

5.51 percent and the investor will not get back his/her 

capital. 

Investment in “low income” housing in urban areas:  In 

scenario two, financial viability has been undertaken for 
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an investment in a single unit house of 30,000 Birr (see 

Plate below) which attracts a monthly rent of 1000 Birr. 

This is semi-permanent house is made of an iron roof, 

cheap walls made of bamboo mats and mud in some 

sections (see Figure below). The floor is made of mud. 

Using a project period of 40 years and having similar 

assumption like the other three cases, the project yields 

an IRR of 42.79 percent and a payback period of 4 years, 

which confirms its financial viability. 

Investment in “low medium income” houses in urban 

areas: In Scenario three, an investment of 75,000 Birr in 

a one unit house (see Figure below) which attracts a 

monthly rent of 1000 Birr has been calculated. This 

design is new and is made of an iron roof, mud walls 

smeared with some special clays and also lower-half part 

cheaply painted with colour of one’s choice. The annual 

rent has been adjusted for inflation at the average rate of 

7 per cent on a year to year basis. The life span of the 

house has been taken to be 40 years. Based on 

assumptions of a discount rate of 8 percent and additional 

annual operation cost of 4.5 percent, this project gives an 

IRR of 19.07 percent and a payback period of 10 years, 

which confirms its financial viability.  

Investment in a recreational bamboo lodge/ hotel: This 

design is an improved Sidama house with a concrete 

floor and good-finishing of wood for doors and windows 

(see Figure below). In this scenario four, an investment 

in a recreational Bamboo house of 225,000 Birr per unit 

has been assumed. A single unit attracts 12,750 Birr per 

month. The annual rent has also been adjusted for 

inflation at the average rate of 7 per cent on a year to year 

basis. Using a maximum period of 40 years that a 

bamboo house will require full demolition and 

replacement, as a common assumption to all scenarios, 

the investment has an IRR of 70.67 percent and a 

payback period of 2 years hence the project is viable. 

From the above analysis, we found that scenario two and 

four provide housing investors with the fastest and 

highest return of their money, with all investments 

recouped after 2-4 years. 

 

2.4 SWOT Analysis of Bamboo Applications in the 

Low Income Housing Sector  

 

Based on our assessment of the bamboo housing sector, 

we conducted a SWOT analysis. In our analysis we 

found that bamboo’s inherent widespread use in rural 

construction and potential opportunities for incorporating 

bamboo into existing government housing policy 

instruments provide good entry points for developing a 

housing sector. However, we also note that the current 

weak nature of bamboo processing skills the informal 

and non-standardized nature of production need to be 

overcome to maximize bamboo’s potential in 

construction. Finally, the threat of continued lack of 

incentives for conserving and utilizing bamboo remains 

strong. The results of our SWOT analysis are 

summarized as follows 

Strengths 

 Government already developing  bamboo as a 

construction material 

 Strong local skill in traditional bamboo construction 

 Modern engineered bamboo supply chain already 

being established in Addis Ababa 

 bamboo is much cheaper than eucalyptus, sand and 

steel reinforcement bars 

 Bamboo is cooler than concrete structures 

 

Weaknesses 

 No bamboo conservation and utilization policies in 

place 

 Lack of modern processing skills and building 

designs  

 Lack of financing available to bamboo producers to 

cover capital investments 

 No building codes/construction product standards for 

bamboo 

 less security against burglary than concrete 

 durability of bamboo often poor due to lack of proper 

preservation and treatment 

 Bamboo resources not evenly distributed across the 

country  

 No insurance for bamboo home 

 Large availability of bamboo resources in the 

country\ 

Opportunities 

 Rural Clustered Village Settlement Programme can 

be targeted for rural markets 

 Bamboo constructions products can be introduced to 

urban housing markets through the Integrated 

Housing Development Program  

 New research in Addis Ababa University 

recommends replacing steel with bamboo for 

reinforcement in the ground floor slabs of buildings 

and also in reinforcing manhole covers 
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 Bamboo can be a good replacement for expensive 

timber scaffolding 

 Bamboo sought after material by the rich 

 Market for construction in new Republic of Southern 

Sudan 

Threats: 

 Gregarious flowering, which occurs roughly every 50 

years, disrupts supply of bamboo 

 Depletion of bamboo resources due to over-utilization 

and land reclamation for settlements and farming 

 Negative local perceptions of bamboo as a low-cost, 

poor building material  

 

 

 

 

CONCLUSIONS AND RECOMMENDATIONS 

 

As discussed above the Ethiopian Government policy and the 

people’s cultural perceptions encourage and only prefer 

permanent concrete houses for residential purposes. This is 

mainly due to bamboo construction perceived negative 

characteristics and weaknesses. Therefore, due to these trends, 

bamboo housing has limited potential to develop in the retail 

market for the majority of urban people. Furthermore, future 

housing investments will continue to be influenced by the long-

term policy of developing apartment and storey buildings in 

cities and rural towns through programmes, such as the IHDP. 

However, our study showed that bamboo does have very high 

potential in the rental market for low-income groups and for 

recreational structures, such as tourism lodges and bungalows. 

The potential of manufacturing bamboo housing materials, such 

as floor tiles and mats also requires detailed investigation. 

 

Based on our findings, we recommend that the Ethiopian 

Government and bamboo sector, with support from 

International bodies, such as INBAR, should work closely with 

local builders to improve traditional architecture. This could be 

targeted through the Rural Clustered Village Settlements 

program which provides opportunities to improve rural poor 

housing in Ethiopia through humanitarian programmes. It is 

also recommended that bamboo should be promoted for 

flooring, ceiling, walling and partitioning in low-cost housing 

schemes. The integration of bamboo plywood panels as wall 

partitions in Addis Ababa IHDP condominium housing in 2012 

will provide a good example for this approach. Relevant 

Government Ministries, with support from INBAR and its 

partners, should also assist in building capacity by developing a 

local bamboo building code and then create sustainable 

partnerships with key actors to ensure smooth flow of materials 

within the various product chains. Finally, a thorough and 

thought-out strategy that will provide incentives to protect and 

use natural bamboo forests on a sustainable basis, and to 

establish bamboo plantations, wherever they could have both an 

environmental protection and production function, is urgently 

required. The Ethiopian authorities can help to achieve this by 

providing bamboo plantation inputs and propagation materials, 

and by setting up and building the capacity of bamboo farmer 

conservation co-operative societies and associations. 
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Abstract:  In the context of disaster risk management and in particular for exposure and impact assessments modeling, 
input data quality, both in terms of the degree of spatial and thematic accuracy and reliability, is one of the most important 
factors. Especially in an urban setting, mapping and analysis of population exposure is crucial for the assessment of the 
social dimension of vulnerability and is usually considered the starting point. Integration of social structure and varying 
aspects of resilience would then further differentiate situation-specific vulnerability patterns on a local scale. Census data 
available in inhomogeneous spatial reference units are considered the standard information input for assessing potentially 
affected people, e.g. in case of an emergency. Raster representations meet the existing strong demand on population data 
that are independent from administrative areas but are not yet available globally in both spatial and thematic consistency. 
In this paper we will thus explore multi-level geospatial information available from global to local scales and featuring 
varying temporal characteristics and also highlight recent technology-driven developments. We will provide an overview 
of concepts and applications in the social vulnerability domain, illustrating the varying scales and dimensions and the 
related implications considered in an urban earthquake context. 

 
 
1.  INTRODUCTION 
 

Integrated disaster risk management is much more 
than the immediate emergency response actions following a 
catastrophic incident. In many projects dealing with crisis 
management the main focus has been on the phase starting 
at the point when an unwanted event happens and lasting 
until the activities return to normal routines (i.e., ad hoc 
reaction rather than proactive mitigation). There has been 
less emphasis on the other phases of the disaster 
management cycle including risk analysis as well as 
prevention and preparedness, even though related aspects 
have a strong influence on the general status of a society and 
its citizens. Especially the potential of a crisis to escalate into 
a large-scale disaster is heavily dependent on the overall 
level of preparedness as well as on the planning of 
mitigation and response actions and their timely execution. 

Response and mitigation preparations considering 
multi-level and multi-dimensional influencing factors as 
well as space-time-dependencies reduce impacts to social 
systems and in addition reduce the overall time for recovery. 
In the context of particularly large-scale disasters there is a 
clear indication that proper planning and preventive actions 
could have at least decreased the possibility of the crisis to 
escalate (e.g., 2004 South-East Asia Tsunami). Furthermore, 
there are also indications to obvious general failures in 
implementing proper emergency response systems and 
applying lessons-learnt from major disasters such as 

Hurricane Katrina or the recurrent Mediterranean forest fires. 
In modern societies it is considered rational to expect that 
decision-makers do everything to avoid disasters that affect 
the societies’ individual members and even their function 
and prosperity as a whole. However, as the course of events 
of many both natural and technological disasters has recently 
demonstrated, these efforts often fail. Besides a set of other 
influencing factors, particularly the lack of a preventive 
attitude at many levels (e.g., regional/international, 
personal/political) has been identified as essential in 
contributing to this failure (Xanthopoulos 2007). Therefore, 
among the most important elements in mitigating crisis 
impacts are proper planning and related multi-sectoral 
cooperation. There is a need for multi-level geospatial 
information to support improved decision-making and 
enable modeling of crisis scenarios and impacts on social 
systems, according to chosen prevention and response 
actions. 

Vulnerability describing the status of a society with 
respect to an imposed hazard or potential impact is 
considered a strongly multidisciplinary concept and 
comprises various dimensions such as social, cultural, 
physical, and structural. A central objective of vulnerability 
assessment is to provide indications where, when, and how 
people and associated assets might be affected by a certain 
impact, including its aftermath. Results should provide 
decision- and policy-makers with supporting information to 
target response and mitigation actions adequately. 
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For assessment of the social dimension of 
vulnerability, mapping and analysis of population exposure 
forms an important part and is usually considered the 
starting point. Integration of social structure and varying 
aspects of resilience would then further differentiate 
situation-specific vulnerability patterns on a local scale. In a 
disaster risk management context, assessment of human 
vulnerability has generally been lagging behind hazard 
analysis efforts. Accurately estimating population exposure 
including spatio-temporal aspects is a key component of 
catastrophe loss modeling, one element of effective 
integrated risk analysis and emergency management. This 
paper will provide an overview of concepts and applications 
in the social vulnerability domain, highlighting the varying 
scales and dimensions and the related implications 
considered in an urban earthquake context. 
 
 
2.  MULTI-LEVEL GEOSPATIAL INFORMATION 
FOR HUMAN EXPOSURE AND VULNERABILITY 
MAPPING 
 

In the context of disaster risk management and 
particularly for exposure and impact assessments the quality 
of available input data both in terms of spatial and thematic 
accuracy and reliability is one of the most important factors. 
Census data available in inhomogeneous spatial reference 
units are considered the standard information input for 
assessing potentially affected people, e.g. in case of an 
emergency. However, there is a strong demand on 
population data that are independent from administrative 
areas. Raster representations meet this demand but are not 
yet available globally in both spatial and thematic 
consistency. Re-allocating aggregated population counts 
from administrative areas to a regular grid requires spatial 
interpolation methods such as dasymetric mapping. This 
method applies ancillary data do disaggregate coarse 
population data to effective residential areas on a finer 
resolution. Land Use/Land Cover (LULC) maps are often 
used as a basis for the disaggregation process in that regard 
(Eicher and Brewer 2001, Mennis and Hultgren 2006, 
Langford 2007). 

For applications on a super-regional level, rather coarse 
scale raster data on population patterns are mostly well 
suited, but for sub-regional analyses representations on 
higher spatial resolution are required, i.e. fine scale 
population grids which eventually go down to basic building 
level. Information on functional relationships in urban and 
suburban environments as well as high-level population 
distribution information is often not quickly available in case 
of emergency. Rapid mapping concepts mostly rely on Earth 
Observation data from different sensors as e.g. provided by 
the International Charter Space and Major Disasters 
(www.disasterscharter.org, last accessed on 01/31/2012). 
Improving the usability of satellite derived products and 
improving the benefits of satellite data for disaster 
management support in general is still subject to ongoing 
research (Buehler and Kellenberger 2007). 

 
Figure 1  Compilation of global-scale datasets on 

population density (GPWv3) and EQ hazard distribution 
(peak ground acceleration and frequency) for Japan 

(Source: NASA Socioeconomic Data & Applications Center, 
CIESIN/Columbia University, 2012). 
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2.1  Super-regional to global scale 
Figure 1 shows a comparison of selected global scale 

datasets on population distribution and earthquake hazard 
patterns. For an overview of broad-scale approaches to 
population distribution modeling, Balk et al. (2006) 
presented a list of datasets all focusing on representing 
resident population based on the highest resolution input 
data available. The first and least complex dataset is the 
Gridded Population of the World (CIESIN & CIAT 2004) 
representing the spatial distribution of human populations 
across the globe. “The Global Demography Project” (Tobler 
et al. 1997) can be considered the first major effort in that 
regard. Produced at the National Center for Geographic 
Information Analysis (NCGIA) in 1995 this first version of 
GPW was sort of a precursor for the subsequent series of 
approaches to consistently map population on a global scale. 
The current third edition of this broad-scale data product 
(GPWv3) aims at providing a spatially disaggregated 
population layer that is compatible with datasets from social, 
economic, and Earth science fields. The output shows the 
distribution of human population converted from national or 
sub-national spatial units (usually administrative units) of 
varying resolutions, to a series of geo-referenced grids at a 
resolution of 2.5 arc minutes (Deichmann et al. 2001). 
Population data estimates are available for the period 
1990-2015 by quinquennial years with estimates for 2005, 
2010, and 2015 produced in collaboration with the United 
Nations Food and Agriculture Programme (FAO) as ‘GPW: 
Future Estimates’ (Balk et al. 2005a). 

The Global Rural-Urban Mapping Project 
(GRUMP) provides a new suite of data products that add 
rural-urban specification to GPWv3, hence featuring an 
increased level of complexity (Balk et al. 2005b). This 
project emerged out of a need for researchers to be able to 
distinguish population spatially by urban and rural areas 
(Montgomery et al. 2003). There is however no single 
definition of what makes an area “urban”. Balk (2009) 
points out the United Nations World Urbanization Prospects 
(UN 2006) which identifies each country’s definition of the 
term “urban” where criteria include a variety of population 
size or density thresholds associated with administrative 
areas, capital cities, and combinations thereof. The central 
data product resulting from GRUMP (current status: 
Version 1, GRUMPv1) is a ‘Gridded Population of the 
World with Urban Reallocation’ in which spatial and 
population data of both administrative units and urban 
extents are gridded at a resolution of 30 arc-seconds (i.e. 
25-fold higher resolution compared to GPW). 

As stated above, methods such as dasymetric mapping 
rely on ancillary data for spatially disaggregating available 
coarse scale population data to effective residential areas on 
a finer resolution. Mostly Land Use/Land Cover (LULC) 
maps are used in that regard, e.g. on a European scale 
CORINE land cover data (CLC) were applied as basis for 
spatial disaggregation of residential population data, by 
either (1) estimating population density weights for the CLC 
classes (Gallego 2010) or (2) strictly considering mere 
residential CLC classes (Steinnocher et al. 2006). 

 
Figure 2   North-South European transect showing the 
absolute population change from 2006-2030 on a 1 km 

resolution population grid (Aubrecht et al. 2011a). 
Population distribution modeling is based on density 

approximation from soil sealing information (i.e., EEA Fast 
Track Service Precursor on Land Monitoring). 

 
Both approaches are limited to the rather coarse spatial 

resolution of the CLC data set (e.g., minimum mapping unit: 
25 ha) which leads to over- or underestimation of sparsely 
populated areas respectively. Furthermore, spatial 
disaggregation of available regional population data was 
recently performed based on a different kind of land cover 
dataset, i.e. the EEA Fast Track Service Precursor on Land 
Monitoring, which is a newly available raster layer for 
built-up areas featuring the degree of soil sealing for the 
EU27 and neighboring countries (Steinnocher et al. 2011). 
The dataset is based on ortho-rectified high resolution 
satellite imagery (SPOT-4 and IRS LISS-3), acquired in two 
time windows selected by the countries for the years 2006±1. 
Applying that impervious surface layer as a proxy for 
population (or rather housing) density, the spatial 
interpolation was improved significantly. Disaggregation for 
the 2006 population counts was performed for each input 
region (basic reference unit: NUTS 3), with an output grid 
featuring a defined spatial resolution of 1 km. 
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For modeling future socioeconomic patterns and 
monitoring spatio-temporal changes (see figure 2) Eurostat 
population prospects were taken into account. Predicted 
changes in population counts available on NUTS 2 level 
from the “EUROPOP2008 - Convergence scenario, regional 
level” were disaggregated based on the assumption that the 
relative distribution patterns remain constant, i.e. 
reallocating population to those grid cells already populated 
in the 2006 reference year. Future population densities 
(2030) were thus again calculated based on the 2006 version 
of the high resolution soil sealing layer for lack of available 
future prospects in that regard. However, the EEA Fast Track 
Service Precursor on Land Monitoring has just recently been 
updated in the frame of the geoland2 project for the 
reference year 2009. This will allow extrapolations to the 
short to medium time scale in the near future. Structural 
population information inherent in the Eurostat population 
convergence scenario was used for calculating the change of 
the proportion of elderly people (60+ years of age) whereby 
these changes were again proportionally applied to the 
populated grid cells. Including that structural population 
information in exposure mapping adds another dimension 
for a potential assessment of social vulnerability where the 
inherent structural patterns of a socioeconomic system play 
an important role (e.g., health vulnerability, etc.). 

Considering a set of additional assumptions about 
real-world population distribution another group of modeled 
datasets is based on the accessibility concept. Basic motive 
for that kind of methodology is that people tend to live in or 
close to cities and tend to move towards areas that are well 
connected with urban centers (Balk et al. 2006). This 
premise basically holds true even for rural regions for which 
it is expected that areas of higher population density are 
located preferentially close to transport links and bigger 
cities. The concept of accessibility and related indicators has 
been in use for a long time in particular in transportation 
research (Koenig 1980, Halden 2003, Gutiérrez et al. 2010). 
Applying accessibility indicators to population distribution 
and reallocation models has however not been that popular 
until first implementations for producing continental-scale 
databases for Africa, Asia, and Latin America in the mid 
1990’s (Deichmann 1996, 1998). Just recently Langford et al. 
(2008) examined how alternative population distribution 
models (i.e. approaches using even-distribution within 
census tracts vs. dasymetric mapping) influence GIS-based 
accessibility analyses, thus approaching this topic from the 
opposite side. Deichmann (1997) gives a comprehensive 
overview on the use of various accessibility indicators in 
GIS. He emphasizes that there are several ways to define 
accessibility and presents different concepts. Accessibility 
can be defined as the ability for interaction or contact with 
sites of economic or social opportunity. This definition is 
supported by Goodall (1987) who states “The concept 
expresses the ease with which a location may be reached 
from other locations. [It] summarizes relative opportunities 
for contact and interaction.” Aubrecht et al. (2010a) 
presented a case study where an accessibility surface was 
produced for the territory of Austria, subsequently used for 

population disaggregation. Referring to available 
high-resolution census data that study illustrated first 
validation results providing an idea of what can be expected 
from super-regionally modeled population datasets, e.g. in 
terms of statistical accuracy and deviations. 

Besides the abovementioned global and 
continental-scale population databases there is another 
dataset available on that spatial level - LandScanTM - 
comprising a worldwide population database compiled on a 
30 arc-seconds latitude/longitude grid. In addition to 
transportation networks and populated places LandScan 
includes likelihood coefficients based on parameters such as 
elevation, slope, nighttime lights and land cover for 
apportioning census counts to each grid cell, while less effort 
is spent on using the highest-possible resolution population 
input information. This dataset has a categorically different 
focus compared to the previously described population 
distribution models as it aims at measuring ambient 
population instead of attempting to represent nighttime 
census resident population (Dobson et al. 2000, Bhaduri et al. 
2002). These datasets have different objectives, make 
different assumptions, use different methodologies, and are 
designed to measure two different indicators. As stated on 
the iSciences “Global Data Hound” blog in April 2009 
(http://geoserver.isciences.com/DataBlog/) “it would not be 
fair to say that one or the other is ‘better’, it is more a 
question of what tool(s) are best for the job at hand”. 

The level of aggregation of all the above described 
databases (30 arc-seconds resolution at best, corresponding 
to 1 km²) is still too coarse to adequately support risk 
analysis at a detailed local level. However, other information 
sources (e.g., remote sensing imagery) may allow 
disaggregation at a finer resolution. The development of the 
LandScan Global Population Database represented a great 
improvement over pure residence-based population data sets. 
However, its representation of “ambient population” 
corresponds to a temporal averaging (over 24 hours) that is 
not ideal for use in time-specific hazards such as an 
earthquake or tsunami event. On a regional level, it has been 
attempted to overcome these limitations by developing 
population distribution databases featuring higher temporal 
and spatial detail (McPherson et al. 2006, Bhaduri et al. 
2007, Freire and Aubrecht 2010), including variation in the 
diurnal cycle but such efforts are still to be applied on global 
scale datasets. 
 
2.2  Local to regional scale 

As mentioned earlier, information on functional 
patterns in urban environments as well as high-level 
population distribution information is often not quickly 
available in case of emergency which is why rapid mapping 
concepts often rely on various Earth Observation data 
sources. For building comprehensive urban data 
management systems and mapping the complex urban 
environment at a high level of detail diverse input data is 
required, with functional information such as socioeconomic 
and explicit demographic data on the one hand and ‘real 
world’ physical properties as derived from remote sensing 
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on the other hand (Steinnocher and Köstl 2007). Earth 
Observation data classification is limited to physical 
characteristics of the analyzed objects but does not include 
process related information. With respect to manmade 
features this means that buildings can be detected as such, 
while building use and related socioeconomic activities 
cannot be derived that way. Urban system modeling based 
on remote sensing and geoinformation technology often 
does not go beyond a certain spatial and thematic scale 
regarding the corresponding reference objects. Only the 
integration of population and socioeconomic features and 
thus moving from land cover detection to land use 
assessment enables modeling of societal vulnerability and 
damage potential and impact patterns. Integrative 
approaches considering remote sensing and ancillary 
information are therefore expected to further increase in 
importance in the future. 

Aubrecht et al. (2010b) presented a model approach for 
a selected study area in Austria with the objective of 
identifying functional and socioeconomic relationships in 
a suburban environment on a very high level of both spatial 
and thematic detail. Very high resolution satellite imagery 
and airborne Laser scanning data were considered in a joint 
classification using Object-Based Image Analysis which 
resulted in derivation of detailed structural land cover 
information. Georeferenced postal address data then enabled 
linking this geometric base data framework with ancillary 
spatial and space-related information such as yellow pages 
company data and population data from the census. 
Integrating all available data sets resulted in a 3D population 
model on sub-building level (see figure 3) which was finally 
consulted for exposure and impact assessments (e.g., 
earthquake, noise propagation). 

 

 
Figure 3   Population distribution information, 

disaggregated to sub-building level based on functional 
urban system modeling (Aubrecht et al. 2010b). 

 
Figure 4   Daytime vs. nighttime population distribution 

information for Lower Manhatten in New York City, 
disaggregated to a 90 m grid (LandScan USA dataset). 

 
The spatial distribution of population in general, and 

hence its exposure to hazards, is time-dependent, especially 
in metropolitan areas. Due to human activities and mobility, 
the distribution and density of population varies greatly in 
the daily cycle. Therefore a more accurate assessment of 
population exposure and risk analysis requires going beyond 
residence-based census maps and figures (representing a 
nighttime situation) in order to be prepared for events that 
can occur any time and day (e.g., 1755 Lisbon tsunami at 
10 a.m., 2010 Haiti earthquake at 5 p.m., 2011 Japan 
tsunami at 3 p.m.). 

The recently developed LandScan USA is an expansion 
to the basic LandScan Global product that features ambient 
population distribution on a 1 km raster (Bhaduri et al. 2007). 
A multi-dimensional dasymetric modeling approach allowed 
the creation of a very high-resolution spatio-temporal 
population distribution dataset. At a 90 m resolution (3 
arc-seconds) LandScan USA contains both nighttime 
residential and daytime population distribution information 
incorporating movement of workers and students (figure 4). 
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Figure 5   Evacuation time model (bottom part) for 
population in buildings potentially exposed to tsunami flood 

waters (top part) (Freire et al. 2012). 
 
Freire and Aubrecht (2010, 2011) illustrated the 

modeling and analysis of the spatio-temporal distribution of 
population in the daily cycle in the Lisbon Metropolitan 
Area to re-assess human exposure to earthquake and tsunami 
risk. Total population numbers and spatial distribution vary 
significantly between day and night (i.e. population 
increases by up to 60% during daytime). In order to 
approximate the pattern variation between daytime and 
nighttime data on workforce and commuting statistics as 
well as land use and infrastructure information were 
integrated with the basic census counts in the spatial 
population disaggregation and reallocation process. Results 
show population exposure increase by 100% during the day. 

In ongoing research this approach has been extended to 
include evacuation modeling considering tsunami hazard for 
part of the same study area whereby the initial 50 m grid 
output was advanced to a high-level 3D building model 
(Freire et al. 2011, 2012). Figure 5 shows the evacuation 
model (illustrating evacuation travel time in minutes) for 
population in buildings potentially exposed to tsunami flood 
waters. The model considers both horizontal exits and 
vertical shelters for evacuation, whereby specific flood depth 
and building height are identified in 3D pre-processing. 

2.3  New developments 
Identifying distinct daytime and nighttime population 

distribution characteristics is a major improvement 
compared to standard census based models, but does 
however only display part of reality. New technology driven 
advancements including improved data storage and 
processing capabilities allow moving into the field of 
real-time representation of human movement (Aubrecht 
et al. 2012). Two main categories in that context are (1) the 
mapping of cell phone user activity, and (2) the use of 
volunteered geographic information (VGI). 

One way to record time-specific population distribution 
information in case of emergency situations is mapping cell 
phone subscriber locations. Cell phone subscribers are 
always linked to the nearest cell phone antenna station. User 
actions like phoning, texting, and internet access as well as 
user motion (provoking handovers between cell-phone 
antennas) trigger so called “events” that are recognized by 
the mobile communication system. Distinct time and 
location information of these events allow mapping the 
spatio-temporal distribution of the cell phone subscribers 
and applying that as proxy for time-specific population 
distribution. To map the cell phone subscriber distribution a 
set of requirements must be fulfilled: 

(1) availability of mobile communication network 
infrastructure location information, 

(2) dense cell phone antenna coverage for 
sufficient location accuracy, 

(3) mobile device users feature a representative 
sample of the total population, and 

(4) cell phone user actions trigger a log file entry 
with time and location information of each 
event. 

A first study is currently conducted by the AIT Austrian 
Institute of Technology in the course of the EU FP7 project 
urbanAPI (www.urbanapi.eu, last accessed on 01/31/2012) 
using data from Austria’s largest cell phone company “A1” 
(featuring 5 million subscribers of in total 13 million 
national cell phone contracts, held by 8 million inhabitants). 
These 5 million A1-subscribers create more than one billion 
mobile device events per day. Monitoring subscriber 
distribution patterns is carried out by counting the users 
connected to each of the cell phone network antennas during 
certain time steps (e.g., every 15 minutes). The numbers of 
cell phone users by antenna allow monitoring changes in cell 
phone user activity and location. 

Aggregating the user numbers, connected to all 
antennas within a certain area (e.g., within 500x500 m grid 
cells), serves to map subscriber distribution variation as 
effect of the collective population motion within a city 
during the day (see figure 6). Mapping time-specific cell 
phone user distribution therefore potentially allows 
extrapolating the urban population distribution and its 
temporal variation in short time slices. Thus, the population 
number at a certain time in a certain area can be examined 
and in a further step the potential exposure to a dangerous 
situation or hazard evaluated. 
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Figure 6  Cell phone subscriber distribution patterns 
(top part) used as proxy for population presence in 15min 

time slices (bottom part) in Vienna, Austria. 
 
In recent years we have observed an incredible increase 

in location-specific information provided voluntarily by 
individuals and disseminated via the web. The emergence of 
this Volunteered Geographic Information (VGI) as 
Goodchild first described in 2007 has attracted considerable 
interest within the GIScience community. As a special type 
of user generated content, it offers great potential to produce 
up-to-date and near real-time information related to any 
place on Earth, even though overall accuracy remains an 
issue of debate. Location sharing services (LSS) such as 
‘foursquare’, ‘Gowalla’, and ‘Facebook Places’ collect 
hundreds of millions of user-driven footprints or ‘check-ins’. 
Those footprints provide a unique opportunity to (1) study 
social and temporal characteristics of how people use these 
services and (2) model patterns of human mobility. However, 
the amount and frequency of VGI is not evenly distributed 
and recent research (e.g., Cheng et al. 2011) considers it 
directly related to socioeconomic characteristics of its 
contributors (i.e., geographic and economic constraints, 
individual social status). Particularly in the context of 
population dynamics studies, VGI may provide a data source 
that is more accessible and current as well as less expensive 
and time-consuming than traditional activity survey data. 
VGI generated on micro-blogging services and 
location-based social networks (LBSN) bear the greatest 
resemblance to the activity diary that time geographers are 
familiar with (Rush and Kwan 2011). 

Aubrecht et al. (2011b) compared functionally 
categorized location-specific check-in information from the 
LBSN platform ‘foursquare’ picturing one working week in 
the Lisbon Metro Area to a census and spatial statistics based 
daytime working population surface. The objective of that 
study was to analyze potential correlation patterns and 
explore options for modeling fine-scale spatio-temporal 
characteristics of urban land use based on VGI. 

Particularly in urban areas an increasing number of 
persons are equipped with ‘location sensors’ in the form of 
GPS-enabled mobile devices. The willingness to share 
situational experiences with others is generally increasing 
rapidly and is boosted by rising new technologies supporting 
the spatial component of social networks. These new 
developments result in collection of a vast amount of data 
about people’s locations and enable analyses of 
spatio-temporal movements. 

With further research certainly needed, this kind of data 
has a high potential to be very useful in the future for 
emergency and crisis management and for other fields 
requiring population data on high spatio-temporal resolution. 
Undoubtedly the data in its current form still show gaps and 
are biased to some extent by various factors: (1) To date 
there has not been any quantitative information available on 
the socioeconomic structure of LBSN users. This is most 
welcome for privacy reasons but complicates the assessment 
of how representative the data is with respect to the total 
population. (2) LBSN users usually use the services on a 
regular basis which leads to redundant records when 
aggregating data from multiple days or weeks. (3) The 
motivation of users to check in varies depending on a 
multitude of factors including their general social behavior, 
activities, and rewards they receive. Therefore, the captured 
information is considered to just cover a small sample of the 
total user mobility in real life. 
 
 
3.  CONCLUSIONS 
 

In the context of integrated disaster risk management 
and in particular for basic exposure and impact assessments 
input data quality both in terms of the degree of spatial and 
thematic accuracy and reliability is one of the most 
important factors for scenario generation and eventual 
successful mitigation of future risks. Particularly in an urban 
setting mapping and analysis of population exposure forms 
an essential part for the assessment of the social dimension 
of vulnerability and is usually considered the starting point. 
Integration of social structure and varying aspects of 
resilience then enables further differentiation of 
situation-specific vulnerability patterns on a local scale. 

In this paper an overview was given on available 
multi-level geospatial information and modeling approaches 
from global to local scales. Illustrating the varying 
dimensions and related implications considered in an urban 
disaster risk management context concepts and applications 
related to the social vulnerability domain were addressed 
including population exposure and evacuation modeling. 
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In addition to the main spatial resolution issues we also 
set a focus on data featuring varying temporal characteristics 
such as high-resolution spatio-temporal representations of 
population distribution over the diurnal cycle (i.e., daytime 
vs. nighttime situation) and disaggregated future population 
prospects on a European scale. Finally, recent 
technology-driven developments were highlighted providing 
the potential of moving into the field of real-time 
representation of human movement, including cell phone 
user activity mapping and the use of volunteered geographic 
information. 
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Abstract:  In order to make useful suggestions as to future tsunami urban recovery policies, the authors examined the 
transition of housing location in the damaged areas due to Sanriku Tsunamis in Iwate Prefecture, Japan.  This paper 
analyzes the relationship between the situations of resettlement in higher land after the 1896 Tsunami and the building 
damage due to the 1933 Tsunami in those areas.  Then, comparing the sequential aero photos after the 1933 Tsunami, it 
presents that the number of housing had increased in the coastal areas in the objective seven districts: Taro, Ryoishi, 
Katagishi, Kojirahama, Hongo, Kerobe, and Urahama.  It also clarifies the reasons based on the field survey and 
interviews to residents. 

 
 
1.  INTRODUCTION 
 
1.1  Problems of Post-Tsunami Resettlement 

Housing relocation from coastal zone to higher land is 
one of the most certain methods to avoid tsunami danger.  
So, the basic method has been applied in post-tsunami urban 
recovery plans in many regions such as Indonesia, Papua 
New Guinea, and Japan.  However, it seems difficult to 
keep the situation for a long time.  How is housing location 
changed after tsunamis?  Why did people return to coastal 
areas?  Those are the theses of this paper. 

In order to elaborate future tsunami disaster reduction 
plans, it is important to examine the change of housing 
location in the damaged areas after tsunamis because there 
are many cases in the history that people who had once lost 
their houses by a tsunami returned to coastal area again in 
spite of their relocation just after the tsunami.  For example, 
the victims affected by the 1992 Tsunami to Flores Island 
were forced to relocate by Government, but most people 
except who do not have a land at original location returned 
to the original site to live by 2001 (Maki et al. 2003).  Also, 
Nakazato et al. (2009) clarifies that some people in coastal 
area in Banda Aceh affected by the 2004 Indian Ocean 
Tsunami intend to stay in the original location because of 
occupational reason and familiarity with the site. 

Surrounded by the ocean, Japanese people have 
experienced several great tsunamis since before 2011 Great 
East Japan Earthquake and Tsunami.  Especially Sanriku 
Coastal Areas, mainly Iwate and Miyagi Prefecture, were 
devastated four times in the last 120 years.  1896 Meiji 
Sanriku Tsunami killed about 22,000 people, and 1933 
Showa Sanriku Tsunami attacked almost same areas to 
claim 3,064 lives (Yamashita 1982).  In 1960, the Chilean 

Tsunami came to the areas twenty-two hours after the 
earthquake occurred in Valdivia, Chile, and 182 people died.  
The latest and the greatest tsunami occurred on March 11, 
2011, and its influence on Japanese society is still spreading. 

As well as the cases in Flores Island and in Banda Aceh, 
the situation that relocated people returned to the original 
location repeatedly arose in Sanriku Area.  The affected 
people by the 1896 Tsunami moved to higher land just after 
the event to avoid danger caused by future tsunamis, but 
some of them had been back to the previous sites by the 
1936 Tsunami for some reasons, which resulted in serious 
destruction of villages again. 

 
1.2  Research Object 

  In order to contribute to future post-tsunami urban 
recovery plans, this paper examines the situation of 
post-tsunami housing location in Iwate Prefecture after the 
tsunamis in 1896 and 1933 using aerial photographs, and 
clarifies the residents' tsunami risk recognition based on 
interviews conducted before the 2011 Tsunami. 
 
 
2.  METHOD 
 

The research in this paper is carried out as follows. 
At first, the transition of housing location in seven 

villages for about seventy years after the 1936 tsunami are 
examined using aerial photographs provided by Geospatial 
Information Authority of Japan (GSI 2007).  Then, 
interviews are conducted with residents in the seven villages 
to clarify the reasons of returning home and to understand 
residents’ risk recognition of tsunami. 
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3.  TRANSITION OF HOUSING LOCATION 
AFTER 1933 SHOWA SANRIKU TSUNAMI 
 
3.1  Objective Villages 

To choose research objective villages in the affected 
areas by the 1933 Tsunami, we laid down the following 
conditions. 

 
a. Villages of which we can assemble the information of 

the recovery plans after the tsunami 
The research aims at understanding of the housing 

location transition from 1930s, when the safer resettlement 
were prepared for the victims after 1933 Sanriku Tsunami, 
to the present day.  Thus, it is necessary to exactly know 
the recovery plans from existing sources. 
 
b. Villages that we can understand the exact location of 

the post-tsunami resettlement based on the recovery 
plans 
In order to examine the transition of housing location, it 

is indispensable to follow spatial data of the sites.  Thus, 
whether the exact relocation site can be found in 
Government’s report (Prewar Home Ministry 1934) is an 
important factor to choose the objective areas. 
 
c. Villages that were caused immense damage by the 

tsunamis in 1896 and 1933 
The research focuses on tsunami-prone coastal areas 

that had been damaged by the both tsunamis in 1896 and 
1933, so the slight damaged areas were eliminated from the 
objective areas. 

 
As a result of careful selection, seven communities 

were chosen as shown in Figure 1: (1)Taro, (2) Ryoishi, (3) 
Katagishi, (4) Koshirahama, (5) Hongo, (6) Kerobe, and (7) 
Urahama. 
 

 
 

Figure 1  Tsunami Height by Sanriku Tsunamis 
and Research Object Villages in Iwate Prefecture 

3.2  Outline of the Objective Villages 
Table 1 demonstrates the damage by the Sanriku 

Tsunamis and production ratio of the objective villages.  
The dominant is marine products that occupy about 60 or 70 
percent in the six villages except Taro.  It means that living 
far away from the ocean would be inconvenient for many 
people in those villages. 

The following is the outline of recovery strategy and the 
estimated inundation condition (Iwate Prefecture 2006) of 
each village.  The parenthesized are names of the 
contemporary cities that the objective areas are located in. 
 
(1)  Taro, Taro Village (Miyako) 

Taro is surrounded by bluffs and the Pacific Ocean.  
After 1896 Meiji Sanriku Tsunami, they tried to make the 
land higher and land readjustment to avoid more tsunami 
disaster, but the plans were unsuccessful because of an 
enormous cost and residents’ incredulity.  Following the 
serious damage to the residential area by the 1933 Tsunami, 
they considered to relocate to higher lands.  However, they 
found that there was not enough space for more than 500 
households around the village.  Then they determined to 
construct high seawalls along with land readjustment to keep 
stay in the coastal area.  Most areas in the township are 
supposed to be inundated with water of more than six meters 
in height based on the survey report. 

 
(2)  Ryoishi, Unosumai Village (Kamaishi) 

Ryoishi district has a typical V-shaped bay and is 
known as coastal fisheries.  After the 1896 Tsunami, they 
rebuilt houses on the original damaged sites because of lack 
of suitable land for relocation.  Then more than 90% of the 
houses were destroyed by the 1933 Tsunami.  Although 
Government planned relocation, they judged it was difficult 
for all to move to the safer place and constructed four sites 
for ninety-three households.  In the report, most areas 
except the four higher sites would be inundated with water 
of more than 6m depths. 

 
(3)  Katagishi, Touni Village (Kamaishi) 

In Katagishi, five houses moved to higher lands by 
themselves after the 1896 Tsunami.  Then three higher sites 
were developed for sixty households in the post-tsunami 
recovery process of the 1933 Tsunami.  Most lower areas 
are supposed to be inundated with 6m water. 

 
(4)  Koshirahama, Touni Village (Kamaishi) 

Nearly 90% of the houses were damaged by the Meiji 
Tsunami in Koshirahama.  They purchased fields by 
donation, and 100 houses were located.  However, the new 
district caught a big fire in 1913, and most of them returned 
to the original place.  After the 1936 Tsunami, eighty-five 
households moved to higher lands.  Most houses in lower 
areas are supposed to be inundated with 6m water. 

 
(5)  Hongo, Touni Village (Kamaishi) 

Although one individual donated his own land to the 
victims to safely live, they did not accept the kind proposal 
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except only four households in Hongo.  Eventually the 
households came back to the original lands because of living 
problems.  The recovery plan after the 1936 Tsunami 
provided a safer district for 101 houses on the mountainside.  
According to the report, the coastal area is to be inundated 
with 6m water, and inner area is with water of 2 to 4m in 
height. 

 
(6)  Kerobe, Touni Village (Kamaishi) 

In Kerobe after the first tsunami, ten households moved 
to the higher area by themselves.  After the 1933 Tsunami, 
higher lands in the north were developed and twenty 
households were relocated.  This area is safer than the 
others in terms of inundation by the damage estimation. 

 
(7)  Urahama, Okirai Village (Ofunato) 

Land readjustment was carried out after the 1896 
Tsunami in Urahama.  Then new higher lands were 
prepared for seventy households after the second tsunami.  
Most plain lands are supposed to be inundated with 6m 
water or more.   
 
3.3  Transition of Housing Location based on Aerial 
Photographs after 1933 Sanriku Tsunami 

According to the above strategy of post-tsunami 
recovery, the residents started new lives, but the situation of 
housing location had been changed by 2011 Great East 
Japan Earthquake and Tsunami.  Here how the location had 
been changed for about seventy years is looked over using 
aerial photographs provided by GSI (2007). 

The available photographs for the seven areas are as of 
1948, 1966, 1968, 1977, 1981, 1991, 1997, and 2000.  In 
addition to those, aerial photographs on Google Maps are 
used to understand the latest situation.  Besides, 
photographs in the report on recovery plan (Prewar Home 
Ministry 1934) are referred.  Consequently we could 
arrange those decadal spatial data and understand the 
chronological change of housing location in the areas. 

At first, Figure 2 shows change of the number of 
households from 1949 to 2010 (Iwate Prefecture 2010).  
The points in time we observe the housing location by the 
photos are marked in the figure.  The population of every 
village increases after the World War II until the end of 60s 
with Japanese rapid economic growth, but differences are 
seen after 70s.  The number of households in Taro 
dramatically decreases around 1970, for Taro Mine, a chief 
industry in those days, was closed in 1971.  However it 

gradually increases after that.  The population of Okirai 
constantly increases for seventy years.  On the other hand, 
it gradually decreases after 70s in Unosumai and Touni. 

 

 

Figure 2  Change of the Number of Households from 1949 

to 2010 (Iwate Prefecture 2010) 

 
Secondly the change of housing location in the seven 

areas is illustrated based on the photos.  Figure 3 is an 
example for Ryoishi as of 1948, 1977, and 2010.  It is 
recognized that many buildings had been constructed not 
only in the lots for resettlement, but also in the coastal areas 
as of 1948.  As of 1977, about thirty years after 1948, more 
buildings had been built in the lower area though a seawall 
had been completed to reduce the power of tsunamis.  By 
2010, other buildings have appeared in the east.  The 
tendency that the number of houses increases in dangerous 
coastal areas according to the passing of time can be seen in 
Figure 4 that illustrates for Hongo. 

Table 2 is a qualitative description based on the aero 
photo observation.  It also shows the number of buildings 
in the higher lands and the coastal lands as of 2010.  It is 
summarized for all objective areas as follows: (1) Houses 
increase out side of the recovery-planned districts for safety 
Tsunami after 1960s, (2) there is a tendency that houses 
increase around the seawalls after those construction, and (3) 
houses gradually increase along the coast line after 1980s. 

To understand the transition of housing location 
quantitatively, we investigated the number of housings in the 
coastal areas that are supposed to be inundated by future 
tsunamis.  The number of buildings and the building ratio 
in the inundated area to all are shown as of 1948, 1977, and 
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2010 in Table 3.  In Taro, they determined to keep stay in 
the inundated area with the safe seawalls, so nearly half 
number of buildings exist in the area as of 1948.  However, 
the houses in all areas gradually increased toward the coast 
even though they were forced to move to higher lands in the 
recovery plan. 

 
 

4.  Tsunami Risk Recognition of Residents 
 

The tendency of increasing of residents in the coastal 
areas or the lower lands depends on residents’ individual 
conditions.  In order to clarify the reasons, the authors 
conducted interview questionnaire survey in December 2010 
and in January 2011 to understand tsunami risk recognition 
of residents who live in the seven objective areas.  The 

   

Figure 3  Change of Housing Location in Ryoishi, Unosumai Village 

 

   
Figure 4  Change of Housing Location in Hongo, Touni Village 
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number of examinee is 100 households: twenty-eight in the 
higher lands, and seventy-two in the coastal or the lower 
lands.  The questions consist of (1) the housing location 
process, (2) basic reasons of living on or moving to the site, 
and (3) tsunami risk recognition. 

Figure 5 illustrates the chronological change of housing 
location of the 100 households.  As a whole, sixty-nine 
households inherited the lands from their parents, 
twenty-two came from outside of the town, and nine had 
moved from the higher lands as of January 2010.  

Table 2  Number of Houses as of 2010 and Construction Processes after 1933 Sanriku Tsunami 
 Number of Buildings 1940- 1960- 1970- 1980- 1990- 2000- 

Taro High land: 516 
Coalstal land: 1,382 

Seawall I is 
constructed 

Seawall II is 
constructed 

Seawall III 
is 
constructed 

 

Houses are constructed in the 
recovery-planned district. 

Houses are built around the 
2nd seawall. 

Houses are built around the 
2nd and the 3rd seawalls.  

Ryoishi High land: 96 
Coalstal land: 297 

 Seawall is 
constructed 

 Seawall is 
made higher 

 

Houses are constructed in the 
recovery-planned district, and 
houses appear in the coastal area.  

Houses are built in the inundated areas by the tsunamis and 
the settlement expands to the east lower area.  

Katagishi High land: 47 
Coalstal land: 287 

 Seawall is 
constructed 

Seawall is 
constructed 

 

No building except the recovery 
planned district.  

Houses 
increases in 
the coastal 
area as well 
as higher. 

Houses 
increase in 
the backside 
of the 
seawall.  

More houses are built 
around the seawall. 

Koshirahama High land: 217 
Coalstal land: 217 

 Seawall is 
constructed 

Seawall is 
made higher 

  

Many houses far away from the 
coast.  

Houses increases in the plain 
coastal area.  

Houses increases in the east 
side of the seawall.  

Hongo High land: 156 
Coalstal land: 170 

 Seawall is 
constructed 
and tsunami 
control 
forest is 
planted 

 

Houses are constructed in the 
recovery-planned district. 

Houses increases around the 
seawall and other lower 
area. 

Houses increases inner land 
of tsunami control forest.  

Kerobe High land: 51 
Coalstal land: 85 

 Prevention 
facilities are 
constructed. 

 

Houses locate in the 
recovery-planned district as well 
as outside. 

Settlement expands in the 
mountain.  

Houses slightly increase 
along the coastline.  

Urahama High land: 697 
Coalstal land: 221 

 Seawall is 
constructed 

 

Houses are 
constructed in 
the 
recovery-planned 
district. 

Houses gradually increase along the 
coastline. 

Houses slightly increase in 
the east coast 

 

Table 3  Change of the Number of Houses and Building Ratio in the Damaged Coastal Areas by 1933 Sanriku Tsunami 

 Taro Ryoishi Katagishi Koshirahama Hongo Kerobe Urahama 

1948 869 
45.8% 

49 
12.5% 

10 
3.0% 

30 
6.9% 

1 
0.3% 

2 
1.5% 

28 
3.1% 

1977 1,079 
56.8% 

154 
39.2% 

30 
9.0% 

87 
20.0% 

30 
9.2% 

15 
11.0% 

39 
4.2% 

2010 1,209 
63.7% 

171 
43.5% 

79 
23.7% 

102 
23.5% 

54 
16.6% 

25 
18.4% 

66 
7.2% 
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Thirty-three households who had lived in the higher lands 
until 1940 relocated to the lower lands by 2000. 

The reasons of living in the coastal areas are shown in 
Figure 6.  The dominant reason is “No reason” by residents 
who moved from outside of the area.  The second reason 
was “convenient” by residents who returned from the higher 
lands. 

 

 
Figure 5  Change of Moving Conditions of Household 

in Higher Lands and Coastal Areas 

 

 

Figure 6  Reasons of living in the coastal areas 

 
 

5.  CONCLUSIONS 
 

In order to make useful suggestions as to future tsunami 
urban recovery policies, the authors examined the transition 
of housing location in the damaged areas due to Sanriku 
Tsunamis in Iwate Prefecture, Japan.  Then, comparing the 
sequential aero photos after the 1933 Tsunami, it presents 
that the number of housing had increased in the coastal areas 
in the objective seven districts: Taro, Ryoishi, Katagishi, 
Kojirahama, Hongo, Kerobe, and Urahama.  It also 
clarifies the reasons based on the field survey and interviews 
to residents.  The result will be helpful to consider the 
post-tsunami recovery plan in the damaged areas due to 
2011 Great East Japan Earthquake and Tsunami. 
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Abstract:  Floor field Cellular Automata (CA) pedestrian simulation models are known for reproducing important 
behaviors of human movement with high efficiency. However, the original form of CA is not suitable for large-scale 
evacuation simulation in complex building geometries such as train stations and airports for at least two reasons. First, 
generating static fields in complex geometries is difficult because it involves the calculation of shortest distances between 
all locations and exits in such geometries. Therefore, an efficient algorithm using visibility graphs and interpolation is 
proposed to generate static fields for complex geometries. Second, large-scale evacuation often causes serious 
congestions because many pedestrians are leaving hazardous areas simultaneously. Clearly, incorporating the behavior of 
congestion-averse in the simulation would be more realistic; however, imposing more rules to incorporate this behavior is 
unattractive for large-scale simulation because it leads higher complexity and long simulation time. An alternative for 
capturing congestion-averse behavior is the modification of static fields. The alternative is more attractive because only 
static fields are modified and the rules and complexity for CA simulation remain the same. The improved floor field CA 
simulation models are expected to provide more accurate evacuation measures and could be used to assist the designs of 
transportation terminals for their building layouts, evacuation guidance systems, etc. Finally, the methodology is tested 
with the numerical example of evacuations in the largest train station in Taiwan. 

 
 
1.  INTRODUCTION 
 

The evacuation time of a building is one of the most 
critical measures for its emergency evacuation design, e.g., 
building layouts and evacuation guidance systems. It is 
particularly important for large transportation terminals such 
as train stations and airports because they usually serve more 
pedestrians and their sizes are larger than other types of 
buildings. Evaluating evacuation time for various types of 
buildings is not trivial because evacuation time depends on 
both building geometries and human behaviors. Equations 
have been proposed for estimating evacuation time in 
buildings (Nelson and Mowrer, 2002). Although these 
methods are very effective for buildings with simple 
geometries, they might not be applicable for very 
complicated building layouts. Experiments (i.e., drills) are 
also used for estimating evacuation time; however, this 
approach is relatively impractical because drills are 
unrealistic and expensive to repeat. On the other hand, due to 
the advances in computer hardware, computer simulation of 
pedestrian evacuation becomes one of the most promising 
fields of hazard mitigation in transportation research.   

A complete review of pedestrian simulation can be 
found in Schadschneider et al. (2008). Among the computer 
simulation for pedestrians, the most popular ones include 
agent-based models (Batty, 2003), social force models 
(Helbing et al., 2000; Helbing et al., 2002), and Cellular 
Automata (CA) models (Burstedde et al., 2001; Krichner et 
al., 2003; Nishinari et al., 2004). CA models, which this 

research focuses on, are discrete-time and discrete-space 
approximations of the actual phenomena. There are many 
variants of CA and floor field CA models proposed by 
Burstedde et al. (2001) are widely adopted because their 
high efficiency. The so-called floor fields in CA consist of a 
static field and a dynamic field. A static field represents the 
attractiveness of locations in terms of their distances to the 
exits. In each step of the simulation, pedestrians are more 
likely to move to the adjacent cells with higher attractiveness, 
which captures pedestrians’ path-finding behavior. It is 
noteworthy that a static field needs to be calculated only 
once at the beginning of the simulation and does not change 
during the simulation, which saves a great amount of 
computational effort during the simulation. A dynamic field 
records the trails of the pedestrians, which is related to the 
herding and panic behavior of pedestrians and will be 
explained in more details in the literature review. Similarly, 
in each step of simulation, pedestrians compare the dynamic 
field values for the adjacent cells and are more likely to 
move to cells that more pedestrians have passed through. 
Unlike static fields that are fixed, a dynamic field updates 
during the simulation process. By maintaining the static field 
and the dynamic field, the decision rules of a pedestrian for 
movement are limited to the adjacent cells without having to 
consider the complex geometry of the building; as a result, 
the CA models are highly efficient and the simulation speed 
is faster than real time even for a large-scale crowd 
(Schadschneider et al., 2008), which is critical for the 
potential real-time evacuation decision making. Taking 
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advantage of the simple model structure and rules, Chu 
(2009) proposed a floor field CA implementation with a 
complexity linearly proportional to the number of 
pedestrians, while others (i.e., agent-based and social force 
models) are quadratically proportional to the number of 
pedestrians. Despite the efficiency, most of the human 
behaviors happened in evacuation can be reproduced by CA, 
which will be discussed later in the literature review. As a 
result, CA models have been adopted for various types of 
studies in the field of transportation research and the 
examples include Blue and Adler (1999), Abdelghany et al. 
(2005), and Abdelghany et al. (2010).  

Based on the above discussion, it is clear that the 
effectiveness and efficiency of CA simulation heavily 
depend on static fields. However, the original form of static 
fields in CA is not suitable for large-scale evacuation 
simulation in complex building geometries for at least two 
reasons. First, generating static fields requires distances 
between all locations and exits, which is difficult to 
accomplish in two-dimensional spaces with the existence of 
obstacles. In this research, an efficient approach for 
calculating static fields using visibility graphs and 
interpolation is developed to address the problem. Second, in 
the case of large-scale evacuation, evacuation routes are 
likely to be congested because too many pedestrians attempt 
to access the exits simultaneously. However, the behavior of 
congestion-averse is ignored in the original floor field CA. 
Motivated by the need for simulating behaviors adaptive to 
congestions, this paper proposes a procedure with two major 
steps to simulate the behavior of congestion-averse. In the 
first step, the evacuation process is monitored by a 
congestion detection mechanism that adopts image 
processing techniques. Second, based on the pattern of 
pedestrian distribution, congestions are determined and 
congested areas would be treated as obstacles by the 
pedestrians. As a result, the pedestrians bypass congestion 
areas and a more reasonable behavior can be reproduced. 
This procedure is attractive in large-scale simulation because 
more human behaviors can be captured without 
complicating the CA rules for pedestrian movement.   

The remainder of the paper is organized as follows. 
The literature of human behaviors and path finding in 
complex geometries is reviewed. Then, the two extensions 
for floor field CA are introduced. The proposed methods are 
tested with a numerical example. Finally, the conclusions 
and the future research are described.  

 
 

2.  LITERATURE REVIEW 
 
This section discusses previous studies of the human 

behaviors in evacuation and the techniques of path finding in 
complex geometries.  

 
2.1  Human Behaviors in Evacuation 

In spite of the simple form and high efficiency of CA, 
Burstedde et al. (2001) reported that they contain important 
features of pedestrian dynamics including jamming, lane 

formation, oscillations, patterns at intersections, and trail 
formation. In the cases of emergency evacuation on which 
this paper focuses, examining the capability of CA to 
reproduce the behavior in panic situations is more important. 
A comprehensive discussion of behavior under panic 
conditions can be found in Helbing et al. (2000). The 
important characteristics of the pedestrian movement in such 
situations include:  
1. Herding behavior. People tend to follow each other.  
2. Movement speed greater than normal.  
3. Uncoordinated passing at bottlenecks.  
4. Arc-shaped jamming and clogging at exits.  
5. Increased congestion.  
6. Pedestrians overlooking closer exits.  
7. Fallen or injured people as obstacles.  
8. Individuals pushing each other.  
9. Physical interactions in the crowd causing dangerous 

pressure. Extreme high pressure could bend steel bars 
or collapse walls.  
CA models are sufficiently flexible to describe the first 

six behaviors in the list without difficulty and the majority of 
them have been implemented in the studies of CA 
mentioned earlier. Of these, the herding behavior is regarded 
as one of the key features of panic behavior in computer 
simulation models. For example, the well-known 
social-force pedestrian models proposed in Helbing et al. 
(2000) use this herding behavior as an indicator of panic. 
Under normal conditions, pedestrians move according to 
their own judgment. However, in a panic situation, 
pedestrians follow nearby pedestrians and move as a group. 
This herding is more obvious as the degree of panic 
increases. This formulation adopted by social force models 
is consistent with the dynamic field in floor field CA models, 
which means that CA models are capable of capturing 
behavior under panic conditions in a way that is widely 
accepted. However, CA models are discrete space 
approximations of actual pedestrian behavior and are unable 
to model the rest of the panic behaviors in the list, including 
physical pedestrian–pedestrian and pedestrian–building 
interaction. Note that although falling due to pushing cannot 
be modeled in CA, it is still possible that people stop moving 
for some reason and become obstacles to other people. 
However, the examination of the probability and effect of 
this behavior requires more research and is not considered 
here. It is also noteworthy that, although CA models use a 
cell structure, they are still capable of capturing differences 
between pedestrians’ size and speed by discretizing the floor 
on a finer scale to allow pedestrians to move more than one 
cell per time step and to occupy more than one cell at a time 
(Kirchner et al., 2004). Therefore, based on this discussion, 
CA models simulate pedestrian behaviors adequately and 
can be used for evaluating the evacuation performance of 
buildings.  

 
2.2  Path Finding in Complex Environments 

Studies have been conducted to understand the 
path-finding behaviors of individual agents such as 
pedestrians and insects (Golledge, 1999). Many methods of 
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path finding have been developed to reproduce this behavior 
for pedestrians (Millington and Funge, 2009) and to plan 
robot trajectories (de Berg et al., 2008). Note that most of 
these studies focused on behavior at the individual level and 
are too computationally demanding for application to 
large-scale pedestrian evacuations in complex geometries. 
Therefore, more efficient approaches such as potential field 
methods have been adopted by many studies for large-scale 
pedestrian evacuations. The concept of potential field 
methods is that destinations have higher values of potential 
while obstacles have the lowest values, and the movement of 
the pedestrians is driven by this potential field. In the case of 
emergency evacuation, exits are the destinations, and exits 
and obstacles are common to all pedestrians. If these 
common factors affecting pedestrian movement are 
considered in advance, the remaining efforts at the 
individual level can be minimized. Marinova et al. (2003) 
used the potential field method to find paths for pedestrians. 
The routes from representative locations to the exits were 
connected through the turning points in a building (e.g., 
doors, intersections, and stairs) to form a network before the 
simulation began. After the network was constructed, the 
pedestrians simply followed the paths during the simulation 
to reduce the simulation time. Korhonen and Hostikka (2009) 
considered social-force models in the National Institute of 
Standards and Technology’s FDS-Evac model (McGrattan et 
al., 2009). That model used a field that emulates the flow of 
incompressible fluid for path finding. Similarly, to improve 
obstacle bypassing behavior, Nishinari et al. (2004) 
proposed a visibility graph approach to calculate the static 
field in CA and generate a more reasonable path-finding 
behavior. The contribution of these studies is that reasonable 
moving behavior can be reproduced very efficiently for 
large-scale simulation.   

These methods have several issues. The first issue is 
that due to the complex geometry of the building, the 
potential field may have traps if it is not calculated carefully 
and may result in an erroneous and dangerous evacuation 
design. The second issue is that these methods borrow 
techniques from other fields such as fluids, robotics, and 
imaginary potential, which are not realistic for human 
movement. The final issue is that these approaches only 
generate a feasible path from one point to another with no 
guarantee that the paths are optimal.  

 
 

3. METHODOLOGY 
This section describes the efficient method for 

generating static fields in complex geometries and how to 
capture the congestion-averse behavior.  

 
3.1  Efficient Approach for Generating Static Field 

The concept of using visibility graphs to generate 
static fields for CA is introduced by Nishinari et al. (2004). 
This subsection first explains the general concept of using 
visibility graphs to generate static fields. Next, the algorithm 
of interpolating static fields considering the complex 
building geometries is proposed.  

 
1. Visibility Graph and Static Field 

Finding shortest paths in the presence of obstacles is a 
classic problem in computational geometry. The following 
theorem states the property of a shortest path from an origin 
to a destination in such space.  

The shortest path from one point to another point 
among a set of disjoint polygonal obstacles is a polygonal 
path whose vertices (except for the origin and destination) 
are vertices of the obstacles.  

The proof of the theorem can be found in de Berg et al. 
(2008). A visibility graph is a network whose vertices are the 
vertices of obstacles and whose arcs connect all vertex pairs 
that are visible to each other. The rule for determining if two 
vertices are visible to each other is that a straight arc can be 
constructed between them without intersecting any obstacles. 
Based on the theorem, a visibility graph always contains the 
shortest paths from one vertex to another in complex 
building spaces. To find the shortest path between an 
origin–destination pair, new arcs are added to connect the 
origin and the vertices of the network visible to the origin. 
Similarly, new arcs are appended for the destination. When 
the graph is constructed, the shortest path between the origin 
and the destination can be found in the network using a 
shortest path algorithm. The term “vertex” is replaced by 
“corner” from this point forward as the discussion is moved 
from computational geometry to actual buildings. Efficient 
algorithms for generating visibility graphs can be found in 
Rohnert (1986) or Chu and Yeh (2011).  

After the graph is generated based on the building 
geometry, the next task is to find the shortest paths from all 
corners to the exit, which should be done with a 
many-to-one shortest path algorithm. Following the notation 
in Ahuja et al. (1993), the results of the shortest path 
algorithm are stored in pred(i), which is the corner pointed at 
by corner i; the value of pred for the exit is zero. The 
distance between corner i and the exit is d(i). The shortest 
path from a corner to the exit can easily be found by tracing 
back pred. The final step is scanning all cells c and find the 
best corner i for cell c such that d(i) plus the distance 
between the cell and corner i the smallest. The negative 
values of d(i) for all cell i constitute a static field. Examples 
of static fields will be introduced later in the numerical 
example. The static fields generated in such way simulate 
the situation where pedestrian have the perfect knowledge of 
the geometry and attempt to move to the exit via the shortest 
paths. It is noteworthy that this does not mean that every 
pedestrian leaves the building via the shortest paths. In 
addition to the shortest paths provided by the static fields, 
the actual CA simulation depends on interactions between 
pedestrians, herding behavior (i.e., dynamic fields), and 
randomness.   

So far, the search for the shortest path has been 
focused on a single exit. The methodology developed above 
can be easily extended to the case of multiple exits. When 
multiple exits are available, a visibility graph corresponding 
to its destination is generated and different static fields are 
calculated for all exits. The first situation that might be 
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encountered is that different groups are moving toward 
different destinations, e.g., firefighters and evacuees. In this 
case, each group uses the visibility graph corresponding to 
its destination and different static fields are provided to each 
group. Another possible situation is where multiple exits are 
available for a single group of pedestrians. In this case, 
pedestrians consider each static field separately and choose 
the field with the highest value (i.e., the closest exit). As a 
result, pedestrians attempt to take the shortest path to the exit 
that costs the least evacuation time.  
 
2.  Interpolating Static Field 

As described above, generating the static field is 
simply the calculation of evacuation distances for each cell. 
It can be seen from the discussions above, the calculation of 
the static field could be computational demanding for large 
buildings. In this study, the interpolation of the static field is 
used to shorten the calculation time for static fields. Various 
algorithms of interpolation are available and the simple 
two-dimensional bilinear interpolation (Press et al., 2002) is 
sufficient for this study. Essentially, that algorithm 
interpolates the point within a square with the values of the 
four corners. To maintain the accuracy of algorithm, there is 
a maximum range of interpolation. A large space is split into 
smaller parts and these smaller parts are interpolated 
separately. It should be noted that the interpolation is only 
appropriate for a smooth surface. Because obstacles are not 
walkable at all, obstacles have no attractiveness to a 
pedestrian and their static field values are essentially -∞. In 
other words, the existence of obstacles makes the static field 
discontinuous. Clearly, the original algorithm of 
interpolation would be insufficient for this type of surfaces. 
Therefore, this paper proposes an algorithm to conduct the 
interpolation with the consideration of obstacles.   

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
The proposed algorithm is inspired by the quadtree 

algorithm and summarized below. In the beginning of the 
algorithm, the whole space is split into grids based on the 
maximum range of interpolation mentioned above. For the 
grids that contain no obstacles, they can be interpolated 
directly. If any of the grids contains obstacles, the 
interpolation cannot be done for that grid and it must be split 
into four grids. Also, it is obvious that the smallest grids that 
still benefit from the interpolation are 3 by 3 ones. Thus, if a 

grid is smaller than 5 by 5, it is not split even it contains 
obstacles because there is no need to create 2 by 2 grids and 
interpolate them. In other words, for grids with sizes smaller 
than 5 by 5, the static field values of all non-obstacle cells 
are evaluated directly. The algorithm continues until all grids 
are processed.  

The algorithm can be illustrated with Fig. 1. In the 
illustration, the interpolation starts with a 9 by 9 grid. It is 
assumed that the accuracy of interpolation is sufficient 
within a 9 by 9 grid. However, the obstacle cell exists (the 
black cell) in the grid and the interpolation of static field 
using A, C, G, and I would be erroneous, particularly around 
the obstacle cell. The grid is split into four grids, labeled 1, 2, 
3, and 4. To reduce the number of the shortest distance 
evaluations, the edges of the grids are overlapped when 
splitting the grids. For example, the values of E and F can be 
used by grids 2 and 4. After the split, grids 2, 3, and 4 have 
no obstacle so the static field values can be interpolated. 
Grid 1 still has a cell of obstacle and should be split again. 
Following the same rule, grids 1-1, 1-2, 1-3, and 1-4 are 
generated from grid 1. Because grids 1-2, 1-3, and 1-4 have 
no obstacle, they can be interpolated. Because splitting a 3 
by 3 grid will result in 2 by 2 grids and there is no room for 
interpolation, no further splitting is done. Due to the obstacle, 
all cells in grid 1-1 are evaluated directly. In this case, the 
number of evaluations of static field is 18 (A through I and a 
through i), which is small compared to the number of 
non-obstacle cells (80). This approach is effective to reduce 
the number of direct evaluation of static field considering the 
impact of the obstacles. It can be observed that because the 
grids are overlapped when they are split, the edge lengthof a 
grid is the edge length times two plus one. The relationship 
between the size of different levels of grids is 

12)12(23 1  kkk , where k is the level of the grid 
and k=0,1,2,3, . It follows that the preferred edge length 
of a grid, denoted by m in the algorithm, should be 5,9,17 
and so on.  
 
3.2  Congestion-averse Behavior 

As described before, in the case of the large-scale 
evacuation, bottlenecks might arise and the shortest paths are 
likely to be congested because too many pedestrians attempt 
to access the exits simultaneously. To simulate the 
evacuation process more realistically, capturing the 
congestion-averse behavior is necessary. Different from 
other approaches that impose complicated rules to the 
pedestrian decision processes, this paper accomplishes the 
task by modifying the static fields without changing the rules 
for pedestrian movement. The proposed approach first 
identifies the congestion. Then, the congested are treated as 
obstacles and the modified static fields are generated for 
simulation.   
 
1.  Identify congestion areas 

The technique of digital image processing is one of 
the key components in the identification of congestion areas. 
Because digital images are composed of pixels, it is required 
to convert the facility under consideration into squares of 
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equal size. Similarly, the CA pedestrian simulation model is 
the discrete-space approximation of the actual pedestrian 
movement. It discretizes the space into cells and each cell 
can only be occupied by a single person. The assumption of 
the discrete-space approximation in the paper is made due to 
the above two important tools. Indeed, the model accuracy 
could be affected due to the discretization; it is emphasized 
that reducing the cell size is still possible if higher accuracy 
is required as described earlier in the literature review. In this 
research, the space of a cell is 40 cm by 40 cm, which is the 
space an average person occupies and widely accepted in 
CA simulation.   

Various studies have successfully adopted the 
techniques of image/video processing for pedestrian tracking 
and detection (Hoogendoorn et al., 2003; Helbing and 
Johansson, 2007). All of them are capable of detecting the 
positions of the pedestrians in a specific area. It follows that 
macroscopic measures such as density can also be calculated. 
Furthermore, Hoogendoorn et al. (2003) and Helbing and 
Johansson (2007) combined various algorithms from 
different fields to extract the microscopic characteristics 
such as speed of each pedestrian over time. Therefore, the 
technologies of positioning the pedestrians in transportation 
facilities are readily available and the spatial distribution of 
pedestrians that will be required in the follow procedures can 
be obtained through these techniques without difficulties.  

Figure 2 is used to explain the problem of ignoring 
congestion-averse behavior in emergency evacuation. The 
figure shows a 30 m by 40 m space of a train station, which 
also will be used in the numerical example later in the paper. 
In the figure, the black areas represent the obstacles and the 
pedestrians are represented by gray areas. A stairway 
connecting to the ground floor and is marked with an exit 
sign. The pedestrians are moving from north and west to 
leave the floor via the stairway following the shortest path. 
There are two sources of bottlenecks caused by taking the 
shortest path: pedestrians from north pass the same ticket 
gate to access the exit and all of those from west use the 
narrow space between the wall and a column. Because all of 
the pedestrians are taking the shortest paths, significant 
congestions are formed at the two bottlenecks. Without the 
behavior of congestion-averse, the alternative routes are 
ignored and the simulation of the evacuation process would 
be biased.  

The concept of the identification of congestion areas is 
treating the spatial distribution of the pedestrians as a binary 
image (i.e., black and white). Each pixel is equivalent to a 
small square of space, i.e. a cell, in the facility. A congestion 
area implies a group of cells crowded with pedestrians and 
jamming and clogging are forming. Therefore, in terms of 
digital image processing, congestion can be identified by 
finding objects in a binary image converted from a 
pedestrian distribution. The standard procedure for 
identifying objects in image processing includes noise 
removal, erosion, and dilation.   

Figures 2 through 5 are used to explain the procedure 
of the identification of congestion areas. When a pedestrian 
is moving without any pedestrians in the adjacent cells, it is 

clear that the pedestrian is able to walk freely and thus no 
congestion exists. In the sense of digital image processing, it 
is equivalent to a single dot in the image and can be seen as a 
noise. Because these scattered dots are not of interest for 
congestion identification, a noise removal algorithm can be 
used to eliminate them from the consideration. In this study, 
the commonly used median filter algorithm is adopted for 
this task. A median filter scans a neighborhood and uses the 
median value for all pixels in the neighborhood to replace 
the value of the pixel in the center of the neighborhood. This 
study selects a typical 5-by-5 neighborhood. Because the cell 
size chosen for this research is 40 cm by 40 cm, the meaning 
of the selection is that if there are at least 13 persons in a 4 
m2 space (0.16 m2   25 cells, equivalent to the density of 
3.25 persons per m2), the center cell of the space is 
considered congested. The threshold of 3.25 persons per m2 
is consistent with the jamming density reported in Jin (2002), 
which is 3.5 persons per m2. Figure 2 and Figure 3 show the 
effect of a median filter. After the processing, pedestrians not 
in the congestion areas are removed from the image and 
only pedestrians in congestion areas remain. However, it can 
be seen from the figure that many small gaps and holes exist 
and theirs shapes are rather irregular. Because visibility 
graphs depend on the polygonal objects, it would be more 
effective if the identified areas have more regular shapes, 
preferably concave polygons; therefore, more processing is 
required.  

After the step of noise removal, the next task is to 
search for major congestion areas with simple shapes in the 
facility. In the terminology of image processing, it is 
equivalent to finding objects of interest in an image, which 
can be done by smoothing out object outlines, filling small 
holes, and eliminating small projections in the image 
(Umbaugh, 2005). The common operations include erosion 
and dilation. Erosion shrinks objects by eroding their 
boundaries to simply their shapes in an image and dilation 
expands the objects for the loss of size in the step of erosion. 
By operating erosion and dilation in sequence, the objects 
with simpler shapes can be identified. When it is applied on 
the spatial distribution of pedestrians, the irregular shapes of 
small groups of pedestrians are smoothed out. Therefore, the 
visibility graphs would not be overly complicated due to 
these relative small congestion areas. Figure 4 and Figure 5 
show the effects of erosion and dilation respectively, and the 
results are the congestion areas that will be considered in the 
calculation of the static field. Finally, it should be 
emphasized that the parameters in the image processing 
algorithms determine the size and number of congestion 
areas. The appropriate parameters for different scenarios of 
emergency evacuation could be different and more research 
would be required for this topic.  
 
2.  Generating Congestion-averse Static Field 

The main concept of generating a static field 
responding to the congestion is to consider the congestion 
areas identified above as virtual obstacles. A static field 
considering both the original obstacles and the 
update-to-date congestion areas as obstacles is generated 
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with the method proposed above. Due to the additional 
obstacles, the shortest paths to the exits would be different. 
The procedure can be explained by Figure 2 and the 
congestion areas identified in Figure 5 are drawn in Figure 2 
for comparison. As explained above, the pedestrians are 
moving toward to the exit from west and north. It can be 
seen from the figure that the pedestrians take the alternative 
routes (arrows in the figure) to bypass the congestion areas. 
Finally, it is also possible to extend the methodology to 
detect and bypass accidents or disasters for these scenarios.  

 
 

4.  NUMERICAL EXAMPLE 
The floor B1 of the Taipei Train Station, the largest 

transportation terminal in Taiwan, is used as an example to 
demonstrate and validate the proposed methodology. Figure 
6 shows the layout of floor B1 with a length of 
approximately 197 m and a width of 143 m. The floor 
provides space for ticket checking and passenger waiting 
areas. The lower part is reserved for conventional rail and 
the upper part is dedicated to high-speed rail. The four 
stairways connecting to the ground floor above serve as the 
exits in this example and are marked with exit signs. Other 
stairways connect to floor B2 below; however, because 
pedestrians would try to move upward during an evacuation, 
these stairways are not considered in this example. All the 
areas in the figure that constitute obstacles to pedestrians are 
black; these include walls, columns, and ticket gates.  

Next, the static field for CA simulation is generated. 
One of the simplest forms of the static field in CA is the 
negative value of the Euclidean distance between the exit 
and the location under consideration; the static field of the 
exit is zero and the value decreases as the distance to the exit 
increases. This also means that the attraction of the exit to 
the pedestrian is the highest and the attraction is low when 
the location is far from the exit. This type of field works well 
in a simple geometry with no traps. Making walls and 
obstacles unattractive can further improve the models to 
reproduce more reasonable human behavior (Helgin et al., 
2000; Nishinari et al., 2004). However pedestrians would 
easily be trapped in a complex geometry using this type of 
field. The static field corresponding to the shortest path 
would be as shown in Fig. 6, where white indicates high 
attraction and black means no attraction. Each contour line 
represents 10 m in the figure. As expected, the static field 
value is the highest at the exits and decreases outwards. As a 
result, pedestrians move perpendicularly to the contours 
toward the center of the circles in the simulation. When a 
pedestrian attempts to move toward the exits, the static field 
based on the visibility graphs leads the pedestrian around 
obstacles and toward the exit via the shortest path. Clearly, 
this static field can be used to reproduce more realistic 
behaviors.  

The speed improvement and the accuracy of the 
interpolation approach are studied. The effect of the 
maximum sizes of the grid is also evaluated. The sizes tested 
are 3-by-3, 5-by-5, 9-by-9, 17-by-17, 33-by-33, and 
65-by-65 grids. The expectation for the size variation is that 

when the initial grid size increases, the number of shortest 
distance calculations decreases with the increasing cost of 
the grid decomposition. It is natural that the more 
interpolation is used, the accuracy of the static field would 
be decreased. The measures calculated are the CPU times of 
the static field generation, the number of shortest distance 
calculations, the maximum absolute error, and Root Mean 
Squared Error (RMSE). The benefit of interpolation can be 
observed from the test clearly. The reduction of number of 
distance calculations is 38% for 3-by-3 initial grid size and it 
is between 49%–50% for the rest of sizes. As a result, it 
reduces the CPU time for calculating static fields by 44% for 
3-by-3 initial grid size but the reduction is between 57% and 
59% for the rest of sizes. The results show that the 
interpolation does reduce CPU time. Enlarging initial grid 
size does not have effect after the 9-by-9 grid because the 
reduction of shortest distance calculations is canceled out by 
the increasing number of grid decomposition. On the other 
hand, the RMSE between the exact method and the 
interpolation is 0.044 cells (0.018 m) for the initial grid size 
of 3-by-3. It increases as the size of grid increases. The 
largest RMSE is 0.0387 cells (0.155 m) for the 65-by-65 
grid. These values show that the interpolation is close to the 
exact values of the actual static field. For the following 
analysis, the initial grid of 9-by-9 cells is adopted for its 
combination of efficiency and accuracy.   

These errors potentially affect the smoothness of the 
static fields and delay the simulation in general. Further, the 
results of evacuation simulation for pedestrians between 100 
and 6,000 are compared. The numbers are the estimates of 
the number of passengers in the research area in different 
hours of a day. It is found that the interpolated static fields 
cause the overestimation of the evacuation. The maximum 
evacuation time from the interpolated static field is between 
0.9% and 5.1% larger than that of the exact static field.  

 
 

5.  CONCLUSIONS AND FUTURE RESEARCH 
 
CA models have been adopted for evacuation design 

of transportation terminals and their high efficiency is 
potentially useful for real-time hazard response. This 
research proposes improvements for generating static fields 
of floor field CA models. The first extension of the research 
is an efficient algorithm that generates static fields in 
complex geometries using visibility graphs and interpolation. 
The second extension is the consideration of 
congestion-averse behavior in static fields without 
modifying the rules for simulation in CA. Using the 
techniques of digital image processing, the congestion areas 
in buildings can be identified. By considering these areas as 
virtual obstacles, the congestion-averse pedestrians take the 
alternative routes and bypass the congestion. The 
methodology is validated with a numerical example. A static 
field is generated for a transportation terminal with a highly 
complex geometry. It is found that the effect of introducing 
congestion-averse behavior is significant when the number 
of pedestrians is large. The example also finds that the 
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behavior has impact on the evacuation times and should be 
considered. More validations should be conducted with 
actual evacuation data in the future. Finally, the 
methodology assumes that the pedestrians have complete 
knowledge of the building space. This is not true in most 
emergency situations. Thus, incorporating wayfinding 
behaviors given incomplete information in the simulation 
can be another topic for future study.  
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Figure 1  Static Field Interpolation 
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Figure 2  Congestion Detection (Illustration of congestion)

Figure 4  Congestion Detection (Erosion) Figure 5  Congestion Detection (Dilation) 

Figure 3  Congestion Detection (Median Filter) 

Figure 6  Interpolated Static Field Based on Shortest Paths
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Abstract:  We proposed the way of determining the order of the roads to be recovered strategically, assuming that a 
large earthquake happens and that a large scale closure of road network follows in Tokyo Metropolitan area. By 
aggregating the real-world road network, we could simplify the network in the twenty-three Wards in Tokyo Metropolitan 
area and reduce the time for solving use-equilibrium traffic assignment problem. We introduced the representative 
scenario, and found that the proposed way of network aggregation worked well for identifying the closed roads that 
should be recovered first. We also found that the order of the closed roads to be recovered was not only dependent on the 
distance from the center and the scale of disruption but on the scale of through traffic in each Ward. 

 
 
1.  INTRODUCTION 

 

Road closure is in general defined as the state where a 

road or a part of road network is closed by a large disaster 

such as an earthquake or relevant traffic regulations for 

emergent rescues after the disaster. In order to recover the 

closed roads, the government often faces the difficulty in 

determining which roads should be recovered first. However, 

in case the number of closed roads is large, the number of 

possible orders of the roads to be recovered also becomes 

large enormously. For example, if the number of closed 

roads is 100, the number of possible orders of the roads to be 

recovered is numerically 2
100

, and evaluation of all possible 

orders is too time-consuming and inefficient. The 

government needs to take some measures to conduct the 

evaluation in more efficient ways. Considering these 

backgrounds, we propose one of the efficient ways by 

aggregating the area road network into some aggregated 

road links, which enables us to reduce the time required for 

the calculation for the evaluation considerably. 

In this study, assuming that a large earthquake happens 

and that a large scale closure of road network follows in 

Tokyo Metropolitan area, we propose the way by which we 

can determine the order of the roads to be recovered 

strategically. We also assume the same origin-destination 

demand before the earthquake will sooner or later be 

recovered after the earthquake. 

 

 

2.  PRECEDING STUDIES 

 

The preceding studies have mostly adopted the classical 

traffic assignment method for analyzing the effect of closure 

of a road or a part of road network. Sullivan et al. (2010) 

proposed three viewpoints for analyzing the effect of road 

closure such as vulnerability, robustness, and reliability. The 

viewpoint of the vulnerability is usually used for the study 

for identifying the road which is the most affected by the 

closure of a particular road link. The viewpoint of the 

robustness is usually used for the study for considering the 

road network which is less affected by the closure of a road 

or a part of road network. The comparison between before 

and after the closure of a road or a part of road network is 

important for the studies with the viewpoints of vulnerability 

or robustness.  

The viewpoint of reliability is often used for the study 

for evaluating the level of service of the road network in 

question after possible scenarios of closure of a road or a 

part of road network. The study focuses on whether a 

particular scenario of the road closure happens or not, and on 

whether the change of traffic flow or the decrease in the 

level of service on alternative roads if the closure happens. 

The studies usually take two steps. Firstly, the study 

estimates the probability of each scenario of road closure, by 

which the change of the road network is evaluated in a 

probabilistic way. Secondly, the change of travel demand 

and time in response to the change of the road network is 

estimated, by which the scale of the damages incurred by the 

change of the scenario, or the road closure, is evaluated.  

From one of these viewpoints, the preceding studies 

mostly assume a simpler road network than the one found in 

a real-world. For example, Sullivan et al. (2010) focused on 

robustness of road network, and calculated increase in time 

per trip when a particular road closure happened to road 

network. They assumed several types of road network; 

however, they appeared artificial and less realistic. Moreover, 
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they investigated all the cases by closing road links one by 

one in the road network, which might be too time 

consuming and usually impossible for applying to road 

network in real-world such as the road network in Tokyo 

Metropolitan area where the number of road links is well 

over 10,000 and the road network itself is very complicated. 

Considering the road network in Tokyo Metropolitan 

area, we propose the way of estimating the change of travel 

demand and time in response to the change of the road 

network more efficiently by aggregating the complicated 

road network. Connors et al. (2008) tried the similar way of 

aggregating a large-scale road network, and compared the 

results of transport network analysis such as cost and modal 

split from the real-world network with the results from the 

aggregated network. They concluded that the aggregated 

network performed mostly in a similar way of the real-world 

network. 

In order to determine the roads to be recovered first 

after the closure of some roads after a large disaster, Arimura 

et al. (1997) proposed a mathematical framework for 

handling the problem under the constraints of human and 

capital resources. They also gave the solution by applying 

Genetic Algorithm to the problem. They conducted the study 

with a real-world road network; however, the network was 

rather simpler than the network in Tokyo Metropolitan area 

where the direct applicability of the method might be quite 

limited. 

In this study, we focus on the period of a few days or 

weeks after a large earthquake happens, and assume 

locations of closed roads have already been identified. 

Figure 1 indicates the target of this study. After the validation 

of the dataset, firstly, we propose the way of aggregating the 

road network in the twenty-three Wards of Tokyo 

Metropolitan area in the next section. Secondly, we also 

propose the way of finding the optimal order of the closed 

roads to be recovered by estimating the change of the travel 

time given the locations of the closed roads in the section 

three. Combining these proposed methods, we study the 

strategic way of recovering road network disrupted by a 

large earthquake in the section four of the conclusions and 

further studies. 

 

 

2.  ROAD NETWORK AND ITS AGGREGATION 

 

We used the road network in 2010 of Tokyo 

Metropolitan area which covers the jurisdictions of Tokyo, 

Kanagawa, Chiba, Saitama and the southern part of Ibaraki 

Prefectures. For the daily origin-destination travel demand, 

we used the matrix estimated from the Road Traffic Census 

in 2005. While the number of the real-world road links in the 

road network is 24,815 containing major highways and 

expressways, we narrowed down the number of the links to 

be 5,335 for the aggregation by limiting the roads in the 

twenty-three Wards of Tokyo Metropolitan area. We also 

excluded the expressways for the aggregation. 

Before the aggregation, we conducted the validation by 

comparing the results of our user-equilibrium assignment 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1Restoration Planning and the Target of This Study 

 

with the results of traffic count which was available from the 

Road Traffic Census in 2005 in terms of traffic flow and 

speed. Because the Road Traffic Census gives the dataset of 

observed traffic flow and speed only for the peak period of 

weekday from seven to nine in the morning, we compared 

the peak traffic flow and speed estimated from our traffic 

assignment with the data from the observation of the peak 

period. Figure 2 indicates the results of comparison between 

estimated and observed traffic flow and speed. Since the 

R-squares of traffic flow and speed were 0.64 and 0.70 

respectively and the estimated values were well coincided 

with the observed values, we confirmed that the 

user-equilibrium traffic assignment successfully reproduced 

the traffic flow and speed in the real-world road network.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2 Observed and Estimated Traffic 
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While we could not conduct the comparison between 

estimated and observed values for the daily 

origin-destination travel demand because of unavailability of 

the dataset, we hereafter assumed that the use-equilibrium 

traffic assignment could also sufficiently reproduce the daily 

traffic flow and speed in Tokyo Metropolitan area. 

For the aggregation of the road network, we limited the 

target of aggregation to the major highways in the 

twenty-three Wards of Tokyo Metropolitan area and 

aggregated the road network in each Ward into one 

representative link for the Ward. Therefore, after the 

aggregation, the road network in the twenty-three Wards was 

aggregated into twenty-three links with some other 

additional links, which contributed to reduction in 

calculation of traffic assignment process. For each 

representative link, we needed to estimate relevant 

parameters for its performance function whose inputs were 

link length, design speed, traffic capacity and traffic flow. 

The link length was given by assuming the diameter of the 

circle whose area was the same as the Ward. The traffic 

capacity C and design speed V were given in equation (1) 

and (2) with N indicating the number of the real-world links, 

and v
l 
and c

l
 indicating the design speed and traffic capacity 

of the link l respectively. 

 

                                     (1) 

 

 

                                     (2) 

 

Next, we estimated parameters for link performance 

functions for the aggregated link. In the real-world road 

network, parameter values for link performance function are 

suggested by Japan Society of Civil Engineers (2003), for 

example, alpha as 0.48 and beta as 2.82. For the aggregated 

link, we needed to obtain the similar parameters in 

accordance with the performance of the real-world road 

network in terms of traffic flow and time. 

In order to estimate the parameters, we randomly closed 

a part of the real-world network in each Ward, and prepared 

the dataset of the rate of closure, the changes of travel time 

and traffic flow. The rate of closure was defined in the 

equation (3), and it was reflected in the aggregated link by 

reducing its capacity when the closure happened. With the 

dataset, we estimated the parameter alpha and beta indicated 

in the equation (4) by applying regression. 

 

                                    (3) 

 

                                    (4) 

 

f : traffic flow of real-world/aggregated link 

C
l
, D

l
 : link capacity and length for real-world link 

     C
l
n, D

l
n : link capacity and length for the n

th
 closure 

 

The results are demonstrated in Table 1. 

We could estimate parameters for the aggregated link in 

each Ward with significance. For the central Wards such as  

Table 1 Parameter Estimates and Comparison 

of Out/In Traffic Flow 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Chuo and Minato, because the road network is subject to 

road congestion, the estimated values for alpha and beta are 

relative high. They imply relatively lower level of capacity 

and higher level of traffic flow in the central Wards. On the 

other hand, for the suburban Wards such as Ota and Nerima, 

the estimated value for beta is relatively low, which might 

reflect relatively higher level of capacity and less congestion. 

For some Wards such as Meguro and Arakawa, the 

estimated value for beta exceeds 3, which, we suppose, 

reflects that there are no significant expressways in these 

Wards and the highway network is liable to congestion. 

    We compared the estimated traffic flow crossing the 

boundary of each Ward from real-world and aggregated road 

network by inputting estimated parameter values in Table 1. 

We found that the results were similar and the aggregation 

was successfully completed. By aggregating the real-world 

road network, we could simplify the network in the 

twenty-three Wards in Tokyo Metropolitan area and reduce 

the time for solving use-equilibrium traffic assignment 

problem. 

 

 

3.  STRATEGY FOR RECOVERY OF CLOSED  

ROAD NETWORK 

 

Because we cannot determine which roads are 

damaged and closed after a large earthquake happens with 

certainty, we build some scenarios by which we indicate the 

way by which we can decide the order of the roads to be 

recovered strategically. For a representative scenario, we 

randomly closed 100 real-world highway links in the 

twenty-three Wards and applied the method to the situation. 

The distribution of closed links in the real-world road 

network in the scenario is indicated in Figure 3. The same 

distribution described in the aggregated network is indicated 

in Figure 4. 
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N

l

lcC
1

α (t-value) β (t-value) Real-world Aggregated

Chiyoda 1.98 (4.51) 2.02 (10.54) 383688 379252

Chuo 2.97 (4.68) 2.34 (7.81) 362030 368726

Minato 2.11 (3.13) 2.56 (6.32) 470232 478521

Shinjuku 1.76 (6.87) 2.24 (21.97) 358134 352162

Bunkyo 1.52 (3.00) 1.72 (19.79) 156232 155744

Taito 1.90 (4.64) 2.28 (7.76) 190542 191725

Sumida 1.35 (4.68) 1.98 (4.51) 187827 179923

Koto 1.85 (3.52) 1.86 (8.52) 303215 296573

Shinagawa 1.29 (3.50) 1.64 (16.44) 250043 244896

Meguro 0.31 (4.45) 3.78 (33.14) 241025 240037

Ota 0.96 (3.46) 1.36 (32.98) 362176 366572

Setagaya 1.43 (6.81) 1.82 (20.65) 278562 278934

Shibuya 1.59 (4.01) 2.01 (7.16) 258954 257280

Nakano 2.08 (3.50) 2.30 (3.52) 190471 187972

Suginami 1.01 (3.16) 1.81 (7.43) 221013 221135

Toshima 1.34 (2.03) 1.80 (3.24) 156426 152567

Kita 0.50 (3.35) 1.61 (11.08) 175689 177275

Arakawa 0.44 (3.07) 3.76 (7.60) 155058 157872

Itabashi 1.42 (4.21) 1.71 (8.63) 237194 237765

Nerima 1.45 (9.72) 1.62 (20.66) 254139 252253

Adachi 1.36 (3.09) 1.71 (8.43) 281134 286768

Katsushika 0.86 (4.10) 1.77 (11.22) 158845 154872

Edogawa 1.22 (3.98) 1.88 (4.35) 262245 269805

Parameters for Aggregated Links Out/In Daily Traffic Flow
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Firstly, we reflected the scenario of closed roads into 

the capacity of the aggregated links in each Ward. From this 

situation, we decided which reduced capacity of the 

aggregated link should be recovered first by calculating the 

gap between total travel time before the earthquake and after 

the recovery to some degree. The objective function with 

constraint of total amount of possible recovery in term of 

capacity is given in equation (5). 

 

                                           (5) 

 

 

 

tp, fp : travel time and traffic flow before an earthquake 

ti, fi : travel time and traffic flow after an earthquake 

     with the constraint of total capacity recovery T 

yi : amount of capacity recovery in Ward i 

By extending the constraint of total capacity recovery 

T of the closed roads from 0% to 100%, we identified the 

aggregated link in each Ward to be recovered first. The result 

is shown in Figure 5. The priority of recovering closed roads 

was given in central Wards because of higher level of traffic 

flow before the earthquake implying larger changes of traffic 

flow and time by recovery of the closed roads. In some 

suburban Wards with higher traffic flow, the priority was 

also higher. On the other hand, the priority was not high in 

Arakawa Ward where traffic flow crossing the boundary was 

not so large. We also found that the order of the closed roads 

to be recovered was not only dependent on the distance from 

the center and the scale of disruption but on the scale of 

through traffic in each Ward. 

 

 

4.  CONCLUSIONS AND FURTHER STUDIES 

 

In this study, assuming that a large earthquake happens 

and that a large scale closure of road network follows in 

Tokyo Metropolitan area, we proposed the way of 

determining the order of the roads to be recovered 

strategically. We introduced the representative scenario, and 

found that the proposed way worked well. For further 

studies, we needed to introduce more scenarios and studied 

the characteristics of the road network in Tokyo 

Metropolitan area on the whole. 
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Figure 3 Real-world Road Network in the Twenty-three 

Wards with Emphasis on the Closed Roads 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4 Distribution of the Closed Roads 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 5 Closed Roads with Priority of Recovery 
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Abstract:  In recent years, obtaining a better understanding of the number of people who may have difficulty in 
returning home after a devastating earthquake has been of great public interest. In this paper, we construct some models 
that describe decision-making and behavior of individuals on returning home in the aftermath of  a devastating 
earthquake. The proposed model was calibrated using data taken from questionnaire surveys and various GIS data, and 
applied to people living in the Tokyo metropolitan area. We attempted to estimate the number of people who would not be 
able to return home if traffic networks were blocked by a devastating earthquake, and demonstrate the spatiotemporal 
distribution of people who have difficulty in returning home. 

 
 
1.  INTRODUCTION 

 

The actual spatial distribution of residents on the move 

in any busy metropolitan area changes by the hour, or even 

by the minute, since a large number of people are travelling 

for a variety of purposes over long distances, using 

rapid-transit or other rail facilities. In the event of a 

devastating earthquake, a number of roads will be damaged 

and/or blocked by collapsed buildings; and traffic signals 

will be turned off. Moreover, public transportation 

(including buses) is expected to be paralyzed and 

unavailable. It is assumed, therefore, that there is no 

alternative way to get home other than on foot. As a result, 

an extremely large number of people would experience 

difficulties in returning to their place of residence. 

Nakabayashi (1985) has pointed out the needs of 

stranded people and conducted many revealing studies. 

Based on his work, Tokyo metropolis has attempted to 

estimate the number of stranded people who might have 

difficulty returning to their homes in the aftermath of an 

earthquake (Tokyo Metropolis, 2006). Public concern about 

this issue has increased, following reports by the mass media. 

Studies generally assume that all people away from their 

homes will attempt to return. However, individuals’ 

intentions depend on many factors in addition to the distance 

to their homes: the time of the disaster, the person’s status 

(working, student, age, etc.), and the availability of 

information about family members all impact individual 

decisions (Iwata and Kumagai, 2002). In this study, residents 

are surveyed about their intentions with regard to returning 

home immediately after a disaster, and their responses are 

employed as basic data to construct a model (model of 

intention to return home). We seek to determine the 

probability that any individual will actually attempt to return 

directly home. 

The model used by Tokyo Metropolis (2006) is based 

on materials provided by the Tokyo Fire Department and on 

the findings of Nakabayashi (1992) derived from a survey of 

people’s actions to return home on the day of the Miyagi 

Offshore Earthquake (1978). This is a simple model for 

evaluating people’s actions following a disaster, when most 

relevant factors are substantially unpredictable. However, 

this model does not account for differences in stranded 

people’s capabilities based on age and sex. Therefore, in this 

paper, survey data taking account people’s vigor and athletic 

ability (MEXT, 2006) are used to estimate the distances 

people would be able to travel on foot, based on age and sex. 

These estimates are then used to create a model (walk-home 

model) for describing situations in which people, however 

anxious to return home, may have reached the limits of their 

strength and given up the attempt. 

Information from a Person-Trip Survey conducted in 

the Tokyo Metropolitan area in 1998 (P-T data) offers 

individual examples of potential stranded persons (Osaragi, 

2009). The spatiotemporal distribution of people living 

within the Tokyo Metropolitan area who might have to walk 

home is estimated and employed to produce basic 

observations during disaster planning on how best to 

accommodate such individuals. 

 

 

2.  MODEL OF INTENTION TO RETURN HOME 

 

2.1  Survey of intentions to return home after a disaster 

A survey of people’s intentions with regard to their 

activities after a disaster was carried out. Respondents (948 

persons) were asked to imagine themselves in the vicinity of 

a railway station used daily, and were then questioned about 
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their intentions to return home after a disaster. Three 

timeframes (8:00 AM, 12 Noon, and 6:00 PM) were 

hypothesized for the disaster occurrence. Respondents were 

asked which final destination they would ultimately attempt 

to reach on the day of the disaster. Since a decision might 

also be affected by availability of information about safety of 

immediate family members, those living with family 

members were also surveyed about how this consideration 

might affect their decisions. 

 

2.2  Basic structure of model of intention to return 

home 

A neural network model (3-layer perceptron) is used 

in the present study, as it provides relative ease of definition 

for a variety of conditions and other settings (Kumazawa, 

1998; Tanaka and Osaragi, 2007). The neural network 

scheme (Rosenblatt, 1958, 1961) is trained by way of the 

following points, on the basis of data obtained through 

subjects’ stated intentions to return home. 

(1) Information about the following five factors 

affecting subjects’ intention to return home is used: time of 

disaster; cohabitation with family member(s) and availability 

of information about family members’ safety; sex of subject; 

age of subject; and network distance to home. Only 

distance-to-home is recorded as a real number; all other 

responses are entered as categories. The distance-to-home 

from the subject’s “present” location is precisely calculated 

using the sum of distances along the roadway network 

(streets at least 3-m in width, and excluding toll-ways). 

Subjects’ intention to return home, or not, as indicated on the 

survey form is the relevant “teaching signal”. 

(2) An error back-propagation method (Rumelhart et 

al., 1986), in which the output signal is compared with the 

teaching signal, and the difference used to adjust the weights 

of the neurons, is employed for training. Training is stopped 

when the sum of squared differences between the output 

signal and the teaching signal is within 0.001%. 

 

2.3  Estimates of probability of intention to return home 

Figure 2 shows examples of the probability that a 

subject, as a refugee, will undertake to return home on foot 

on the day of a disaster, estimated using the model of 

intention to return home. Results are expanded below: 

(1) The fraction of people who decided to return home 

is about the same at 8:00 AM and 12 Noon, but becomes 

much lower by 6:00 PM. More respondents who live with 

family members indicate that they intend to return to their 

homes, and this tendency increases markedly according to 

the increment of distance-to-home. 

(2) When distance-to-home is great, more respondents 

intend to return home when they have had no contact with 

family members than if such information is available; ability 

to contact family members is therefore a significant 

influence on their decisions. However, an opposite effect 

appears when the distance-to-home is relatively short. Many 

respondents predict they will go to regional evacuation 

centers, even if the distance-to-home is short. 

(3) Males are more likely than females to attempt to 

return home. This is especially marked in males unable to 

learn the fate of family members; an overwhelming majority 

of males respond that they will attempt to reach home, in 

spite of distance. 

(4) Prior to the survey, the authors had surmised that 

more younger and/or physically fit respondents would 

express a stronger intention to return home than older 

respondents; however, aside from respondents in their teens, 

very few young respondents express a desire to return home. 

They prefer to stay at their educational institutions, perhaps 

because they view them as evacuation shelters. Respondents 

in their forties, who are the most likely to have young 

children at home, express the strongest intention to return 

home. 

 

Figure 1  Intention to return home as estimated by neural 

network model 

 

 

3.  WALK-HOME MODEL 

 

In taking into account the actions of individuals in 

returning home after a disaster, one must account for several 

factors. (1) Some may start out with a firm intention to go 

home, but reach the limits of their physical strength on the 

way and give up. In order to account for this behavior, the 
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model must include how the subject’s age and sex might 

affect the distance he or she can actually walk. (2) Some 

people will also give up the attempt to return home if the sun 

sets before they get home, since a major power failure is 

presumed. It is necessary to consider how many people will 

be swayed by this factor, which also involves (3) the time 

when the subjects start toward home. Finally, (4) the density 

of pedestrians in the streets affects walking speed. If 

everyone sets out for home simultaneously after a disaster, 

the streets are liable to congestion; this could well slow a 

stranded walker’s progress. Based on (1) – (4) above, 

constructed a walk-home model for estimating the 

spatiotemporal distribution of stranded persons, including 

those who would, or would not, be able to reach home on 

foot after a disaster. The details of a walk-home model are 

described in Osaragi and Tanaka (2011). 

 

 

4.  SIMULATION OF ACTIONS TO RETURN 

HOME 

 

4.1  Overview of simulation 

Figure 2 summarizes the simulation of actions taken by 

stranded residents to return home following a disaster. First, 

the route between the subject’s location at the time of the 

disaster and home location and the real network distance are 

calculated. Next, the model of intention to return home is 

used to calculate the probability that a person will actually 

decide to attempt to walk home. The inputs for the model are 

the attributes of stranded individuals (age, sex, and 

cohabitation with family) and network distance to home. 

People who immediately decide not to return home are 

divided into two groups: (a) those who feel they are not 

strong enough and (b) those who feel they are strong enough 

but decide against returning on foot for other reasons. Using 

network distance-to-home, time of sunset, start time and 

walking speed in the walk-home model, a simulation is 

performed for those who desire to return home. Coordinates 

of the locations of people who give up on the way due either 

to fatigue or nightfall are thus obtained. 

Not strong enough

People who decided not to return home

Strong enough but decided

against returning on foot

for other reasons

Model for discrimiation

- fatigue model

Those who can

reach home

Those who have dificulty in retuning home

Those who give up on the way home

Those who give

up after sunset

Walk-home model

- fatigue model

- sunset model

- start time model

- walking speed model

All the people in the metropolitan area excluding who are at home or moving

People who decide to return home

Model of intention to return home

Those who give

up due to fatigue

 

Figure 2. Simulations of actions by stranded residents to 

return home 

4.2  Stopping owing to fatigue 

Figure 3 shows the characteristics of people projected 

to give up on their way home due to fatigue. Many stranded 

persons are predicted to give up along the main 

thoroughfares connecting Tokyo with its satellite towns; 

over half of these are men and women in their fifties or 

sixties. Younger women in their twenties are more likely to 

give up on the way home than men in the same age cohort. 

Those of advanced age may wish to return home, but many 

of them will find it physically impossible to do so. We 

require special care for all such age cohorts. Figure 4 

presents a breakdown of those who are predicted to give up 

by elapsed-time after a disaster. The older the person in 

question, the sooner they tend to stop, and the data also tend 

to predict that women will give up sooner than men. 
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Figure 3. Individuals projected to give up on their way home 

due to fatigue 
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Figure 4. Analysis of people giving up due to fatigue by 

elapsed-time after a disaster 

 

4.3  Stopping owing to fatigue or nightfall 

Figure 5 shows the spatial distribution of people giving 

up on their way home owing to fatigue or nightfall at an 

elapsed time of 6 hours after a disaster. To support such 

stranded persons, disaster plans along streets such as these 

should be revised to include provision of portable lavatories 

and some distribution of emergency supplies. 

Figure 6 shows variations in the number of stranded 

residents. However, persons already at home are not shown. 

The proportion of individuals that give up on their way 

home due to fatigue and those that give up due to nightfall is 

not particularly large. Still, 6 hours after a disaster that 

occurred at 12 Noon, approximately 400,000 people will 

find themselves stranded because of fatigue or nightfall. A 

comparison of the results based on differing disaster times 

shows that an increasing number of persons are away from 

home as the morning wears on, meaning that more will also 

- 1897 -



 

 

become stranded. A key difference between morning and 

evening occurrences is that, due to nightfall and the fact that 

more people are away from home at the time of the disaster, 

evening occurrences result in more stranded individuals. 
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Tokyo Bay
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Figure 5. Spatial distribution of walkers giving up owing to 

fatigue or nightfall 
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Figure 6. Variation in numbers of stranded residents 

 

4.4  Risk of exposure to large-scale fires 

Figure 7 shows the spatiotemporal distribution of 

persons walking home at 4 hours after a disaster occurrence. 

Streets with densities of 200 or more persons/100m are 

ubiquitous among major roads linking the city center to its 

suburbs. There are even a certain number of thoroughfares 

projected for use by more than 500 persons/100m. In such 

cases, there is substantial risk of pedestrian traffic 

overflowing from a sidewalk onto the roadway, disturbing 

the passage of ambulances and other emergency vehicles. 

Tokyo Metropolis has evaluated the risk of fire for each 

chō-chōme (traditional Japanese address units), and 

classified it into five risk categories from 1 (low) to 5 (high). 

Based on this evaluation, the fire-hazard map has been 

created and the spatiotemporal distribution of people 

returning home on foot overlaid (Figure 7). The center of 

Tokyo, where a large number of places of employment are 

located, is presumed to be safe, since fire- and 

earthquake-proofing of buildings have been more or less 

achieved. By contrast, many wooden houses still exist in a 

belt-figured area located at 5-15 km from the city center. 

Thus, on any particular day the environment may give 

rise to conflagration in case of unfavorable conditions, such 

as strong winds and/or dry air. Our simulation results show 

that a large number of workers employed in the center of 

Tokyo, an area itself safe from fire, may return home 

through areas of potential high-risk for fire. The risk of 

blindly returning home, without any information about the 

disaster situation including the progress of large-scale city 

fires, must be considered. Even if it were safe when starting 

out for home, risk of fire is likely to accrue along routes 

outbound from the city center. Those returning home on foot 

may thus be placing themselves at undetermined risk of 

conflagration. 
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Legend [ personae/m ]
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Figure 7. Spatiotemporal distribution of stranded residents 

and risk of fire 

 

 

5.  SUMMARY 

 

Potentially disaster-stranded residents of Tokyo were 

surveyed on their intentions regarding returning home on 

foot after a major disaster, and survey data were employed to 

create a model of such individuals’ intentions to return home. 

This model accounts for several factors besides 

distance-to-home, including the time occurrence of the 

disaster, the personal and physical characteristics of stranded 

individuals and the known (or unknown) safety of their 

families. A walk-home model was also constructed to 

describe the actual process of returning home on foot. A 

simulation was carried out by combining the model of 

intention to return home and the walk-home model. 

Estimated data for street congestion and a spatiotemporal 

distribution of refugees were generated. The results may be 

useful as basic supporting data for earthquake- and other 

disaster-management planning. 
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Abstract: Much work in disaster planning, especially for natural ones such as earthquakes, floods, etc., has focused on 
such matters as studying their nature, designing mechanisms to increase the ability of structures to withstand disasters, 
predicting and forecasting, identifying those at high risk, disseminating information to them, disaster preparation and 
evacuation procedures, providing temporary shelters, distributing aid, rebuilding and resettling quickly, etc. These actions 
are intended to reduce the impact of disasters, minimize deaths and damage, increase resilience and these mostly have 
helped.  However, many of these approaches make assumptions about human behavior and culture that may not be 
accurate, may lead to errors and wasted effort.  

This paper provides an alternative.  The cultural ecological approach focuses on the people affected, on 
culture-environment relationships to obtain up-close understanding of how they view their lives vis-a-vis disasters, and 
what they see as appropriate ways to act, design, and rebuild.  Selected components of this approach are: place 
suitability, place processes and routines, place attachment, place commitment and obligations, place meaning, place 
cosmogonies, place valuation, and place selection and preparation. The method well suited to such an approach is 
described. The conclusion provides a categorization of approaches to design and of infrastructure management. 

 
 
1.  INTRODUCTION 
 

The study of humans and human behavior is an 
important area of disaster planning and management 
(Drabek 1987). Within this area, this paper proposes a 
cultural ecological approach to understanding 
humans-in-environments. This mode can increase 
consciousness of a major, but overlooked, way humans 
conceptualize and deal with their environments in relation to 
disasters.  In doing so, it will provide a more complete 
understanding of how people cope with disasters.   

The cultural ecological view sees humans in 
environments as an integrated whole, rather than as a loose 
collection of relatively independent parts. It embodies two 
axioms: 1) cultures exist in space and time and cannot be 
free of either; 2) cultures have interrelationships with space, 
which implies that a) cultures are affected by the quality of 
the environment, and b) cultures affect their environments. 
The groundedness of people in a particular place and the 
physicality of cultures are seen as important. Culture is 
defined as a group of mutually interacting persons with 
negotiated shared understandings, ideals, values, a way of 
looking at the world and their place in it. This broad 
definition of culture includes national, geographic, regional, 
local as well as sub-local cultures. Cultural products include 
the ideational constructs, the socially negotiated and 
developed ideals, as well as the constructed environment, 
including buildings, cities, plazas, parks, and so on. The 
place component is not devoid of people, it is the sum-total 
interactive effects of both (Mazumdar 2011). How people 
see themselves in relation to others affects the design of the 

space. Cultural notions about family social relations, for 
example, affect the arrangement and very nature of the 
spaces in homes and how they are furnished (e.g. Mizumura 
in press).  Similarly, cultural relations in the public realm 
influence how public space is configured and used (see for 
e.g. Low 1992). 

The cultural ecological view will be illustrated briefly 
through a description of selected concepts. The list is 
illustrative in that for any particular culture some 
components will be extremely important whereas others 
may not be significant.  The uniqueness of cultures will 
thus be evident. Some have direct relevance to earthquakes 
others are more indirect. 

This non-empirical paper will describe briefly the 
following components: place selection and preparation, 
place cosmosgonies, place valuation, place suitability, place 
process and routines place attachment, place commitments 
and obligations, and place meanings. This will be followed 
by a section on a method appropriate for the cultural 
ecological approach. The conclusion will provide 
categorizations of approaches to design, and of infrastructure 
management. 

 
 

2.  CULTURAL ECOLOGY: CONCEPTS AND 
CONSIDERATIONS  
 
2.1 Place Suitability 

Viewing disaster response in a culture-exclusionary 
way, wherein culture is overlooked, has led to the provision 
of inappropriately designed buildings. For example, Oliver 
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(1987) points out that polyurethane “igloos” designed by 
Bayer Corporation, a West German company and developed 
by the Red Cross, were distributed for post disaster 
rehousing. After permanent apartments were provided for 
those displaced by the 1970 Gediz, Turkey, earthquake, 
residents of Akcaalar preferred to continue to use the Bayer 
domes as storage places for their animals because the 
apartments failed to provide these spaces. Distributed after 
the 1972 Nicaraguan earthquake, only 30% of the Bayer 
domes were occupied even though these were free, because 
they were ”culturally unsuitable” (Oliver 1987:214). 
Prefabricated two-story housing provided by the Australian 
Government “were greatly disliked and remain(ed) 
uninhabited” (Oliver 1987:214). Permanent housing 
provided by the Turkish Government to house the 70,000 
homeless were largely vacant twelve years later, whereas 
others were “heavily adapted and extended …”. These were 
“inappropriate to the lifeways of the people” (Oliver 
1987:215). Even temporary emergency rehousing trailers 
became a problem because of their location and lack of 
soundproofing (Brown and Perkins 1992:292). Assigning 
trailers on a first-come-first served basis (one considered 
reasonable and fair in the USA) ran into problems because in 
this system former neighbors were no longer available for 
socializing (Erikson 1976) and neighborhood ties were 
broken (Brown and Perkins 1992:293). Lack of suitability 
has been recorded for various reasons (e.g. Brolin 1976, 
Colson 1971; Brown and Perkins 1992, Scannell and 
Gifford 2010). Besides houses and other buildings, the 
layout of the neighborhood, urban area, or town could also 
be unsuitable. It is not unusual for these new areas with 
temporary or permanent new buildings, to be laid out in a 
standard grid pattern of streets.  Although this kind of 
layout may seem good, neat, and attractive to the outside 
experts, planners and designers, they may not match what 
the community considers livable.  

 
2.2 Place Processes and Routines 

Processes and routines involve sets of sequenced 
repeated actions. Places become part of people’s routines. 
Some religions routinize visits to worship centers (church, 
synagogues, mosques, etc.), on a regular basis, such as every, 
Sunday, Saturday, or Friday). Those routines also lead to 
place-dependence (Stokols and Shumaker 1981). Other 
cultural group members may visit a temple or shrine in the 
morning on the way to work even though this may not be a 
requirement of the religion. Some have routines of visiting 
nature, going to parks, or particular places in the city (e.g. 
Low 1992). Going to work may involve taking the same 
route, hence routine, at a particular time. Disruptions of such 
processes and routines can lead to normlessness or a sense of 
vacuum, not knowing what to do and therefore 
disorientation. 

Routines may occur inside buildings as well.  Some 
routines can become so ingrained that they get conducted 
without conscious thought or attention and are called body 
routines (Seamon 1980).  Such body routines and body 
memory enable us, for example, to find light switches in the 

dark while not fully awake. 
Although this involves adjustment to existing condition 

in cities and buildings, place evacuations and evacuation 
routes could be made part of body memory and body 
routines as part of evacuation planning. Out of the way and 
rarely used egresses (e.g. stairways) have to be consciously 
found during emergencies. Alarmed egresses that are to be 
used only during emergencies remain unfamiliar in terms of 
their location and cognitive map of their designs and 
interiors. Such under-used and non-used egresses may have 
hazards, such as dust or water that can make them slippery 
and hazardous during an actual evacuation. These lead to not 
only difficulty of use but also delays at critical times. 

 
2.3 Place Attachment 

Cultures develop attachment to places and physical as 
well as cultural and social community (Low and Altman 
1992). Such attachments can be deep and can lead people to 
reconstruct prior environments they were familiar with and 
attached to instead of building in ways that would reduce the 
problems of the design of their old environment. After the 
1964 Anchorage, Alaska, earthquake (Kates, Eriksen, 
Pijawka, & Bowden 1977), the 1976 Friuli, Italy, earthquake 
(Geipel 1982), and the devastation caused by the 1974 
tornado in Xenia, Ohio (Francaviglia 1978), the local people 
took action to rebuild replicating the old environment instead 
of opting for new designs (as recommended by planners in 
some instances).  Scannell and Gifford (2010:4) suggest 
that these were expression of place attachments and 
familiarity: “familiarity and use took precedence over 
planners’ wishes, residents manifested their attachments by 
recreating the city to which they were bonded, even if it was 
flawed.” To the local people, not only was there loss of their 
old, familiar, and perhaps comfortable places, if the rebuilt 
environment is unfamiliar it would be tantamount to living 
in a new place. And indeed, as Erikson (1976:ix) points out, 
the residents of Buffalo Creek referred to themselves as 
“refugees”. In addition to dealing with losses and other 
adjustment, this would require relearning, forming new 
cognitive maps of the city, and readjusting to one’s own 
“new” place.  From this local and situated perspective, their 
reluctance to opt for the new may be understandable.  
Importantly, in disaster planning place attachment and its 
effects continue to be neglected. 

 
2.4 Place Commitments and Obligations 

Evacuation may be complicated for those who feel a 
strong commitment to the land and nature.  Leaving the 
land that sustained, supported or accommodated them, 
especially under conditions of impending disaster might be 
seen as abrogating one’s responsibility or abandoning it 
during a critical time.   

A similar sense of commitment might exist toward the 
family shrine/altar and to the ancestors whose bones, 
remains, or ashes are kept in the house.  Many Japanese 
believe that when evacuating the entire Butsudan altar needs 
to be carried out and if this is not possible, the ancestral 
tablets at least need to be taken along (Earhart 1984: 62). In 
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Orissa, India, bones of ancestors are buried in a corner of the 
house and worshipped regularly, thus renewing and 
remembering their connection to the ancestor as well as to 
the land. The home becomes a repository of ancestral bones 
and artifacts, Evacuating due to oncoming floods is 
problematic because leaving the remains amounts to 
abandonment of these ancestors and relatives (e.g. dead 
husband), and many people are torn about evacuating, and 
some choose to stay at risk to their own lives (Mishra, 
Mazumdar, and Suar 2010). These commitments are to 
people —living or dead— and to place. Some who had to 
move away return on a periodic basis for maintenance, 
renewing ties, and performing ceremonies (see also Brown 
and Perkins 1992). 

In Orissa, generations live on the same land and house. 
Houses are seen as ancestral property, handed down from 
one generation to the next, and it becomes the responsibility 
of the current generation to pass it on. Continued residence 
is important also to Gwembe Tonga residents (Colson 1971). 
Not being able to do so can be seen as a failure. Some see no 
point in leaving and living when the ones that mattered had 
to be abandoned. 

Along with people, place, and object, commitment, 
there may be commitment to animals as well. Disasters can 
lead to loss of animals used for economic enterprise, which 
causes disruption to humans. But some bemoan the loss of 
and effect on animals independent of how it affects humans. 
Going back to rescue animals that were pets is common, but 
staying or returning to rescue or care for non-pet animals 
also occurs (for example, in spite of orders to the contrary, 
and at risk to himself, a man goes back to Fukushima for this 
reason (Lah 2012 CNN 27Jan2012)). 

 
2.5 Place meaning 

Beyond being mere physical objects that can be 
acquired and discarded without much hesitation, such as 
with paper plates after dinner, many places are especially 
meaningful to residents. An apartment could be one of the 
numerous near identical ones in a multi-story building that to 
an outsider may be almost undifferentiable. But to the 
occupants, their apartment could be much more special and 
meaningful. It is associated with stories of their lives, about 
how they obtained it, how they selected it, what they did to 
make it suitable, and more.  In addition, cultures have 
ceremonies to make places meaningful.  Some cultures 
select auspicious days for moving in, perform religious 
prayers—with or without priests—have dedication 
ceremonies to convert space into meaningful place and to 
connect it to themselves (Mazumdar and Mazumdar 2009a).  
Such investment makes the place special (see also Low 
1992). 

It is therefore not surprising that the people will hesitate 
to leave. When not compelled to evacuate immediately, 
when leaving a place, some people take a moment to walk 
through the place one last time, almost as if they are saying 
goodbye to an old and supportive friend. Sudden departure 
does not permit time to complete these and leaves such 
matters incomplete. Some Japanese bow to the space before 

leaving. Some cultures treat nature, including buildings as 
living beings, and in others although they may not be viewed 
as living, they are seen as worthy of respect and even caring 
and affection. 

 
2.6 Place Cosmogony 

Cosmogonic ideas by cultures affect how members 
view, settle in, and act toward nature. The general ideas of 
mastery over nature (exemplified by the West) harmony 
with nature (attributed to Japan and few Eastern nations), 
reverence for nature (as in India and parts of Africa), and 
guardianship for or caretaker of nature (believed by Native 
Americans and by Abkhazians), influence the way these 
cultures treat nature and how they evaluate their actions. The 
influence of the West has led to infiltration of the Western 
mode of thought and action. Much progress has been made 
in early warning systems, in the development of disaster 
withstanding materials and structures (although it could be 
argued that not all are entirely of the mastery point of view). 
However, the idea of mastery is diminished by the inability 
to predict the timing, location, or intensity of natural 
disasters—which therefore remain inexact and conjectural. 

  Cosmogonic views have for many cultures led to 
ideas about where and how to live.  In some cases the 
home became a model of the cosmos (e.g. Cunningham 
1972). Important is the knowledge developed and used by 
culture members, but equally important are the details of 
how the cosmogonic ideas influence the designs.  Many 
post-disaster rebuilding efforts ignore these views, which 
may lead to rejection of what the experts may believe to be 
superior cutting-edge design. 

Religion may also influence the location, design, and 
use of buildings, especially homes (Mazumdar and 
Mazumdar 2009a,b).  Some religions require places of 
congregational worship whereas for others homes become 
sacred places where worship is conducted. For many 
religious structures orientation toward preferred cardinal or 
other direction is important. For others, ideas about 
auspicious, avoidance of inauspicious, the location of 
neighbors, or notions about privacy may govern entrance 
location and orientation.  Being compelled to live in 
inappropriate settings, especially if adjustments are not 
possible, can lead to dissatisfaction and conflict (Hall 
1959:174).  

 
2.7 Place Valuation 

To planners, architects, and engineers, especially those 
from afar, an empty space may be largely undifferentiated 
and equivalent, one that could be divided and assigned as if 
these were near identical. Local culture members however, 
value some spaces more than others. Place valuations may 
be influenced by cogmogony.  Location of cities and 
buildings are influenced by ideas about nature. Dore (1958) 
described the strong emphasis on and homage to nature 
among residents of the Shitayama-cho in urban Tokyo.  
Codified cultural principles provide directions about good 
locations, preferred orientations and establishment of cities 
and buildings. The Indian Vastu Shastra, Chinese Feng Shui, 
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Korean Pungsu-jiri-seol, Vietnamese Phong Thui, are 
examples. 

Other authors have described the valuation given to the 
landscape, to trees, flowers, and to the primacy of the 
seasons (e.g. Ohno in press).  Such valuations make the 
Japanese and Japan unique.   

Within buildings, spaces are valued differentially. 
Belief based preferences exist also in the United States. 
Many multi-story buildings lack a 13th floor because it is 
thought to be an unlucky number and is avoided. Similarly, 
houses on streets are not given the number 13 and so houses 
on one side of a street might be numbered: 1, 3, 5, 7, 9, 11, 
15, 17, etc.  

 
2.8  Place Selection and Preparation 

 Selection of a land area on which to build and live is 
an important consideration in many cultures.  Unlike many 
other countries Japan, a small nation of islands, has 
approximately 73-80% of the land unbuilt (some due to 
geography). Building on the part considered acceptable has 
led to high-density environments.   

In the belief that humans coexist with many other living 
beings, and in keeping with the general Shinto-Buddhist 
philosophy of “harmony with nature,” Japanese engage in a 
ritual Shinto ceremony (Jinchinsai) for preparing the land 
prior to building.  It involves seeking permission from the 
earth and other creatures to disturb the land in order to build 
and also to seek blessings for the safety and well-being of 
the construction crew and the future occupants of the 
buildings. Not performing this ritual leaves, among those 
who believe in its need, a feeling of incompleteness. 
Similarly in the Hindu tradition, permission is sought from 
the earth through bhoomi pooja prayers (Mazumdar and 
Mazumdar 2009a). Establishment of home may involve 
rituals (Saile 1985).  Not being able to conduct such 
activities (e.g. when prebuilt housing is provided after 
disasters) may mean that there has been a violation or that 
the structure is not appropriate to inhabit.  

 
 

3. METHOD 
Briefly, the focus of the method for learning about 

cultural ecological relationships has to be on the people and 
their environment (the cultural ecology). Although such 
research has the potential to provide important 
methodological, application related, conceptual and 
theoretical contributions, these are not the drivers for this 
research.  Such contributions, if any, are to be considered 
later. 

A non-positivistic “qualitative” research method is best 
suited to maintain the focus on learning and not be distracted 
by such considerations as “objectivity,” “generalizability,” 
“hypothesis testing” and the like.  A non-positivistic 
idiographic method, such as Naturalistic Field Research, or 
modified ethnography would be most suitable (see also 
Oliver-Smith 1986, Hoffman and Oliver-Smith 2002). 
Cultures are unique, but so are natural disasters; few 
disasters have been claimed to be identical (Mileti 1987:67). 

A second focus is to learn about a particular group’s 
culture (one at a time) as it relates to the physical 
environment (cultural ecology). Here, culture of the group is 
emphasized because this is the most commonly overlooked. 
However, this method could enable learning about 
individuals also. 

Data collection techniques most helpful would be 
observation and interviews.  Observation will be of the 
physical environment itself as well as how the culture 
members interact with it. Photo documentation would be a 
good way to record these.  Observations would also be 
made of people’s activities, events, celebrations, as well as 
regular routines. 

Interviews will be an important and rich source of data. 
Interview questions would seek to understand group and 
cultural phenomena, deeper rationales, as well as 
unarticulated beliefs. It may not be possible to frame 
relevant questions in advance, and many or most questions 
will depend on the observations, answers to previous 
questions, and the member’s knowledge. Therefore, 
unstructured questions are probably the best option. Since 
the attempt is to learn from the members as much as they 
can teach the researcher, the answers should be open-ended. 
Long answers, and therefore long interviews, would be good 
at providing deep learning and rich data (Spradley 1979, 
Kvale 1996). 

 
 

4. CONCLUSION 
As noted earlier, many disaster planning efforts have 

been known to be unsuccessful, and many to be failures. 
Failure implies that they might have been counterproductive 
and may have hurt those they were intended to help. The 
effort outside experts make to develop what they believe are 
good plans and solutions can become useless if these are 
rejected.  This might disappoint the experts, but for the 
people affected by the disaster it becomes yet another 
disaffection that needs to be overcome. These considerations, 
in addition to cost and waste, suggest that alternatives be 
considered. 

Some assumptions made by the external or etic 
approach are: people would choose not to live in areas if 
they were informed of the potential dangers; given early 
warning, people will understand these and behave as 
expected; people will remember and follow evacuation plans 
and orders; people will see aid as effort to help and accept it 
as an improvement of their condition. These assumptions are 
not always correct.  The emic i.e. local or situated approach 
is presented here to enable learning about and understanding 
the local cultural ways. This is important enough to deserve 
use of appropriate (cultural ecological) experts in this area, 
for adequate and necessary funds for research to create a 
database in advance of any major disaster, and for help in 
framing appropriate problems or by providing a set of 
general guidelines along with more specific guidelines for 
disaster planners to use.  This briefly is the beginning at 
attempting more fail-safe solutions. 

The problem framing needs to be done such that it does 
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not distract from the primary goal of helping the cultural 
ecology of the region. Seeing it as the need to facilitate 
building of or providing appropriate housing for disaffected 
disaster victims might be closer than imagining it as the need 
to provide many thousands of housing units. Pre-disaster 
studies with this focus might be able to suggest what kinds 
of solutions would not be appropriate.  

Two ideas proposed earlier might be useful.  With the 
intent on achieving more suitable solutions, the designs (or 
solutions) can be categorized into three: a) 
Culture-congruent design, which are designs that would be 
highly appropriate for the cultural ecology; b) 
Culture-affordant design, which are designs that may not be 
appropriate but have the affordance to be modified easily to 
be made suitable; and c) Culture-incongruent designs, which 
are designs that are inappropriate, cannot be modified, and 
are therefore useless and may be rejected (Mazumdar in 
press; Mishra, Mazumdar, Suar 2010). 

A second set of ideas was originally proposed for 
infrastructure planning but can be useful to consider here in 
modified form (see Mishra and Mazumdar 2011). 1) 
“Disaster irrelevant designs” are plans that did not factor in 
disaster and would likely fail and may even lead to chain or 
multiplied effects. 2) “Disaster resistant designs” are designs 
that would withstand most expected disasters, and will lead 
to reduced failures and the negative impact. 3)“Disaster 
succumbing design”: These are designs intended to fail 
safely at a predetermined point so as to reduce chain and 
multiplier effects, but to lead to increased overall safety. 
Examples are cars whose fronts collapse and absorb the 
energy thus reducing the effects on the passengers. 4) 
“Disaster rebounding designs” are designed in such a way 
that after a disaster, these can be brought back to near 100% 
functioning, by local people in a short period of time. 
Although not mutually exclusive categories, these provide 
some possible ideas.  

A few caveats need to be mentioned.  Although the 
concepts are discussed separately here, to the persons 
affected by the disaster, several concepts may work in 
tandem, sometimes making matters worse. Here only 
selected few of the important components have been 
described, primarily the ones with direct spatial and design 
implications. A more complete coverage has been provided 
elsewhere (Mazumdar 2000). A search needs to be made to 
develop a more complete list and to make it more sensitive 
to the special conditions of disaster relief.  
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Abstract:  It was a difficult battle for survival that each facility for the elderly and the users faced on 11th of March. 
Under that hopeless and severe environment, with great concerns and problems, most facilities can be acknowledged to 
have done their best. Many personnel, while forced to confront their own injuries and damaged property, struggled to 
support their local residents and the elderly people who needed home care as well as their original users, functioning as a 
hub for local support. 

 
 
1.  INTRODUCTION 
 

Many elderly care facilities were affected by the tsunami 
and earthquake caused by the Tohoku earthquake (March 11, 
2011). A number of facilities were forced to evacuate in 
Fukushima prefecture due to the accident at the nuclear 
power plant. 

Although there is no accurate statistical data regarding 
damage to elderly care facilities, according to the damage 
report of nursing care facilities for the elderly that Miyagi 
Prefecture compiled (as of April 28, 2011), of the 
residential-type care facilities in the area, a total of 38 
suffered immense damage, including being completely 
destroyed or flooded. Close to 10% of group livings for 
elderly people with dementia, along with other similar 
facilities, were damaged to the extent that continuing 
operations would have been difficult (Table 1). Looking at 
human casualties, 81 facilities (17.5%) suffered a human 
casualty where either a resident or staff member died or 
went missing; this percentage exceeds 20% in group livings 
for elderly people with dementia (Table 2).  

The number of deaths and missing people among the 
residents of care facilities has exceeded 300, and the number 
of staff members missing or dead has reached 87. 
Large-scale residential facilities on the coast, such as 
intensive-care homes for the elderly, in particular suffered 
catastrophic damage from the tsunami; there were facilities 
in which approximately 90% of the residents died or went 
missing. Even in Iwate and Fukushima prefectures, the 
damage was great, especially in places hit hard by the 
tsunami. Among the approximately 7,200 social welfare 
facilities in the three prefectures including Miyagi prefecture, 
875 facilities (12%) are thought to have been affected. Even 
in Iwate prefecture, close to 200 people have been reported 
dead or missing. Combined with Fukushima prefecture, 
where the situation has not been ascertained sufficiently, that 
number is predicted to surpass 600.  

Furthermore, the situations that each type of social 
welfare facility faced, including those for the elderly, were 
of a severity unseen in pervious disasters; even if there were 
no buildings damaged or no human casualties, unexpected 
discontinuation of essential utilities and gasoline shortages 
caused some facilities to be in an extremely serious 
condition in terms of continuing their operations, while other 
facilities were forced to evacuate en masse to other 

Table 1  Building Damage of the Care Facilities for the 
Elderly in Miyagi 

Table 2  Number of Human Casualties of Residents and 
Staffs of Care Facilities for the Elderly in Miyagi 
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prefectures due to difficulties in the ability to continue their 
operations.  

Furthermore, a number of offices and facilities that 
provide various kinds of nursing care support to patients 
living at home were affected, seriously impacting the 
continuing ability for elderly residents to live at home. 
Naturally, while the need to reside in facilities increased, 
there were many facilities that suffered from the disaster. 
And in all facilities, it was difficult to accept more residents 
than currently residing and a situation emerged in which 
facilities accepted residents 1.5 to 2 times their capacity and 
where by satisfactory residential conditions or the lives of 
the residents were unable to be guaranteed.  

Numerous support staff, along with materials for 
assistance, was sent to each afflicted facility from their 
respective networks or various related organizations and 
associations across Japan. Since many social welfare 
facilities suffered extremely devastating damage to both 
their buildings and their occupants, how to support the lives 
of those in towns and regions afflicted by the tsunami is a 
major issue for the future. Furthermore, plans by which 
future social welfare facilities can be prepared for major 
disasters, have an agenda for the location of the facility and 
its equipment, have an attitude toward functional preparation 
as a base for regional disaster prevention and natural 
calamities, and have begun creating systems for providing 
necessary care and continuous service without intermission 
are desired immediately.  
 
 
2.  OUTLINE OF THE SURVEY 
 

Under the circumstances described above, The Japan 
Institute of Healthcare Architecture (JIHa) began conducting 
an operation to “investigate the state of damage suffered by 
elderly care facilities during the Tohoku earthquake”, after 
receiving a government grant from the Ministry of Welfare, 
Health, and Labour’s (MWHL) 2011 Healthcare Promotion 
Plan for the Elderly. As a research representative, the author 
of this paper was involved with research planning, 
unification, and survey conduction.  

Focusing on facilities that have a residence function for 
the elderly, interviews were conducted by visiting selected 
facilities: 22 facilities in Miyagi prefecture, 21 in Iwate, and 
6 in Fukushima. In order to ascertain the damage caused by 
the disaster, measures each facility took during the disaster, 
along with operations post-disaster were assessed and an 
investigation was conducted to record the actual state of both 
the tangible (structures and buildings) and intangible (care 
and management) aspects. 

A research group was formed consisting of ten 
researchers involved in medical welfare facility construction 
planning and ten designers. Research was conducted in pairs, 
which consisted of a researcher and a designer, who visited 
the sites while sharing responsibilities, and collected 
observations and interviews. The research was conducted 
from September to December 2011. 
  Focusing on the examples of elderly care facilities 

selected as research targets visited by the author, this paper 
will report on the measures each facility took and their state 
of affairs, as well as the realities of the disaster. 
 
 
3.  CASE OF SURVIVING 
 

Below, the author reports the situation of 12 cases of care 
facilities for the elderly to which the author itself concerned 
with investigation. 
 
Case A:  
Nursing home with long-term care in Fukushima 

On the day of the disaster, there were 46 residents and 7 
short stay users present, with administrative staff and 19 
nursing staff members on duty. Immediately after the 
earthquake, fearing dangers such as falling glass from the 
skylight, residents were gathered per unit in the space in 
front of the bathroom and the facility stood by. Electricity 
and gas (propane) were not stopped. Although the water was 
stopped, water provisions were available since the facility 
uses filtered groundwater pumped up from underground. 
Therefore, bathing was also possible. There was also 
drinking water stocked for each unit. Washing machines 
were operated by using water collected in bathtubs. 

On the day, approximately 20 residents of a care house in 
another region operated by the same corporation came to the 
facility (due to power outages and water outage, alleviating 
anxiety, the cold and securing food). Likewise, 23 residents 
from nursing home for elderly (community-based) operated 
by the same corporation were accepted. On the same night, 
all the mattresses available from each facility were carried 
out and used by placing them side-by-side. Furthermore, on 
March 13, the remaining residents from the care house 
(approximately 20) were accepted, bringing the number of 
people in the facility to approximately 110 at most. Rooms 
and spaces available within the facilities were used. The 
residents of the care house used the hall, while the nursing 
home residents used the units used for short stay purposes. 
Sofas from each facility were brought in, in order to secure a 
place to stay for the residents. The allocation of residents 
was arranged so that each of the three facilities could operate 
individually, despite maintaining coordination within a 
single nursing home. The changing room was used as an 
office. 

Food, such as rice, eggs, milk, and vegetables were 
sufficiently secured through local neighbourhoods or 
families. Although only rice, soup, and one side dish were 
provided, three warm meals a day were provided. 

The care house residents returned to their own facilities 
after a week, while the nursing home residents returned to 
their own facilities after two weeks.   
 
Case B: 
Nursing home with long-term care in Fukushima 

On the day of the earthquake, there were 63 residents and 
10 short stay users. When the earthquake hit, facility 
residents were engaging in recreational activities on the 8th 
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floor. Although there were 10 facility residents, there were 
no injuries. Most pieces of furniture fell over. Immediately 
after the earthquake, day-care service and short stay users 
were sent to their homes. Because the tremor caused fear 
amongst the units on the sixth floor, the residents were 
transferred to the day service space on the first floor. 
Because the elevators were not operating, the staff members 
transported the residents using the stairs.  

Although there was no power outage, water remained off 
for ten days. Water was transported daily from other 
corporate-owned facilities using the water wagon used to 
transport onsen (hot spring) water owned by the same 
corporation. The four bathrooms that existed in each unit 
were limited to one location, whilst water was saved by 
trying not to flush as much as possible. Sponge baths took 
place two days later.  

After the elevators stopped due to the power outage, they 
remained inactive until mid-March due to safety reasons. 
Furthermore, residents were gathered into one unit per each 
floor during March, changing the normal two-unit system 
into a single-unit system. Three meals were even provided 
though the amount of food and number of dishes with each 
meal decreased. The situation was overcome by using 
emergency food, canned food, and drinking water that were 
stored.  

From March 12, 13 people evacuated because of the 
nuclear reactor accident who required primary nursing care 
(day service users) were accepted to the facility. The short 
stay unit on the seventh floor was used for these individuals, 
overseen by those in management. Only the names and the 
nursing care level of the evacuees were known. The staff 
struggled to cope with the situation, not limited to a lack of 
any basic medicine. Evacuees were accepted until the end of 
March, after which they were re-transferring to Niigata.  

Difficulties in the staff members’ commutes occurred, 
particularly due to a shortage in gasoline. The situation was 
dealt with by methods including changing the shift system to 
two shifts, comprised of night and day shifts.  
 
Case C: 
Multifunctional care in a small group home in 
Fukushima 

On the day of the earthquake, there were 13 visiting users. 
An etegami (Japanese hand-drawn postcard) class, which 
locals also attended, was being held. 10 people who weren’t 
able to return home stayed over. There was slight damage to 
the equipment. Later, leaks in the building occurred. A crack 
in the building was discovered, which was repaired (3.8 
million) There was a water outage (lasting a week), without 
a complete power outages to all electric systems. Daily 
water was secured using well water from the neighbourhood, 
which was stored in bathtubs and use for domestic purposes. 
For drinking water, a water wagon (500L) procured by a 
corporate body was used to secure water from Nihonmatsu 
city where there was no water outage.  

The next morning, over 100 kilograms of rice was 
purchased from a farm that the facility had regular 
interaction with. Furthermore, they received vegetables that 

remained unsold due to the halt in distribution (i.e. 5,000 
leeks) by phoning a local full-time farmer. 5,000 eggs (half 
raw eggs, half radium eggs) and 1,000 energy drinks were 
procured from an acquaintance. Food was also distributed to 
the corporation’s other facilities. 

Conscious of emergency evacuations due to the nuclear 
power plant accident, cash money was withdrawn from 
banks in preparation for the emergency evacuation three 
days later. Buses for evacuating were also secured by 
negotiating with a taxi company. A system was prepared so 
that a maximum of 150 people could evacuate (several 
specific places of refuge were also secured depending on the 
wind direction). In order to not agitate the staff members, 
only a small number of top members of the corporation 
made decisions and managed information.  

The transportation of the staff members was arranged 
with a taxi company. 

With a small-scale facility, the residents were returned to 
their own home by March 15 and services were suspended 
until the re-opening on March 18. Until then, all of the staff 
members were on duty at the intensive-care home for the 
elderly. 

From March 16 onward, residents and 45 staff members 
of a nursing facility that had been evacuated due to the 
nuclear reactor accident were accepted into the regional 
exchange space on the second floor for a week.  
 
Case D: 
Group living for the elderly with dementia in Fukushima 

After the earthquake, the members of the local 
Administration Promotion Committee gathered to the 
facility out of concern after the tremors had subsided. Police 
officers from the local police box also came to check. 
Because three university students that live in the 
neighbourhood were evacuated, they were accepted as 
disaster volunteers for ten days, and were provided with 
food and shelter. 

There was a water outage (for ten days), but no 
interruption to supply of electricity or gas. Water was 
secured by transporting it from the neighbourhood around 
the facility, which hadn’t succumbed to outages, by using 
farm water trucks. In order to conserve water, saran wrap 
was used on tableware. On the day of the earthquake, the 
lights of the nursing home were turned on, and a sign was 
posted on the entrance to inform people walking along the 
road in front of the facility that they could come in and use 
the facility’s toilets or rest there. Rice, which had been stored 
in abundance, was cooked throughout the night. All the 
facility residents made onigiri rice balls, which were given to 
people who stopped by.  

Since fear among facility residents was high for a while 
due to aftershocks and other factors, the residents, along 
with the staff members, slept on futon mattresses placed side 
by side in the living room. 

The facility felt strongly that a connection with locals 
exists during times of crisis. The facility acknowledged that 
the role a community-based facility play is to function for 
the community during an emergency, and acted accordingly. 
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  A week from March 15, a total of 15 facility residents and 
staff members evacuated due to the nuclear reactor accident 
were accepted in the open space of the facility annex. Even 
afterward, several evacuees from group livings situated 
within the nuclear evacuation zone were accepted 
intermittently. Because no background information 
concerning these elderly patients was given when they were 
accepted into the facility, the facility struggled to handle and 
provide care for elderly patients with dementia.  
 
Case E: 
Long-term care health facility in Miyagi 

On the day of the earthquake, there were 100 residents 
and 15 day-care users. There were 67 staff members on duty. 
The facility was located in a region that was struck by a 
quake with a magnitude of 7. It was located in a rural area 
surrounded by farmland. Although the building itself didn’t 
suffer much damage, land sinkage was severe and caused 
damage to underfloor pipes. Most pieces of furniture, 
including those in the bedroom, were knocked over. 
Fortunately, there were not many human casualties, 
including injuries, as everyone had gathered in the living 
room or cafeteria because it was before snack time.  

There were seven days of water outage and six days of 
power outage. Although the gas supply was not interrupted, 
it was stopped for eleven days for safety inspections. For 
water, the water in the water-receiving tank was used up 
first; thereafter water was provided in buckets from water 
wagons. In order to conserve water, saran wrap was placed 
on disposable tableware. The water was stopped again due 
to an aftershock on April 7. The water was back after three 
days. For toilets, portable ones were used. After every use, 
staff members would transport toilet waste to installed 
(non-operating) sceptic tanks. 

The bedroom was unusable due to scattered furniture. Not 
yet able to keep the facility warm, the residents were 
gathered into the food hall and halls and were cared for. This 
continued on until March 25. The duties of the staff 
members were reviewed in order to handle the situation. 
Staff members living far from the facility fulfilled their 
duties while sleeping over at the facility. 
  On the day of the earthquake, emergency food was used 
for meals. Aside from food procured by the corporation, 
those from the facilities obtained rice and vegetables 
themselves from the farms in the neighborhood. There was 
also assistance from the families of the facility’s residents. 
From the next day onward, a furnace was set up outside, 
where boiled rice was distributed. This continued on until 
March 22. Although there were biscuits stored for 
emergency, they were not compatible with the residents’ 
meals and were completely unusable. Furthermore, because 
there wasn’t any stock secured for the staff members, this 
will become a task for the future. The facility will investigate 
forming countermeasures while keeping in mind the various 
disasters that could occur in the region. 
 
Case F: 
Multifunctional care in a small group home in Miyagi 

	 On the day of the earthquake, there were 11 facility 
residents and 5 staff members (the manager and the senior 
staff were not present). The tsunami caused flood damage 
(up to the 1st floor, about 1.2m). Concerned with the 
onslaught of tsunami from the earthquake tremors, 
evacuation preparations were made lead by the senior staff, 
who came back to the facility. Important documents and 
contact details were organized in preparation. Four cars were 
also on standby. Since there was a phone call from the 
government’s office after last year’s Chile tsunami, staff 
members waited, anticipating a possible phone call. When 
they decided to evacuate, they were unable to do so due to 
the traffic jam in the street in front of the facility. When 
guiding facility residents to the cars after feeling that it was 
time to evacuate at last, the water level of the river that flows 
between the roads increased rapidly, and the banks collapsed. 
As the tsunami approached, people escaped to the second 
floor of the adjacent apartment. Toward the end, people 
swam to evacuate. Everyone entered a room whose door 
happened to be unlocked. The night was spent utilizing 
changes of clothes and food available in the room. Contact 
was established using a mobile phone that remained dry and 
a request for rescue was made. The surrounding area was 
flooded.  
	 The following morning, four people were rescued with a 
rescue boat, while everyone else was rescued through the aid 
of their families’ and evacuated to an emergency evacuation 
shelter (the evacuation was completed by evening on March 
12th). Afterward, the facility residents were transported to 
their families, and were shuttled to their respective homes. 
On the evening of March 12, four residents spent the night in 
the emergency evacuation shelter. On March 13, two went 
back to their houses. The remaining two residents were 
accepted into the main office. After escorting each user 
home, visitation started from the 14th. Led by the manager, 
staff members visited the residents’ houses by bicycle, 
checking for their safety as well as distributing food and 
medicine.  
	 It was not until March 20 that they were able to visit the 
residents regularly. On March 15, 5 staff members were 
assembled to clear away dirt, ensure the safety of residents, 
and deliver food. Although miraculously everyone’s lives 
were saved, there were a few individuals who had become ill, 
and many staff members are troubled by thoughts that 
perhaps more appropriate judgments could have been made. 
The staff members witnessed elderly citizens, who are 
usually week and require care, be resilient and survive the 
situation.   
 
Case G: 
Nursing home with long-term care in Miyagi 

Although the tsunami came close by, it did not reach the 
facility. The town was destroyed. Immediately after the 
earthquake, 30-40 local residents gathered. The conference 
room was opened. Boiled rice was also provided. For a few 
days, there were people who stayed at the facility. From the 
third day, it was designated as a shelter, receiving assistance 
from the town. No facility residents fell victims to the 
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disaster. Of the 57 staff members (41 on the day the 
earthquake occurred), 23 had their houses affected (i.e., 
complete or partial destruction) 

In terms of the damage to the building, a part of the 
ceiling of the new building extension fell while part of the 
site suffered a landslide. Water supply pump and a 
substation on the site were damaged. There was a water 
outage (restored on April 2). Water wagons were used from 
the following day. Water was provided using 100 plastic 
containers prepared in case of disaster. There was a power 
outage (restored April 10). Propane was used for gas. From 
the day of the earthquake onward, rice was cooked using 
firewood and propane. Emergency rice distribution training 
sessions came to good use. From March 19, the Japan Self 
Defence Force (JSDF) emergency rice distribution aid (120 
meals/day) arrived. Some efforts to make it suitable for the 
conditions of residents were necessary (including turning 
boiled rice into rice gruel).  

Immediately after the earthquake, the facility residents 
were gathered into the central hall. On March 19, 
approximately 22 residents that require observation were left, 
while the remaining residents were transferred to a day 
service center nearby. From March 14th, food was prepared 
in the kitchen of the day service center. Since the toilets and 
drainage systems were not working, as a general rule, 
diapers and portable toilets were used (by staff outside). Oil 
heaters were used for heat. Bathing started again from April 
11. Until then, sponge baths were carried out with boiling 
water. 
  Since people from the local community had pointed out 
the importance of headlamps during emergency drills, ten 
headlamps had been bought. In-house power generation was 
used and emergency rice distribution training sessions had 
been conducted since last year in case of a complete power 
outages. Plastic containers had also been prepared for the 
same reason. 
 
Case H: 
Private nursing home for long-term care in Miyagi 

There was tsunami damage (flooding height approx. 
1.9m). There were 39 facility residents on that day, including 
13 elderly with dementia. 10 were unable to walk by 
themselves. There were no human casualties. The first floor 
of the building was flooded. Since the facility was outside of 
the evacuation zone according to the city’s tsunami disaster 
management map, the people at the facility stayed after the 
earthquake, awaiting further information. They were not 
aware of any tsunami. When the manager happened to go 
outside after the earthquake, the manager was informed that 
a tsunami was coming from people gathered on top of a 
business located opposite the facility. Thereafter, eight 
residents on the first floor were moved to the second floor. 
As soon as the residents were moved, the tsunami came. 
Although one resident couldn’t be verified, calls for help 
could be heard from the water. Hurriedly, they aided the 
resident caught in the water. A vehicle that had been washed 
in by the tsunami became lodged in the hall. Because of this, 
the flow became weaker, saving the residents. Sensing the 

danger of further flooding by the tsunami, everyone was 
evacuated to the third floor. 

All essential utilities were cut off. Although there was 
water in the water storage tank, it was unable to be used as a 
drinking water as seawater had mixed into it. Therefore, it 
was used for general purposes. On the day of the earthquake, 
flashlights were used. They had no heating appliances. On 
the day of the earthquake, they had no food. On the 
following day, objects and drinks that came flowing in were 
consumed. Relief aids arrived from the head office during 
the afternoon of the following day. Until the 15th, only two 
meals were served each day. 
  On the day of the earthquake, mattresses were moved 
from the second floor to the third floor, with two people 
occupying each room. On day two, four facility residents 
whose families came to pick them up returned home. Later 
on, all 35 residents were moved to affiliate hospitals and 
facilities within the city (from March 15 until the end of the 
month). At the hospitals, the day care spaces were used as a 
place for residents to stay. From April, the residents were 
transferred to clinics (with available space on the second 
floor) in another town. They stayed there until October. The 
facility is planning to reopen in October after repairs. 
 
Case I:  
Multifunctional care in a small group home in Sendai 

On the day of the earthquake, there were 11 visiting 
service users. There was no great building damage or any 
human casualties caused by the earthquake. Within the 
building there were about 100 minor cracks and 
cross-shaped cracks altogether. One water heater installed 
outdoors became dislodged, causing it to become 
disconnected. There were water and power outages. 
Immediately after the earthquake, all the buckets and 
bathtubs within the facility were filled with water, in 
preparation for a water outage, and were used for domestic 
purposes. Emergency water was used for drinking water in 
the beginning. Afterward, relief supplies and running water 
carried from parks, schools and staff members’ house in the 
neighbourhood were used. In addition, collected snow and 
water for the local construction site were used as toilet 
drainage water. All of the facility’s electric systems came 
back on three days later. Until then, flashlights, lanterns, and 
candles were used to overcome the situation. 

For food, things that were stored in the refrigerator were 
used on the day of the earthquake. From the next day 
onward, food was bought cheaply or was donated from the 
stores close-by and other places. In addition, staff members 
split up to join queues to purchase food. Food was prepared 
using table top stoves and reflective heaters brought from 
staff members’ homes.   

On the day of the earthquake, four facility users were 
escorted home. Seven residents were accepted to stay at the 
facility, because their families couldn’t take them in or were 
from an elderly couple household. Furthermore, two more 
facility users who lived alone were brought in on the day of 
the earthquake. One returned home on March 12. On March 
13, three returned home. Afterward, three users who lived on 
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their own stayed at the facility.  
During the evening of March 11, the facility initially 

planned to spend the night by gathering together at the group 
living for dementia (1st floor) of the annex building. 
However, they soon returned to their rooms as those with 
dementia could not be calmed. Two of the five bedrooms 
were turned into two-people rooms by using a partition.  

On top of the five staff members that were present that 
day, five more staff members came to work by their own 
volition according to the disaster manual. Shifts were 
reorganized to handle the situation. The shifts returned to 
normal around March 20.  
 
Case J:  
Nursing home with long-term care in Miyagi 

Not tsunami-damaged. No human injury. 
Because of the earthquake, the power supply was cut for 

5 days (replaced by private power generation for one hour). 
Water supply services were cut for one week. Drinking 
water had been secured partly out of a live water line. Water 
stored in the swimming bath used for day service had been 
used as water for daily life needs. Propane gas was not 
available because a safety mechanism had been triggered. 
Minimum cooking was possible because gas facilities of an 
accompanying facility were available. The boiler could not 
be used because of electrical failure. 

Even after power distribution capability was recovered, it 
was not sufficiently useful because of a lack of heavy oil to 
run generators. All residents were accommodated in the hall 
for day-care service and were provided with care for three 
days immediately following the earthquake. 

Thirty local refugees also came to take shelter at the 
facility. They spent the first night using vehicle headlights. 
Four days later, considering staff shifts and saving of heating 
oil, three teams were organized temporarily instead of the 
usual six teams to run the business. Furniture of a former 
resident was moved out and another bed was moved into 
each private room to use the room for two residents. At the 
time, the food supply was sufficient for three days.  

To prepare for extension of the food supply, they 
survived the food shortage on a two-meal per day basis, 
supported by local grocery shops and other nursing care 
business inside and outside of the prefecture. 
 
Case K:  
Nursing home with long-term care in Sendai 

Tsunami-damaged. No human injury. 
A tsunami disaster alarm sounded shortly after the 

earthquake. Immediately, all personnel carried all residents 
on their backs to the upper floor. They had always been 
highly alert for tsunami. Their daily evacuation drills were 
helpful.  

Although the entire first floor was inundated, all residents 
were rescued. Nevertheless, the facility was isolated because 
its surrounding area was flooded. Until the aid supply was 
delivered by Self Defense Forces three days later, they had 
survived only by their precautions against emergency.  

Thereafter, a large private electric generator installed on 

the roof allowed them to support the residents’ life and 
supply care continuously. Calculating the remaining amount 
of heavy oil, they decided on how long and how they could 
use their electricity. Considering how much electricity was 
necessary for sputum suctioning and oxygen inhalation, they 
used it according to their plan.  

During the ensuing two weeks of water failure, they 
carried water from the water-receiving tank. They saved 
water by flushing toilets every fifth time it was used. They 
also wrapped dishes in plastic wrap to obviate the need to 
wash dishes. Utility gas service had not been recovered even 
more than two months later.  

The kitchen was also damaged. For that reason, they 
installed a makeshift kitchen in the upstairs hallway. Partly 
aided by volunteers, they served meals for 200 residents 
with cassette gas stoves to ensure their survival. 

 
Case L: 
Group living for the elderly with dementia in Sendai 

Tsunami-damaged. Seven deaths.  
Shortly after the earthquake, they started to evacuate to 

the neighboring appointed shelter (elementary school). The 
campus was congested with people and cars. Many evacuees 
were not able to access to the building. People who could 
move by themselves moved to upper floors.  

Consequently, many people waiting on campus 
(including seven of the facility’s users) were killed by the 
tsunami. The people who evacuated into the building were 
rescued by the Self Defense Force helicopters the next day. 
Thereafter, they were moved to another facility run by the 
same business owner.  

The facility with 18 residents received 11 evacuees and 
began service as a shelter. Each private room was used for 
two residents. Propane gas was available. Electricity service 
was restored one week later. Water service was restored 
three weeks later. They survived with provided aid supplies 
such as food and blankets.  

Under the emergency conditions, they had been 
accommodating more than one and a half times the fixed 
number of residents for five months.  

Thereafter, all 11 tsunami-affected residents were moved 
to group-home type temporary housing, which was 
completed in August. 
 
 
4.  CONCLUSION 

 
Although the degrees and conditions of human injury and 

physical damage varied, many welfare facilities including 
elderly nursing care facilities were struck by this earthquake 
disaster.  

The damaged facilities came to have trouble in providing 
them with care. Therefore, hundreds of people who required 
nursing care were evacuated to neighboring shelters and 
other facilities. Some are still compelled to live there.  

It is an extremely harsh reality that welfare facilities, 
whose mission was originally to protect their users’ life and 
to help them lead better lives, had been so devastatingly 
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damaged. 
It was a difficult battle for survival that each facility and 

user faced. Under that hopeless and severe environment, 
with great concerns and problems, most facilities can be 
acknowledged to have done their best. Many personnel, 
while forced to confront their own injuries and damaged 
property, struggled to support their local residents and the 
elderly people who needed home care as well as their 
original users, functioning as a hub for local support. 

In such a horrendous disaster sufficient to devastate local 
administrative functions, as occurred this time, public 
support cannot be expected.  

Consequently, all people depended on networks that were 
formed among neighborhoods, colleagues, co-workers, and 
others in the same business. Welfare facilities, which must 
help users survive and lead a better life 24 hours a day and 
365 days a year, must confront many challenges.  

The invaluable experiences obtained, often at great cost, 
in this disaster must provide important lessons and 
knowledge leading to future planning and disaster 
prevention for welfare facilities. 
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Abstract:  A model of action is proposed to construct a theoretical base to design a methodology of pre-quake 
mitigation management as well as post-quake rehabilitation management. In this paper, the outline of the model is 
explained and some patterns of actions and decision making in recovering and rebuilding processes from an earthquake 
disaster. 

 
 
1.  INTRODUCTION 
 

The final goal is to construct a computational schema 
of pre-quake mitigation management as well as post-quake 
rehabilitation management. This paper proposes a model of 
action and examines, on the bases of the model, the typical 
patterns of action and decision-making in such situation. 

 
2.  AN ACTION MODEL 
 

A model of action is proposed. The proposed model is 
constructed on the basis of BDI architecture in artificial 
intelligence and NSF diagram of constructive methodology. 
BDI stands for belief-desire-intention. An actor intends to do 
something on the basis of the belief to fulfill the desire. FNS 
stands for a set of fabrication/generation, narration/analysis, 
and scripting/focusing. A constructive methodology is 
composed of the cycles of F, N, and S. 
 

 
 

Figure 1. How is an Action is Intended 
 

Fig.1 shows a model of process where an actor intends 
to do something so as to changes the situation into a 
preferred one. Let Sc be the current situation that the actor 
faces. Suppose that the actor believes that a certain event 
E_0 likely occurs and that if event, E_0, occurs in Sc then an 
unpreferable situation, Sf, should be faced. Suppose also that 
the actor desires to avoid facing the unpreferable situation. If 
the actor estimates the probability of event E_0 to be high 
and the desire is strong enough then the actor will do 
something so as to change the situation into a preferred one. 

In the case that the actor believes that a certain action, 
A_0, is effective to change the situation into a preferred one, 
the actor intends to perform the standard action, A_0. On the 
contrary, in the case that the actor doesn’t have the belief 
that such a standard action is effective, the actor, first, 
designs a course of actions to change the situation into a 
preferred one, and then, the actor follows the plan. 

In the second case, a plan is designed as follows. The 
actor pictures intermediate situation Sc’ where event E_0 
brings about not an unpreferable situation, Sf, but a 
preferable one, Sf’ on the basis of the belief related to the 
event and its consequences. It is assumed that the preferred 
situation, Sf’, can be made not directly but indirectly by the 
actor since it is one of the possible consequences brought 
about by the event that is not controlled by the actor. It is 
also assumed that the actor can control the intermediate 
situation to some degree. Then, the actor makes a plan to 
directly change the current situation, Sc, into the 
intermediate situation, Sc’ and expect the preferred situation, 
Sf’, to be brought about. 

Here, a situation is directly made or controlled in the 
sense that the significant features characterizing the situation 
are directly changed by an actor. A situation is indirectly 
made or controlled in the sense that the significant features 
characterizing it is changed only indirectly by changing the 
features that can be changed directly by the actor. We call 
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the former feature and the latter feature as A-feature and 
E-feature, respectively. With these features, it can be said 
that an actor intends to let E-features change by changing 
A-features in a certain context in order to realize a preferred 
situation. 

It is not necessarily straightforward to picture an 
intermediate situation from which the expected preferable 
situation is emerged through the presumed event. The 
preferred situation is characterized in terms of A-features 
and E-features. E-features emerge form a complex system of 
A-features. Therefore, a constructive methodology is used to 
make a plan to reach the preferred situation. 
 
3.  DERIVED PATTERNS OF ACTIONS 

 
Some patterns of action and decision-making are 

derived from the proposed model and actual cases as 
follows.  

 
2.1 Predicting Unpreferable Situation 

The actor predicts what if an undesirable event happens 
and to estimate how severe the event and its consequence are. 
The prediction and estimation made are effected by the 
actor’s beliefs or intuition about the causal relations between 
the current situation and the event that are constructed 
theoretically or through the actor’s experience. It is 
sometimes the case that underestimation of the event and its 
consequence occurs. In this case, the succeeding actions may 
not be appropriate. For example, each actor’s estimation of 
the probability and the hugeness of a tsunami decided the 
actor’s fate after a major earthquake. 
2.2 Picturing Preferred Situation 

The actor pictures a preferable situation expected to 
come true. It is described as the consequence to be brought 
about through the interaction between the actor’s action, the 
event predicted, and the situation where the event happens. 
In a tsunami example, if an actor predicts that he may not 
survive the disaster without doing something then the actor 
pictures a safe situation where undesirable features are 
eliminated. If an actor estimates the probability and 
hugeness of a tsunami not high then a pictured situation 
remains the same as the current situation until the result of 
the estimation changes. In another word, an actor doesn’t 
flee to a place of safety until the actor experiences a critical 
moment. 

 
2.3 Assuming Causalities to Get to Preferred Situation 

The actor represents the preferred situation in terms of 
the features, to represent also the differences between the 
situation and the current situation and the things in common. 
Then, the actor assumes the causalities that associate the 
directly controllable features with the target features or to 
select or modify the causalities currently employed. The 
decisions are made on the basis of the actor’s beliefs about 
causalities related to the things in question and about the 
existing situations. The actor sets features to be expected to 
let the target features emerge and selects or assumes the 
mechanism expected to provide the features set above. 

 
2.4 Envision of Intermediate Situation 

The actor envisages an intermediate situation that 
brings about the preferred situation through the interaction 
with the predicted event. It is done on the basis of the 
assumed causalities. In terms of features, the actor 
determines A-features that embody the mechanism. It is 
desirable that decisions are made in the conviction that the 
expected phenomena will emerge with minimal unfavorable 
effects. If the effects are favorable then they may be 
expected explicitly in the succeeding decision-making. 
2.5 Planning Action to Create Intermediate Situation 

The actor decides a course of actions that directly 
changes the current situation into the intermediate situation. 
For example, some actors makes a plan to evacuate with 
helping love ones and neighbors while some actors plan to 
give up to do so in order to avoid the unfavorable side effect 
that either an actor or the love one may not survive a 
disaster. 
2.6 Putting the Plan into Practice 

The actor executes actually or virtually the plan. It is 
not necessarily the case that the planed course of actions are 
done successfully as expected since the situation may make 
the features that are not focused or expected explicit. Actual 
actions are adjusted with respect to such features as well as 
the features focused in advance. 
2.7 Observing the Result and Consequence of Action 

The actor observes the result of the action done 
following the plan and the consequences brought about the 
interaction between the behaviors of the mechanism 
embodied as a result of the execution and the situation. The 
consequence is close to or far from the pictured preferable 
situation. The secondary effects could be either favorable or 
unfavorable. 
2.8 Evaluating the Consequence 

The actor evaluates whether the preferable situation 
emerges. If yes, then the plan is done successfully, else, this 
process is repeated as modifying the plan, the assumption on 
the causalities, and the preferred situaion. 

 
6. CONCLUSIONS 

 
A model of action is proposed and patterns of action 

and decision-making are discussed based on the model. 
 

Acknowledgment 
The examples of a tsunami case are inspired from the 

interviews to tsunami survivors that are broadcasted by NHK TV 
programs. May the victims’ souls rest in peace. 

 
References: 
1) H. Fujii, H. Nakashima, and M. Suwa (2008), “Types of 

Intelligence in Architectural Design Processes - On the basis of a 
Phenomenological and Dialectic Model of Design Processes,” 
Proc. Ninth International Conference on Design & Decision 
Support Systems, The Netherlands, CD-ROM.  

2) H. Fujii and H. Nakashima (2010), Designing Action Know as 
Design, Cognitive Studies, Vol.17, No.3, pp.403-416, (in 
Japanese).  

 

- 1916 -



JOINT CONFERENCE PROCEEDINGS 
9th International Conference on Urban Earthquake Engineering/ 4th Asia Conference on Earthquake Engineering 
March 6-8, 2012, Tokyo Institute of Technology, Tokyo, Japan 

 

 
 
 
 

A STUDY ON THE CONCIOUSNESS AND THE ACTIVITIES OF RESIDENTS LIVING ON AN 

ACTIVE FAULT DURING EARTHQUAKE EVACUATION
 

 
 

Katsutoshi Kato1), Yoshikazu Iwasaki2) 
 
 

1) Graduate School, Dept. of Civil Engineering and Urban Design, Osaka Institute of Technology, Japan 
2) Professor, Dept. of Civil Engineering and Urban Design, Osaka Institute of Technology, Japan 

kato@hrrc.jp, iwasaki@civil.oit.ac.jp 
 
 

Abstract:  This study analyzes the consciousness structure of residents living on the Uemachi fault in Osaka city based 
on Self-help, Mutual Assistance, and Public Assistance during earthquakes. The study shows that this is greatly 
influenced by the strength of the local community. In addition, we created a choice model for evacuation area and 
evacuation route selection. It is found that the proximity and the capacity of the evacuation facility are key choice factors. 

 
 
1.  INTRODUCTION 
(Objective) 

In recent years, "Self-help", "Mutual Assistance", and 
"Public Assistance" efforts have been hailed as necessary for 
the reduction of damage during earthquake disasters. 
“Mutual Assistance” in particular, has been emphasized in 
regional disaster mitigation. In fact, voluntary disaster 
mitigation organizations based on neighborhood community 
associations have been formed in many local governments. 
However, for these organizations to be meaningful, they 
must be able to function during disasters. From the 
perspective of strengthening regional disaster mitigation, it is 
particularly important to clarify the issues faced by people 
living in built-up areas locate on active faults where the 
damage usually tends to be concentrated.  

In this study, taking the perspective of the community, 
we aim to clarify the regional characteristics and ways of 
strengthening the mutual assistance capability by examining 
the closely related disaster-prevention measures in built-up 
areas with high industrial concentration from the time an 
earthquake strikes to the time when those affected settle 
down in evacuation areas.  
(Research Method) 

An interview survey was conducted targeting local 
residents focusing on three points: 1) Earthquake disaster 
consciousness, 2) Intention to participate in disaster 
mitigation activities, and 3) Relationship with the local 
community. The target area is Sumiyoshi-ku and 
Suminoe-ku, both located on the Uemachi active fault in 
Osaka City and are expected to suffer great damage in case 
of a combined Tonankai-Nankai earthquakes. The survey 
was conducted in May 2011 and the number of valid 
responses was 101. 
 
2． CURRENT SITUATION OF REGIONAL DISASTER 
MITIGATION EFFORTS 

Here, the disaster mitigation efforts by residents have 
been organized into “Self-help”, “Mutual Assistance”, and 
“Public Assistance” efforts as shown on Figure 1.  
 
（ Self-help） 
 
 
 
 
 
 
 
 
 
 
 
（ Mutual Assistance） 
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（ Public Assistance） 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1 Attribute-based characteristic of various 
activities in "Self-help", "Mutual Assistance", and 
"Public Assistance"  

 
Concerning "Self-help", it was found that there is a 

general trend towards emphasis on acquiring information on 
safe evacuation. Looking at the results in terms of profession, 
the self-employed and the unemployed are more concerned 
with acquiring information on safe evacuation, while 
students value participation in disaster mitigation activities. 
Considering “Mutual Assistance”, the overall trend shows an 
emphasis on mutual assistance not only between relatives, 
but also for current neighbors as well as the neighbors one 
will live among during the course of living in the evacuation 
facilities. However, the unemployed and people over age 65 
put more value on mutual assistance among specific groups 
of people, such as family and friends. In addition, the 20-64 
age group showed a tendency towards emphasis on mutual 
assistance among the general public without any limitation 
to specific groups. As pertains to "Public assistance", the 
trend shows a general emphasis on the importance of 
government support in providing anxiety relief for people 
living in evacuation facilities, and while the unemployed 
focused more on the life in evacuation facilities, the 20-64 
age group put more emphasis on improving risky areas in 
the evacuation route in order to ensure safety during 
evacuation. 
 
3.  CONDITIONS FOR ENHANCING MUTUAL 
ASSISTANCE CAPABILITY 

 
When considering “Mutual Assistance”, the state of 

consciousness among residents of what role they 
themselves can play in case of disaster is important. We 
found out that the roles residents play can be divided into 
three types (Figure 2): 1) “Rescue role” where residents 
take the initiative to act, for example in firefighting, 
rescue operations, providing evacuation guidance, and et 
cetera, 2) "Relief role" which include distributing 

emergency provisions such as gathering damage 
information, helping at soup kitchens and other indirect 
support services, and 3) "No role mindset" for those who 
cannot play a role or have no perception of what role to 
play. While these results can be expected due to the 
personality and different ways of thinking among people, 
here we attempt to reveal the factors that can be 
associated with this outcome. 
The three role types are rated as external criteria, while 
profession, recollection of the Kobe earthquake (Figure 
3), and questions concerning earthquake preparedness 
were taken as the explanatory variables and analyzed 
using quantification method type II (Figure 4, Figure 5). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2 Attribute-based comparison of role perception 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3 Attribute-based comparison of the Kobe 
earthquake recollection 
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Figure 4 Category Scores 
 
 
 
 
 
 
 
 
Figure 5 Sample Score Chart  
 

The analysis result had a discrimination rate of 68.3%. 
One of the axes (the vertical axis) is strongly influenced 
by “Profession” and the “Recollection of the difficulty of 
commuting to work or school when usual means of 
transport is deprived”. “Profession” shows a strong 
relationship with the social status in society while 
“Recollection of the difficulty of commuting to work or 
school when usual means of transport is deprived” shows 
a strong relationship with activities connected with 
movement in normal daily life. Therefore, it is considered 
that axis-1 (vertical axis) represents the strength of the 
regional/pluralistic relationship with the society. Axis-2 
on the other hand offers little or no information for 

analysis. This indicates that the degree of the residents’ 
consciousness of their contribution to “Mutual 
Assistance” is related with the presence or absence of 
various forms of involvement with the general society. 
 
4． STRUCTURING PUBLIC CONSCIOUSNESS 

FORCUSING ON ENHANCEMENT OF 
MUTUAL ASSISTANCE 
 
“Mutual Assistance” basically means helping each 

other. Here, we attempt to capture the structure of the 
residents’ consciousness that can be associated with the 
consciousness of the importance of mutual assistance 
activities (hereinafter referred to as mutual assistance 
consciousness). For regional disaster mitigation, 
working together with the region is important. Thus, the 
observed variables are from the following 4 survey 
question choices:  1) Deciding on evacuation facility, 2) 
Social interaction with neighbors is important, 3) 
Participation in disaster prevention activities, and 4) 
Consciousness of disaster mitigation role during 
earthquakes. In addition, it is expected that the mutual 
assistance consciousness can be farther subdivided to 
eventually connect with the individual’s consciousness. 
However, due to the individual consciousness, it is 
possible that residents’ subliminal factors (latent 
variables) will be inherent and we attempted to examine 
this through covariance structure analysis (Figure 6). 

First, through principal component analysis of the 4 
questions choices, the latent variables that are associated 
with mutual assistance consciousness (Table 1) are 
determined to be, 1) consciousness of the overall 
expectations (principal component 2), and, 2) the degree 
of independence or sociality (principal component 1). 
This is because in principal component 2, eigenvectors 
for all the 4 questions choices have a positive value, and 
is considered to relate as a size factor. Principal 
component 1 has both positive eigenvalues and negative 
eigenvalues with the former implying autonomy of the 
individual, and the latter the social role. 

The covariance structure analysis results of these latent 
variables revealed that the former is mainly linked to 
“participation in disaster mitigation activities”, while the 
latter is linked to matters pertaining to post-disaster 
activity consciousness such as “Interacting with 
neighbors is important”, “Consciousness of disaster 
mitigation role during earthquakes” and “Deciding on an 
evacuation facility”. 
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Table 1 Results of the principal component analysis 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6 Results of the covariance structure analysis 
 
5 ．  ANALYSIS OF FACTORS AFFECTING 
SELECTION OF AN EVACUATION FACILITY 

 

The multinomial logit model is used in analysis 

of the selection of an evacuation area. To be more 

specific, the evacuation area selected as number 1 

from among several is considered as the 

evacuation facility. In addition, the probability of 

a choice made by an individual from the multiple 

options given has been theoretically formulated as 

shown on Equation 1, and the degree of 

agreement between the option with the highest 

value and the actual choices made is examined. 

For the stochastic utility function, the linear 

model (equation 2) was adopted. In addition, the 

choice set An of an individual n is the set of 

evacuation facilities selected by the residents from 

among all choices (9 points). Factors affecting the 

choice of evacuation facilities include the linear 

distance from residential areas to the evacuation 

facilities, presence of obstacles to movement such 

as roads with four or more lanes and rivers, and 

the number of people that can be sheltered in the 

evacuation facilities. 

Results from the model analysis (Table 2) 

revealed that the location and capacity of the 

evacuation facilities with consideration for their 

proximity and the geographic location of roads 

are the factors affecting selection. Accordingly, it 

is necessary when establishing or upgrading 

evacuation facilities to consider a scale or number 

commensurate with population density within an 

accessible living zone. Note that from the answers 

to the question on the evacuation route taken (a 

total of 21 answers were received, not as many as 

hoped for), it is found that many people tend to 

first find a wide road close to their home then use 

it to travel to the evacuation facilities (Figure 7). 
 
 

 

 

 

 

 

 

 

 

 

 

Table 2 Analysis results 

 

 

 

 

 

 

 

 

 

 

 

(Equation 1) 

(Equation 2) 

Principal component 1  Principal component 2

Deciding on evacuation facility 0.5168 0.3872
Social interaction with neighbors
is important -0.5752 0.3331
Participation in disaster
prevention activities 0.3102 0.7432
Consciousness of disaster
mitigation role -0.5530 0.4322

Eigenvalue 1.55 1.08

Contribution ratio(％) 38.87 27.06

Eigenvector　　　　　　Cumulative contribution ratio＝65.94％

Mutual assistance 

consciousness

Consciousness of 

the overall 

Degree of independence 
or sociality

Participation in 
disaster prevention 

activities

Social interaction 
with neighbors is 

important

Consciousness of 
disaster mitigation 

role

Deciding on 

evacuation facility

0.830.60

0.41 0.10 0.79 0.48

Variable Parameter

-0.039961
〔-3.025〕
-2.97044
〔-2.413〕

0.00000694
〔2.141〕

Predictive value 76%

Predicted Number 16

Likelihood ratio 0.9245

Sample Number 21

(Note)

・T-values   inside〔　〕

・Predictive value：（Predicted Number）/（Sample Number）×100

Distance

Movement within the district

Capacity to accommodate evacuees
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Figure 7 A map showing active faults and 

evacuation routes 

 
6.  CONCLUSION 
 

From the analysis above, the following points were 
clarified. 
1) Looking at the consciousness r of residents, the 
greatest number emphasizes on acquisition of 
information in regarding to “Self-help”, social interaction 
in regard to “Mutual Assistance”, and anxiety relief for 
people living in evacuation facilities in regard to “Public 
Assistance”. 
2) Residents’ consciousness of their role in “Mutual 
Assistance” is greatly influenced by the presence or 
absence of various forms of involvement within the 
general society. 
3) The consciousness of residents in regard to helping 
each other (mutual assistance) is influenced by the degree 
of independence or sociality and is strongly related to the 
consciousness of post-disaster activity. 
4) It is necessary when establishing or upgrading 
evacuation facilities to consider not only the urban 
agglomeration but also geographical or locational 
conditions.  
 

As has been pointed out in past surveys and research 
work, strengthening or rebuilding the community based 
on an accessible living zone is essential for enhancing the 
disaster mitigation capability. In addition, to be able to 
respond to the changes in modern society, network 
formation among the communities is important. 
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Abstract:  A massive tsunami generated by the Great East Japan Earthquake caused serious damage to the coast of the 
Tohoku and Kanto regions. Since evacuation delays caused many casualties, we must reconsider our approaches to 
disaster education and post-emergency announcements. To do so, it is important to understand how coastal residents 
made decisions and how they behaved after the earthquake. In this study, we conducted a questionnaire survey in Onjuku, 
Chiba prefecture. Questionnaires were distributed to all households in the coastal area of the town. Residents were asked 
about their behaviors using a flowchart and a map; these allowed us to identify respondents’ locations at the time of the 
earthquake and trace their subsequent behaviors as well as the reasons for their choices. Based on 447 valid responses, we 
identified the factors influencing residents’ decision-making and route choices. Behavior patterns differed based on 
residents’ locations at the time of earthquake, and we identified several types of risky behavior. 

 
 
1.  INTRODUCTION 

 

The Great East Japan Earthquake that occurred on 

March 11, 2011 generated a massive tsunami and caused 

serious damage along the coast of the Tohoku and Kanto 

regions. Most of the 23,000 persons who were killed or 

missing drowned as a result of the tsunami. Although many 

researchers have pointed out that the most effective way to 

reduce tsunami-related fatalities is early evacuation (e.g., 

Hirose, 2004, and Kuwasawa et al., 2006), delays or failures 

in evacuation in fact resulted in significant casualties. 

Therefore, it is important to investigate how coastal residents 

made their decisions and how they behaved during the 

emergency.  

In 2008, Isagawa and Murao (2010) carried out a 

questionnaire survey investigating evacuation behavior and 

risk perception of tsunamis in Onjuku, in the Chiba 

prefecture. During the 2011 earthquake, no one was hurt in 

this town, although a large-scale tsunami warning and an 

evacuation counsel were issued to the coastal area. 

In this study, we investigated the actual behavior of the 

residents of Onjuku after the March 11 earthquake. The 

results of this survey may suggest more effective ways of 

announcing emergencies and conducting disaster education. 

 

 

2.  METHODS 

 

2.1  The research field 

Onjuku is located on the eastern side of the Boso 

Peninsula and borders the bay to the south (Figure 1). The 

central area of the town is located on lowlands. It is said that 

at the time of the Genroku Earthquake in 1703, an 

eight-meterhigh tsunami hit the town and caused serious 

damage (Tsuji, 2003). Therefore, the local government 

prepared for subsequent earthquakes and tsunamis by 

creating a hazard map, providing evacuation shelters, and 

setting up an emergency broadcast system.  

On March 11, 2011, at 2:46 p.m., an earthquake with 

magnitude of 9.0, centered on the Sanriku coast, resulted in 

tremors of an intensity of 4 on the Japanese seismic scale in 

Onjuku. Three minutes after the earthquake, the 

meteorological agency issued a tsunami warning for Pacific 

coastal areas, including Onjuku. At that time, the agency 

estimated the maximum tsunami runups in the area to be two 

meters high. Nearly half an hour later, the alert was 

upgraded to a large-scale tsunami warning with expectations 

of runups over 10 

meters high. 

Immediately after 

the first warning, the 

local government 

used an emergency 

broadcast system 

and cars with 

loudspeakers to 

begin announcing 

that a tsunami 

warning was in 

effect for the coast, Figure 1  The location of Onjuku  
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and requested that people in coastal areas evacuate to higher 

ground. Furthermore, they issued an evacuation counsel to 

coastal residents at around 4:30 p.m. The first wave of the 

tsunami was observed at the coast of Onjuku at around 3:20 

p.m. After that, tidal levels gradually moved up and down. 

Although the whole beach was flooded several times, no one 

was injured and buildings were not damaged. According to 

the Earthquake Research Institute at the University of Tokyo, 

the maximum tsunami height at Onjuku was 2.5 meters 

(Tsuji et al., 2011outline).  

  

2.2  Outline of the questionnaire survey 

We conducted a questionnaire survey in the coastal area 

of Onjuku at the end of July, distributing the questionnaires 

to all 2,272 households in this area. We asked that only those 

who were in the town at the time of the earthquake respond. 

The content of the questionnaire was divided into two parts. 

In the first part, we asked each respondent to describe the 

sequence of their behavior in the form of a flowchart, and to 

trace on a town map both their location at the time of the 

earthquake and their subsequent movements. In the second 

part, we asked the reasons for their behavior, for instance 

prior knowledge or information obtained since the 

earthquake took place. With these, we aimed to clarify the 

factors that influenced their decision-making and route 

choices. 

By the end of October, we received 447 valid responses 

by mail, corresponding to a collection rate of 19.7%. 

Fifty-seven percent of respondents were female, and 71% 

were aged 60 or older. A total of 41% had no regular 

occupation, 22% were housewives, and 16% were salaried 

workers. 

  

 

3.  RESIDENTS’ LOCATIONS AT THE TIME OF 

THE EARTHQUAKE AND ACQUISITION OF 

DISASTER INFORMATION 

 

3.1  Location at the time of the earthquake 

Figure 2 shows each resident’s location at the time of 

the earthquake. A total of 74.5% of the respondents were in 

their homes, including 10% in multistory apartments located 

on the seaside. The rest were in offices or schools (8.3%), 

shops (2.5%), inside other types of buildings (5.3%), 

outdoors (4.8%), or in transit (3.7%).  

Figure 3 shows how residents mentally associated the 

earthquake with the tsunami that hit the coast of Onjuku. 

Only eight percent of the respondents strongly connected the 

two, and 43.5% thought the tsunami would not affect the 

area or did not think of a tsunami at all. 

 

3.2  Acquisition of disaster information 

Thirteen percent of the respondents did not receive the 

tsunami warning on the day of the earthquake. Figure 4 

shows the percentage of residents in each location who were 

aware of the tsunami warning. Compared with residents who 

were in their homes, offices, or schools, those who were in 

other types of buildings (including shops), outdoors, or in 

transit were less informed about the tsunami warning. In 

particular, 8 of 12 residents who were outside the town and 

returned after the earthquake had not heard about the 

warning. These results underscore the difficulty in 

conveying disaster information to residents in all locations. 

Figure 5 indicates the primary ways in which residents 

Figure 2  Residents’ locations at the time of the 

earthquake                  (N=435)  
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Figure 3  Residents’ mental associations between 

earthquake and tsunami       (N=427) 
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Figure 4  Awareness of tsunami warning on the day of the 

earthquake (by location) 
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acquired information about the tsunami right after the 

earthquake. Information was obtained from television 

broadcasts by more than 74% of residents, and through the 

emergency broadcast system by approximately half. 

 

  

4.  COASTAL RESIDENTS’ BEHAVIOR AFTER 

THE EARTHQUAKE 
 

4.1  General tendencies 

Figure 6 demonstrates residents’ actions after the 

earthquake. Only 431 responses, excluding 16 responses 

with incomplete descriptions, were used for this analysis. 

About 40% of the respondents evacuated, 23% did not 

evacuate but moved elsewhere, and 35% did not move at all. 

Figure 7 shows the means of transportation used for 

evacuation to shelters. Despite the government’s 

encouragement to travel on foot during the emergency, over 

75% used cars for evacuation. Some people evacuated on 

foot at first, but came back home in order to get their cars to 

travel farther away. This indicates that many residents 

strongly depended on cars.  

Figure 8 shows who accompanied residents during their 

initial evacuation to shelters. Nearly 50% moved with some 

of their family members. Only 27% of residents evacuated 

alone.   

 

4.2  Behavior patterns after the earthquake 

Figure 9 illustrates residents’ behavior patterns after the 

earthquake. Data obtained from those who moved 

immediately to attend to urgent tasks, for instance volunteer 

fire corps members are omitted here.  

(1) Behavior patterns according to location 

We found that behavior patterns differed greatly 

according to residents’ locations at the time of the 

earthquake. 

Residents who were in their homes 

Behavior patterns were quite different depending on 

housing types, i.e., detached houses vs. multistory 

apartments. Nearly 40% of the residents in detached houses 

moved directly to shelters, while about 40% did not move 

anywhere. Twenty percent moved elsewhere then returned to 

their homes and did not go to a shelter. The left column of 

Table 1 shows where these residents stopped before going 

final destination (including those who were in the 

apartments). It should be noted that 24 people went to the 

coast to observe the sea, 15 people picked up their children 

or grandchildren from school, and nine went shopping.  

Most residents of multistory apartments, made of 

reinforced concrete, did not evacuate. Only four of 32 

residents evacuated to higher ground, and three of them 

reported that they did so because they were worried about 

their cars rather than themselves. Five residents did not 

evacuate because those houses were structurally strong 

enough to protect them and instead went shopping or 

observed the sea. 

  Residents who were outside their homes 

Compared with those who were in their homes, 

residents who were outside at the time of the earthquake 

rarely evacuated directly to shelters or stayed in place. The 

right column of Table 1 shows where these residents stopped 

before going final destination. 

As for residents who were in offices or schools, their 

behaviors were divided almost evenly into four types: 

directly evacuated to shelters (nine people, including one 

person who evacuated to her home); evacuated to shelters 

after stopping somewhere else first (mainly their homes; six 

people); returned home and remained there (10 people); and 

remained in the building (eight people). All eight of the 

people who directly evacuated from offices or schools to 

shelters traveled with their colleagues or classmates. This 

suggests that people hesitated to evacuate by themselves.  

Figure 6   Residents’ actions after the earthquake 
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All 11 residents who were in shops left the premises. 

Five stopped at their homes before evacuating, and the other 

four returned home and stayed there. One person left a 

supermarket and evacuated to higher ground using a car, but 

returned home one time 30 minutes after initially evacuating. 

Thus, all persons who were shopping returned home once. 

The 12 of 21 persons who were inside other types of 

buildings stopped somewhere else first, then nine of them 

moved to a shelter while the other three returned home.  

As for the residents who were outdoors or in transit, 

evacuation rates were lower than for other locations: only 6 

of 20 and 4 of 14, respectively. Although this might be due 

to not receiving the tsunami warning or being aware of its 

details, as described earlier, lower perceptions of 

earthquake-induced shaking may also have influenced their 

behaviors. 

 

 (2) Behavior patterns after arriving at the first shelter  

The upper right side of Figure 9 shows residents’ 

evacuation behavior patterns after arriving at the first shelter. 

Over 30% of the 175 evacuees moved to a second or 

even third shelter. Thirty percent of them stopped at their 

homes or at a relative’s house on the way to the next 

shelter. In addition, nearly 10% of evacuees individually 

decided to leave the shelter and return home by about 6:00 

p.m.  

 

 

5.  FACTORS  INFLUENCING 

EVACUATION-RELATED  DECISIONS 

 

5.1  Timing and location of decision-making 

Generally, when a disaster occurs, it is necessary for a 

person to redefine the situation, in other words, to switch 

home
other

location

stop at home - 27
go to the coast to observe the sea 24 4
pick up their children or grandchildren 15 6
go shopping 9 5
go to a relative's house 5 2
go to the river to observe the tsunami 5 0
go to the fishing port to anchor a boat 4 0
search for someone 2 2

types

starting location

 

Table 1  Residents’ stopping locations after leaving their  

original locations 
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from normal to emergency modes of behavior in order to 

behave appropriately (Ohno, 2007). To examine this 

redefinition, we asked all respondents when they recognized 

that an emergency situation existed. 

 Figure 10(a) shows the timing of the redefinition made 

by the persons who evacuated. The vertical axis roughly 

represents time sequence. More than half of the respondents 

recognized the emergency when they felt the earthquake or 

when they heard the meteorological agency’s announcement 

that upgraded the alert to a large-scale tsunami warning. 

When the first tsunami warning was heard, only 11% of the 

residents recognized that something unusual had occurred. 

This result may be explained by the “normalcy bias,” the 

tendency to underestimate an event even though extremely 

hazardous conditions may be present.  

 Figure 10(b) shows the time course of evacuees’ 

evacuation-related decision-making. As can be seen in 

comparison with Figure 10(a), decisions related to 

evacuation tended to occur later than redefinitions of the 

situation. More than 30% of the evacuees decided to 

evacuate when they heard that the initial alert had been 

upgraded to a large-scale tsunami warning. Some evacuees 

decided to evacuate when they received a warning by family 

members or acquaintances, or when they noticed that 

neighbors had started to evacuate. Interestingly, almost all 

respondents who redefined the situation as a result of 

information provided directly and personally by others were 

able to make earlier decisions.  

Figure 11 shows the locations where residents redefined 

the situation and then decided to evacuate. Most residents 

who were in their homes at the time of the earthquake made 

both determinations in their homes, while many residents 

who were outside their homes could not make both 

decisions on the spot. This suggests that one reason that 

many people returned home was to gather further 

information since they hesitated to make decisions while 

alone.    

 

5.2  Reasons for not evacuating 

Although the timing varied, nearly 90% of the 

respondents who did not evacuate recognized the situation as 

an emergency. Figure 12 shows what make them redefined 

the situation.   

The reasons respondents did not evacuate after the 

earthquake are shown in Figure 13. The major reason was 

that they were already in a high altitude location (34%), 

followed by a belief that the tsunami would not reach them 

(28%), and the fact that they were not near the sea (20%). 

The reasons for not evacuating were related to 

respondents’ locations. As shown in Figure 14, most of the 

residents who lived in apartments did not evacuate because 

they lived in multistory apartments. As for respondents who 

were in their offices, the most frequent answer was “I was at 

work.” It is interesting to note that the social norm that 

compels individuals to continue working carried more 

weight than other physical reasons such as altitude or 

distance from the sea.  

Figure 11  Locations where residents redefined the situation and decided to evacuate 

(a) The location where residents redefined the situation (b) The location where residents decided to evacuate 
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Figure 10  Timing of redefinition of the situation and evacuation-related decision-making by the respondents who evacuated 
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6.  CHOICE OF SHELTERS AND EVACUATION 

ROUTES 

 

6.1  Types of shelters 

Figure 15 shows respondents’ initial evacuation 

destinations. In total, more than 60% of the evacuees 

selected designated shelters. About 30% of evacuees chose 

temporary evacuation sites such as high altitude areas, and 

17% chose schools or gymnasiums, both of which were 

designated by the local government on the hazard map. 

Given the magnitude of the threat posed by this tsunami, the 

local government provided two additional evacuation 

shelters. About 16% went to these shelters. 

Nearly 40% of the evacuees chose undesignated 

locations. Some of them evacuated to public facilities (8%), 

height altitude areas (15%), or houses of relatives or 

acquaintances (7%). 

  

 6.2  Reasons for choosing evacuation destinations 

As Figure 16 shows, the most frequent reason for the 

choice of evacuation site was high altitude (59%). About 

27% of respondents chose the shelters because they were 

designated by the local government, and 24% chose 

locations that were familiar to them. 

Figure 17 shows the factors that evacuees considered 

when they chose their evacuation routes. The principal 

characteristics of these routes were that they led evacuees to 

higher altitudes (67%), led them away from the sea (47%), 

and required only short travel distances (34%).  

Figure 18 shows whether residents evacuated initially 

to the same shelters they had decided on in their 

pre-earthquake planning. Forty-seven percent of evacuees 

traveled to the shelters they had decided on beforehand. 

Another 14% had planned on an evacuation site but in fact 

traveled elsewhere, and 39% had not decided where to 

evacuate. These proportions differed only minimally 

depending on whether respondents were in their homes or in 

other locations at the time of the earthquake. These shelter 

choices are thought to be caused long-distance traveling. 
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Figure 15    Location chosen as first shelter (N=168) 

 

 

Figure 12    Timing of redefinition by the respondents  

who did not evacuate     (N=217) 
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Figure 13    Reasons for not evacuating 
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7.  CONCLUSIONS 

 

This study investigated the behaviors of coastal 

residents after the Great East Japan Earthquake of 2011, and 

discusses the factors influencing their decision-making and 

route choices. 

In spite of the large-scale tsunami warning and the 

evacuation order, the rate of evacuations to shelters was not 

high. However, large numbers of residents who did not 

evacuate to a shelter did in fact leave their original locations. 

This suggests that we should consider not only direct 

evacuations to shelters but also other travel activities when 

we discuss or simulate human behavior during tsunamis. 

Residents’ behavior patterns differed widely according 

to their locations at the time of the earthquake. Compared 

with residents who were in their homes, those outside their 

homes were less likely to travel directly to shelters. The 

evacuation rates of residents who were outdoors or in transit 

were lower than those of other residents.  

After the earthquake, residents initially stopped at 

various locations such as their homes, schools or 

kindergarten to pick up their children, or the waterfront to 

observe the sea. Even after they first arrived at a shelter, they 

again returned to their homes or visited relatives’ house. 

Although in most cases residents sought to get proper 

information for decision-making or to save family members, 

these behaviors nonetheless were potentially very risky. 

Large earthquakes and tsunamis might occur at any time. 

Therefore, residents must imagine concretely how they will 

respond to such situations whether in or outside their homes. 

In particular, we must discuss beforehand potential 

approaches to ensuring workers’ safety, since given the 

Japanese work climate, workers tend to continue working 

even in hazardous situations. 

Most of the residents who did not evacuate still realized 

that something unusual had happened. Although some did 

not receive the tsunami warning (especially those who were 

outdoors or in transit), the majority could easily have 

obtained information about the disaster via television, the 

local government announcement, or observation of the sea, 

yet they still failed to evacuate. Based on the present study, 

one of the most important issues involved in planning for 

tsunami evacuations is that of decision-making. It is a 

subjective and irrational belief that a tsunami will not 

endanger oneself. This attitude is typical of “normalcy bias.” 

Related to this, the present study also suggested that those 

close to a person can exert a strong influence on their 

behavior. Thus, when a person hesitates to make decision, 

external persuasion can prove to be a powerful force that can 

overcome this bias.  
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Abstract:  Since the beginning of the 20th century, China had nearly 800 quakes over 6.0 on the Richter scale and 
costing a large number of fatalities and losses. Disaster mitigation has been major concerns especially after the 2008 
Sichuan earthquake. The key issue of the disaster mitigation system is the safety of residential settlements. Chinese city is 
mostly divided into superblocks with wide avenues, and residential area more likely to be enclosed. Although refuge to 
those avenues is recognized as a safe evacuation route, it may not be reached directly because of lots of difficulties. 
Therefore when the earthquake comes, the open spaces within the superblock which acts as a direct evacuation area are 
needed to be considered.  
This research focuses on circulation spaces of the urban residential environment. Field survey of different residential 
areas in the Chinese city of Tianjin is conducted. Based on survey observations, developing a computer program to 
evaluate the spatial characteristics, we can figure out disadvantages or advantages by the criterion of circulation spaces. 
Areas with disadvantages and advantages are identified and analysis results, as well as several proposals for 
improvements are brought forward and compared.  

 
 
1.  INTRODUCTION 

 

China is located in one of the most seismically active 

regions of the world. Since the beginning of the last century, 

they have had nearly 800 quakes with magnitudes of over 6 

on the Richter scale and suffered large numbers of fatalities 

caused by earthquake damage with the stricken area 

covering over 300,000 square kilometers and destroying 

more than 7 million rooms. A great deal of requirement on 

disaster mitigation and prevention has been put forward, 

especially after the 2008 Wenchuan Earthquake. 

1.1  Background 

As an earthquake active country, most of the Chinese 

cities are more or less threatened by earthquakes. 

Earthquakes have happened in almost all provinces, 

municipalities and regions except in the province of Guizhou, 

Zhejiang. How to improve the capability of 

disaster-resistance in China comes as a primal issue 

nowadays. Two features of damage caused by earthquakes in 

China are most dominant: one is the large numbers of 

fatalities triggered by low building quality and low 

evacuation efficiency. The other is the slow recovery after an 

earthquake caused by problems like lack of emergency 

respond system and rescue system as well as slow 

rebuilding. 

1.2  Current system in Chinese city 

Based on those features, this research mainly focuses 

on urban evacuation system starting with developing a 

method for examining vulnerabilities in a residential area, by 

which we try to make clear the real requirements of different 

urban areas in a complex urban system. 

The urban disaster mitigation system in China is still 

unenlightened and insufficient even after experienced 

several big earthquake recent years. The current existing 

evacuation system in Chinese cities is mainly for war and 

locates in the underground spaces. The evacuation spaces 

against natural disasters are quite limited. Once an 

earthquake happens there is seldom specific evacuation 

route and space to orient citizens evade from the dangerous 

areas. 

 

2.  Vulnerabilities of Chinese city from earthquake 

disaster 

According to the physical and social conditions, 

different urban situations bring different requirements to 

urban construction. Different cities may face different 

potential vulnerabilities when an earthquake happens, 

consequently, the demands on disaster mitigation system 

will be diverse also.  

Using the Japanese cities which possess a well 

developed disaster mitigation system as a comparison, the 

contrast between a Japanese city and a Chinese city 

obviously shows the different characters of cities, reflecting 

the weaknesses and requirements of earthquake disaster 

mitigation in China 

2.1   Characteristics of Chinese city 

There are several significant differences in characters of 

Chinese cities which are shown in Table 1. For the urban 

fabric, Chinese cities are more likely to use wide avenues 

dividing an urban area into easily-recognizable super blocks 
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while the Japanese cities use narrow and dense streets which 

make a continuous road pattern. Since most of the residential 

buildings are concrete/brick multi-layer and fireproof in 

China rather than wooden-frame low-rise houses in Japan, 

the dangers caused by an earthquake are mainly represented 

by the threat of buildings collapsing and the falling of debris 

during evacuation. 

 

 

Characteristics China Japan 

Building structure in 

vulnerable urban areas 

Concrete/brick Wooden-frame 

Building type in 

vulnerable urban areas 

6 floors/ high-rise 

(>18) 

Low-rise (<10) 

City Road pattern Wide avenue 

divide urban area 

into superblock 

Continuous 

pattern consist of 

dense and 

narrow street 

Evacuation spaces 

system 

Unplanned and 

inadequate 

Planned 

Concerned dangers Building collapse 

Debris 

Safety during 

evacuation 

Spreading of fire 

Building 

collapse 

 

2.2  Characteristics and vulnerabilities of residential 

area in China 

We can classify the residential area into different types 

by multiple standards, such as area location, building density, 

building structure, layout and others. Depending on a 

building condition in different cities or regions, the 

demarcation method could be shifted.  

The residential areas in Chinese cities are mainly 

distributed as residential sites with certain boundaries and 

occupy an area under 15ha. Most of the residential sites are 

enclosed by a fence or baluster except for the traditional 

residential ones.  

The residential buildings are distinguished by their 

build year especially in large cities. Most of the residential 

buildings built between 1960s-1980s are brick structure 1-2 

floor courtyard houses. This traditional courtyard-housing is 

widely located in the whole country which is more or less 

preserved in the big and medium cities and is dominant in 

most of the small cities. The buildings which were built after 

the 1980s are multi-layer brick or concrete structure, but 

after the 1990s the new criterion for buildings and planning 

debuted, with both the earthquake-resistance level and 

construction standards enhanced and set specifically. At the 

same time, high-rise residential buildings have risen up into 

our horizons with high building quality and high capability. 

There are also a small number of special types of residential 

buildings. For instance: the concession area which were built 

before the 1900s and some industrial-reforming buildings as 

well as most recent prevailing low-rise housings in the 

suburban area. 

The buildings built before the 1990s are not classified 

in the reliable earthquake-resistant code, thus building 

structure could be accounted as one of the threat items. 

Lacking of management on area environment is also one of 

the potential weaknesses, and cases like invaded public 

spaces are also quite prevalent. On the other hand, the 

building built after the 1990s are usually developed by a 

certain developer and managed by a certain agency while the 

residents are required to follow certain ordinance for 

maintaining a public living environment. 

 

 

 

3.  EXATION METHOD OF VULNERABILITIES 

 

We try to detect the vulnerable areas by examining 

urban elements in different scales. We classify the urban 

elements into 5 categories according to the scales: the 

buildings, the neighborhood, the community, the superblock, 

and the city. Urban area is occupied by various uses, such as 

a commercial area, industrial area, high-rise residential area, 

low-rise residential area, etc. The requirements are not 

coherent due to the different road patterns and building types 

relating to the land use. The commercial area may face less 

risk during night time but require higher requirements on 

day time than residential area. Here, the discussion is more 

likely based on the residential area which brings forward 

more problems on evacuation and staying both temporary 

and long-term. 

3.1   Examine vulnerabilities by detecting urban 

texture 

With the big avenues dividing the urban area into 

easily-recognizable superblocks, the spaces inside one super 

block or between several super blocks usually show a 

similar road-pattern, building density and building size and 

even building height, thus these items represents a certain 

urban texture. The external information of ground truth such 

as building history or culture background also offer a great 

amount of influence on building quality, 

earthquake-resistance standard and aging of structures. We 

can easily recognize the difference by the urban texture, and 

divide the urban area into different types of superblocks. 

3.2   A simple method for evaluation of the dangers 

We choose samples from typical superblocks for 

analysis in a more detailed scale. We try to utilize a uniform 

criterion which reflects on the features and requirements 

most directly to evaluate the vulnerabilities inside different 

Table 1  Characteristics of urban areas in China and Japan 

Figure 1  (a) Traditional house; (b) Middle-rise building before 

1990; (c) Middle-rise building after 1990; (d) High-rise building 

a                b 

 

 

 

 

c                   d 
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types of superblock or even a particular site. We bring the 

concept of “Circulation Spaces” as the criterion for 

evaluation of vulnerabilities, including estimating all the 

available public spaces which form an open space with 

looped path both for evacuation and gathering. 

 

4．A CASE STUDY IN TIANJIN 

 

We choose the city of Tianjin, China for the real case 

study. It is 120km away from the capital, Beijing. It has 

11,917.3 Km² of the occupied area with a population of 

11.76 million and experienced over 140 earthquakes of over 

magnitude 4.7 and 5 big earthquakes of over magnitude 7 

including the 1976 Tangshan earthquake with over 250,000 

fatalities.  

4.1   Choosing typical residential area 

We pick out five typical residential patterns which are 

distinguished by different typical urban texture. : high-rise 

building area (HB), new low-rise area (NL), old low-rise 

area (OL), historical concession (HC) area and old 

traditional (OT) area. From each area, one residential site 

around 8ha in Chinese standard was chosen as a sample for 

applying the method. 

4.2   Field Survey on the target area 

A field survey was conducted in the chosen area. In this 

survey, we try to observe all the trivial elements in each 

particular area which track records both original building 

information and environment situation affected by human 

behavior. We divided the observation target into 4 parts: 

buildings, inside road, outside road and plants. A check list 

accompanied with a detailed route map which lists out 

observation points within each group consisting of possible 

debris, Roof style of the buildings, Special function building 

or space, Road block, Lane (inside road), Grass and Tree, 

Dangerous facility, Green belt, Tree species, Stair well, 

Accessibility of the whole area. 

4.3 Characteristics of different types of residential area  

1. High rise building Area 

 

 

 

 

 

 

 

 

 

The High-rise building is built with a concrete-steel 

frame structure, there is very low possibility of a building 

collapse when an earthquake happens. The debris of the 

building is the most threatening issue concerning evacuation 

especially when its façade are decorated with large windows 

and glass. The higher the building is, and the bigger the 

shaking is, the larger the affected area will be. The chosen 

High-rise building site is one of the classic layouts in a 

Chinese city. A wide concentrated space is located in the 

middle, the boundary connected and enclosed by 

commercial buildings, the vehicles and pedestrians are 

separated since cars are not allowed to get into the site 

except for emergency situations, with only one ring road and 

2 entrances which are wide enough for cars to pass through. 

The car parking spaces are located in the underground of the 

whole area including the center open spaces. This may raise 

some concern on the structure of the ground floor. A 

kindergarten and a large power station lay on the north-east 

part of the area. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2. New Middle-rise building Area 

 

 

 

 

 

 

 

 

 

The new Middle-rise building is classified as buildings 

under 21 meters and built after the 1990s, which is mainly 

constructed as concrete shear wall structure, with low 

possibility of collapse. The New Middle-rise building area is 

strictly restricted by the planning guidelines on spaces 

between the buildings and the environment. The chosen site 

is semi-enclosed, where entrances can be found in all 

directions. The buildings are arranged parallel, illegal 

constructions and unreasonable utilization of the balcony 

raise the danger for possible debris. Vehicles and pedestrians 

are mixed, which leads to lots of illegal parking, with cars 

and bicycles randomly parked on streets which blocks the 

evacuation routes.  

 

 

 

 

Figure 2  typical residential area identified by their urban texture in 

Tianjin 

Figure 5  Layout of building and circulation routes in the 

New Middle-rise building area 

 

Figure 3  Layout of building and circulation routes in the High-rise 

building area 

Figure  4  High-rise building area 
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3. Old Middle-rise building Area 

 

 

 

 

 

 

 

 

 

 

Old Middle-rise building area is contra with the new 

middle-rise building area where its masonry structure is built 

before the 1990s. The structure is inferior compared to the 

New Middle-rise area. The layout of Old Middle-rise 

building area resembles with the New Middle-rise building 

area but is not confined by the new guidelines. Besides the 

common weaknesses of middle-rise building area, such as 

illegal parking and constructions, the most distinct feature of 

the chosen site is the poor construction of the infrastructure. 

For example, the high-risk overhead pipes.  

Also, the only entrance is narrow, which increases the 

difficulty for evacuees. Because of the lack of management 

measures, the sanitation conditions are unsightly, the 

garbage and waste is stored excessively, invasion of public 

spaces is also quite popular, greenbelt is used by residents as 

private gardens or storerooms, parks are taken up by 

abandoned furnishings and bicycles. 

 

 

 

 

 

 

 

 

 

 

 

 

4. Historical concession Area 

 

 

 

 

 

 

 

 

 

 

Concession area is one of the representational area of 

Tianjin. It is built before 1900 designed by European 

architects. Low-rise building takes the advantage of  

choosing site, which still stays in good building quality, 

possesses enough open spaces between buildings composing 

a scale-friendly environment.  

The whole site is openly connected with urban road 

system, but there are fences and walls dividing the block into 

small yards which decreases the options for evacuation 

routes.  

 

 

 

 

 

 

 

 

 

 

 

5. Traditional Neighborhood 

 

 

 

 

 

 

 

 

 

 

Traditional Neighborhood is the brick houses built by 

the residents themselves around the 1960s. Both the building 

quality and spatial arrangement are facing huge dangers 

from earthquake damage. The buildings are not restricted by 

the safety construction code, with high possibility of 

building collapse and falling of debris. After years of 

corrosion, the building’s fragility exceeds all the other areas. 

Illegal buildings with an even lower quality can also be seen 

everywhere. The streets of Traditional Neighborhood area 

are extremely narrow and blocked by garbage and obstacles. 

Most of the area is not wide enough for vehicles.  

 

 

 

 

 

 

 

 

 

 

 

4.4  Evaluation on the vulnerabilities by circulation 

spaces 

To provide a numerical description of each target area 

to figure out the degree of severity of vulnerability, we use a 

Figure 6  New Middle-rise building area  

Figure 8  Old Middle-rise building area  

Figure 7  Layout of building and circulation routes in the Old 

Middle-rise building area  

Figure 9  Layout of building and circulation routes in the Historical 

concession Area 

 

Figure 10  Historical concession Area 

 

Figure 12  Traditional Neighborhood 

 

Figure 11  Layout of building and circulation routes in the 

Traditional Neighborhood 
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measurement method to evaluate the danger issue. 

After choosing the target area, we draw a network 

diagram showing all possible circulation routes on the site 

plan in order to measure circulation spaces. First, we identify 

the spaces where the junctions of network exist and draw 

circles of maximum size that fit into the identified spaces. 

The center of a circle is defined as a node of circulation 

route. Between two adjacent nodes, we draw circles of 

maximum size in the inflection point that fit into the spaces 

between buildings. With this method, we can describe the 

changing width of circulation spaces along the routes. 

 

 

 

 

 

 

 

1. Analysis on different damage situation  

The analysis is based on just the map information in 

terms of buildings and spaces not involving the elements 

which has been investigated in previous field survey. We 

measure the circulation route by category of width (radius) 

which is set every 3 meter difference, to record the length of 

the route that belongs to each radius category. 

Taking the situation of surface damage and structure 

damage into consideration, debris drop from the buildings 

has an uncertain area of effect. We assume that the width 

"W1"of surface damage area of effect is 10% of building's 

height, the width "W2" of heavy damage area of effect is 

30% of building's height to judge if each circulation route is 

still possible to pass through or not. In the analysis of most 

areas, the surface damage only make little influence but 

heavy damage triggers bigger influence.  

Area (HB) possesses the widest circulation path but it 

changes a lot when heavy damage happens, with only very 

limited but wide spaces in the center of the area left.  

Area (NM) performs best in all the areas; the circulation 

spaces are not affected when surface damage happens and 

only changes a little when heavy damage happens.  

The tendency of area (OM) is quite similar with area 

(NM) but the influence of heavy damage presents a distinct 

danger, its length exceeds almost 1/3 more than area (NM). 

 In the (TC) area, the width of circulation route is not 

more than 17m which changes a lot more than those areas 

mentioned above under damage.  

And the (TN) area is quite special compares to all the 

other areas. It shows extremely dense and long circulation 

space, even the biggest radius is less than 5m while the total 

length reaches almost 5000m.  

2. Analysis on usable spaces 

It is important that some circulation spaces over certain 

width be used for temporary gathering for people or 

collecting/distributing emergency goods and materials, as 

well as access for fire engines which is significant towards 

the high risk of indoor fire and rescuing of trapped person. 

This method can be used to measure the available spaces; 4 

meters (the minimal width for fire engine), 9 meters (two 

lanes for vehicles according to residential district index) and 

18 meters are set separately as three standards. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The comparison of available spaces under different 

damage levels also show a distinctive result in Figure10. 

That blue line represents the normal situation, red line shows 

the situation of surface damage and the green one shows the 

situation of heavy damage. The horizontal axis indicates a 

certain width while the vertical axis states the area of 

available circulation spaces. 

Area HB has the largest available spaces for each 

specific width under normal state and surface damage. Area 

Figure 13  Procedure for measuring the circulation spaces 

Figure 14 Usable spaces in different types of residential area  
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NM shows little change under all situations. Although the 

available spaces in area OM are not so abundant, it suffers 

little decrease under damage. In area TN, spaces wider than 

radius 4.5m is hard to find and available spaces over 4 meter 

declines with a great extent which means that it is almost 

impossible for fire engines to access when heavy damage 

comes. 

4.5 Suggestions for different types of residential area 

towards earthquake disaster  

In accordance with the survey result and analysis, 

Based on both positive and negative features when facing an 

earthquake disaster in different types of residential area, 

combining their advantages and disadvantages may improve 

the condition of a larger scale urban area.  

For the High-rise building area, Improvements of the 

current landscape construction may enhance the utilization 

efficiency of open spaces and enlarge the evacuation spaces. 

Increase of the entrances accessibility also provides more 

circulation choices. In the New Middle-rise building area, a 

regulation for the parking spaces is quite important and 

urgent for maximizing the value of the existing circulation 

spaces. Besides the parking problem and other management 

issues, Old Middle-rise building area is facing more serious 

challenge on the infrastructures, for which a reconstruction is 

worth considering. In the concession area, open the blocks 

by walls or fences between each single yard could improve 

the connectivity in order to bring more choices for the 

evacuees. Finally, in the Traditional Neighborhood, the 

resolution of building quality plays as a key role and a 

foundation for the evacuation.  

For some advantage sides, the available spaces in 

High-rise building area which can be used as a gathering 

center both for surrounding residents and a place for 

collecting or distributing emergency stuffs. Streets along 

Concession area provide dense and protected evacuation 

routes for the whole region. Crossing through the inner path 

of the Concession area can greatly upgrade the evacuation 

efficiency.  

And at the same time, some problems are uncertain 

waiting for more discussion, such as: how harmful the debris 

of high-rise building to evacuees can be, how to ameliorate 

living and safety qualities while keeping the traditional 

lifestyle especially in the Traditional Neighborhood, and 

how to resolve the infrastructure issues based on the current 

situation.  

 

5.   CONCLUSION 

 

Different urban areas possess different physical features 

which beget different potential vulnerability to the citizens 

concerning earthquake damages. Thus, examination of 

vulnerability of various residential areas is the first and 

essential step of setting up an earthquake disaster mitigation 

system in a Chinese city. Knowing where the weaknesses 

are gives the direction for optimizing urban spaces in various 

urban areas. The numerical evaluation results are provided 

as a method for quantification of the degree of vulnerability 

and are expected to tell us what the serious problems might 

be under different damage situations.  

Later research will be based on the current analysis 

about circulation spaces to try to find out the special network 

of open spaces by its size. Focusing on that, suggestions and 

planning can be proposed directly for the different urban 

areas in order to step up the space network and enhance the 

safety of living environment. 
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Abstract:  Residents’ perception, evaluation and activities in the outdoor spaces of donated post disaster housing at New 
Ngelepen, Yogyakarta were investigated. Residents were relocated to a new type of settlement and given fixed design 
post-disaster housing which drastically differed from their Javanese vernacular dwellings and settlement. Behavior 
mapping was conducted on random days (weekday and holidays) between 8 AM and 8 PM on the outdoor spaces that 
function as essential places for the residents daily and community activities. Questionnaires and structured-interview were 
also conducted. Results suggest that because of fixed design limitations of the house and its private outdoor space, 
residents show high level of dissatisfaction. Because inner housing could not facilitate their social activities, therefore 
neighborhood areas have a bigger role in facilitating social interactions. 

 
 
1.  INTRODUCTION 

 

After the Java earthquake on May 27, 2006, almost 50 

houses were demolished by a catastrophic landslide in the 

original Ngelepen village, and the area was declared 

geographically unbuildable land. Consequently, the residents 

were relocated to New Ngelepen, a post-disaster settlement 

situated about 0.51 km from the original village. Tercan 

(2001) have demonstrated that any attempt to remove people 

from their existing physical, social, and economical 

environments significantly impacts their lives. In such cases, 

the survivors’ only choice is to accept donated housing, 

especially when they must relocate. This is the case for the 

post-disaster housing settlement in New Ngelepen, 

Yogyakarta where the residents relocated to a new type of 

settlement and given dome post-disaster housing, which 

drastically differed from their Javanese vernacular dwellings. 

Previous studies have examined the impact of social 

behavior on Javanese dwellings such as its meaning on the 

morphology of traditional Javanese dwellings (Revianto, 

1997), or social interaction in public housing (Yoyok, 1995). 

From these studies, we can conclude that although cultural 

changes in a society accompany changes in housing, social 

behavior apparently still influences Javanese dwellings. 

Accordingly, this study presume that social interaction also 

have influence in the relocated post disaster housing of New 

Ngelepen. 

Residential outdoor spaces are an extension of living 

space and part of the home (Dillman and Dillman, 1987). 

The common areas between the houses have been found to 

be an important feature that affords social activities in 

neighborhoods (Cooper et.al, 1986). Open spaces in 

neighborhoods have essential role for residents’ sense of 

neighboring (Fleming et al., 1985). This paper intends to 

clarify how the open spaces in New Ngelepen village are 

perceived, evaluated, and used by the inhabitants.  

 

2.  RESEARCH METHOD 

 

2.1 General Overview of Study Area 

The case study area for this research is located at 

New Ngelepen, Sleman Regency, Yogyakarta special province, 

Indonesia. It is located about 20km eastern side of 

Yogyakarta. The New Ngelepen dome housing was 

developed because after the earthquake, original Ngelepen 

villaged were destroyed by the Java 2006 earthquake and 

landslide occurred, since then the land were considered 

unbuildable therefore a relocation was necessary. It 

introduced a house cluster site plan design where every 11 or 

12 houses form a block with shared sanitation, electricity, 

public toilet/washing areas, and approach pathways to 

houses. Monolithic domes with a hemispherical roof and a 

circular plan were introduced and built by the World 

Association of Non-Governmental Organization (WANGO) and 

the Domes for the World Foundation (DFTW). The diameter of 

the house is 7 meters, two stories, with the total area about 

38 square meters. The houses were built on land owned by the 

local government, Sleman’s Regency, but the post-disaster 

houses were donated free-of-charge and distributed via a 

lottery. Survivors were allowed to live rent free for three 

years. The construction began on October 10, 2006, finished 

on March 2007 and occupation began late April 2007. Based 

on observations and confirmation from the village official in 

August 2009, only 50 of the 71 dome houses built and 

distributed to survivors were occupied.  
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Figure 1. 

 

 

2.2 Data Questionnaires, Interview and Behavior Mapping 

A comprehensive fieldwork survey was conducted 

using questionnaires, in-depth interviews, and behavior 

mapping observations of residents’ activities for 

approximately one month (August 2009) with the assistance 

of architecture student volunteers from Gadjah Mada 

University, Indonesia. Additionally, the physical changes 

made to the original donated houses and site plan were 

documented. For questionnaires and in-depth interviews,  

68% of the residents in 34 occupied dome houses, 

participated. The sample was as follows: 

Table 1.  

Respondents’ remark Details 

Age < 30 years (40%),  3060 

years (60%) 

Education college (6.5%), senior high 

school (25.8%), junior high 

school (32.3 %), elementary 

school (12.9%), not 

educated (12.9%), unknown 

(9.7%) 

Income unemployed (9%), < Rp. 

500.000 ($USD50) 39.4%, 

Rp. 500.000 – Rp1.000.000 

($USD50100) 45.5%, Rp. 

1.000.000 – Rp 2.000.000 

($USD100200) 6.1% 

No. family average  

  

 

Questionnaires and interview was conducted to gain 

data related to residents’ background, usage, house design 

and outdoor evaluation and participation in community 

activities. For residents’ background and usage, questions 

related to house conditions, space usage, cognition of 

room/space availability, future preferences to add or alter the 

condition and changes residents have made to the original 

donated house were assessed. For residents' evaluation of 

house design and outdoor spaces, residents were asked about 

their capability to control their house design (flexibility, 

personalization, and maintenance) and their agreement to 

situations related to the outdoor space of the house, 

neighborhood streets, and cluster facilities. The evaluation 

questions items were derived based on intensive field 

observations. For residents’ participation in community 

activities, the heads of households and their spouses’ 

participation in community activities were assessed. 

As for the observational method, the daily life 

activities of typical outdoor spaces and times were classified 

by types of activity and users. Observational sheets and the 

site plans of New Ngelepen were utilized to record the 

behavior mapping observations. The context of observations 

included the number of users, users’ gender, users’ age range, 

location of activity, and type of activity. Behavior mapping 

was conducted by observations on random days between 8 

AM and 6 PM on both weekdays and holidays. Both 

quantity of social interaction and frequency of social 

interaction were recorded. Before the observation started, a 

thorough inventory of the outdoor spaces was conducted. 

The outdoor space investigated in New Ngelepen consists of: 

public area (main village street), semipublic area 

(neighborhood streets, corner streets, facilities like 

playground, field, mosque, etc) and semi-private (pathway, 

courtyard). 

In order to analyze quantitatively a variety of activities 

and users, types of activities and users’ age were simplified 

further in some categories. The age of participants was 

judged by their appearance and classified into: elderly age 

over 50 years old, adult man, adult woman and youth age 

less than 15 years old. As for the type of activity were 

divided into 5 categories: 1) household activities such as 

cooking, laundry, take care children, etc., 2) relaxation 

which , 3) economy related activities such as selling or 

buying, working, etc. 4) religious and 5) community activity 

for both social or non-social activities. In this study, social 

activities were referred to as the observable behavioral 

interaction of two people or more, including nodding, 

talking, waving, and friendly physical contact etc.  

The density of activity was calculated where an activity 

numerically counted one case as long as it retained the same 

classification originally given to it: the number of 

participants in each activity as well as duration was not 

considered. Places of activities with movement from one 

place to another were defined at the center or the initiated 

spot of the activity. Such a method that deals with human 

behavior on a quantitative basis may not be strictly accurate 

but helps in understanding how relatively different in 

intensity of use such open spaces are relate to the type of 
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activity and users. 

For this paper, only data related to residents’ usage, 

cognition, and evaluation of outdoor space as well as 

behavior mapping observation will be taken as main data. 

 

3.  RESEARCH RESULTS AND DISCUSSION 

 

3.1 Importance of guest area and social interaction  

The residents’ values traditional social behavior where 

they still cherished traditional Javanese living practices and 

community values such as gotong royong (spirit of helping 

one another through good and bad) and kekeluargaan 

(feeling of extended kinship in which the community is 

considered to be one big family. More than 95% (both heads 

of household and spouses) said that they participate in 

community activities with their own willingness, while only 

less than 5% feel obligated to participate and null for no 

participation. High participation to community activities is 

supported by their perception on the importance of the value 

and existence of community activities in their neighborhood. 

Approximately 65% head of household and 57% of spouses 

response is “I feel that community activities are very 

important” and approximately only about 34% for both 

heads of household and spouses said that “they are neutral, 

don’t really have certain feeling”. Unfortunately the 

incapability of dome house design to facilitate certain social 

interaction behavior results in the usage of outer space of the 

house and neighborhood as the ‘guest area’ or ‘incidental 

social interaction space’. 

 

3.2 Cognition of spaces in dwellings 

Cognitions of space are much related with the arrangement 

and allocation of ‘self’(personal) and ‘other’(interpersonal) 

space. These related to findings in Java case where residents’ 

cognition of front/back area is associated to hidden/shown 

area to other people. This supported by previous research on 

traditional dwellings where front of house is 

outwardly-oriented domain where domestic prestige 

displayed in form of status differences and formality in 

meeting others (Revianto, 1997). 

 

3.3 Evaluation of outdoor spaces 

Residents’ evaluation indicates dissatisfaction towards house 

outdoor that does not have enough space of front terrace for 

large gathering space. Moreover, house outdoor design 

elements such as pathways that were design to promote 

social interaction in fact only intrude their privacy. 

Evaluation for neighborhood streets (figure 2) shows that 

more than 96% of the residents are “very agree” to the 

statement “the house front yard space should be larger 

instead of larger street for better social gathering space”. 

However evaluation for statement “streets inside the 

neighborhood should not be too large so that cars and 

motors not easily pass by” were “disagree” by more than 

53%. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 2 Residents’ evaluation for house outdoor space. 

 

From the residents evaluation we can presume that house 

outdoor space hold an important role in their social 

interaction activities. Typical Javanese rural dwellings had 

large yard that function not only for planting and drying 

laundry but as drying harvest crops, burning garbage, drying 

the corkwood, etc. It also hold important role as a 

socialization space where housewives like to chats with the 

neighbors while looking after their little children playing in 

the house yard, etc. Occasionally large social gathering are 

also done in house yard area such as wedding, trah‟ 

gathering, etc.  

In New Ngelepen, the limitation of house inner and 

outdoor space made the residents use neighborhood‟s streets 

for their social activities. Social gathering that used to be 

facilitated in original dwellings but not possible in dome 

houses, now performed on the streets such as ‘ruwahan”, etc. 

Even once the streets were closed for one of the resident’s 

wedding ceremony. 

Figure 3 Residents’ Evaluation for neighborhood streets. 
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3.4 Behavior Mapping  

3.4.1 Daily activities in outdoor space 

a) Neighborhood street (Figure ) 

Neighborhood street include main entrance street and 

blocks’ streets between cluster blocks. All of the 

neighborhood streets were made of asphalt with wide 

around 5-7m and allow up to two cars pass-by at the 

same time. At the beginning of master plan, 

neighborhood streets were designed for automobile, 

unfortunately none of the residents have cars. Since the 

neighborhood streets are frequently used as playing 

ground for the children as well as social interaction 

spaces and community activities, having cars passing 

by frequently were considered dangerous by the 

residents, therefore the access to New Ngelepen were 

limitedly opened by the residents by giving barrier bar 

and only a main entrance located at the center of the 

neighborhood was publicly open.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4. Behavior mapping for weekend 

Figure 5. Behavior mapping for weekdays 

 

The main entrance street has very important roles not 

only as public transportation access but also one of the 

main public facilities for community gathering. The 

residents had painted the main entrance street as 

badminton field so that every afternoon many people 

would gathering and play together or just hang around.  

Many outsiders who are interested in dome housing 

frequently come to New Ngelepen, therefore main 

entrance often used as parking spots and even some of 

the residents located on its sideways use this 

opportunity to opened stores. During night time, main 

entrance as the widest neighborhood street (7m), also 

frequently used a gathering spaces for community 

meetings.  
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Blocks’ streets ranged from 5-6m wide. On its side 

ways, public facilities such as mosque, playground, 

meeting hall, field, clinic even grave yard are available. 

Gutter were used as a border between the block streets 

and dome house, though it is frequently dry in the 

summer time and sometime used a sitting places for 

relaxation by the passer-by or parents when they looked 

after their children playing on the streets. During the 

day, little children were playing freely on the streets, 

while housewives chat on side of the streets. 

b) House courtyard and pathway. (Figure )  

Although the dome house were designed exactly the 

same, but the outdoor landscaping and each house 

courtyard area as well as its house pathway were 

different between each dome houses even in the same 

cluster. Some houses have large front yard while other 

almost have no front yard at all. Some houses have 

private pathways while others have shared pathway. 

These differences also give 

 

 

4. CONCLUSIONS 

 

Respondents’ cognitions of space are much related with the 

arrangement and allocation of ‘self’(personal) and 

other’(interpersonal) space and how it is interrelated in 

spatial arrangement of fixed and semi-fixed elements of the 

house.. Although self-built and dome housing cases are 

different in physical conditions but both residents  ̀cognition 

of private/public have the same tendency and this also 

related to their front/back, hidden/shown spaces for 

interaction.  

In mis-fit and unchangeable spaces, social interactions are 

still facilitated and preserved by the respondents although it 

means that private space is intruded. As consequences some 

behavior adjustments are needed to be taken such as 

appointment of time and preparing of incidental `guest area`. 

Since dome house design was misfit and unchangeable then 

house outdoor space facilitates some of its social function. In 

some cases where certain activities cannot be done inside 

and outside the house space then neighborhood spaces such 

as streets, etc. will bear bigger role in facilitating these social 

interaction needs. 

This research has once again highlighted the importance of 

social behavior in Javanese dwelling even at its constraint 

situation. Meaning, values and ideals of social behavior are 

reflected on their cognition of spaces in the dwellings as well 

as their behavior adjustments.  It is necessary that even in 

constraint dwelling such as post disaster housing need to 

consider social behavior importance as culturally sensitive 

design for reconstruction recovery. Flexibility and open 

ended design in physical built environment would give an 

advantage in their critical transition to the new environment 
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Abstract: We developed a multi agent code enhanced with high performance computing (HPC) for simulating mass 
evacuations for catastrophic events like a tsunami. Prediction of mass evacuations is of great importance to ensure public 
safety in which the complex human behaviour is the key issue. However, no experiment is feasible for large area 
evacuation involving millions of people.  A numerical simulation that models each individual among the millions is the 
most viable method of prediction. For which, a multi agent code was developed with the aim of identifying effective 
means of reducing the evacuation time. The HPC enhanced code scales linearly up to 128 CPU cores, with 500,000 
agents. According to a survey among survivors of the March'2011 tsunami off the pacific coast, pre-evacuation time could 
vary widely from trigger of earthquake to up to more than 30 minutes. Officials are employed, who help reduce this large 
preparation time by encouraging evacuees to start evacuation early and by giving directions to reach the evacuation centre 
quickly. The effectiveness of the official agents in reducing the evacuation time is studied by varying their densities and 
level of influence. 

 
 
1.  INTRODUCTION 

 

Natural disasters cause extensive damage to life and 

property, leading to a situation of chaos.  To reduce the 

impact of the disaster, prediction of mass evacuation for 

events, like tsunami, earthquake, etc., holds great importance 

to ensure public safety. Reducing the evacuation time is the 

key issue in tsunami disasters where the available time is 

less than 10 minutes for some areas. March 11, 2011 has 

seen a devastating picture of tsunami in Japan. We have 

learnt time and again the importance of preparing for a 

disaster. Hence, to conduct evacuation studies, numerical 

solution is the only available solution at hand. There are a 

number of numerical models available but Multi agent 

system is suited for the current situation as it models the 

heterogeneity of human behavior quite well and helps us to 

produce possible trends of human activities to be prepared 

for a disaster. According to a survey conducted among the 

survivors of the 2011 Tohuku tsunami hit regions, between 

Yamamoto-cho and Minami-sanriku-cho, pre-evacuation 

time is more than 30 minutes. It has also been reported that 

comparatively less number of people heard warnings or 

messages from the local government or the local mitigation 

centers. This pre-evacuation time depends on many factors 

like perceived importance, uncertainty of the warning, 

finding family members, gathering valuables etc. Reducing 

this large pre-evacuation time is one of the most effective 

means of reducing total evacuation time. Especially for areas 

with short tsunami arrival time, reduction of pre-evacuation 

time is critically important.  

 

Resorting to personalization would help reduce the 

evacuation time as it has been observed from the survey that 

many people ignore or do not hear the mass communication 

messages. Officials of the community, who have complete 

knowledge of their neighbourhood, could be employed to 

personally instruct the people to evacuate or inform them of 

the nearest and safest evacuation center, depending on the 

intensity of the disaster. We need to identify the density, 

distribution, functions performed, as well as the legal 

strength of enforcing the instruction. However, quantitative 

study of the effectiveness of these factors is difficult for a 

large urban area; no experiment is feasible for large area 

evacuation involving millions of people and small area 

experiments do not render a correct picture due to 

contagious and cascade effects of mass evacuation. This 

requires the HPC enhanced MAS with smart and intelligent 

agents so as to help the evacuees. 

 

The current study of MAS is a part of much larger 

effort of developing a module to simulate actions taken by 

individuals and communities in an Integrated Earthquake 

Simulation (IES). IES is seamless simulation of earthquake 

wave propagation from source to the site seismic structure 
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response of the buildings in a large urban area and the 

response of communities (Hori et al). The existing MAS 

code is developed for an earthquake simulation in crowded 

areas like shopping malls, train stations etc. Its development 

is based on the commonly known KISS (keep it simple and 

stupid) principle in multi agent simulations. Open space 

navigation needs sophisticated agents as human brain 

perceives closed and open environments quite differently. 

Also, there is a requirement for smarter agents with greater 

abilities like the officials to help the evacuees. For 

simulation of such smart and sophisticated agents in large 

number in a large domain, clearly, the current state is 

insufficient. Hence, a new KISS (Keep It Smart and 

Sophisticated) principle for the agent development along 

with HPC must be employed to satisfy the requirements.  

 

In section 2, the methodology of the current model 

which includes the behavior of the agents, the environment 

and the generation of the officials is discussed. Section 3 

explains about the steps involved in the verification of the 

model. Section 4 deals about the effectiveness of the officials 

in reducing the preparation time. Section 5 concludes the 

paper along with the possible future work.  

 

 

2.   METHODOLOGY 

 

The behavior of the agents is improved for smooth 

navigation in open environments. The algorithms developed 

are discussed below. The key issue tackled is to test the 

effectiveness of the officials in reducing the pre-evacuation 

or preparation time of the evacuees. The functions of the 

officials are also discussed in this section. 

 

The environment of the MAS model is a model 

describing the configuration of public space. The GIS data is 

automatically converted into the MAS domain data. It is a 

structured raster type domain having a grid size of 1m
2
,   

consisting of obstacle cells and open cells. The agents are 

allowed to move around in the open cells avoiding the 

obstacles. The raster environment used for the current 

simulation is shown in Fig. 1.   

 

Improved behavior of the Agents: 

The agent in the model has three basic functions, 

namely See(), Think() and Move(), which represent the 

human’s most important features. The functions, which are 

self explanatory, are the vital aspects of the simulation.  

The vision and the decision making are improved for 

agents to navigate smoothly in wide open areas. As 

mentioned, the former code is designed for simulating 

evacuation in a crowded environment like shopping malls, 

train stations, etc. The area influencing the decision, which is 

the visual distance in the current model, was restricted to a 

very small radius of 1.5m, since larger radius is insignificant 

in crowded environments. The vision radius is increased to 

30m so that agents can identify various features of their 

surrounding and navigate smoothly in urban areas. A good 

and compatible vision and decision making model assures a 

smooth agent motion, a key for human modeling.  

  

Agent vision model:  

Visual Perception is an important function of the agent 

model as the Think() function just analyzes the information 

generated by the vision. For the current simulations, the 

vision radius is set to 30m since further increase does not 

show a significant improvement of agents’ movements. An 

agent scans the 360o vision field at dθ intervals, similar to 

radar, and collects the grid cells in the line of sight. The 

value of dθ is set such that arc length with visibility radius is 

50% of the grid size (dx) (i.e. visibility radius × dθ = 50% of 

the grid size). For 30m visibility radius, dθ is set to 1o. 

Currently, the agent vision is only horizontal, hence the 

elevation of the cell is not considered. Fig. 2 shows the 

vision of the agent and how it perceives the environment. 

 

Decision making model: 

The pivot of the agent model is the decision making 

function. In function Think(), it analyzes the data collected 

through the vision model and takes a decision, depending on 

its surroundings and the final destination. The agent scans 

through the view data, collects all the available paths and 

chooses the closest path to the final destination vector. 

The movement in raster environment is quite difficult, 

as identifying the features like the shape of buildings, 

junctions or roads is complicated. The agent can only 

recognize the open cells and obstacle cells; it is difficult to 

prevent the agents moving towards dead ends or to block 

them when moving towards already explored areas. There 

Figure 1: Vector type GIS data is converted into a raster 

type MAS environment 

Figure 2: Visual perception of an agent 
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are many possibilities that an agent loops around in an area 

for a long time due to the complexity of the urban 

environment. Such agents are identified and A* algorithm is 

used to find the path to move out of the looping area. Once, 

an agent moves out of the trapped region, the former  

Think () function resumes. 

 

Officials and their functions: 

The officials are smart agents with greater abilities, like 

the police, rescue officers, etc. They help people evacuate to 

safer areas. The main function of an the official is Guide() in 

which an official asks an agent to start evacuation 

immediately, using his influence power. The official searches 

in his visibility, for agents who have not started their 

evacuation and moves towards them. When the target agent 

is within the officials influence radius, the official informs 

him about the situation, the coming tsunami and suggests 

him to start evacuation immediately. This influence radius is 

considered as the conversational distance. Various influence 

radius, 2.5m. 5.0m, 10.0m, 20.0m, 30.0m have been tested 

and it was found that there is no significant difference in 

2.5m and 10.0m; the extra 7.5m travelled by the official to 

reach the agent is less significant. However, a value of 2.5m 

has been used for the simulation. In Fig. 3, the movement of 

the official can be noticed through the sequence of snapshots 

from left to right and top to down. We can see the official, in 

red cone, moving to each of the agents in his visibility and 

asking them to evacuate. As soon as the agent is in the 

influence radius of the official, the agent starts to evacuate.  

 

An object oriented language, C++ has been used to 

code the current MAS program.  C++ is quite suitable for 

programming MAS, as each component can be coded as an 

object. The model takes full advantage of the key features of 

C++ like inheritance, polymorphism, data encapsulation etc. 

 

 

3.  PARALLEL PERFORMANCE 

 
As suggested previously, for rendering a correct picture 

of the effects of mass evacuation, simulation of large 

numbers of people in a huge urban area is required. 

Simulating 30 minutes period of evacuation with 5000 

people, in 1 km2 urban environment, requires around 5 hours 

on a single CPU. Hence, the unavoidable requirement of 

parallel processing is clearly seen. A distributed computing 

model with Message Passing Interface (MPI) is used in the 

current program. To balance the work load, the domain is 

partitioned such that each processor core is allotted 

approximately equal number of agents. When an agent 

moves across the partition boundary, he is permanently 

moved to the corresponding CPU. Once significant load 

imbalance is observed due to this agent movement among 

CPUs, the domain is repartitioned to reassign balanced loads 

to CPUs. 

 

Improving the Performance: 

    Existing MAS based crowd simulations have achieved 

limited scalability on small number of CPUs. With several 

strategies, we attained super linear scalability up to 128 CPU 

cores with 500,000 agents. The main strategies used are: 1) 

virtual CPU topologies; 2) reducing the frequency of 

communications for ghost layer updates; 3) hiding the 

communications and minimizing the data volume; 4) 

minimize data exchange in repartitioning. 

 

1. Virtual CPU topologies: 

 

We use a 2D-tree algorithm to decompose the domain 

into square regions with nearly equal number of agents. 

Although this partitioning strategy does not minimize the 

communication data volume, the simple geometry makes it 

easier to handle agent movements between partitions. A 

major disadvantage of 2D-tree based partitioning is that we 

cannot take the advantage of communication topology of 

underlying hardware; the communication patterns between 

partitions are too irregular.  However, the distributed graph 

topology interface of MPI 2.2 standard provides a more user 

friendly interface, to better match the communication pattern 

of the partitions. 

 

2. Reduction of the frequency of ghost layer updates: 

 

This is the main strategy for going beyond linear 

scalability, which is made possible by maintaining wide 

ghost regions (overlapping between two partitions). The 

human agents needs the ability to see far to detect obstacles, 

other agents and slow moving agent groups. This requires 

maintaining a wide ghost region, which should be larger 

Figure 4: Partitioning of the agents in each CPU 

Figure 3: Movement of an official 
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than the visibility distance of 30 to 100m. Surely, this 

requirement significantly increases the communication 

overhead. However, in human crowd simulations, this wide 

ghost boundary can be used to gain high scalability. To 

explain, the terminology introduced in figure [4]; a partition 

assigned to a CPU is further subdivided as shown. To avoid 

slow moving crowds an agent needs to see the other agents 

at far end of his visibility. Therefore, a small error in the 

position of agents at the far edge of receive region does not 

affect the agents inside a partition. This allows skipping 

several ghost layer updates and maintaining the continuity 

by executing the agents in the ghost layer in a certain order 

along with the inner agents and boundary agents. The 

number of steps to be skipped should be selected to 

minimize the propagation of any error into a partition from 

the agents at the far edge of receive region. Depending on 

the distance of agent's visibility, ghost updating at every 5-10 

time step is sufficient (time interval is 0.2s). This 

significantly increases the scalability parallel extension of 

evacuation module.  

 

3. Hiding communications and minimizing data volume 

exchanged: 

 

Compared with particle physics type simulations, of 

similar category, like SPH or N-body, sophisticated and 

smart agents involve 10 to 20 times data. Further, 

sophisticated agents have dynamically growing variables 

like memory of past experiences. To deal with this large data 

volume, only the recent updates of dynamic data and 

essential data for ghost updating is exchanged during ghost 

update. Further, the ghost update communication is hidden 

by executing the agents in a certain order. 

 

4. Minimizing data exchange in repartitioning: 

 

Migration of agents from a partition to another brings 

load imbalance. When significant load imbalance occur, 

repartition is necessary to maintain equal workloads. 

Repartitioning is a very expensive step since human agents 

have large set of data. With 2D-tree, it is observed that most 

of the agents remain in the same CPU even after 

repartitioning, unless MPI_Dist_graph_create() maps the 

partitions to different CPUs. The repartitioning algorithm 

detects whether the same partition is assign to a CPU and 

exchanges only the newly assign agents. The point to note, 

here is that the interval should be such that it should not 

affect the movement of the boundary agents of the 

neighbouring cpu. This drastically reduces the 

communication overhead in repartitioning, which lowers 

any performance degeneration due to repartitioning. 

 

Scalability: 

The effectiveness of the above major strategies was 

tested by conducting a series of simulations with 500,000 

agents in a dense part of Kochi city, Japan. A DELL cluster 

with QLogic 12200 Infini Band switch and 16 computation 

nodes, each with hexa-core Intel Xeon X5680 CPUs and 

47GB DDR3 memory, is used for the simulations. As shown 

in Fig.5, the above strategies have even pushed the 

scalability into the super linear region; super linear behavior 

is due to the nonlinear reduction of time for an agent to find 

its neighbors, when the number of agents in a CPU is 

halved. 

 

4. VERIFICATION OF THE MODEL 

 

In the process of verifying the simulation results, we 

have considered the evacuation of 1000 agents in a grid tile, 

of 800x600 cells, without the obstacles or building data. It is 

essentially a 1 dimensional problem, as the agents move 

straight to the exit without travelling any extra distance. 

Graph 1 shows the evacuation times of the agents considered 

with different settings; 1) no preparation time and velocity 

being constant, 2) no preparation time with varying 

velocities, 3) constant preparation time with varying velocity 

and 4) varying preparation time with varying velocities. The 

values of the preparation time were taken from the survey, 

mentioned in the introduction and are shown in Table 1. As 

shown in Graph 1, all the four cases produced the 

analytically expected behavior. This shows the ability of the 

developed MAS model in producing the desired results.  

 

Graph 1: Evacuation Time without obstacles 

Figure 5: Scalability obtained with up to 128 CPUs 
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5. EFFECTIVENESS IN REDUCING PRE- 

EVACUATION TIME OF EVCUEES  

 

As mentioned previously, the main objective of the 

simulation is to reduce the possibly large pre-evacuation 

time of the people by employing the officials. The 

effectiveness of the officials was examined by conducting 

various simulations explained as under. The basic 

parameters of the simulation are shown in table [1]. 

 

Parameter Values 

Average moving speed of Evacuees [m/s] 

Normal 

Slow 

 

1.4 

1.1 

Standard deviation of moving speed of 

Evacuees [m/s] 

Normal 

Slow 

 

 

0.6 

0.3 

Moving speed of officials[m/s] 3.0 

Average preparation time [seconds] 1000 

SD of preparation time [seconds] 240 

 

Problem Setting: 

 

The current simulation is conducted on an urban city 

environment of Kochi city (GIS Tile ID: O-16); Fig.6 shows 

the domain used for the simulation.  

 

The developed HPC enhanced MAS code can simulate 

up to millions of agents. However, a small problem of 1000 

agents in an area of 0.48 km2 (a grid of size, 800x600 cells) 

is considered in this preliminary study. The density of 

officials is increased from 0.5%, 1%, 3%, 5% and 10%.  

 

Graph 2 presents the cumulative evacuation time with 

varying velocity and varying preparation time. Case-1 is the 

ideal, without preparation time, case-2 to case -7 have 

varying preparation time with increasing number of officials 

from 0%, 0.5%, 1%, 3% 5 % and 10% respectively. We can 

observe that the usage of 0.5% officials has significant effect 

on the evacuation times of the agents. The irregularity of 

each graph shows the complexity of the problem, where 

more than one parameter, like speed, distribution of agents, 

preparation time and complexity of the environment, is in 

question. The evacuation time has shown considerable 

difference with every increase of number of officials. It can 

also be noted that the usage of 3%,5% and 10% have 

obtained almost similar results, stating that a usage of 3% 

officials is sufficient.  

 

 

6.  CONCLUSIONS 

 

A HPC enhanced MAS code is developed for 

simulating mass evacuation in a large urban area.  We 

studied the effectiveness of reducing pre-evacuation time, 

using officials to personally instruct the residents to evacuate 

immediately. The officials are employed to personally go to 

an agent and ask him to start evacuation immediately. This 

behavior of the officials has resulted in quite significant 

decrease in the total evacuation times of the evacuees. An 

optimum level of 3% officials is found to show satisfactory 

results almost similar to using 10% officials. Since 

simulating large urban area is computationally intensive, we 

enhanced our code with HPC and attained super linear 

scalability up to 128 cores with half a million agents. The 

Evacuation time can further be reduced by improving the 

functions of the official and by employing the resident leader 

agents who have less influence power but can help in 

passing information to the evacuees. 

.  
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Abstract:   Dhaka, the capital of Bangladesh has potential threat from seismic events. Experts suspect that a major 
earthquake may cause huge human tragedy due to the structural failure of many buildings that were constructed in an 
unregulated manner for a long time without following proper construction design and methods based on the Bangladesh 
National Building Code (BNBC). To check building construction condition, residents’ seismic risk recognition and 
intention for safety measures, the authors conducted a questionnaire survey among 720 residents in Dhaka in 2010. The 
primary result, as reported in a previous paper, shows that (1) majority of the residents suspect that a major earthquake 
may struck Dhaka in near future, and (2) their residential buildings may perform poorly in that earthquake. A previous 
analysis indicated two groups of residents for adopting safety measures where first group has higher motivation and 
second group requires some policy activity since they are low potential to reduce risk. The present study indicates that 
residents’ intention for safety measures is a secondary order construct separated from antecedent constructs. Based on the 
obtained data and result, a structural model of intention for safety measures and willingness to pay is developed and 
proposed for the urban safety improvement. 

 
 
1. INTRODUCTION 
 

A number of perception studies have enriched the risk 
perception literature for the last three decades or so on. 
Amongst them, the widely covered areas were the aspect of 
hazard research, risk recognition and residents’ subjective 
judgment, vulnerability reduction, improved preparedness, 
altering individual attitudes, and determinants of individual 
view. It is agreed in this paper that risk perception study 
produces a better result than the typical disaster mitigation 
measures. It is because studies on risk perception is based on 
individual experience and is a function of attitude. Risk 
perception study has been the subject of interest to many 
social scientists. However, only a few studies have focused 
attention on the factor analysis on residents’ risk recognition, 
intention for safety measures (ISM), and willingness to pay 
(WTP) applying structural equation modeling (SEM). These 
three terms of intention for safety measures, willingness to 
pay and structural equation modeling will be called as ISM, 
WTP and SEM hereafter in this paper.     

 
Perception research is still new in risk mitigation sector. 

There were several studies conducted on Dhaka’s seismic 
vulnerability and mitigation measures. Ansary (2004) 
estimated the economic loss for buildings in Dhaka for a 
scenario earthquake of intensity VII. Al-Hussaini (2003) 
addressed different issues that were putting Dhaka at a great 
risk for a probable earthquake scenario and proposed some 
remedial measures. Kamal and Midorikawa (2004) 
developed GIS-based geomorphological mapping for Dhaka 

applying remote sensing data and supplementary 
geoinformation. Ansary and Rashid (2000) generated the 
liquefaction potential map for Dhaka. They brought two 
results in the map: liquefiable and non-liquefiable. In the 
study, conducted by Paul and Bhuiyan (2010), they checked 
the seismic risk perception of residents and their level of 
earthquake preparedness. They found that residents 
anticipate major earthquake occurrence in Dhaka in near 
future, but they are not prepared for that. Based on the 
findings of this brief literature, it is clear that no literature 
either checked the ISM of residents or analyzed the factor 
relations on WPT or applied SEM. But the structural relation 
of various factors and their relation on evolving ISM may 
bring important determinants in urban risk perception 
analysis. Therefore, one of the objectives of the present 
study is to clarify the relations between each risk factor and 
ISM, structurally. In particular, to indicate the relationship 
between ISM and residents’ factors, risk recognition factors, 
and building factors, it is important to examine the efficiency 
of factors by some improvement. Since these factors are 
abstract, it should be treated as ‘construct’. Constructs are 
concepts, which applied to simplify the understanding of 
relatively complex phenomena by hypothesizing it existence. 
Structural equation modeling (SEM), which can introduce 
constructs into the analysis, allows examination of the 
relationships among the characteristics of the constructs, 
other constructs and the observed variables (Bollen, 1989). 
This study demonstrates the relationships among improvable 
residents’ factors, risk recognition factors, building factors 
and ISM with SEM. 
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2. BACKGROUND OF RESEARCH 
 

The present study is a continuation of previous two 
studies on residents’ seismic risk recognition and intention 
for safety measures in Dhaka, conducted by the authors. 
Those two studies applied questionnaire based field survey 
method and provided the logical background and direction 
for this study. It is necessary to mention the brief outcome of 
those two studies here.  

 
Shah and Murao (2011a) provided the basic general 

outline on resident’s seismic recognition and intention for 
safety measures in Dhaka as obtained by the questionnaire 
survey. They investigated the tendency of building 
construction in Dhaka, risk recognition of residents on 
occurrence of major earthquake, residents’ idea on suspected 
damage to their residential buildings, residents’ intention for 
safety measures and expert’s comment on few issues like 
attaining resident’s knowledge on Bangladesh National 
Building Code (BNBC). The results show that 91.9% 
respondents recognize the occurrence of large earthquake in 
Dhaka in very near future, and 36.7% respondents were 
suspicious about complete destruction of their building in 
such earthquakes. In addition, residents expressed their 
desire to adopt safety measures to reduce the structural 
vulnerability of their buildings. The study found a gap 
between the knowledge and implementation of BNBC. 
Some interviews were conducted with experts on that issue 
and the study concluded that resident’s knowledge on BNBC 
is essential to reduce the level of structural vulnerability of 
the residential buildings.  

 
In the second study, Shah and Murao (2011b) supplied 

more detailed information obtained by the questionnaire data. 
They investigated on residents’ living condition, building 
construction structure, age, type, floor space, price and rent; 
relation between recognized risk and accepted risk, and 
residents’ willingness to pay for adopting safety measures. 
The results show that residents recognized the potential for 
highest damage to old buildings and lowest damage to new 
buildings. The analysis of recognized risk and accepted risk 
indicated two groups of residents to adopt safety measures. 
The first group possesses higher motivation to adopt safety 
measures. The second group would require some policy 
activity to adopt the same as their potential to reduce risk is 
lower. Initially many of them were not interested to pay for 
adopting safety measures. When they were informed 
Dhaka’s potential for earthquakes, structural vulnerability, 
and probable cost for safety improvement, their willingness 
to pay increased significantly.  

 
This study analyzes the structural effect of different 

variables on residents’ intention for safety measures and 
willingness to pay. The aim is to construct structural models 
that would enable researchers and policy makers to identify 
the structural impact of variables on resident’s intention and 
willingness. It would also enable practical application and 
improve the methodology in urban safety improvement. 

3. DATA USED 
 

The same questionnaire data is applied in this paper. It 
uses all parts of the questionnaire, as shown in Tahle-1, only 
for constructing the path diagram of correlations as shown in 
a following section. Two main output component of this 
study, intention for safety measures and willingness to pay 
are positioned in the third part of the questionnaire. Basically 
it is thought that they are derived from the primary concepts 
which are put in Part 1 and 2. These two concepts are 
considered as secondary while assuming relations with 
several concepts in Part 1 and 2. This study assumes that 
intention for safety measures and willingness to pay is 
secondary consideration of residents for adopting safety 
measures. They represent as a result of relation of preceding 
concepts or variables which may form some unobserved 
factors. For example, academic qualification of respondents 
has impact or relation on resident’s intention for adopting 
safety measures. This variable impacts on the structural 
consideration of building construction. When thinking about 
their relation with intention status, they work together as a 
factor. Therefore an ideal ISM and WTP are result of some 
factors which are constructed with several observed 
variables. From the contents of the questionnaire table, few 
significant variables are brought to the final model. For 
example, academic qualification, occupation, household 
income, ownership, type and major structure of building are 
taken from Part-1. Disaster experience, severely affecting 
disaster in life and damage expectation to own building is 
taken from Part-2. Intended safety measures and willingness 
to pay are taken from Part-3. 
 
3.1 Applied Analysis Technique 

 
First, a tentative theoretical conceptual model of ISM 

and WTP is developed based on literature review and 
working hypotheses. Second, a path diagram was 
constructed based on the data obtained by the questionnaire 
survey. This diagram draws relations of all observed 
variables with unobserved factors applied in the study. Third, 
the study requires to identify the significant variables to 
apply in the final tentative model. Therefore to check the 
relationship between intention for safety measures and 
observed categorical independent variables, chi-square tests 
were conducted. For observed non-categorical independent 
variables, t-test was performed. Thus only statistically 
significant variables were brought to the next analysis. 
Fourth, to ensure an orderly simplification of large number 
of inter-correlated variables/measures to a few representative 
constructs or factors, an explanatory factor analysis (EFA) is 
conducted. Fifth, based on the findings of factor analysis, the 
final structural equation model of the study is prepared 
applying confirmatory factor analysis (CFA) in AMOS-17. 

 
4. THEORETICAL MODEL AND CONSTRUCT 
DEVELOPMENT 
 

In order to analyze and explain the proposed model in 
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this paper, the authors need to develop some hypotheses to 
support the proposition. This section develops and explains 
the hypotheses based on the reviewed literature and relevant 
applied part of the questionnaire. According to this 
procedure, a tentative theoretical conceptual model of ISM 
and WTP is developed and shown in Figure-1. The figure 
clarifies the model and construct development of this study. 
 
4.1 Relationship between Intention for Safety Measures 
and other Issues 
 

Intention for safety measures is a stage where residents 
intended to initiate residential safety improvement activities. 
Before this, there should be a realization stage where 
residents can assume an emergency situation that may cause 
by a seismic event. This realization is ‘risk recognition’. 
Residents must recognize risk to intend safety measures. But 
risk recognition is not independent itself. It is derived from 
two factors: residents factors that is resident’s life and 
household income related; and residence factor that is 
residents living building related. In Figure-1, observed 
variables are shown in square box by small arrow detaching 
from oval shape factors. A factor at arrow head end is 
dependent factor, at other end is predictor factor. The figure 
shows that academic qualification, occupation and 
household income are three important issues of residents life 
factors. Chronologically these issues are interrelated and one 
is depended on the proceeding one. Resident’s choice of 
occupation is gained by their academic qualification. 
Occupational attachment determines individual income. In 
residence factor, ownership of building is the first 
consideration for intention. Then comes the types of building 
like detached or apartment etc. Residents possess different 
types of idea regarding buildings risk in earthquake. 
Residents living in single or detached buildings think their 
buildings may perform poorly as it is not neighbored by 
other buildings. Public buildings are very old and residents 
are afraid to live there. Flat or apartment buildings are new 
and residents feel comparatively safer in these buildings, but 
they are concerned about the structural safety of all buildings. 
In the third position comes the issue of major structure of 
building. Risk recognition is determined with association of 
three more issues as indicated in the figure. Experience of 
disaster is the first one. Then comes residents thinking of the 
most severely affecting disaster that may disrupt their lives. 
It was earthquake as has been shown by the survey result. 
The third one is residents prediction for probable damage of 
own building in earthquake. Major three factors with their 
observed variables impact and determine the intention issue. 
Willingness is directly derived from intention. Meaning, if 
residents possesses intention, they will have the willingness 
to pay according to their household income. But willingness 
should be linked with resident and residence factors. The 
final proposed model will test this.                    

 
Based on the location of intention for safety measures, it 

appears that it is a secondary construct in risk recognition 
analysis as it primarily based on the risk recognition. If there 
is recognition, there will be safety intention. For an effective 
preparedness and mitigation measures, risk recognition plays 
a vital role too. Duclos and Ing (1989) emphasized that 
increased preparedness with hazard consciousness 
significantly reduces people’s vulnerability to environmental 
hazards. Uitto (1998) said that a careful analysis of 
individual risk recognition not only improves disaster 
preparedness, but also facilitates the recovery process. Slovic 
(1999) added that an examination of individual recognition 

allows determining how people view the threat of extreme 
events, how such attitudes are influenced, and how such 
views relate to the options they consider in coping with the 
hazard effects. People respond to the hazards as they 
recognize. If their recognition is faulty, their efforts at hazard 
protection are likely to be misdirected. Thus, the first 
hypothesis can be drown as shown below. The number with 
the hypothesis in parentheses indicates the content number 
of questionnaire as shown in Table-1.  
 

Table-1: Contents of the Questionnaire 

 
Hypothesis-1: Residents’ intention for safety measures 

(30) is a secondary order construct, separated from the 
antecedent constructs (3), (4), (5), (8), (10), (12), (15), (18), 
(24).  
 
4.2 Positive Relation between Risk Recognition and 
Intention for Safety Measures 
 

Individual risk recognition is based on their own 
experience. Paul and Bhuiyan (2010) pointed out that 
disaster experience alters personal perceptions of hazards, 
and changes individual attitudes and behavior for 
preparedness. Therefore, the second hypothesis can be 
drown.   

 
Hypothesis-2: There is a positive relation between 

residents’ risk recognition (15), (18), (24) and their intention 
for adopting safety measures (30). 
 
4.3 A Positive Relation between Income, Building 
Characteristics and Intention for Safety Measures 

 
Hiroi et al. (2006) analyzed residents’ behavior on 

choosing earthquake resistance retrofitting. They found that 
consideration of retrofitting is very much related to residents’ 
income, recognition of risk, and probable damage 
expectation on their buildings. Sato et al. (2006) checked 
resident’s consciousness for retrofitting of existing houses. 
They found that strong relation between earthquake risk and 
probable residential damage level would grow up the desire 
for retrofitting. Thus, the third hypothesis can be drown as    

 

Part Information Stage Questions 

Part-I: Basic 
Information 

of the 

Respondents 

(i) Basic information of the 
respondents 

1) sex, 2) age, 3) academic qualification, 4) occupation 

(ii) Income and family information 5) household income, 6) number of family member 

(iii) Residence information  7) building construction year, 8) ownership of buildings, 
9) floor space of buildings, 10) type of buildings,  

11) number of floors, 12) major structure of buildings, 

13) current price of buildings,  
14) current rent of buildings  

Part-II: 
Knowledge 

on Risk 
Recognition  

(i) Disaster experience  15) have you ever experienced any disaster in your life? 
16) if yes, please mark the category,  

17) have you lost anyone in disaster?  

(ii) Recognition of upcoming risk  18) which disaster may severely affect your life?  

19) do you suspect any big earthquake in Dhaka?  
20) can you anticipate the time of occurrence?  

(iii) Hazard information source  21) how do your receive hazard information?  

(iv) Damage expectation in big 

earthquake  

22) how much damage may occur in buildings in your 

ward? 23) how much damage may occur in buildings in 
your mahalla (neighborhood)? 

24) how much damage may occur in your own building? 

(v) Acceptable damage to own 

building  

25) how much damage can you accept for your own 

building in big earthquake?  

(vi) Causes of weak building  26) if your house would be severely damaged by 

earthquake, what will be the causes of weak house?   

(vii) Neighborhood concern  27) what kind of damage may happen in your 

neighborhood in big earthquake?  

(viii) Local Risk Reduction Activity  28) is any organization working for disaster risk 
reduction in your area?  

(ix) Knowledge on Building Code   29) do you know about the Bangladesh National 

Building Code (BNBC) 1993?   

Part-III: 

Intention for 
Safety 

Measures  

(i) Intended safety measures  30) do you want to do anything to avoid earthquake 

damage to your building? what is that? 
31) what action you want to take now to decrease the 

risk of your life and residence?  

(ii) Reliance for safe construction   32) whom do you rely for a safe construction?  

(iii) Willingness to pay (WPT; for 
building owners) 

33) do you want to pay to protect your building from 
earthquake? 34) how much do want to pay?  

35) how long can you continue to pay?  

(iv) Required support (for building 
owners) 

36) what kind of support would make you decide to 
invest for strengthening your building?  

(v) Willingness to pay for extra 
rent (WPT; for tenants) 

37) do you want to pay an increased house rent to 
protect your rent house from earthquake?  

38) how much increasing rent can you accept?  

39) how long can you continue to pay?  

(vi) Facilities Need to be Protected  40) what facilities should be protected with high priority 

to cope with in a big earthquake situation?  
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Hypothesis-3: There is a positive relation between 
income (5) and residence factors (8), (10), (12) and their 
intention for adopting safety measures (30) through risk 
recognition (15), (18), (24). 
 
4.4 Measuring Intention for Safety Measures 
 

In order to understand intention for safety measures, the 
study examines the indicated issues that were mentioned 
with the hypotheses. These are related to three factors, which 
indicate ‘characteristics’ in this study. It reveals in the 
primary findings that intention for safety measures is a 
cognitive process. Meaning that intention for safety 
measures assessment is a psychological result of perception, 
learning, reasoning, and understanding of individual 
attributes. The study uncovers a few attributes with regard to 
the three mentioned factors. The issues of observed variables 
are used as predictor variables for determining intention. The 
items are developed and achieved through methodological 
triangulation procedure to measure intention for safety 
measures. 
 
4.5 The Conceptual Model  
 

Figure-1 in this section shows the tentative theoretical 
conceptual model of ISM and WTP. It is basically derived 
from afore mentioned discussion and relevant part of the 
questionnaire, shown in Table-1. It shows the location of 
three hypotheses and their relation with ISM. It indicates that 
ISM is derived through two factors of residents’ factor and 
residence factor. In between these factors and ISM, there 
locates risk recognition factor. It supports Hypothesis-1 that 
ISM is a secondary order construct. Hypothesis-2 and 3 are 
also marked showing the relation between ISM and risk 
recognition factors and residence factors. The model will go 
some modification to fit to a structural equation to bring in 
the constructs into analysis, and to examine the relations 
among the constructs and the observed variables. 

 

 
Figure-1: Tentative Theoretical Conceptual Model of ISM 

and WTP 
 

5. DATA PROCEDURES 
 
5.1 Path Diagram   
 

To find out the impacting factors assumed from the 
variables on intention, a correlation model is figured with all 
variables of the questionnaire. Figure-2 shows the model. 
The observed variables were categorized under five factors: 
residents factor, residence factor, acceptable damage (factor), 

recognition of risk factor and intention for safety measures 
(ISM). The meaning of the arrow is same as stated for 
Figure-1. Only one item is newly added that is both ends 
arrowhead line, which indicates assumed correlation 
between factors. Observed variables are shown in square 
box by small arrow detaching from oval shape factors. The 
relationships of factors were checked dividing the variables 
into categorical and ordinal form. Since the intention for 
safety measures is the concern, variable’s significance was 
tested to categorize the determinant variables. The process is 
explained in the next section. 
 
5.2 Variables’ Relation with Intention Factor   
 

A chi-square test is conducted to determine relations 
between intention for safety measures and observed 
categorical independent variables. For non-categorical 
independent variables (for example, age, qualification, 
building construction year etc.), t-tests were performed. Only 
statistically significant variables were brought to the next 
analysis. The result is shown in Table-2.  
 

Table-2: Intention for Safety Measures Status by Selected 
Variables 

 
The table presents information relating to respondent’s 

intention status by selected variables. As mentioned in 
hypothesis-2, intention for safety measures is represented by 
question number 30 in the research, whose answer is 
categorized into 5 categories: repair, restoration, retrofitting, 
earthquake insurance and other. Based on chi-square test and 
t-test, presented twenty variables appeared as statistically 
significant determinants for intention for safety measures of 
residents. These variables are: occupation of residents, 
number of family members, ownership of buildings, type of 
buildings, major structure of buildings, disaster experience 
of residents, most affecting disaster in resident’s life, damage 
expectation in buildings in wards, mahalla, and in own 
buildings, acceptable damage of buildings, age of the 
resident, qualification of the resident, income of the resident, 

Variables 

Intention for Safety Measures  

Total 
No. (%) 

Repair  
No. (%) 

Restoration 
No. (%) 

Retrofitting 
No. (%)  

EQ Insurance  
No. (%) 

Other  
No. (%) 

(4) Occupation of Respondents  

Housewife  98 (13.6) 52 (7.2) 98 (13.6) 26 (3.6) 6 (0.8) 280 (38.9) 

Business  75 (10.4) 44 (6.1) 60 (8.3) 20 (2.8) 2 (0.3) 201 (27.9) 

Chi-square=55.147 (df=32; p=0.007) 

(6) Number of Family Members  

4 47 (6.5) 38 (5.3) 55 (7.6) 20 (2.8) 3 (0.4) 163 (22.6) 

5 59 (8.2) 38 (5.3) 77 (10.7) 8 (1.1) 3 (0.4) 185 (25.7) 

Chi-square=84.422 (df=64; p=0.045) 

(8) Ownership of Buildings 

Own  102 (14.2) 36 (5.0) 76 (10.6) 37 (5.1) 6 (0.8) 257 (35.7) 

Rent 99 (13.8) 73 (10.1) 162 (22.5) 18 (2.5) 5 (0.7) 357 (49.6) 

Chi-square=47.938 (df=12; p=0.000) 

(10) Type of Buildings  

Detached  136 (18.9) 70 (9.7) 199 (27.6) 55 (7.6) 11 (1.5) 471 (65.4) 

Apartment  100 (13.9) 34 (4.7) 43 (6.0) 6 (0.8) 0 (0.0) 183 (25.4) 

Chi-square=91.986 (df=8; p=0.000) 

(12) Major Structure of Buildings  

Brick-RC  68 (9.4) 40 (5.6) 86 (11.9) 30 (4.2) 1 (0.1) 225 (31.3) 

Full RC  118 (16.4) 37 (5.1) 121 (16.8) 24 (3.3) 6 (0.8) 306 (42.5) 

Chi-square=88.832 (df=24; p=0.000) 

(15) Disaster Experience  

No 56 (7.8) 57 (7.9) 89 (12.4) 32 (4.4) 3 (0.4) 237 (32.9) 

Yes  190 (26.4) 76 (10.6) 177 (24.6) 30 (4.2) 10 (1.4) 483 (67.1) 

Chi-square=27.854 (df=4; p=0.000) 

(18) Severely Affecting Disaster in Life 

Earthquake  133 (18.5) 100 (13.9) 169 (23.5) 33 (4.6) 8 (1.1) 443 (61.5) 

Other  71 (9.9) 22 (3.1) 65 (9.0) 19 (2.6) 2 (0.3) 179 (24.9) 

Chi-square=64.702 (df=24; p=0.000) 

(22) Damage Expectation in Building in Wards  

Little Damage  32 (4.4) 7 (1.0) 16 (2.2) 10 (1.4) 1 (0.1) 66 (9.2) 

Complete Destruction  83 (11.5) 76 (10.6) 115 (16.0) 6 (0.8) 5 (0.7) 285 (39.6) 

Chi-square=67.350 (df=16; p=0.000) 

(23) Damage Expectation in Building in Mahalla  

Little Damage  34 (4.7) 7 (1.0) 20 (2.8) 9 (1.3) 2 (0.3) 72 (10.0) 

Complete Destruction  92 (12.8) 87 (12.1) 133 (18.5) 10 (1.4) 6 (0.8) 328 (45.6) 

Chi-square=69.000 (df=16; p=0.000) 

(24) Damage Expectation in Own Building  

Little Damage  65 (9.0) 14 (1.9) 40 (5.6) 22 (3.1) 4 (0.6) 145 (20.1) 

Complete Destruction  64 (8.9) 84 (11.7) 105 (14.6) 7 (1.0) 4 (0.6) 264 (36.7) 

Chi-square=101.782 (df=16; p=0.000) 

(25) Acceptable Damage  

Partial Damage (Repair) 65 (9.0) 21 (2.9) 40 (5.6) 16 (2.2) 2 (0.3) 144 (20.0) 

Complete Destruction  24 (3.3) 69 (9.6) 88 (12.2) 6 (0.8) 3 (0.4) 190 (26.4) 

Chi-square=128.078 (df=16; p=0.000) 

 t-value (df; p) 

(2) Age  17.682 (719; 0.000) 

(3) Academic Qualification  29.545 (719; 0.000) 

(5) Household Income  -18.980 (719; 0.000) 

(7) Building Construction Year 28.153 (719; 0.000) 

(11) Number of Floors -9.432 (719; 0.000) 

(13) Current Price of Building  9.527 (354; 0.000) 

(14) Current Rent of Building  28.874 (364; 0.000) 

(19) Probable EQ in Dhaka -8.201 (719; 0.000) 

(20) Anticipated Time  -2.072 (661; 0.039) 

 
 

 
 

 
 

 
 

 

 
 

 

 
 

 
 

 
 

 

 
 

 
 

 

 
 

 
 

 

(3)  (4)   (8)   (5)   (10)   (12)  

Academic 

Qualification  
Occupation   

Ownership of 

Buildings   

Household 

Income   

Type of 

Buildings   
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building construction year, number of floors, price and rent 
of the building, probable earthquake in Dhaka and its’ 
anticipated time. The variables under chi-square test show 
two highest responses in rows. The remaining ten variables, 
showed in Figure-2 and excluded in Table-1, have no 
significant statistical relationship with residents’ intention for 
safety measures. 

 
Figure-2: Path Diagram of Correlation Measured Factors 

with Variables 
 
It is difficult to explain why some of these variables, for 

example, sex of the respondents or knowledge on BNBC has 
no strong association with residents’ intention status. 
Reasons for weak association between intention status and 
other variables, however, are understandable. For example, 
there is no influence of BNBC on the intention status of the 
respondents. 
 
5.3 Explanatory Factor Analysis (EFA)  
 

Table-2 shows two types of results of the analysis; 
number with percentage and statistical value. Types of 
building and consideration of most affecting disaster in 
resident’s life show highest number of respondents in 
considering intention for safety measures. The number and 
percentage is 471 (65.4%) and 443 (61.5%) respectively. On 
the other hand, damage expectation to own building damage 
represents high chi-square value (101.782). All outcome 
scores are both high and low, which require to reduce the 
mass of numbers to a few representative factors, which can 
then be used for subsequent analysis. Therefore a factor 
analysis is conducted aiming at orderly simplification of 
large number of inter-correlated measures to a few 
representative constructs or factors. Table-3 shows the 
correlation matrix as per the factor analysis. 
 
 

Table-3: Correlation Matrix   

 
Total nine observed variables were detected by factor 

analysis from the significant variables shown in Table-3. The 
examination of correlation matrix reveals that a fair 
correlation exists between the variables. For example, the 
inter-correlations between the variables of qualification and 
monthly income is greater than 0.33. Similarly, the 
inter-correlations between type of building and most 
affecting disaster consideration is greater than 0.33. Given 
the number of high inter-correlations between the 
defense-specific variables, the hypothesized factor model 
appears to be appropriate. The Bartlett’s test of sphericity 
was used to test the adequacy of the correlation matrix. It is 
found that the correlation matrix has significant correlations 
among at least some of the variables. In the analysis, the 
Bartlett’s test of sphericity yielded at 624.14 and an 
associated level of significance smaller than 0.001. Thus, the 
hypothesis that the correlation matrix is an identity matrix is 
rejected. In deciding how many factors to extract to 
represent the data, the eigenvalues associated with the 
factors were examined. The Scree Plot shows the result in 
Figure-3. The total variance explained section presented that 
almost 53% of the total variance is attribute to three factors. 
The remaining 6 factors together accounted for only 47% of 
the variance. Thus a model with three factors may be 
adequate and sufficient to represent the data set. The pattern 
matrix in Table-4 supports and indicates this direction. 

 
Figure-3: Scree Plot to determine factors of model 

 
It is necessary to notice that the analysis slightly 

relocated variables’ position with factors. As shown in the 
pattern matrix in Table-4, academic qualification, major 
structure of buildings, and occupation are put under residents 
factor. Type of buildings, severely affecting disaster in life, 
and experience of disaster are put under risk recognition 
factor. Ownership of buildings, damage to own building, and 
household income are put under building factor. This 
relocation indicates better fit of observed variable with 
unobserved factors. This will be brought to the model 
analysis under CFA explained in the following sections. 
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Academic Qualification 1.000 .304 .364 .007 .155 -.333 -.024 -.110 -.068

Occupation .304 1.000 .055 -.001 .095 -.111 -.018 -.066 .014

Household Income .364 .055 1.000 -.240 .056 -.209 -.030 -.036 -.151

Ownership of Buildings .007 -.001 -.240 1.000 -.037 -.019 -.099 .033 .196

Type of Buildings .155 .095 .056 -.037 1.000 .021 .291 -.360 -.086

Major Structure of Buildings -.333 -.111 -.209 -.019 .021 1.000 .244 .072 -.094

Experience of Disaster -.024 -.018 -.030 -.099 .291 .244 1.000 -.164 -.055

Severely Affecting Disaster -.110 -.066 -.036 .033 -.360 .072 -.164 1.000 .007

Building Damage Expectation  -.068 .014 -.151 .196 -.086 -.094 -.055 .007 1.000
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Table-4: The Pattern Matrix to construct Model 

 
5.4 The Final Models of CFA    
 

Two final models are constructed based on the EFA 
framework. The first one shows the intention for safety 
measures derived from three unobserved factors. The second 
one shows the willingness to pay that is also derived from 
the both three unobserved variables and intention for safety 
measures. Since the models are deduced systematically from 
statistical analysis, the results are satisfactory. The models 
are explained and discussed in the next section (Figure-4 and 
5) along with hypothesis testing results.   
 
6. RESULTS 
 

The results of Bartletts’s test of sphericity and 
Kaiser-Mayer-Olkin (KMO) measure of sampling adequacy 
are satisfactory in terms of all the constructs. The three items 
measuring information results to one component in 
explanatory factor analysis (EFA) (principal component 
analysis and varimax rotation method). The factor loadings 
vary between 0.495 and 0.771. With regard to experience of 
disaster, the three items also result to one component in EFA. 
The factor loadings vary between 0.652 and 0.782. For 
building characteristics, other three items result in one 
component as well in EFA. The factor loadings vary 
between 0.597 and 0.730.  
 

To test hypothesis-1, two models are tested within 
AMOS framework, a secondary order construct for intention 
for safety measures, and as a construct. The results are 
shown in Table-5. The results show that intention for safety 
measures is a secondary order construct, and that as a 
construct it generates poor results. The EFA results also 
confirm this. Thus, hypothesis-1 is supported. 

 
Table-5: Testing Result of Hypothesis-1 

 
The standardized regression weight for risk recognition 

factors -> intention for safety measures (hypothesis-2) is 
-0.24 (p=0.01) and building factors -> intention for safety 
measures (hypothesis-3) is -0.01 (p=0.05). Thus, these two 
hypotheses are also supported. The regression weight for 
residents’ factors, which is comprised for hypothesis-1, has 
high loading of 0.11 (p=0.01).  
 

The analysis of the first final structural model 
(Figure-6.4) is also satisfactory. The X2 is insignificant, 
X2(N=720, df=26)=59.7, p=0.01. The other fit indices, 
including, RMSEA (0.042), RMR (0.066), GFI (0.984), 
AGFI (0.966), NFI (0.916), TLI (0.912), and CFI (0.949) are 
satisfactory. 
 
 
 
 

 
Figure-4: The First Structured Model 

 

 
Figure-5: The Second Structured Model 

 
The analysis of the second final structural model 

(Figure-5) is also satisfactory. The X2 is insignificant, 
X2(N=720, df=34)=110.1, p=0.00. The other fit indices, 
including, RMSEA (0.056), RMR (0.072), GFI (0.973), 
AGFI (0.948), NFI (0.873), TLI (0.848), and CFI (0.906) are 
also satisfactory. 
 
7. DISCUSSIONS 
 

Close observation of the model indicates several high 
loadings of observed variables with latent or unobserved 
factors. This high loading also indicates strong correlations 
with intention status which impacts to improve the intention 
for adopting safety measures as well. For example, in both 
models, academic qualification of residents, type of building, 
and monthly income of residents have very high loading. 
They possess strong correlation and affect the intention 
status independently. Other two observed variables in each 
latent variable indicate correlations with some of the error 
factors. To fit the model statistically, this correlations is 
needed. The usefulness of high loaded variables is that their 
proper utilization may improve intention status. Their 
improvement will also bring more positive result in 
improving urban safety situation. It is important to observe 
that in the second model, resident factors indicates a high 
loading with intention for safety measures and building 
factor indicates a high loading with willingness to pay. Thus, 
improvement of these factors and their impacting variables 
will improve the urban risk situation. The study and analysis 
matches with the previous study and proves that building 
characteristics is the most impacting determinant for seismic 
risk recognition of residents for the residential buildings and 
attaining willingness to pay for their structural improvement. 
This paper brings important methodology to conduct 
research on urban safety improvement. The findings indicate 
that it may produce a better result than the traditional disaster 
mitigation measures. Therefore it should be included in the 
policy and implementation activities of the local government 
to improve urban safety situation.  
 
8. CONCLUSIONS 
 

This study brought the case of Dhaka city where 
resident data was collected by a questionnaire based field 
survey. Dhaka is disaster prone city, but there is a lack in 
earthquake mitigation measures. No literature was 
conducted either on intention for safety measures or on 

1 2 3

Academic Qualification .771   

Major Structure of Buildings -.716   

Occupation .495   

Type of Buildings  .782  

Severely Affecting Disaster  -.676  

Experience of Disaster  .652  

Ownership of Building   .730

Damage to own Building    .665

Household Income .500  -.597

Pattern Matrix
a

 
Component

 Extraction Method: Principal Component Analysis.  Rotation Method: Oblimin with Kaiser Normalization.

 a. Rotation converged in 7 iterations.

 Hypothesis Type Chi-square  RMSEA RMR CFI GFI AGFI  

Hypothesis-1 
Secondary order  X2(N=720, df=2)=15.1, p>0.05 0.095 0.082 0.922 0.990 0.948 
As a construct  X2(N=720, df=6)=173.1, p>0.01 0.197 0.424 0.000 0.891 0.818 
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willingness to pay of residents. It is revealed that perception 
studies have enriched the risk mitigation literature for the 
last few decades. Their contribution is remarkable but only a 
very few applied structural equation modeling to analyze 
residents intention for safety measures and willingness to 
pay. This study started with literature search on Dhaka and 
developed the working construct on intention. Three 
hypotheses were formulated to the support the proposition 
on the construct. It applied a methodological triangulation 
process to prove few items in the proposition.  
 

The study result showed that intention for safety 
measures is a secondary concept which is separated from the 
primary conceptions on risk recognition. Intention for safety 
measures will be achieved if residents recognize risk. Thus 
this relation is very important for intention. Income plays an 
important role with residence factors though it is a part of 
residents factors. It also impacts on the risk recognition and 
then results in intention. Thus financial improvement or 
financial support in the resident level would play positive 
role in urban safety improvement.   The study analyzed the 
proposed model and validated with satisfactory results. 
Finally, the study proves that building characteristics is 
significant determinant for risk recognition and intention for 
safety measures. Immediate measures can be taken by the 
policy makers to improve urban safety situation by ensuring 
building safety situation in the city. 
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Abstract: After the 2011 Great East Japan Earthquake of magnitude 9.0(Mw) where most of the structural 
countermeasures were destroyed by the tsunami, “evacuation procedures” remains as the most important and effective 
method to save human lives. In this paper, an agent based model of tsunami evacuation integrated with the tsunami 
simulation is presented. In the model, GIS capability for inputs allows its application in different areas; GUI interaction 
makes it suitable even for non-experts usage as part of educational programs, and the microscale simulation permits to 
track individuals’ evacuation. The model was applied to Arahama’s evacuation as a case study. Arahama is a town located 
near the coastline of Sendai city, around 300 people were killed here by the tsunami, and some others had saved due to a 
fast evacuation decision to the inland or high reinforce concrete buildings in the area. 

 
 
 
1.  INTRODUCTION 
Evacuation is the most important and effective method to 
save human lives (Shuto, 2005). In order to simulate 
realistically a major population evacuation, for example in a 
tsunami scenario, one of the important information required 
is an accurate representation of the timing of people's 
response to the emergency (Southworth, 1991). The timing 
of evacuee response can have a significant effect on the 
traffic congestion and bottlenecks during the evacuation 
procedure (Naser, et al., 2010). It is desirable that people 
leave the risk area immediately after a natural or official 
warning is received. However, it is an apparently 
non-rational behavior that people sometimes do not evacuate, 
even when authorities suggest that they should (Riad, et al., 
1999). According to Imamura (2009), three steps can lead to 
a safe evacuation after an earthquake and tsunami: first, 
collect information and issue an official warning; second, 
make the decision to evacuate based on the risk perception 
and previous experiences of the residents of the area; and 
third, select a proper route and safe destination for the 
evacuees. Focusing on the second step, risk perception and 
evacuees' experiences are part of individual behaviors, 
therefore it is expected that these differ from person to 
person. In this study, a tsunami evacuation simulator was 
developed to explore the individual behavior of start time of 
evacuation, also the casualty estimation and issues related to 
the process of evacuation in the case of tsunami. Tsunami 
modeling results are integrated into the model to estimate 
casualty conditions based on hydrodynamic characteristics 
of tsunami. The agent based approach allows for tracking the 
individual evacuation decision, route and shelter. 
 

2.  THE 2011 GREAT JAPAN EARTHQUAKE AND 
TSUNAMI 
 
2.1 Overall damages 
Japan is well known for the world’s best tsunami counter 
measures and evacuation recognition because they have long 
historical tsunami experience, especially along the Sanriku 
coast that was heavily damaged. Before the 2011 event, the 
expected occurrence of the Miyagi-oki earthquake was one 
of the most concern seismic gaps in Japan. The calculated 
probability of an earthquake with M7.5-8.0 in Miyagi was 
estimated on 99% within 30 years. That was the highest 
probability of earthquake in Japan. On 14:46 of 2011 March 
11th, the massive earthquake recorded in Japan occurred at 
N38.1, E142.9 with the magnitude of 9.0 at 24 km depth 
(JMA, 2011) followed by many aftershocks and devastating 
tsunami. The earthquake was ranked as the fourth in the 
world, followed by the 1960 Chile (M9.5), 2004 Sumatra 
(M9.3) and 1964 Alaska (M9.2). The earthquake had a long 
period (about three minutes) and the largest slip of 
approximately 30 m (USGS, 2011). The maximum recorded 
earthquake intensity was 7 (JMA, 2011). Earthquake early 
warning system was issued 8 seconds after a detection of the 
first P-wave (JMA, 2011). Tsunami warning was issued 3 
minutes after the earthquake. The tsunami caused 19,212 
dead and missing and more than 50,000 damaged houses 
and buildings (NPA, 2012; Suppasri, et al., 2011) 
 
2.2 Tsunami Evacuation 
According to (Yalciner, et al., 2011), in Kamaishi, Iwate 
Prefecture from a survey to 113 individuals and 105 in 
Natori, Miyagi Prefecture; 65% of them reported that the 
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main reason for the evacuation was that they thought a 
tsunami will come, while 13% reported that people around 
them recommended the evacuation. Apparently in Kamaishi, 
the majority of interviewed people evacuated in less than 
10min (60%), while in Natori the 30% of respondents 
escaped within 20 to 30 min. Tsunami arrived to Kamaishi 
around 20min after the earthquake and 68 min in Natori. It 
was observed that a large number of population in the coast 
evacuated by car, especially in plain areas like Sendai. 
 
3.  TSUNAMI MODELING 
 
3.1 Tsunami Source model 
An instantaneous displacement of the sea surface identical to 
the vertical sea floor displacement is assumed in the model 
of tsunami source. Ten sub fault segments based on the 
Tohoku University Source model version 1.1 (Imamura et al., 
2011) were used as initial surface deformation (Fig. 1). The 
parameters are shown in Table 1. 

 
 

 
 
3.2 Numerical model setup 
The source model presented above was use for the numerical 
simulation of tsunami into Arahama town. The Tohoku 
University’s Numerical Analysis Model for Investigation of 
Near-field tsunamis (TUNAMI model) was used as the tool 
for tsunami modeling (Imamura, 1995). A set of non-linear 

shallow water equations (1) to (3) are discretized by the 
Staggered Leap-frog finite difference scheme, with bottom 
friction in the form of Manning’s formula constant in the 
whole domain. 
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M and N are the discharge flux of x and y direction 
respectively, η is the water level and h is the water depth 
above the mean sea level. 
Bathymetry and topographic data from the Central Public 
Disaster Prevention Council of Japan were used. Grid sizes 
vary from 405 m、135 m, 45 m, 15 m and 5 m in five regions 
of nested grid system shown in Fig. 1. 
 
4.  EVACUATION MODELING 
Tsunami hydrodynamic models, have contributed widely to 
tsunami investigation from a scientific and engineering point 
of view. However, not only a scientific approach, but the 
social and risk management is necessary. Considering that 
evacuation is probably the most important and effective 
method to save human lives (Shuto, 2005) more emphasis 
has been put on social science in tsunami mitigation. Thus, 
tsunami modeling technique is also related to tsunami 
evacuation modeling practices. However, human behavior is 
the most complex and difficult aspect of the evacuation 
process to simulate (Gwynne, et al., 1999). Human behavior, 
with a high complexity in problem solving (Gagne, et al., 
2004) and characteristics of individuality, is difficult to 
capture on computers with mathematical equations (Pan, et 
al., 2007). In this study, we developed a tsunami evacuation 
model considering outputs of the previous section. The 
model of evacuation follows the agent based approach. 
Thousands of agents with parameters of individual 
characteristics follow simple rules towards different goals.  
 

Figure 1 Tsunami source model and  
Nested Grid setting 

(3) 

(4) 

(1) 

(2) 

(3) 
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4.1 Overview of the model 
The model for tsunami evacuation was developed in Netlogo, 
a multi-agent programming language and modeling 
environment for simulating complex phenomena (Wilensky, 
2001). Hundreds or thousands of “agents” can operate 
concurrently in order to explore the connection between the 
micro-level behavior of individuals and the macro-level 
patterns that emerge from their interactions. The model uses 
GIS data as spatial input and if available population spatial 
distribution. Tsunami characteristics are introduced as raster 
files at each tsunami numerical step time of simulation. Input 
parameters of scenario, model view and outputs are 
observed during the simulation on real time. Outputs are 
exported into file reports. A snapshot of the model interface 
is shown in Figure 2. 
 
4.2 Start time of evacuation 
In order to simulate realistically a major population 
evacuation, for example in a tsunami scenario, one of the 
important information required is an accurate representation 
of the timing of people's response to the emergency 
(Southworth, 1991) (Suzuki, et al., 2005). The timing of 
evacuee response can have a significant effect on the traffic 
congestion and bottlenecks during the evacuation procedure 
(Naser, et al., 2010). Moreover, it is expected that human 
damage will decrease depending on the early evacuation 
(Sugimoto, et al., 2003). Efforts of simulating the evacuation 
of humans from tsunami have considered this factor in so 
many approaches that all these models may result on 
different casualty estimation and congestion points. Three 
main approaches can be described from the efforts on 
developing the start time of tsunami evacuation modeling. 
First, an “all together” evacuation based on scenarios of 
0min, 5min, etc. starting time for the whole population under 
study (Suzuki, et al., 2005) (Sugimoto, et al., 2003) (Fujioka, 
et al., 2002) (Ohhata, et al., 2005) (Post, et al., 2009) 
(Meguro, et al., 2005), however such instantaneous group 
behavior has never been recorded in past events. In general, 
individuals from a large population at risk never start their 
evacuation at the same time, due to individuality behavior of 
decision. A second approach is similar to the previous one, 
however the fixed values are assigned to groups or areas and 
directly based on questionnaires (Imamura, et al., 2001) 
(Saito, et al., 2005). Basically, this is a special case of the 
first approach, where a whole population is divided in small 

groups and the average of starting time is obtained through 
questionnaire surveys conducted in the area. Although, this 
may lead to better approximations in the evacuation process 
of a large population, the use of one questionnaire result may 
not explain the complexity and uncertainty of human 
behavior or spatial initial condition of population. The third 
approach is a more sophisticated approach with introduction 
of psychological parameters obtained through questionnaires 
and treated in the individual scale considering aspects of 
rationality (Sato, et al., 2008) (Mas, et al., 2011), however 
for this cases, the definition of parameters and values for the 
simulation are of difficult assessment in large populations. 
In this paper, we will introduce to the tsunami evacuation 
modeling community a fourth approach modified from the 
emergency, urban and traffic planning fields, where 
departing times are sketched under derivations of sigmoid 
curves (Lindell, et al., 2007). 
 
4.3 Questionnaire surveys 
Tsunami evacuation models often utilize data provided by 
questionnaire surveys in order to establish an average start 
time of evacuation or an estimated distribution of evacuation 
decision. The need of these data is common to researchers 
and stakeholders, however, conducting surveys and updating 
survey data is usually faced by budget and time constraints, 
delaying decisions for new mitigation actions. According to 
(Naser, et al., 2010) surveys that are designed to collect data 
describing actual travel or evacuee behavior are classified as 
Revealed Preference (RP) surveys, while hypothetical 
behavior in the future is obtained through Stated Preference 
(SP) surveys. Hence, RP surveys are related to past tsunami 
experiences while SP surveys collect data on how the 
evacuee would respond to a hypothetical situation in the 
future. Both tools pretend to obtain an idea of the human 
behavior during the emergency; however the use of one 
questionnaire result may not explain the complexity and 
uncertainty of human behavior or the spatial initial condition 
of population. Moreover, there is a frequent variation of the 
level of awareness and risk perception of individuals, due to 
recent experiences, public information or education. As a 
result, previous estimations of evacuation times on past 
surveys may decrease or in the opposite case, where events 
have been forgotten, there might be an increase of 
estimations (Tatano, 1999). 
 
4.4 Tsunami evacuation departure times 
In order to deal with the complex and variability on time of 
human behavior and preference of evacuation time, a set of 
distributions of departing time might be use to convolve all 
the possible behaviors in the population. However, how to 
decide the most suitable distribution parameters?. Following 
the state of the art of departure times in large scale events 
such as hurricane or nuclear accidents evacuation, previous 
researchers found that sigmoid curves agreed on the 
population load rate into the evacuation network (Lindell, et 
al., 2007) (Southworth, 1991) (Tweedie, et al., 1986). Here, 
we used several RP and SP surveys of tsunami evacuation 

Figure 2 Interface of the Tsunami Evacuation Simulator 
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and compared them with the theoretical Rayleigh 
distribution which is similar to the shape proposed by 
(Tweedie, et al., 1986) for traffic simulation.  

퐹(푡) = 1 − 푒  

휇 = 휎  

Table 2 shows the results of correlations and values of mean 
of distribution (Eq. 8) compared to the reported or estimated 
tsunami arrival times in RP or SP surveys respectively. 
Moreover as observed in Fig 3a and Figure 3b, there is 
higher correlation between the recorded arrival times of 
tsunami and preparation times in RP surveys than the 
estimated arrival times through numerical simulation and 
preparation times related to the tsunami in SP surveys.  
This means that an SP survey might be obtaining from 
respondents what it is considered a “correct” answer, a fast 
evacuation. However on RP surveys it is possible that at 
least half of the population at risk waited to the last minute to 
start the evacuation, close to a time of confirmation of 
tsunami arrival. This apparently irrational behavior of some 
people not evacuating until the last minute was observed in 
previous events and confirmed by the several videos 
available on the web. 

 
 
 

 
Based on Figure 3, one might be tempted to rely on the 
distributions of previous revealed preference surveys as an 
input in the evacuation model. However, due to 
individualities on behavior we cannot neglect the state 

preference surveys since some individuals might follow 
according to their expectations. Therefore, a better approach 
will be a bounded behavior between these two results. 
It is the case of many areas on desire of evaluating their 
tsunami risk, that recent events have not occurred, and then 
RP surveys might be not available. In this case, based on the 
results explained before, stakeholders may apply SP surveys 
and estimate the arrival time of tsunami through numerical 
simulations. The final boundary distributions of behavior are 
obtained from these two methods. 
 
4.5 Agent architecture 
We provide agents the minimum necessary abilities to 
process information and execute their evacuation, through a 
simple behavior divided on layers. Explained as follows: 
a) Layer 0: The evacuation decision, assigned randomly 

based on the departure times distributions explained 
above 

b) Layer 1: The Shelter decision, as an option for scenario 
exploration, two alternatives are possible for agents; 
first, to choose the nearest shelter; second, to choose 
any of the shelters. Traditionally nearest shelter 
condition has been applied, however in many cases 
preferences are not for the nearest sheltering place. 

c) Layer 2: Pathfinding. As a method for finding a route 
(not necessary the best or closest), we used the A* (A 
star) algorithm on grid spaces. This is the most popular 
graph search algorithm also used in the video game 
industry (Anguelov, 2011). 

d) Layer 3: Speed adjusting: Speed conditions are 
assumed as a half tail Normal Distribution of density in 
the agent field of view, with a maximum value of 
1.33m/s for pedestrians and 30km/h (8.33m/s) for cars 
(Meister, 2007) (Suzuki, et al., 2005). 

 
4.6 Agent movement 
A large number of agents move around streets in the model, 
either pedestrians or cars, therefore collision avoidance 
should be taken into account. In the model, agents move in a 
continuous grid space according to their actual speed. Notice 
that an agent not necessary “jumps” from grid to grid strictly 
at the center of grid (integer coordinates), but he may step on 
borders or in between (real coordinates). In order to move 
and according to the spatial accuracy or grid size, a certain 
number of agents are allowed in an area. Assuming a 1m2 
personal area for each pedestrian, it is expected that for 
example 25 pedestrians can fit in a 5m x 5m grid. However, 
due to the dynamic movement of agents the 100% used of 
the grid is not a real condition. For that reason, we used the 
predictive collision avoidance proposed by (Karamouzas, et 
al., 2009) and test the movement of pedestrians through a 
corridor (Helbing, 1991). In a 1m x 1m grid size corridor, 
and counting the number of agents passing through a 5 x 5m 
area at each time step, the results show that the maximum 
used space in the grid is a 70% of its total area. In summary, 
in a 25m2 grid only 18 agents can be allowed in a movement 
condition. Finally, we established a congestion condition no 

Figure 3 (a) Stated Preference surveys. (b) Revealed 
Preference surveys 

(7) 

(8) 

(a) 

(b) 
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more than the round number of a 70% used of the grid space 
for pedestrians and in a similar approach a 7% for cars. 
 
4.7 Casualty estimation 
As for the casualty model, we used the experimental results 
of (Takahashi, et al., 1992) which consist on flow depth (cm), 
flow velocity (cm/s) and casualty condition of binomial 
explanation – safe or fall. A binomial logistic regression was 
performed to obtain the casualty probability as a function of 
flow characteristics. Results are shown in Fig. 4 and Eq. 9. 
 

 
 

 

푓(푧) =
1

1 + 푒( . ) 

 
Where: 
푧 = 훽 + 훽 ∗ ℎ + 훽 ∗ 푢 
β0 = -12.37 ; β1 = 22.036 ; β2 = 11.517 
h = tsunami inundation depth 
u = tsunami velocity 
 
The applicability of this probability model is bounded by the 
experimental conditions, therefore in our evacuation model 
we used this condition of casualty probability up to 
inundation depths of 0.85 m, after this value, at any velocity, 
an agent trapped into tsunami will be considered as casualty. 
In the case of cars estimation, although some cases evacuees 
were found saved inside the car after the tsunami, in the 
majority of cases passengers caught by tsunami did not 
survive due to car drowning or debris impacts. Following 
(Yasuda, et al., 2004) a value of 0.50 m of inundation depth 
is enough to lose control of the vehicle and in many cases 
the car begins to float. Thus, when inundation depth is over 
0.50 m, a car trapped in the tsunami is considered as a 
casualty with all its passengers. 
 

4.8 Outputs in model 
Outputs in the model are presented on three ways: a) Model 
view; b) Reporters; c) Files. The Model view shows agents 
movement and tsunami propagation. Reporters show during 
simulation the number of saved or casualty agents, plots of 
shelter demands or evacuation rate. Files, report the total 
simulation step by step on text, image or video formats. 
Analysis of outputs and possible applications will be shown 
as a case study in the next section 
 
5.  CASE STUDY: ARAHAMA TOWN 
 
5.1 Study Area 
Arahama is a populated village of the Wakabayashi ward of 
Sendai city in the Miyagi Prefecture, Japan. It is located 
between the Natori and the Nanakita rivers, six kilometers 
south of Sendai Port. A total of 2,704 residents lived in this 
area; after the 2011 tsunami, Sendai city bureau reported a 
total of 2,421 residents (Census, 2011). The discounted 283 
might be the maximum possible number of casualties. After 
the earthquake local media reported between 200 to 300 
victims found in the area. Tsunami arrived after one hour of 
the earthquake with maximum wave height of 10m. Tsunami 
inundated 5 km inland, around ten times of the expected 
Offshore Miyagi tsunami. Arahama is provided with not so 
many high reinforced concrete buildings; however the only 
official tsunami evacuation building in the area is the 
Arahama Elementary School of four stories and accessible 
roof. It remained after the earthquake and tsunami sheltering 
around 520 evacuees (NGA, 2011) 
 
5.2 Spatial and Tsunami data 
Local spatial data for the simulation was provided by the 
GSI of Japan on a shape format and converted for the model 
into a 5m x 5m grid raster. Tsunami data is taken from the 
output of calculations in the smallest domain shown 
previously (Fig. 1 & Fig. 2). 
 
5.3 Population data 
It is very difficult to determine the exact number of evacuees 
at the moment of the earthquake. However, an estimation of 
possible number of agents in the area is considered. It is not 
of the scope in this paper to fully reproduce the evacuation 
of March 11th, but to introduce the model capabilities with 
the available data of a real event. Therefore, out of 2,704 
residents reported in the census, 84% of the residential area 
was modeled and also the same percentage of population 
was considered. Thus, from the 2,271 residents in the model 
area, a 72% was taken as on-car evacuees according to 
(Suzuki, et al., 2005) questionnaire results (Fig 5). Finally, 
assuming 4 passengers per car, 410 cars were modeled plus 
631 pedestrians. 

Figure 4 Binomial Logistic Regression Model from 
experimental data in Takahashi, et al. (1992) 

(9) 
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5.4 Stochastic simulation 
The use of multi agent paradigm or agent based models 
typically contain stochastic elements (Ormerod, et al., 2009). 
Consequently a set of runs should be conducted to obtain the 
mean of outputs as an estimation of the value of interest. We 
conducted 1000 runs with a random initial spatial 
distribution of pedestrians and cars. Start time of evacuation 
decision is based on a random selected value in a distribution 
bounded between results from Suzuki et al, (2005) with 
mean of distribution 7min, and the recorded arrival time of 
tsunami on March 11th, equaled to 67min (Fig. 6).  

 
 
 

 
5.5 Results and discussion 
Each simulation provides information such as number of 
evacuees sheltered plus number of evacuees who have 
passed one of exits (Safe); number of evacuees trapped into 
tsunami and with more than 50% probability of falling 
(Casualty); number of evacuees in Tsunami Evacuation 
Buildings (TEB#); number of evacuees who got to one of 
the exits before falling by tsunami (EXIT#). The average, 
standard deviation and other statistical values of the 100 
repetitions are shown in Table 3. The model shows that 82±
3.0% of the population evacuated before the tsunami arrived 
or had a characteristic enough to make them fall. Apparently 
preferences on evacuation shelter are balanced between the 
three options given. An average of 22±0.5% decided to 

sheltered in the Tsunami Evacuation Building (TEB), while  
nearly 30±3.0% and 30±3.0% preferred to exit the area 
through EXIT#1 and EXIT#2, respectively. 
 
 

 

 
According to local media and census of the city office before 
and after the earthquake, around 90% of the population 
saved from tsunami, and 520 evacuees at the shelter building. 
Although we never expected to obtain the exact values of 
predictions, the average estimations of 82±3.0% survivors 
and 498 evacuees at TEB show a good capability of the 
model to reproduce a suitable emergent behavior of decision 
and casualty estimation in the area.  

 
 

 
 
Fig. 7 shows one of the 1000 simulations of random selected 
values for evacuation decision of all agents according to 
boundaries shown. The average distribution follows also the 
sigmoid shape. At the point of arrival time of tsunami 
(t=67min), a total of 85% of population had already decided 
to evacuate. An important characteristic of micro simulations 
is the capability to explore, at the individual level, the 
behavior of the model variables. For example, focusing on 
the departure times shown in Fig. 7 for all the population 
involved in the scenario, and taking into consideration the 
casualty outputs in the model, a graph of one simulation 
showing sheltered evacuees departure times – Survive – next 
to the start time of evacuation for agents caught on tsunami – 
Casualties – is shown in Fig. 8. It is clear the influence of 

Figure 7 Average distribution of evacuation decision 

Table 3 Statistical values of 1000 repetitions of simulation 
scenario 

Figure 6 Boundary distributions for start time decision of 
evacuation from tsunami. 

Figure 5 Questionnaire results of evacuation mode 
preferences, from Suzuki, et al. (2005)  

(TEB: Tsunami Evacuation Building) 
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late departure times on the casualty estimation. The majority 
of resulting casualty agents decided to start the evacuation 
around 53 min and even over the 70min simulated here. On 
the other hand, the big amount of survivors decided to 
evacuate at much less time. Notice that even after 53 min 
some agents got on time to their shelter, this is due to spatial 
conditions of distance to the shelter, and modes of 
evacuation with higher speeds. 

 
 
 
 

 
 
From the sheltered evacuees, we divided the modes of 
evacuation as pedestrians and cars and show in Table 4 the 
average distance to shelter, start time of evacuation, time of 
evacuation considering only the dynamic stage, the total 
evacuation time and the average speed. Due to the size of the 
model area, the distance to shelter in average is around 500m. 
Because we have used same random seed number and same 
algorithm to decide departure times for pedestrians and cars, 
the STE values are similar, however in the case of moving to 
the shelter (ToE), as expected cars are faster than pedestrians 
in accordance to the speed rules given. The total evacuation 
time is almost the same due to the great influence of the 
departure time. The average speed of 1.10 m/s agrees with 
the maximum value of 1.33 m/s explained before, same 
observation is applicable to car speed of 5.03 m/s (18.11 
km/h). In general resulted average speed values are lower 
than the ruled given values, due to the dynamic condition of 
increasing and decreasing speed according to bottlenecks 
and crowd conditions. 
 
 
 

 

 

6.  CONCLUSIONS 
A model of Integrated Tsunami and Evacuation Simulator 
was introduced. TUNAMI model and the Tohoku University 
source model for the 2011 Great Tohoku Earthquake and 
Tsunami were used as the tsunami modeling tool and 
scenario for evacuation. The model of evacuation was 
developed in Netlogo considering the human behavior and 
individual characteristic of start of evacuation time. The 
analysis of several questionnaire surveys with a statistical 
distribution showed that state preferences surveys follow an 
expected fast evacuation by respondents, while revealed 
preference surveys showed a late distribution of start time of 
evacuation. In this study we have proposed to use human 
behavior data from questionnaires of stated preferences and 
features of tsunami obtained by numerical simulation, such 
as the arrival time, to construct boundary distributions for a 
stochastic simulation of evacuation decision. Also, tsunami 
features of hydrodynamic conditions were used for the 
casualty estimation. A case study was conducted through 
simulation of Arahama town evacuation in the last 2011 
Great Tohoku Earthquake and Tsunami. The study case 
shows the capability of the model to explore individual 
parameters and outcomes. Evacuation models like the one 
introduced here allows for studying the emergent behavior 
of individuals in a complex process of tsunami evacuation. 
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Abstract:  We consider some recent tsunamigenic earthquakes, those for which USGS, Caltech or UCSB provides slip 
distribution data. Using these data and the Okada formulae, we calculate co-seismic bottom deformations which allow us 
to determine the volume of water displaced in each tsunami source. First, the displaced water volume is considered as a 
function of earthquake moment-magnitude. Then, the relative role of vertical and horizontal deformations of rough 
bottom in displacement of water is discussed. Ultimately, we obtain and discuss dependence that relates the 
Soloviev–Imamura tsunami intensity and the displaced water volume. 

 
 
1.  INTRODUCTION 
 

The strength of a tsunami can be quantitatively 
determined with use of Soloviev–Imamura tsunami intensity 
scale: hlog5.0I 2 , where h  is the average tsunami 
height on the coast closest to the source (Soloviev, 1972, 
Levin and Nosov, 2008). Relationship between the tsunami 
intensity and the earthquake moment-magnitude exhibits a 
large spread between the data (Levin and Nosov, 2008, 
Gusiakov, 2011). It signifies that the relationship between 
tsunamis and earthquakes is complex and ambiguous. 
Besides the earthquake magnitude, a tsunami intensity may 
depend on many parameters: orientation and depth of the 
fault area, slip distribution, water depth etc. So, one can not 
fully rely on moment-magnitude of an earthquake in 
estimating the degree of tsunami danger. 

The main effect responsible for seismotectonic tsunami 
generation is connected with the displacement of water by 
co-seismic bottom deformation (Dotsenko and Soloviev, 
1995, Levin and Nosov, 2008, Nosov and Kolesov, 2011). 
Thus, the total volume displaced in the tsunami source may 
turn out to be better measure of tsunamigenic potential of an 
earthquake as compared with the moment-magnitude. Note 
that along with the tsunami energy, the displaced water 
volume represents an integral of motion in the 
hydrodynamic tsunami problem. 

Although the displaced water volume represents an 
important parameter of tsunami source, it is rarely 
mentioned in publications (e.g. Grilli et al., 2007; Nosov and 
Kolesov, 2009, Bolshakova and Nosov, 2011, Nosov et al., 
2011a). 

In recent years, the calculation of bottom deformation 
in a tsunami source with use of earthquake slip distribution 
or Finite Fault Model (FFM) was introduced into practice. In 
comparison with a single rectangular fault model, FFM 

provides more precise reproducing of bottom deformation in 
near-field zone, i.e. within the source area. In particular, such 
a precise determining of tsunami source results in a 
reasonable coincidence of in-situ measured (e.g. by DARTs) 
and simulated tsunamis in the open ocean (Laverov et al., 
2009, Nosov et al., 2011a). 

For many strong seismic events, including a number of 
tsunamigenic earthquakes, the slip distributions are available 
in digital form from a number of sites. This sort of data 
provides a possibility to calculate realistic vector fields of 
co-seismic bottom deformation for a number of 
tsunamigenic earthquakes. Combining the bottom 
deformation data and the bathymetry, one can easily 
estimate the displaced water volume for each case. 

The main purpose of this study is to obtain relation 
between the tsunami intensity and the displaced water 
volume in tsunami source. Also in this study we consider 
some other features such as the relationship between 
earthquake moment-magnitude and displaced volume and 
the relative role of vertical and horizontal deformations of 
rough bottom in the displacement of water volume. 
 
 
2.  DATA AND METHOD OF CALCULATION 
 
2.1  Data in Use 

In calculations of the vector field of co-seismic bottom 
deformations in tsunami sources, we rely on FFM data 
presented on the following sites: U.S. Geological Survey 
(USGS, http://earthquake.usgs.gov/), California Institute of 
Technology (Caltech, http://www.tectonics.caltech.edu/ 
slip_history/), UC Santa Barbara (UCSB, 
http://www.geol.ucsb.edu/faculty/ji/big_earthquakes/). All 
the events under consideration are listed in Table 1. 
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Table 1  List of Tsunamigenic Earthquakes Under Consideration 

# Date Region Data Source WM  3
xy km,V

3
z km,V  3km,V  I  

1 19941004 Kuril UCSB 8.4 0.46 6.41 6.87 2.6 

2 19950730 Antofagasta UCSB 8.14 0.78 7.11 7.89 1.5 

3 19951203 Iturup UCSB 7.81 0.24 1.33 1.58 0.5 

4 20001117 New Britian UCSB 7.5 0.07 0.69 0.75  

5 20010623 Peru UCSB 8.4 1.81 11.53 13.35 2.6 

6 20030925 Tokachi-oki Koketsu 8.3 0.25 8.50 8.75 1.5 

7 20041226 Sumatra USGS 9.1 5.02 35.10 40.12 4.5 

8 20041226 Sumatra Caltech 9.15 7.01 81.75 88.75 4.5 

9 20050328 Nias UCSB 8.68 3.63 18.55 22.19 1.5 

10 20050328 Nias Caltech 8.5 1.82 10.77 12.59 1.5 

11 20060717 Java USGS 7.7 0.32 0.48 0.80 2 

12 20060717 Java Caltech 7.9 1.32 2.92 4.24 2 

13 20061115 Simushir USGS 8.3 2.87 6.96 9.84 3 

14 20061115 Simushir Caltech 8.3 2.06 5.51 7.56 3 

15 20070113 Simushir USGS 8.1 -1.16 -5.70 -6.85 2 

16 20070113 Simushir Caltech 8.1 -0.87 -4.27 -5.13 2 

17 20070401 Solomon USGS 8.1 0.58 3.82 4.40  

18 20070815 Peru USGS 8 -0.11 4.84 4.73 2 

19 20070912 Kepulauan USGS 7.9 0.03 2.66 2.69  

20 20070912 S.Sumatra USGS 8.5 1.18 5.82 7.00 1 

21 20071114 Antofagasta USGS 7.7 0.12 1.55 1.66 -1 

22 20080220 Simeulue USGS 7.4 0.02 0.07 0.08  

23 20080220 Simeulue Caltech 7.4 0.02 0.02 0.04  

24 20080929 Kermadec USGS 7 0.00 0.12 0.12  

25 20081116 Sulawesi Caltech 7.3 0.01 0.80 0.81  

26 20090103 Papua USGS 7.7 0.08 1.10 1.18  

27 20090715 New Zealand USGS 7.8 0.06 1.31 1.37  

28 20090929 Samoa USGS 8.1 -0.63 -3.40 -4.03 1.5 

29 20090930 S.Sumatra USGS 7.6 0.00 0.71 0.72 -1 

30 20091007 Vanuatu USGS 7.7 0.00 1.04 1.03 0 

31 20100112 Haiti USGS 7 -0.01 0.12 0.11  

32 20100227 Chile USGS 8.8 5.92 67.57 73.49 3 

33 20100227 Chile Caltech 8.8 2.03 38.16 40.19 3 

34 20100227 Chile UCSB 8.86 5.25 67.68 72.92 3 

35 20100406 N.Sumatra USGS 7.8 0.07 1.35 1.42 0 

36 20100509 N.Sumatra USGS 7.2 0.00 0.35 0.35  

37 20101025 Kepulauan USGS 7.7 0.23 0.59 0.83  

38 20101221 Bonin USGS 7.4 -0.01 -0.27 -0.28  

39 20101225 Vanuatu USGS 7.3 -0.04 -0.24 -0.27  

40 20110311 Tohoku USGS 9 20.27 79.27 99.53 4 

41 20110311 Tohoku Caltech 9 33.67 64.43 98.11 4 

42 20110311 Tohoku UCSB 9.09 31.20 79.64 110.84 4 

43 20110706 Kermadec USGS 7.6 -0.11 -0.88 -0.99  

44 20110820 Vanuatu USGS 7.1 0.00 0.17 0.17  

45 20111021 Kermadec USGS 7.4 0.00 0.48 0.48  
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The slip distribution for the 2003 Tokachi-oki 
earthquake was specified in accordance with the model 
proposed by Koketsu et al. (2004). 

According to FFM, the fault plane for an earthquake is 
divided into a number of rectangular subfaults. The bottom 
deformation, caused by each of these subfaults, is calculated 
by Okada formulae (Okada, 1985). Then, the contributions 
of all elements are summed up. Details of our method can be 
found in (Nosov and Kolesov, 2009, 2011, Bolshakova and 
Nosov, 2011). 

Bathymetric data were extracted from the 1-min digital 
atlas General Bathymetric Chart of the Oceans (GEBCO). 

Tsunami intensity data were extracted from the on-line 
version of Historical Tsunami Database for the World Ocean 
(HTDB/WLD, http://tsun.sscc.ru/nh/tsunami.php). 
 
2.2  Calculation of Displaced Water Volume 

Let us assume the bottom position, before an 
earthquake, is set by function  
 

)y,x(Hz  ,                   (1) 
 
where )y,x(H  is the ocean depth. After an earthquake, 
due to the co-seismic deformation, the bottom takes a new 
position which is set by function 
 

)y,x()y,x(Hz  ,              (2) 
 
where )y,x(  is the function which describes changes of 
bottom position due to the co-seismic deformation of bottom. 
The volume of water displaced by the co-seismic 
deformation of bottom can be easily determined with use of 
the following obvious formula: 
 


S

dxdy)y,x(V  .               (3) 

 
However, in practice, instead of the function )y,x( , 

a vector field of the co-seismic deformation of bottom, 
)D,D,D(D zyx


 is calculated by Okada formulae 

(Okada, 1985). In what follows we suggest practical method 
of determining of the displaced volume by vector field, D


, 

and distribution of ocean depth, H . 
We consider a given point )z,y,x(P0   which is 

situated on the unperturbed bottom surface. The coordinates 
of this point obey equation (1). As a result of co-seismic 
deformation, the point 0P  moves to the following new 
position: )Dz,Dy,Dx(P zyx1  . Since the point 

1P  remains on the bottom surface, its coordinates have to 
obey equation (2), i.e. 

 
)Dy,Dx()Dy,Dx(HDz yxyxz   . (4) 

 
Further, we expand functions )y,x(  and )y,x(H  

in a Taylor series about the point )y,x( . Assuming the 
bottom deformation to be small enough, we keep only linear 
terms in the Taylor series. Ultimately, taking into account 
equation (1), we arrive at the following formula: 
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Generally speaking, one can not neglect any term on 

the right-hand side of formula (5). However, if one consider 
integral of the function )y,x(  over an area of bottom 
deformation, the term C  turns out to provide a negligible 
contribution to the displaced volume. Indeed, its relative 
contribution in the integral (3) can be estimated in terms of 
values averaged along the area of integration as follows: 
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where   is the average slope of ocean bottom within the 
bottom deformation area,   is the amplitude of bottom 
deformation, H  is the change of ocean depth within the 
bottom deformation area. The largest values of the average 
slope are associated with the continental slopes or the deep 
ocean trenches ( 1.0~ ). The value of   rarely exceeds 
10 m whereas the value of H  usually turns out to be 
more than 1000 m. 

Ultimately, the volume of water displaced in tsunami 
source can be calculated from bathymetry data and vector 
field of the co-seismic deformation of bottom as follows: 
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where zV  is the volume displaced by the vertical 
deformation, xyV  is the volume displaced by the horizontal 
deformation of sloping bottom. While calculating integrals 
(8) and (9) we consider sea domain only. 

Finally we note that the displaced volume can be also 
estimated by means of the following formula (Nosov et al., 
2011a): 

 


*S

*ds)n,D(V 
,              (10) 

 
where n

  is the unit vector normal to the bottom surface. 
While using formula (10) we assume the bottom 
deformation to be small enough so that ocean depth H and 
vector n

  do not depend on time. Note also that the integral 
in formula (10) must be taken along the bottom surface. 
 
 
3.  RESULTS AND DISCUSSION 
 

Results of calculation of displaced water volumes are 
presented in digital form in Table 1. Note that for some 
events USGS, Caltech, and UCSB may provide slightly 
different estimate of moment-magnitude, WM . The column 
entitled “ 3

xy km,V ” presents the volume displaced by the 
horizontal deformation of sloping bottom (in cubic 
kilometers). The column entitled “ 3

z km,V ” presents the 
volume displaced by the vertical deformation. Total 
displaced volume is shown in the column entitled “ 3km,V ”. 
In the last column Soloviev–Imamura tsunami intensity, I , 
is shown. Empty cells correspond to “no data” cases. 

 

Figure 1  Absolute Value of Displaced Water Volume 
versus Moment Magnitude (color circles). Linear 

Regression is Shown by Black Dashed Line. Blue Solid 
Line Stands for Theoretical Upper Limit (Bolshakova and 

Nosov, 2011) 

Figure 2  Volume Displaced by Horizontal Deformation 
versus Volume Displaced by Vertical Deformation. “a” – all 

the Data under Consideration, Linear Regression, and 
Relevant Equation. “b” – a Detailed View of Near Zero 

Domain. 
 
Absolute value of total displaced water volume as a 

function of earthquake moment-magnitude is shown in 
Figure 1 by color circles. Linear regression is depicted by 
black dashed line; relevant equation is also presented in 
Figure 1 below this line. Using Monte-Carlo method for 
finite rectangular fault in (Bolshakova and Nosov, 2011) we 
derive the dependence of upper limit of displaced volume 
from moment-magnitude. This dependence and relevant 
equation are also presented on Figure 1. It is seen that 
displaced volumes calculated from FFMs in consideration of 
real bathymetry never exceeds upper limit. In average, for 
real tsunamigenic earthquake listed in Table 1, displaced 
volume turns out to be 5-7 times smaller than the upper limit. 
Anyway, strong earthquakes, 8MW  , displace a few 
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cubic kilometers of water. A huge earthquake, 9MW  , 
(like the 2011 Tohoku, the 2004 Sumatra, the 2010 Chili) 
may displace up to 100 cubic kilometers of water. 

Volume displaced by horizontal deformation as a 
function of volume displaced by vertical deformation is 
presented in Figure 2. The first striking feature of this 
dependence is that the sign of contribution of horizontal 
displacement is virtually always, except two cases, the same 
as the sign of contribution of vertical displacement. 
Therefore, horizontal deformation provides an additional 
contribution to tsunami and virtually never compensates 
vertical deformation. There are only two exceptions to this 
rule: 20070815 Peru USGS and 20100112 Haiti USGS. In 
both cases bottom subsidence area was attributed to the coast 
and thus wasn't taken into account during calculations. 

The second interesting feature is that in average (see 
regression coefficient) contribution of horizontal 
deformation in displaced volume as compared with vertical 
one amounts to 23%. In some cases this contribution may 
exceed 50%. So, generally speaking, contribution of 
horizontal deformation to displaced volume is not negligible. 
We recall here that the role of horizontal displacement in 
tsunami generation had been discussed earlier in some 
publications (e.g., Iwasaki, 1982, Tanioka and Satake, 1996, 
Nosov and Kolesov, 2009, 2011, Nosov et al., 2011a). 
Nevertheless, in numerical simulation of tsunami, the 
horizontal component of bottom deformation is usually 
neglected. 

 

Figure 3  Soloviev–Imamura Tsunami Intensity versus 
Earthquake Moment-Magnitude. Linear Regression is 
Shown by Black Dashed Line; Relative Equation and 
Correlation Coefficient are Depicted in the Left Upper 

Corner. Blue Solid Line Stands for Dependence Obtained in 
Paper (Chubarov and Gusiakov, 1985) 

 
Relationship between Soloviev–Imamura tsunami 

intensity and moment magnitude had been already studied in 
some publications (e.g. Chubarov and Gusiakov, 1985, 

Gusiakov, 2011). Chubarov and Gusiakov (1985) obtained 
the following theoretical dependence by means of numerical 
modeling: 

 
1.27M55.3I W                (11) 

 
The dependence (11) is depicted in Figure 3 by blue solid 
line. 

All events under consideration (Table 1) are presented 
in Figure 3 on the plane “magnitude-intensity”. The 
dependence exhibits a large spread between the data. The 
correlation coefficient amounted to 0.857. Note that 
hereinafter we exclude two events from regression analysis: 
20041226 Sumatra USGS (because only one segment of the 
fault area is considered, i.e. the displaced volume is 
underestimated) and 20060717 Java USGS (because 
magnitude and bottom deformation are certainly 
underestimated). Both excluded events are marked in Figure 
4 by gray semi-transparent circles. 

 

 
Figure 4  Soloviev–Imamura Tsunami Intensity versus 

Displaced Water Volume. Linear Regression is Shown by 
Black Dashed Line; Relative Equation and Correlation 
Coefficient are Depicted in the Left Upper Corner. Two 
Events Marked by Gray Semi-Transparent Circles are 

Excluded from Regression Analysis 
 
Gusiakov (2011) mentioned that the reasons for 

significant scattering of tsunami intensity for the earthquakes 
with similar magnitudes is due to the following four factors: 
1. a difference in the water depth in a source area, 2. a 
difference in the earthquake source mechanisms, 3. a 
difference in the earthquake focus depth, 4. a difference in 
tectonic settings of the source area. 

Instead of the moment-magnitude, we suggest 
considering the displaced water volume as the measure of 
tsunamigenic potential of an earthquake. By this we reduce 
number of factors responsible for significant data scattering 

- 1971 -



(at least at the expense of the factor 2). Soloviev–Imamura 
tsunami intensity plotted versus displaced water volume is 
presented in Figure 4. 

It is seen from Figure 4 that tsunami intensity plotted 
versus displaced water volume exhibits a bit higher 
correlation as compared with tsunami intensity plotted 
versus moment-magnitude (Figure 3). Being certainly minor, 
the increase of correlation coefficient means that displaced 
water volume represents a better measure of tsunamigenic 
potential of an earthquake as compared with 
moment-magnitude. 

Finalizing this paper, we note that the displaced water 
volume can be determined, at least in principle, from in-situ 
measurements of horizontal movements of water particles in 
the vicinity of tsunami source, i.e. independently on 
seismological analysis (Nosov et al., 2011b). 
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Abstract:  DONET, i.e., the dense ocean-floor network system for earthquakes and tsunamis has started in operation in 
the Nankai Trough, SW Japan in the early of 2010. DONET consists of various sensors such as broadband seismometer, 
seismic accelerometer, tsunami meter, etc.  This paper focuses on bottom pressure sensors being used as tsunami meters. 
Long-term sensors’ stabilities have been evaluated before/after the deployment into the deep-sea, and tide assimilation has 
been carried out in order for detection of crustal deformation with high accuracy.  As a result, sensor drift of ~20 hPa per 
month could be measured in the laboratory experiment, and it may continue after the deployment. This paper also reports 
that the tsunami from the Tohoku-oki earthquake on 11 March 2011 could be observed by DONET with those 
peak-to-peak amplitudes of 20~40 cm. 

 
 
1.  INTRODUCTION 
 

Japan has started installing the offshore cabled 
observatories for disaster mitigation purposes since late 
1970s.  We have already deployed some offshore cabled 
observatories around Japan, in particular along the Pacific 
Rim, and brought us invaluable information.  For example, 
the 2003 Tokachi-oki earthquake of M8.0, seafloor 
phenomena such as a generation process of tsunami, seafloor 
uplifts, etc., were observed (e.g., Mikada et al., 2006, 
Bolshakova, 2011).  The recent 2011 Tohoku-oki 
earthquake of M9.0, the offshore observatory could observe 
the unique tsunami waveforms (e.g., Maeda et al., 2011). 

Japan Agency for Marine-Earth Science and 
Technology (JAMSTEC) started to develop a new dense 
ocean-floor network system by using sub-marine cable off 
Kii-Peninsula in 2006, where the last Tonankai earthquake 
took place in 1944 (e.g., Kaneda et al., 2007).  The 
Headquarters for Earthquake Research Promotion in the 
Ministry of Education, Culture, Sports, Science and 
Technology (MEXT) has estimated that the probability of 
the next Tonankai mega-thrust earthquake is 70 % in the 
next 30 years and 90 % or more for the next 50 years, 
because the recurrent time of the plate boundary earthquake 
there is approximately 100 to 150 years.  Thus, the offshore 
seismic monitoring system for the forthcoming Tonankai 
earthquake is urgently needed to mitigate future disasters 
from the earthquake and the resulting tsunami.  Therefore, 
MEXT had developed a dense ocean-floor network system 
namely DONET, which consists of 20 seismometers in 

which both broadband seismometers and accelerometers, 20 
tsunami meters and other geophysical observation sensors 
covering the anticipated Tonankai earthquake source region 
in order to monitor both long-term seismic activities and 
mega-thrust earthquakes and tsunamis.  The goals of 
DONET are postulated to accomplish high precision 
earthquake prediction modeling, to detect precursory prier to 
the mega-thrust earthquake, and to contribute to mitigate 
disaster caused by the earthquake and the tsunami by 
providing the information. 

The first observatory of DONET has been installed in 
the early of 2010, and the last 20th observatories have been 
installed in the summer of 2011 at last (Kawaguchi and 
Araki, 2011).  20 observatories are now in operation and 
their data are provided in real-time.  Figure 1 shows the 
layout of DONET.  The observatories are deployed at water 
depth of 1,900 m through 4,300 m. Approximately 300 
kilometers long backbone cable connecting the science node 
from the land station, and extension science cable 
connecting between the science node and the observatory 
are capable of being obtained the dataset at the ocean-bottom 
in real-time.   DONET has an advantage that the dense 
observatory network can be performed as same as those of 
the inland.  

This paper focuses on the bottom pressure sensors 
which are deployed in order to monitor tsunamis by 
detecting water pressure change.  We evaluated the 
long-term stability of the pressure sensors in terms of the 
laboratory experiment before deploying at the ocean-bottom.  
After deploying at the ocean-bottom, we are watching the 
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Figure 1  Observatories and submarine cable layout of 
DONET, in which solid square and open circle represent the 
science node and the observatory, respectively. 

Figure 2  Schematics of oil filled pressure sensor (left) and 
internal mechanism (right) by courtesy of Paroscientific, Inc.

Figure 3  Bore-hole in-situ temperature and pressure 
environmental simulator. 

long-term change of the water pressure because it could be 
used as crustal movement sensor prior to the mega-thrust 
earthquake.  Not all of the observatories but some 
observatories have already been constructed before the 
Tohoku-oki earthquake, and tsunami waveforms were 
detected by DONET, which is introduced in the present 
study.   
 
2.  LONG-TERM STABILITY EXPERIMENT 
 
2.1  Background and Experimental Equipment 

Quartz oscillation pressure sensors (Paroscientific Inc., 
8B7000-2-005) are used as tsunami meters in DONET.  
Generally, pressure sensor mechanisms employ either 
bellows or Bourdon tubes as the pressure-to-load generators 
(e.g., Kobata, 2005).  Bourdon tube type pressure sensors 
are used in DONET.  Pressure applied to the Bourdon tube 
generates an uncoiling force which applies tension to the 
quartz crystal to increase its resonant frequency. 
Temperature sensitive crystals are used for thermal 
compensation (Figure 2). Watts and Kontoyiannis (1990) 
reported that the pressure sensors composed by Bourdon 
tube has mechanically small drift than that by bellows tube.  
Drift is a slow phenomenon to release the internal stress 
which is attributed to the sensors’ assembles process. 

We tried to evaluate the pressure sensors’ drift before 
deploying the ocean-bottom so that the constant force would 
be loaded to the pressure sensors under the constant 
temperature in the laboratory.  Bore-hole temperature and 
pressure simulator operated by JAMSTEC was used (Figure 

3).  This environmental simulator consists of high accurate 
pressure producer (DH Instruments Inc., PG7302-AMH) 
and constant temperature oil bath, meaning both temperature 
and load pressure are artificially controlled simultaneously.  
Manifold was also prepared in order to load plural pressure 
sensors, and output frequency for temperature and pressure 
are logged by the computer every five seconds for each 
pressure sensor.    

Since pressure sensors would be deployed at depth of 
DONET at last, we presumed 2 degree C and 20 MPa which 
is equivalent environment to 2,000 meters water depth.  
Duration of loading was approximately 1 month.  
Barometric pressure was also measured to compensate the 
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Figure 5  An example of water pressure since 1 June 2010, 
in which (a) original observed waveform, (b) the tide 
component analyzed by Baytap-G, and (c) the trend
component. 
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contribution to the piston gauge in the pressure sensors’ drift. 
Manifold can hold 10 pressure sensors in maximum, for 
which a set of two frequency counters and a logger PC 
rotates every 5 seconds, so sample rate is approximately 1 
min intervals.  Note that the continuous data could not be 
obtained because sometimes the rotation of the piston gauge 
halt followed by the pressure down of about 2 MPa, and the 
logger switch did not work properly during the laboratory 
experiment.    
 
2.2  Experimental Results 

Results of the laboratory experiment for any selected 
eleven pressure sensors are shown in Figure 4.  Caption 
indicated in Figure 4 correspond to the observatory locations 
in Figure 1.  Abrupt drops and suspensions of measured 
pressure data are due to what is above mentioned.  
Although vertical axis indicates the absolute pressure, 0.1 
MPa is reduced from the loading 20 MPa because of the 
correction of barometric pressure.  Despite same pressure 
were loaded to the each pressure sensor simultaneously, 
initial error of 0.012 MPa in maximum, that is equal to 1.2 m 
water column existed among the pressure sensors.  After 
one month pressure loading, the initial sensor drift of 0.002 
MPa (0.2 m water column) in maximum was measured.  
Trend of this sequence is exponentially reduced as time 
lapsed.  This result is similar to those of the observed at the 
ocean-bottom in the previous study (e.g., Eble and Gonzalez, 
1990).   
 
3.  WATER PRESSURE MEASUREMENT AT THE 
OCEAN-BOTTOM 
 
3.1  Summary of Data Analysis 

The first observatory has been established at A-3 
located at the center of the Kumano trough since March 
2010.  Pressure sensor measures both quartz oscillation of 
pressure and that of temperature for compensation, and 10 
Hz pressure data is produced from these two sets of 
frequency dataset.  Because objectives of pressure sensors 
are not only for tsunami detection but also for crustal 
movement detection, tide component which is a majority of 
the measured pressure should be subtracted to detect such 

small change.  This is why we analyze the observed 
pressure waveforms in terms of the harmonic technique to 
subtract the tide component.  Here observed pressure 
waveform of A-3 site is introduced as an example of the 
present data processing.  
 
3.2  Sensor Drift 

Baytap-G developed by Tamura et al. (1991) was 
applied to the observed pressure waveform, and then they 
are divided into (a) observed waveform, (b) tide component, 
and (c) trend, i.e., sensor’s drift.  Baytap-G can also 
produce harmonic coefficients, which are used for tide 
prediction.  Before applying Baytap-G, we processed the 
observed data from 1 June through 15 September 2010, i.e., 
107 days as following procedure. 
(1) Pressure data is converted to water depth in terms of the 
hydrostatic formulation recommended by UNESCO (1983). 
(2) Subtract water depth measured by the CTD sensor 
equipped with ROV “Hyper-Dolphin” during the 
observatory construction operation. 
(3) Original pressure data is 10 Hz sampling, so we resample 
that by 1 hour data so that Baytap-G can be applied.  
Thus processed (a) observed data, and (b) tide component 
and (c) trend component derived by Baytap-G are shown in 
Figure 5.  One tick of the vertical axis indicates 50 cm 
water column.  Obvious sensor drift cannot be seen, 
whereas approximately 10 hPa, i.e., 10 cm drift was 
evaluated in the laboratory experiment on the pressure 
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Figure 4  Long-term stability experiment of pressure sensos 
in terms of environmental simulator. 
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sensor deployed at A-3 observatory.  Some possible reasons 
are thought considering the current condition of A-3 site.  
For example, about one month continuous high pressure 
loading to the sensor might make internal stress being 
released, or the pressure sensor of A-3 was installed on 
March 2010, so the data used for our processing started three 
month later of deploying.  We need to compare other 
observatories carefully.   
 
3.3  Prediction of Tide Component 

We are trying to subtract tide component in real-time by 
using harmonic coefficients derived by Baytap-G.  Using 
tide predictin package Tide4n distributed with Baytap-G, 
predicted tide component is subtract from the observed 
dataset.   

Evaluating the observation and the prediction by Tide4n, 
the residual between these data are compared by Fourier 
spectrum (Figure 6).  Fourier spectrum of the trend by 
Baytap-G is also shown in Figure 6.  Focusing high 
frequency domain (>10-2 1/hr), there is a considerable gap 
between Tide4n and the trend by Baytap-G.  This is 
because in the higher frequency fluctuation than the 
semi-diurnal tide is analyzed as irregular component in 
Baytap-G, whereas irregular component due to the noise 
cannot be taken into account in Tide4n.  Residuals on both 
trends have large amplitude in the lower frequency than the 
diurnal tide because of the contribution by non-tide 
sea-surface current such as the Kuroshio current.  Also 
barometric and seasonal signals may contribute to the water 
pressure in this band.  According to Figure 6, the residual 
between the observed and the predicted tides as well as the 
trend by Baytap-G have a peak obviously in frequencies of 
the diurnal and semi-diurnal tides.    

Considering this characteristic in the present data 

processing, we calculate the prediction tide by using Tide4n 
since 15 September 2010, and it is subtracted from the 
observed pressure.  Thus obtained residual at A-3 
observatory between June 2010 and March 2011 is shown in 
Figure 7.  Vertical axis indicates the residual pressure 
attributed to non-tide component, whose tick represents 
about 5 cm in water column.  Horizontal axis, on the other 
hand, indicates the lapse time since 1 June 2010, in which 
the trend is almost same as the trend in Figure 5 because we 
used the observed data for the first 107 days in order to 
derive the harmonic coefficients.  In the following 200 days, 
the linear trend of approximately 10 hPa (cm) appeared.  
Since this trend is opposite sense compared to the laboratory 
experiment shown in Figure 3, we should watch the trend 
carefully.  Because ROV “Hyper-Dolphin” operated at the 
observatory, 5 hPa (cm) offset upward is occurred in the 
290th days. 

Figure 6  Fourier spectrum of the residual between 
observed and predicted tides and that of the trend analyzed 
by Baytap-G. 
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4. TSUNAMI DETECTION OF DONET 
 

One of the objectives of DONET is early tsunami 
detection, and we deploy many bottom pressure sensors in 
the area of the anticipated mega-thrust earthquake source 
area to achieve the object.  Needless to say, the first target 
is the Tonankai earthquake, but it is also expected that 
far-field tsunamis can be detected earlier than those arrive at 
the coast.  Here the tsunami from the Tohoku-oki 
earthquake of M9.0 on 11 March 2011 is reported as an 
example of early tsunami detection by DONET.   

At the 2011 Tohoku-oki earthquake, we were deploying 
the observatory and 10 observatories were already in 
operation.  Figure 8 shows the observed pressure 
waveforms during the Tohoku-oki earthquake.  Pressure 
fluctuations due to the mainshock at 14:46 JST and the 
largest aftershock at 15:15 are obviously recorded in the 
pressure waveforms.  Pressure fluctuation during the 
earthquake at C-9 observatory was relatively amplified.  
This is because the water depth at C-9 observatory is 
relatively large (>4,000 m), which tends to resonate by high 
frequency seismic waves compared to other observatories.  
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Figure 7  Residual of the observation and the predicted 
tide by Tide4n at A-3 observatory. 
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After 16:00, long period wave can be seen even in the 
original waveforms, which is the tsunami caused by the 
Tohoku-oki earthquake.   

Tsunami was also recorded other instruments both 
offshore and at the coast near DONET.  Figure 9 compares 
the tsunami waveforms recorded by DONET pressure 
sensors at C-9 and E-17 observatories, GPS buoy, and 
traditional tide gauge at Owase port, of which each location 
is represented in Figure 1.  GPS buoy measuring the 
sea-surface change is deployed at about 5 km offshore from 
the coast.  We applied low-pass filtering of 100 s to the 
original pressure waveforms in order to high frequency 
pressure fluctuations during the earthquake.  The first 
tsunami arrival and the first peak of tsunami in the figure are 
denoted by open and solid triangles, respectively.  It is 
understood that the first tsunami was detected by C-9 
observatory at 15:52 followed by E-17 observatory at 15:58, 
and then propagate toward the coast.  The period of the first 
tsunami was shorten as the tsunami was approaching the 
coast.  The first tsunami arrival of DONET could be 
detected prior to that of GPS buoy at 10 min and that of tide 
gauge at 20 min.  Although the tsunami height of DONET 
is about 20 cm, it was amplified as the tsunami was 
approaching at the coast, i.e., 50 cm for GPS buoy and 120 
cm for tide gauge at the coast.  Thus the tsunami 
amplification mechanism could be revealed by offshore 
tsunami observatories.  This is not a new result of the 
offshore tsunami detection in terms of such the bottom 

pressure sensors, but it is the first instrumentally offshore 
observation having such a long period and large amplitude 
tsunami.  This might be attributed by a large tsunami 
source area of ~500 km long. 
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Figure 8  Pressure waveforms on 11 March 2011 recorded 
at 10 observatories of DONET. 

14:40 15:00 15:20 15:40 16:00 16:20 16:40 17:00 17:20 17:40

0

1

2

3

4

5

  Tide gauge
  GPS buoy
  Donet

R
el

at
iv

e 
S

ea
 L

ev
el

 (
m

)

Time (JST)

E-17

C-9

14:40 15:00 15:20 15:40 16:00 16:20 16:40 17:00 17:20 17:40

0

1

2

3

4

5

  Tide gauge
  GPS buoy
  Donet

R
el

at
iv

e 
S

ea
 L

ev
el

 (
m

)

Time (JST)

E-17

C-9

Figure 9  Comparison of tsunami waveforms recorded by 
DONET, GPS buoy, and tide gauge at Owase. 

 
5.  CONCLUSIONS 
 

The present study has evaluated the long-term pressure 
sensors’ stability before and after the deployment under the 
ocean-bottom.  And the tsunami observation by DONET 
pressure sensors during the 2011 Tohoku-oki earthquake.  
Major results of the present study are as follows. 
(1) Long-term stability of the pressure sensors before 
deploying the ocean-bottom have been evaluated in terms of 
20 MPa continuous loading under 2 degree C environment 
in the laboratory.  According the laboratory prediction, 
sensor’s drift shows 20 hPa per month in maximum, and it 
tends to be reduced gradually.  
(2) Sensor’s drift is still lasting after the deploying under the 
ocean-bottom, which may include oceanographical 
contaminations such as water current.  We should do 
evaluate the sensors’ drift comparing other sensors more 
quantitatively.   
(3) To evaluate of reproducibility of sensors’ drift that was 
evaluated in the laboratory experiment, residuals from the 
predicted tide should be analyzed.  
(4) DONET could successfully observe the tsunami from the 
2011 Tohoku-oki earthquake, of which the amplitude was 20 
cm.  The first tsunami was detected by DONET prior to 20 
min before it arrived at the coast, and its amplitude became 6 
times as large as that of DONET.   
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Abstract:  On the base of slip distribution data (USGS, UCSB, and Caltech) for the 2011 Tohoku earthquake, the 
vector fields of co-seismic bottom deformation were calculated. For reconstruction of the initial elevation of the water 
surface in the tsunami source from bottom deformation and bathymetry data 3D model was employed. Within the 
framework of the linear shallow water theory numerical simulation of tsunami propagation was carried out. The 
simulation results were compared to the signals recorded by a number of DART stations closest to the tsunami 
source. It was shown that USGS fault model provides the most precise coincidence between synthetic and observed 
sea level changes. Insignificant differences in arrival times of the synthetic and in-situ recorded signals were 
interpreted as manifestation of phase dispersion and finite duration of bottom deformation.

1.  INTRODUCTION
On March 11, 2011, 05h, 46 min, 24 s (UTC) in the 

Pacific Ocean east of Honshu Island, an earthquake 
occurred that turned out to be unprecedented in power 
for the region of the Islands of Japan. Based on the data 
of the USGS NEIC, the epicenter of this earthquake was 
located at the point of 38.297°N 142.372°E, 129 km east 
of Sendai city; the depth of the hypocenter was 30 km, 
and the moment magnitude Mw = 9.0.

Recently we developed the optimal method of 
specification of initial conditions in tsunami source 
(Nosov and Kolesov, 2009). The method does not violate 
the traditional assumption of instant tsunami generation, 
but only optimizes the determining of initial elevation in 
tsunami source. The first point of optimization consists 
of the removal from tsunami spectrum of the shortwave 
components that are not peculiar to real tsunami waves. 
The second point of optimization consists in taking into 
account not only vertical bottom deformation, but all 
three components of the deformation vector and 
bathymetry in the source area. Using the optimal 
method, we simulated the tsunamis in the Central Kuril 
Islands on 15 November 2006 and 13 January 2007 
(Nosov and Kolesov, 2011). Our first attempt to 
reproduce the 2011 Tohoku tsunami by means of the 
optimal method can be found in (Nosov et al., 2011). In 
particular, in that paper we revealed significant role of 
horizontal deformation of sloping bottom in the tsunami 
generation.

The first purpose of the present study is to 
demonstrate the efficiency of our method by means of 
the comparison of the simulated and the in-situ recorded 

(DART) sea-level variations during the 2011 Tohoku 
tsunami. Since we deal only with deep ocean sea-level 
stations, all the non-linear and resonance near-shore 
effects can be beyond the consideration. It gives us 
ground to use a relatively simple linear shallow water 
model of tsunami propagation.

A number of fault models have been suggested for 
the 2011 Tohoku earthquake (e.g. Shao et al., 2011, 
Yokota et al., 2011, Fujii et al., 2011). Among all of them 
we select the following three models: U.S. Geological 
Survey (USGS), California Institute of Technology 
(Caltech), UC Santa Barbara (UCSB). The second 
purpose of this study is to determine which of these three 
fault models provides the best coincidence of synthetic 
and in-situ tsunami signals.

2.  SIMULATION TECHNIQUE

2.1  Bottom deformation
In calculations of vector field of residual bottom 

deformations in the source of the 2011 Tohoku tsunami 
we rely on the slip distribution data or Finite Fault 
Model (FFM) presented on the Internet: Caltech 
(http://tectonics.caltech.edu/slip_history/), UCSB (Shao 
et al., 2011) (http://www.geol.ucsb.edu/faculty/ 
ji/big_earthquakes/home.html) and USGS 
(http://earthquake.usgs.gov/earthquakes/eqinthenews/). 
According to FFM, the fault plane is presented as 
number of subfaults each of which is characterized by its 
own slip vector. The bottom deformation, caused by each 
of these subfaults, is calculated by Okada formulae 
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(Okada, 1985). Then, the contributions of all elements 
are summed up. The parameters of the FFMs under 
consideration and related co-seismic bottom deformation 
are summarized in Table 1. The vector fields of co-
seismic bottom deformation are presented in Figure 1. 
Spatial structure of bottom deformation calculated from 
different FFMs undoubtedly has much in common, 
however some details are different. In particular, one can 
see that UCSB model gives much larger amplitude of 
bottom deformations as compared with the models 
provided by Caltech or USGS. Spatial structure of 
UCSB bottom deformation is also much different from 
its rivals.

2.2  Initial elevation
It was shown in (Nosov and Kolesov, 2009, 2011) 

that in the case when the seafloor deformation can be 
assumed instant, the initial 3D hydrodynamical problem, 
which is formulated within the framework of linear 
potential theory, can be reduced to the following static 
problem: 

Δ F=0 ,                                          (1)
F=0, z=0 ,                                    (2)

∂ F
∂ n⃗

=(η⃗ , n⃗) , z=− H (x , y) ,                   (3)

where  F  is  the  potential  of  displacement, 

η⃗≡(ηx , ηy ,η z)  is the vector field of seafloor residual 
deformation, n⃗≡(n x , n y , nz)  is the vector of the normal 
to the seafloor surface. The initial elevation is connected 
with potential by the following simple formula: 

ξ0(x , y)=
∂ F
∂ z

, z=0 .                          (4)

The initial elevation calculated from the solutions of 
the problem (1)–(3) takes into account the contributions 
of all  three components of  bottom deformation vector. 
Also this method provides an initial elevation which 
turns out to be much smoother as compared with spatial 
distribution of bottom deformation. It is important to 
stress that the smoothing is natural, i.e. only those 
shortwave components that are not peculiar to real 
tsunami waves are removed from tsunami spectrum.

A direct numerical solution of the 3D static problem 
(1)–(3) requires huge computational capability. In 
(Nosov and Kolesov, 2011) a simplified approach based 
on an exact analytical solution of the problem in case of 
an ocean of constant depth was suggested. This approach 
we use in this present study for determining of the initial 
elevation in the 2011 Tohoku tsunami source.

2.3  Tsunami propagation model
The numerical model of tsunami propagation is 

based on the linear long-wave theory. Neglecting the 
Coriolis force, nonlinearity and bottom friction, we write 
the set of equations in spherical coordinates. Excluding 
the flow velocity components, we reduced the problem 
to the classical wave equation written in respect of 
disturbance of free water surface. The wave equation is 
solved with initial conditions consisting of a static initial 
elevation of the free surface calculated with use of the 
optimal method mentioned above. The interaction of 
waves with the coast is described as the full reflection 
from the coast. Free pass boundary conditions are 
specified on the ocean-crossing outer borders of the 
computational domain. The mathematical model and 
numerical approach (finite difference method) are 

Figure 1. Residual bottom deformations in the source of 2011 Tohoku tsunami, according Caltech, UCSB and USGS 
finite fault models. Vertical deformations are shown with solid lines (red – uplift, blue – subsidence). The value and 

direction of  horizontal deformations are shown with arrows.

Table 1.  Co-seismic bottom deformations parameters, 
according finite fault models under consideration.

Caltech UCSB USGS
Subfaults number 375 190 325
Dip 9о 10о 10.21о

Strike 201о 198о 194.43о

Maximum slip, m 31 59.83 33.47
Vertical deform., 
m

-3.86 – 7.04 -5.75 – 16.08 -1.89 – 8.95

Max horizontal 
deform., m

19.09 32.21 17.3
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Figure 2. The comparison of the synthetic and in-situ measured water level variations in positions of DART stations 
(gray – measured signal, black – synthetic). Source based on Caltech FFM.
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Figure 3. The comparison of the synthetic and in-situ measured water level variations in positions of DART stations 
(gray – measured signal, black – synthetic). Source based on UCSB FFM.
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Figure 4. The comparison of the synthetic and in-situ measured water level variations in positions of DART stations 
(gray – measured signal, black – synthetic). Source based on USGS FFM.
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described in details in (Nosov and Kolesov, 2011).
The computational domain spans 139оE to 150оW in 

longitude and 15оN to 55оN in latitude. Bathymetric data 
was extracted from the 1-min digital atlas GEBCO 
(British Oceanographic Data Center). In calculation we 
used space increment of 1 angular min in both 
longitudinal and latitudinal directions. The time step of 
3 s was specified taking into account the CFL condition.

3.  RESULTS AND DISCUSSIONS
The results of numerical simulation of the tsunami 

propagation are presented in Figures 2, 3, and 4 by black 
lines as time-series of free surface disturbance calculated 
at the positions of the following ten DART stations: 
21401, 21413, 21414, 21415, 21418, 21419, 46402, 
46403, 46408, and 51407. In-situ records are depicted by 
gray curves. The low-frequency component 
corresponding to the tidal variations of the sea level was 
preliminarily eliminated from the in-situ signals.

Tsunami amplitude at the positions of DART 
stations (maximum of the first pulse) are presented in 
Figure 5: synthetic values according to USGS, Caltech 
and UCSB models are plotted versus in-situ measured 
values. It is seen from Figure 5 that UCSB fault model 
overestimates tsunami amplitude, Caltech fault model 
underestimates tsunami amplitude. At the same time, 
USGS fault model provides a good agreement between 
amplitudes of in-situ and synthetic signals.

The difference in arrival times between the real 
and synthetic signals must be discussed particularly. The 
synthetic signal always arrives earlier, and its difference 
from the real signal tends to grow as it moves farther 
from the source (Figure 6). These facts can be explained 
as follows. First, in numerical calculations, we assumed 
the moment of the earthquake start as zero time, whereas 
we did not take into account the duration of the seafloor 
deformation (CMT catalog provides half-duration of the 

fault  rupturing  during  Tohoku  earthquake  as  70  sec). 
Second, the long wave theory, which was used in the 
numerical model, does not take into account delaying of 
real waves due to the phase dispersion.

The delay time of the signal due to phase dispersion 
can be assessed by the following formula (Nosov at al., 
2011):

Δ t=
C 0−C gr

C0

t ,                            (5)

where C0=√gH  is the velocity of long waves, 
Cgr=d ω/ dk  is the group velocity, ω

2
=gk th(kh)  is 

the dispersion relation for linear gravity waves, t is the 
time of signal propagation. In the case of long wave, 
kH ≪1 , the formula (5) can be reduced to the 

following approximate relation:

Δ t≈ 2π
2 H

g T 2
t .                                 (6)

For the closest to the source DART station 21418 
(H=5000 m, t=2000 s, T=1000 s) the delay is Δ t≈50 s . 
For the most distant DART station 51407  (H=5000 m, 
t=27950 s,  T=750 s) the delay is  Δ t≈500 s . 
Theoretical values are in a reasonable coincidence with 
the measured ones.
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Abstract:  The authors conducted video analysis to determine the inundation flow characteristics of tsunami that was 
caused by the 11 March, 2011 Tohoku earthquake. In this paper, we acquired two kinds of video data in Miyagi 
Prefecture. One is the aerial video and the other is the survivor video. Both captured the moment of tsunami attack and 
contain important information of how the tsunami penetrated inland and local tsunami inundation flow characteristics. 

 
 
1.  INTRODUCTION 
 

On 11 March, 2011 a devastating tsunami 
accompanied by a M9.0 earthquake struck the northern 
Pacific coast of Japan, and completely destroyed many 
coastal communities, particularly in the Iwate, Miyagi, and 
Fukushima prefectures. The total area affected by the 
tsunami was estimated as 561 km2 along the Pacific coast of 
Japan (Geospatial Information Authority of Japan, 2011). 
The tsunami run-up height reached 40 m (The 2011 Tohoku 
Earthquake Tsunami Joint Survey Group, 2011).  

As of 10 September, six months after the event, 
Japan’s National Police Agency reported 15,781 dead (4656 
in Iwate, 9456 in Miyagi, 1603 in Fukushima and 66 in other 
prefectures) and 4086 still missing. 115,151 buildings and/or 
houses collapsed or were washed away by the tsunami. The 
economic impacts have been estimated at 16 - 25 trillion yen 
(Cabinet Office, 24 June, 2011), compared to a FY2010 
national budget of 92 trillion yen (Ministry of Finance, 
February, 2010). 

After the event occurred, there have been difficulties 
to understand how the tsunami attacked the Pacific coast of 
Japan because most of the tide observation facilities were 
damaged. In this paper, the authors analyze several videos 
taken from the broadcasting company's helicopter and by a 
survivor, to understand how the tsunami penetrated inland 
and how the tsunami devastated coastal communities.   

Here, we acquired two kinds of video data in Miyagi 
Prefecture (Fig.1). One is the aerial video taken from NHK's 
(Japan Broadcasting Corporation) helicopter which has been 
flying over Natori city, Miyagi Prefecture at the time of 
tsunami attack. The other is a survivor's video that was taken 
from the roof of the building in Onagawa town, Miyagi 
Prefecture. Both captured the moment of tsunami attack and 
contains important information of how the tsunami 
penetrated inland and local tsunami inundation flow 
characteristics. 

2.  MAPPING TSUNAMI RUN-UP FRONT AND 
INUNDATON FLOW USING THE AERIAL VIDEO 
 

Immediately after the earthquake occurred, NHK 
(Japan Broadcasting Corporation) sent a crew to Sendai 
coast on a helicopter to broadcast the tsunami attack. The 
tsunami arrived at Sendai coast approximately 1 hour after 
the earthquake and NHK crew succeeded to shoot the 
moment of tsunami attack to the Sendai coast. As shown in  
Fig.1, they have been flying along Natori river and 
witnessed the tsunami penetration and run-up along the 
river. 

Fig.2 shows the procedure for mapping tsunami front. 
First, we divide the continuously recorded video into an 
individual frame. Then the video frames are calibrated and 
rectified by 2-D projective transformation with ground 
control points which could be identified. Finally, each 
projected frame with time stamp is stored as one of GIS 
layers. On each projected frame, the tsunami front was 
mapped by connecting the points which could be visually 
identified as tsunami front. As shown in Fig. 2(c), the time 
series of tsunami wave front on land was obtained.  

Consequently, measuring the distance between 
tsunami-front lines implies that the tsunami front penetrated 
on land with the velocity faster than 6 m/s. 

 
3.  MEASURING TSUNAMI FLOW VELOCITY 
AND HYDRODYNAMIC FORCE ON BUILDINGS 
INTERPRETED FROM THE SURVIVOR VIDEO 
 

When a tsunami reaches the coast, its characteristics 
change significantly, from that of a water wave to a strong 
inundation flow. The hydrodynamic forces of a strong 
inundation flow cause damage to infrastructure, buildings 
and people. Measuring the flow velocities of tsunami 
inundation on land was historically quite rare, and it was 
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difficult to understand what had really happened in a 
devastated area and to identify the cause and mechanisms of 
structural destruction by tsunami inundation flow. However, 
in recent years, many tsunami survivors have attempted to 
capture the moment of the tsunami’s assault on their 
communities using a videocamera or cell phone and have 
then uploaded their footage onto the Internet. (Note  that 
taking photos or videos of a tsunami should only ever be 
done from a position uphill, never from a beach.) 

Applying a video analysis technique, the tsunami flow 
velocity can be determined. Here, the author represents one 
example from Onagawa town, Miyagi Prefecture (10,014 
population before the earthquake), which is one of the 
devastated towns by the 2011 Tohoku earthquake tsunami. 
The tsunami attacked the town of Onagawa at 15:20 (35 
minutes after the earthquake occurred) and caused 816 
fatalities and 125 still missing. As the authors investigated, 
at least 6 reinforced concrete or steel construction buildings 
were found overturned or washed away.  
The video was taken by a resident from the top of the 
reinforced concrete building in Onagawa harbor (Fig.1(a)). 
Fig.3(a)  indicates a still shot taken from the video, 
capturing the moment when houses are being washed away. 
Using this video, the authors analyzed the time series of flow 
depth by measuring the height of the water level on 
withstanding buildings in the video (Fig.3(b)). Also focusing 
on the movement of drifting objects, the flow velocity was 
estimated at the moment when the houses were washed 
away. As a result, flow velocity of the tsunami inundation 
was estimated as 6.3 m/s at the flow depth of approximately 
5 m. Using this hydrodynamic features, the tsunami force 
was roughly estimated as 100 kN/m, which is the drag force 
acting on a wall per unit width. 
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Fig. 1  (a) Map of study area to analyze the video. One is from Natori city (NHK's 
helicopter video) and the other is from Onagawa town (survivor's video). (b) Approximate 
area and time the NHK's helicopter video was taken. (c) Overview of Onagawa town. The 
red arrow indicates the location that the video was taken. 

Fig. 2  Procedure of capturing tsunami front from the video. (a) A frame divided from the 
original video at 15:56 (JST). (b) Result of projective transformation of the captured image. 
(c) Result of mapping tsunami front captured from the video. 
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Fig.3  (a) A snapshot of the survivor video (provided by Yomiuri Shinbun, the newspaper 
company) capturing the moment that the houses were washed away in Onagawa town. (b) 
Time series of tsunami flow depth and current velocities interpreted from the video. 
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Abstract: The Tohoku earthquake (Mw = 9.0) and tsunami inflicted substantial damage to many coastal communities in 
Japan, including their critical port facilities, residential and commercial buildings, and infrastructure. Damage and 
destruction were widespread throughout many of the areas inundated by the powerful tsunami waves. To improve 
understanding of structural response to tsunami loading, a reconnaissance team performed high-resolution 3D laser 
scanning following the earthquake and tsunami. Data were acquired in several affected cities, including Sendai, Onagawa, 
and Rikuzentakata to supplement and compare with traditional survey and data collection methods. The powerful 3D data 
provides a virtual world that scientists and engineers can repeatedly explore, query, and analyze long after restoration and 
recovery efforts have been completed. The scan data enables many types of analyses, including deformation maps of 
partial concrete wall blow-outs, scour depths and volumes, displacements of damaged steel frame structures, bridge 
collapses, and retaining wall failures. This is valuable information to validate numerical models and theories, enabling the 
quantification and understanding of tsunami forces, failure mode, and structural response to unprecedented detail. These 
observations and analyses can then be used to calibrate proposed building code design methodologies and practices. 

 
 
1. INTRODUCTION 

 

The Tohoku (Mw 9.0) earthquake and tsunami 

occurred March 11, 2011, causing extensive damage to 

coastal buildings, bridges, ports and other engineered 

infrastructure in Japan. Unfortunately, despite substantial 

preparation by the Japanese, recovery from the tsunami has 

become a monumental undertaking due to the 

near-wholescale failure of highway and rail bridges, critical 

infrastructure, and port facilities, including the loss of over 

25,000 commercial and industrial buildings in the inundated 

areas. The dense network of GPS, wave buoys, wave gauges, 

and pressure centers on the ocean floor enabled Yamazaki et 

al. (2011) to improve finite-fault slip models and to observe 

patterns of large co-seismic slip offshore, with a peak slip 

estimated to be 60 m.  

 

2. BACKGROUND 

 

2.1 Tsunami Building Codes 

Beginning with the Indian Ocean Tsunami of 2004 

through the present, researchers have made increasing use of 

tsunami-trace distributions and damage observations to 

evaluate loads on buildings (Nakano, 2007; Matsutomi et al., 

2010). However, the buildings in these regions were not 

always designed and constructed in accordance with modern 

seismic practices. Reconnaissance following the Tohoku 

Tsunami provides substantial information regarding tsunami 

impacts to structures in a high seismic region of a developed 

country with uniform design standards and a variety of 

tsunami failure loading conditions, both observed and 

analytically derived. Post-elastic structural response for the 

time-history of extreme hydrodynamic forces generated by 

design basis-level tsunamis has not yet been explicitly 

investigated as a field of study. Detailed case study analysis 

of buildings and other structures damaged by the Great East 

Japan Earthquake and Tohoku Tsunami of 2011 is therefore 

an essential task. There is a direct benefit to having such a 

detailed database of buildings to use as structural 

performance case studies to validate proposed load design 

procedures in support of US and Japanese efforts to improve 

design provisions for tsunamis (Chock et al., 2011). The 

ASCE report, Tohoku Japan Tsunami of March 11, 2011 - 
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Performance of Structures, furnished preliminary 

verification that carefully acquired field data is appropriate 

in ground-truthing tsunami load formulations and structural 

failure mechanisms (Chock et al., 2012). At the same time, 

differences in seismic design must be considered in 

evaluating the performance of buildings before extrapolating 

that experience to other parts of the world. For example, the 

Japanese Building Code typically stipulates greater 

lateral-load resisting strength and/or stiffness than the United 

States’ seismic provisions, which will affect the observed 

performance of building structures during a similar tsunami 

in the United States. 

 

2.2 3D laser scanning  

 Light Detection and Ranging (LIDAR) technology 

provides a rapid technique to accurately map terrain with 

detail, accuracy, and speed. Sensors can be mounted to 

airplanes, helicopters, vehicles or statically to a tripod. 

Tripod mounted systems are often called terrestrial laser 

scanners (TLS), 3D laser scanners, or ground-based LIDAR. 

For consistency, these static systems will be referred to only 

as 3D laser scanners in this paper.   

 3D laser scanning has been used successfully for 

detailed measurement of as-built structural conditions and 

static deflections. Gordon et al. (2004), Tsakiri et al. (2006), 

Hori et al. (2007), Guarnieri (2005), and Teza et al. (2009) 

discuss general structural analysis capabilities and 

considerations of 3D laser scanning and its ability to model 

deformations compared with traditional survey techniques. 

Laefer et al. (2009), discuss considerations for using 3D 

laser scanning for crack mapping and detection on flat 

surfaces, including the importance of not scanning flat 

surfaces from oblique angles (>45°). Olsen et al. (2010) 

provide examples and workflows for using 3D laser 

scanning to perform change detection and damage analysis 

on full size structural test specimens subjected to seismic 

loading in a laboratory setting. These analyses include: crack 

mapping, volume of concrete spalling, and final 

deformations of the structure following loading.  

 Scanning technology provides an invaluable resource to 

digitally preserve a scene so that engineers and scientists can 

virtually visit the scene repeatedly to validate models and 

theories. Messinger et al. (2010) discuss collection of 

airborne LIDAR data in Haiti following the earthquake and 

its role in aiding rescue and relief efforts. Cowgill et al. 

(2010) discuss how these data were used by scientists in an 

interactive, virtual setting to remotely measure surface 

rupture and other displacements.  

 Because scanning technology is so new and rapidly 

evolving, it has only recently been applied to post-disaster 

earthquake and tsunami damage assessment. Kayen et al. 

(2006) performed scanning surveys following the 2004 

Nigata earthquake to map surface rupture and liquefaction 

effects. Kayen et al. (2010) present additional applications of 

3D laser scanning to geotechnical earthquake engineering 

including settlement, landslide, liquefaction, and 

ground-rupture analyses. Olsen and Donahue (2011) 

demonstrate potential use of 3D laser scan data to analyze 

post-earthquake and tsunami damage following the 2009 

Samoan earthquake and tsunami, including its ability to 

generate high resolution topography for analyzing erosion 

and scour. Olsen et al. (2011, 2012) highlight examples of 

using laser scan data to analyze damaged infrastructure 

following the 2010 Chilean earthquake, showing that the 

laser scan data can detect information that is difficult to 

observe with traditional reconnaissance techniques. Intensity 

(return-signal strength) coloring from 3D laser scan data can 

highlight cracks and damage on the building face. GEER 

(2010) also performed several geotechnical investigations in 

conjunction with 3D laser scanning at sites in Chile that 

liquefied and experienced site amplification effects.  

 Kayen et al. (2011) also performed extensive 3D laser 

scans for geotechnical investigations of several sites 

damaged during the Tohoku earthquake and tsunami, 

including sites with lateral spreading, slope failures, 

settlement, embankment failures, seawall failures, port wharf 

collapse, scouring, and many other types of damage.  

 

2.3 Objectives of the survey 

 The reconnaissance team had several principal 

objectives in the post- earthquake and tsunami evaluation: 

1. Perform detailed, 3D laser scan topographic 

surveys of select areas for tsunami inundation 

models,  

2. Collect detailed structural data for specific 

structures (both 3D laser scan and traditional field 

investigations) as input for future structure 

modeling and to verify results, and  

3. Incorporate these findings into improved building 

codes and planning in coastal regions with seismic 

and/or tsunami hazards.  

  

3. METHODS 

 

Details of typical 3D laser scan acquisition and 

processing can be found in Kayen et al. (2010) and Olsen et 

al. (2010, 2011, 2012). Herein we present only a general 

summary.  

 

3.1 3D laser scan data acquisition 

 3D laser scanning is a line of sight technology that 

emits laser pulses at defined, horizontal and vertical angular 

increments to produce a point cloud, containing XYZ 

coordinates for objects that return a portion of the light. 

Figure 1 shows a typical setup of a 3D laser scanner with a 

camera and GNSS receiver mounted above the scanner. 

 The 3D laser scan survey was performed in June and 

July 2011. The team was a collaboration of U.S. based and 

Japanese researchers ranging from 4 to 6 members on any 

given day. Table 1 lists the key sites surveyed and Figure 2 

shows the sites surveyed within Rikuzentakata. These sites 

were selected based on observations made by previous 

surveys throughout the region to select buildings that would 

result in optimal case-studies for use in modeling 

hydrodynamic forces in both steel frame and reinforced 

concrete structures. The survey combined the 3D laser 
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scanning with traditional structural measurements of: overall 

building geometry, where accessible; concrete member sizes, 

reinforcing sizes and layout; structural steel sizes and plate 

thicknesses; and other pertinent structural information and 

damage. For one building the structural drawings were also 

obtained. 

   

 

Figure 1 Tripod-mounted TLS system with labeled 

components.  

 

Table 1 Locations surveyed with 3D laser scanning 

Site Prefecture Emphasis # Scans Days 

Yuriage\Natori Miyagi Structural 20 2 

Onagawa Miyagi Topography 30 3 

Gamou (Waste- 
water Treatment 
Plant) 

Miyagi Structural 10 1 

Minamisanrik Miyagi Structural 5 1 

Rikuzentakata Iwate 
Structural & 
Topographic 

38 3 

Totals   103 10 

 

Figure 2 Locations of 3D laser scans within Rikuzentakata.  

 

3.2 3D laser scan processing 

 While preliminary processing and analyses of the data 

have been undertaken, substantial time is required to fully 

compile and analyze the extensive volume of data collected. 

The point cloud must be processed to remove noise, debris 

and sporadic points from the dataset. While some automated 

filters exist for geometrically defined extraction, due to the 

chaotic nature of the scene, these points generally must be 

manually identified and masked to remove unwanted 

sections from the data, such as the non-structural elements 

and debris in Figure 3. Color information from calibrated 

photographs taken at the same time as the scan is also 

mapped to the point cloud datasets (Figure 4). To ensure 

high precision mapping and improvement over the default 

calibration, fine-tune adjustments can be implemented by 

selecting common points in the photographs and scans.  

 

 

Figure 3  LIDAR scan of damaged structural steel building 

(a) before and (b) after editing to remove debris. 

  

 

Figure 4  Combined scans of buildings in Onagawa with 

photographic color overlain on the points. 

 

 Each scan is collected in its own reference frame and 

only includes objects visible from that position. To create 

full 3D models, multiple scans need to be merged together. 

Olsen (2011) discusses common procedures used to align 

scans. Typically, target-resection methods are implemented, 

however, they require a substantial amount of additional 

field time for long range scanning applications (Williams et 

al. 2012). Cloud to cloud surface matching and global 

registration techniques (Vosselman and Maas, 2010) can also 

be used to align the scans collected at each site into a 

common coordinate system (Figure 4). These methods 

(a) 

(b) 
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require much less field time, although they can sometimes 

result in less accuracy in comparison to target methods 

(Williams et al. 2012), particularly over long distances. 

Where mobile or airborne scan data are available, those 

datasets can also be used as baseline surfaces to 

geo-reference the static scans. In locations where such data 

are not available, a least squares adjustment can be 

performed of the coordinates for the scan origins following 

the cloud to cloud surface match to GNSS coordinates 

collected during the field effort. Note that for structural 

analysis, the internal relative accuracy between scans 

(generally <1 cm) is more important than the geo-referenced 

positioning accuracy (~1m). Several quality control 

measures can be performed to evaluate the data alignment 

quality including cross sections, examining point blending, 

and calculating RMS values between adjacent scans (Olsen 

2011). 

 Once scans are aligned, important measurements can be 

made directly in the point cloud, depending on the 

measurement type and accuracy needs. Measurements made 

within a scan dataset can generally be obtained at 

sub-centimeter level accuracies, although actual results 

depend on scanning geometry, materials, and environmental 

noise. Initial analyses are performed through visual 

inspections and examining cross-sections of the data. The 

3D laser scan data, as such, allows for virtual reconnaissance 

efforts where the user can make measurements without 

being present at the site and at points that would be 

inaccessible in the real world. The measurements extracted 

from point clouds of the buildings can be used to validate the 

failure analyses for these structures.  

 In addition to measurements, surface models can be 

generated through creating grids or triangulations from data 

points. These enable interpolation between data points and 

volumetric computations. Derived topographic models can 

also be used for inundation modeling. 

 

4. PRELIMINARY RESULTS 

 

4.1 Minami Gamou Wastewater Treatment Plant 

The Minami Gamou Wastewater Treatment plant is a 

three-story reinforced concrete building, located on the 

Sendai coastline, south of the main port and approximately 

350 meters from the coastline. The building is of particular 

interest as it is one of the few documented cases of a 

building being directly impacted and damaged by a tsunami 

bore captured on video. The ocean facing wall of a two story 

high-bay on one side of the building failed through 

out-of-plane flexure due to the large hydrodynamic forces 

(Figure 5). 

The concrete wall was analyzed for tsunami bore 

impact forces using the formulation developed 

experimentally by Robertson et al. (2011) through testing at 

the large wave flume at the O.H. Hinsdale wave research 

laboratory at Oregon State University. Using inundation 

estimates by the Joint Survey Group and video footage, the 

resulting pressure distribution was applied to a nonlinear 

finite element model (FEM) of the reinforced concrete wall.  

The 3D laser scan points along a damaged face of the 

building were triangulated into a 3D surface model. A planar 

surface was then least-squares fit to the apparently 

undamaged section of the building (to the right of the data 

shown in Figure 6). The deviations of the surface of the 

plane were then computed, where orange represents 

deformation below the plane (into the building) and blue 

represents deformation above the plane (outward from the 

building).  

The calculated failure mechanism through FEM 

compared well to that captured by the 3D laser scan survey, 

although the calculated magnitude of the inelastic 

displacements was significantly less than the displacements 

measured from the 3D laser scan (Figure 6). Therefore 

further study of the cracked inelastic properties of the 

structure as well as modeling of the complete loading 

time-history using a calibrated tsunami inundation model 

will provide greater insight into the loading and response of 

the building. 

 

 

 

 

Figure 5  Ocean-facing reinforced concrete wall at the 

Minami Gamou Wastewater Treatment Plant 

Pump Station Building damaged by direct strike 

from tsunami bore (a) exterior view, (b) interior 

view. 

 

(a) 

(b) 
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Figure 6 (a) Deformation modeling using a triangulated 

LIDAR scan showing out-of-plane deformation 

compared to (b) a FEM analysis of damaged wall 

in Figure 5  

 

4.2 Three-story steel frame structure in Onagawa 

A three-story steel frame structure in Onagawa shown 

in Figure 7a was analyzed for forces resulting from tsunami 

backflow returning to the ocean. This building was shielded 

from incoming flow by other large buildings. The return 

flow on the initially clad structure was estimated from video 

analysis at around 8 m/s. This was sufficient to yield the top 

and bottom of the second story columns and top of the first 

story columns with an estimated 67% blockage (33% open) 

of the original enclosure, either from cladding still intact or 

debris damming. If this level of blockage had persisted the 

building would have been expected to fail completely; 

therefore, it is proposed that once yielding of the structure 

had occurred, with significant inelastic deformation, the 

blockage percentage reduced, relieving the structure of some 

of the lateral pressure. The beams at each floor and columns 

at the third floor were calculated and observed to remain 

elastic. The final displacements of the structure at each level 

are estimated from the 3D scan analysis shown in Figures 

7b&c and are tabulated in Table 2. Note that the first floor 

columns are 0.05 m larger in width. 

 

Table 2 Displacements for the three-story steel frame 
  

Floor Lateral Displacement (m) 

4 (roof) 0.505 

3 0.444 

2 0.224 

1 (ground) 0.000 

 

 

Figure 7  Three-story steel frame with sidesway pushover 

yielding of columns due to return flow in 

Onagawa. (a) Photograph, (b) 3D laser scan 

model, and (c) Coordinate measurements taken 

within a cross section.  

 

4.3 Concrete warehouse in Onagawa 

The concrete warehouse building shown in Figure 8 had 

three sides enclosed and became internally pressurized by 

flow stagnation during tsunami drawdown. The 3D laser 

scan shows large deformations of over 0.5 m in the larger 

wall panels, while the smaller panels had negligible lateral 

deformations. Analysis based on a stagnated hydrodynamic 

(a) 

(b) 

(c) 

(a) 

(b) 
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load was able to show that the larger panels in the exterior 

walls failed after flexural yielding of the panels followed by 

formation of a catenary membrane, then shear failure around 

the perimeter of the wall. The flow velocity for such a 

condition was at least 5.5 m/s. Some cracking due to 

yielding around the perimeter of the walls was observed in 

the smaller wall segments, but the segments did not fail. The 

shorter vertical spans resulted in reduced bending moments 

in these wall segments. It was calculated that a flow velocity 

of around 7.5 m/s would have been required to fail the 

smaller wall segments.  

 

 

 

Figure 8  Concrete warehouse wall failure due to internal 

pressurization in Onagawa. (a) Photograph, (b) 

3D laser scan model  

 

4.4 Onagawa topographic mapping 

Asia Air survey Co. performed mobile laser scanning 

throughout Onagawa. The static 3D laser scan data collected 

through the effort described herein has been combined with 

their mobile laser scan data to provide more detailed 

topographic maps (Figure 9). The mobile laser scan data is 

very dense along the roadways and presents a rapid data 

acquisition technique to survey damage following an 

earthquake or tsunami. However, static 3D laser scan data 

can fill in gaps that are not accessible by vehicle because of 

more flexibility in selecting an appropriate viewpoint. Hence, 

static scanners are more applicable for site evaluation and 

examining a structure in detail.  

Initial analysis of the topographic data shows that the 

valley gently slopes away from the ocean with a minimal 

0.2% slope, until it is surrounded by steep hills. Most of the 

city is built in the flat valley. Hence, the tsunami waves were 

able to travel far inland to inundate the entire valley. In some 

cases, this was as far as a few kilometers. The tsunami 

waves overtopped the 15.5 m tall retaining wall, whose top 

is almost 17 m above the water level (Figure 10).     

 

 

Figure 9  Topographic scan data collected for Onagawa. 

The grayscale scans were collected by Asia Air 

Survey Co using a mobile laser scan system. The 

colored points were static scans (each scan is 

shown with a different color) collected through 

the reconnaissance effort described in this paper. 

 

 
 

Figure 10 Onagawa hospital building located above a ~15.5 

m tall retaining wall that was over-topped by the 

tsunami waves. 

 

3. CONCLUSIONS 

 

3D laser scan data can acquire critical, perishable 

information in short time frames, re-creating an environment 

as a virtual time capsule. Because the scan process is 

semi-automatic, operators still have some flexibility to make 

additional observations while scanning. Scanners can collect 

data from afar, providing safe, remote access to areas that 

may be dangerous to examine physically. The preliminary 

analyses presented herein show good agreement between 

deformations recorded from the 3D laser scanner and 

numerical models of the structures.  

The 3D laser scan data will provide the ability to 

perform more detailed studies, including: 

1. Perform tsunami modeling for coastal inundation 

using high-resolution topographic models 

generated from the scan data 

2. Compare model results with depth and velocity 

measurements determined from video and field 

0.5m 

0.4m 

0.3m 

0.2m 

0.1m 

0.0m 

 

 

 

 

- 1996 -



survey records 

3. Study flow effects in the built environment 

4. Compare record of structural conditions and 

deformation measurements to finite element 

analyses of select structures to evaluate the 

non-linear structural response due to 

hydrodynamic loading 
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Abstract:  There have been considerable attentions upon tsunami hazards since the catastrophic Sumatra tsunami of 26 
December 2004 and the Tohoku Pacific earthquake and tsunami of 11 March 2011. Focus of this paper has been placed 
on the tsunami hazards to quay structures, which, as critical emergency facilities, must be operational immediately after a 
devastating earthquake. This paper provides an overview of the state of knowledge of tsunamis. The tsunami-induced 
loadings are hydrostatic force, hydrodynamic force, buoyant force, surge force and impact of debris. On the other hand, 
tsunami warning system and tsunami mitigation plan can profoundly influence the development of mitigation strategies 
for the quays. Indeed, pragmatic approaches for mitigating tsunami-related damages adopt either a tsunami early warning 
system or applying engineering designs to resist tsunamis. It is proposed to carry out a tsunami desk study in the early 
stage of maritime projects in order to identify possible tsunami hazards. A case study is presented to demonstrate that a 
pragmatic scheme can be developed for quays to resist tsunami-induced damages by integrating tsunami hazard 
assessment, warning system and mitigation technologies.     

 
 
1.  INTRODUCTION 
    Because tsunamis are an ever-present threat to lives and 
property along the coasts of most of the world's ocean, great 
attentions have been placed upon tsunami hazards since the 
catastrophic Sumatra tsunami of 26 December 2004 and the 
Tohoku Pacific earthquake and tsunami of 11 March 2011. 
In fact, recent tsunamis have remained ordinary peoples that 
a tsunami could be devastating for coastal communities 
unaware and unprepared for coastal flooding by multiple 
tsunami waves. For example, Nigeria has relatively low 
seismic hazards. However, the sources that can generate 
tsunamis which could affect Nigeria can extend over a much 
wider geographical area than those that can give rise to 
significant seismic motions. As a result, the possibility of a 
tsunami in Nigeria has been frequently discussed since the 
Sumatra tsunami that killed over 300,000 people (The 
Senate 2011, Science Development Network 2005).  

As pointed out by Bernard et al. (2006), the greatest 
challenge is change in the perception that tsunamis are rare 
events. Data have clearly shown that in average every year a 
damaging tsunami will cause death and destruction 
somewhere along our global oceans.  

The focus of this paper is placed on the vulnerability of 
quay structures, which form a major part of ports and 
harbours, to destructive tsunami waves. Tsunami-induced 
damages have been reported in the literature. For example, 
on 28 March 1964 the large earthquake in Alaska had 
triggered a tsunami that generated a maximum run-up of 
67m and was entirely responsible for millions of dollars in 
damage in Port Alberni, British Columbia. Should a tsunami 
damage the quay and interrupt port operations, the economic 
impact could be devastating both locally and across the 

nation. Borrero et al. (2005) pointed out that if the ports of 
Long Beach and Los Angeles were closed for one year by 
tsunami damages, the impact on the US economy would 
exceed US$40 billion. As a result, quay structures should be 
operational immediately after a devastating tsunami.  

The paper gives fundamental information of the 
generation of tsunamis and characteristics of tsunami waves. 
Tsunami-induced loadings are also reviewed. Pragmatic 
approaches for mitigating tsunami-related damages either 
use a tsunami early warning system or apply engineering 
design to resist tsunamis. Indeed, the tsunami early warning 
system and tsunami mitigation plan can profoundly 
influence the development of mitigation strategies for quay 
facilities. It is proposed to carry out a tsunami desk study in 
the early stage of maritime projects in order to identify 
possible tsunami hazards. A case study is presented to 
demonstrate that a pragmatic scheme can be developed for 
quays to resist tsunami-induced damages by integrating 
tsunami hazard assessment, warning system and mitigation 
technologies.     
 
 
2.  KNOWLEDGE OF TSUNAMIS 
    Concise information about tsunamis can be found from 
IOC (2008). A tsunami is a set of ocean waves caused by the 
rapid vertical seafloor movements. Tsunamis are most 
commonly generated by earthquakes in marine and coastal 
regions. In general, tsunamis are mainly produced by large 
(greater than Ms=7) and shallow focus (depth less than 
30km) earthquakes, associated with movements of oceanic 
and continental tectonic plates. Of course, underwater 
landslides associated with smaller earthquakes and explosive 
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volcanoes can also cause destructive tsunamis. The 
mechanism by which a tsunami is formed is presented in 
Figure 1. The definition of tsunami run-up and inundation 
are given in Figure 2. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

Figure 1  Tsunami Generation (IOC 2008) 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2  Tsunami Run-up and Inundation (IOC 2008) 
 
One of the characteristics of a tsunami wave is that it 

travels at a speed proportional to the square root of ocean 
depth. The dominant wave period of tsunamis ranges from 
five to ten minutes, when generated by adjacent earthquakes. 
In the open deep seas, however, tsunamis can easily 
propagate great distances at high speeds but are difficult to 
detect (because they usually have heights of less than 1m 
and wave lengths of several hundred kilometres). In this case, 
tsunami wave periods range from forty minutes to two hours. 
As the tsunami approaches the shore, the reducing depth of 
water causes the tsunami speed to decrease and the wave 
height and steepness to increase, with complicated currents 
and multiple wave trains. In some coastal areas, the shape of 

the seafloor may amplify the wave, producing a nearly 
vertical wall of water that rushes far inland and causes 
devastating damage. Because tsunami wave moves ashore as 
a fast-rising tide or as a bore, flooding everything in its path 
and producing massive destruction, tsunami can cause 
significant damages to quay structures.  

It is of pragmatic importance to appreciate the effect of 
active faults upon tsunami hazards. For example, the off 
shore subduction zones run predominantly in the east-west 
direction tend to trigger major tsunamis in the north-south 
direction. Furthermore, after the 2004 Indian Ocean Tsunami, 
field studies suggested that the west coast of Sri Lanka was 
seriously damaged by tsunami-induced wave propagation 
and diffraction around the island. 

 
           
3.  TSUNAMI RECORDS 

Historical tsunami data are currently available in many 
forms and at many locations. The National Geophysical 
Data Center (NGDC) has databases referring to tsunamis. 
The Natural Environment Research Council, UK, 
www.nerc.ac.uk includes information on actual occurrence 
of tsunami and tentative predictions. It should be noted that 
about 80% of all the recorded tsunamis occur in the Pacific 
Ocean because the Pacific Rim is the most 
seismically-active region on the earth. Figure 3 shows all 
recorded tsunami sources from earthquake, volcano, 
landslide, and other causes.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 3  Tsunami Sources 1650 B.C. to A.D. 2010 

(after NGDC) 
 
However, tsunami hazard maps, the counterpart of the 

seismic hazard map, are not available. Site-specific tsunami 
hazard assessment involves a detailed tsunami modelling 
study (Tang et al. 2006, Briggs et al. 2008), which may not 
be feasible in the initial stages of a project. It is useful to 
carry out a tsunami hazard desk study that should include, 
but not limited to, reviewing and assessing the collected 
information in order to identify all of the possible sources of 
tsunamis and the runup water heights. Flood risk assessment 
is also recommended in order to assess the potential flood 
risk caused by the maximum runup water height. 
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4.  TSUNAMI WARNING SYSTEMS 
Tsunami warning systems have been established in 

order to detect tsunamis in advance and issue warnings to 
prevent loss of life and damage. In general, the warning 
system consists of a network of sensors to detect tsunamis 
and a communications infrastructure to issue timely alarms 
to permit evacuation of coastal areas. The first system was 
set up in Hawaii in the 1920s. Whilst international warning 
systems (e.g. Pacific Tsunami Warning Centre) focus upon 
distant tsunamis, regional early warning systems (e.g. Japan 
Meteorological Agency) monitor tsunamis caused by 
earthquakes in close proximity and are capable of issuing 
warning to the general public in 15 minutes.   

 
 

5. TSUNAMI-INDUCED FORCES ON QUAY 
STRUCTURES 

Few design codes (for example, FEMA 55) recommend 
guidelines for evaluating tsunami-induced forces. Other 
widely available design standards (e.g. UBC 1997 and 
ASCE 7-05 2006) contain guidelines for evaluating 
flood-induced loads. Devastating tsunami-induced loads 
observed from recent tsunamis have outlined the urgent need 
for developing new design guidelines.       

In general, the magnitude and application of tsunami 
forces can be determined mainly by three parameters; i.e., 
inundation depth, flow velocity and flow direction. Further, 
these parameters are functions of (a) tsunami wave height 
and wave period; (b) coast topography; and (c) roughness of 
the coastal inland. The state-of-the-art knowledge of forces 
generated by tsunami-induced hydraulic bores (hydrostatic 
force, hydrodynamic force, buoyant force, surge force and 
debris impact) have been reported by Nistor et al. (2008). 
They have also proposed load combinations that specifically 
consider a tsunami event including the effects of a bore-type 
wave.            

Tsunami results in the inundation of coastal areas and 
damage to shoreline facilities such as quay walls through the 
rapid elevation of water levels and the generation of high 
water velocities. Srivastava and Sivakumar Babu (2009) 
indicated that scour resulting from high water velocities was 
one of the main reasons in the damage of structures. The 
possible damages to quay structures are caused mainly by 
scouring of the foundations and overloading due to 
horizontal water pressure and uplift force. Tsunami-induced 
damages of port and harbor facilities also include damages 
to breakwaters (PIANC 2001), onshore facilities such as 
buildings and warehouses (Srivastava and Sivakumar Babu 
2009, Palermo and Nistor 2008, Nistor et al. 2008), cranes 
and quay operating facilities, and ships moored or berthed at 
the quay through collision. 

Tsunamis can constitute another important problem. 
Catastrophic destruction may occur when the frequencies of 
arriving tsunami waves match the resonant frequencies of 
the harbour (Rabinovich 2008). The continued reflection and 
interference of tsunami waves from the edge of a harbor or 
narrow bay can amplify the wave heights and extend the 
duration of tsunami resonance.     

Whilst the design of tsunami-resistant wall (Srivastava 
and Sivakumar Babu 2009) can be directly applied to quay 
walls, in practice, it is likely to be difficult to protect cranes 
and containers under tsunami conditions. As pointed out by 
PIANC (2001), a tsunami warning system can be an 
effective method to respond to tsunamis. 

 
 

6.  CASE STUDY: LAGOS, NIGERIA  
Nigeria has relatively low seismic hazard (UBC 1997). 

However, the sources that can generate tsunamis affecting 
Lagos can extend over a much wider geographical area than 
those that can give rise to significant seismic motions. 
Because tsunamis are an ever-present threat to lives and 
property along the coasts of most of the world's ocean, there 
have been concerns about the possible tsunami hazards in 
Lagos since the catastrophic Sumatra tsunami. It is generally 
believed that the greatest tsunami threat facing the Western 
African coast comes from sources in the Atlantic Ocean. 

 
6.1  Tsunamis Originating locally 

The database of the National Geophysical Data Center 
(NGDC) gives all recorded tsunami events around Nigeria.  
Table 1 gives the details of the tsunami sources around 
Nigeria. 

 
Table 1  Historical tsunami sources along the Western 

African coast (after NGDC) 

 

DATE 

 

RELIABILITY 

TSUNAMI SOURCE LOCATION 

COUNTRY LATITUDE LONGITUDE

1820 QUESTIONABLE CONGO -4.500 11.600 

10/07/1862 QUESTIONABLE GHANA 7.000 0.400 

1905 VERY 

DOUBTFUL 

TOGO   

20/11/1906 PROBABLE GHANA 6.500 0.300 

11/05/1911 QUESTIONABLE TOGO 6.100 1.200 

19/05/1933 PROBABLE TOGO 6.900 0.600 

22/06/1939 QUESTIONABLE GHANA 5.180 -0.130 

  
Table 2 presents all recorded tsunami events around 

Nigeria. It should be noted that the reliability of these 
records are generally questionable and there was no runup 
measurements. Clearly, the region around Nigeria, and 
indeed south west coast of Africa, has very few historical 
records of tsunamis. The lack of historical tsunamis along 
Nigeria coast suggests that a significant tsunami in Lagos is 
very unlikely. 

Whilst USGS reports a run-up measurement of 1.5m 
(recorded during the possible tsunami event on 11th May 
1911 in Togo), NGDC records do not show any tsunamis 
have been reported in Nigeria. Indeed, the impact of 1.5m 
run-up would be no greater than that of conventional 
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extreme sea conditions and so such an event may not have 
been noticed.  

 
Table 2  Historical tsunami events along west African 

coast (after NGDC) 

 
Further, tsunamis travel outward in all directions from 

the generating area, with the direction of the main energy 
propagation generally being orthogonal to the direction of 
the earthquake fracture zone. For geographical reasons, as 
shown in Figure 4, should a tsunami originate from Togo or 
Ghana, it is likely to generate edgy waves (i.e. waves that 
travel along the coast) to Nigeria and, as a result, explains 
why Nigeria was not affected by tsunami. 

 
 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 4  Geographic locations of Nigeria, Togo and 
Ghana (from Google Map) 

 
Whilst there is an active volcanic region in the 

boundary between Nigeria and Cameroon, there is no 
historical tsunami record reported from the Cameroon 
volcano line. It is also expected that the geological barrier is 
likely to prevent the propagation of tsunami waves from 
Cameroon to Lagos. 

 
6.2  Tsunamis From Distant Sources 

As indicated by Figure 3, tsunami sources across the 

Atlantic Ocean include volcanic eruption, landslide, and 
earthquake. However, the shape of the African coastline is 
beneficial in this aspect as it provides shelter from any 
potential tsunami event in the North Atlantic (as shown in 
Figure 5, countries such as Mauritania and Western Sahara 
prevent tsunami wave propagation from the north Atlantic 
Ocean). Figure 3 does not identify any tsunami sources in 
South Atlantic. 

Analysis of sea-level data obtained from sea-level 
station of the Atlantic Global Sea Level Observing System at 
Takoradi, Ghana, West Africa shows a tsunami signal 
associated with the Mw = 9.3 Sumatra earthquake of 26 
December 2004 in the Indian Ocean. The maximum 
observed trough-to crest wave height was 41cm. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5  The shape of the African coastline (from 
Google Map) 

 
6.3  Tsunamis Warning System 

As shown in Figure 6, about 80% of all recorded 
tsunamis occur in the Pacific Ocean because the Pacific Rim 
is the most seismically-active region on the earth. It is worth 
noting that Figure 6 shows no tsunami record in the Western 
Africa coast. 

 
 
 
 
 
 
 
 
 
 
 

Figure 6  Recorded tsunami events (from HR 
Wallington 2005) 

 
However, tsunamis in the Atlantic are rare but not 

impossible. A devastating earthquake in Lisbon in 1755 
caused a 12m high tsunami, killed 60,000 people. Because 
the Atlantic is far from risk free, one of the latest systems, 
the Atlantic Ocean early warning system, was built and 
became operational in 2007 (Planet Earth 2007). This 

 TSUNAMI RUN-UP LOCATION 

DATE COUNTRY LATITUDE LONGITUDE

1820 ANGOLA -5.550 12.200 

1820 ANGOLA -5.330 12.183 

10/07/1862 TOGO   

1905 BENIN 6.283 1.833 

20/11/1906 TOGO 6.170 1.350 

11/05/1911 TOGO 6.170 1.350 

19/05/1933 TOGO 6.170 1.350 

22/06/1939 GHANA 5.550 -0.217 

22/06/1939 GHANA   
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tsunami early warning system covers African Continent and 
continuously monitors sea level changes around Africa 
coasts by installing two different equipments: radar tide 
gauge and a sub-surface pressure sensor. Figure 7 shows that 
monitoring instruments were installed across the African 
coastline.   

Because tsunami travel times in the Atlantic Ocean are 
much shorter than in the vast Pacific Ocean, the system uses 
a satellite technology, which provides an “always on” 
broadband connection almost anywhere on the Earth’s 
surface, to get information off the instruments and back to 
warning centres as quickly as possible.   

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7  Tsunami monitoring stations across the 
Africa coastal lines (after Planet Earth 2007) 

 
ODINAFRICA (Ocean Data and Information Network 

of Africa) has also established collaboration with the 
Permanent Services for Indian Ocean Tsunami Warning and 
Mitigation System in order to ensure that there is a more 
comprehensive network of evenly spaced sea level stations, 
providing data near real-time, and addressing the key 
oceanographic phenomena along the African coastline. 

 
6.4  Engineering Measures 

One way to get a feel for the effect of a tsunami is to 
imagine a raising of the sea level close to the coast, by an 
amount equal to the tsunami run-up, persisting for several 
minutes. If the level is sufficient to flow over sea defences, 
then the effect may be devastating, but if the level is not 
sufficient and there is no breaching or alternative flood route, 
then the effect may be small. 

Probably the nearest comparable parameter of normal 
wave conditions is wave set-up that is a raising of the mean 
shoreline elevation, relative to still water level, caused by 
wave breaking in the surf zone. CIRIA/CUR (1991) 
indicates that this set-up will be about equal to 30% of the 
significant wave height just before breaking. 

Therefore, based on the analysis of sea level data given 
in section 6.2, wave set-up of 0.41m might be expected 
approximately once in 50 years. On top of that would be the 
fluctuating run-up and run-down, which would increase the 
risk of flooding beyond the level implied by set-up alone. 
CIRIA/CUR (1991) indicates that the run-up level exceeded 
by 2% of waves will be equal to about 200% of the 
significant wave height just before breaking (the 30% due to 
set-up inclusive). As a result, based on the tsunami hazard 
desk study, 2% wave run-up of around 3m might be 
expected approximately once in 50 years. 

A big tsunami event is unlikely to occur in Lagos. 
However, if tsunami were to be considered further, it would 
not be unreasonable to assume that they might produce a 
modest effect about once every hundred years, on top of a 
high spring tide. The rate of increase of impact with return 
period is likely to be higher for tsunami than for 
conventional wave conditions. As a result, one cannot rule 
out the possibility that for events with a very low probability 
of occurrence (return period greater than 500 years), tsunami 
impact might be greater than that due to normal wave 
conditions. 

Given the frequency of events, mitigation measures to 
manage the impact of a tsunami on the quay development 
should be considered: 

• The selection of appropriate structural forms 
for the quay wall and their design to withstand 
the effects of a tsunami; 

• The design of critical buildings, in particular 
the port control building to withstand tsunami 
attack; 

• The design of diesel and other permanent 
storage facilities to consider tsunami effects 
(underground fuel tanks may be preferable to 
above ground); 

• The protection of critical infrastructure (e.g. 
power supplies) from flood water;  

• Evacuation procedures for personnel linked to 
tsunami warning systems; and 

• It is unlikely that breakwaters or flood barriers 
will be cost-effective. 

The physical measures listed above will be effective 
against the magnitude of event that has been identified from 
the desk study. It is unlikely to be cost effective to design for 
more devastating events. 

It should be noted that our quantitative knowledge of 
tsunamis at the coast is usually limited to observations of the 
integrated damage inflicted on the coastline and to tide 
gauge records in habours. Of course, these observations have 
provided only limited insights into tsunami dynamics.  
Should it be considered necessary, it is recommended to 
carry out a numerical model of inundation that simulate the 
flooding potential of tsunamis and use the results to plan 
evacuation procedures for threatened ports and harbours. 

 
 

7.  CONCLUSIONS 
As pointed out by Bernard et al. (2006), the greatest 
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challenge is change in the perception that tsunamis are rare 
events. Data clearly show that every year a damaging 
tsunami will cause death and destruction somewhere along 
our global oceans. A tsunami desk study in the early stage of 
maritime project can be a cost effective method to identify 
possible tsunami hazards. The case study demonstrates that a 
pragmatic scheme can be developed for quays to resist 
tsunami-induced damages by integrating tsunami hazard 
assessment, tsunami early warning system and mitigation 
technologies. 
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Abstract: In this study, by means of an empirical-analytical approach in combination with Monte-Carlo method we
establish relationships between earthquake characteristics (moment magnitude and depth) and tsunami source parameters
(double-amplitude of vertical bottom deformation, displaced water volume, and potential energy of initial elevation). The
approach is based on the Okada solution for a finite rectangular fault and empirical scaling laws for earthquake sources.
As a result of Monte Carlo simulation we obtain synthetic distributions which allow us to determine upper limits and the
most probable values of the tsunami source parameters. Finally, we construct synthetic relationships between the tsunami
source parameters and moment magnitude and depth of an earthquake.

1. INTRODUCTION

Majority of devastating tsunami waves are caused by
strong bottom earthquakes. Co-seismic bottom deformation
and associated displacement of water column from its
equilibrium position is the main physical mechanism of
tsunami generation. Thus, it is useful to establish simple
general relationships between parameters of an earthquake
and the subsequent tsunami. Such relationships are
important for understanding the nature of tsunamis and other
oceanic phenomena of seismotectonic origin. In practice,
such relationships may support prompt assessment of
characteristics of a seismogenic tsunami.

Relationships between earthquake magnitude and
source parameters are widely used in seismology (e.g.
Kanamori  and Anderson, 1975; Sato, 1979; Wells and
Coppersmith, 1994; Okada, 1995; Kanamori and Brodsky,
2004). It was repeatedly attempted to establish similar
relationships between earthquake magnitude and tsunami
source parameters. In what follows we shall mention several
publications.

Empiric relations for the mean radius of the tsunami
source RTS (km) and for the maximum of the initial elevation
ξ0 (m) had been derived for magnitudes within the range
6.7 < M < 8.5 in (Dotsenko and Soloviev, 1990):

)6.01.2(M)07.050.0(]km[Rlog TS10 ±−±= (1)

)0.16.5(M)1.08.0(]m[log 010 ±−±= (2)

The estimates for confidence intervals in (1) and (2)
correspond to 80% probability. Note that formula (2) seems
to yield overestimated values in cases of large magnitude.

For example, for the catastrophic tsunamigenic earthquake
that occurred on 26 December 2004, and the magnitude of
which was Mw = 9.1 (USGS), formula (2) gives the value of
ξ0 = 48 m.

Abe (1995) suggested that the maximum tsunami
height near the source is given by twice the limiting tsunami
height (2Hr), where

.30.3M5.0Hrlog w10 −= (3)

Using normal mode theory, Okal (2003) analytically
derived the following relation between the energy of a
far-field tsunami generated by a dislocation of moment M0
(dyn × cm):

(4)

Introducing SI units in formula (3) and expressing the
moment via moment-magnitude as Mw = 2/3 log10M0 - 6.07
(Kanamori, 1977), one readily obtains the following link:

.66.1M0.2]J[Elog wTS10 −= (5)

In our studies we suggest considering an additional
parameter—water volume displaced by co-seismic bottom
deformation. Along with the tsunami energy, the displaced
water volume represents an integral of motion in the
hydrodynamic tsunami problem. Although it represents an
important measure of tsunami strength, this parameter is
rarely mentioned in publications (e.g. Grilli et al., 2007;
Nosov and Kolesov, 2009; Nosov at al., 2011). How the
displaced water volume is related to earthquake magnitude

3
4
0

17
TS M104.7]erg[Elg −×=
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has been previously investigated only in (Bolshakova and
Nosov, 2011).

In tsunami simulation (e.g. Titov and Gonzales, 1997;
Kowalik et al., 2005; Gisler, 2008, Levin and Nosov, 2008),
it is common practice to calculate co-seismic deformations
of the ocean bottom in the source area, making use of the
analytical solution of the stationary problem of elasticity
theory, presented in (Okada, 1985). In spite of the fact that
the Okada formulae are analytical expressions, it is next to
impossible to derive any general relationships from them
analytically, as the formulae are quite cumbersome and
contain numerous input variables. The Monte-Carlo method
was employed in (Okada, 1995) to relate earthquake
magnitude and co-seismic crustal deformation

.96.5]km[Rlog2M5.1]sm[Ulog 10Wz10 −−= (6)

However, relationships obtained by Okada are hardly
applicable for tsunami sources because his approach, which
was based on the solution for a point double-couple source,
fails when the hypocentral distance is comparable to or
smaller than the source region size. In contrast to Okada
(1995), we consider a finite rectangular fault—this statement
of the problem is more appropriate to tsunami generation.
Like Okada (1995), we apply Monte-Carlo method to relate
earthquake magnitude and tsunami source parameters.

In our recent work (Bolshakova and Nosov, 2011) we
established relationships between earthquake moment
magnitude and upper limits of tsunami source parameters
(double-amplitude of vertical bottom deformation (Δη),
displaced water volume (V), and potential energy of initial
elevation (ETS)):

;4.3M5.0]m[log W10 −= (7)

;8.1M5.1]m[Vlog W
3

10 −= (8)

.7.1M0.2]J[Elog WTS10 −= (9)

In the present study, we continue the line that had been
originated from our previous publication (Bolshakova and
Nosov, 2011). First, using Monte-Carlo method, we obtain
synthetic distributions of tsunami source parameters
(double-amplitude of vertical bottom deformation, displaced
water volume, and potential energy of initial elevation) for a
number of pairs of values: magnitude-depth. Then, from the
synthetic distributions we determine the upper limits and the
most probable values of tsunami source parameters.
Ultimately, we construct relationships which allow
calculating tsunami source parameters by moment
magnitude and depth of an earthquake.

2. METHOD OF CALCULATION

In simulation of tsunamis of seismotectonic origin, an
earthquake is traditionally considered to instantly displace a
water column forming a perturbation on its free surface.

Then, the assumption is made that the shape of the
perturbation is fully similar to the vertical component of the
residual deformation of the bottom. The perturbation of the
water surfaces thus obtained, so-called initial elevation, is
applied as an initial condition in resolving the problem of
tsunami propagation (e.g. Titov and Gonzalez, 1997;
Kowalik et al., 2005; Gisler, 2008; Levin and Nosov, 2008).

Though easy-to-use in practice, this traditional
approach turns out to be inaccurate in some cases.
Imperfectness may be attributed to smoothing of water
surface perturbations as compared with the bottom
deformations (Tanioka and Seno, 2001; Saito and Furumura,
2009; Nosov and Kolesov, 2009, 2011), contribution of
horizontal deformation of a sloping (non-horizontal) bottom
(Tanioka and Satake, 1996; Nosov and Kolesov, 2009,
Nosov et al., 2011), effects of dynamics of bottom
deformations (Hammack, 1973; Nosov, 1998) and effects of
water compressibility (Nosov, 1999; Nosov and Kolesov,
2007, Bolshakova et al., 2011). However, the traditional
approach more or less adequately reproduces the main effect
responsible for seismotectonic tsunami
generation — displacement of the water. Therefore, in what
follows, we restrict our consideration to the traditional
assumption that the initial elevation is equal to the vertical
residual bottom deformation. In that way, the hydrodynamic
part of the problem remains beyond consideration.

We take the Cartesian reference system as shown in
Fig. 1. The elastic medium occupies the region of z  0. The
Ox axis is taken to be parallel to the strike direction of a
finite rectangular fault, i.e. along length L of the fault. We
assume Burgers vector lies in the fault
plane. So U1 and U2 represent strike-slip and dip-slip
components respectively; the tensile component, directed
normal to the fault plane, assumed equal to zero, U3 = 0. In
the general case, a dislocation is determined by two angles:
the dip angle δ and the rake (slip) angle .

Figure 1  Geometry of the source model of an
earthquake. L is the length of the fault plane, W is the width
of the fault plane, D is the Burgers vector, δ is the dip angle,
 is the rake angle, h is the depth of the upper edge of the
fault plane.

)0,U,U(D 21=
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In the case of uniform movement along a rectangular
fault plane, residual deformations of the ocean bottom can
be calculated making use of the analytical solution of the
stationary problem of elasticity theory, as presented in
(Okada, 1985). The Okada formulae allow obtaining a
vector field of bottom deformation due to inclined shear
fault in an isotropic homogeneous elastic half-space.

In the modeling case under consideration, for
calculation of the bottom deformations the following set of
eight parameters is required: length of the Burgers vector D,
dip and rake angles, length L and width W of the fault plane,
depth of the source h (we consider depth of the upper edge
of the fault plane), and Lame constants μ and λ.

The multiplicity of the input parameters required for
calculation of the bottom displacement exhibits a serious
obstacle to deriving the desired relationships. So, in order to
reduce number of the input parameters, we must introduce
additional relations.

First, we involve the scaling laws by Kanamori and
Anderson (1975): L/W = 2, D/L = 5×10-5. Then, considering
the definition of the seismic moment M0= μDLW (N×m)
and the well-known link between the earthquake moment
and moment- magnitude Mw = 2/3 log10M0 - 6.07 Kanamori,
1977), we arrive at the following formulae:

LW10 AM5.0)km(Llog += (10)

WW10 AM5.0)km(Wlog += (11)

DW10 AM5.0)m(Dlog += (12)

Due to variation of the shear modulus μ within the
limits 3–8×1010 Pa the coefficients in formulae (10) – (12)
undergo insignificant changes within the ranges
AL= 1.92–2.07, AW = 2.22–2.37, AD = 3.22–3.37. In what
follows we shall take the shear modulus as μ = 3×1010 Pa
(usual value for crustal faults).

The Lame constants μ and λ enter into Okada’s
expressions in the form of a combination, which for practical
calculations is conveniently expressed via the respective
velocities of longitudinal and transverse seismic waves cp
and cs:

2
s

2
p

2
s

cc
c
−

=
+

≡

 (13)

As can be gathered from the CRUST2.0 model (Bassin
et al., 2000), the value χ lies within limits from 0.3 to 0.5. In
our calculations we shall assume the ratio is χ = 0.45.

Taking into account relations (10)–(12), we arrive at the
following reduced set of four input parameters: magnitude
Mw, depth h, dip and rake angles. In calculating of the
vertical component of bottom deformations, ηz (x, y) all the
input parameters were chosen randomly from the following
intervals: 7 < Mw < 9, -90 <  < 90, 0 < δ < 90. Two series of
calculations were held. In the first series all the mentioned
parameters were chosen randomly. In the second series (for
the purpose to receive distributions of tsunami source

Figure 2  Double-amplitude of co-seismic bottom
deformation in tsunami source versus moment magnitude.
Gray lines stand for relation (18). Dashed lines stand for

eq.(2).

Figure 3 Potential energy of the initial surface
elevation in tsunami source versus moment magnitude. Gray

lines stand for relation (20). Dashed line stands for eq.(5).

Figure 4  Displaced water volume in tsunami source
versus moment magnitude. Black line stand for relation (22).
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parameters) magnitude of an earthquake was fixed The
depths under consideration were h=1 km, 10 km, 50 km,
100 km, 150 km, 200 km, 150 km and 300 km. In figures
below, in order to avoid overloading of the pictures, we
present the following three cases: h=1, 10, and 100 km.

Of all the possible parameters of a tsunami source, we
shall consider only those parameters which can be
unambiguously calculated from the vertical component of
co-seismic bottom deformations. There are three of these:
double-amplitude of vertical bottom deformation, displaced
water volume and potential energy of the initial elevation. It
must be stressed that the tsunami source area cannot be
unambiguously calculated from the co-seismic deformation.
In order to calculate this parameter it is necessary to
introduce an additional quantity—i.e. a level of deformation
separating the tsunami source from the external domain. So,
from the function ηz (x, y) we determine the following
parameters:

1. double-amplitude of vertical bottom deformation:

)]y,x([Min)]y,x([Max zz  −= (14)

2. potential energy of the initial elevation:

∫∫= dydx)y,x(
2
gE 2

zts  (15)

3. displaced water volume:

∫∫= dydx)y,x(V z (16)

where g is acceleration due to gravity and ρ is density of
water (we assume ρ = 1000 kg/m3). The integration in
formulas (15) and (16) was performed over a domain where
vertical deformation ηz exhibited a noticeable value.
Precisely, the integration domain was – L – h < x < 2L + h,
- W – h < y < 2W + h.

Results of Monte-Carlo calculations are presented in
Figs. 2, 3 and 4 by small gray and black points. The light
grey points stand for shallow earthquakes, where the depth
of the upper edge is equal to h = 1 km. The dark grey points
stand for events with depth of h = 10 km, and black points
stand for events with depth of h = 100 km. 5000 events for
each depth are presented.

Due to the significant influence on the bottom
deformation of parameters of seismic source, one can
observe an essential data scattering. However, the clusters of
points obey some special regularities. First, the
double-amplitude and the energy of a tsunami noticeably
decrease as the depth of its seismic source h increases. This
corresponds to the well-known fact that tsunamis are most
often generated by shallow earthquakes. Second, the
displaced water volume exhibits no dependence on the depth
h. Third, all the clusters of points have rather sharp upper

Figure 5  Synthetic distribution of double-amplitude of
co-seismic bottom deformation in tsunami source.

Figure 6  Synthetic distribution of potential energy of
the initial surface elevation in tsunami source.

Figure 7  Synthetic distribution of displaced water
volume in tsunami source.

boundaries, dependent on depth of the source whereas lower
boundaries turn out to be relatively diffusive. This feature is
a direct consequence of the existence of certain upper limits
of all the parameters under consideration and the
presentation of data in logarithmic scale.
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Synthetic distributions of tsunami source parameters are
presented in Fig.5, 6, 7. The total number of Monte-Carlo
experiments amounted to 400000. In these series of
calculations depth and magnitude were fixed, and dip and
rake angels were chosen randomly. It is seen from the
figures that upper limits and the most probable values
coincide only in the case of displaced volume. As for the
cases of double amplitude and tsunami energy, the upper
limits and the most probable values are different.

For the upper limits and the most probable values of the
tsunami source parameters we suggest dependences in the
following form:

ij
W

i

0i

j

0j
ij10 ]km[hMQlog

max max

∑∑
= =

=  (17)

where Q is the parameter under consideration (Δη[m], V[m3],
ETS[J]), ij is a matrix of coefficients. In order to provide a
reasonable accuracy, one has to choose imax=jmax3. It gives
satisfactory fit for double amplitude and tsunami energy.
Since the displaced volume turns out to be independent on
the depth of the seismic source h, thereby in this case one
can set jmax=1, imax=0.

Regression analysis allows us obtaining the following
matrixes of coefficients for the upper limits and for the most
probable values:

















−−
−⋅−

⋅⋅−⋅
−

−−−

44.747.1056.0
15.00297.0104.1

104.4103.91091.4

]m[log

3

456

limup10 

(18)

















−−
−⋅−

⋅⋅−⋅
−

−−−

41.748.106.0
2.0039.01083.1

1076.71061.11029.8

]m[log

3

446

probablemost10 

(19)

















−−
−−

⋅⋅−⋅ −−−

29.605.306.0
13.0023.0001.0

106.3102.71059.3

]J[Elog
456

limup10

(20)

















−−
−−

⋅⋅−⋅ −−−

25.458.2034.0
3.0062.0034.0

1022.11036.31056.1

]J[Elog
335

probablemost10

(21)

8.1M5.1]m[Vlog

]m[Vlog

w
3

probablemost10

3
limup10

−=

=
(22)

The dependencies calculated with use of formulae (17) and
the matrixes of coefficients are shown in Fig.2, 3, 4 by grey
lines. It is seen, that received relationships are in good
correspondence with upper limits of the points’ clusters.

3.  CONCLUSIONS

On the basis of the Okada solution for a finite
rectangular fault and empirical scaling laws for the
earthquake source, assuming statistically homogeneous
distributions for rake and dip angles, we carried out
Monte-Carlo simulation of vertical co-seismic deformations
in a tsunami source. In each particular case the following
three parameters of tsunami source were computed:
double-amplitude of vertical bottom deformation, displaced
water volume, and potential energy of the initial elevation.

From the Monte-Carlo simulation we calculated
synthetic distributions of tsunami source parameters. The
synthetic distributions were used to determine upper limits
and the most probable values of these parameters. Ultimately,
we obtained polynomial regressions which allow calculating
the tsunami source parameters by depth and moment
magnitude of an earthquake. It is shown that for acceptable
accuracy of calculation of the tsunami source parameters,
such as double amplitude and energy the order of
polynomial must be 3x3 or more, i.e. the number of
coefficients amounts to 9. As for the displaced volume, since
this characteristic doesn’t depend on the earthquake depth,
the order of polynomial can be 1x0, i.e. only 2 coefficients
are required.
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Abstract:  We develop a framework that performs Seismic Response Analysis (SRA) and applies the results to High 
Resolution Tsunami Simulation (HRTS). In order to perform such a simulation, we develop a method to convert data 
stored in the Geographic Information System (GIS) to both the inputs for SRA and HRTS. Outputs of the former 
simulation, in this case, SRA, are reflected to the latter simulation (HRTS) by modifying the city model. Applications are 
shown for the coastal area of Sendai city, Japan. SRA is applied to each structure in the target area, and the city model is 
modified assuming a condition for a structure to collapse. HRTS is performed by applying a parallel three-dimensional 
fluid analysis program. Results of HRTS show that the flow changes with/without the modification of the city model. 

 
 

1.  INTRODUCTION 

 

The 2011 Off the Pacific coast of Tohoku region 

earthquake in Japan caused strong ground motion and large 

tsunamis in a broad area. The response of the society to the 

earthquake had several steps, first recognizing the hazard, 

evacuating from the disaster, and recovery processes. To 

mitigate from such natural disasters, it is needed to take into 

account these several key steps in the event. 

In order to investigate the reaction of society under 

natural disasters, Integrated Natural Disaster Simulation 

(INDS) is studied. INDS is a sequence of large scale 

numerical simulations of hazard simulation, disaster 

simulation, evacuation process, and recovery processes in an 

urban area. INDS uses a series of numerical simulations 

instead of statistical methods using data of past hazards or 

disasters. Here, we use the term integrate as applying the 

results of previous simulations to inputs of latter simulations. 

In this paper, we propose a framework to integrate Seismic 

Response Analysis (SRA) and tsunami simulation. 

Non-linear SRA is used to simulate the response of 

structures. By performing SRA on each structure in the 

target area, we can evaluate the spatial distribution of 

damage and collapse of structures, which is thought to affect 

the flow of tsunami that will hit the area later. In the 

following tsunami simulation, we use High Resolution 

Tsunami Simulation (HRTS), which is a tsunami simulation 

using three dimensional analysis methods to simulate local 

flows around individual structures in the target area. 

In order to do such an integrated simulation, we need 

input city models of a target region for each simulation. City 

models are input data of simulations that reflect the 

properties of the target region; in case of SRA, shapes and 

material properties of each structure is used, while ground 

elevation and external shapes of structures are used for 

HRTS. Depending on the simulation, the city model has 

different contents (structure shape, ground elevation, etc.) 

and formats (raster format, vector format, etc.). Thus, a 

versatile and expandable method to construct city models is 

needed. Also, automatic data conversion is necessary when 

making city models of large target areas. We use data stored 

in the Geographic Information System (GIS) and 

automatically convert them to city models. In this paper, we 

develop a method to automatically convert GIS data to city 

models for both SRA and HRTS. 

We perform a numerical experiment by using the 

automatically constructed city models as an input of SRA 

and HRTS. First, SRA is applied to each structure in the 

target area using an input strong ground motion. The result 

of the SRA is reflected to the city model by deforming 

structures' external shapes. Second, HRTS is performed on 

the modified city model. We compare the differences of the 

results of the tsunami simulation with or without the 

modifications to the city model due to strong ground motion.  

 

 

2.  CITY MODELING METHOD 

 

In order to make a versatile and expandable city 

modeling method, we convert GIS data to a city model via 
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Common Modeling Data (CMD), see Figure 1. CMD is an 

intermediate data in a common data format, see works by 

Hori et. al (2010), Kamito et. al (2011) for details. By using 

CMD, we can reuse conversion modules, making it easy to 

extend the city modeling method to various GIS data and 

city models. Also, the number of conversion modules is 

decreased; for conversion of N GIS data types to M city 

models, N x M modules were needed for direct conversion, 

while only N + M modules are needed when using CMD. 

We convert structures' external shapes stored in 

two-dimensional vector GIS data and elevation data stored 

in Digital Elevation Map (DEM) to CMD. City models for 

SRA and HRTS is converted from CMD. 

Results of previous simulations are reflected to latter 

simulations by modifying the city model accordingly. By 

using CMD, we can easily do this by modifying CMD based 

on the simulation results; see the backward arrow from SRA 

to CMD in Figure 1. We modify the data of the external 

shapes of structures in CMD based on the SRA, and use the 

modified CMD data to construct the city model for the latter 

tsunami simulation. 

 

 

3.  SIMULATION METHODS 

 

3.1  Seismic Response Analysis 

In order to analyze the non-linear deformation of 

structures under strong ground motion, we use the One 

Component Model (OCM) for SRA. OCM is a method that 

models beams, columns, and walls as non-linear line 

members, designed for analyzing RC structures. The model 

is designed based on a large number of experiments. See 

Mostafaei et. al (2007) for details. 

The GIS data provided only includes the external shape 

of structures, thus, we need to guess the material properties 

and detailed configuration of each structure. We use the 

method developed and implemented to Integrated 

Earthquake Simulator (IES), to guess the number, 

distribution, and material properties of structural members 

based on the building design code. See Hori et. al (2008) for 

details. 

 

3.2  High Resolution Tsunami Simulation 

In order to analyze local flows around individual 

structures, destruction of structures and flow of structural 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

debris, we use High Resolution Tsunami Simulation (HRTS), 

which uses three-dimensional fluid-structure interaction 

methods capable of fracture analysis in a resolution of 10
0
m. 

This is different from widely used tsunami simulations used 

to compute the inundation area; these methods uses 

two-dimensional fluid analysis methods based on the 

shallow water theory with resolution up to 10
1
m. In the 

current simulation, we use a three-dimensional fluid analysis 

code using Smoothed Particle Hydrodynamics (SPH). See 

works by Monaghan (1994) for details of SPH. Since 

simulations using three-dimensional discretization methods 

leads to large scale problems, the code is parallelized using a 

distributed memory parallelization method. 

 

 

4.  APPLICATIONS 

 

We perform a numerical experiment using the 

converted city models. The aim of this chapter is to confirm 

that the developed city models are capable to be used for the 

two simulations, and that the results of the first simulation 

(SRA) can be used to modify the input city model for the 

latter simulation (HRTS). We do not focus on the accuracy 

of the simulation results, since results are highly dependent 

on the input ground motion, tsunami wave and the accuracy 

of each simulation methods. 

We set the target area as a part of the coastal area of 

Sendai city; one of the severely hit areas in the former 

tsunami disaster. Figure 2 shows the location of the target 

area. The area is the size of 2.0 x 3.0km, with 1657 

structures. Figure 3 shows the overview and close up view 

of the visualized CMD. CMD consists of ground elevation, 

modeled in resolution of 1m, and external shapes of 

structures in vector format. Data provided by Geospatial 

Information Authority of Japan and NTT Geospace 

Corporation are used as input GIS data. 

Figure 1  City modeling procedure using CMD. 

Figure 2  Location of target area. Arahama, Wakabayashi 

Ward, Sendai City, Miyagi Prefecture, Japan. 

2D vector data 

DEM 

SRA 

HRTS 

GIS data city model 
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4.1  Seismic Response Analysis 

Strong ground motion observed in the 1995 Kobe 

earthquake is used to excite the structures. The length of the 

simulation is 48s. We apply this ground motion as  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

displacement to the base of each structure. Using 48 

processors, the simulation took 210s to perform. 

Figures 4 and 5 shows the snapshots of the simulation 

results in some of the time steps. Colors show the 

displacement magnitude |u| at each time step. From Figure 5, 

we can see that each structure have different response to the 

same input ground motion according to the configuration of 

the structure. Figure 6 shows the maximum drift angle r of 

the structures, where r is defined as 

 

r = max
 
|u| / h. 

 

Here, max
 
|u| is the maximum deformation during the 

simulation and h is the height of the structure.  

To reflect the results of the SRA to latter simulations, 

we assume a criterion for a structure to collapse and deform 

its shape accordingly. For simplicity, we assume that if the 

drift angle r is larger than the threshold r0 = 1/50, structures 

will be collapsed. Structure data of CMD is modified by 

making the height of the collapsed structure 1/4, and  

Figure 3  Visualization of CMD of target area. Data 

provided by Geospatial Information Authority of Japan and 

NTT Geospace Corporation are used as input GIS data. 

Overview. Domain size is 2.0 x 3.0km. 

Figure 4  Snapshots of SRA results. Overview of target 

domain. Colors indicate magnitude of deformation. 

t = 12s 

t = 9s 

Close up view. Ground elevation and external shapes of 

structures are modeled. 
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expanding the structure in the horizontal directions by 1.5 

times. Figure 7 shows the modified city model based on the 

SRA results. We can see that some of the structures along the 

coast have collapsed, and that some of the alleys are 

blocked. 

 

4.2  High Resolution Tsunami Simulation 

We perform two cases of HRTS on the same target 

area; case 1 is with the modification to the city model based 

on SRA, and case 2 is the original city model without the 

modifications. The target area is a part of CMD, with size of 

1000 x 300m. For simplicity, we set a tsunami with 12m in 

height with input velocity of 10m/s in the ocean area, see 

Figure 8. The domain is discretized in resolution of 1m, the 

number of fluid particles used to model the tsunami is 

965,970, and the number of boundary particles used to 

model ground elevation and structures are 838,685 and 

894,109, respectively for the two cases. It took 15.5h for 

simulation of 0.00125s x 40,000 = 50s using 64 processors 

for each of the two cases.  

Figures 9 and 10 shows the snapshots of the results in 

some of the time steps in each case. Colors show the 

velocity magnitude. We can see that the tsunami flows  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

around the structures, flowing through the alleys. Comparing 

these two results, we can see that the modification in the city 

model changes the simulation results.  

 

 

4.  CLOSING REMARKS 

 

In this paper, we developed a framework to integrate 

seismic response analysis and high resolution tsunami 

simulation. The key point to integration of these simulations 

was to make a versatile and expandable city modeling 

method, which can convert city models from data stored in 

GIS to the two simulations. 

Using the developed city model of Sendai City, we 

performed an integrated simulation of SRA and HRTS. By 

assuming a condition for a structure to collapse, we modified 

the city model based on the SRA results for the latter 

tsunami simulation. By performing HRTS on the modified 

and original city model, we saw that the results changes due 

to modifications in the city model due to the previous 

simulation. 

Out future works are to integrate Multi Agent  

Figure 5  Snapshots of SRA results. Close up view of target 

domain. Colors indicate magnitude of deformation. 

t = 9s 

t = 12s Figure 7  Structures with drift angle larger than 1/50 are 

assumed to be collapsed and modified in the city model. 

Transparent shapes indicate original shape, while orange 

indicates modified shape of structures. 

Figure 6  Maximum drift angle of the SRA simulation. 
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Simulation (MAS) to simulate evacuation process in 

between the earthquake and tsunami hazards and to enhance 

the HRTS program for simulation of destruction of buildings 

and flow of structural debris. 
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Figure 8  Target area of HRTS, indicated in a white box. 

Domain size is 1000 x 300m. The input tsunami is located in 

the ocean side of the domain, indicated in blue. 
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Figure 9  Snapshots of HRTS results (case 1, modified city 

model). Colors indicate fluid velocity. 

Figure 10  Snapshots of HRTS results (case 2, original city 

model). Colors indicate fluid velocity. 

Overview of target domain at t = 15s Overview of target domain at t = 15s 

Close up view at t = 15s Close up view at t = 15s 

Close up view at t = 20s Close up view at t = 20s 
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Abstract:  The new well-balanced numerical method for solving the shallow water equations is presented, that is based 
on regularization technique for the shallow water equations. Implementations for tsunami runup problems is 
demonstrated, where a good quality of the numerical solution and it’s convergence to the etalon results with decreasing of 
the computational space step is shown. 

 
 
1.  INTRODUCTION 
 

The investigation of the oceanic tsunami waves is an 
important problem of the computational mathematics as 
shown in the work by Levin and Nosov (2008), where the 
shallow water approximation for the hydrodynamic 
equations is used for a number of particular cases. In the 
work by the authors (Elizarova and Bulatov 2011) a new and 
effective numerical method to solve shallow equations was 
proposed and tested. 

This method is based on a specific form of averaging of 
shallow water equations for a small period of time, that gives 
so called regularized shallow water (RSW) equations. 
Numerical methods of the similar structure were previously 
obtained and used for numerical calculations of a wide range 
of hydrodynamic problems, where they showed its 
effectiveness as shown in the work by Elizarova (2009). The 
numerical algorithm implements a finite volume form and is 
explicit in time that is effective for non-stationary flows and 
is easily adopted for parallel computations. This method was 
naturally generalized for unstructured meshes. 

In this paper the new approach for numerical modeling 
of shallow water equations is presented and developed for 
'wet/dry bottom' boundary conditions. RSW numerical 
method is tested for one-dimensional test problem of 
preservation of still water surface at a surface-piercing hump 
to demonstrate the well-balance property of the RSW 
scheme. We propose a way to set boundary conditions for 
non-stationary 'wet/dry bottom' problems and show their 
implementations for two non-stationary 1D problems of 
tsunami runup on the plain beach and 2D space problem of 
the tsunami runup onto a complex beach.  

Numerical investigations show a good quality of the 
numerical solution and it’s convergence to the etalon results 
with decreasing of the computational space step. 
 
 

2. REGULARIZED SHALLOW WATER (RSW) 
EQUATIONS 
 

Obtaining the RSW equations starts with the plane 2D 
shallow water (SW) equations in the flux form 
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The unknown functions in (1) - (3) are the water level 
h(x,y,t) measured from the known bottom profile b(x,y), and 
velocity components ux(x,y,t) and uy(x,y,t). Here g=9.81m/s2 
is the gravity acceleration, fx, fy are the external force 
components. 

To construct the regularized equations we average Eqs. 
(1) - (3) in a small time interval t. In Eqs. 1-3 we introduce 
the "marked" values for water level h and velocities ui, that 
relate them to intermediate time level t<t*<t+t, so 
h*(x,y,t)=h(x,y,t*), and uj*(xi,t)=uj(xi, t*). This time-change 
is supposed to be small, and if the corresponding derivatives 
are smooth enough, than the "marked" values can be 
estimated with the help of the first term of the Taylor series 
in time as 
 

  t
hhh



 *  , 
t
uuu i

ii 


 *  (4) 
 

where 0<  < t. We suppose that  value is the same 
for all terms and miss the terms of the O(2).  
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RSW equations are: 
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RSW equations can be regarded as the extension of the 
classic SW system. The SW and RSW systems differ in 
terms of O(), and for   0 RSW system reduces to SW 
system. The same convergence can be supposed for the 
smooth solutions of the RSW system. For the RSW system 

the next statement is valid: if the functions ux(x,y), uy(x,y) 
and h(x,y) are the solutions of the stationary SW equations, 
they are also the solutions of the stationary RSW system. 
 
 
3.  NUMERICAL  ALGORITHM FOR 1D FLOWS 
 

For the plane one-dimensional flow RSW equations 
write as 
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Following the numerical method for QGD equations as 

in the work by Elizarova (2009), the numerical algorithm for 
RSW equations (16) - (19) use a finite-volume approach 
with central-difference approximation for all fluxes included 
in the system. Time integration is made in explicit form. 
Unknown variables h(x,t) and u(x,t) are determined in the 
nodes i of a computational grid.  

The values in the half-integer space points are 
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Using half-integer values we calculate the fluxes (18) - (19) 
as 
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where, for space grid with step x 
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 In the same way 
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Figure 1: Undisturbed Still Water Surface after t=200 s 

As the last step we calculate the governing equations in 
the form 
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where k is the index corresponding to time-evolution 

with time step t. All space derivatives are calculated at time 
step k. The flow rate equation (17) is approximated in the 
following way: 
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The stability of the algorithm is provided by the terms 
in , where  is related to the step grid x 
 

   c
x

  , ghc      (23) 
 

where 0<<1 is the numerical factor chosen by the 
accuracy and stability of computations. Mention that  is the 
time needed for a small perturbation to cross the 
computational cell. The stability condition for the RSW 
algorithm has the Courant form, where the time step can be 
estimated as 
 

min)/( cxt    
 

with Courant number 0<<1. It has to be adjusted to 
ensure convergence for the problem under consideration. To 
improve the stability for the supercritical flows c values may 
be replaced by the c+|u|. 
 
3.1 Boundary conditions for wet/dry bottom areas 
 

In the modern numerical approaches for imple- 
mentation of wet/dry bottom conditions a cut-off value of 
the water height  introduced, as in the work by Ricchiuto 
and Bollermann (2009). In RSW algorithm we apply the 
cut-off condition in a from: if h< then u=0 and =0; 
otherwise standard computations continue. A cut-off value  
we relate with a space grid step x as 
 

0xx
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    (24) 
 

where b(x0)=L (L – water level). These boundary 
conditions provide a well-balanced numerical solution of the 
RSW equations that was verified in a number of test cases. 
As an example in the problem of a still water surface at a 
surface-piercing hump is presented in the next section. 
 
3.2 Preservation of Still Water Surface at a 
Surface-piercing Hump 
 

This test is used to verify the well-balance property of 
the numerical scheme with wet/dry bottom areas, and is 
described in works by Liang and Marche (2009) and 
Gallouet, Herard and Seguin (2003). In the 1D 
computational domain L=1m the bed topography define by 
 

})5.0(525.0,0max{)( 2 xxb  (25) 
 
So a surface-piercing hump is located in the center of the 
computational domain as shown in the fig. 1. Free surface 
elevation is given by (x)=max{0.1, b(x)}. All space 
dimensions are in m. The initial conditions provide the water 
inside the domain at rest. Boundary conditions for the left 
and right points of the domain are 
 

0,0 



 Lxx
h

 , 0,0  Lxu  
 
Numerical simulations are run up to for t=200s. In 
computations two uniform space grids x = 0.002m and x 
= 0.001m were used. For both cases we choose  = 0.5,  = 
0.5 and =0.01. It should be noted here that with such 
parameters condition (24) is met. Also for all points that 
belong to the water domain the hydrostatic balance condition 
hi + bi = 0.1 is also met.  

For both space grids water level stays at rest with the 
accuracy of the computational solution ~ 10-6. Thus RSW 
numerical algorithm is a well-balanced scheme. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3.3 Runup on a Plane Beach. Comparison of Numerical 
and Analytical Solutions 
 

This test was studied in the work by Marche (2005). 
Analytical solution for plane beach was obtained in the work 
by Carrier and Greenspan (1958) and was called Carrier and 
Greenspan periodic wave solution. Analytical solution for 
parabolic bed profile can be found in the work by author 
(Thacker 1981). This test problem is frequently used for 
checking the ability of the algorithm to deal with run-up and 
run-down phenomenon. In particular this test helps to decide  
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what sort of border condition should be set for "moving 
shoreline". For analytical solution it is convenient to use 
non-dimensional variables 
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Solution is written in the implicit form 
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here J1 and J0 stand for the Bessel functions of zero and first 
order. The expression is valid for 0A1. We take 
dimensionless amplitude A=0.6, a length scale L=20m and 
beach slope tg=1/30. In numerical computations we choose  
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
the same parameters, as for analytical solution in the work 
by Marche (2005). Computations are held in the space 
domain [-100,10]. (All dimensions are in m.) Initial free 
surface elevation at t=0 was obtained from analytical 
solution by setting constant t=0. Left boundary conditions 
for  and u are also obtained from analytical solution if we 
set constant x=-100m. 

Numerical computations were held for three uniform 
space grids x = 0.1m, 0.05m and 0.025m. For all space 
grids we set =0.2 and =0.1. In this test we change  in 
accordance with x so above-mentioned condition (24) is 
fulfilled. Respectively for different x we choose different 
values of =x tg. Here tg=1/30 defines beach slope. 
Thereby we get accordingly =1/300m, =1/600m and 
=1/1200m. 

In the fig. 2 the movement of the shoreline is shown for 
three time periods 3T. Expression for time period is derived 
from analytical solution.  
 

)/(  tggLT   

Figure 2: Shoreline Movement for Different Space Grids 
∆x = 0.1m, ∆x = 0.05m, ∆x = 0.025m 

Figure 3: Shoreline Movement for Different Space Grids  
∆x = 0.1m, ∆x = 0.05m, ∆x = 0.025m (Time Interval [18,32])

Figure 4: Velocity Profile at t=5s for Various  
Space Grids ∆x = 0.1m, ∆x = 0.05m, ∆x =0.025m 

Figure 5: Velocity Profile at t=5s in the Space  
Domain [-3,3] with Same Space Grids 
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In fig. 2,3 the analytical solution is marked by solid line, for 
numerical results we use three kind of dashed line. In the 
figures x marked as hx. 

In the fig. 2 difference between the three numerical 
solutions is only noticeable near peaks, and is seen in the 
fragment for time domain [18,32]. (fig. 3) It is clearly seen 
that numerical results converge to analytical solution with 
decreasing of grid size. 

Velocity profile at t=5s is shown in fig. 4,5. Here we 
also compare analytical solution and numerical results for 
x=0.1m, 0.05m, 0.025m. In the fig. 5 the fragment of the 
velocity profile is shown for space domain [-3,3]. This 
domain is located near shoreline, so we can see the velocity 
leap.  

We should note two remarks. Firstly, we don't know the 
exact position of the shoreline due to cut-off condition. 
That's why numerical results are shifted to the left. Secondly, 
the leap of the velocity in numerical computations is 

smoothed, and near the shoreline velocity profile tries to 
reach the dry bottom's value u=0.  

By decreasing the spatial grid we improve numerical 
results, as shown in fig. 5. So a convergence of the 
numerical solution by spatial grid size is shown. As a result, 
we can say that by introducing cut-off value for height and 
additional condition for  we can get numerical results that 
closely agree with analytical solution. 
 
3.4 Tsunami Runup onto a Plane Beach 
 

This problem was presented as a test case in "The third 
international workshop on long-wave runup models" 
(Benchmark Problem N1). Problem definition and analytical 
results can be found here: http://isec.nacse.org/workshop/ 
2004_cornell/bmark1/html 

At t = 0 fluid in the computational domain is at rest. 
Initial free surface elevation is shown in the fig. 6. Analytical 
results are presented for  and u at specific moments of time 
T1=160s, T2=175s, T3=220s. Shoreline movements 
presented for time domain [0,355s].  

Numerical computations were held for three space grids 
x=5m, 2m and 1m. We choose =0.4 as an optimal 
parameter for this problem. Also for all simulations 
parameter =0.5 remains constant. In this test we also 
change  in accordance with x (24) as it was made in the 
previous test. Here tg=0.1 defines beach slope. 

In Fig. 7 the time evaluation of the moving shoreline is 
plotted in comparison with reference data. Group of figures 
(fig. 10, 11, 12) present comparing the reference and 
numerical results of free surface elevation at t=160s, 175s 
and 220s. In each figure numerical results are shown for 
three space grids. 

All figures show a good similarity of the numerical and 
reference results. It is seen that increasing the space 
resolution makes the computational results closer to the 
reference free surface elevation and shoreline. 
 
 
4.  2D COMPUTATIONAL  ALGORITHM 
 

The numerical algorithm for 2D non-stationary flow 
problems with wet/dry bottom conditions is constructed 
based on the same approach as for the 1D algorithm above. 
It consists of a finite-volume method for system (5) - (8) 
with central-difference approximation of all spatial 
derivatives. 

The finite-difference algorithm for (5) - (8) writes 
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Figure 6: Initial Free Surface Elevation and Domain Set-up

Figure 7: Shoreline Movements for Tsunami Runup with 
Different Space Grids ∆x = 1m, ∆x = 5m 
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The proposed approximation provides the fulfillment of 
hydrostatic balance for the RSW numerical algorithm, that 
writes in the form: if fx=fy=0, ux=uy=0, than 
h(x,y)+b(x,y)=const.  

In two-dimensional case the cut-off parameter  we 
write on the form 
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where b(x0, y0)=L (L – water level). We can suggest 
different ways for finite-difference approximation of this 
expression, but in practical computations a good strategy is 
to calculate it as  
 

1,1,,1,1,   jijijijiji bbbb  
 

},,,,max{3 1,11,11,,1,, jijijijijiji    
 
Here (i,j) represent nodes of the rectangular mesh. 
 
4.1 Tsunami Runup onto a Complex Three-dimensional 
Beach 
 

This test was also proposed in "The third international 
workshop on long-wave runup models" (Benchmark 
Problem N2). Here we simulated laboratory experiment. 
Problem definition and experimental results were taken 
from: 
http://isec.nacse.org/workshop/2004_cornell/bmark1/html 

In this test space domain has the length 5.448m and the 
width 3.402m. All sides of the domain except left border are 
solid walls. Input wave (fig. 9) comes through the left side.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Barometry data for bed profile b(x,y) are shown in the fig. 8. 
Barometry data, known from the experiment, are given in a 
space grid with the cell size equal to 0.014m, and this value 
is taken as the computational space step x=y. Numerical 
parameters in RSW algorithm are =0.1 and =0.1. 
Simulation is run up to t=22s.  

Fig. 13 shows the initial distribution for water level 
variable h(x,y). Here white areas indicate the dry bottom 
(where h(x,y)=0). Distribution for h(x,y) at t=20s is shown in 
the right fig. 14. 

Fig. 15, 16, 17 present the time-evolution of the free 
surface elevation in various points (Gauge 5: (x,y) = 
(4.521,1.196); Gauge 7: (x,y) = (4.521,1.696); Gauge 9: 
(x,y) = (4.521,2.196)) measured in the experiment and 
compared with numerical results. Agreement of the 
numerical and experimental time-distributions is clearly 
seen. 
 
 

Figure 8: Barometry Data 

Figure 9: Input Wave 
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3.  CONCLUSIONS 
 

In this paper a new numerical method to solve shallow 
water equations is described. Proposed numerical method is 
based on the regularization of shallow water (RSW) system. 
Here the RSW method is fulfilled by the wet/dry bottom 
boundary conditions. Wet/dry bottom conditions are written 
in a way that allowed us to extend them easily for 
two-dimensional problems. 

The RSW numerical method is tested for 
one-dimensional test problem of preservation of still water 
surface at a surface-piercing bump to demonstrate the 
well-balance property of the scheme. The numerical 
simulations of two nonstationary problems of tsunami runup 
on the plain beach show a good quality of the numerical 
solution and it’s convergence to the etalon results with 
decreasing the computational space step. 

The RSW method and boundary conditions are 
implemented for two-dimensional space problem of the 
tsunami runup onto a complex beach. It is calculated 
according with the data obtained in the laboratory 
experiment. Excellent concordance with the laboratory data 
were seen even for the time-evolution of the water level. The 
obtained numerical results show the advantages and 
perspectives of the proposed numerical RSW scheme. 
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Figure 10: Analytical and Numerical Results of Free Surface 
Elevation at t=160s for Space Grids ∆x = 5m, 2m and 1m

Figure 11: Analytical and Numerical Results of Free Surface 
Elevation at t=175s for Space Grids ∆x = 5m, 2m and 1m

Figure 12: Analytical and Numerical Results of Free Surface 
Elevation at t=220s for Space Grids ∆x = 5m, 2m and 1m
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Figure 13: Distribution of Variable h at t=0s Figure 14: Distribution of Variable h at t=20s 

Figure 15: Time Histories of Free Surface Elevation  
at Gauge 5; (x,y) = (4.521,1.196) 

Figure 16: Time Histories of Free Surface Elevation  
at Gauge 7; (x,y) = (4.521,1.696) 

Figure 17: Time Histories of Free Surface Elevation  
at Gauge 9; (x,y) = (4.521,2.196) 
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Abstract:  The authors visually inspected the building damage caused by the 2011 Tohoku earthquake tsunami, using 
the pre and post-event aerial photos in Miyagi prefecture, Japan. First, we prepared the mosaic of post-tsunami aerial 
photos acquired by Geospatial Information Authority of Japan (GSI). Then, we conducted the visual inspection of 
buildings damage (washed-away and surviving). Finally, the damage classification results are compiled with building 
shape files on GIS for mapping the structural vulnerability in the tsunami inundation zone. Furthermore, the results are 
compared with the number of fatalities to evaluate the surviving possibility over the number of devastated buildings. 
Through mapping the building damage, we also discussed the tsunami damage reduction performance of existed 
infrastructures, large scale buildings with regard to bathymetry and topography conditions. 

 
 
1.  INTRODUCTION 
 

On March 11, 2011, a megathrust earthquake of M9.0 
was occurred off the northern Pacific coast of Japan, so 
called Tohoku region (USGS, 2011). The tsunami generated 
by this earthquake caused catastrophic damage to the coastal 
area in Tohoku, with the maximum run-up height reached 40 
m in Miyako city, Iwate Prefecture (TTJT, 2011). As of 10 
September, 2011, 15,781 people were reported as killed and 
4,086 are still missing (National Police Agency, 2011). The 
tsunami caused severe damage on many buildings, forests 
and infrastructures, and eroded the coastline. Consequently, 
this event became the most devastating disaster in recorded 
history in Japan. Because of the extremely wide extent of 
tsunami affected area and its impact, any activities to 
comprehend the impact of this disaster experienced the 
difficulty. Furthermore, the radiation caused by the accident 
of Fukushima Daiichi nuclear power plant has made it 
difficult to identify the impact in Fukushima Prefecture.  

For disaster response and relief activities, the actual 
devastated extent should be indicated as soon as possible. In 
addition, the recovery and reconstruction activities require to 
determine the structural vulnerabilities in the affected area. 
To meet this requirement, it is very effective to use remote 
sensing technology such as image processing or visual 
inspection of high-resolution satellite images and aerial 
photos. Fortunately, Geospatial Information Authority of 
Japan (GSI) captured aerial photos along the coastal zone of 
Aomori, Iwate, Miyagi, Fukushima, and Ibaraki Prefectures 
(GSI, 2011). The aerial photos were captured in early times 
after the earthquake, which include significant information 
to comprehend the impact of this event.  

The primary objective of this research is inspecting  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

building damage to identify the extent of affected area and 
the structural vulnerabilities. In this research, we focus on 
the coastal districts in Miyagi Prefecture, Japan, shown in 
Figure 1 and conduct a visual inspection of aerial photos  

Figure 1  Study area and the map of coastal municipalities 
in Miyagi prefecture. Note that Miyagino, Wakabayashi and 

Taihaku are the wards of Sendai city. 
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acquired by GSI for mapping the local vulnerability with 
particular regard to structural damage. Furthermore, a 
proportion of the devastated buildings in inundation zone is 
estimated in each city/town and compared with the reported 
number of fatalities to discuss the local vulnerabilities in the 
tsunami affected area.  
 
 
2.  Methodology 

To inspect the damage, many of the group conducted 
the field survey (TTJT, 2011; Mori et al., 2012; Suppasuri et 
al., 2012a; Suppasuri et al., 2012b). In this study, we use the 
aerial photos acquired on March 12, 13, 19 and April 1, 5 in 
2011 to classify the damage into two classes, such as 
washed-away and surviving. During the comparison of pre 
and post-event aerial photos, to classify the damage, we 
focused on the existence of roofs for each building. Once the 
roof is interpreted as missing, then that building/house is 
classified as "Washed away", otherwise as "Surviving". To 
prepare a set of post-event aerial photos, we downloaded the 
ortho photos (from GIS web site) with 80 cm/pixel 
resolution and combined to create mosaic images on GIS. 
Then, the electronic map of buildings (ZENRIN, 2011) and  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

the aerial photos are integrated into the same coordinate 
system on GIS. Finally, we perform visual inspection of 
building damage one by one as shown in Figure 2 for all the 
buildings in Miyagi Prefecture.  
     After the visual inspection of the aerial photos, the 
buildings in the tsunami inundation zone were extracted to 
be mapped on GIS. For exposed building extraction, we 
used the inundation line data (PASCO, 2011), as shown in 
Figure 3, which was obtained through the integrated 
approach of remote sensing data analysis using optical and 
SAR satellite images and aerial photos. But note that the 
tsunami inundation extent data in Kesennuma in the 
northern Miyagi is partially missing. 

 
 
3  Result and Discussions 
3.1 Results of mapping building damage 
     Through the visual damage inspection of aerial photos, 
the spatial distribution of building damage revealed that 
162,015 buildings have been exposed against the 2011 
tsunami in Miyagi Prefecture, and consequently, the number 
of devastated buildings classified as "Washed-away" has 
been found as 51,073, which reaches 31.5% of the exposed 
structures. The whole extent of devastated buildings in 
inundation zone is indicated in Figure 4. In this result, note 
that, there are many non-functioning buildings with roof 
which can not be identified from aerial photo interpretation 
and the actual devastated extent is speculated larger than this 
estimation (as of 6 January, 2012, the National Police 
Agency reported 82754 as the number of devastated 
buildings). In Figure 5, it can be roughly implied that 
devastated buildings are concentrated in the northern part of 
Miyagi Prefecture (Sanriku region) which has many v-shape  

Figure 2  Example of damage classification on buildings 
with two classes, “Surviving” or “Washed away”. Left: A 

dataset of aerial photos and building data, Right: 
Classification result by visual inspection of aerial photos. 

Figure 3  The tsunami inundation extent in Miyagi 
Prefecture. 

Figure 4  The distribution of building damage in coastal 
municipalities of Miyagi Prefecture. 
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bays that caused significant tsunami energy convergence and 
amplification. The structural vulnerability against tsunami is 
varied by its various kinds of local conditions. The 
difference of vulnerability in each region should be 
evaluated and compared. Hence, in this paper, the 
vulnerability in a local scale against tsunami is discussed by 
estimating the proportion of devastated buildings in 
inundation zone. In order to identify the structural 
vulnerability against the tsunami in a local scale, the 
proportions of exposed buildings and devastated ones in 
each municipality in Miyagi Prefecture were estimated 
through the calculation of damage probability 𝑃!  (%) 
defined as below.  
 
 
 

 ・・・(1) 
The estimated 𝑃!(%) is shown in Table 1 and it is indicated 
that the 𝑃! (%) varies widely with respect to each 
municipality. In Onagawa town, the 𝑃! (%) reaches almost 
80 % instead of relatively smaller proportion of Shiogama 
city, Matsushima town, Rifu town, and Tagajo city. The 
reason which generates these dispersion should be discussed  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
by comparing the spatial distribution of building damages. 
     To evaluate the relationship between the number of 
devastated buildings and the fatality, in other words, to 
evaluate surviving possibility by taking a ratio of the number 
of fatality over the number of devastated buildings, "𝐹! " is 
defined preliminarily in this paper as below.  
 
                          (2) 
 
To calculate 𝐹! , we used the data of the number of fatality 
including missing, reported by the Statistics Bureau (The 
Statistics Bureau, 2011). In Table 1, it is revealed that the 
𝐹!  varies from 0.1 to 0.35 in most of the municipalities. The 
𝑃! (%) and 𝐹!  are compared with each other in Figure 5 
and these values seem to be of a little relevance to the 𝑃! 
(%). For instance, in Minamisanriku town, even if the 𝑃! is 
higher than other municipalities, the 𝐹!  is not so high 
compared to other municipalities. In contrast, the 𝐹!  of 
Tagajo city and Rifu town are higher regardless of the lower 
values of 𝑃! (%). As the factor to generate these gaps, 
various kinds of conditions should have affected, such as the 
location of evacuation shelter, evacuation activities and 
information dissemination, and further discussions are 
required in this point. Note that 𝐹!  in Rifu town(5.8) is 
inappropriate to discuss because most of the fatality in Rifu 
were found out of the town.  
     In Figure 6, the relationship between devastated 
buildings those are washed away and the fatality in the 2011 
Tohoku earthquake tsunami are compared with the previous 
events, the 1896 Meiji sanriku earthquake tsunami and the 
1933 Shouwa sanriku earthquake tsunami (Shuto, 1987). 
Both events were occurred in sanriku region of Tohoku 
district, and the fatalities in Meiji sanriku earthquake 
tsunami were 22,000 and those of Shouwa sanriku 
earthquake tsunami were 3,064. These events also caused 
the catastrophic damage to Tohoku region. By fitting the 
approximate curve in Figure 6, it can be estimated that, for 

Table 1  Probability (Proportion) of devastated buildings in 
the tsunami inundation zone and fatalities in each coastal 
municipality. The number of fatality is based on the report of 
the Statistics Bureau (as of 24 October, 2011) 

Figure 5  Comparison of the proportion of structural 
damage 𝑷𝑫 (%) an the proportion of fatality and structural 
damage 𝑭𝑷

⬚
. 

Figure 6  The relationship between devastated buildings 
and the fatality in the 2011 Tohoku earthquake tsunami and 
previous events in Tohoku region. 
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each devastated building, 4.2 people were killed in the Meiji 
sanriku earthquake tsunami, and 1.03 people were killed in 
the Shouwa sanriku earthquake tsunami, and 0.25 people 
were killed in the 2011 Tohoku earthquake tsunami. 
According to the Shuto (1987), various kind of factors 
increases the number of fatality, for instance, the Meiji event 
was tsunami earthquake and most of residents did not expect 
the tsunami arrival. Furthermore, the date was the Boy’s 
Festival of Japanese custom and most of residents stayed in 
their house at the night tsunami arrived. In Shouwa event, 
Shuto (1987) analyzed the reason of the small value of death 
as the incorrect knowledge of residents for the tsunami and 
habituation for the alarm even if only 37 yeas later from the 
Meiji event. For instance of incorrect lore, large tsunami 
occurs when the ground shaking is weak, in contrast, 
tsunami does not occur when the ground shaking is strong. 
As the example of habituation of alarm, in one area, it was 
delivered one year before from the tsunami arrival that 
tsunami would come, and most of the residents did not 
believe the information of the actual tsunami arrival. 
Contrary to these two events, in the 2011 Tohoku 
earthquake tsunami, the death ratio was quite small 
compared with those two events. It proves that the 
evacuation of residents was successfully performed. Several 
kind of factors can be considered as the decrement of the 
death ratio in the 2011 event as below. 
・ The earthquake generation during daylight. 
・ The occurrence of the large earthquake(M7.2) two 

days before in Sanriku rigion. 
・ The development of the system of earthquake 

warnings. 
・ The edification of earthquake tsunami. 

However, in some regions there was remained enough time  
for evacuation, about 30 minutes from the earthquake, there 
are still problems to lead the efficient evacuation for the 
future.  
 
3.2  Discussion of vulnerability 

In some areas, by comparing the spatial distribution of 
structural damages with 𝑃! (%) and "𝐹! ", the vulnerability 
in a local scale is discussed. As the examples, three regions, 
Sanriku region, Matsushima bay and Ishinomaki-city are 
selected. For the discussion, the run-up and inundation 
heights measured by the 2011 Tohoku Earthquake Tsunami 
Joint Survey Group (TTJT., 2011) are used as shown in 
Figure 7, 8 and 9. 
 
3.2.1  Sanriku coast 
        Sanriku coast along the northern coast of Miyagi 
Prefecture has irregular coast line that has potentially caused 
significant tsunami energy convergence and amplification, 
such as Kesennuma, Minamisanriku, north of Ishinomaki, 
and Onagawa. On these coasts, the 2011 tsunami caused 
devastated damage which 𝑃! reaches 70 to 80 % and are 
higher than other regions. In Figure 7, it is evident that most 
of the buildings in inundation zone were washed-away, and 
only large scale structures have been surviving. Contrary to 
the high proportion of devastated buildings, the proportion  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
of fatality to the number of devastated buildings 𝐹!  is 0.17 
in Kesennuma and Minamisanriku while 0.28 in Onagawa. 
There are also a lot of hills to escape in Onagawa, and the 
maximum inundation height was almost same as 
Minamisanriku town. Further discussion is required in this 
point. 
 
3.2.2  Matstushima bay 

Matsushima bay area is well-known for tourist area 
with scenic view and heritage. Matsushima bay has 
shallower and narrower bay entrance and it could mitigate 
tsunami impact as shown in Figure 8. 𝑃! in Matsushima 
and Shiogama were found as 2.0 % and 4.1 % respectively, 
and there seem to be relatively slight damage though these 
towns were facing the tsunami source area. In particular, in 
the neighbor districts located outside the Matsushima 
bay,𝑃! in Shichigahama (Figure 8 (B)) is 34.4 %. The 
measured tsunami height (TTJT., 2011) between Figure 8 
(A) and Figure 8 (B), the tsunami height decreased inside 
the bay. 
 
3.2.3 Ishinomaki 

Ishinomaki is a city located from northern Miyagi 
(Sanriku region) to Sendai bay area with long coast line 
(Figure 1). Northern part consisted of many small fishing 
ports and communities along irregular coast line that were 
totally devastated, while southern part had large fishing and 
industrial port with densely populated area that has been  
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Figure 7  Spatial distribution of building damage in 
Sanriku region (Minamisanriku).The survey result by the 
2011 Tohoku Earthquake Tsunami Joint Survey Group 
(TTJT, 2011) were plotted on the map (tsunami heights in 
meters). 

- 2028 -



 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

developed on Ishinomaki plain. In Ishinomaki plain area, we 
can see the tsunami energy reduction effect of coastal forest, 
breakwater and the lagoon surrounded by mountains as 
shown in Figure 9. 
     In the coastal area protected by breakwater and coastal 
forest, the proportion of devastated buildings are clearly 
reduced compared with the non-protected coasts. Also inside 
the lagoon, called Mangoku-ura, we can obviously see that 
the tsunami energy reduction. The coastal community in 
Mangoku-ura could avoid the direct hit of tsunami by the 
small entrance of the inlet to the lagoon and surrounding 
mountains. The proportion of the devastated buildings in 
Ishinomaki is limited into approximately 20 % which is 
relatively lower value comparing with other districts. 
Furthermore, in order to evaluate the reducing impact of 
breakwater, we tried to examine the proportion of devastated 
buildings in non-protected coasts and protected coasts by 
breakwater. The sampling area is indicated in Figure 9 as 
areas A and B. The topography conditions in both areas of A 
and B are similar. In the area A, the number of surviving 
buildings was 278 and washed-away was 2125. As a result, 
the proportion of devastated buildings was 88.4 %. In 
contrast, in the area B, the number of surviving buildings 
was 939 while devastated buildings was 402, as a result, the 
proportion of devastated buildings was 42.8 %.  Tsunami 
heights measured by TTJT in the area A were higher than 
the area B, and it also indicates the reducing energy of 
tsunami by breakwater. In terms of the 𝐹! , the value is 0.31 
and relatively higher than other districts. This fact might 
imply the difficulty of tsunami evacuation in this low-land 
plain area because there are few of high elevation zone to 
escape and there are difficulties to reach in the limited 
amount of time. 
 
 
4.  SUMMARY 

In this paper, the authors visually inspected the 
damage of over 160,000 buildings in the 2011 tsunami  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

affected area, using the aerial photos. As the result, we made 
building damage map in Miyagi Prefecture, which shows the 
spatial distribution of devastated or surviving buildings. In 
addition to the mapping of building damage and discussion 
of local tsunami vulnerabilities, we found that tsunami 
reduction effect of coastal forests, coastal structures and 
topography conditions with particular regard to the 
relationship between the number of building damage and a 
fatality reported in each district in Miyagi Prefecture. There 
are other ways to use these "Building damage map. For 
instance, comparing with the topography data, we can 
determine the tsunami-vulnerable area, which is discussed 
with regard to land elevation, land use, and the distance from 
the coast.  For the above purposes, we made the result of 
the damage inspection of the buildings as "Building damage 
map" to be used in tsunami risk evaluation and recovery and 
reconstruction planning. 

Furthermore, the death ratio for each devastated 
building was compared with that of previous events and it 
was revealed that, the death ratio was kept in a low value 
compared with the previous events. However, further 
discussion is required about what increased and decreased 
the death ratio. 
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Figure 8  Spatial distribution of building damage in 
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Abstract:  The March 11, 2011 giant earthquake with the magnitude 9.0 off the Pacific Coast of Tohoku tsunami caused 
serious damage to many buildings, bridges and lifelines and killed many people in Miyagi and Iwate prefectures such as 
Onagawa, Rikuzentakata, Kesennuma and Minamisanriku towns, Tohoku, Japan. From this event, the digital videos on 
the damage of structures and the tsunami flows were recorded and uploaded to open web sites. The tsunami flow velocity 
on land is estimated by using image processing of videos and estimating the dimension of the moving and reference 
objects. The analyzed tsunami flow velocities range about 2.9 - 4.9 m/s in Kamaishi town, 2.1 - 2.8 m/s in Ofunato town 
and 2.6 - 5.4 m/s in Kesennuma town. Finally, the analyzed tsunami flow velocities are used to validate the tsunami 
velocity from the tsunami inundation simulation for this event. The tsunami flow velocities from the simulation results 
have the similar trend with the tsunami flow velocities by image processing of videos; however, most of them are less 
than the results by image processing of videos. 

 
 
1.  INTRODUCTION 
 

On March 11, 2011 at 05:46 UTC (02:46 p.m. local 
time), the earthquake with the magnitude 9.0 off the Pacific 
Coast of Tohoku generated the giant tsunami that caused 
serious damage to many construction buildings, bridges and 
lifelines and killed many people in Miyagi, Iwate and 
Fukushima prefectures such as Onagawa, Rikuzentakata, 
Kesennuma and Minamisanriku towns, Tohoku, Japan (JMA 
2011). From this event, the digital videos on the damage of 
structures and the tsunami flows were recorded and 
uploaded to open web sites. To analyze the building damage 
due to the tsunami, the tsunami flow velocity is needed to 
estimate the hydrodynamic force acting on the buildings 
with the tsunami inundation height (CCH 2000, FEMA55 
2000, Yeh 2007, Lukkunaprasit et al. 2009). 

Many researches proposed the way to estimate the 
tsunami inundation flow velocity. Fritz et al. (2006) analyzed 
the tsunami flow velocities from the 2004 Indian Ocean 
tsunami by using recorded videos by the survivors in Banda 
Aceh, Indonesia. The particle image velocimetry analysis 
was applied to rectify the video images. The tsunami flow 
velocities in Banda Aceh were about 2 - 5 m/s. Matsutomi et 
al. (2006) reported the results of field surveys in Southern 
Thailand and Northern Sumatra from the 2004 tsunami. The 
approximated tsunami flow velocities were about 3 - 4 m/s 
in Patong beach area, Thailand, 6 - 8 m/s in Khao Lak area, 
Thailand and 5 - 16 m/s in Northern Sumatra, Indonesia. 
Matsutomi and Okamoto (2010) proposed the relationship of 

the inundation flow velocity and inundation depth. The 
inundation flow velocity was estimated by using Bernoulli’s 
theorem and the inundation depth, and examined with the 
experiments.  

In this research, the tsunami flow velocities on land are 
analyzed by using image processing of recorded videos and 
estimating the dimension of the moving objects and 
reference distances. The analyzed tsunami flow velocities 
are used to validate the tsunami velocities from the tsunami 
inundation simulation for this event in Kamaishi town, 
Ofunato town and Kesennuma town. 

 
2.  TSUNAMI FLOW VELOCITY FROM VIDEOS 
 
2.1  Location of Recorded Videos 

The videos were recorded with handheld amateur video 
cameras by survivors. Among 7 recorded videos, 3 datasets 
were recorded in Kamaishi town, 3 datasets in Kesennuma 
town and 1 dataset in Ofunato town, 13 points are 
considered as shown in Table 1. The locations are shown in 
Figure 1 to Figure 3 for Kamaishi town, Ofunato town and, 
Kesennuma town respectively. The recorded videos 
locations are specified by comparing the building landmarks 
in the videos with the Google Street View. The criteria for 
selecting video frames are that 1) the location of the 
considered objects should be perpendicular with the video 
camera angle, 2) the moving object should be parallel to the 
reference distance, 3) the moving object should flow with 
the same speed as the tsunami. 
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2.2  Estimation of Tsunami Flow Velocity 

The examples of the moving object and the reference 
distance are shown in Figure 4 to Figure 6. Figure 4 shows 
the moving object, the wave front, and the reference distance, 
car parking channel, of the point No. 3 in Kamaishi town. 
Figure 5 shows the moving car and the reference distance 
between 2 poles of the point No. 7 in Ofunato town. Figure 6 
shows the moving car and the reference distance on the 
building of the point No. 10 in Kesennuma town. The 
reference distance is estimated by the size of the car and 
drain cover. For the point No. 3, the width of the car parking 
channel is general size that can be measured from other 
places. For the point No. 7, the distance between 2 poles can 
be estimated by the size of the moving car. As shown in 
Figure 7, the width of the building for the point No. 10 can 
be estimated by using the photo from the Google Street 
View. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4  Frame of the Point No. 3 in Kamaishi Town 

Distance 

Wave Front 

Figure 5  Frame of the Point No. 7 in Ofunato Town 

Distance 

Moving Car

Table 1  The Locations and the Tsunami Flow Velocities 

Distance Velocity
Latitude Longitude Moving Reference (m) (m/s)

1 Kamaishi, Iwate - - White car Building 29 4.38 4.53
2 Kamaishi, Iwate 39.274539 141.888764 3 cars Building 38 5.30 4.18
3 Kamaishi,Iwate 39.274978 141.888181 Front wave Parking Channel 24 2.30 2.88
4 Kamaishi,Iwate 39.274864 141.888247 Wood debris ATM building 18 2.50 4.17
5 Kamaishi,Iwate 39.275119 141.889608 Black debris Side of building 108 17.46 4.85
6 Ofunato 39.056317 141.722931 White container House 90 8.26 2.75
7 Ofunato 39.056278 141.722981 White car 2 poles 46 3.16 2.06
8 Kesennuma, Miyagi 38.898933 141.578222 White truck Building 37 6.64 5.38
9 Kesennuma, Miyagi 38.898933 141.578222 White car Building Roof 49 5.96 3.65

10 Kesennuma, Miyagi 38.898756 141.578153 White car House 40 6.50 4.88
11 Kesennuma, Miyagi 38.898933 141.578222 White debris Building 44 6.64 4.52
12 Kesennuma,Miyagi 38.907539 141.580011 Debris One span of Building 57 5.00 2.63
13 Kesennuma, Miyagi 38.898933 141.578222 White bag Building 42 6.64 4.74

The Number 
of Frames

No.
Coordinates

Location
Object

Figure 2  Points Location in Ofunato Town 

Point 6 

Point 7 

Figure 3  Points Location in Kesennuma Town 

Point 12 

Point 8, 9, 11 

Point 10 

Figure 1  Points Location in Kamaishi Town 

Point 2 

Point 3 

Point 4 

Point 5 
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The width of the building (L2) is 13 times of the drain cover 
size (L1). The number of frames and the lengths of the 
reference distance of each point are shown in Table 1. The 
frame rate of all videos is 30 frames per second. Therefore, 
the tsunami flow velocity can be computed by Eq. (1). The 
tsunami flow velocities from the video analysis of all points 
are also shown in Table 1. The tsunami flow velocities are 
ranging about 2.9 - 4.9 m/s, 2.1 - 2.8 m/s and 2.6 - 5.4 m/s in 
Kamaishi town, Ofunato town and Kesennuma town, 
respectively. 

 
(1)  

 
 
 
3.  TSUNAMI FLOW VELOCITY FROM 
TSUNAMI SIMULATION 
 
3.1  Computation Boundary and Calculation of the 
Tsunami Simulation 

The tsunami flow is computed by using TUNAMI 
model (Tohoku University’s Numerical Analysis Model for 
Investigation of Tsunami). The governing equations of the 
non-linear shallow water theory as shown in Eq. (2)-(4) are 
discretized using the finite difference method with a 
staggered leap-frog scheme (DCRC, 2009).  

 
 

(2) 

 
 

(3) 
 

 
 

(4) 
 
 
 
where D is the total water depth (η+h), η  is the tsunami 
wave height, h is the water depth, g is the gravitational 
acceleration, M is the discharge flux of x-direction and N is 
the discharge flux of y-direction.  

In this research, 3 areas are considered in Kamaishi area, 
Ofunato area and Kesennuma area. Six computational 
nested-grid regions are used in the nested grid system. 
Region 1, region 2 and region 3 are the same for all 3 areas. 
Region 4, region 5 and region 6 are generated for each area 
separately. Region 1 and region 2 are generated by using 
GEBCO 30-arcsecond-grid data for both topography and 
bathymetry with a grid size of 1,350 m and 450 m, 
respectively. Region 3 is generated by using GEBCO 
30-arcsecond-grid data for topography and JHA data for 
bathymetry with a grid size of 150 m. Region 4, region 5 and 
region 6 are generated by using GSI data for topography and 
JHA data for bathymetry with grid sizes of 50 m, 50/3 m and 
50/9 m, respectively. The computational boundary of region 
1, region 2 and region 3 are shown in Figure 8. Figure 9, 
Figure 10 and Figure 11 show the computational boundary 
of region 4 to region 6 for Kamishi area, Ofunato area and 
Kesennuma area, respectively. The time step of the 
computation is 0.1 second for all areas, and the tsunami 
inundation and propagation on dry land is considered in all 
regions.  
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Moving Car 

Figure 6  Frame of the Point No. 10 in Kesennuma Town 

Figure 7  The Estimation of the Building Width of the Point 
No. 10 from the Google Street View 
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3.2  Tsunami Source Model 

The tsunami fault model proposed by Imamura et al. 
(2011) is used to simulate the 2011 tsunami that is consisted 
of 10 faults as shown in Figure 12. The fault parameters are 
shown in Table 2. For all fault segments, the length and the 
width are 100 km, the strike angle is 193.0 degree, the dip 
angle is 14 degree and the rake angle is 81 degree.   

 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
3.3  Validation of Tsunami Simulation  

The tsunami simulation results are validated with 
observed data which are tidal data, tsunami inundation 
heights and inundation area. The data from 3 coastal wave 
gauge stations along the shore line of Iwate, which are 
Iwate-Chubu-Oki coastal wave gauge, Iwate-Nanbu-Oki 
coastal wave gauge and Miyagi-Hokubu-Oki coastal wave 
gauge (PARI 2011), are used to compare with the tsunami 
simulation. The comparison of the tide gauge data and the 
tsunami simulation results are shown in Figure 13. 
Iwate-Chubu-Oki and Miyagi-Hokubu-Oki coastal wave 
gauge records are compared with the tsunami simulation 
results in region 2, and Iwate-Nanbu-Oki coastal wave 
gauge record is compared with the tsunami simulation 
results in region 4 of the Kamaishi area. The arrival times 
from tsunami simulation results are longer than the observed 
data from wave gauges for about 3 minutes for 
Iwate-Chubu-Oki coastal wave gauge and Iwate-Nanbu-Oki 
coastal wave gauge, and 4 minutes for Miyagi-Hokubu-Oki 
coastal wave gauge. Figure 14 shows the comparison of the 
inundation heights of the tsunami simulation results with the 
observed tsunami inundation heights that corrected by the 
astronomical tide at the time of the event with reliability 
level A (The 2011 Tohoku Earthquake Tsunami Joint Survey 

Figure 12  Fault Segment Locations of the 2011 off the 
Pacific Coast of Tohoku Tsunami (Imamura et al. 2011) 
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Figure 9  Computational Boundary of Region 4 to Region 6 
of Kamaishi Area 
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Figure 11 Computational Boundary of Region 4 to Region 6 
of Kesennuma Area 
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Figure 10 Computational Boundary of Region 4 to Region 6 
of Ofunato Area 

Table 2  Fault Parameter for the 2011 off the Pacific Coast 
of Tohoku Tsunami (Imamura et al. 2011) 

Fault No. Latitude (°N) Longitude (°E) Depth (km) Slip (m)
1 40.168 144.507 1.0 20.0
2 39.300 144.200 1.0 10.0
3 38.424 143.939 1.0 35.0
4 37.547 143.682 1.0 10.0
5 36.730 143.070 1.0 7.5
6 40.367 143.394 24.2 1.0
7 39.496 143.100 24.2 3.0
8 38.620 142.853 24.2 4.0
9 37.744 142.609 24.2 2.0
10 36.926 142.009 24.2 2.0
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Group 2011) at the same points. There are 34 data points in 
Kamaishi area, 15 data points in Ofunato area and 57 data 
points in Kesennuma area. The simulation results at the 
points in Ofunato area and Kesennuma area agree well with 
the observed data; however, for Kamaishi area, the 
simulation results are larger than the observed data by about 
50%. The locations of the observed inundation height are 
shown as the black dots in Figure 15. The inundation depth 
results of the region 6 in Kamaishi area, Ofunato area and 
Kesennuma area are compared with the observed inundation 
area (GSI 2011) as shown in Figure 15. The inundation 
depth from the tsunami simulation agrees well with the 
observed inundation. The maximum inundation depth from 
tsunami simulation in Kamaishi area, Ofunato area and 
Kesennuma area are about 20 m, 25 m and 12 m, 
respectively. 
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Figure 13  The Comparison of the Tidal Gauge Data and 
the Tsunami Simulation: 

(a) Iwate-Chubu-Oki coastal wave gauge,  
(b) Iwate-Nanbu-Oki coastal wave gauge,  

(c) Miyagi-Hokubu-Oki coastal wave gauge 

Figure 15  The Comparison of the Inundation Area: 
(a) Kamaishi, (b) Ofunato, and (c) Kesennuma Figure 14  The Comparison of the Tsunami Inundation Heights 

0

5

10

15

20

0 5 10 15 20
Observed Inundation Height (m)

A
na

ly
ze

d 
In

un
da

ti
on

 H
ei

gh
t (

m
) 1

Kamaishi Area

Ofunato Area

Kesennuma Area

-6
-4
-2
0

2
4
6
8

0 10 20 30 40 50 60 70 80
Time (min)

W
av

e 
H

ei
gh

t (
m

) Tidal Data

Simulation

(a)

(b) 
1 km 

(a) 
1 km 

Inundation Depth (m) 

0.0 – 2.0 

2.0 – 4.0 

4.0 – 6.0 

6.0 – 8.0 

8.0 – 10.0 

10.0 – 12.0

12.0 – 14.0 

14.0 – 16.0 

16.0 – 18.0 

18.0 – 20.0

20.0 – 25.0

- 2035 -



4.  COMPARISON OF RESULTS 
 

The tsunami flow velocities by the tsunami simulation 
are estimated at the same locations in the computational 
region 6 of each area. The inundation depths from the 
recorded videos are used to analyze the tsunami flow 
velocities. The estimated inundation depths from the 
recorded videos and the tsunami flow velocities are shown 
in Table 3. The tsunami flow velocities are about 2.4 - 4.9 
m/s in Kamaishi area, 2.0 - 2.1 m/s in Ofunato area and 
about 0.9 - 5.1 m/s in Kesennuma area. Figure 16 shows the 
comparison of the tsunami flow velocities from image 
processing of videos with that from the tsunami simulation. 
The simulation results have the similar trend with the results 
by image processing of videos; however, most of them are 
less than the results by image processing of videos. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
5.  CONCLUSIONS 
 

The March 11, 2011 Pacific Coast of Tohoku tsunami 
caused serious damage to many buildings, bridges and 
lifelines and killed many people in Miyagi and Iwate 
prefectures, Tohoku, Japan. The tsunami flow velocities are 
analyzed from the recorded videos and used to validate with 
the tsunami simulation in Kamaishi area, Ofunato area and 

Kesennuma area. Findings can be summarized as follows: 
1. The tsunami flow velocities are analyzed by using 
image processing of recorded videos and estimating the 
dimension of the moving objects and reference distances. 
The analyzed tsunami flow velocities are about 2.9 - 4.9 m/s 
in Kamaishi town, 2.1 - 2.8 m/s in Ofunato town and 2.6 - 
5.4 m/s in Kesennuma town.  
2. The tsunami simulation is carried out in 3 areas to 
estimate the tsunami flow velocities and to compare with the 
observed data. The arrival times from tsunami simulation 
results are longer than the observed data from wave gauges  
for about 3 minutes for Iwate-Chubu-Oki coastal wave 
gauge and Iwate-Nanbu-Oki coastal wave gauge, and 4 
minutes for Miyagi-Hokubu-Oki coastal wave gauge. The 
comparisons of the tsunami inundation heights at the same 
points are agreed well with the observed data in Ofunato 
area and Kesennuma area; however, for Kamaishi area, the 
simulation results are larger than the observed data by about 
50%. 
3. The tsunami flow velocities from the tsunami 
simulation are estimated at the same points of those from 
recorded videos by using the estimated inundation depths 
from the recorded videos. The tsunami flow velocities are 
about 2.4 - 4.9 m/s in Kamaishi area, 2.0 - 2.1 m/s in 
Ofunato area and about 0.9 - 5.1 m/s in Kesennuma area. 
The simulation results have the similar trend with the results 
by image processing of videos; however, most of them are 
less than the results by image processing of videos. 
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Abstract:  The 2004 Indian Ocean tsunami was one of the worst tsunami that caused devastated damage in many of 
Asian countries. However, again in 2011, Japan was hit by a tsunami that was generated by the greatest earthquake in 
their history. This paper briefly discusses about damage and reconstruction from these tsunamis. Firstly, experience and 
development for future tsunami mitigation, for example, tsunami awareness, evacuation building and memorial park in 
the 2004 tsunami affected countries (Indonesia, Sri Lanka and Thailand) were introduced. Secondly, damage by the 2011 
tsunami such as the structural countermeasures (breakwater, tsunami gate, seawall and control forest) were summarized.  
Most of them could not withstand and help to protect the tsunami because they were not designed for this size of tsunami. 
Human damage and building damage were discussed using death rates and fragility curves respectively. Death rates from 
this tsunami shows that experience and awareness help reduced human damage in Sanriku area. Result from fragility 
curves show that wooden house damaged by the 2011 tsunami had comparatively higher performance than other 
historical events. Finally, examples of present reconstruction in Japan were introduced. There are many attempts of using 
damaged structures by the tsunami such as overturned building in Onagawa, large tank in Ishinomaki and shrine in Natori. 
Among them, there are also some interesting disaster prevention ideas called “Sakura line 311” to plant Sakura tree along 
tsunami inundation limit in Rikuzen-Takata and “Hill of thousand years hope” or to build an artificial hill using tsunami 
debris in Iwanuma. 
 

 
1.  INTRODUCTION 
 

The 2004 Indian Ocean earthquake and tsunami 
occurred in December 26th, 2004. It was the first 
instrumental and historical record of the great earthquake 
and tsunami in the region. The earthquake magnitude was 
estimated between 9.1-9.3 which shocked most scientists at 
that time. The estimated rupture area reaches about one 
thousand kilometer showing the extremely long rupture ever 
recorded. Tsunami was generated and the maximum tsunami 
height measured in Banda Aceh region, Indonesia was about 
50 m. The tsunami caused wide range of damage in 15 
countries with a result of an approximately 230,000 deaths. 
Nevertheless, seven years later on March 11th, 2011, a 
massive earthquake of M-9.0 occurred off the Pacific of 
Tohoku (northeast region) and was followed by a 
devastating tsunami that shocked many scientists again. This 
time, the rupture length was estimated on 500 km with the 
large slip. The maximum tsunami height of about 40 m was 
measured and around 20,000 deaths in Japan and one death 
in the US and Indonesia were reported. Comparison of the 
two tsunamis is shown in Table 1 (NOAA, 2011). In general, 

both tsunamis were generated from the massive earthquake 
of M9 class of large rupture area and resulted in great 
tsunami of 40-50 m height. One different is the number of 
casualty of about ten times because of the earthquake and 
tsunami source location which leads to difference in number 
of affected country. 

 
Table 1  Comparison between the 2004 Indian Ocean 

tsunami and the 2011 Great East Japan tsunami 
 

Item 2004 tsunami 2011 tsunami 

Earthquake magnitude 9.1-9.3 9.0 

Size of rupture (km2) 1,000*150 500*200 

Max. tsunami height (m) 50.9 40.5 

No. of death 230,000 20,000 

No. of affected country 15 3 

 
This paper will introduce some successful 

reconstruction based on the experience from the 2004 Indian 
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Ocean tsunami affected countries namely Indonesia, Sri 
Lanka and Thailand. The number of deaths in the above 
three countries was reported as 150,000, 35,000 and 8,000 
respectively. Tsunami related structure such as tsunami 
memorial park, museum and evacuation building, also 
stories related to tsunami awareness and self evacuation are 
going to be introduced in section 2. Damage from the 2011 
Great East Japan tsunami in a view of structural 
countermeasure, human damage and building damage will 
be discussed respectively in section 3. Japan is well known 
for its tsunami countermeasures and evacuation recognition. 
Nevertheless, especially heavily damaged was observed in 
the Sanriku Coast, a 600 km long shoreline that extends 
northwards from Sendai, covering Miyagi, Iwate and 
Aomori Prefectures. As the countermeasures, many 
structural and non-structural facilities have been constructed 
along the coast.  In the present study, the effectiveness of 
these measures for the 2011 tsunami is discussed briefly, 
showing examples of breakwaters, tsunami gates, seawalls, 
control forests and highland residences. Tsunami damage in 
community will be discussed into two topics, human 
damage using death rate and building damage using fragility 
curve and compare with results obtained from historical 
tsunami events. Finally, present condition of reconstruction 
for many ideas and efforts for the future tsunami disaster 
prevention in Tohoku region will be discussed. There are 
eight locations namely; Rikuzen-Takata, Minami-Sanriku, 
Onagawa, Ishinomaki, Sendai, Natori, Sendai airport and 
Iwanuma that will be introduced. Some interesting ideas, 
like the “Sakura line 311” in Rikuzen-Takata, “Overturned 
building” in Onagawa and “Hill of thousand year hope” in 
Iwanuma will be also described.. 
 
2.  THE 2004 INDIAN OCEAN TSUNAMI 
 
2.1 Experience from Banda Aceh region, Indonesia 

Unlike Japan who had several experiences and a long 
history on tsunami disaster and countermeasures, the word 
of tsunami was not commonly heard in Indonesia before the 
2004 Indian Ocean tsunami. Therefore, it is not surprising 
that tsunami of 2004 caused 120,000 homes were destroyed, 
70,000 heavily damaged, 3,000 government buildings 
including hospitals and school and 14 seaport destroyed. 
Nearly 3000 km road network in this prefecture were 
damaged and 150,000 people lost their lives. In overall, 800 
km length and in average 1.6 km width of coastal areas were 
affected by the tsunami. 
Because of the breadth and wide scale of the disaster, the 
Indonesian government established a special agency named 
the Agency for Reconstruction and Rehabilitation in Aceh 
and Nias (BRR Aceh-Nias) to conduct reconstruction 
activities in Banda Aceh and surrounding areas, which was 
began to work effectively in mid-2005. With only four year 
tenure, reconstruction activities focused on the development 
of housing (2005 to mid-2007), development of public 
infrastructures (2005 to 2008), institutional and social 
development (2005 to mid-2009), and economic 

development (2005-2009). 
Overall reconstruction cost was 6.7 billion USD. This 

funding comes from the Indonesian government (37%), 
bilateral and multilateral donor (36%), and 
non-governmental organizations both nationally and 
internationally by 27%. The redevelopment of areas in Aceh 
region was conducted through a community participatory 
method at the village level. For instance, community decided 
whether their area will be built with land consolidation or as 
it is. Along with the reconstruction efforts, facilities and 
infrastructures for future tsunami mitigation were also 
prepared. Buildings for vertical evacuation are now ready to 
use in Banda Aceh (Fig. 1) in addition to evacuation routes 
that have been tested in the national and international 
tsunami-drills such as IO-wave (Indian Ocean wave of 
2009), which performed the drills for whole 2004 tsunami 
affected countries. 

Recognizing that the experience of the enormity of the 
tsunami is important, the media that would tell tsunami 
experience in 2004 to the next generation is built in various 
forms. A tsunami museum (Fig. 2) is now established in 
Banda Aceh and 85 tsunami poles indicating the tsunami 
height that hit the area. Also, some memorial evidences such 
as very large diesel power plant vessel that was carried out 
about 3 km inland and some other big ships were left as a 
memorial to the next generation. 

Simeulue island is one example that illustrates the 
importance of understanding, awareness and the mitigation 
of tsunami hazards. The island is located 50 km south of the 
epicenter of the December 26, 2004 M9.3 Sumatra event . A 
tsunami struck the west side of this island in 1907; this 
experience taught the people that inundation from the sea 
(called “smong” in local language) can cause extensive loss 
of life and property damage near coastal villages. Since the 
1907 event, the people of this area have been very aware of 
the motion of the sea after earthquakes. The Governor of the 
Island (Buphati Dr. Darmili in 2005) noted that the people 
all fled the shoreline after feeling the earthquake, and out of 
the 78,000 inhabitants of the island, only 8 people died 
(Yalciner et al., 2005).  
 

 
 

Figure 1 Evacuation building in Banda Aceh region 
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Figure 2 Tsunami museum in Banda Aceh region 
 
2.2 Experience from Galle District, Sri Lanka 

As Sri Lanka is an island which is quite far from the 
active faults, earthquakes or earthquake induced tsunami 
were not considered as a major natural disaster until 2004 
Indian Ocean Tsunami. Hence, damages to the human lives 
and their properties were increased by thousand times due to 
the lack of awareness of the event. Being a most devastating 
natural catastrophe in the Sri Lankan history, tsunami struck 
an extremely long (about two-thirds of the coastline) coastal 
area of Sri Lanka across thirteen districts resulting over 
35,000 casualties and more than  130,000 housing 
damages. 

Galle is the one of well-known district after the tsunami 
attack, as the number of noteworthy damages occurred along 
the whole coastal stretch. It was reported 4,200 deaths from 
the tsunami, with over 500 missing, almost 130,000 persons 
displaced, and around 11,500 houses either partially or 
completely damaged in the district (end-January 2005, 
Department of Census and Statistics). On the other hand, 
severe damages to the Galle port, Galle bus terminal, fishery 
harbors like Galle, Dodanduwa and Hikkakuwa, and 
International Cricket Stadium were the major challenges that 
were residue by the tsunami for the community. However, 
the most noteworthy is the one near Peraliya where the 
tsunami surge overturned and submerged a Galle bound 
locomotive killing over thousand people.  

Galle International Stadium, which is considered to be 
one of the most picturesque cricket grounds in the world is 
situated near the Galle fort and fringed on two sides by the 
Indian Ocean. The Stadium was destroyed (Fig. 3) in the 
2004 Indian Ocean tsunami, but was rebuilt and hosted 
international matches again in 2007. The Galle bus terminal 
was totally destroyed in the December 2004 tsunami, which 
claimed thousands of lives. As a relief measure a temporary 
bus stand was built after the calamity. Work on the new 
modern bus stand commenced on October, 2010 and it was 
handed over to the public in July 2011(Fig. 4).  

Peraliya which was the most devastating area in Galle 
district is considered as a memorial place for the Indian 
Ocean tsunami. Number of tsunami memorials was 
constructed in this area to recall the memory of this event 
and to aware the young generation who have not 

experienced the Tsunami. Figure 5 shows the memorial 
which was built to the memory of the Tsunami disaster 2004. 
This is located at the place where the train was attacked by 
the waves creating the worst human disaster in Sri Lanka 
history. Tsunami photo museum at Telwatta shown in Figure 
6 is telling thousands of stories related to the event and those 
will alive for further generations to show what has 
happened.  

 
 

Figure 3 Galle International stadium 
 

 
 

Figure 4 Galle bus terminal 

 

Figure 5 Tsunami memorial in Galle 

 

Figure 6 Tsunami photo gallery in Galle 

- 2041 -



4 
 

2.3 Experience from Phang Nga province, Thailand 
For countries that have no massive tsunami 

countermeasure structures, tsunami awareness is the most 
important factor that can increase survival rates. Thailand, 
for example, has a lower tsunami risk than Japan in both size 
(maximum height of 15 m) and return period (M9.0 every 
600 years). The 2004 Indian Ocean tsunami was the first 
tsunami in Thailand to be instrumentally recorded, and more 
than 8,000 deaths were reported. However, most of the 
Moken who live in the Surin Islands of the Phang Nga 
province survived. They live near the Andaman Sea; the first 
floors of their houses are open spaces and they use wooden 
boats for aquaculture. Their ancestors taught them about the 
importance of early evacuation following artificial and 
natural warnings (earthquakes and abnormal tides).  

The maximum tsunami height of 15 m attacked Nam 
Khem village without any breakwaters, sea walls or control 
forests. As a result, maximum tsunami inundation distance 
was almost one km causing Nam Khem village became the 
most devastated in Thailand in terms of casualty that 
exceeded 1,000. Consequently, lots of activities are being 
conduct here and residences have very high readiness and 
awareness compared to other areas. Two evacuation drills 
were conducted and they knew the problem when they have 
to evacuate during rain and night time. Numbers of team is 
separated for many duties during evacuation period trying to 
protect themselves in case of without support from the 
government. Sea observation team will go to check a 
receding of wave if they received a warning. Patrol team will 
look after residences belonging. Traffic team have their own 
rule during an evacuation, walking keep left and vehicle 
keep right without opposition. Rescue will check for any 
house for a residual or disabled. Nursing team will stands for 
a first aid. There are many good examples in Nam Khem 
village to promote tsunami recognition and awareness of 
residences to realize the tsunami event. A school was 
decided as the evacuation shelter and location of the school 
was moved a bit far and higher as they have learned from 
their previous experience. Evacuation route is the main road 
for vehicle (2-lane road). At a location of 500 m from sea, 
two fishery boats that killed many lives and caused more 
housing damage were decided as a tsunami memorial. 
Tsunami memorial park was constructed next to the beach 
where can be use as a recreation (Fig. 7). Tsunami memorial 
gallery (Fig. 8) was located inside the memorial park 
providing information on tsunami facts; tsunami evacuation 
and damage at Nam Khem. 

In Pakarang Cape, Phang Nga, evacuation shelter (Fig. 
9) was constructed in 2010 next to the beach according to 
the distance to a safe zone is longer than 1 km and there is 
no greenbelt to dissipate tsunami energy. In Khao Lak, the 
patrol boat that was in charge of protecting the royal family 
who spent their time during vacation was moved about 2 km 
inland (Fig. 10). Now the boat was kept as a symbol of the 
tsunami event and small tsunami gallery was located near 
the boat. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7 Tsunami memorial park in Phang Nga 

 
Figure 8 Tsunami memorial gallery in Phang Nga 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 9 Tsunami evacuation building in Phang Nga 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 10 Patrol boat from the 2004 tsunami in Phang Nga 
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3.  THE 2011 GREAT EAST JAPAN TSUNAMI
 
3.1 Performance of tsunami countermeasures
Tsunami breakwaters: Ofunato city 

Ofunato bay is a long bay and is resonant to a 
long-period tsunami like the 1960 Chilean tsunami. After the 
Chilean tsunami, breakwaters composed of two parts, 290 m 
and 250 m each, was constructed at its entrance, leaving an 
opening 200 m long (Fig. 11a) .  Just after its completion, 
the 1968 Tokachi-oki earthquake tsunami hit and the 
breakwaters successfully worked.  However, this time, t
2011 tsunami overtopped the breakwaters, inundated 3 km 
at the bay bottom area and reached 23.6 m height.  A
the broken breakwaters are still submerging under the sea
 
Tsunami gates: Fudai village, Shimohei district

Fudai village is developed along the Fudai River.  It 
suffered the 1896 and 1993 tsunamis that flooded through 
the river.  In 1984, tsunami gates 15.5 m high were 
constructed to close the river mouth in case of a tsunami
11b).  The 2011 tsunami 17 m high at the gate overtopped 
but could further inundate only few hundred meters from the 
gate. The major part of Fudai village, including evacuation 
shelters (primary and secondary schools), w
and no loss of human live was reported. 

 
Seawalls: Taro town, Miyako city 

Taro village is a typical example of the hardest hit areas 
by tsunamis in 1611, 1896 (15 m high) and 1933 (10 m 
high). In 1934, the town constructed two lines of seawalls 10 
m high above mean seawater level with total length of 2.4 
km.  In 1970’s, the town constructed another two lines of 
seawalls 10 m high to accommodate the increasing 
population (Fig. 11c).  Both of them only took the 1933 
tsunami but the 1896 tsunami into consideration.  The 2011 
tsunami overflowed these two-line seawalls and broke the 
eastern part of the new seawalls that was deterior
poor maintenance. 

 
Control forest: Rikuzentakata city 

The city is well known for the Takata-
km stretch of shoreline that was lined with approximately 
seventy thousand pine trees (Fig. 11d).  In 1940, it became 
a designated cultural property of Japan. A control forest 
could withstand a tsunami up to 3-5 m while the measured 
runup height of the 2011 tsunami is 19 m.  As a result, only 
one tree 10 m high, two hundred year old, remained and
city behind the forest was completely destroyed

 
Highland residence: Tonihongo, Kamaishi city

Tonihongo village experienced the 1896 tsunami (14.5 
m) and the 1933 tsunami (9.3 m). After the 1933 tsunami, 
the village was built on a highland with the elevation of 20 
m (Fig. 11e). The village survived from the 1960 Chilean 
tsunami (5). After this event, many houses were built in the 
lowland area due to increase of population.  The 2011 
tsunami swallowed the lowland houses but not the highland.

5 

THE 2011 GREAT EAST JAPAN TSUNAMI 

of tsunami countermeasures 

Ofunato bay is a long bay and is resonant to a 
period tsunami like the 1960 Chilean tsunami. After the 

composed of two parts, 290 m 
and 250 m each, was constructed at its entrance, leaving an 

.  Just after its completion, 
oki earthquake tsunami hit and the 

breakwaters successfully worked.  However, this time, the 
2011 tsunami overtopped the breakwaters, inundated 3 km 
at the bay bottom area and reached 23.6 m height.  At June, 

under the sea. 

gates: Fudai village, Shimohei district 
ong the Fudai River.  It 

suffered the 1896 and 1993 tsunamis that flooded through 
the river.  In 1984, tsunami gates 15.5 m high were 
constructed to close the river mouth in case of a tsunami (Fig. 

.  The 2011 tsunami 17 m high at the gate overtopped 
but could further inundate only few hundred meters from the 
gate. The major part of Fudai village, including evacuation 
shelters (primary and secondary schools), were protected 

is a typical example of the hardest hit areas 
by tsunamis in 1611, 1896 (15 m high) and 1933 (10 m 
high). In 1934, the town constructed two lines of seawalls 10 
m high above mean seawater level with total length of 2.4 

structed another two lines of 
seawalls 10 m high to accommodate the increasing 

.  Both of them only took the 1933 
tsunami but the 1896 tsunami into consideration.  The 2011 

line seawalls and broke the 
rn part of the new seawalls that was deteriorated due to 

-Matsubara, a 2 
km stretch of shoreline that was lined with approximately 

.  In 1940, it became 
a designated cultural property of Japan. A control forest 

5 m while the measured 
runup height of the 2011 tsunami is 19 m.  As a result, only 
one tree 10 m high, two hundred year old, remained and the 
city behind the forest was completely destroyed.  

Highland residence: Tonihongo, Kamaishi city 
Tonihongo village experienced the 1896 tsunami (14.5 

m) and the 1933 tsunami (9.3 m). After the 1933 tsunami, 
with the elevation of 20 
from the 1960 Chilean 

. After this event, many houses were built in the 
lowland area due to increase of population.  The 2011 
tsunami swallowed the lowland houses but not the highland.  

 

 
Figure 11 Tsunami countermeasures along Sanriku coast 
before the 2011 Great East Japan tsunami

2011b) 
 

3.2 Human damage and tsunami death rate
Characteristic of tsunami death rate by the 2011 Great 

East Japan tsunami is discussed here. E
in inundated area (Statistics Bureau, Ministry of Internal 
Affairs and Communications, 2011), number of death and 
missing (Miyagi prefecture, 2011) were used to calculate
death rate and plotted with the reported maximum runup 
height (The 2011 Tohoku Earthquake Tsun
Group, 2011). Relationship between maximum 
height and death rate is shown in Fig. 12
be made between death rate from this tsunami and other 
tsunami events.  

Figure 12a shows a comparison am
tsunamis in Japan, namely, Sanriku area in 1896 and 1933, 
Nankai Trough in 1944 and 1946 and 1993 Okushiri. It 
clearly shows that the death rate for the 1896 Meiji
event is the highest as the death rate reach
tsunami height is 3 m. On the other hand, general trend of 
the death rate decreased in the 1933 Showa Sanriku event 
because of the tsunami experience. In addition, it is very 
clear when the death rate of the 2011 event for plain areas in 
Miyagi prefecture (Ishinomaki to Yamamoto) is compared 
with Ria coasts in Miyagi (Kesennuma to
Iwate prefecture (Suppasri et al., 2012b
the plain areas mainly in Miyagi prefecture is similar to 
those historical events because the 2011 event was the
time for them in last few hundred years
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event is the highest as the death rate reaches 50 % when the 

height is 3 m. On the other hand, general trend of 
the death rate decreased in the 1933 Showa Sanriku event 
because of the tsunami experience. In addition, it is very 
clear when the death rate of the 2011 event for plain areas in 
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with Ria coasts in Miyagi (Kesennuma to Onagawa) and 

efecture (Suppasri et al., 2012b). The death rate for 
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those historical events because the 2011 event was the first 
time for them in last few hundred years, while the death rate 
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is limited to about 10% in the ria coasts even the tsunami 
heights reach 20-30 m. The same characteristic can be 
observed in Fig. 12b as the death rate for the 2004 Indian 
Ocean tsunami, 2006 Java and 2010 Mentawai are similar to 
the historical events in Japan because these tsunamis were 
the first tsunami event in their area. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 12 a) Tsunami death rate in Japan and b) tsunami 
death rate in Indonesia and Thailand 

 
3.3 Building damage and fragility curve 

In general, it was observed during the tsunami damage 
survey of the 2011 tsunami in Miyagi prefecture (Suppasri et 
al., 2012) that  wooden houses in residential areas were 
classified as minor, moderate, major and completely 
damaged when the inundation depth was 2.5, 3.0, 4.0 and 
4.5 m respectively. In general, various historical events 
(Matsuomi and Harada, 2010) and other two examples in 
Thailand and Indonesia suggest that a wooden house would 

obtain severe damage if the inundation depth is greater than 
2.0 m while only cause minor damage for wooden houses by 
the 2011 tsunami. This information is ascertained when 
fragility curves are then compared. A comparison was made 
between the fragility curves for the 2011 Great East Japan 
tsunami (Suppasri et al., 2012a) and 1993 Okushiri 
(Koshimura et al., 2009) and Sri Lanka (Murao and 
Nakazato,2010) as shown in Fig. 13a. At 2.0 m inundation 
depth, a probability that a wooden house will become 
moderate damage is 0.50 and 0.25 in Sri Lanka and Miyagi 
prefecture respectively. In addition, at 2.0 m inundation has a 
0.75 possibility to wash away a wooden house in Okushiri.  

One good example of the different impact of tsunami 
into three different types of houses is shown in Ishinomaki 
city. Though, three houses were inundated by the same 
inundation depth of 4 m, damage is totally different. The RC 
2-story office had no structural damage, only broken 
windows. The 2-story wooden house was damaged in some 
walls and columns. The 1-story wooden house was totally 
collapsed. Tsunami fragility curved developed from the 
previous tsunamis show that a damage possibility of 4 m 
inundation depth for a RC house, mix type house and 
wooden house is 0.3, 0.7 and 0.9 respectively as shown in 
Fig. 13b  (Suppasri et al., 2011a). 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 13 a) Fragility curves for wooden house and b) 
comparison for different building material 
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4.  LESSONS LEARNED AND RECONSTRUCTION 

 
4.1 Sakura line 311: Rikuzen-Takata city 

Rikuzen-Takata city was famous for the 
“Takata-Matsubara” or coastal pine tree forest. The 2011 
tsunami severely destroyed the approximately 70,000 pine 
trees, as a result, only one tree survived. Those uprooted 
trees also became floating debris increasing tsunami damage 
to the city. The city has a plan to replant the pine tree as their 
city symbol including a memorial park. Another interesting 
project is called “Sakura line 311” project (Sakura line 311, 
2011). The project consists on planting Sakura trees at the 
tsunami inundation limit in every 10 m of the total 1.7 km 
length (Kahoku Shinpo, 2011). In other words, about 17,000 
trees will be required. This will become a new symbol of the 
city as sightseeing and show people a big image of tsunami 
hazard map at the same time. Reconstruction plan of the city 
including disaster memorial park is shown in Fig. 14 (Iwate 
Nippo, 2011) 

 

Figure 14 Reconstruction image in Rikuzen-Takata 
 

4.2 Disaster memorial park: Minami-Sanriku town 
Minami-Sanriku town was one of the highest tsunami 

awareness communities in Tohoku region. The town 
suffered from many historical tsunami events in the past 
including 1896 Meiji-Sanriku, 1933 Showa-Sanriku, 1960 
Chile tsunami. Therefore, massive structure such as tsunami 
gates and seawalls were constructed in the town. However, 
the tsunami in 2011 was too large and destroyed all of 
disaster facilities in the town. The town has a plan to 
construct new disaster prevention facility for two levels, first 
level for the short recurrence similar to the historical event 
and second level for the large tsunami for the long return 
period like the 2011 tsunami (Minami-Sanriku town, 2011). 
For this reason, one of their projects is tsunami lessons 
learned and folklore including construction of a prayer and 
memorial park, museum, disaster record, disaster prevention 
day and storyteller (Fig. 15). 

 
Figure 15 Idea of disaster prevention in Minami-Sanriku 

 
4.3 Overturned building memorial: Onagawa town 

One of the tsunami damage characteristic by the 2011 
tsunami was the overturned buildings in Onagawa town. 
There were six collapsed reinforced concrete (RC) buildings 
from 2-4 floors with pile foundation. This is not common for 
the structural damage by tsunami events in the past and 
became a future work for a structural design of RC or 
evacuation building. One of an idea is to keep some of those 
buildings as a memorial to advocate people about tsunami 
power and massive impact to the town (Fig. 16) (Onagawa 
town, 2011). At present, the town will keep three of them 
which are police station, commercial and organization 
building. 
 

 

Figure 16 Overturned building park in Onagawa 
 

4.4 Large fish oil tank: Ishinomaki city 
Unlike communities along Sanriku coast, Ishinomaki 

city had comparatively low tsunami damage from historical 
tsunamis. Thus, there were many factories located in 
Ishinomaki city without proper mitigation plan and most of 
them were seriously affected by the tsunami. Among them, a 
giant fish oil storage tank of 11 m height and 9 m in diameter 
was moved about 300 m from its original location (Yomiuri 
Shinbun, 2011) as shown in Fig. 17. The tank is very 
obviously seen for people who travel pass along that area. At 
present, the tank was moved to a different place because it 
blocks a traffic direction. There are some voices to use it for 
a monument or remind the tsunami disaster and the city has 
a plan to keep it as a disaster memorial for the city. 
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Figure 17 Large fish oil tank in Ishinomaki 

 
4.5 New tsunami evacuation map: Sendai city 

Similar to other locations in Miyagi prefecture, Sendai 
city had high tsunami awareness from the Miyagi-oki 
earthquake and its magnitude was estimated around 7.5-8.0. 
Many of tsunami countermeasures such as evacuation drill 
and hazard maps were given to coastal residences. However, 
the 2011 tsunami that was generated by the M9.0 earthquake 
caused larger tsunami height and wider inundation area than 
they expected. Tsunami inundated about 5 km inland 
causing wide range of damage in Sendai city. The highway 
was help protecting tsunami by chance in some areas. The 
city is then revised a new tsunami evacuation map 
separating into two areas (Fig. 18). The first area is from the 
sea to the prefecture road that they have a plan to raise its 
elevation from ground level to 5-6 m and the second area is 
extent to the inundation area of the 2011 tsunami (Sendai 
city, 2011). 
 

 
Figure 18 New tsunami evacuation map in Sendai 

 
4.6 Disaster memorial shrine: Yuriage town 

Yuriage town located in Natori city and was one of the 
populated areas in Miyagi prefecture where tsunami videos 
and damages were reported just after the event. There was a 
small hill of 6 m height among a flat plain of fishery town of 
Yuriage. A shrine was built on the top of the hill and was 
washed away by an approximately 8 m height of the 2011 

tsunami (Fig. 19). The city has a plan to reconstruct the 
shrine as a symbol for the disaster memorial in the area 
including other projects such as recording the damage and 
lessons learned and new exchange program on volunteer, 
research or study based on disaster prevention theme (Natori 
city, 2011). 

 
 

Figure 19 Small shrine as disaster symbol in Yuriage 
 

4.7 Tsunami inundation mark: Sendai airport 
Sendai airport covers areas in Natori and Iwanuma city 

and is located about one km from the coast. Though the 
airport was protected from coastal seawall and 10 m height 
of control forest but it was not enough and the tsunami 
inundated the first floor of the airport terminal. The airport 
was reopened one month after the tsunami event for limited 
number of domestic flight. There is a tsunami inundation 
marks showing the inundation depth of the 2011 event on 
the first floor’s column and some tsunami related event 
shown near the arrival lobby (Fig. 20). In addition, the 
Sendai airport access train line also reopened their service 
after seven months and use some space near the entrance for 
presenting pictures of earthquake and tsunami damage to the 
train lines and stations. 
 

 
 

Figure 20 Tsunami inundation mark in Sendai airport 
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4.8 Hill of thousand years hope: Iwanuma city 
Iwanuma city was one of the cities that had a coastal pine 

tree forest along their coast linked from the northern part of 
Miyagi prefecture. However, the greenbelt was heavily 
damaged and the city has a plan to replant it again. Besides, 
they have an idea to construct an artificial hill which height 
varies from 10-15 m using tsunami debris (Fig. 21). The 
purpose of the hill is to use as a memorial park and 
evacuation place as an escape hill for a future tsunami 
(Iwanuma city, 2011). This hill will also help reducing 
tsunami energy for the new populated area behind it. 
 

 

Figure 21 Artificial hill made of debris in Iwanuma 
 

5.  CONCLUSIONS AND RECOMMENDATIONS 
 

In last seven years, great earthquake of M9.0 class 
occurred twice in 2004 in Indian Ocean and in 2011 Off 
Pacific coast of Tohoku region in Japan. Both of the 
earthquakes resulted in the huge tsunami but had different 
impact scale. The 2004 tsunami was a far-field tsunami 
which propagated to all 15 countries that located along the 
Indian Ocean coasts. This paper introduced examples of 
tsunami recovery from the 2004 Indian Ocean tsunami in 
Indonesia, Sri Lanka and Thailand. Because it was the first 
historical and instrumental record in the region, large 
number of tsunami activities were performed since then. 
Some of them are tsunami evacuation building, tsunami 
memorial park and tsunami museum. On the other hand, the 
2011 near-field tsunami caused devastated damage 
concentrating only in Japan and comparatively slight impact 
to other countries in the Pacific coasts.  

Recent technology has made it possible to build 
massive structures that could fully protect against 500-1,000 
year return period tsunamis; however, these structures are 
impractical when budget and time are considered. 
Nevertheless, the scale of damage and loss can be reduced 
by enacting proper structural design and land use 
management techniques. New design methodologies for 
stronger and more stable coastal structures should be 
developed. However, these structures may reduce the 
tsunami awareness of residents by leading them to believe 

that the structure fully protects them rather than simply 
reducing the damage; an example of this thinking occurred 
in Taro town. The scenery should also be considered after 
the construction of high seawalls. 

It is very clear that experience and evacuation helped 
reducing tsunami death rate in coastal areas along the ria 
coasts of Miyagi and Iwate prefecture. It shows an 
importance of experience education for disaster prevention 
that people who live along the Sanriku coast have higher 
tsunami awareness and evacuation recognition. Overturned 
buildings in Onagawa could be one of examples for a 
tsunami memorial park to warn people in the next generation 
against the great tsunami which has return period much 
longer than human life. Selection of a proper tsunami 
evacuation should be reconsidered in some location as the 
experience from Minami-Sanriku town and Onagawa town 
that about half of tsunami evacuation shelter was inundated 
leading to great loss of live. 

Though wooden house in Miyagi prefecture seemed 
stronger than in other Asian countries, RC structure still a 
preferable structure against tsunami. It is necessary to 
balance between a light structure such as wood to reduce a 
shear force due to earthquake, however, a stronger structure 
such as RC is prefer to resist a hydrodynamic force from 
tsunami. One can suggest from the survey result that, 
because a wooden house is fragile for the inundation depth 
of 2-3 m, the most proper house along the coast in the future 
is probably an RC structure in the lower floor against 
tsunami force and wood structure in the upper flow against 
the earthquake force.  

Even Japan is well known for the most advance in 
tsunami disaster prevention but they also suffered great loss 
from the 2011 Great East Japan tsunami. Similar to the 2004 
Indian Ocean tsunami affected countries, Japan also have a 
plan to construct a memorial park or museum using the 
floating debris or damaged structure as a symbol to recall 
and advocate tsunami awareness for coastal residence in the 
area. In addition, more idea such as the “Sakura line 311” to 
plant Sakura tree along the tsunami inundation limit and the 
“Hill of thousand years hope” to make use of tsunami debris 
to build an artificial tsunami escape hill leads Japan to a next 
step of tsunami disaster prevention. A difference is that 
Japan has longer tsunami experience and culture than 
Southeast Asian countries. A good example is a festival in 
the Wakayama prefecture that celebrates a real story called 
“Inamura no Hi”. The story originated from the Nankai 
tsunami in 1854. The town leader knew that it would be 
difficult to convince people to evacuate from the tsunami. 
Therefore, he set fire to his own rice straw and asked people 
to help him extinguish the fire (in Japanese, “Inamura” 
means rice straw and “Hi” means fire). All of the town 
residents came to help him and were saved from the huge 
tsunami that destroyed the village. Hamaguchi became a 
hero to the village and spent his own money to construct a 
seawall. This seawall help protect the town from the 1944 
Tonankai and 1946 Nankai tsunamis. In memory of this 
story, the local people, especially the children in the 

Hill of thousand years hope 

New city area 
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community, help to pile dirt on the earth embankment and 
strengthen their tsunami awareness every year. Therefore, 
Japan can adapt their own knowledge, for example, using 
shrine as a tsunami storyteller, high technology for 
constructing a massive structural measure and combines 
with a media to promote people’s awareness such as tsunami 
videos, tsunami numerical simulation and hazard map. 
These will help Japan to reconstruct a tsunami disaster 
prevention town and be ready for the next tsunami. 
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Abstract:  The 2011 off the Pacific Coast of Tohoku earthquake tsunami caused the catastrophic damage of 
infrastructures such as coastal structures, utilities and transportation facilities. First we carried out the tsunami flow 
simulation at the affected five areas such as Rikuzentakata city by using the finite difference method with a staggered leap 
frog scheme. From the simulation we obtained the inundation heights at the sites where the wash-away nine bridges are 
located. Second, by using the simulated inundation heights, we estimated the horizontal and vertical hydraulic pressures 
acting on the bridge decks based on the previously proposed formulas on evaluation of the relationship of the position of 
a bridge deck to an inundation height with the horizontal and vertical wave pressures acting on a bridge deck. 

 
 
1.  INTRODUCTION 

 

The 2011 off the Pacific Coast of Tohoku earthquake 

tsunami caused the catastrophic damage of infrastructures 

such as coastal structures, utilities and transportation 

facilities. Among them a bridge structure plays important 

roles to carry out emergency response by related 

stakeholders and to support their recovery activities.  

The issues are strongly recognized since we 

experienced the 2004 Indian Ocean tsunami disaster.  Since  

the 2004 tsunami disaster,  evaluation of tsunami fluid 

force acting on a bridge deck is urgently required for 

designing a tsunami-proof bridge structure, and many 

academic researchers and practitioners are involved in it. 

From view of the point of numerical analysis, Yeh (2006) 

evaluated the tsunami force and velocity in the run-up zone 

by using the numerical algorithm developed by Carrier et al. 

(2003) based on fully nonlinear shallow-water wave theory. 

Ikari and Goto (2007) simulated the run-up tsunami wave 

and the damage of a bridge deck by MPS (Moving Particle 

Semi-implicit) method, and Shigihara et al. (2009) validated 

the damage of the bridge deck at Sumatra island, Indonesia 

subjected to the 2004 tsunami by three dimensional 

numerical fluid analysis by adapting a staggered leap-frog 

method. However, the effect of tsunami fluid force on the 

bridge deck damage has not been clarified enough. 

From the reason above, we estimate the horizontal and 

vertical tsunami wave pressures on the wash-away nine 

bridge decks by combining the previously proposed 

experimental formulas with the numerical inundation 

heights. First we carry out the tsunami flow simulation at the 

affected five areas by using the finite difference method with 

a staggered leap frog scheme. From the simulation we obtain 

the inundation heights at the sites where the wash-away nine 

bridges are located. Second, by using the simulated 

inundation heights, we estimate the horizontal and vertical 

hydraulic pressures acting on the bridge decks based on the 

formulas on evaluation of the relationship of the position of 

a bridge deck to an inundation height with the horizontal and 

vertical wave pressures acting on a bridge deck. 

 

 

2.  NUMERICAL SIMULATION OF TSUNAMI 

WAVE PROPAGATION AND INUNDATION 

AREAS 

 

2.1  Governing Equations 

 

The tsunami wave propagation is computed by using 

TSUNAMI-CODE (Tohoku University‟s Numerical 

Analysis Model for Investigation of Tsunami). The  

governing equations are based on shallow water theory as 

shown in Eq. (1a)-(1c), which are discretized by using the 

finite difference method with a staggered leap flog scheme 

(DCRC 2009). 
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where η is a tsunami wave height measured from sea surface 

level, M and N are the discharge fluxs of x-direction and 

y-direction. D is a total water depth (η+h), h is a water depth, 

g is the gravitational acceleration, n is the Manning 

roughness coefficient. n is set as 0.25 in the simulation.  

2.2  Details of Computational Data Set 

 

Five affected areas by the 2011 of the Pacific Coast of 

Tohoku earthquake tsunami are focused for the simulation 

and totally nine wash-away bridges at the areas are selected 

for the analysis. Table 1 and Figure 1 show the information 

(1c) 

(1b) 

Inundation area(GSI)

141°40'0"E141°30'0"E141°20'0"E141°10'0"E

39°0'0"N

38°50'0"N

38°40'0"N

38°30'0"N

Shinkitakami Bridge

Kesen Bridge

Kawaharagawa Bridge

Numata Bridge

Yokotsu Bridge

Oritate Bridge

Mizushiri Bridge

Koizumi Long-bridge

Utatsu Bridge

Table 2 Number of Grids for All Groups

Figure 1 Location of the Bridges

Group

No.
Region X -direction Y -direction Grid Size[m]

1 480 720 1350

2 481 721 450

3 481 721 150

1, 2, 4 4 541 901 50

3, 5 4 481 721 50

5 511 781 16.67(50/3)

6 781 811 5.55(50/9)

5 601 721 16.67(50/3)

6 811 811 5.55(50/9)

5 481 721 16.67(50/3)

6 721 721 5.55(50/9)

5 1090 889 16.67(50/3)

6 1090 1090 5.55(50/9)

5 721 481 16.67(50/3)

6 931 931 5.55(50/9)

4

5

2

1

All Group

3

Table 1 Subject Bridges

Group

 No.
Name of Dameged Bridges Longtitude Latitude Name of Roads Prefectures

1 Koizumi Long-bridge 141.507 38.769 National Route 45 Miyagi

Mizushiri Bridge 141.443 38.673 National Route 45 Miyagi

Oritate Bridge 141.437 38.648 National Route 398 Miyagi

Yokotsu Bridge 141.456 38.638 National Route 398 Miyagi

3 Utatsu Bridge 141.524 38.717 National Route 45 Miyagi

4 Shinkitakami Bridge 141.420 38.549 National Route 398 Miyagi

Kawaharagawa Bridge 141.630 39.009 National Route 45 Iwate

Numata Bridge 141.650 39.009 National Route 45 Iwate

Kesen Bridge 141.622 39.006 National Route 45 Iwate

2

5

545 km 565 km555 km

Figure 2 Computatinal Boundary

(a) Region 1 to Region 3, and (b) Region 4 to Region 6

300 km              500 km             700 km             900 km (a)

(b)
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of subject bridges. Six computational regions (Region 1 to 

Region 6) are used in the nested grid system.  

Region 1 is used together in five groups. Region 2, 

Region 3, and Region 4 are used together in Group 1, Group 

2 and Group 4. Region 2, Region 3, and Region 4 are used  

together in Group 3 and Group 5. Region 5 and Region 6 are 

for each group separately. Region 1 is generated by using 

GEBCO 30 second data with the grid size of 1,350m. 

Region 2, Region 3, and Region 4 are generated by using 

GEBCO 30 second data for topography and JHA 

1m-increment-line data for bathymetry with the grid size of 

450m, 150m, and 50m, respectively. Region 5 and Region 6 

are generated by using GSI DEM 10m-point data for 

topography and JHA 1m-increment-line data for bathymetry 

with the grid size of 16.67 (50/3)m and 5.56 (50/9)m. Figure 

2 (a) shows the computational area of Region 1, Region 2, 

and Region 3 for Group 5. Figure 2 (b) shows the 

computational area of Region 4, Region 5, and Region 6 for 

Group 5. Table 2 shows the number of grids in x-direction 

and y-direction in WGS-1984-UTM-54-N coordinate system. 

The time step for computation is 0.15 second, and total 

computational time is 120 minutes for all groups. 

 

2.3  Tsunami Source Model 

 

The tsunami source model proposed by Imamura et al. 

(2011) is used for the simulation. We give the initial water 

level based on the tsunami source model by using Okada‟s 

method (Okada 1985). Figure 3 shows the initial water 

elevation for the tsunami simulation. 

 

 

3．COMPARISON OF SIMULATED INUNDATION  

DATA WITH OBSERVED DATA 

 

By the limitation of paper lengths, we show the results 

from the typical simulation to validate the simulated 

inundation data with observed data. 

Figure 4 shows the elevation from the topography and 

bathymetry data used for the Group 5 simulation. It also 

shows the positions of subject three bridges and the related  

twenty three observation sites for twenty inundation heights 

and three run-up heights with reliability A and B, by the  

Figure 3 Initial Water Level 

(Tohoku University Model Ver1.1)
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Figure 6 Comparison of Observed Inundation Heights 

and Run-up Heights with Simulated Results
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Figure 5 Inundation Areas for Group 5 Simulation
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as those in Figure 4)

Figure 4 Elevation for Group 5 Simulation 
(Red     denotes the positions of subject bridges, blue    

denotes the positions of observation sites for inundation 
height, yellow    denotes those for runup heights)
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three points for the Group 3, and one point for Group 4. 

From Figure 6, the magnification factors of simulated 

inundation data with observed data are 0.84 to 2.33. Based 

on this validation, we use the simulated inundation heights 

data at subject bridges as input tsunami waves acting on their 

bridge decks in consideration of accuracy for simulated 

results as shown in Figure 6. In addition, we obtain time 

series of inundation heights at subject bridges for the Group 

5 as shown in Figure 7. 

 

2011 Tohoku Earthquake Tsunami Joint Survey Group 
(2011). Figure 5 shows the inundation areas by Group 5 

simulation. The elevation data at point 11 is estimated 

possibly to have the difference with the real value since 

point 11 is located near the steep slope.  

From the results by the Group 5 simulation for 

Rikuzentakata city, simulated inundation heights show the 

values of 11.15m to 18.87m, which have the differences by 

-3.04m to 3.04m compared with observed values. It 

indicates that simulated inundation heights become 0.82 to  
1.22 times ones compared with the observation data. 

Figure 6 shows the relationship between the simulated 

inundation data from the Group 1 to Group 5 simulations 

and the related observation data. We validate the simulated  

inundation heights with seven points for Group 1, seven 

points for the Group 2, six points for the Group 3, and four 

points for Group 4. We validate the simulated run-up heights 

with five points for Group 1, four points for the Group 2,  

 

4.  ESTIMATION OF TSUNAMI WAVE PRESSURES 

ON THE WASH-AWAY BRIDGE DECKS 

 

We estimate tsunami wave pressures on the wash-away 

nine bridge decks by applying the following experimental 

formulas by Shoji et al. (2011) to the simulated data. These 

formulas are for surging breaker bores (SBB) and plunging 

breaker bores (PBB).  

 
38.869.054.1    

 
41077.333 1074.11073.1
   

 
42.563.073.1    

 
41064.333 1056.11056.1
   

 

Table 3 shows inundation heights and elevation at 

subject bridges, and η, κ, λ,       ,        defined as the 

following equations. Figure 8 shows also the wash-away 

bridge data in the relationships of κ-η and λ-η.  

:SBB (2a) 

:SBB (2b) 
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Figure 7 Time Series of Inundation Heights at 
Subject Bridges for Group5 Simulation

(a) Kawaharagawa Bridge, 
(b) Numata Bridge, and (c) Kesen Bridge
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20
0

10

20

(a)
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(c)
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(b)

Table 3 Wave Pressures Act on Subject Bridges

(a) For Surging Breaker Bores, and (b) For Plunging Braker Bores

Group

 No.
Name of Dameged Dridge

Inundation

Height

[m]

Elevation

[m]
η κ λ

F X /A s

[kN/m
2
]

F Z /A b

[kN/m
2
]

1 Koizumi Long-bridge 18.27 6.53 0.64 1.53 0.21 279.97 38.72

Mizushiri Bridge 19.97 7.17 0.64 1.53 0.21 306.11 41.92

Oritate Bridge 20.27 7.09 0.65 1.52 0.22 310.29 44.48

Yokotsu Bridge 17.43 1.58 0.91 1.23 0.44 215.91 76.64

Utatsu Bridge 17.35 2.04 0.88 1.30 0.42 226.95 72.87

Utatsu Bridge by Secondary Wave 13.76 2.04 0.85 1.36 0.39 188.50 54.57

4 Shinkitakami Bridge 9.38 7.29 0.22 1.54 -0.48 145.39 -45.28

Kawaharagawa Bridge 15.375 1.81 0.88 1.30 0.42 201.10 64.56

Numata Bridge 15.75 3.179 0.80 1.44 0.35 227.63 55.77

Kesen Bridge 14.576 5.757 0.61 1.53 0.17 224.38 25.10

5

2

3

Group

 No.
Name of Dameged Bridge

Inundation

Height

[m]

Elevation

[m]
η κ λ

F X /A s

[kN/m
2
]

F Z /A b

[kN/m
2
]

1 Koizumi Long-bridge 18.27 6.53 0.64 1.67 0.25 306.89 45.56

Mizushiri Bridge 19.97 7.17 0.64 1.67 0.25 335.64 49.45

Oritate Bridge 20.27 7.09 0.65 1.67 0.25 339.77 51.88

Yokotsu Bridge 17.43 1.58 0.91 1.36 0.45 237.28 78.04

Utatsu Bridge 17.35 2.04 0.88 1.41 0.43 246.03 74.71

Utatsu Bridge by Secondary Wave 13.76 2.04 0.85 1.47 0.41 202.77 56.45

4 Shinkitakami Bridge 9.38 7.29 0.22 1.73 -0.35 162.99 -33.36

Kawaharagawa Bridge 15.375 1.81 0.88 1.41 0.43 218.00 66.19

Numata Bridge 15.75 3.179 0.80 1.55 0.37 244.41 58.78

Kesen Bridge 14.576 5.757 0.61 1.69 0.21 247.22 31.31

2

5

3
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η is the ratio of bridge deck position from a still wall 

level    by an averaged wave height    from a still water 

level. κ is defined as the ratio of        with an averaged 

horizontal wave force     and projected area of a bridge 

deck   , by hydraulic static pressure      . λ is also defined 

as the ratio of        with an averaged vertical wave force 

    and area of bottom of a bridge deck   , by hydraulic 

static pressure      . In the following analysis, we assume a 

wave height    to be the simulated inundation height, and 

   to be the value of elevation as shown in Figure 9.  

By focusing on the Group 5 simulation results, from 

Table 3 and Figure 8 for plunging breaker bores, 

Kawaharagawa Bridge decks with η=0.88 are estimated to 

be affected by κ=1.41 and λ=0.43 tsunami wave pressures, 

which are        of 218.07kN/m
2 

and        of 

66.21kN/m
2
. It is possible that Kawaharagawa Bridge is 

affected by simultaneously strong horizontal wave pressure 

and uplift vertical wave pressure. Numata Bridge decks with 

η=0.80 are estimated to be affected by κ=1.55 and λ=0.37 

tsunami wave pressures, which are        of 244.41kN/m
2 

and        of 58.58kN/m
2
. Kesen Bridge decks with 

η=0.61 are estimated to be affected by κ=1.69 and λ=0.21 

tsunami wave pressures, which are        of 247.22kN/m
2 

and        of 31.31kN/m
2
. At Numata Bridge and Kesen 

Bridge, higher horizontal pressure and lower uplift vertical 

pressure act on their bridge decks compared with those at 

Kawaharagawa Bridge. 

From the similar analyses, we find that the mechanism 

of horizontal and vertical wave pressures on the wash-away 

nine bridge decks are classified into three categories : 

relatively lower κ and higher positive λ acts at Yokotsu 

Bridge, Kawaharagawa Bridge and Utatsu Bridge, relatively 

middle κ and positive λ acts at Numata Bridge, Oritate 

Bridge, Koizumi Long-bridge, Mizushiri Bridge and Kesen 

Bridge, and relatively higher κ and negative λ acts at 

Shinkitakami Bridge. 

 

 

5.  CONCLUSIONS 

 

We estimated the horizontal and vertical tsunami wave 

pressures on the wash-away nine bridge decks due to the 

2011 off the Pacific Coast of Tohoku earthquake tsunami by 

combining the previously proposed experimental formulas 

with the simulated inundation heights. First we carried out 

the tsunami flow simulations at the affected five areas 

(Group 1 to Group 5) by using the finite difference method 

with a staggered leap frog scheme, and we obtained the 

inundation heights at the sites where the wash-away nine 
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bridges are located. Second, by using the simulated an 

inundation heights, we estimated the horizontal and vertical 

hydraulic pressures acting on the bridge decks based on the 

formulas on evaluation of the relationship of the position of 

a bridge deck η to a inundation height with the horizontal 

and vertical wave pressures acting on a bridge deck κ and λ. 

Following conclusions are deduced. 

(1) We validated the simulated inundation heights with the 

simulated inundation data of 44 inundation heights and 16 

run-up heights with observation data. Among the data 

simulated inundation heights for Group 5 with highest 

accuracy show the values of 11.15m to 18.87m, which have 

the differences by -3.04m to 3.04m compared with observed 

values. In contrast, the data simulated inundation heights for 

Group 1 with relatively lowest accuracy show the values of 

17.37m to 26.76m, which have the differences by 0.24m to 

15.28m compared with observed values. 

(2) The mechanism of horizontal and vertical wave pressures 

on the wash-away nine bridge decks are classified into three 

categories : relatively lower κ and higher positive λ acts at 

Yokotsu Bridge, Kawaharagawa Bridge and Utatsu Bridge, 

relatively middle κ and positive λ acts at Numata Bridge, 

Oritate Bridge, Koizumi Long-bridge, Mizushiri Bridge and 

Kesen Bridge, and relatively higher κ and negative λ acts at 

Shinkitakami Bridge. 
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Abstract:  The seismoacoustic scattering due to an irregular fluid-solid interface must be considered when modelling 
seismic wave propagation in oceanic regions or analyzing the emergence of Rayleigh waves in an oceanic ambient due to 
deep earthquakes. In this paper, the scattering of elastic waves at irregular fluid-solid interfaces is investigated. We use the 
direct boundary element method to study this wave propagation phenomenon in 3D models. Two theoretical models are 
analyzed first: a basin-like half-space, used to validate the method; a second model with a fluid layer of finite thickness 
overlying a basin-like solid half-space. A plane wave incidence is considered as the source in our simulation. It is shown 
that the introduced method can clearly present the interactions of acoustic and elastic waves near the interface of fluid and 
elastic solid.  

 
 
1.  INTRODUCTION 
    Seismological evidence indicates that the interior of the 
Earth is inhomogeneous on scales ranging from a few to 
thousands of kilometers. Seismic wave propagation in 
inhomogeneous structures is in general complicated, so 
synthetic seismograms are indeed needed to understand 
systematically the variability of full waveforms propagating 
in a set of hypothetical velocity models. This is essential for 
the further development of the inverse problem in the 
determination of robust geological structures.  
    On the other hand, three quarters of the Earth are 
covered by sea, which implies that the water area may play 
an important role in seismic wave propagation. Furthermore, 
abnormal distribution of peak ground acceleration are 
sometimes observed around bay area when earthquake 
occurs thereby, which also indicates the necessity of taking 
into account water effect in order to give a proper 
interpretation on the observed waveforms using synthetic 
seismograms. The seismoacoustic scattering due to an 
irregular fluid-solid interface must be considered when we 
model the seismic wave propagation in oceanic regions or 
gulf areas. This kind of problem is related to a wide range of 
seismic research conducted at or close to oceanic regions or 
gulf areas (Okamoto & Takenaka 1999), such as deep ocean 
acoustic experiments, ocean bottom seismic observations, or 
the interpretation of the effects of water layer on the 
observed surface wave traveling through gulf areas. The 
underground structures beneath sea bottom are known to be 
strongly inhomogeneous. Therefore, it is necessary to 
simulate the seismoacoustic scattering in irregularly 
multilayered elastic media overlain by a fluid layer due to 
some scenario earthquake event. Furthermore, ocean bottom 

observations are a key feature in the modern world-wide 
standardized seismograph network (Lay & Wallace 1995). 
Correct seismic wave modelling can help to obtain valid 
interpretation of the observed waveforms.  
    Up to now, many techniques have been developed for 
calculating seismic wave excitation and propagation in 
laterally inhomogeneous media. Among those methods, the 
finite difference method (FDM) (Stephen 1988, Okamoto & 
Takenaka 2005) and the finite element method (FEM) 
(Murphy & Chin-Bing 1989) become very popular in 
modelling seismoacoustic scattering due to irregular fluid- 
solid interface because of their flexibility in modelling 
complex media. Motivated by the work of Okamoto and 
Takenaka (1999) and the work of Ge and Chen (2008) and 
in order to accurately show the acoustic-elastic interaction at 
an irregular fluid-solid interface, we propose a boundary 
element method with global matrix propagator for 
three-dimensional seismoacoustic synthesis in this paper.  
The method can be regarded as a combination of the 
traditional BEM and a global matrix propagator, which takes 
the advantage of the global matrix propagator to suppress the 
tremendous increase in computational resources required for 
simulating wave propagation in multilayered media, whilst 
retains the merits of the boundary element method. 
    The manuscript is organized as follows: first, the 
formulations in solid layers are presented for the sake of 
completeness; then the formulations in fluid layers are 
developed and connected with solid layers by standardized 
boundary conditions. After that, two three-dimensional 
simple models are used to test the validity of our method, a 
basin-like half-space model and a second model with a fluid 
layer overlying a basin-like solid half-space. 
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at (1) and (2) (p(1) in Eq. (4) is suppressed since it’s always 
equal to zero due to the free surface condition). 
    The continuity conditions at the fluid-solid interface are: 
(1) the tangential traction (not stress, be careful with the 
terminology) is zero; (2) the normal traction is continuous; 
and (3) the normal displacement is continuous, which can be 
expressed in frequency domain as follows (Medina & 
Dominguez 1989, Okamoto & Takenaka 1999) 
 

∙ 0
∙

∙
,             (5) 

 
where  and  are the element displacements and tractions 
of the solid layer at the fluid-solid interface. And the  and 

 are the unit outward normal vector and the inplane 
tangential vector of the solid layer neighboring the fluid 
layer. f is the mass density of the fluid layer. The 
displacement of the fluid uf is along the normal direction but 
points to the neighboring solid layer (i.e., the opposite 
direction of the normal vector n), which leads to the minus 
sign in front of uf.  

    By using the continuity conditions (5), we can finally 
form the global matrix equations for the whole model, as 
follows 
 

		 		 																																									

	 			 			 			 					
																⋮											⋮																						

															⋯ 			 ⋯														

													⋯ 					 ⋯													
																																						⋮				⋱						

																																																 			 	

⋮

⋮

	(6) 

 
where ,  and are extended to include the 
element pressure and its normal derivative in the water layer.  
Eq. (6) has the same number of unknowns and equations and 
can be solved without question, which gives rise to the 
solutions of the elements at all the interfaces.  
 
3.  NUMERICAL IMPLEMENTATION 
    In this section, we conduct the numerical 
implementation of the introduced method. Two models are 
used for validity testing by considering a plane P-wave 
incidence. The first model taken into account is a 3D 
basin-like half-space, shown in Fig. 3. We put all receivers 
along the surface line with y = 32 km, as shown in Fig. 4.  
    Figure 5 shows the time responses of the two horizontal 
and vertical motions along the irregular solid interface due to 
a vertically incident plane P wave for the model shown in 
Fig. 3. It can be seen from Fig. 10 that the direct waves 
appearing on the vertical component keep the same 
amplitude along the surface. Outside the irregular part of the 

surface, later arrivals on the vertical component are mainly 
due to the wave reflection at the upper part of the irregular 
surface but they seem to contain some contribution of the 
diffracted waves since their amplitude changes very slowly. 
Judging from their particle motions and apparent velocities, 
we can say that they appear to become Rayleigh waves soon 
after the departure from the edges of the irregular part of the 
interface.  
    The earlier arrivals on the X-component generated by 
the impact and subsequent reflection of the incident plane P 
wave at the irregular part of the interface grows as the 
incident wave propagates upward and reaches its maximum 
at the edges. Those diffracted waves gradually separate into 
P waves and Rayleigh waves with the increasing distance 
away from the irregular part edges.  
    However, the Y-component remains always zero due to 
the symmetry of the receivers’ location, which validates the 
correctness of the introduced method and our computational 
program.  
    The vertical component and the X-component of the 
three-dimensional time responses agree well with the 
calculated seismogram of a two-dimensional model shown 
in Fig. 4.  
 

 

Fig. 3 A schematic drawing of a 3D basin-like solid 
half-space 

 
 

 

Fig. 4 The 2D plot showing the receivers’ location in the 3D 
model shown in Fig. 3 
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Fig. 5 Time responses of all receivers shown in Fig. 3 due to 

a vertically incident plane P wave 
 
    The second model considered is a fluid layer overlying 
a basin-like solid half-space, shown in Fig. 6. We put all 
receivers along the surface line with y = 32 km, as shown in 
Fig. 7.  

 
Fig. 6 A schematic drawing of a 3D fluid layer overlying a 

basin-like solid half-space  
 
 

 
Fig. 7 The 2D plot showing the receivers’ location in the 3D 

model shown in Fig. 6 

    Figure 8 shows the time responses of the two horizontal 
and vertical motions along the irregular solid interface due to 
a vertically incident plane P wave for the model shown in 
Fig. 6. This model is a little bit more complicated than the 
first model. The flat fluid layer on both sides of second 
model will cause multiple reflections of the incident plane P 
wave easily. The multiple reflections will be interfered by 
the waves scattered by the irregular fluid-solid interface, 
which leads to the complexity of the wave field. Figure 8 
shows the displacements of both the two horizontal and 
vertical components of all receivers at the fluid-solid 
interface shown in Fig. 7. Again, the Y-component synthetic 
seismograms remains always zero due to the symmetry of 
the receivers’ location. The periodic multiple reflections at 
the flat portion of the fluid layer are clearly observed and 
interfered by the scattered waves from the inside of the 
irregular part of the model, which are modeled very well by 
the introduced methods.  
 

 

 

 
Fig. 8 Time responses of all receivers shown in Fig. 6 due to 

a vertically incident plane P wave 
 
 
4.  CONCLUSIONS 
 
    In this paper, the scattering of elastic waves at irregular 
fluid-solid interfaces is investigated. We use the direct 
boundary element method to study this wave propagation 
phenomenon in 3D models. Due to the complexity of 
realistic 3D problem, in this work we focus on the synthetic 
seismograms only. Two theoretical models are analyzed first: 
a basin-like half-space, used to validate the method; a second 
model with a fluid layer of finite thickness overlying a 
basin-like solid half-space. A plane wave incidence is 
considered as the source in our simulation. It is shown that 
the introduced method can clearly present the interactions of 
acoustic and elastic waves near the interface of fluid and 
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elastic solid.  
    Although the models considered in the present work are 
very simple, the method can be applied to complicated 
models without any problems, like a multilayered solid 
medium overlain by a fluid layer.   
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Abstract:  The source of the Camana tsunami of June 23, 2001, which was generated due to a large earthquake (Mw = 
8.4 by USGS) at the southern part of Peru, is estimated by the inversion of 10 tsunami waveforms that were recorded at 
ten tide gauge stations around the Pacific Ocean. Then, we perform the tsunami numerical inundation modeling to 
investigate the validity of this source model through comparison in term of the run-up height with field survey data 
measured around Camana city. As a results, the waveform inversion shows that large slips were estimated at the deeper 
part (> 29 km) of the fault plane, located more than 50 km from the trench axis, with a largest slip value about 9.96 m. 
The total seismic moment is calculated as 3.7x1021Nm (Mw = 8.3) for 12-subfault model. The inundation modeling result 
is consistent in terms of the run-up height data measured around Camana city. 

 
 
1.  INTRODUCTION 
 

Peru has experienced some of the largest tsunamis that 
have occurred around the world. For example, an earthquake 
off the southern coast of Peru (16.265°S 73.641°W, Mw = 
8.4 at 20:33:14 UTC according to United State Geological 
Survey, USGS) on June 23, 2001 generated a tsunami that 
according to the post-tsunami report done by the Directorate 
of Hydrography and Navigation (DHN), Peru Navy, the 
coastal cities of Oconha, Camana, Quilca and Matarani, 
located at the southern part of Peru, were significantly 
affected. In Camana the tsunami wave penetrated more than 
one kilometer causing destruction and death. This tsunami 
was recorded in several tide gauge stations placed in Hawaii, 
Japan, Australia, New Zealand and Chile with tsunami 
heights between 5 m and 20 cm. At the tide gauge station 
located at Callao, Lima-Peru, the tsunami wave was 
recorded 90 minutes after the mainshock with an initial 
tsunami height of 40 cm.  

The purpose of this study is to estimate the tsunami 
source model of the June 23, 2001 Peru earthquake by 
performing an inversion analysis from tsunami waveforms 
and then perform a tsunami inundation modeling to 
investigate the validity of this source model through 
comparison in term of the run-up height with field survey 
data measured around Camana.  
 
2.  DATA AND METHOD 
 
2.1  Bathymetry and Topography Data 

In order to perform the tsunami waveform inversion the 

bathymetry data are taken from the General Bathymetry 
Chart of the Ocean (GEBCO) 30 arc-seconds grid data for 
the computation domain.  

To perform the tsunami inundation modeling the 
computational area is divided into four domains to construct 
the nested grid system. The bathymetry/topography data for 
the first to the third domains are resampled from GEBCO 30 
arc-seconds grid data. The bathymetry data for the fourth 
domain is constructed from the nautical chart provided by 
DHN and the topography data are merged from the Thermal 
Emission and Reflection Radiometer (ASTER) 1 arc-second 
resolution and 50 m resolution contour line data from 
Camana Local Government. The grid size varies from 810 
m to 30 m. 
 
2.2  Tide Gauge Data 

The June 23, 2001 Peru tsunami was recorded in 
several tide gauges around the world. In this study the tide 
gauge data are taken from the National Oceanic and 
Atmospheric Administration (NOAA)/Pacific Marine 
Environmental Laboratory (PMEL), Center for Tsunami 
Research and are provided by the National Oceanic Services 
(NOS)/NOAA, Field Operation Division, Pacific Regional 
Office.  

Among all tide gauge stations data, only ten tide gauges 
are used as input data which has 1 minute data sampling, 
two tide gauge stations located in Peru and the rest of them 
located in Chile. In order to obtain the tsunami signal from 
each tide gauge data, firstly the initial time of the earthquake 
must be subtracted (T0 = 06/23 20:33:14 UTC, according to 
USGS. After that the astronomical signal could be estimated 
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by fitting a polynomial regression model using the entire 
data thus it can be removed from the original data. Finally 
these observed tsunami signals can be compared with the 
synthetic tsunami signal obtained in the tsunami propagation. 
Figure 1 shows the locations of the tide gage stations used 
for the tsunami waveform inversion analysis. 

 

Figure 1   Green rectangles indicate the location of the tide 
gauge stations. Red star shows the epicenter (USGS). Lower 

hemisphere projection is the Global Centroid Moment 
Tensor (GCMT) solution. 

 
2.3  Field Survey Data 

The International Tsunami Survey Team (ITST) 
conducted a field survey along the area affected by the 
tsunami with the main purpose to examine the tsunami 
damage, to measure the tsunami run-up height and the extent 
of inundation and also to interview the eyewitnesses of the 
event. The measured tsunami run-up around Camana city 
done by the ITST (2001abc) is used in this study to validate 
the tsunami inundation model.  
 
2.4  Tsunami Waveform Inversions 

In order to estimate the extent of the rupture area and 
the slip amount distribution, we divided the source into 12 
subfaults that cover the aftershock area during one month 
after the mainshock (Figure 2). The subfault size is 50 km x 

50 km. The top depths are 14.15 km and 29.60 km for 
shallow and deep subfaults, respectively. The epicenter is 
located on the northern subfault. The focal mechanisms for 
all the subfaults are strike = 308°, dip angle = 18° and slip 
angle = 63° from the GCMT solution of the mainshock 
(Table 1). 

To calculate the tsunami propagation initiated at each 
subfault, the lineal shallow-water or long-wave equations 
were numerically solved by finite-difference method (Satake, 
1995). The governing equations are described in Fujii and 
Satake (2006). The previous Figure 1 shows the computation 
area, there are 1800 x 3600 grid point along the longitude 
and latitude, respectively. For the initial condition, static 
deformation of the seafloor is calculated by using the 
rectangular dislocation model (Okada, 1985). We also take 
into consideration the effect of the seismic horizontal 
displacement in region of steep bathymetry slope (Tanioka 
and Satake, 1996). 

 

Figure 2   Subfaults location and numbers. Red star shows 
the mainshock epicenter. Red circles indicate aftershocks 

within one month after the mainshock. 
 

2.5  Tsunami Inundation Modeling 
The numerical simulation is conducted by using 

TUNAMI-N2 (Tohoku University’s Numerical Analysis 
Model for Investigation of Near-filed tsunami No.2) code 
based on shallow water theory and Cartesian coordinate 
system (Imamura, 1995), which was developed by Disaster 
Control Research Center (DCRC), Tohoku University, Japan. 
The computation time for the tsunami propagation is 3.5 
hour. In order to satisfy the stability condition the time step 
is 0.2 s. The tsunami inundation is calculated on the fourth 
domain using 1 arc-second of bathymetry and topography 
grid data, and in this domain there are 1200 x 900 grid points 
along the longitude and latitude directions, respectively, for 
which the total computation time is 3.5 hours. The value of 
the Manning’s roughness coefficient is assumed to be equal 
to 0.025 (Koshimura et al, 2009). 
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3.  RESULTS AND DISCUSSION 
 
3.1  Tsunami Source Model 

The source model of the 2001 Peru earthquake has been 
estimated by a tsunami waveform inversion from tide gauge 
data (Satake, 1987). We used non-negative least square 
method and delete-half jackknife method to estimate the slip 
and error, respectively (Fujii and Satake, 2006). The 
observed tsunami waveforms at tide gauge were sampled at 
1 min interval, hence the synthetic waveform are also 
computed at 1 min interval. We used the first cycle of 
tsunami waveform because the spatial resolution of the 
bathymetry data may prevent accurate modeling of later 
phases such as reflected waves. 

The inversion results are shown in Table 1 and Figure 3. 
The largest slips are estimated on the center of the source 
region, at the deeper region of the fault. The two largest slip 
amounts (8.72m and 9.96 m) are located in front of coastal 
area of Camana city, less than 50 km, which is responsible 
for generating abnormal large tsunami in this area. The total 
seismic moment is calculated from this slip distribution as 
3.7x1021Nm (Mw = 8.3) for 12-subfault model. 

The synthetic waveforms generally agree well with the 
observed tsunami waveform at most of the tide gauge 
stations (Figure 4). Although, the amplitudes at Calderas and 
Callao stations are greater than the observed, this might 
occur due to the poor bathymetry data around their locations. 
The tsunami waveforms at Arica, Antofagasta, Coquimbo, 
Valparaiso, San Antonito and San Juan are well reproduced 
in terms of amplitude and arrival time. The tide gauge data at 
Lobos is not used for inversion due to the poor quality of the 
tsunami signal.  

 

Figure 3   Slip distribution estimated by inversion analysis 
of tide gauge data. Blue star shows the mainshock epicenter. 
Red circles indicate aftershocks within one month after the 

mainshock. 

Table 3   Subfault parameters obtained by tsunami 
waveform inversion of tide gauge data. 

No. Strike Dip 
Slip 

angle 
Length 
(km) 

Width 
(km) 

Slip 
(m) 

Top depth 
(km) 

1 308° 18° 63° 50 50 0.01 14.15 

2 308° 18° 63° 50 50 0.00 14.15 

3 308° 18° 63° 50 50 2.66 14.15 

4 308° 18° 63° 50 50 0.00 14.15 

5 308° 18° 63° 50 50 0.00 14.15 

6 308° 18° 63° 50 50 0.00 14.15 

7 308° 18° 63° 50 50 0.00 29.60 

8 308° 18° 63° 50 50 1.51 29.60 

9 308° 18° 63° 50 50 9.96 29.60 

10 308° 18° 63° 50 50 8.72 29.60 

11 308° 18° 63° 50 50 6.83 29.60 

12 308° 18° 63° 50 50 0.12 29.60 
 
 The obtained slip distribution is similar to those of 
Kikuchi and Yamanaka (http://wwweic.eri.u-tokyo.ac.jp/EIC 
/EIC_News/105E.html). Their result (seismic moment is 
calculated as 2.2x1021 Nm, Mw = 8.2) shows that the largest 
slip of 3 m to 5 m is located at the southern part of the 
epicenter approximately 75 km south of Camana city. Our 
subfaults 3, 8 and 9 may correspond to their asperities.       
 

Figure 4   Comparison of observed (red lines) and 
synthetic (blue lines) tsunami waveforms. The ranges shown 
by the solid lines are used for the inversion while the dashed 
lines parts are not used for the inversion but are shown for 
comparison. The tide gauge data at Lobos is not used for 
inversion due to the poor quality of the tsunami signal. 
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3.2  Seafloor Deformation due to the Source Model 
The initial seafloor deformation due to our source 

model of 12 subfaults is calculated by using rectangular 
dislocation model (Okada, 1985). Figure 5 shows the 
deformation result where the maximum uplift value is ~2.40 
m and the minimum subsidence value is ~1.03 m. The 
spatial distribution of the uplift part is located offshore; 
consequently the subsidence part is extended towards the 
land area.   

Figure 5   Calculated seafloor deformation due to the fault 
model. (Above) The 3D views of the deformation result. 
(Below) The red contours indicate uplift with the contour 

interval of 0.25 m, while the blue contours indicate 
subsidence with the contour interval of 0.25 m. 

 
 

3.3  Tsunami Inundation Modeling 
In general, the computed tsunami inundation area along 

the coastline of Camana city agrees well with the observed 
inundation area. Although, on the northern part the 
inundation results are slightly overestimate the field survey 
data. This might indicate the limitation of the tsunami 
inundation model using the shallow water approximation, 
and the possibility that the field data represents the extreme 
feature of tsunami run-up height, or lack of bathymetry and 
topography features in the model (Koshimura et al, 2009).  
 

Figure 6   Computed maximum tsunami runup height. 
Background satellite image LandSsat (path=4, row=71) 

The inundation result from our source model is 
validated through the comparison with field survey data 
from ITST (2001abc) in terms of the run-up height. It is 
performed by using K and k proposed by the equations (1), 
(2) and (3) (Aida, 1978). Where Ri and Hi are the measured 
and modeled values of tsunami runup height at point i, 
respectively. 

 
 
 
 
 

 
 
 
 
 
 

 
The local inundation depth is the result of measuring 

water marks on structures or debris on trees above the 
ground while the inundation height is the result of measuring 
water marks or debris above the astronomical tide level 
when the tsunami arrived. We calculate the computed runup 
height based on the local inundation depth result and the 
topography data used in the inundation modeling. According 
to the ITST (2001abc) approximately 20 points were 
obtained for tsunami run-up height. JSCE (2002) empirically 
provides the guideline for a tsunami numerical modeling 
suggesting that 0.95 < K < 1.05 and κ < 1.45 as the threshold 
of valid tsunami source to develop the tsunami hazard 
assessment. Figure 7 shows the comparison between 
observed and computed tsunami runup. Our model satisfies 
the K and k values (K=1.0 and k=1.4) recommended by 
JSCE (2002), excluding the higher values which might be 
the result of the lack of bathymetry and topography data in 
the tsunami modeling. 

 

Figure 7   Comparison between observed tsunami runup 
height and computed tsunami runup height around Camana 

city.  
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3.  CONCLUSIONS 
 

The tsunami source based in 12 subfaults for the June 
23, 2001 Peru earthquake is estimated by tsunami waveform 
inversion from tsunami tide gage records and then we 
performed tsunami inundation modeling based on the 
shallow water approximation and by using four 
computational domains that are connected with nested grid 
system. The waveform inversion result shows that large slips 
were estimated at the deeper part of the fault plane, with a 
largest slip value as 9.96 m. The total seismic moment is 
calculated as 3.7x1021Nm (Mw = 8.3) for 12-subfault 
model. The inundation modeling result is consistent in terms 
of the run-up height and inundation area measured around 
Camana city. Considering the validation result through the 
inundation modeling, our source model can be used as 
tsunami source of June 23, Peru earthquake. 
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