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PREFACE

Iam very pleased to launch the 2" International Conference on Urban Earthquake Engineering.
This conference is organized by the Center for Urban Earthquake Engineering (CUEE), which
was established at the Tokyo Institute of Technology in September 2003, to carry out the 21
Century Center of Excellence (COE) program entitled “Evolution of Urban Earthquake
Engineering” sponsored by the Ministry of Education, Culture, Sport, and Technology (MEXT)
for 5 years from 2003-2008. This COE program, currently at the end of the second year, aims not
only to promote research for the overall earthquake risk reduction technology but also to
strengthen the graduate education program as well as to launch international collaboration in
research and education.

Since the first successful conference held in last March, CUEE has been working towards
making various contributions in the areas of the following three major research topics:

(1) Advanced Technology for Earthquake Disaster Mitigation

(2) Renovation Technology for Urban Earthquake Resilience

(3) Strategic Plan for Urban Seismic Risk Reduction

This second conference aims not only to exchange and discuss with experts in-depth information
on these topics but also to promote collaboration and interaction with foreign and local research
institutions, as well as government and non-government organizations.

The Niigata-Ken Chuetsu earthquake that hit Niigata prefecture on October 23, 2004, killed
forty people and injured almost 3,000. Numerous landslides triggered by the earthquake damaged
local communities that comprise a complicated web of people, lifeline facilities and natural
eco-systems. The tragedy caused by the Sumatra Island earthquake and tsunami of December 26,
2004 has been really stunning and heartbreaking on the global scale. Reportedly more than
200,000 people were killed by the tsunami, and as many as one third of the total killed were
children. These catastrophic disasters and the subsequent widespread disaster chain reinforce the
pressing need for enhancing our R&D activities, especially in collaboration with foreign
institutions. We would appreciate your kind participation, contributions and fruitful discussions

during this conference.

Tatsuo Ohmachi

Director and Professor, Center for Urban Earthquake Engineering and

Program Leader, 21* Century Center of Excellence (COE) program entitled “Evolution of Urban
Earthquake Engineering”
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Abstract: Collapse prevention is a major constraint in the design decision process. Because of
shortcomings in analytical modeling, collapse usually is assumed to be associated with an acceptable story
drift. Recently, the introduction of realistic deterioration models has made it possible to predict structural
response close to collapse. Evaluation of collapse capacity can be based on a measure called relative
intensity, which is defined as the ratio of ground motion intensity to a structure strength parameter. Using
this measure, the proposed approach for design for collapse safety consists of (a) specifying performance
targets (e.g., tolerable probability of collapse at certain hazard level, mean annual frequency of collapse), and
(b) deriving engineering parameters for system selection, using the relatively simple design decision support
tools discussed in this paper. The proposed approach addresses the effects of aleatory and epistemic
uncertainties on these engineering parameters. Application of this approach is illustrated through examples
and discussions provided in the paper.

1. INTRODUCTION

Collapse in earthquake engineering implies loss of vertical (gravity) load carrying capacity of the
structure during and after ground shaking. In modern structures in which brittle failure modes are
prevented, collapse is usually triggered by large interstory drifts that are amplified by P-A effects
(Bernal 1992, Gupta and Krawinkler 1999) and deterioration in strength and stiffness of structural
elements (Ibarra 2003). In performance assessment, an already selected and proportioned structural
system can be evaluated for its ability to resist ground motions without collapse, provided that reliable
analytical models are available to predict behavior in the inelastic range up to collapse.

Design is different from performance assessment, by virtue of the fact that the building and its
structural components and system first have to be created. Good designs are based on concepts that
incorporate performance targets up front in the conceptual design process, so that subsequent
performance assessment becomes more of a verification process of an efficient design rather than a
design improvement process that may require radical changes.

Collapse prevention is one of the major constraints in the design decision process. Because of
shortcomings in analytical modeling, collapse is usually assumed to be associated with an acceptable
story drift. This approach does not permit redistribution of damage and does not account for the
ability of the structural system to sustain deformations without collapse that are significantly larger
than those associated with loss in resistance of individual elements. Ibarra (2003) has developed a
methodology for evaluating structural collapse capacity for deteriorating structural systems. In
Ibarra’s study, the evaluation of collapse capacity is based on a measure called relative intensity, which
is defined as the ratio of ground motion intensity to a structure strength parameter. The same
measure will be used throughout this paper to address design for collapse safety.



This paper is concerned with conceptual design for collapse safety. The first task is to identify
structural parameters that significantly affect the structure’s collapse capacity and develop collapse
capacity fragility curves associated with different combinations of these structural properties. The
second task is to address the effects of uncertainties, both aleatory and epistemic, on the collapse
capacity. The final task is to develop a process for estimating suitable structural properties that
satisfy specified collapse performance targets. Conceptual design for collapse safety is greatly
facilitated by focusing on discrete performance targets associated with discrete hazard levels, similar
to the way it is being practiced in most of the performance-based guidelines presently in use. A more
general approach is to define the performance target in the form of a tolerable mean annual frequency
of collapse. Both options are pursued in the following discussion.

2. DOMAINS THAT CONTROL DESIGN FOR COLLAPSE SAFETY

Design for collapse safety comprises two domains; the Hazard Domain, and the Structural System
Domain as illustrated in Figure 1. In conceptual design for collapse safety, the objective is to search -
for effective solutions at a time at which the details of the structural system are yet to be determined.
In the following discussion the content of the two domains is summarized.

Hazard | Structural System
Domain Domain

Mean Hazard
Curve(s) for Design Collapse Fragllity Curves

Alternatives for Design Alternatives
Ape (IM) P(C|IM)

Figure 1: Domains controlling design for collapse safety

2.1 Hazard Domain

The hazard domain contains the return period dependent description of the ground motion intensity
plus associated time history records. The intensity measure could be a scalar or a vector quantity (Baker
and Comell 2004), with the latter being of particular importance in the case of near-fault ground motions.
In the numerical example presented later the spectral acceleration at the first mode period of the structural
system (Sq(77)) is used as IM. The process of developing hazard curves involves many scientific
assumptions (Kramer 1996). This means that there is epistemic uncertainty in the evaluation of a hazard
curve. It has been shown by Jalayer (2003) that the epistemic uncertainty in the hazard is dealt with by
using the mean hazard curve, denoted as 4, (/M) , which reflects directly the epistemic uncertainty
involved the process of developing hazard curves. It is important to note that the mean hazard curve
changes with the first mode period of the explored structural system.

The records selected to represent the seismic input for specific /M values affect the collapse fragility
curves contained in the structural system domain discussed in Section 2.2. The associated issues of
ground motion scaling and near-fault effects have been and still are the subject of research and are not
discussed further in this paper.

2.2 Structural System Domain

This domain contains collapse fragility curves, which portray, for a given structural system, the
probability of collapse as a function of the intensity measure (P(C|[M)). Such curves can be obtained by
subjecting deteriorating structural systems of specific properties to sets of ground motions representative
of the range of IMs in which collapse is expected. If all component deterioration modes are adequately
presented in the analytical model, it should be feasible to analytically trace structures till collapse by



incrementing the /M of the ground motion until a minute increment in /M leads to a very large increment in
a global engineering demand parameter, EDP (such as maximum interstory drift), indicating dynamic
instability.

Research has been performed recently on the “collapse capacity” of moment resisting frames,
utilizing component hysteresis models that account for strength deterioration in the backbone curve
(see Figure 2) and for cyclic deterioration in strength and stiffness (Ibarra 2003). The collapse
capacity is defined as that value of the “relative intensity”, defined here as [S,(T;)/g]/y (y = base shear
strength coefficient V;,/W) at which dynamic instability occurs due to deterioration and P-A effects. It
is noted that [S,(T;)/g]/y is equivalent to the ductility dependent strength reduction factor R,. The
probability density function (assuming a lognormal distribution) of the collapse capacity is obtained as
illustrated in Figure 3, and the corresponding cumulative distribution function represents the collapse
fragility curve, P(C|IM). Collapse fragility curves of the type shown in Figure 4 have been derived
for regular and soft story frames subjected to a set of 40 ground motions. It has been concluded that
the collapse fragility depends primarily on the component ductility capacity ./, (which is assumed to
be the same for all components in the structure), the post-capping stiffness ratio ¢, (see Figure 2), and
the cyclic deterioration parameter y;cx.. These parameters, together with the fundamental period T
and the base shear strength parameter y = V;/W, control the design for collapse safety.

F, AF K=ok, Capping MAX. STORY DUCTILITY vs. NORM, STRENGTH
F (Peak) Point N=9, T,=0.9, =0.05, K,, S,, BH, 8=0.015, Peak-Oriented Model,  /
4 K, 1 0,=20.05, 8/8,=4, 01, =0.10,Y, ., ,inf, LMSR-N H
K=o, : —
Residual F=2F, S S
Strength N 3 6
6 =~
Elastic Stiffness % & ¥ SRR o e
—— —
R I Individual responses i
0 = ; ;
e 0 10 20 30
Post-Capping Stiffness - Hardening Stiffness Maximum Story Ductility Over the Height, i, ..,
Figure 2. Backbone curve for deteriorating Figure 3: IDAs till collapse and distribution of
component hysteresis models (after Ibarra 2003) collapse capacity (after Ibarra 2003)

The aleatory uncertainty due to the record-to-record variability is represented in the collapse
fragility curve. If a lognormal distribution is considered for the probability of [S,(7;)/g]/y associated
with collapse, it’s measure of dispersion (which is the standard deviation of the log of the data), Src
(“Randomness in collapse Capacity”), is the representation of aleatory uncertainty. The epistemic
uncertainty in the evaluation of collapse fragility curves, which has a number of sources, with lack of
knowledge about the exact structural properties and inaccurate structural modeling being two major
ones, affects the median estimate of [S.(7;)/g]/y associated with collapse but it is assumed to have no
effect on frc. In other words, the lognormal distribution that was considered for collapse fragility
curves has a random median value and a constant dispersion of frc. Detailed representation of
epistemic uncertainty in the evaluation of collapse fragility curves is discussed in Section 3.2.

3. DECISION SUPPORT IN CONCEPTUAL DESGIN FOR COLLAPSE SAFETY

3.1 Design for Tolerable Probability of Collapse at a Specific Hazard Level

In most codes and guidelines it is assumed that adequate collapse safety is provided by limiting the
maximum story drift at the design earthquake level to a specific value (e.g., a drift limit of 0.02 at the
10/50 hazard level). The drift at this hazard level is estimated from either an elastic analysis or an



inelastic time history analysis. But the latter usually is executed with the use of component
hysteresis models that do not account for strength and stiffness deterioration. Thus, these EDP
predictions provide no insight into the probability of collapse. With the advent of deterioration
models that do account for important aspects of deterioration it is becoming possible to trace the
response of structures to collapse (Ibarra 2003, Sivaselvan and Reinhorn 2000, Song and Pincheira
2000) and to be specific about a collapse performance target. Such a target could be expressed as a
tolerable probability of collapse at a specific hazard level (say, 10% at the 2/50 hazard level), which
could include a confidence statement (say, 10% at the 2/50 hazard level with 90% confidence) if
epistemic uncertainty is accounted for. Figure 5 illustrates the design for collapse safety for a
specific hazard level. The intersection of the line denoting the /M value at the specified hazard level
with the line denoting the tolerable probability of collapse divides the design alternatives into a
feasible and an unfeasible solution space.

[S.(T,)/gl/Y vs PROBABILITY OF COLLAPSE
N=9, T,=0.9, BH, Peak Oriented Model, LMSR-N,§=5%,
@,=0.03,0,/8 =Var, @.=Var, ¥, .= Inf, A=0

Structural System Domain

1 —— Mean Hazard Collapse Fragility Curves
o " — Curve(s) for IM  for Design Alternatives
£ e s Design Alternatives
E:: 06 ~ B I | - O >
% 0.4 s :;-0:10 |
2 024 AWy . ::;: i

—] #‘!3 f . 0.30 A(IM) ! ! P(C lIM)

; =" ‘ : :

' ’ [S.(To/eln 1 n 4*)

Figure 4. Collapse fragility curves for 9-story Figure 5: Conceptual design for collapse

frame structures with 77 = 0.9 s (after Ibarra 2003) safety at discrete hazard levels

3.2 Design for Tolerable Mean Annual Frequency of Collapse

A different way to express desired collapse performance is to target a tolerable mean annual
frequency (MAF) of collapse. If epistemic uncertainty is considered, a confidence level should be
associated with the MAF, which then can be expressed as Ac (e.g., tolerable mean annual frequency
of collapse of 0.0004 with 90% confidence, 4. =0.0004). This performance target is more general
(it permits the estimation of the probability of collapse over an expected life time), but it is more
difficult to implement because the computation of a MAF requires integration over the hazard curve:

d Asi(sa) O

3= [ P'(Clsa)

In Equation 1, P*(C|sq) is probability distribution function of the collapse capacity in terms of
Sa(T;), or simply Sa, associated with collapse for confidence level x. The uncertainty in this
probability distribution function, which has been accounted for in the calculation of MAF of collapse
by introducing a confidence level x, is due to epistemic uncertainty. The other source of uncertainty
is the aleatory uncertainty which has been discussed in Section 2.2. The epistemic uncertainty
affects the estimate of the median of the collapse capacity, N , and it is assumed that it has no effect
on frc. The effect of epistemic uncertainty on 7. is described by Byc (“Uncertainty in collapse
Capacity”) which is the dispersion of the lognormal distribution fitted to the median estimates of 77 . .
Jalayer (2003) has introduced a closed form solution, Equation 2, to estimate A :

d Asa(sa)

3= [ P*(Clsa)

- [Ze(h) [eXp Lig,: ][eXp[Kx(kﬁyc)]]
[ ] (2 ) ()



_ The simplified expression on the right-hand side contains the MAF of the median collapse capacity,
25, (M) , and two terms that account, in an approximate manner, for the uncertainties inherent in the
computation of the collapse capacity. The second term on the right hand side of Equation (2)
accounts for the aleatory uncertainty and contains the slope of the hazard curve, &, at the referenced
spectral acceleration value, and the dispersion, Brc, due to record to record variability in the collapse
fragility curve.. The dispersion Sgc in Equation (2) is found to be on the order of 0.4 to 0.5 (except
for long period structures for which it is smaller because of the dominance of P-delta effects). The
third term on the right hand side of Equation (2) accounts for the epistemic uncertainty. Pilot studies
have shown that the dispersion due to epistemic uncertainty in the collapse fragility curve, Syc, may be
as large as or larger than that due to aleatory uncertainty (Ibarra 2003). For this reason, it is assumed
that Byc is 0.4 in the example described below. K _ is the standardized Gaussian variate associated
with probability x of not being exceeded, and x is the confidence level that is sought for design.

4. EXAMPLE IMPLEMENTATION OF DECISION SUPPORT FOR COLLAPSE SAFETY

Providing collapse safety implies adherence to capacity design concepts, and it implies design for
ductility. The latter is implicitly considered in present design approaches with the judgmental
response modification (R) factor or behavior (g) factor. These factors are tied to component detailing
(ductility) requirements, and in the design process they are used to reduce the strength design level to a
fraction of the elastic demand associated with the spectral acceleration at the first mode period. To
this date it is not known whether or not this R (or g) based design process provides a quantifiable, or
for that matter even remotely consistent, factor of safety against collapse. Provided one can develop
confidence in the collapse fragility curves of the type illustrated in Figure 3, the process illustrated
conceptually in Section 3 can be utilized to perform designs that target a specific tolerable probability
of collapse. This is illustrated next with an example.

The example addresses a 9-story office building, located in Southern California. Desired
performance at the collapse prevention level could be expressed in terms of a tolerable probability of
collapse at a specified hazard level or alternatively, a tolerable mean annual frequency of collapse.
These two alternatives implicitly consider the aleatory uncertainty involved in the estimation of
collapse capacity. The epistemic uncertainty can be dealt with by introducing confidence levels for
design targets. These design targets could be expressed as a tolerable probability of collapse at a
specified hazard level with a certain confidence statement, or a tolerable mean annual frequency of
collapse with a certain confidence level.

4.1 Design for Tolerable Probability of Collapse at a Specific Hazard Level

In the example it was decided to use reinforced concrete moment-resisting frames as the primary
structural system. Because of space constraints, only moment frames with 7; = 0.9 and 1.8 sec. and
with a base shear strength coefficient y = V;/W = 0.1, 0.2, and 0.3 are considered as alternatives. For
the same reason the effect of epistemic uncertainty, which may be expressed in terms of a confidence
statement, is ignored in this section. The site specific spectral acceleration hazard curves for the
period of 0.9 sec. and 1.8 sec. are shown in the left portion of Figure 6. At the 2/50 hazard level, the
collapse fragility curves for the structures with 7; = 0.9 sec. and y = 0.1, 0.2, 0.3, and 7; = 1.8 sec. and
y = 0.1, 0.2, shown in the right portion of Figure 6 (which is magnified at the left hand side of the
figure), indicate that the actual probability of collapse is greater than 0.1, rendering these solutions
undesirable for collapse safety. Only for the 7; = 1.8 sec. and y = 0.3 structure, the collapse fragility
curve in the right portion of Figure 6 indicates that the actual probability of collapse is smaller than 0.1
at 2/50 hazard level, rendering this solution desirable for collapse safety.

One could inspect collapse fragility curves for stronger structures, or, perhaps better from the
perspective of behavior, take advantage of collapse capacity spectra of the type shown in Figures 7 and



8 (Ibarra 2003). These spectra show the relative intensity [S,(77)/g]/y associated with a certain
probability of collapse (10% in Figure 7, and 50% in Figure 8) for frame structures with 7; = 0.1N (N
= number of stories) and several combinations of system parameters (see Figure 2). The spectra
illustrate the effect of component ductility capacity (J./d,) on the relative intensity, assuming «, = -0.1
and no cyclic deterioration (y;cx, =8 ). For a tolerable probability of collapse of 10% in a 2/50 event,
data of the type shown in Figure 7 provides the necessary design decision support (similar spectra are
available for other combinations of system parameters). For instance, if 77 is selected as 0.9 sec. and
the component ductility capacity is 4.0, the [S,(T;)/g]/y value for a 10% probability of collapse is 4.6,
which for the 2/50 hazard of the example problem (S,(0.9) = 1.7g) results in a required base shear
strength coefficient of y = 1.7/4.6 = 0.37. A larger ductility capacity (better detailing) or a more
flexible structure can reduce the required strength. For instance, for T; = 0.9 sec. and §./6, = 6, the
[S«(T1)/g)/y value is 5.4, which would result in y = 1.7/5.4 = 0.31. Alternatively, a more flexible
structure could be selected. For T; = 1.8 sec. and &./8, = 4, the [S.(T;)/g]/y value is 3.5, which for the
2/50 S, value of 0.86g at 1.8 sec. results in a required base shear strength coefficient of y = 0.86/3.5 =
0.25.
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Figure 6: Example of conceptual design for collapse safety at discrete hazard levels
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These are the kind of trade-offs that can be evaluated through the use of collapse probability spectra of
the type shown in Figure 6, presuming that a tolerable probability of collapse is specified at a specific hazard
level. It is important to note that the benefits of component ductility capacity and of flexibility are much
smaller than anticipated from code design procedures. An increase in 6,/3, by 50% (from 4 to 6) only led to
a decrease in required base shear strength coefficient y from 0.37 to 0.31, and an increase in 77 from 0.9 to 1.8
sec. only led to a decrease in required base shear strength coefficient y from 0.37 to 0.25 even though the
elastic strength demands would differ by a factor of 2.0 in the constant velocity region of design spectra.

4.2 Design for Tolerable Mean Annual Frequency of Collapse

Continuing the above example, let us target a tolerable mean annual frequency of collapse of
0.0002 (i.e., a tolerable probability of collapse of approximately 0.0002x50 = 0.01 in a 50 year life
span) and for the time being ignore the epistemic uncertainty by not specifying a confidence level of
this design target. For this case, Equation 2 reduces to

o = [sa(ic)] [exp(gkwmz)] ©

The above collapse safety criterion could be used, together with [S.(T})/g]/y spectra for a 50%
probability of collapse (see Figure8), to arrive at effective design solutions. Again using the example
of the 9-story frame structure, the following design alternatives could be explored. If a period of 0.9
sec. and a component ductility capacity of 6,/9, = 4 are targeted, then the median [S,(T;)/g]/y value
from Figure 8 is 7.7. For the site specific hazard curve the slope of the S, hazard curve in the
neighborhood of a MAF of 0.0001 to 0.0004 is about 2.2, and the Brc value is about 0.4 (Ibarra 2003).
Thus, from Equation (3) the MAF of the S, associated with the 50% probability of collapse, A, (),
is equal to 0.0002/exp(0.5x2.2°x0.4%) = 0.000136. From the S, hazard curve for the site of the
example problem, the corresponding S, is 2.8g, and the corresponding y value is 2.8/7.7 = 0.36.
Alternatives are to increase the component ductility capacity (if it is increased from 4 to 6, [S.(T1)/g]/y
is 8.9, and for the same 4, (%) of 0.000136 the y value becomes 2.8/8.9 = 0.31), or to increase the
structure period. If, for instance, T; is 1.8 sec., the [S,(77)/g]/y value from Figure 8 is 5.4 (for &,/6, =
4), and, using the site specific k value of 2.4 for the T = 1.8 sec. hazard curve, 4,(.) becomes
0.000126, the S, value for this MAF is 1.4g, and the base shear strength parameter y becomes 1.4/5.4 =
0.26

By including the epistemic uncertainty, one could target, for instance, a 90% confidence level for a
mean annual frequency of collapse of 0.0004 (2% in 50 years). Using the process illustrated previously,
if a period of 0.9 sec. and a component ductility capacity of &./3, = 4 are assumed, then the median
[S«(T1)/g)/y value from Figure 8 is 7.7. For the site specific hazard curve the slope of the S, hazard curve
in the neighborhood of a MAF of 0.001 to 0.004 is about 2.2, and the Src value is about 0.4. For the 90%
confidence level, the K, value is 1.28. Using Byc = 0.4, the MAF of S, at the median collapse
capacity, 4, (1) , is computed from Equation (2) as 0.0004/[exp(0.5x2.2°x0.4%).exp(1.28x2.2x0.4)] =
0.000088. From the S, hazard curve the corresponding S, is 3.4g, and the corresponding y value is 3.4/7.7
=0.44. This is a large value that would control strength design. As before, alternatives are to increase
the component ductility capacity (if it is increased from 4 to 6, [S,(7T;)/g)/y is 8.9, and for the same
s, (1) of 0.000088 [presuming that both Src & Byc are insensitive to the ductility change] the y value
becomes 3.4/8.9 = 0.38), or to increase the structure period. If, for instance, 7} is 1.8 sec., the [S.(T1)/g]/y
value from Figure 8 is 5.4 (for 4./, = 4), and, presuming that & is also about 2.4 for the T = 1.8 sec. hazard
curve, the S, value for a MAF of 0.000074 becomes 1.8g, and the base shear strength parameter y becomes
1.8/5.4=0.33.



The importance of including epistemic uncertainty and an associated confidence level can be
quantified by computing the base shear strength coefficient y for a targeted mean annual frequency of
collapse of 0.0004 from Equation (3), i.e., by ignoring the epistemic uncertainty. In this case y becomes
0.26 for T; = 0.9 sec. and 6./, = 4, as compared to the value of 0.44 for the case including epistemic
uncertainty and a high confidence level of 90%. This example demonstrates that epistemic uncertainty
together with a high confidence level can indeed have a large effect on the target design strength of frame
structures (the assumed value of Syc = 0.4 is believed to be realistic).

S. CONCLUSIONS

This paper proposes two approaches to accomplish effective design for collapse safety and
illustrates them conceptually and through examples. Conceptual design for collapse safety implies a
decision process that leads to the selection of one or several effective design alternatives based on
either a tolerable probability of collapse at discrete hazard levels or a tolerable mean annual frequency
of collapse with or without a confidence statement, depending on the incorporation or exclusion of
epistemic uncertainty. The implementation challenges are to identify structural parameters that
significantly affect the structure’s collapse capacity, to develop collapse fragility curves associated
with different combinations of these structural properties, to quantify the effects of uncertainty, both
aleatory and epistemic, on collapse fragility curves, and to develop a process for estimating structural
properties that meet specified collapse performance targets. It was shown by example that increasing
the flexibility (choosing a structure with larger natural period) or increasing the ductility capacity of
structural members reduces the required strength for collapse safety — but by a smaller amount than
anticipated based on present code design concepts. Uncertainties, both aleatory and epistemic, have
a significant effect on the outcome of the conceptual design for collapse safety.
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Abstract: The earthquake resistant capacity of a structure with uncertainties is evaluated by fragility curves
based on the probabilistic concept. We estimate fragility curves by using Monte Carlo simulation (MCS) and
limit seismic intensity. For the effective estimation of the tail part, namely low conditional failure probability,
we use the Subset simulation method. Samples are generated to search the failure region in each subspace by
using Markov Chain Monte Carlo (MCMC). The effect of phase spectrum uncertainties on the fragility curve
is also examined and a method to define a design earthquake motion eliminating phase uncertainties

1. INTRODUCTION

The necessity of effective method to estimate the low failure probability of structural system is
increased from the standpoint of evaluation of life cycle cost, risk and probabilistic safety assessment
(PSA). In seismic PSA, the seismic load and the strength of structure are often estimated separately.
The former is modeled based on the probabilistic concept, a seismic hazard curve. On the other hand
the structure strength with uncertainties is modeled by a fragility curve.

It is important to estimate the tail part of fragility curve, very low conditional failure probability
of structural system, in order to compute the failure probability accurately. We propose an efficient
method to estimate a fragility curve by using MCS and limit seismic intensity. Limit seismic intensity
is defined as the minimum amplitude of an input motion causing damage to a structure, in other words,
input motion level at where the safety factor of structural system becomes 1.0. In our research, we use
the Subset simulation method proposed by Au and Beck (2002), in which samples in each subspace
are generated by using MCMC (Gilks et al., 1996).

In following section, we first explain the concept of limit seismic intensity and Subset simulation
method, and then show results of numerical simulations in which fragility curves of a steel bridge pier
are calculated by the proposed method. Effect of input motions to the fragility curves is also
investigated to make clear importance of phase characteristic of earthquake motions.

2. ESTIMATION OF FAILUEWE PROBABILITY WITH LIMIT SEISMIC INTENSITY

In general a limit state function defines the failure region as follows,
g(S,xR)<20 (1)
where, S is a structural parameter with uncertainty, which is sensitive to the limit state, xz and z, are
the other uncertain parameters and threshold value to define the failure, respectively. The inverse
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function R(zg, xz ) is defined to calculate S which satisfies g(S, xz)=zo. The R is defined as limit
intensity. We assume R<S for failure zone in following discussion. Assuming independence between S
and the other parameters, the probability density function (hereafter referred as for pdf) of parameters
is expressed by,

F(5.%0) = £5(S) s, (%) @
The failure probability can be obtained as follows, |
Py =, f(S.x)Sdxy = [y g f5(S) foy (X ) = [([os /5 (S)dSf,, (3, )ekx,

= (7 £V, ) = = Fy Rz, WV, (o),

We can estimate a failure probability using a seismic hazard curve 1-Fs(R(zy, xg))and a probability
density function of limit seismic intensity f, . The failure probability for S conditioned by R<S,
which is equivalent to the fragility curve, can be expressed as

Fr(S)= [Rdf(SaxR)‘ixR =[ U(S-R(z, >xR))fo (g )y “)

€)

U(x) is step function, which is equal to 1.0 when x is non-negative, otherwise 0.0. In this study MCS is
used for the integration of Eq.(4). The probability density function of xz is approximated by using
samples generated according to the f{xz) and Dirac’s delta function.

. 13 ;
fo (XR):;Z5(XR _XR(j)) (5)
Jj=1
Substituting Eq.(5) into Eq.(4), Eq.(6) is derived to estimate fragility curve.
18 ;
F($)=— S US Rz x,") ©)
=1

The fragility curve is defined as conditional failure probability, provided seismic intensity as given in
Eq.(4) or (6). A simple way to estimate a fragility curve is to perform MCS many times for several
given S levels and count the number of samples dropping into a failure region but it needs a rather
long computational time. The proposed method is illustrated in Fig. 1. In this method, we generate
samples xz?” (7=1,...,n) at the design earthquake motion level by MCS and limit seismic intensity R(zo,
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x?) is calculated for each generated xz” by binary search as to satisty g(S, xr)=zpand then fragility
curve is obtained by using Eq.(6). Although the estimation of R(z, xR(j)) needs a longer computation
time than to evaluate the ordinary limit state value g(S, xgr), the proposed method is more efficient in
most cases because a fragility curve can be obtained by a single MCS samples.

3. SUBSET SIULATION
The procedure of Subset simulation (Au and Beck, 2002) is summarized as follows.

1) Generate #, samples according to pdf(x) and calculate the value of limit state function.

2) Sort the samples according to the order of the value of limit state function such as zy, z,,..., z, in
which z is the smallest. The subspace Fy.; satisfying P(Fj,|Fy)= ny / n, is defined with the
following equation for given #;

Z ng + ZnS +1
Fra= {x|z(x) < Cha }, Cra1 = EE— (7

3) Generate », samples from the samples z; (i=1,..., 1) in the subspace by using MCMC (Gilks et al,
1996).

4) If the number of samples reaches failure zone becomes large enough, then stop the calculation,
otherwise go back to the step 2.

The failure probability can be calculated with the number of samples in failure zone 7,in subset £,

n, n,

P(z<0) = [i] % | (8)

MCMC is a powerful tool to generate samples satisfying an arbitrary density function (see reference
for more information). The conditional probability function in the subspace F is given by

MCMC is a powerful tool to generate samples satisfying an arbitrary density function (see
reference for more information). The conditional probability function in the subspace Fy is given by

paf (X)If,; (x) 9
df (x| F) =222 20m ) ®
pdf (x| F)) P

where Ir(x) is indicator function that is 1 if x is inside of subspace F}, otherwise 0.

A sample x obeying a certain probability distribution function can be obtained from a sample u

generated from an uniform distribution function if cumulative distribution function ®(x) is given as
x=® ' (u) . The Eq.(9) can be rewritten as

) ool
pdf(u|F)= pdf (Wl (w) _loy W)/, (w) (10
P(F) P(F))
In our study, proposal distribution is also assumed to be an uniform distribution.
1 '
gu'u,) =45, |lu, —u'k a an
0; otherwise

where u’ is a candidate, uy is a current sample. Then the acceptance ratio can be simplified as

a(u,,w') = min{ L7, (W), )] (12)
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Eq.(12) contains two kinds of criteria Ji,1y(# ") and Jp(u ). For I 1y(u’), each variable is separately
updated and judged. Then judge /m(u ) in full uncertain parameters. As a parameter “a” in Eq.(11) has
a strong influence on the efficiency of the simulation, several values of “a” are used sequentially in the
simulation.

4. FRAGILITY CURVE OBTAINED BY PUSH-OVER ANALYSIS

We apply the proposed methodology to an actual steel frame bridge shown in Fig. 2 and calculate
a fragility curve of this structure in which we consider several uncertainties of the structural
parameters including the mass of upper structure, yield stress, thickness of plate and so on. We divide
the bridge into 6 parts and consider 6 yield stresses for each part. Limit acceleration (PGA, peak
ground acceleration) is used as limit seismic intensity. Though three limit states, bending, shear and
deformation, are considered in an actual design, we consider only bending mode for simplicity. We
followed the ordinary design procedure of a bridge pier in Japan (Design of Highway Bridge
Foundations in Japan, 2003) which is consisted of
the following three steps: 1) Perform
two-dimensional push over analysis and obtain
relation between applied load and bending
deformation. 2) Estimate applied load to cause
failure based on energy conservation principle and
limit stage design point. 3) Limit acceleration is
calculated based on the applied load, the
predominant period and weight of the bridge.

Based on the energy conservation principle we
calculate seismic load to cause the structure failure,
however, it has been shown that this principle tends
to overrate the maximum response displacement for
steel structures in comparison with the result of
nonlinear dynamic analysis. Some researchers study
this reason and show that it is based on the difficulty
to define yield point and damping characteristic of
steel structures. Because this overrating brings
designed structures in the safer region we use this
principle even though there are still controversial
opinions. We, however, take this uncertainty into
account to calculate the fragility curve.

Fig. 2 The model of steel bridge pier

Basic parameters of the Pier Model

Young’s Modulus of steel and concrete are 2.0x 10° [kN/m’] and 2.0x 107 [kN/m?], respectively.
Damping constant of them are 0.03 and 0.02. The caisson foundation is modeled by a mass with
rotation and horizontal springs. Mass of upper structure is loaded at node 2, 6, 10, 15 (Fig. 2), and they
are 21551.18[kN], 915.32[kN], 985.88[kN]] 19763.66[kN], respectively. Stress strain relationship of
steel is assumed to be expressed by the Bi-linear model and we calculate M-phi relation of the box
type steel pier element to obtain equivalent bending rigidity of beam element based on the Guide line
of anti-seismic reinforcement for existing steel bridges (Hanshin Expressway Public Corporation,
1997). Furthermore we take into the corrosion effect account on the reduction of thickness of steel
plate used for bridge pier.
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Uncertainties to be considered
(1) Mass of upper structures
From observation data for several bridges, we assume the ratio between observed value and
design value is distributed as normal distribution with the mean 1.03 and standard deviation of
0.02.
2) Strength of component
*Yield stress
We define M,,=0,/F). 0,is observed yield stress of actual structures and F, is designed value.
- From 1122 data, we assume Mm is distributed as lognormal distribution with the mean of
1.15 and c.o.v. of 0.11.
* Thickness of steel plate
We define F,,=S,/S,. S, is observed cross-section factor of actual structures and S, is
designed value. From data, we assume F,, is distributed as normal distribution with the mean
of 1.00 and c.o0.v. of 0.05.
3) Foundation part
Because variation of soil parameters is not easy to evaluate for defining equivalent spring
constants of foundation model we assume soil spring factor is distributed as normal distribution
with c.0.v. of 0.1.
4 Energy conservation principle
The energy conservation principle tends to overrate the maximum response displacement for steel
structures. From mvestigation (by Kitahara, 2001), we assume that the ratio between maximum
response displacement derived by this principle and that obtained by nonlinear dynamic analysis is
1.42 (mean) and its c.o.v. is 0.329.
&) Corrosion
10 years have passed since the target bridge was constructed. From observation data, we assume
the mean decrement of the thickness of plate caused by corrosion is 0.255mm and its standard
deviation is 0.4.
(6) Ultimate strength
Ultimate strength is assumed to be distributed. From results of buckling experiment, we assume
ultimate strength is distributed as normal distribution with c.0.v. of 0.05.

Criterions

Because there are many elements in the bridge pier model we define the critical condition (failure)
of the pier as one of element’s curvatures exceeds the threshold value. At this time, the displacement of
top of the pier (node 8 in Fig. 2) is defined as the final horizontal displacement and the horizontal

Table 1 Uncertainties considered in the example (CASE1)

Uncertainties Mean( 11 ) Standard C.0.V | Distribution
Deviation( o )
Mass of upper structure 1.03 0.02 0.019 Normal
observed value / design value
Strength Yield stress Mm 1.15 0.1265 0.11 Lognormal

of observed value / design value

component | Thickness of plate Fm 1.00 0.05 0.05 Normal
observed value / design value

Ground factor | Soil Spring 1.0 X Cale. 0.1u 0.1 Normal

load as final horizontal load to cause failure. Using them, we estimate the applied load to cause failure
based on energy conservation principle and we obtain limit acceleration dividing this lord by the mass
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of superstructure.

Numerical Examples
We calculate several fragility curves by changing number of uncertainties in which two cases are
shown below. Uncertainties for CASEl are 1

summarized in Table 1. In this case, we consider 9
uncertainties and assume ultimate strain of 10 ¢,
( ¢y is yield strain) as critical condition of pier 0.01
(Guide line of anti-seismic reinforcement for
existing steel bridges, 1997). So the curvature when
strain exceeds 10 ¢ is defined as a threshold value. 0.0001
First, we perform the ordinary MCS to obtain the
fragility curve with 30,000 samples. Then we
estimate the fragility curve by Subset simulation 0.000001 et
with 100 samples in each subspace. The 200 250 300 350 4(00 |)450 500 550 600

. . . . acc(ga
:;?sggg:ciﬁfgz;;:;itzg (l)i)’fon?iloéﬁgﬁl(?dl:g Ct:eSn Fig. 3 Estimated fragility curve (cdf)(9 uncertainties)
types of proposal density function using different 1
~values of parameter “a”. The obtained fragility curves E \
are shown in Fig. 3. An accuracy of MCS is
represented by c.0.v. 0 .When the failure probability 06
Py 1s small, the number of samples Ns required to {‘ \,\
achieve given § is expressed by, 04

[T
N, = 11_;;5”_ - pF152 (13) 02 héM{f o

0.1

L
O 0.001
O

0.00001

0.8 \

P.D.F

0
As we use 30,000 samples for ordinary MCS, we can 200 250 300 350 400 450 500 550 600
estimate Pr=10" with an accuracy of 6 =0.2. In Fig. acc(gal)
3, the fragility curve obtained by using Subset ’ Fig. 4 Distribution of samples

Simulation agrees well with the fragility curve

obtained by the ordinary MCS up to the level of 107, Additionally, the distribution of the generated
samples (pdf) is shown in Fig. 4. This result shows that the samples are well generated from the tail
part of the former subset.

Table 2 Uncertainties considered in the example (CASE2)

Uncertainties Mean( ) Standard C.0.V | Distribution
Deviation( o )
Mass of upper structure 1.03 0.02 | 0.019 Normal
observed value / design value
Strength Yield stress Mm 1.15 0.1265 0.11 | Lognormal
of observed value / design value
component | Thickness of plate Fm 1.00 0.05 0.05 Normal
observed value / design value
Ground Soil Spring 1.0 X Calc. 0.1u 0.1 Normal
factor
Ultimate strength Mu, 6w 0.05 1 0.05 Normal
Corrosion thickness 0.225 0.4 1.7 | Lognormal
Energy conservation principle 1.42. 0.467 | 0.329 Normal
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In CASE2, we consider 12 uncertainties including

the decrement of the thickness of plate caused by 1 S /
corrosion, the error of energy conservation principle, 01

and the ultimate strength as summarized in Table 2. 0.01 % 1:8522: 1:85:? S—
And we assume ultimate strain expressed by % 0001 10E5-1.082
(20-25Ry) £y ( Rr is parameter of width-thickness o< /

ratio) as the critical condition of pier (Design of 0.0001

Highway Bridge Foundations in Japan, 2003). In 40001 ll

this case, we adopt the parameter n~1000, n=100,

) _ \ 0.000001 -
and the ten types of proposal density function using 200 250 300 350 400 450 500 550 600

different values of parameter “a”.The obtained acc(gal)
fragility curves are shown in Fig. 5. Comparing Fig.
3and 4, we can see that the fragility curve in CASE2
has wider distribution than CASE1 and it is shifted
to left hand side which means the bridge pier being damaged by small acceleration if the number of
uncertainties increases.

Fig. 5 Estimated fragility curve (cdf)
(12uncertainties)

5.  ESTMATION FRAGILITY CURVE TROUGH DYNAMIC ANALYSIS

In this section we consider structural uncertainties given in Table 1. We estimate fragility curves
by dynamic analysis using two different input motions, which are shown in Fig. 6, Higashi Kobe (NS)
and JMA Kobe (NS) records observed during the 1995 Hyogoken Nambu earthquake in Japan. Their
Fourier amplitude spectra are modified to be compatible with the design acceleration response
spectrum (Fig. 7). There is an obvious difference between two fragility curves (Fig. 8). This difference
1s caused by the difference of phase spectrum between two input motions.

In order to investigate effect of phase spectrum uncertainties on structure response, several input
motions are simulated using the stochastic model of phase spectrum (Sato ez al., 1999). This stochastic
model provides the regression equations of mean and standard deviation of group delay time as
functions of earthquake magnitude M and epicentral distance A. The group delay time is the first
order derivative of phase spectrum with respect to the circular frequency.

Using regression coefficients derived by Sato et al., we generate samples of group delay time for
earthquakes with magnitude of 8.0 and epicentral distance 10 [km] assuming normal distribution for
characteristics of group delay time at each discrete circular frequency. Integrating a sample group
delay time, we can obtain a sample phase spectrum and then simulate an input motion compatible with
the design acceleration response spectrum. The obtained fragility curves are shown in Fig. 9, in which
30 fragility curves are shown with thin line and the mean fragility curve with thick line.

The effect of phase uncertainty on the fragility curve is rather high as can be seen that the width of
limit acceleration at the failure probability 107 is about 160[cm/sec’] even though amplitude spectrum
shape is restricted by the design response spectrum. This fact tells us that it is important to consider
phase characteristics of input motions for evaluating a fragility curve through dynamic analysis of a
structural system.

Fragility curve including phase spectrum uncertainties can be obtained by cumulating many
fragility curves. The fragility curve cumulating fragility curves obtained from 30 sample input motions
is shown in Fig. 10, and distribution can be seen wider than the mean fragility curve.

We calculated the ductility demand response spectra using the sample input motions as shown in
Fig. 11 (for the case of =2 and 4). The strength demand spectrum is obtained through nonlinear
dynamic response analyses of a single degree of freedom system. The strength demand spectrum
expresses the relationship between the yield seismic coefficient and elastic natural period (7') of
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SDOF. The yield seismic coefficient of the SDOF is controlled until the SDOF response reaches the
target ductility. In this study, the hysteretic model used for the analyses is a bi-linear model. The
second stiffhess is selected as 20% of the first, and 5% damping coefficient assigned. Although we
used the same elastic response spectrum (the design acceleration response spectrum) to simulate
sample input motions, variation of the strength demand spectrum can be seen at each 7 in Fig. 11.
The difference among fragility curves in Fig. 9 is attributed to this variation.
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Fig.11 Strength demand spectra obtained by using sample inputs

6. DESIGN EARTHQAKE MOTION CONSIDERING NONLINEAR BEHAVIOUR OF
STRUCTURE SYSTEM

Design earthquake motions often are defined by response spectra. As described above, design
response spectrum compatible earthquake motion, however, is not unique and strongly affected by the
phase spectrum uncertainties. We could not obtain the same fragility curve and strength demand
spectrum using sample input motions even though their response spectra satisfy the same response
spectrum.

In this section we develop a method to simulate an input motion, which is compatible with defined
response spectrum and strength demand spectrum, as the design earthquake motion. Therefore, there
are 2 target spectra that the design earthquake motion should satisfy. One of them is “design response
spectrum”. We can obtain this spectrum as a function of magnitude A and epicentral distance A
according to attenuation law. The other is “design strength demand spectrum”. We can define this
based on strength demand spectra obtained using many sample input motions. These sample input
motions are modeled as functions of M and A. One way to defined the design strength demand
spectrum is to choose the strength demand spectrum with non-exceedance probability of 90% as
shown in Fig. 12 (for example M =7.0, A=30[km], u=4).

The sum of square errors between the target spectra (design elastic response spectrum and strength
demand spectrum) and spectra calculated from sample motions is defined as an objective function.
First, samples of group delay time are generated according to M and A, and phase spectra can be
obtain by integrating these samples of group delay time. Second we calculate sample input motions by
inverse Fourier transform then calculate the sum of square errors. Using the concept of Subset
Simulation method, we search for better Fourier amplitude and phase spectrum in subspace.

Now we consider from 0 to 5 subspaces. Subset 0 means total space. The optimum spectra in
subspace 0 are shown in Fig. 13 (a). Error is 0.0244. In subspace 5, final subspace, obtained spectra
are shown Fig. 13 (b) with the error of 0.0169. Using final Fourier amplitude and phase spectra in the
final subspace we can defined the design input motion which satisfy the target elastic response
spectrum and the strength demand spectrum (Fig. 14).

In this method, we use the design response spectrum defined as a function of M and A, and the
design strength demand spectrum which is also defined as a function of A and A, through the model
of phase spectrum. We can, therefore, define the design earthquake motion for each combination of
M and A.
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Fig.15:Failure probability surface

Table 3: Uncertainties and Parameters

Mean(u) C.0.V | Distribution
. Mass 1500 0.02 Normal
Uncertainties I~ s 250000 | 0.05 | Normal
Yield point 0.02 0.03 Normal
Ductility 12 =4 401 - -
Ko/K; 0.2

Using this design earthquake motion, we calculate failure probability of structure for each
combination of M and A, then get failure probability surface which has 2 axes M and A. We
estimate failure probability surface of SDOF model with a bi-linear hysteretic characteristic. The
second stiffness is 20% of the first, and 5% damping coefficient assigned. Uncertainties and
parameters are shown in Table 3. And obtained failure probability surface is shown in Fig. 15. If we
know the M and A of an objective seismic source, we can get directly the failure probability of the
structure from this surface.

7. CONCLUDING REMARK

An efficient method based on MCS was proposed to estimate a fragility curve. The concept of
Subset simulation was adopted because the tail part of the fragility curve becomes important. Since
efficiency of MCMC plays an important role in the Subset simulation several method were proposed
to improve the efficiency by using such as hit and run algorithm. We applied proposed method to
actual bridge piers considering several uncertainties of the structure. The efficiency of this method was
demonstrated by numerical examples. We also investigated the effect of phase uncertainties of
earthquake motion on a fragility curve using sample input motion then modeled a fragility curve
including phase uncertainties. Finally we propose a method to simulate design earthquake motions
which satisfy defined response spectrum and strength demand spectrum by controling Fopurier
amaplitude and phase sptectra..
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Abstract: The 2004 Niigata-Ken-Chuetsu earthquake produced many strong motion records including in
near-field. At several sites, the observed accelerations and velocities exceed 1g and 100cm/s, respectively.
The source directivity and hanging wall effects are manifested in the near-field records. Strong nonlinear
soil response was observed at a soft sol site. In Tokyo which is 200km away from the epicenter, long-period
ground motion excited by the basin structure was observed.

1. INTRODUCTION

On October 23, 2004, a major earthquake (M;6.8, Mw6.6) struck Niigata Prefecture. The
earthquake was named the 2004 Niigata-Ken-Chuetsu earthquake by Japan Meteorological Agency.
Forty people were killed, about 4,600 were injured, and about 14,000 houses were severely or
moderately damaged. Niigata Prefectural Office estimated the monetary loss at US$30 billion which
is one third of that for the 1995 Kobe earthquake. Owing to the dense strong motion networks
constructed after the Kobe earthquake, the earthquake produced many strong motion records including
in near-field. Analyses of the records will give additional knowledge on the characteristics of

near-field ground motions. This paper describes the ve ———
characteristics of strong motion records observed in the S;'s?m'c Intensity // PO
earthquake. o6+ { :
A G- i fa A A +
osr  J &,
2. EARTHQUAKE AND OBSERVED RECORDS 2 4% e+
N / A /—NETANagaoka .
The earthquake is due to reverse-faulting on a fault | M/c;k:nzeki A%~ Kicnet Na?"’.'o‘.(;
striking the northeast and dipping down to the northwest ﬂifl.&Mi o \A\@ /iy Yamakoshi V'"de
. . et iya/ ¥ ",
(Yamanaka, 2004). The moment magnitude is 6.6, and the e ! Y/ Epi cen’ier
rupture area is approximately 20km in length and 10km in | KNETOWa™ 74 an (
width. No clear surface rupture was observed, indicating | Kawaguchitown ™R Kawaguchi

- . A O
that this event is caused by a buried fault. Figure 1 shows |o © © Q\ KiK-net Kawanishi

the intensity distribution with surface projection of the fault \

ORI r )
plane. The intensity 7 which is the highest grade in the | © KNET Toukam@chi/\\ g 4
JMA scale was observed at Kawaguchi town located above 7 i N f . "J_A%\
the fault plane.  The intensity 6- or greater was observed at | : 1 Fault ~ 0 20km
about fifteen municipalities including Ojiya and Nagaoka .. Hanging wall area -
cities.

Figure 1 Intensity Distribution
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Figures 2 Paste-ups of Near-field Records
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Figures 2 show the paste-ups of the
acceleration and velocity time histories
of the records. Large peak ground
accelerations higher than 1g were
observed at several sites such as K-net

1000

Q)

&
Ojiya, K-net Toukamachi, and L
Kawaguchi town. Also peak ground ©
velocities are higher than 100cm/s at © 100
several sites. The duration of strong 8 i
shaking is less than 10 seconds. The %))
K-net Ojiya and JMA QOjiya sites are ®
adjacent to each other, and the distance 8 _
is about 800m. The peak ground (@) Ny
acceleration and velocity, however, are % S 2004 Niigata-ken Chuetsu
significantly larger at K-net Ojiya than QO 10 Kawaguchi town
at JMA Ojiya. Figure 3 shows the / ——— K-NET Ojiya
velocity response  spectra. The ..? L == JMA Qjiya
spectrum at K-net Ojiya has a strong 8 3 1995 Hyogo-ken Nanbu
peak at period of 0.7 second, while the ol i —— JMAKobe
spectrum at JMA Ojiya is rather flat > - Takatori .
with period.  This suggests strong Fukiai
local site effects at K-net Ojiya. 'b 1 — ]] S —— 1 0

In the figure, the spectrum at Period (s)

Kawaguchi town is also shown.
spectrum has a strong peak at period of

The

1.2 second, which is almost the same as

that observed in the disastrous belt zone such as Takatori during the 1995 Kobe earthquake.
probably due to a directivity pulse.
The ground motions are strongly polarized to the fault normal direction.

Ojiya and JR Kawaguchi.

Figure 4 shows the particle orbits

This polarization was observed in most of the records in near-field.
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Figure 4 Particle Orbit of Ground Velocity
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Figure 5 Attenuation of Peak Ground Acceleration and Velocity

Figure 5 show the attenuations of peak horizontal acceleration and velocity. The solid lines in
the figures indicate the attenuation curves from the empirical relationships derived from Japanese
records (S1 and Midoriakwa, 2000). In general, the observations tend to be larger than the curves,
which may suggest the effects of buried faulting (Somerville, 2004). Higher amplitudes were
observed at the sites located in the hanging wall area, indicated by solid circles. Hanging wall effects
were manifested more clearly in the velocities than in the accelerations. The effects seem about 1.5
and 2 times for the acceleration and velocity, respectively. The value for the acceleration is almost

the same with the result by Abrahamson and Somerville (1996).

Long period ground motion was
observed in Tokyo which is
approximately 200km away from the
epicenter, as shown in Fig.6. The
predominant period is about 6
seconds, and the duration is 2
minutes or more. Super high-rise
buildings in Tokyo were shaken and
the elevators were stopped. Some
of the elevators were damaged by
vibration of the governor rope. The
long period motion was caused by
surface waves excited in the Kanto
basin. Generation of larger long
period motion in Tokyo is anticipated
during a large subduction earthquake
such as the Tokai earthquake.

Vel(cnVs)  Vel.(cnvs)

Vel.(crm/s)

]
(3,

2004/10/23 17:56:26 K-NET TKY020 (Shiochama)

NS
Max=-4.4(cnvs)
F~ wﬂ\ﬁmm MM M\NVWW\NMWMWV“\MWWNWAWMMM
!
i EW
Max=-2.2(cnvs)
*’“‘V‘M A kMY‘W J"W\/VJ\ AAAAANA AP AN SR AP~
L
B uD
Max=1.0(cnvs)
*‘W\J\’Mﬁi ﬂml' “J\'«Ww\'\r*J WJ‘MN' A A A AP A A Ao i e
1 | | |
0 100 200 300 400
Time (s)

Figure 6 Long-period Ground Motion Observed in Tokyo
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3. SITE CHARACTERISTICS OF STRONG MOTION SITES

To examine the site characteristics at the strong (CNET Nagaoka MLITNagac{l;/
. . . . i/
motion sites, microtremors were measured at the sites- agaoka) =

where the observed intensity was 6 or more. Figure 7
shows locations of microtremor measurement sites
with surface geology. The velocity seismometer
whose response is constant in periods shorter than 2
seconds is used in the measurement. The horizontal
to vertical spectral ratio (H/V ratio) is computed for
each record to evaluate the local site effect.
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Figure 8 show the H/V ratios at the sites. The
H/V ratios are different site by site, suggesting
variation of local site effects. For example, the K-net
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period is about 0.4 to 0.5 second, and 0.7 second for the main shock. The change of the period is
considered to be the effect of nonlinear soil response. At the K-net Ojiya site, stiff gravel layers are
overlaid by soft soil deposits with thickness of 3 m. If the period change is due to nonlinear behavior
of the soft deposits, the shear modulus ratio and effective shear strain of the deposits can be roughly
estimated from the period and velocity time history (Tokimatsu et al., 1989). Figure 10 shows the
relationship between shear modulus ratio and effective shear strain estimated from the records of the
main shock and smaller events. During the main shock, the shear modulus ratio and effective shear
strain are estimated 0.1 and 3x107 respectively. The relationship estimated from the records is
consistent with the laboratory data.

4. CONCLUDING REMARKS

The 2004 Niigata-Ken-Chuetsu earthquake produced many strong motion records including in
near-field, owing to the dense strong motion networks constructed after the Kobe earthquake. At
several sites, the observed accelerations and velocities exceed 1g and 100cm/s, respectively. The
source directivity and hanging wall effects are manifested in the near-field records. Strong nonlinear
soil response was observed at a soft sol site. Long-period ground motion excited by the basin
structure was observed in Tokyo which is 200km away from the epicenter.
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Abstract: Based on the reproduced strong motions in Kobe during the 1995 Hyogo-Ken Nanbu earthquake
(Matsushima and Kawase, 2000), we successfully simulated building damage ratios in Kobe and delineate
what kind of strong motion parameters are important and how to judge the damage potential of ground
motions to structures. Our approach is different from previous ones, because we construct nonlinear
structural models with statistically distributed base-shear coefficients (Nagato and Kawase, 2004). We
construct models for 3, 6, 9, and 12 storied RC buildings, 3 to 5 storied steel buildings, and 2 storied wooden
houses. Our study shows that only a strong ground motion with both sufficiently large PGA and PGV can
yield devastating damage to these ordinary structures. In recent years we have accumulated a lot of strong
motion data with various characteristics. It is especially interesting to see the damage potential of strong
motions with high PGA and PGV observed during 2003 Tokachi-Oki earthquake of M8.0. We report here the
simulated damage ratios of wooden houses and low-rise RC buildings for the earthquake and discuss the
relationship of strong motion characteristics and damage potential to buildings. '

1. INTRODUCTION

Because of the devastating damage caused by the Hyogo-ken Nanbu earthquake of 1995, it is
crucial to understand what was the real cause of damage in order to prevent similar earthquake disaster
in future. We found that the observed strong motions in the near-source region are characterized by a
couple of distinctive pulses whose peak ground velocity (PGVs) should exceed 150 cm/sec in a
narrow belt of the damage concentration in Kobe (Kawase, 1996 Matsushima et al. 1998, Kawase et al.
2000a). To have such velocity pulses with high amplitude both the source effect and the site effect are
equally important. As for the source it turns out that the forward rupture directivity creates a clear
pulse-like shape of ground motions in the near-source region because of the constructive summation of
motion in the forward direction of the rupture (e.g., Somerville 2000). Such a velocity pulse in the
near-source ground motions can be called as “the directivity pulse”. The directivity itself is a
well-known phenomenon in seismology, however, it is not considered to be a primary cause of the
near-source damage for historical earthquakes in the past. Thus the impact of the directivity pulse has
not been considered yet in the current building codes in the world, except for California.

The most important fact on the directivity pulse is that the natural period (i.e., twice of the pulse
width) of the directivity pulse is controlled by the size of a distinctive asperity, L (Kawase et al.
2000b). If the slip distribution is very smooth in space, then the directivity pulse has a characteristic
period related to the whole size of the fault surface. We note that we should use here the directivity
velocity (1/v-1/B)'=3~4 B as a reference speed, where v is the rupture velocity and p the S-wave
velocity. Since the predominant periods of the directivity pulses in Northridge and Kobe were in the
range of 1 to 2 seconds, which means 0.5 to 1 second in terms of the pulse width, the size of the
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asperities should be the order of several kilometers. The validity of such distinctive asperities as a
source model of the Hyogo-ken Nanbu earthquake is proved by Matsushima et al. (1998), Kawase et
al. (2000a), and Matsushima and Kawase (2002) who successfully reproduced the observed ground
motions in Kobe by using a multiple asperity model and a three-dimensional basin structure. We
should note here that the 3-D basin edge structure in Kobe is very efficient to amplify the directivity
pulses of 1 second due to the so-called “edge effect” (Kawase 1996) and so the PGVs on the basin
surface would have amplitudes three to four times of those on the bedrock.

To reproduce observed strong motions is one thing, but, what is more important is to reproduce the
observed structural damage from the viewpoint of seismic risk estimation for future events. To this end
we need to establish a methodology how to translate strong motion parameters such as PGV into the
damage index such as a damage ratio of buildings. Previous attempts have been directed to finding out
a simple function between them based on the observed data, that is to say, the vulnerability function. It
is useful as long as a stock of buildings in the target area is the same as in the observed area, which is
quite unlikely and difficult to prove. Also it is useful only when we can neglect the effects of
waveforms on the damage impact to structures. Since any structural damage is the result of nonlinear
response of structures, it must depend on the waveforms of ground motions, not just on PGV or other
strength indexes. It is much more useful to find a set of theoretical models of actual structures that can
reproduce observed damage ratios. Therefore, we have established a set of building models to evaluate
the structural damage potential that can reproduce the damage ratios in Nada and Higashinada-Ward,
Kobe, observed during the Hyogo-ken Nanbu earthquake (Kawase and Nagato 2000, Nagato and
Kawase 2004). In this paper we apply this method to the observed strong motions in the epicentral
area of the Tokachi-oki earthquake of 2003 for low- and mid-rise RC buildings and wooden houses to
see their damage potential.

2. METHOD OF ANALYSIS

2.1 Brief explanation of established models

We have constructed numerical building models with nonlinear parameters that can reproduce the
damage observed in Kobe during the Hyogo-ken Nanbu earthquake. Since we successfully reproduced
strong ground motions by using a distinctive asperity model (Matsushima and Kawase 2002) and we
have detailed statistics of the building damage survey conducted for Kobe (All, 1998), we can tune up
parameters so as to reproduce observed building damage in Kobe. Details of procedures can be found
in Nagato and Kawase (2004).

Here is a brief explanation of the procedure. First we construct basic building models based on
the current building design. We assume rigid floors so we use a 1 column multi-degrees-of freedom
system. Fig.1 shows nonlinear characteristics of such basic models for reinforced concrete (RC)
buildings. We use degrading trilinear models for RC buildings. We also need to introduce probabilistic
distribution of yield strength to estimate damage probability for a given strong motion. We assume a
log-normal relationship proposed by Shibata (1980). As for wooden houses we use combined
characteristics of a degrading trilinear model and a slip model to mimic slip phenomenon at the
connections of beams and columns. Since we have no statistical survey on strength distribution for
wooden houses in Japan, we assume 12 different shear strengths based on the detailed survey for 31
wooden houses in Kobe. Assumed relative strengths of the first and second stories and their existing
ratios are summarized in Fig.2.

Once we assume initial models for different numbers of stories (3, 6, 9, and 12) and for different
ages of construction (before and after 1982) for RC buildings, then we can calibrate these models to
the observed ratios of building damage (here “damage” means either “collapsed” or “heavily
damaged”). In Figure 3 we show the target damage ratios for RC buildings with different categories.
After the initial calculation we found that the initial models for RC buildings are too weak to
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reproduce the actual damage ratios in Kobe. So we increase the average yield strengths for different
building categories. Fig. 4 shows final multiplication factors for RC buildings. It turns out that the
average strengths of low-rise RC buildings are 2 to 4 times larger than those assumed in the ordinary
design. As for wooden houses we found that the appropriate ratio of strength is 1.95 times. However,
these factors are close to 1 for low-rise steel buildings, which is a direct consequence of high damage
ratios of steel buildings in Kobe. The advantage to use our prediction models for building damage
prediction is that we can automatically reflect the effects of waveforms and predominant periods of
ground motions to the building damage prediction. For example, very high PGV records observed in
Taiwan during 1999 Chi-Chi earthquake (Shin et al. 2000) did not produce so heavy damage to
ordinary buildings in the observed areas and our model successfully predict such observed fact
(Kawase and Nagato 2000).

2.2  Observed Ground Motions

Here we explain the basic characteristics of observed ground motions used in this paper. In Tables
1 and 2 we summarize strong motion data obtained by K-NET and KiK-net of NIED (Kinoshita, 1998,
Aoi et al., 2002) during the 2003 Tokachi-oki earthquake. We select strong motion records with peak
ground acceleration (PGA) more than 400 Gals or peak ground velocity (PGV) more than 30 cm/s. In
total we use data at 34 sites in southeastern Hokkaido. We use two components as independent data for
PGA or PGV related analysis so that total numbers of waves will be 68. Tables 1 and 2 also show JMA
seismic intensity as well as the filtered PGA, A0, for JMA seismic intensity calculation. JMA intensity
can be calculated by Kawasumi’s formula:

I ;ma= 2 log (AO) + 0.7 (1)

For detailed description of JMA intensity and AO see Karim and Yamazaki (2002), for example.

The site conditions of these sites vary significantly from hard rock to soft sediments. Since we
want to see the damage potential of strong motions to ordinary structures, we do not investigate here
the effects of surface geology in any detail. Just for reference we show the averaged S-wave velocity
(Vs) for top ten meters in these tables since 10m Vs is the best representative value for site
amplification (Kawase and Matsuo, 2004). We also list the equivalent period of ground motions based
on the following formula:

T =2n PGV/PGA
most of which lie in the range of 0.5sto 1.5 s.

Figure 5 show an example of observed waveforms at HKDO86 and Figure 6 show their velocity
response spectra (NS and EW components). We can see high (~200 cm/s) peak amplitude at around
0.8 second for 5% damping. At other sites peak periods are varying from site to site but lie in the range
between 0.5 to 2 seconds. Peak amplitudes of velocity response spectra is ranging from 100 cm/s to
200 cm/s for 5% damping.

3. RESULTS

Based on the proposed models for damage prediction and observed strong motions described
above we conduct numerical calculations for these observed data to obtain expected damage ratios.
The damage ratios here is the total sum of the existing ratios of buildings whose maximum story drift
angle exceeds 1/30 radian for RC buildings or 1/10 radian for wooden houses.

Figure 7 shows total damage ratio of each category (for 12 stories RC building we use only one
category since the estimated strength of new buildings was smaller than that of old buildings due to
too small numbers of damaged buildings) for all the 34 earthquakes. In this case NS and EW
components are used as combined input to one building. From this figure it is apparent that the
averaged damage ratios in the region close to the epicenter are not so high; at most 10 %. However,
this number is the averaged ratios for all the 34 sites, which means that we implicitly assume that these
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observed records would be representative ones for strong motions in the epicentral region of a
magnitude 8 class subduction-zone earthquake. Actual damage ratios are strongly dependent on the
waveforms as shown in Figures 8 and 9, where we plot each damage ratio for each site. These figures
show that HKDO86 is strongest in terms of the building damage potential. The next strongest record is
TKCHO7 whose peak velocity response of 5% damping is around 150 cm/s at 1 second. Thus these
two examples support the idea that the most dangerous waves for ordinary buildings are those with
high amplitude in the intermediate (~1 second) period range.

For simple damage prediction it would be better to have the so-called vulnerability function,
which relates the damage ratios to a single strength index of ground motion. In the past we have been
using PGA or PGV as a simple yet effective single strength index for damage evaluation. However, we
can investigate any kind of strength indexes if we use our damage prediction models. Masuda et al.
(2002) tried to find a better index by using Nagato and Kawase’s building models and found that JMA
intensity and PGA*PGYV will be a better index for most of the cases of RC buildings. Here we follow
their method of analysis and see the correlation of strength index of ground motion with the predicted
damage ratios. Because calculated damage ratios are relatively low for RC building and because
studies on RC buildings have already been conducted by Masuda et al. thoroughly, we focus here our
attention to wooden houses.

Figure 10 shows relationships of calculated damage ratios for wooden houses in terms of PGA,
PGV, filtered PGA, A0, used for JMA intensity, and PGA*PGV. Calculated values for K-NET input
and KiK-net input are shown by different symbols. As we can see correlation with PGA is quite poor
so apparently PGA is not a recommended index. Please note that natural frequencies of Japanese
wooden houses are ranging from 2.5 Hz to 10 Hz, mostly more than 5 Hz in their elastic regime. This
poor correlation strongly suggests that the predominant frequency of elastic (linear) regime does not
play any major role during strong shaking close to collapse. Compared to PGA, PGV does much better
job to represent heavy damage on wooden houses. When we perform regression analysis by assuming
log-normal distribution, we find vulnerability functions as shown also in Figure 10 by blue curves.
The correlation with data is best (0.826) if we use A0 as a strength index. PGA*PGYV is not as good as
A0 and PGV but much better than PGA only. The reason why PGA*PGYV is no better than PGV would
be low equivalent predominant frequency in the nonlinear regime. Since our wooden house model use
slip function as well as trilinear nonlinearilty, equivalent frequency in the nonlinear regime is
relatively low compared to ordinary low-rise RC buildings. Thus simply PGV may be enough to
predict heavy damage for wooden houses.

Two lower panels in Figure 10 have broken lines, which correspond to the vulnerability functions
of wooden houses determined by Masuda and Kawase (2004). When we compared them with current
regression curves, we found that their curves yield only one half of the damage ratios. This suggests
that the damage potential of the 2003 Tokachi-oki earthquake is significantly higher than those of
ground motions for moderate-sized earthquakes (as Masuda and others used in their analysis). It is
easy to say that this would be due to long duration of strong motions characteristic to big earthquakes.
However, nonlinear behavior, and hence heavy damage will emerge as a transient phenomena so that
the effect of long duration could not be so strong. We need further investigation on the damage
potential of strong motions and their relation to strong motion characteristics including duration of
motion.

4. CONCLUSIONS

By using Nagato and Kawase’s set of building models that was calibrated to reproduce damage
ratios observed in Kobe during the Hyogo-ken Nanbu earthquake of 1995, we evaluate damage
potential of strong motion records observed by K-NET and KiK-net strong motion networks of NIED
during the recent large subduction-zone earthquake, namely the Tokachi-Oki earthquake of 2003. We
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have confirmed that relatively small amount of damage is estimated in the epicentral region of
southeastern Hokkaido. We also confirmed that strong motions with high potential to induce heavy
damage to ordinary low- and mid-rise RC buildings and wooden houses are those with sufficient
power in the intermediate (~1 second) period range. Among different indexes tested for simple
damage estimation of wooden houses, we found filtered PGA, A0, for JMA intensity would be the best
choice. PGV is the second best probably because of long period nature of wooden houses if they
behave nonlinearly. The damage potential of ground motions observed during the 2003 Tokachi-oki
earthquake seems much higher than previously used strong motions. We need further investigation to
find the source of this difference. We also check the validity of our damage prediction models at
HKDO86 site since estimated damage at this site seems too high compared to the actual damage. We
may need to introduce a regional correction factor for better prediction in future.
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Table 1 Observed K-NET data of 2003 Tokachi-oki earthquake used for the analysis

. Ep.icentral IMA A0 PGA PGV 10m EqL}iV.
Site code | Distance Tntensity (Gal) (Gal) (cm/s) Average | Period
(km) Vs.(m/s) (s)

1 | HKD066 226 591 404.0 491.2 51.87 111 0.663
2 | HKDO067 210 5.39 220.9 334.0 42.92 208 0.808
3 | HKD068 190 5.38 218.3 302.7 36.67 191 0.761
4 | HKDO070 204 5.68 308.4 475.3 36.79 135 0.486
5 | HKDQ75 168 5.47 242.5 507.2 28.43 249 0.352
6 | HKDO76 155 5.38 218.9 216.4 38.71 133 1.124
7 | HKDO077 136 5.61 283.9 406.9 42.62 155 0.658
8 | HKD078 156 5.33 207.5 401.5 36.34 178 0.569
9 | HKD084 148 571 318.9 353.8 49.25 208 0.875
10 | HKDO85 131 5.49 249.6 277.3 55.54 150 1.259
11 | HKDO086 120 6.35 668.7 796.8 119.80 117 0.945
12 | HKD090 154 5.39 222.3 468.9 35.24 484 0.472
13 | HKD091 119 5.86 382.1 391.0 67.98 60 1.092
14 | HKD092 138 5.95 422.5 609.0 57.05 197 0.589
15 | HKD098 103 5.95 422.3 366.4 74.62 400 1.280
16 | HKD100 84 6.06 480.0 970.2 44.74 121 0.290
17 | HKD106 154 5.31 201.8 186.0 34.55 188 1.167
18 | HKD110 102 5.37 216.0 216.0 57.25 170 1.666
19 | HKD126 198 5.48 2454 189.4 46.14 11| 1.530

Table 2 Observed KiK-NET data of 2003 Tokachi-oki earthquake used for the analysis

Epicentral IMA 10m Equiv.

Site Distance Tntensity A0 PGA PGV Average | Period

(km) Vs.(m/s) (s)

1 | HDKHO04 187 537 217.36 215.70 58.22 200 1.696
2 | HDKHO06 156 5.45 236.57 210.00 47.87 280 1.432
3 | HDKHO7 104 5.27 191.91 199.20 45.95 390 1.449
4 | IBUHO3 206 5.92 405.45 375.88 89.56 84 1.497
5 | KSRH02 148 5.78 347.73 405.02 50.47 130 0.783
6 | KSRHO3 184 571 319.75| 806.04 31.35 194 0.244
7 | KSRHO7 152 5.43 232.46 500.06 38.30 124 0.481
8 | KSRH09 134 5.85 373.93 391.06 85.50 142 1.374
9 | KSRH10 180 585| 37756| 580.62|  39.11 166 0.423
10 | NMRHO02 223 545| 23846| 514.01 26.75 236 0.327
11 | NMRHO04 199 5.44 233.20 437.89 26.81 136 0.385
12 | NMRHO05 188 5.44 233.47 391.29 38.57 166 0.619
13 | TKCHOS 154 5.50 249.88 406.21 27.95 256 0.432
14 | TKCHO7 123 5.99 439.30 404.18 93.95 104 1.460
15 | TKCHO8 109 5.62 287.61 500.72 38.38 340 0.482
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Figure 6 Velocity response spectra of observed ground motions (NS and EW components at HKDO086)
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Abstract: In this paper, a 3D finite element model based on nonlinear effective stress method is applied to
investigating the effectiveness of grid-type diaphragm wall in reducing the potential of soil liquefaction
induced by earthquakes. When a grid-type diaphragm wall is adopted as the countermeasure for
liquefaction of ground, its effectiveness increases as the confining area becomes smaller. Furthermore, the
duration of earthquake motion affects the results significantly, and it is recommended that the full duration be
used in the analysis of soil liquefaction problem. The main function of diaphragm wall used as a
countermeasure for soil liquefaction is the reduction of settlement, not the reduction of pore water pressure
build-up.

1. INTRODUCTION

Ever since the 1969 Niigata Earthquake and Alaska Earthquake, tremendous efforts have been
devoted to the investigation of soil liquefaction. On one hand, the experimental studies performed
in the laboratory and in the field have provides the insights into the mechanism of soil liquefaction
and on the other hand, the evolution of computer technology makes the numerical modeling of soil
liquefaction feasible, stimulating the development of different procedures to study the soil
liquefaction problems numerically. ‘

Based on the comprehension of mechanism of soil liquefaction, several countermeasures against
soil liquefaction have been developed, which can be categorized as (1) method of increasing soil
density, (2) method of lowering the underground water table or increasing effective stress, (3) method
of compaction, (4) method of accelerating the dissipation of pore water pressure and (5) method of
limiting shear deformation of soil. For the method of limiting shear deformation of soil, it requires
the installation of steel pile wall or construction of diaphragm wall in the soil stratum to limit the
shear deformation to hinder the development of soil liquefaction. This method does not alter the
properties of in-site soil and can be used for existing structures built on liquefiable ground.

Fukutake and Ohtsuki (1994) compared the effectiveness of diaphragm walls of parallel type and
grid type in reducing the soil liquefaction using 3D effective stress finite element method.  They
found that the grid-type diaphragm wall is more effective and the effectual region is within 1.5 times
the wall thickness measured from the inner face of wall. Sato and Matsuda (2000) investigated the
effectiveness of grid-type diaphragm wall in reducing the liquefaction potential of soil by shaking
table test and 2D effective stress finite element method.  They found that the effectiveness
decreases with increasing distance from the wall, and since this countermeasure does not alter the
properties of soil, to prove their effectiveness one can not use the in-situ or soil element test, but has
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to resort to numerical analysis as a supplement to the design process. Tanaka, Murata, Kita and
Okamoto (2000) used the 2D effective stress finite element method to study the effectiveness of
sheet-pile wall in reducing the liquefaction of embankment. They also performed the shaking table
test to examine the effectiveness of sheet-pile wall in reducing the liquefaction for the cases such as
oil tank, underground structure and pile foundation.
In this paper we employ 3D effective stress finite element method to investigate the effect of the
confining area of wall and duration of earthquake on the effectiveness of grid-type diaphragm wall in
reducing the liquefaction potential of soil.

2. METHOD OF ANALYSIS

In this section the method of analysis used in this study is briefly described and interested reader
may consult the work by Jou (1997) for detailed formulation. The 3D effective stress finite element
analytical procedure employed in this study is derived using the Biot theory for porous media.
After some processes, the so-called U-W form equation of motion is obtained as follows:

[ S T 4 B

where U; is the displacement of soil particle and W; the displacement of water relative to soil particle. The
submatrix C,, is a Rayleigh damping matrix to account for the damping mechanism other than the nonlinearity
of soil.  The vector {J} is made up of 1 and 0 to account for the desired direction of input motion. U, is
the input motion specified at the bedrock of soil stratum. '

The nonlinear behavior of soil is modeled using the Cap model with Mohr-Coulomb type failure
line. To be consistent with the nonlinear model, the pore pressure model adopted is the one
proposed by Pacheco (1989), which is also based the Cap model. In Pacheco’s model a
sub-yielding surface is introduced to simulate the nonlinearity upon loading-unloading process and a
calibration function is employed to transform the total stress path to effective stress path. The pore
pressure generated is due to both confining stress and shear stress. To simulate the lateral extent of
soil stratum to infinity, the viscous boundary for porous medium proposed by Akiyoshi (1994) is
adopted.  Finally, the nonlinear time domain solution is performed using initial stiffness method
and the numerical integration scheme is the Newmark § method with time step of 0.001 seconds.

3. RESULTS AND DISCUSSIONS

3.1 Finite Element Models and Input Motions

Shown in Figure 1 is the hypothetical model for free field adopted in this study. It is a soil stratum of
10m deep underlain by rigid bedrock. The upper layer of 6m thick is considered as a liquefiable
layer, underlain by a nonliquefiable layer of 4m thick. In the analysis the stratum is further subdivided
into 6 layers with the first layer of 1m thick, the second and third layers of 1.5m thick each and the fourth to
sixth layer of 2m thick each. The soil stratum assumed to be fully saturated is discretized into 8-node block
elements. The damping ratio for the Rayleigh damping is 2% for the first two modes. ~ The permeability of
soil is taken as 10° m/sec. Tables 1 and 2 show the other parametric values used in this study.

Figure 2 depicts the model with diaphragm wall consisting of only one cell of grid-type wall.
The shaded portion is the diaphragm wall which has thickness of 0.5m and an embedment depth of
10m.  The shear-wave velocity, Poisson ratio and mass density of wall are 793m/sec, 0.17 and
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2.3t/m’, respectively. The wall is assumed to be impervious and behaves elastically during the
earthquake. Both soil stratum and wall are also discretized into 8-node block finite elements as that
for the free-field case. = The elements in the soil columns denoted as a, b and ¢ will be used for the
discussion of pore pressure development and the nodes A, B and C will be used for the discussion of
settlement.

Liquefiable soil

Finite Element Model for Free Field

Figure 1

€ UWIN{OD 10§

quumod 10§

o spou

v apou

Soil column ¢

node C

Figure 2 Finite Element Model for One Cell of Grid-Type Diaphragm Wall

Table 1 Parametric Values for Soil Stratum Table 2 Parametric Values for Pore Pressure Model

Parameter Nonliquefiable Liqluefiable Parameter | Nonliquefiable | Liquefiable
ayer ayer layer layer
Shear-wave 154 117 Cohesion 0 0
velocity(m/sec) (KN/m?)
Poisson ratio 0.33 0.33 Angle of0 35 28
Mass 19 19 friction (*)
Density(t/m’) ) ) D1 5 5
Porosity 0.45 0.45 D2 0.5 0.5
— D3 0.6 1.0
Coefficient of R 5 5
Static Earth 0.74 0.45 W 095 0.5
pressure D (1/KN) 0.75x10° 0.75x10”

Shown in figure 3 are the three components of normalized motion recorded at Dadu station
during the 1999 JiJi Earthquake. This station is near the Taichung Harbor where severe liquefaction
occurs. The ground motion of NS direction is normalized first so that the peak value is 0.1g and the
same normalization factor is then used to normalize the ground motions of the other two directions.
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The duration of motion is taken as 40 seconds over which the motion is significant.

In the following discussion the effectiveness of grid-type diaphragm wall in reducing the
liquefaction potential of soil is evaluated using the surface settlement and the maximum pore
pressure ratio which is the ratio of maximum pore water pressure developed during the earthquake to
the initial effective stress.
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Figure 3 Normalized Earthquakew Motion of JiJi Earthquake at Dadu Station

3.2 Discussions

In investigating the effect of confining area on the effectiveness of grid-type diaphragm wall in
reducing the liquefaction potential of soil, five models are considered, which are 5m x 5m x 10m
(MD-1), 7m x 7m x 10m (MD-2), 9m x 9m x 10m (MD-3), 11m x 11m x 10m (MD-4) and 13m x
13m x 10m (MD-5).

From the previous studies, it is known that the closer to the wall, the less the pore water pressure
is generated. Therefore, in the following discussions we use the results obtained for the elements in
soil column a which are farthest from the wall.  Table 3 shows the maximum pore water ratio for
elements in soil column a. It can be seen that as the confining area increases, the efficiency
deteriorates and the results for MD-4 and MD-5 are very similar. The maximum pore water
pressure ratios of last two layers are less than 1 as expected. The fourth layer of MD-1 and MD-2
have the maximum pore water pressure ratio less 1, while for the other cases the maximum pore
water pressure ratios are all larger than 1, indicating that the pore water pressure development is not
effectively refrained. In fact, as compared with the results of the free field case, the use of grid-type
diaphragm wall cause the upper three layers to have higher maximum pore water pressure ratio.

Shown in Figure 4 are the time histories for the pore water pressure development of top element
of each soil column. At early stage, the use of grid-type wall can indeed slow the development of
pore water pressure; however, at certain instant of earthquake motion, significant amount of pore
water pressure which is very close to that generated in free field is generated. After that instant, the
pore water pressure developed in MD-1 and MD-2 starts to dissipate, while that for the other models
remains also constant. It should be mentioned that in the previous studies, only a short duration of
motion was considered, and the observation of the pore water pressure development being refrained
at this stage, as also displayed in this study, led to the conclusion that the use of grid-type diaphragm
wall can refrain the development of pore water pressure. However, from our result, it indicates that
the use of grid-type wall apparently can not prevent the development of pore water pressure as
expected, but it does have the function to cause a delay in time to reach the maximum pore water
pressure.
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excess pore pressure(KN/m2)

excess pore pressure{ KN/m?2)

excess pore pressure(KN/m2)

Table 3

Maximum Pore Water Pressure Ratio for Soil Column a

MD-1 MD-2 MD-3 MD-4 MD-5 FREE

(5m*5m) | (7m*7m) | (9m*9m) | (11m*11m)| (13m*13m) | FIELD
Layer 1 1.38 1.17 1.16 1.09 1.12 1.09
Layer 2 1.06 1.15 1.1 1.08 1.05 1.04
Layer 3 1.25 1.13 1.14 1.13 1.13 1.10
Layer 4 0.77 0.95 1.07 1.08 1.09 1.08
Layer 5 0.63 0.76 0.92 0.93 0.96 0.96
Layer 6 0.35 0.28 0.34 0.42 0.41 0.64

20
time(sec)

Soil column a

excess pore pressure{iKiN/m2)

time(sec)

Soil column b

excess pore pressure{KN/mz)

time(sec)
Soil column ¢

excess pore pressure{KN/mz2)

time(sec)
Soil column a

time(sec)
Soil column b

time{sec)
Soil column ¢

Figure 4 Development of Pore Water Pressure for Top Elements of Each Soil Column
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Table 4 shows the maximum settlement at nodes A, B and C for different models. The positive
value indicates uplift. We can still see that the settlement increases with increasing distance from
the wall for a given confining area. However, the use of the grid-type wall can lead to the reduction
of surface settlement. For node A which is the farthest from the wall among all models, we can still
observe a significant reduction in the settlement. On the other hand, for a given node, its settlement
decreases as the confining area becomes smaller. The reason for node C of MD-1 to have zero
settlement is that it is on top of the wall in that model.

Table 4 Settlement of Nodes A, B and C for All Models (Unit: cm)

ODES| A B C
MODEL
MD-1(5m*5m) | -034 | -0.27 0.0
MD-2(7m*7m) | -0.56 | -0.73 0.66
MD-3(9m*9m) | -0.55 | 1.54 2.60
MD-4(11m*11m) | 0.83 | 2.42 3.77
MD-5(13m*13m) | 146 | 3.40 535
FREEFIELD | -13.15 | -13.02 1277

Depicted in Figure 5 are the time histories of settlement of nodes A, B and C for all models.
The settlements for all models are almost the same and small until 10 seconds, which corresponds to
the onset of liquefaction in the free-field case. After 10 seconds, the settlement of free-field case
starts to increase significantly with time, while the other cases with grid-type diaphragm wall still
undergo very small amount of settlement or uplift, which also increases with increasing confining
area. It can be observed that for the MD-1 the settlements of three nodes are very small, indicating
that a 5m x 5Sm confining area will render best efficiency in reducing the settlements induced by
earthquake in the liquefiable ground.

From previous discussion, it is found that the duration of earthquake motion used in the analysis
affects the final results. Sato et al. (2000) proposed a linear relation between the settlement and the
ratio of confining area to the embedment depth of wall. Figure 6 depicts the results from this study.
If we take the duration to be 10 seconds, a linear relation is obtained as well; however, if the duration
is taken to be 40 seconds, the linear relation no longer exists. Thus, it clearly demonstrates the
importance of duration of motion in the soil liquefaction analysis, and it is recommended that the full
duration be used in the analysis of soil liquefaction problem.

4. CONCLUSIONS

In this paper, a 3D finite element model based on nonlinear effective stress method is applied to
investigating the effectiveness of grid-type diaphragm wall in reducing the potential of soil
liquefaction induced by earthquakes. It is found that when a grid-type diaphragm wall is adopted as
the countermeasure for liquefaction of ground, its effectiveness increases as the confining area
becomes smaller and in this study the use of Sm x Sm confining area can lead to excellent reduction
in the settlement. Furthermore, the duration of earthquake input motion affects the results
significantly, and it is recommended that the full duration be used in the analysis of soil liquefaction
problem. Finally, the main function of diaphragm wall used as a countermeasure for soil
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liquefaction is the reduction of settlement, not the reduction of pore water pressure build-up.
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Abstract: The Niigata-ken Chuetsu earthquake (Mj6.8), Japan, occurred on October 23,
2004. Several fill dams located in and around the near field were more or less damaged by
the earthquake. Among them, Asagawara Dam which is 37m high and completed in 1945,
suffered longitudinal cracks along the crest and maximum settlement of the crest amounting
to 75cm.  Yamamoto Dam which is 28m-high, completed in 1954, sustained longitudinal
cracks mainly observed on the riprap surface.  Shin-yamamoto Dam which is 42.4m high,
completed in 1990, suffered maximum settlement of the crest exceeding 80cm and sand
liquefaction. Thick sedimentation in front of the drain layer is presumably
responsible for the liquefaction. To prevent secondary damage to the
downstream areas, reservoir water was safely released from each reservoir
shortly after the main shock.

1. INTRODUCTION

The Niigata-ken Chuetsu earthquake (M;6.8), Japan, occurred at 17:56 (local
time) on October 23, 2004. Forty people were killed, and numerous landslides of
various types took place on natural slopes and man-made banks. The highest seismic
intensity of 7 on the JMA scale was registered at Kawaguchi town. Strong motion
accelerometers of K-net registered peak acceleration of 1501gal at Ojiya, and 1750gal at
Tokamachi during the main shock. The main shock was followed by many strong
aftershocks for weeks. As detailed description about the earthquake and strong motion
in near field is available elsewhere (Midorikawa et al 2005), it is omitted in the present
paper.

Several fill dams built for hydroelectric power generation or agricultural irrigation
were damaged by the earthquake. Due to the end of a harvest season, those dams for
irrigation were empty of reservoir water at the time of the main shock, which served to
avoid secondary damage to the downstream. While three dams for power generation
were impounded with water from the Shinano river, the longest river in Japan. The
three dams are Yamamoto Dam and Shin-yamamoto Dam located in Ojiya, 6 and Skm
from the epicenter respectively, and Asagawara Dam in Tokamachi, 22km from the
epicenter (see Location Map in Appendix). The electric power generated with the
water from these dam is used to drive JR trains in the Tokyo metropolitan area. Since



much of the electric power is used during morning and evening rush hours, these dams
are always subjected to rapid draw down of the water level twice a day. Although
these three dams suffered earthquake damage, there was no secondary damage to the
downstream because the storage water was safely released from each reservoir after the
damage to the dams was discovered. The owner of the dams (JR East) established a
committee to investigate causes and effects of the damage. Although the author has
been one of the committee members and given much information to be described in this
paper, he is solely responsible for any errors and misunderstanding.

2. CASES OF DAMAGE TO DAMS

2.1 Asagawara Dam (Built in 1945)

This dam is 37m high, and has a crest length of 292m with a standard cross section
shown in Figure 1. Longitudinal cracks developed on the entire crest. At the middle
cross section, several wide and deep cracks were seen, stepping down to the upstream
side as shown in Figure 2. From comparison of the elevation along the crest before
and after the earthquake, maximum settlement of the crest was 20cm at the downstream
shoulder and 50cm at the center.
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Figure 1 Standard Cross Section of Asagawara Dam

Figure 2 Downstream View (left) and Cracks on the Crest (right) of Asagawara Dam.
Trenches excavated at 3 cross sections and 8 borings on the dam body revealed that
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the cracks disappeared at around the boundary between the upper shell zone and clay
core, and did not penetrate the core zone, as shown in Figure 3. Due to the
earthquake-induced settlement together with long-term one, the top of the core was
0.5~1.0m lower than that of an original design. From sampling tests of dam materials
and cone penetration tests, the shell zone above the core was rather loose in density in
comparison with the rest of the dam body. According to in-situ tests using several pits
dug on top of the clay core, the coefficient of permeability and dry density of the core
were 0.9~1.3x107cm/s and 1.25g/cm’, respectively. Judging from a series of
investigation, the clay core was free from the earthquake-induced cracking or sliding.

Figure 3 Cracks on Side Walls of a Trench at Asagawara Dam.
(U and D indicate upstream and downstream sides, respectively.)

2.2 Yamamoto Dam (Built in 1954)

This dam is a zoned earth dam with a standard cross section shown in Figure 4. It
is 28m high, and has a crest length of 927m. At a first look, there was nothing
abnormal all over the crest, but settlement and horizontal displacement along the crest
was 10~20cm and 10~ 12cm in the upstream direction, respectively. On the
upstream slope, mainly on the riprap zone, longitudinal cracks as shown in Figure 5
were observed, as well as boiled sand at several places at EL.90~92m.

e BL = 95,800

Figure 4 Standard Cross Section of Yamamoto Dam
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To investigate the cracks and boiled sand, trench excavation and drilling of bore
holes of 86mm or 116mm in diameter were conducted on the dam body. These
investigation and tests revealed that the cracks were as shallow as 0.3~0.5m in depth,
and boiled sand was originated from shell materials located at around 1m in depth.

Figure 5 Cracks found on the upstream slope of Yamamoto Dam

2.3 Shin-yamamoto Dam (Built in 1990)

This dam is 42.4m high, and has a crest length of 1,392m with a standard cross
section shown in Figure 6. This is a zoned fill dam with a dam axis of a semi-circular
shape as shown in Figure 7. Both right and left ends of the dam are plunged into
natural slopes. To facilitate the rapid draw down of the water level, there is a
horizontal drain layer on the upstream side at the elevation of EL.143.8m~147.3m,
which is just above the low water level of EL. 143.8m. The entire crest is covered

with asphalt pavement.
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Figure 6 Standard Cross Section of Shin-yamamoto Dam
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(a) Right Half Side (b)Left Half Side

Figure 7 Overview of Shin-yamamoto Dam

Many cracks of asphalt pavement as shown in Figure 8 (a) were seen on the
crest. In fear of core’s safety, all the asphalt pavement on the crest was removed to
trace the cracking under the pavement. It was confirmed that the cracks were limited
in the pavement only and did not reach the core.

Settlement of the crest was about 10~40cm on the right half side of the dam
where both core and shell zones are founded on rock, while it was about 50~90cm on
the left half side where the shelter zone is founded on terrace deposits. The crest was
also displaced upstream about 20~40cm on the left half side, while downstream about
3~10cm on the right half side. Due to the large settlement, a top of an H-shaped steel
beam which was embedded to protect monitoring cables from bottom to crest in the
filter zone was observed protruding about 30cm from the asphalt pavement as shown in
Figure 8 (b). According to micro-tremor measurement conducted along the crest in
November 2004, the fundamental period of the dam is 0.24s. The period is in a period
range of many other existing rockfill dams. This fact implies that Shin-yamamoto dam
has an appropriate shear wave velocity as a whole, as a result of adequate compaction
during construction.

(a) Crack on the Asphalt Pavement (b) H-beam’s Top indicating Settlement

Figure 8 Cracks and settlement of the crest of Shin-yamamoto Dam
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(a) Boiled Sand indicating Liquéfaction (b) Trench Excavated in a 1quefie

Figure 9  Liquefaction Observed near the Left End of Shin-yamamoto Dam

On the upstream side near the left end, boiled sand was found at several places on
the riprap surface at EL. 145~150m and nearby sedimentation as shown in Figure 9
(a). Trenches were excavated to investigate origin of the boiled sand and soil
properties such as permeability and grain size distribution in and around the liquefied
areas, as shown in Figure 9 (b). The origin of the boiled sand was mostly
concentrated in and around the drain layer whose sand content was higher than that at
the construction stage. In addition, near the left end of the dam, it is noted that fine
sedimentation was thick enough to cover the mouth of the drain layer, as shown in
Figure 9 (a). It seems reasonable to think that the thick sedimentation in front of the
drain layer caused pore water pressure buildup under the strong shaking followed by the
liquefaction.

3. SAFETY OF FILL DAMS UNDER LEVEL 2 MOTIONS

3.1 Requirements for Dam Safety against L.2 Motion

Since the 1995 Kobe earthquake, seismic design of civil engineering structures in
Japan has been required to consider Level 2 (L2) earthquake motion. The L2 motion
addresses input motions of extremely high intensity like that experienced in Kobe city
during the 1995 earthquake. The earthquake motion in the near field of the 2004
Niigata-en Chuetsu earthquake is thought to be another example of the L2 motion, and
the damage caused by the earthquake gives us good lessons for dam safety under the L2
motion.

In general, for the L2 motion, structures are allowed to undergo plastic deformation
as long as collapse and loss of life are prevented. In this context, when it comes to fill
dams, such deformation as settlement, horizontal displacement of the crest, cracking,
sliding and even liquefaction may be technically allowed as long as serious damage are
prevented. The serious damage should include not only direct or structural damage to
a dam body and appurtenant structures but also indirect one in consequence of the direct
damage like loss of life in the downstream. Hence, regardless of dam type,
requirement for dam safety against the L2 motion is stated as (Japan Dam Engineering
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Center 2005):

A dam subjected to the L2 motion is required (1) to maintain its capability of water
storage during and after the earthquake, and (2) to remain within repairable damage
even if it suffers earthquake-induced damage.

When we think about requirements for appurtenant structures such as spillways
and outlets, the statement (1) can be paraphrased into the following statement:

A dam subjected to the L2 motion is required (3) not to release uncontrolled outflow
discharge from reservoir.

3.2  Discussion

Due to sudden disruption of power generation immediately after the main shock,
reservoir water level at the aforementioned three dams increased first and decreased
later because it took several hours to start the outflow discharge from each reservoir.
Causes and effects of the damage to the dams are still under investigation now, but the
damage to each dam is apparently limited and recognized as repairable.

In view of the above statements for the safety requirements, these three dams
withstood the L2 motion in the near field of the 2004 earthquake somehow or other, and
satisfied the requirements (1)~(3) despite considerable damage to the dam bodies.
The basic concept of the requirements is clean-cut and seemingly acceptable not only to
dam engineers but also general citizens. ,

In a sense, the requirements taking into account the downstream safety are
considered necessary and minimum conditions for any dams, because we should also
pay attention to damage-related costs when we think about the level of the seismic
safety of dams. Reportedly in the present cases, the disruption of power generation
caused JR East extra expenses of 1 billion Yen (9.7 million USD) a month only to
compensate the power loss.

4. CONCLUSIONS

The strong shaking in the near field of the 2004 Niigata-ken Chuetsu earthquake
caused considerable damage to fill dams such as Asagawara, Yamamoto and
Shin-yamamoto dams. The damage was different from dam to dam, maybe because of
the difference in the strong motion intensity, dam configuration, construction practice,
and dam materials. Among them, longitudinal cracks, settlement and minor sliding were
commonly observed on these dams. In the author’s opinion, special attention should
be paid to the boiled sand observed at Shin-yamamoto Dam. Since most of the sand
was originated from the drain layer covered with fine sedimentation, the thick
sedimentation in front of the drain layer was presumably responsible for the liquefaction
of the sand. This gives us a new lesson for seismic safety of fill dams, especially for
those repeatedly subjected to rapid draw down of reservoir water level.

In addition, some statements in “Guidelines for Seismic Safety Evaluation of Dams
under Level 2 Earthquake Motions (Draft)” which has recently been compiled in Japan,
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demonstrated their validity through the present cases.
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Abstract: Experiments were conducted at the University of Nevada Reno (UNR) Large Scale Structures
Laboratory, in cooperation with Georgia Institute of Technology, to determine the effects of shape memory
alloy (SMA) cable restrainers on the seismic performance of in-span hinges of a representative multiple-
frame concrete box girder bridge subjected to earthquake excitations. These experiments were also used to
compare the performance of SMA to steel restrainers as restraining devices to reduce hinge displacement.
Data collected from SMA restrainer experiments was compared to information gathered in a previous UNR
study on the performance of steel restrainers. The experimental set up consisted of two concrete blocks,
simulating adjacent bridge spans, which were mounted on one of the shake tables. The blocks were
connected with a bridge hinge retrofitted with SMA restrainers. The SMA restrainers showed promise as
restraining devices to limit hinge displacement in bridges and the ability to dissipate energy. Under
equivalent loading, the steel restrainers produced relative hinge displacement approximately three to four
times that of the SMA restrainers. The hysteretic damping that was seen is the larger ground accelerations
show the materials ability to dissipate energy with small residual strain.

1. INTRODUCTION

Bridges in seismic regions are susceptible to collapse due to excessive longitudinal movement at
expansion joints and support. Subsequent to the 1971 San Fernando earthquake, California highway
bridges include restrainers in their design and those built prior to 1971 have been retrofitted with the
installation of cable restrainers. The University of Nevada, Reno (UNR) and others have conducted
analytical and experimental studies to determine the performance of these seismic restrainers (Vlassis
et al. 2000, Maragakis et al. 2004). A series of tests were conducted at the UNR large scale structures
laboratory, in cooperation with Georgia Institute of Technology, to determine the effect of shape
memory alloy (SMA) cable restrainers on the seismic performance of in-span hinges of a
representative multiple-frame concrete box girder bridge subjected to earthquake excitation (Johnson
et al. 2004). The test set-up and parameters for the SMA restrainer tests were the same as those used in
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previous steel restrainer tests, also conducted at UNR, to enable comparisons between steel and SMA
restrainer performance.

1.1 Shape Memory Alloy

Shape memory alloys are binary alloys, most frequently made by a combination of Nickel and
Titanium (NiT1). They change their crystalline arrangement as they are cooled down or heated up, as
well as in the presence of a stress field (Reference). These changes are solid-solid transformations
between a crystallographically more-ordered parent phase (austenite) and a crystallographically less-
ordered phase (martensite). A consequence of this transformation is the superelastic effect (the
recovery of large deformation in loading-unloading cycles) and the shape memory effect (the recovery
of large deformations by a combination of mechanical and thermal processes (Hodgson 2003)). Figure
1 shows a typical stress-strain relationship of SMA.

A

(detwinned)

STRESS

.

Austenite STRAIN

Figure 1 Stress-strain relationship of SMA.

The interest in SMAs in civil engineering applications has been growing over the last 10 years.
Research groups throughout the world are finding that SMA-based devices offer advantages in terms
of recentering, unlimited fatigue resistance, high durability, and low maintenance (Magonette 2001).

1.2 In-Span Hinge

Much of the bridge failure seen during the San Fernando earthquake of 1971 was a result of
excessive longitudinal displacement and un-seating at thermal expansion joints or in-span hinges
(Figure 2). Bridge collapse, such as that seen at the Gavin Canyon Bridge (Figure 3), initiated the use

E

Figure 2 In-span hinge of multi-frame bridge Figure 3 Br ge coll pse at in-span hinge
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of seismic bridge restrainers in California. The use of bridge restrainers is growing throughout the
United States as a seismic design aid (Saiidi et al. 1993). The two box girder reinforced concrete cells
representing adjacent segments of a multi-span bridge used in the SMA restrainer tests is shown in
Figure 4.

Figure 4 Representative iépa inge used in SMA cable restrainer shake table tests.

2. TEST SPECIMEN AND EXPERIMENTAL PROCESS

The test specimen, shown in Figure 4 and Figure 5, was designed during previous UNR steel cable
restrainer experiments (Vlassis et al. 2000, Maragakis et al. 2004). Dimensions of the specimen were
based on superstructure dimensions of representative CALTRANS bridges. The box girder cells used
typify the end part of the frames at expansion joints. Block A, shown as the right block in Figure 4 and
Figure 5., is the lighter of the concrete cells, with a mass of 0.787 kg, while Block B, the left block in
Figure 4, with additional lead added (Figure 6), is the heavier cell with a mass of 1.09 kg.

25mm Box Girder Celh\
T \
]——2250 mm-—-= ~—2000 mm—-| “\ﬁ 2000 mm |
Lead == _\0\% F
Bricks = “\cable Restrainers - ; 500 mm

......

 Elastomeric . o .
T Bearing Pads Figure 6 Additional lead in block.
\ 1 i | ] Epu \ U _‘ [] rorT [ } ]

4 ; Earthquakej,/j‘ | ﬁ

“ED% ‘ [Ei=) Simulator " | F_AT -

[esim—.

Elevation View Front View

Figure 5 Shake table test set-up | Figure 7 Elastomeric bearing pad.

Elastomeric bearing pads, shown in Figure 7, simulating the substructure stiffness, were attached
between the bottom of the box girder cells and the shake table, seating the lighter of the frames over
the stiffer pads, with a collective stiffness of 1303 kN/m and the heavier of the frames (the cell
supplemented with lead bricks) over the less stiff pads, with a collective stiffness of 683 kN/m. This
resulted in a period ratio between blocks of 0.6.

The SMA restrainers are shown in Figure 8. Two sizes of SMA cable restrainers were used in the
study. The smaller of the cable restrainers consisted of an 84-wire strand, encased in latex, with a total
cross-sectional area of 22.6 mm?. The larger of the SMA restrainers consisted of 130 strand cables with
a cross-sectional area of 34.8 mm. The SMA restrainers were attached to the frames using steel
mountings with a strength of 248 MPa (Figure 9). The wires of the looped end of the SMA cables were
spread over a 19 mm diameter steel pin that was part of a yoke system that was welded to one side of



the plates. A piece of leather was placed between the steel pin and cable ends to act as a stress reliever
and prevent cutting action on the wires that could lead to early failure. The larger of the plates held the
load call to detect force in the restrainers.

Figure 8 Close-up of SMA Cable Restrainer. Figure 9 Attachment System

3. PARAMETERS OF STUDY

The parameters of study used in these experiments are the same as those used in comparable steel
restrainer studies (Vlassis et al. 2000, Maragakis et al. 2004). The worst-case scenario from the
previous UNR experimental studies in which the steel restrainers either had significant displacements
or failed also established the parameters of study used in the SMA restrainer experiments. They
include:

(a) A frame period ratio of 0.6 between the two adjacent bridge frames was determined to
result in large out-of-phase motions. This ratio between the structural periods is taken as the period of
the stiffer frame (the frame producing less movement during dynamic motion) over the period of the
more flexible frame (the adjacent frame producing more movement).

(b) Restrainer stiffness is another important parameter. Each set consists of steel cable
restrainers and “equivalent” SMA cable restrainers that have the same stiffness as the steel restrainers.
In the first set each cable system has a stiffness equal to 0.42 kN/mm and in the second, each system
has stiffness equal to 0.7 kN/mm. The stiffness of the restrainers was determined based on geometric
properties (length and cross-sectional area), material properties (modulus of elasticity), and number of
cables used. The 6% strain that was used for the basis of the design stiffness of the restrainers was also
used in the calculation of the chord modulus.

(¢) Restrainer slack, the amount of displacement necessary to stretch the cables so they start
providing tensile forces, was another important parameter during the SMA restrainer shake table tests.
Two different values of restrainer slack, 12.7 mm (1/2 in) and 0 mm (0 in) were used. As in the earlier
steel restrainer tests, zero slack was used for the restrainer with a stiffness of 0.42 kN/mm, while a
slack of 12.7 mm was used for the stiffer (0.7 kN/mm) SMA cables. These combinations of slack and
stiffness produced the maximum responses in the case of the steel restrainers.

(d) The earthquake input motion was a synthetic Applied Technology Council ATC32-E
motion for soft soils (California Department of Transportation 2001) based on a design spectrum for
CALTRANS. It is based on expected magnitude of earthquake (6.5), soil type of the site (E or soft
soil), and peak ground acceleration (PGA). Past steel restrainer experiments utilizing various soil
types, determined soil type E to be an important factor in producing the large out of phase motion that
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resulted in frequent restrainer engagement during shake table testing. Peak ground accelerations
between 0.05g and 0.25g with 0.05g increments were selected.

4. EXPERIMENTAL RESULTS

4.1 SMA Restrainers

Binary NiTi SMAs appear to possess the properties desired in seismic resistant design and retrofit
of structures. These properties, which include energy dissipation, large elastic strain capacity,
hysteretic damping and recentering capabilities, are evident in the tests performed in this study. The
stress vs. strain relationship observed under the incrementally increasing input excitation of 0.05g,
from 0.15g to 0.25g, for the 84-wire SMA cable is shown in Figure 10.

500 500 500
T 400 | =400 T 400 |
o o.
=300 ¢ =300 =300 |
» 0 w
2 200 | 2 200 2200
o 100 - w» 100 o 100 |
0 . . 0 - O L L L
0 001 002 003 0 001 002 003 0 001 002 003
Strain Strain Strain

Figure 10 (Left to right) Stress vs. strain relationship for SMA restrainer with increasing

The increasing maximum earthquake acceleration of the runs, shown in Figure 10, shows an
opening of the hysteretic loop that is characteristic of the superelastic effect of SMA. The ability of
shape memory alloy to recover its shape after undergoing large deformations can be seen in Figure 10.
The pseudo elasticity that is apparent in these graphs shows the ability of this material to go through
repeated deformation cycles with minimal accumulation of residual strain. The recentering ability of
the SMA is most visible at the larger accelerations, presented in the right graph of Figure 10. At the
maximum PGA of 0.25g, the stress of the 84-wire cable is approximately 483 MPa and the
corresponding strain is approximately 3%. Due to the large displacement of the elastomeric bearings,
and the effectiveness of the SMAs in limiting the relative hinge displacement, a strain of 6% in the
SMA was not achieved during these tests. The usable strain range of this material is 6-8%. Even at 3%
strain, the SMA hysteresis that results from its mechanical ability to recover deformation after stress
removal is clearly evident in the typical flag shape loop that is synonymous with SMA superelasticity.

4.2 84-Wire vs. 130-Wire SMA Cable

A comparison, taken during shake table tests, of the relative hinge displacement between blocks
and total restrainer force for both the 84-wire and 130-wire SMA cable at a PGA of 0.25g is illustrated
in Figure 11.

The initial 12.7 mm restrainer slack for the larger restrainer is seen as the point where the force in
the large restrainer begins to increase. The relative hinge displacement, as viewed in Figure 11, is
larger for the 130-wire cable, but subtracting the initial 12.7 mm slack gives a restrainer elongation of
32.5 mm for the 130-wire cable vs. a restrainer elongation of 37.2 mm for the smaller 84-wire cable
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restrainer. At a PGA of 0.25g, the force in the 84-wire cable is 11 kN while the force in the 130-wire
restrainer is almost 19 kN.

Relative Hinge Disp. (in)
0.0 0.4 0.8 1.2 1.6 2.0

PT J— : 9
84-wire
cable A
30 b ----- 130-wire yr // 47

Total Restrainer Force (kN)
N
o

o B
Total Restrainer Force (kip)

0 10 20 30 40
Relative Hinge Disp.(mm)

[
o

Figure 11 Force vs. displacement relationship of small and large SMA cable restrainers subjected to
shake table tests at 0.25g.

4.3 SMA vs. Steel Restrainers

In order to evaluate the performance of the NiTi restrainers in relation to the past research
performed on steel restrainers with comparable stiffness, the test parameters and equivalent earthquake
motions were necessary. An overlay of earthquake response spectra, shown in Figure 12, of the steel
and SMA tests revealed equivalency between the dynamic steel and SMA restrainer tests for a PGA of
0.15g and 0.2g.

0.8 -

07 4 — & SMA(0.15g)
06 H Steel (0.15)
0.5 -

04 | y (“\ ===ll=== SMA (0.29)

Spectral Acceleration (g)

0.3 s == Steel (0.29)
0.2 -
0.1
0 , T
0.00 2.00 4.00 6.00

Period (seconds)
Figure 12 Equivalency of earthquake motion for steel and SMA tests

The acceleration history for Block B (soft frame) from the SMA experiment was compared to the
Block B acceleration histories from previous steel restrainer tests. During earthquake tests, two
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equivalent cases produced lower acceleration in the blocks with SMA restrainers compared to those
being restrained by steel.

-
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Figure 13 (Top to bottom) Block acceleration histories for equivalent SMA vs. steel restrainer, 0.15g
4 and 0.2g.

In the upper graph of Figure 13, at a block acceleration of 0.15g, the measured acceleration for the
SMA vs. steel restrainer shake table tests were 2.7g vs. 6.3g. In the lower graph of Figure 13, at a PGA
of 0.2g, the acceleration in the block resulting from earthquake motion in which steel restrained the
blocks was more than 3.5 times larger (11.6g vs. 3.2g) than the block acceleration produced in the
system in which SMA was the restraining device.

Table 1 shows equivalent cases for the SMA restrainers and past steel restrainer tests. The first
column of the table shows the run number. Case 1, 2 and 3 are SMA restrainer shake table runs that are
directly equivalent to the previous steel restrainer experiments. These runs were used for comparing
behavior of the SMA and steel cable restrainers. Relative displacement between the blocks was
generated in output files from the data acquisition system. Increasing displacement was noted with
escalating ground accelerations. Data was collected every 0.005 seconds during shake table testing for
the 20-second dynamic test for the steel cable restrainer and the 38-second test for the SMA cable
restrainer. The data collected during these experiments measuring maximum restrainer force and
maximum relative hinge displacement for these three cases is shown in Table 2.

Figure 14 shows a graphical representation of the force-displacement relationships for case 1, 2,
and 3. The restrainer force-displacement relationships shown in Figure 14 reveals fairly equivalent
steel and SMA restrainer force but larger relative hinge displacement with the steel restrainers. One
can observe that the maximum hinge displacement for steel in Case 1 and 2 is nearly double that of the
SMA restrainers. In Case 1, the 3-cable steel restrainer has elongated 43 mm (1.7 in) while the
equivalent 84-wire SMA restrainer has an elongation of 23 mm (0.91 in). The maximum hinge
displacement for the larger 5-cable steel restrainer and 130-wire SMA restrainer in Case 2 is 61 mm
(2.39 in) and 32mm (1.26 in) respectively. As viewed in Table 3, Case 1 and 2 are at the equivalent
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earthquake motion of a PGA of 0.15g. Figure 10c reveals an extremely large relative hinge
displacement in the 5-cable steel restrainer at a PGA of 0.2g. This figure shows that in Case 3, there
was a restrainer failure in two of the five cables in the steel restrainer resulting in a maximum
restrainer displacement more than three times larger in the steel vs. the SMA restrainer. The
displacement of the steel cable restrainer in Case 3 is 120 mm (4.73 in) while that of the SMA cable
restrainer is 39 mm (1.53 in). Figure 10c also reveals that while the steel restrainer has failed, the SMA
restrainer is just reaching yield beyond which the SMA can undergo large elastic deformation with
reversibility.

TABLE 1: Peak Displacements and Maximum Forces for East-Side Restrainer

SMA Slack Peak Disp Cable Max Force Max Cable
Cable Strain Stress
Run PGA size (mm) (in) (mm) (in) (%) (kN) (kip) (MPa) (ksi)
84-1 0.05g 84-wire 0 0 9.5 0.37 0.81 4.6 1.04 206.4 29.9
84-2 0.10g 84-wire 0 0 15.8 0.62 1.35 8.4 1.89 373.1 54.1
84-3 (casel) 0.15g 84-wire 0 0 23.0 0.91 1.97 10.5 2.35 464.9 67.4
84-4 0.20g 84-wire 0 0 28.4 1.12 2.43 11.1 2.49 492.1 71.4
84-5 0.25¢g 84-wire 0 0 37.2 1.46 3.18 11.0 2.47 487.4 70.7
130-1 0.05g | 130-wire 12.7 0.5 21.2 0.83 0.72 4.7 1.05 1344 19.5
130-2 0.10g | 130-wire 12.7 0.5 28.7 1.13 1.37 12.0 2.70 344.6 50.0
130-3 (case 2) | 0.15g | 130-wire 12.7 0.5 32.1 1.26 1.66 17.5 3.94 503.1 73.0
130-4 (case 3) | 0.20g | 130-wire 12.7 0.5 38.9 1.53 2.25 18.9 4.24 541.8 78.6
130-5 0.25g | 130-wire 12.7 0.5 45.2 1.78 2.78 18.8 4.23 539.6 78.3

TABLE 4: Max Force and Max Displacement for Cases 1, 2 and 3

Total Force MaxDisp
[ &N | adp) | mm) | (i)
Case 1
Steel 27 5.98 43 1.7
SMA 21 4.62 23 0.91
Case 2
Steel 30 6.73 61 2.39
SMA 31 7.00 32 1.26
Case 3
Steel 36 8.14 120 4.73
SMA 35 7.96 39 1.53
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Figure 14 Total restrainer force and relative hinge displacement for case 1(a), case 2(b), and case 3(c).

5. SUMMARY

The objective of this research was to evaluate the seismic performance of shape memory alloy
(SMA) as a retrofit or construction material for bridge restrainers and to compare their performance to
the seismic performance of steel restrainers. The design of the SMA restrainers was based on data
collected from steel restrainer experiments in an identical test set-up that was performed in the large-
scale structures laboratory at the University of Nevada, Reno. The tests were performed at incremental
increases of ground motion on a shake table. The period ratio of 0.6, which resulted in an out-of-phase
motion between the simulated single width box girder cells remained constant throughout the
experiments. The tests utilized two identical SMA restrainers, one on either side of the specimen. A
3% strain was realized in the cables under dynamic loading and the SMA cables displayed the
hysteretic damping and energy dissipation associated with superelastic shape memory alloys.

6. CONCLUSIONS

1. The SMA restrainers were superior to the steel restrainers in limiting relative hinge
displacements. This would reduce the possibility of unseating of frames at the in-span hinge of
bridges during seismic activity.

2. In an identical earthquake motion and with restrainer equivalency, the steel restrainer failed
while the SMA restrainers just reached their yield level.
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3. SMA restrainers produce lower block accelerations during earthquake excitation compared to
experiments with equivalent steel restrainers. The energy associated with the phase
transformation of SMA from the austenite to martensite phase results in lower energy transfer
to the structure.

4. The forces in the SMA and steel restrainers were comparable. This demonstrates that the
capacity of SMA restrainers is similar to that of traditional steel bridge restrainers.

5. The SMA cable restrainers had minimal residual strain after repeated cycling. SMA can
undergo many cycles of loading with little degradation of properties. This would result in less
restrainer replacement than traditional steel restrainers.
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Abstract: Enhancement of ductility capacity of RC bridge columns by unbonding main bars at the plastic hinge region
is clarified based on a cyclic loading test. It is found that unbonding is effective to enhance the seismic performance.
However it is required to use ductile reinforcing bars for this purpose. Effect of setting isolators at the plastic hinge region
of RC bridge columns for the enhancement of ductility capacity is also clarified based on a cyclic loading test. This paper
presents the test results as well as analytical simulation.

1. INTRODUCTION

Enhancement of the ductility capacity of reinforced concrete piers is essential to improve the seismic
performance of bridges under extreme ground excitation. The importance of lateral confinement by ties has
been studied by many researchers (Pristley et al 1996). It is known that residual drift is likely to be induced in
single columns after an earthquake (MacRae and Kawashima 1997, Kawashima et al 1998), and that it
significantly affects the repairability of the columns.

Various attempts have been conducted to enhance the ductility capacity and to reduce residual drift of
reinforced concrete columns. Interlocking spiral is effective on enhancing the seismic performance (Tanaka and
Park 1993, Fujikura and Kawashima 2000). The interlocking spiral is being implemented to columns with
sections over 6 m in Japan (Shito et al 2002). Prestressed concrete members exhibit stable seismic performance
under a combined action of shear and flexure. Residual drifts after an extreme earthquake are also mitigated in
the prestressed concrete columns (Ikeda 1998). Unbonding longitudinal bars at the plastic hinge is effective to
enhance the ductility capacity (Takiguchi et al 1976). The unbonding was applied to bridge columns
(Kawashima et al 2001). Isolator built-in column is also effective to enhance the ductility capacity and to
mitigate the residual drift (Kawashima and Nagai 2002, Yamagishi and Kawashima 2004).

This paper presents the effect of the unbonding of longitudinal bars and the isolator built-in for the
enhancement of ductility capacity of RC bridge columns.

2. UNBONDING OF LONGITUDINAL BARS AT THE PLASTIUC HINGE

In single RC bridge columns damage of longitudinal bars progresses at the plastic hinge under an extreme
earthquake excitation. The bond between longitudinal bars and the concrete results in concentration of damage
at a specific localized region. One of the measures to mitigate such concentration of damage at the plastic hinge
is to unbond the longitudinal bars from the concrete (Takiguchi, Okada and Sakai 1976). By appropriately
unbonding the longitudinal bars at an interval with length L,; as shown in Figure 1, the deterioration of
longitudinal bars is mitigated resulted from reduced strain at the interval L, . The unbonding of longitudinal
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Figure 1 Unbonding of Longitudinal Bars
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bars may be achieved by wrapping them by plastic tubes. Protection may be required for corrosion of the
unbonded longitudinal bars.

Figure 2 shows the effect of unbonding the longitudinal bars on a 1.45 m tall single column with a square
section of a width D equal to 400 mm (Kawashima et al 2001). Although several tests were conducted, only
two cases are presented here. The concrete strength was 24 MPa, the longitudinal reinforcement ratio was
0.95%, and the volumetric tie reinforcement ratio was 0.77%. The longitudinal bars are unbonded at an interval
of the column width D . In the standard column, the covering concrete started to significantly spall off at 85,
in which &, is the yield displacement of the standard column. Since 8, is equal to 6 mm, 1% drift
corresponds to 2.3 I’ The column was loaded 3 times at each loading displacement of & I 20 I 30 Yo s
until failure. The same loading hysteresis was used for both the standard and the unbonded columns.

The concrete failed within about 200 mm from the bottom after 115, (=4.8% drift) in the standard column.
In comparison, failure of concrete was much less in the unbonded column than the standard column. The
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Figure 3 Strain on a Longitudinal Bar

covering concrete failed no higher than 120 mm from the bottom even after 135, (=5.7% duft). Figure 3
compares the strains on a longitudinal bar at 25 mm and 175 mm from the bottom of the column. The strain at
25 mm builds up over the yield strain at the first load excursion of 2§ y in the standard column. On the other
hand, strain on a longitudinal bar which was unbonded at an interval of D was much smaller than the strain on
a longitudinal bar in the standard column. The strains were similar, although not the same, between 25 mm and
175 mm from the bottom in the unbonded column. The strains on the longitudinal bars exceeded 6,000 1z at 25
mm and 175 mm from the bottom at the first excursion of 26, and36,, loadings, respectively.

An important feature of the unbonded column is that it responses in a rocking mode. Since the longitudinal
bars are unbonded at an interval of L, , the deformation of longitudinal bars in tension results in the dominant
rocking mode of the column. As a result of the small flexural deformation of the column, the flexural failure at
the plastic hinge of the column is limited.

Figure 4 compares the lateral force vs. lateral displacement hysteresis between the standard and unbonded
columns. The restoring force of the standard column starts to deteriorate at 96, (=3.9% drift), while the
restoring force is stable until 115, (=4.8% drift) in the unbonded column.

As a result of the deformation of the unbonded longitudinal bars in the plastic hinge, the initial lateral
stiffness is slightly smaller in the unbonded column than the standard column. Figure 5 compares the equivalent
lateral stiffness and the accumulated energy dissipation between the unbonded and standard columns. The
equivalent lateral stiffness is defined here as the secant stiffness between the maximum and minimum
displacements in a hysteresis loop at each loading displacement. Although the equivalent lateral stiffness is
slightly smaller in the unbonded column than the standard column at the lateral displacement smaller than 1%
drift, the difference of equivalent lateral stiffness between the two columns decreases as the lateral displacement
increases. This resulted from larger deterioration in the standard column. The difference of the accumulated
energy dissipation between the two columns is negligible.

Based on the studies, it is considered that the unbonding is an effective means to increase the ductility
capacity of columns by properly choosing the unbond length L, .
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Figure 5 Equivalent Lateral Stiffness and Energy Dissipation

3. ISOLATOR BUILT-IN COLUMNS

(1) Isolator Built-in Column Longitudical Bac

Since the hysteretic behavior of a reinforced concrete ' *
column occurs only at the plastic hinge, it is interesting to
replace the concrete in the plastic hinge by an appropriate
‘material that provides enough deformation and energy
dissipation so that the flexural deformation in the rest of a Uppe g
column is mitigated. The material has to be appropriately SadiPate
softer than the reinforced concrete in order to reduce the )
flexural deformation of the column. The material must be
stable under repeated seismic loading with large strains,
and durable for long term use. It is preferable if energy
dissipation is available associated with the deformation of
the material. ,

One material studied is the high damping rubber that
is used for standard high damping rubber bearings for
seismic isolation. If one sets a high damping laminated
rubber unit at the bottom of a column, the column deforms as shown in Figure 6 under a lateral seismic force.
The longitudinal bars are continuous through the laminated rubber unit. Prestressed tendons are effective to
prevent sudden deterioration of the restoring force and to mitigate residual drift. Shear-keys are required to
prevent an excessive lateral displacement of the column relative to the footing when the laminated rubber unit is
thick. Since such a column is virtually equivalent to a built-in high damping rubber isolator, it is called here an
isolator built-in column (Kawashima and Nagai 2002).

Figure 6 Isolator Built-in Column
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(2) Loading Tests

A series of seismic loading tests was conducted on 11 columns to verify the performance of the isolator
built-in columns. Model columns were constructed 1350mm tall (effective height) with a 400mm by 400mm
rectangular section as shown in Figure 7. They were designed so that the hystereses are stable until 4% drift. As
a consequence, 30 mm and 60 mm thick damping rubber units were used with an initial shear modulus of 1.2
MPa. The longitudinal reinforcement ratio was 1.58%, and the volumetric tie reinforcement ratio was 0.79%. A
shear-key was provided at the center, and four prestressed tendons were provided at the four corners. Four PC
tendons with a diameter of 9.2 mm were provided at the comers. Prestress of 20 kN was introduced in each
tendon, so that stress of concrete induced by the prestressing force was 0.5MPa. The columns was laterally
loaded under displacement control subjected to a constant axial force of 240 KN.

Figure 8 compares the failure of the isolator built-in column and the standard column after 4% drift loadings.
Extensive failure of the concrete occurs until 4% drift at the compression fiber in the standard column. The
longitudinal bars start to rupture at 5.5% drift, which results in the significant deterioration of restoring force. On
the other hand, the failure of concrete is much limited in the isolator built-in column until 4% drift. However the
longitudinal bars start to rupture in the rubber unit at 4.5% drift. The use of ductile steel is required to mitigate
the rupture of the longitudinal bars.

Figure 9 compares the lateral force vs. lateral displacement relations of the two columns. A remarkable
change of the shape of the hysteresis loops is seen. The lateral force is virtually the same at the post-yield zone in
the standard column, while it increases as the lateral displacement increases in the isolator built-in column. The
extensive deterioration of the restoring force at 4.5% drift results from the rupture of longitudinal bars in the
1solator built-in column. An important difference of the isolator built-in column is the smaller initial stiffness, as
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Figure 10 Effect of Isolator on the Equivalent Stiffness and Energy Dissipation

shown in Figure 10 (a), due to the soft deformation of the rubber unit. However, since the stiffness of the
standard column deteriorates due to progress of failure, the difference of lateral stiffness between two columns
becomes small over 2.5% drift. The energy dissipation per load reversal is nearly the same between the isolator
built-in column and the standard column as shown in Figure 10 (b).

(3) Analytical Correlation

The columns were idealized as shown in Figure 11 to correlate the experimental results. The isolator and the
column inside the plastic hinge were idealized by fiber elements. A stress and strain relation of concrete
including the lateral confinement effect was used (Hoshikuma et al 1997). The column outside the plastic hinge
was idealized by a linear beam element with the yield stiffness. Longitudinal rebars were idealized by beam
elements with hysteresis behavior (Menegotto and Pint 1973). Unbonding of rebars inside the isolator and PC
tendons was included in analysis using idealizations as shown in Figure 11 (2) and (3), respectively.

Figures 12 and 13 show the correlation of hysteresis of the lateral force vs. lateral displacement relation on
the standard and isolator built-in columns, respectively. Correlation on the hysteresis of the first excursion at
specific loadings are also shown for comparison. It is seen in Figure 12 that the computed hysteresis are
virtually the same with the experimental results until deterioration of the restoring force due to rupture of main
bars becomes predominant. The computed hysteresis in Figure 13 are also very close to the experimental results,
although the computed hysteresis are slightly slender than the experimental results at 3.5% drift.

Figure 14 shows the computed strains of the core concrete and main bars at the extreme fiber and the
computed strain of a PC tendon in the isolator built-in column. It is seen that the computed concrete stress is still
at the peak stress even at 6% drift. PC tendon remains in elastic range. However main bars are subjected to
repeated loadings over 0.7% tension and 1.5% compression. It is noted that compression is larger than tension
because isolator is built-in.
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4. CONCLUSIONS
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Effectiveness of unbonding main bars at the plastic hinge and the isolator built-in was clarified based on
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cyclic loading tests and correlation Analysis. Based on the results presented herein, the following conclusions
may be deduced:

1) Unbonding of main bars at the plastic hinge is effective to enhance the ductility capacity of RC single
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columns because the unbonding reduces the strain concentration of main bars and thus mitigates the
deterioration of bars. Although the main bars were unbonded at an interval equivalent to the column width in
this study, an appropriate unbond length needs further clarification, in particular at full size columns.

2) Isolator built-in columns are also effective to enhance the ductility capacity of single columns. However
ductile bars have to be used to prevent rupture inside the isolator because strain of bars here is extremely high.
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Abstract: In the equivalent static seismic design, the inelastic force demand is determined in terms of the
force reduction factor. Near-field ground motions have impulsive accelerations with large amplitudes. They
are damaging to structures as was evident in past earthquakes. However, the effect of near field ground
motions on the force reduction factor and the residual displacement has not yet been clarified. This paper
presents an analysis on the dependency of the force reduction factor and the residual displacement response
spectra on ground motion characteristics.

1. INTRODUCTION

After 1994 Northridge and 1995 Kobe earthquake, as the number of records of near-fault ground
motions increases, more attention has been paid to mathematical representations of near-fault ground
motions (Inoue and Miyatake 1998, Mavroeidis and Papageorgiou 2003, Hisada et al 2003).
Near-fault ground motions have impulsive accelerations with long natural periods and large
amplitudes. They are extensively damaging to structures as was evident in past earthquakes.

In the ductility design, the inelastic force demand is determined by force reduction factor (R
factor). Since careful evaluations of force reduction factors are required, force reduction factors have
been empirically determined based on the past earthquakes which were composed of far-field ground
motions. The effect of near-fault ground motions on the force reduction factors, however, has not yet
been clarified (Newmark et al 1973, Nassar and Krawinkler 1991, Miranda and Bertero 1994, Watanabe
and Kawashima 2001).

Under strong excitations, large force reduction factors could result in the residual displacements of
structures as well as plastic deformations. The large residual displacements passively cause the severe
obstruction to the retrofit of the bridges after earthquakes. The residual displacement was included in
the seismic design of Japanese bridges as a design requirement after 1995 Kobe earthquake (MacRae
and Kawashima 1997, Kawashima et al 1998).

This paper presents an analysis on the dependency of the force reduction factor and the residual
displacement response spectra on ground motion characteristics.

2. FORCE REDUCTION FACTOR AND RESIDUAL DISPLACEMENT

2.1 Definition of Force Reduction Factors
If one idealizes a structure in terms of a single-degree-of-freedom (SDOF) oscillator with an
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elasto-plasticTakeda stiffness degrading hysteretic behavior as shown in Figure 1 (Takeda et al 1970),
the force reduction factor R, may be defined as

Fer(T,¢g,)
FYNL (T, 1r5Sn)

R,u(TnuTﬂé:ELaéNL): 1)

where T : natural period, Fy and F,"":maximum restoring force in an oscillator with a linear and
a Takeda stiffness degrading hysteresis, respectively, s : target ductility factor, and &, and &y, :
damping ratio assumed in the evaluation of linear and bilinear responses, respectively. In the present
study, it was assumed that &z = 5% and &y, = 2% (Watanabe and Kawashima 2002). Thus
R,(T, ur,&pr, &) istepresented as R (T, iy ) hereinafter.

Takeda stiffness degrading model Was developed as a trilinear hysteresis model. In the present
study, however, Takeda degrading stiffness model was used to represent elasto-plastic bilinear
hysteresis, by eliminating crack path. The natural period 7 may be evaluated based on the yield
stiffness of columns. Representing u, the yield displacement where the stiffness changes from the
initial stiffness to the post-yield stiffness, a target ductility factor z; may be defined based on the
yielding displacement u,, as

/JT= umaxT/uy (2)

where u,, r is a target maximum displacement of an oscillator. The post-yield stiffness is assumed
to be 0 in the present study.

2.2 Idealization of Force Reduction Factors and Residual Displacement Ratio

As is discussed later, the scattering of the force reduction factors around the mean values is
extensive. The mean values of the force reduction factors are idealized as (Watanabe and Kawashima
2002)

R(u, T)=(u—-1)*¥(T)+1 3)
where,

+1 / 4)

T-a
¥(T)= 2
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where parameter a represents the natural period where R factor is equal to u (point P).
Representing Q as the point where R factor takes the maximum value,1/b stands for the period
between P and (), as shown in Figure 2. '

Residual displacement which occurs in a structure after an earthquake as shown in Figure 3 is
generalized by the residual displacement response spectrum (Kawashima et al 1998). Residual
displacement ratio r, is defined as

n=u,fu, “4)

where u, and u, are residual displacement and peak displacement, respectively, of SDOF
oscillators.

3. FORCE REDUCTION FACTORS AND REDISUDAL DISPLACEMENTS
FOR GROUND MOTIONS

3.1 Effect of Near Field Ground Motions on Force Reduction Factors

To analyze the effect of near-field ground motions on force reduction factors, 54 components of
free-field ground motions were used in the analysis; 20 near-field ground motions, 20 middle-field
ground motions, and 14 far-field ground motions. Ground motions recorded within 40km, 40km to
200km and over 200km from the epicenters are defined here as the near-field, middle-field and
far-field ground motions, respectively.

Figure 4 shows the effect of three types ground motions on force reduction factors for s, = 4 are
presented here. It is seen in Figure 4 that scattering of the force reduction factors depending on ground
motions is significant. For example at natural period of 1 second, the force reduction factors varies
from 1.9 to 10.3 depending on ground motions for near-field ground motions with a target ductility
uy of 4. It is apparent that such a large scattering of the force reduction factors result in a large
change of sizing of a structure in seismic design. Obviously smaller force reduction factors should be
assumed in design to provide conservative design. It is observed in Figure 4 that the dependence of
force reduction factors on the epicentral distance is significant.

The mean values and standard deviation of force reduction factors at every period are evaluated as
shown in Figure 5. Force reduction factors increase as natural periods increase up to certain periods,
and decrease beyond those natural periods to approach x at long natural periods.
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Table 1 Parameter a and 4 in Eq.(2)

Ground {=2 =4 =6 (1=8
Motions a b a b a b a b
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Figure 4 Force Reduction Factors for

54Components ( s, = 4)

Table 1 shows the parameters a and b determined by nonlinear fitting for mean R factorsof x=2,
3,4,5,6,7, 8 and 10. Figure 6 compares the empirical and computed R factors. It is seen that Eq.(1)
provides the general trend of the R factors. Figure 7 shows the difference of near, middle and far-field
ground motions on R factors predicted by Equation 3. R factors for near-field ground motion are

Figure 5 Mean value and standard deviation of

force reduction factors (u,=4)

smaller than those for middle-field and far-field ground motions.
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3.2 Effect of Near Field Ground Motions on Residual Displacements

The residual displacement ratios response spectrum were computed for the total 316 components,
and they were averaged at every period for near, middle and far-field as shown in Figure 8. It is noted
that the residual displacement ratio 7, is larger at the near-field ground motions than middle and
far-field ground motions.

Figure 9 shows dependence of residual displacement on R factor for near, middle and far-field.
Scatterings of the relations are considerable. It is considered that residual displacements are
independent of the force reduction factors.
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4. CONCLUSIONS

An analysis was conducted for the force reduction factor based on response of SDOF oscillator
using 70 free-field ground motions. Based on the analysis presented herein, the following conclusions
may be deduced:

(1) R factors depend on the types of ground motions. R factors for near-field ground motions are
smaller than middle and far-field ground motions. The R factors are similar for middle and far-field
ground motions.

(2) The residual displacement ratios depend on the types of ground motions. The residual
displacement ratios are larger for near-field ground motions than middle-field and far-field ground
motions.

(3) There 1s not an apparent relation between R factors and residual displacements. For the same R
factors, residual displacements have large scattering for every ground motions. It seems that residual
displacements are independent of R factors.
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Abstract: Fatigue retrofitting works to actual steel bridge bents in the Tokyo Metropolitan Expressway
system were described and the effects of them on the seismic resistance behaviors were discussed and
verified through push-over analysis. The target steel bridge bents have circular column to rectangular beam
connections. Round brackets were attached by bolt splicing as a temporary support for the fatigue retrofitting
by welding. However, the unexpected occurrence of lamellar tearing during the weld repairing changed the
role of the round brackets to a permanent retrofit detail. The fatigue cracks were not removed all as planned
and just stop-holed for the prevention of further propagation. Therefore, it was important to evaluate the
seismic performance considering the effects of the round brackets and the stop-holed fatigue cracks.

1. INTRODUCTION

Recently many fatigue cracks were observed in the beam-to-column connections of actual steel
bridge piers in the Tokyo Metropolitan Expressway system (Morikawa et al 2002). The investigations
on the causes of the fatigue damage unveiled that the cracks initiated from inherent weld defects at the
comers of beam-to-column connections where severe local stress concentration occurred due to
shear-lag phenomenon (Miki et al 2002). Such inherent weld defects were contained in the welded
joints due to the complicated plate assembling method (Miki et al 2003).

In order to make retrofitting works to the fatigue damaged beam-to-column connections in steel
bridge bents, it is essential to remove fatigue cracks and the inherent weld defects referred to “delta
zones” and to reduce the local stress concentration at the corners. Until so far, several retrofitting
techniques against the fatigue problem such as welding, plate attaching by bolt splicing (Morikawa et
al 2002), additional brackets, rib attachment (Tanabe et al 2004) have been proposed and the effects of
them on the fatigue performance of the structures were examined by a series of experiments, FEM
analysis, and field stress measurements. However, in order to choose a proper retrofitting work for a
specific steel bridge bent, it is necessary to consider the structural characteristics and also material
properties especially for weld repairing.

This paper describes the fatigue retrofitting procedure and the verification of the seismic
performance through push-over analysis for an actual steel bridge bent.

2. DESCRIPTION OF THE STRUCTURE
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2.1 Structure and Fatigue Damage

The target steel bridge bents are located at Ikebukuro in the Route 5 in the Tokyo Metropolitan
Expressway system. They are two-story structures with circular column to rectangular beam
connections as shown in Figure 1. The plate assembling method is shown in Figure 2. The web plates
of rectangular beam penetrate into the circular column and the flange plates of the beam are welded on
the wall of the circular column. This plate assembling method caused inherent weld defects at the
corners where the peak local stress occurred due to shear lag effect. The fabrication code provides full
penetration welds for all of the joints inside of beam-to-column connections. However, the most of
welds are partial penetrated or fillet welds. Fatigue cracks initiated and propagated from such inherent
defects and root face. Figure 3 shows observed fatigue cracks. One of the fatigue cracks appeared on
surface at the corner of beam-to-column connections (Figure 3 (a)). The fatigue cracks initiated from
the root of welds between the beam flange and the column wall, which penetrated along the beam
flange. Fatigue cracks also initiated from the big cavity between the beam web and the column wall.
The other cracks appeared on the welds surface, which initiated from the fillet welds. Actually, the
throat thickness of the welds was extremely small, 2-4mm, because of wide gap. This wide gap was
filled with small steel pieces.

he Target Structure

_ )
Figure 2 Plate Assembling Method of The Damaged Connections

2.2 Retrofitting Works ‘

Considering the causes of fatigue cracks, conditions of weld defects, and stress conditions due to
live loads, weld repairing was chosen as a proper retrofitting method. The fatigue damaged welded
Joimts would be replaced by full penetrated welding. Round brackets were attached by bolt splicing as
a temporary support for the fatigue retrofitting by welding (Figure 4). The results of FEM analysis
indicated that the round brackets reduced stresses due to traffic load up to 50%. :

2.3 Lamellar Tearing

However, during the weld repairing works, cracks were detected inside of the base metal of
column flange (Figure 5). There were lamellar tearing cracks. Table 1 shows the material properties of
used steel in this structure. The Sulfur inclusion affecting lamellar tearing phenomenon is high, and the
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(b) Fatigue Crack on Béain Flange
Figure 3 Fatigue Damage

‘(a) Fatie Cracks at the Corner

Figure 4 Round Bracket

thickness direction tensile test results show that the ductility in thickness direction, reduction of area
(RAZ) is surprisingly low (Miki et al 2004).

The accident forced us to change the retrofitting method. As a result, the round brackets installed
as a temporary support changed its role to a permanent retrofitting structure. And the fatigue cracks
were not removed all and remaining in the joints by piercing holes for the limitation of crack
propagation direction and for the prevention of unstable crack propagation (Figure 6). We expected
fatigue cracks propagated into these holes and stopped. Eventually, the upper flange and the column
wall would separate. This retrofitting work is expected to be effective enough to prevent fatigue
damage, but it gave the structure additional stiffness and weights at the beam-to-column connections
and remaining cracks in the joints. Therefore, it is important to evaluate the effects of the retrofitting
work on the seismic performance of the whole structure of the bent.
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Table 1

morel2ra)

Material Properties

(a) Chemical Composition

Figure 5 Lamellar Tearing

i Beam

sample chemical compositin(mass %) parameters
No. C Si Mn P S Ni Cu Cr Mo \' Ceq | Pcm
No.1 016 | 029 [ 1.36 | 00121 0.012 | 0.017 | 0.04 | 0.018 | 0.012 | 0.003 | 0.406 | 0.242
No.2 0.17 | 029 | 136 | 0.012] 0.01 | 0.017 | 0.04 | 0.018 | 0.012 | 0.003 | 0.416 | 0.252
No.3 0.17 | 0.29 | 1.35 | 0.012] 0.009 | 0.016 | 0.04 | 0.017] 0.012 ] 0.003 | 0.414 | 0.251
(b) Thickness Direction (Z-Direction) Tensile Test Results
sample | diameter|0.2% load tensile stress elongationf RAZ break
No. (mm) |Load(kN)| N/mm2 |Load(kN)| N/mm2 (%) (%) point
No.la 9.99 26.81 342 27.89 356 3 0.2 connection
No.1b 9.99 28.34 362 39.78 508 12 8 A
No.1c 9.99 27.57 352 40.13 512 10 12 A
No.2a 10.00 26.49 337 39.41 502 18 20 A
No.2b 10.00 26.39 336 40.16 511 10 19 A
No.2¢ 9.99 24.92 318 36.84 470 6 10 A
ey W by R
Mg screw Mis serew
15 . . . . .
Thickness Direction Tensile Test Specimen
Plate thickness
F Diaphragm
16889 i Diaphragm _
: Web i
S50 = T3 Stop-hole :
o o iy p: S k\ /
£ ! crac
§ 15836 X b '«—Stop-hole - Column
| ;
R ;1800 . Beam Flange o
%i ap = ] ‘. Diaphragm | Stop-hole C.)
,_«?\ - P JJi crack
D } i Diaphragm
175> 20725 . Js00
%mx Ww kw;f\::vam
. Web
fd bl Ld fd b i
7200 7200

Figure 6 Piercing Stop-holes
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3. PUSH-OVER ANALYSIS OF THE STEEL BENT

In order to verify the effects of the fatigue retrofitting methods on the seismic performance of the
steel bridge bents, in this study, push-over analysis by FEM was conducted. In this study, two cases are
considered. Case 1 is the case of the original structure before retrofitting works. Case 2 is the case that
the round brackets are installed into structure. Case 3 is the case that the round brackets are installed,
the diaphragm is removed and flange plate and are not connected to the column wall to simulate
fatigue cracks with stop-holes.

3.1 Analysis Conditions

The finite element model is shown in Figure 7. All the steel plates were modeled with shell
elements and the concrete filled in the base of the circular piers was modeled with solid elements. At
the base, shell elements and solid elements are connected to simulate composite action. In Case 3, to
model the crack in the flange plate, only for the compressive flange, the nodes on the column wall and
the nodes in the flange mode together only in the direction of the component axis (Figure 8). The
considered material properties are defined as shown in Figure 9. The vertical reaction forces due to the
weights of the superstructure are modeled as the point loads on the beam. The horizontal loads for the
push-over analysis were applied at the same points as the reaction forces. The base of the columns is
fully fixed as boundary condition. The model is half model con31der1ng the symmetry in the vertical
plane.

Point Forces
(Superstructur

Case 1 (No Round Brackets) Case 2 and Case 3
(With Round Brackets)

(b) Retrofitting of Beam-to-Column Connections

ully Fixed

(a) The Whole Structure

Case 1 and Case 2 L
Figure 7 FEM Model (With Diaphragm) Case 3 (No Diaphragm)

(c) Simulated Crack in Diaphragm

¢
= % B - :ﬁ: %3 ]
ﬁz s,
g:& Eyf!wg Eﬂ mi; g }‘1‘1 {gﬁ ﬁ %} :3 ﬁ N
i {?;&m H %1” fhure Poigt
Bl o B—— | :
s |00 | % | 7 COul2ele- o) |
‘ Lomsie loerfaee |3 i S -
Uy t ] Cae0.0023 soie Ee
b B (a) Steels (b) Concrete

Figure 8 Material Properties Used in FEM
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Connected only in direction X

I . 3 — between the column wall and the

y, Circular Column

¥

L.

Circular Column

‘ Not connected between the

column wall and the flange

Beam Flange Beam lange

(a) Flange in Tension o (b) Flange in Compression

Figure 9 Modeling of the Crack in the Flange

3.2 Results

Figure 10 shows the deformation at ultimate state in the push-over analysis. In Case 1, in the
original structure without round brackets, the local buckling occurred in the beam just out of the
beam-to-column connection. In the existing steel bridge bents, the beam-to-column connections are
relatively rigid because they are designed by considering the local peak stress due to shear lag
(Okumura et al. 1968).That causes local buckling during earthquakes just out of the beam-to-column
connections (Sasaki et al. 2004).

In both of Case 2 and Case 3, the yielding and the ultimate state were governed by the strength of
the base. The analysis results such as the horizontal seismic coefficients at the yielding and at the
ultimate state were shown in Table 2. Focusing on the behavior of the retrofitted beam-to-column
connections, in both of the cases, the local buckling occurred at the thickness-changing portion just out
of the beam-to-column connections as shown in Figure 10. This is the same feature described as that in
Case 1, so it can be said that the fatigue retrofitting works did not affect the seismic behavior of the
steel bridge bent. The von-Mises stress distribution shown in Figure 11 also illustrates that no damage
represented in the fatigue retrofitted beam-to-column connections even in Case 3 with cracks
remaining in the beam flanges. '

Table 2 also summarized the verification of the horizontal strength and the residual displacement
based on the analysis results. As shown in Table 2, in both of the cases, the horizontal strength was
exceeded the required horizontal strength proposed in the Japanese Specifications for Highway
Bridges and the residual displacement was also within the allowable residual displacement. Therefore,
it was concluded that the steel bridge bent with the fatigue retrofitted details in the beam-to-column
connections possesses enough seismic performance.

RSB B BERING . 5

(a) Case 1 | (b) Case 2 (c)Case 2
Figure 10 Deformation at Ultimate State
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Yon Hises

(a) Case 1 (b) Case 2 (c) Case 3
Figure 11 Von Mises Stress Distribution at Ultimate State

Table 2 Summary of Push-Over Analysis Results and Verification of The Seismic Performance

Case Casel Case 2 Case 3
Earthquake Type Type II Type II Type I
Horizontal Yield Strength (kN) 4153.48 3390.59 3348.21
Horizontal Yield Displacement (m) 0.086 0.065 0.066
Analysis Results Seismic Coefficient at Yield 0.98 0.8 0.79
Horizontal Ultimate Strength (kN) 7840.74 6823.57 7883.13
Horizontal Displacement at Ultimate State(m 0.282 0.177 0.287
Seismic Coefficient at Ultimate State 1.85 1.61 1.86
Verification of Horizontal Strength, Ha(kN) 6611.65 5679.24 6371.49
Horizontal Strength Required Horizontal Strength, Khew(kN) 443237 4936.04 3827.95
Results OK OK OK
Verification of  |Residual Horizontal Displacement (m) 0.0354 0.0419 0.0406
Residual Allowable Horizontal Displacement (m) 0.20455 0.20445 0.20445
Displacement Results OK OK OK

4. DETAILED ANALYSIS OF CONNECTIONS

~ In order to investigate on the effects of the fatigue retrofitting to the beam-to-column connections,
more detailed analysis was conducted by zooming method using the results of the push-over analysis
of the whole bent. The round brackets were installed to the actual structure by bolt-splicing. In the
process to the ultimate state of the bent, sectional forces to bolts can exceeded the strength of them and
lead to fracture. In the detailed analysis, the behavior of a beam-to-column connection in the bent was
discussed with considering the possibility of fracture of bolts.

4.1 Analysis Conditions

The cases of Case 2 and Case 3 discussed in Chapter 3 were analyzed in detail on the behavior of a
beam-to-column connection. The FEM model for the detailed analysis is shown in Figure 12. The
bolts were modeled by beam elements. The tensile and the shear strengths of the bolts are 342.1kN
and 197.5kN, respectively. In the analysis, the damage condition of the connection at the horizontal
load of the required horizontal strength was investigated. The displacement at the boundary of the
detailed model was obtained from the analysis result of the whole bent and applied as the boundary
condition. When the sectional force to the bolts reached the strengths of the bolts, elements modeling
the bolts were removed and the following analysis was continued without the elements.
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7 bolts |}

5 bolts

6 bolts 6 bolts

1 bolt e | 3 bolts

(a) Case 2 (b) Case3
Figure 12 Detailed FEM Model Figure 13 Location of Fractured Bolts

Y g

Before removal of After removal of Before removal of After removal of
fractured bolts fractured bolts fractured bolts fractured bolts
(a) Case2 (b) Case3

Figure 14  Stress Distribution

4.2  Analysis Results

Figure 13 shows the location of the fractured bolts in both of the cases. The number of the
fractured bolts in Case 2 and Case 3 was 14 and 20, respectively. Figure 14 shows the deformation and
the von-Mises stress distribution before and after the removal of bolts. The removal of bolts did not
change the stress distribution in both of Case 2 and Case 3. Therefore, the effect of the fracture of the
bolts on the behavior of the beam-to-column connections is not significant, so it can be said that the
fatigue retrofitted connections possesses the required level of strength.

5. CONCLUSIONS

The seismic performance was not affected by the fatigue retrofitting works using round brackets.
Furthermore, it was confirmed that even in the case that the flange plate was cut by fatigue cracks, the
steel bridge bent still has satisfactory ductility and strength against the seismic loads.

References:

Morikawa, H., Shimozato, T., Miki, C., Ichikawa, A. (2002), “Study on Fatigue Cracking in Steel Bridge Piers with Box
Section and Temporary Repalrmg” Proc. of ISCE, No.703/1-59, 177-183.

Miki, C., Ichikawa, A., Sakamoto, T., Tanabe, A., Tokida, H., Shimozato, T. (2002), “Fatigue Perfonnance of
Beam—to-Column Connectlons with Box Sectlons in Steel Brldge Frame Piers”, Proc. of JSCE, No. 710/1-60,
361-371.

Miki, C., Hirabayashi, Y., Tokida, H., Konishi, T., Yaginuma, Y. (2003), “Beam-Column Connection Details of Steel Pier
and Their Fatigne Damage Mode”, Proc. of JSCE, No.745/1-65, 105-119.

Tanabe, A., Miki, C., Ichikawa, A., Sasaki, E., Shimozato, T. (2004), “Fatigue Strength Improvement of Beam-to-Column
Connections with Box Section In Steel Bridge Frame Piers”, Proc. of JSCE, No.777/1-69, 137-148.

Miki, C., Tominaga, T., Yagiuma, Y., Shimozato, T. (2004), “A Study on Lamellar Tear Risk of Steel Bridge Piers Retrofit
Welding”, Proc. of JSCE, No.759/1-67, 69-77.

Okumura, T., Ishizawa, N. (1968) ,”The design of knee joints for rigid steel frames with thin walled section”, Proc. of JSCE,
No.153, 1-18.

Sasaki, E., Miki, C., Ichikawa, A., Takahashi, K. (2004), “Behavior of Steel Bridge Frame Piers during Earthquakes”,
Journal of Structural Eng., JSCE, Vol. 50A, 1467-1477.

Japan Road Association (2001), Specifications for Highway Bridges (JSHB)

-84-



Second International Conference on Urban Earthquake Engineering
March 7-8, 2005, Tokyo Institute of Technology, Tokyo, Japan

ENERGY DISTRIBUTION AND POWER FLOW
IN PASSIVELY CONTROLLED STRUCTURES

T. Igusa

Guest Professor, Materials and Structures Laboratory, Tokyo Institute of Technology, Japan
Professor, Department of Civil Engineering, Johns Hopkins University, U.S.A.

tigusa@jhu.edu

Abstract: The response of buildings with passive control systems is examined using energy principles,
Two fundamental types of response motion are considered: free-vibration response and response to
wide-band stochastic input. The goal is to understand relationships between the power flow between the
building floors, the kinetic and potential energy of each floor, and the energy dissipation by the passive
control system.

This paper is a preliminary study that serves as a prelude to further research investigations of damping in
passively control structures that will be performed jointly by Professor K. Kasai and the author at the Tokyo
Institute of Technology.

1. INTRODUCTION

We begin with a brief review of the wave approach to the analysis of relatively tall buildings. We
follow a wave approach, which can be traced back to D'Alembert (1747) and has been described for
building analysis in textbooks such as Clough and Penzien (1975). Such an approach has been used
in various applications such as system identification and damage detection (e.g., Safak, 1998). In this
paper, the emphasis is on the analysis and design of passively controlled buildings.

2. WAVE EQUATIONS

2.1 Review
Consider a continuous cantilever shear beam model for a building with equation given by

w8 (xdw
_ 4+— — =0 1
p or’ Bx( ox ) M

where w(x,?) is the absolute displacement at location x and time 7. Here p(x) is the mass per unit
length and x(x) is related to the shear stiffness of the beam at x. Usually, x is denoted as kAG where
A is the cross-section area, G is the shear modulus, and & is used to account for the non-uniform
distribution of shear stress over the cross section. For a base motion wy(?), the boundary conditions
for the cantilever beam are w(0,7) = wg(?) at the base and dw(L,#)/0x = 0 at the top free end.

The simplest way to include material damping is to insert an imaginary component to &:
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where / is related to the degree of material damping and the sign of the imaginary term must be
examined in Fourier transform space.

We can begin with the D'Alembert (1747) approach to solving the equation of motion. In this
approach, the absolute displacement is expressed as

w(x,t):wU(t—x/c)+wD(t+x/c) 3

where the subscripts U and D are used to designate waves moving upwards and downwards.
Substituting into the equation of motion (1), it can be seen that the wave speed ¢ is given by

Kl p “4)
With material damping, we have

¢ = c(m iih) (5)
To satisfy the boundary conditions, we must have

wy )+ wy () = wy, (1) + w, (1-27,) = w, (1) ©6)

where T, = L/c is the time required for a wave to travel from the base of the building to the top
Taking the FT of (6), we have

B 1
Wy (e)= 1+ exp(— 2iwT, ) We (@) ‘ (7)
w, (a)) = exp(— 2iwT, )WU (@) : (7b)
where

T, :To(\ll—h2 ~ihsgn(a))) (7c)

Here, the sign of the imaginary term is determined by the fact that the waves must always be decaying
as Ty increases (or as the beam becomes longer); hence the sign of the frequency, denoted as sgn(w) is
needed in the above. It is also noted that the sign of the imaginary term in (2) for harmonic loads is
also given by sgn(w). In the following, we use the non-dimensional distance ¢ = x/L so that {Ty = x/c
is the time required for a wave to travel the distance x. Using (6) to combine (7a) and (7b), we
obtain:

W(f,a)):lixig(zi;)‘; ool it e expl- ok ) ®

We can expand this as an infinite series by using the relation 11 +y)=1-y+)y* - ...

Eel

W (&, )= 0(— 1Y [expl-im, 7, (€ +2))+ expl- i, Ty (- £ + 2+ )7, (o) )

j=
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This can be interpreted as a series of waves traveling up or down at time intervals that are slightly less
than 7o. The decay rate Ajw| increases with frequency w. If the strain response is of interest, we
simply take the spatial derivative.

2.2 - Comparison with modal analysis
If equation (1) is analyzed using standard modal analysis (e.g., as shown in Clough and Penzien,
1975) instead of a wave analysis, then the response can be expanded in the following form:

o0

Wo)=3

=0 0(.0—0)

———4,(W, (o) (10)

where @ and ¢(£) are the natural frequencies and mode shapes and ®" is a complex frequency defined
as follows:

_@j-1)r
i _—2]?0—_ (lla)
$,($) Zsin(2—j§—1—)£§ (11b)

o = co(\/l—h2 —ihsgn(a))) (11c)

3. WAVE-MODE DECOMPOSITION

Next we examine possible decompositions of the harmonic response which includes both wave
and mode components. This is particularly useful when the first mode dominates the response of the
building, but the effects of the higher modes must be retained for accuracy. The essential step here is
to retain the modal analysis only for the first mode vibration and to use the more concise wave
analysis for all remaining higher modes.

3.1 Separation of the first upward and downward waves
The first two terms of (9) correspond to the first upward and downward waves. We write this as

W&, @)+ W&, 0) = [exp(-iaTy )+ expl-iaT] (- £+ 2))P7, (o) (12)
The remaining wave correspond to j > 0:

W) ing (&, 00) = —expl- 20T, E W (£, 0) (13)
If these remaining waves are dominated by the fundamental mode, then we have:

W, ing (6 0) = —expl- 20T, £ 0, 0) (14a)

in which
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w(£, )= ﬂ__l___z sin[-’;—fng () , (14b)

)
is the response of the first mode.

3.2 Interpretation of the mode-wave decomposition

In the preceding mode-wave decomposition, we have the first wave propagating upwards from the
base, given by WUI)(f,a)) and the first reflected wave propagating downwards from the top of the
building, given by ngl)(f , co) These two waves carry most of the energy of the initial seismic input.
However, there are some remaining waves that continue to propagate upwards and downwards after
these two initial waves. It can be seen, from the exponential decay of the wave formulation with
higher decay at higher frequencies, as indicated by (8) and (9), that the lower frequency components of
the harmonic response will dominate this remaining wave energy. Hence, in (14a) and (14b), we use
only the fundamental mode to characterize the remaining waves. It can be shown that for moderately
damped buildings, this mode-wave decomposition accurately describes building response to
wide-band seismic input.

4. EFFECT OF VARIABLE PARAMETERS ON ENERGY DISTRIBUTION

For design applications, it is of interest to examine how the preceding equations would change
when the parameters x(x) and 4(x) vary slowly with location x. ~An energy and power flow approach
is useful here. In the following, we consider the case where the damping is sufficiently high such
that only the initial upward propagating wave is of interest. Hence, this is applicable to buildings
with passive damping control. (For smaller damping, it would be necessary to consider the returning
downward propagating wave and any succeeding reflected waves.)

4.1 Energy formulation

Consider a single cycle of a sinusoidal wave at the base, with frequency @ and amplitude Ap. We
are interested in the case where the parameters x(x) and A(x) vary sufficiently slowly with respect to
the location x. This criterion is satisfied if these parameters vary slowly as compared with the
variability of the sinusoidal waveform. We compare the sinusoidal waveform at two different
locations of the beam: wy(x,?) at a neighborhood of the base at xo = 0 and w(x,?) at a neighborhood of a
location x; elsewhere. The waveforms would be given by

w (x,2)= 4, sin(w[t -2, —x/c,)) (15)

fork=0,1. The goal is to determine the relationships between the beam parameters x; and / and
the wave speeds and amplitudes, ¢ and Az, where we assume that the beam parameters can be
replaced by constants x; and /4, when x is in the neighborhood of x;. We begin with the undamped
case, with 2(x) =0. It can be shown that the strain and kinetic energy densities per unit length are
given by

oE ,SS"“i")(x,l) _Adlo’x,
ox 2c;

cos’(oft -1, —x/c,)) (16a)

aE](Ckinetic)(x, t) ~ Aia)Zp

sin®(wlt—1, - x/¢,)) (16b)
ox

It can be seen that there are four conversions between strain and kinetic energy per cycle. By
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equating the amplitudes of the strain and kinetic energy densities, we get the relation

C =K/ p eV

which is a generalization of (4). This simply shows that the wave speed is proportional to the square
root of the shear stiffness.

To determine the amplitude relation, it is necessary to consider the total energy, which is simply
the energy density integrated in space over one wavelength. The wavelengths are A, = 27ci/ @ and the
integrals are:

E(strain) _ J;xk+,lk aEIEStrain)(x’t)dx _ 7724]350’(](

18a
k 3 ox ZCk ( )
E]gkinetic) — Jj"”’k aElgkinaic) (X,f b = M,fa)pck (ISb)
k ox 2

Combining the wave speed and total energy relations, (17), (18a), and (18b), we obtain the desired
result for the amplitude relation

A /4 .
A_ e _ [K_J (19)
4, G \ Kk
This shows that the amplitude is inversely proportional to the square root of the wave speed and the
fourth-root of the shear stiffness.

4.2 Power flow

To obtain the power dissipation density at a single point in space due to damping, then the
following key relation is needed. If z = Zexp(icx) is the strain, then the average power dissipation
density per unit length is given by

an_o ”/wRe(K*z)Re(?—Z—jdtz—K—h—|Z|2 | (20)
ox 2r ot 2

We are now ready to combine the energy relations with the power flow equation. The energy
conservation relation is

El(strain) + El(kinetic) _ [Eéstrain) + Eékinezic) ] — '[: ar;£X) / ’ (21)

Substituting (16a), (19) and (20) into (21) we obtain

0 Alwy, Ak, |_ o f‘A_z(i‘)E(iC_)f’@dx ‘ (22a)
c Co 2 % c? (x)

which can be rewritten as

A i, - 43K, :%‘E A () e (22b)

Using an auxiliary variable B(x)= 4% (x)\/x(x ), the preceding can be written in differential form:
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dB(x) o
T :E %h(x)l?(x) (22¢)

with solution

B(x)= exp{-ag fi’filds}?(o) (220)

Vi(s)

The final result for the amplitude would be

A(x)= x"4(0) {0)4{[; fh(s)rc“”z(s)ds}A(O) 23)

- K_1/4 (x) €Xp

This is the basic relation that can be used to provide insight into the appropriate values for the
damping /4(x) and shear stiffness &(x) for the design of passively controlled buildings.

5. CONCLUSIONS

This paper provides two sets of mathematical relationships for buildings with passive control
devices. The first is a combination of wave and mode formulations for building response. The
second is the relationships between wave amplitude and spatially variable damping and shear stiffness.

The most important difference between the wave and mode formulations is that the wave
formulation is more suited for the analysis of power flow for input that is of relatively short duration,
while the mode formulation is more suited for stationary energy distribution for input that is of
relatively long duration. In this short paper, it is shown how these two formulations are
mathematically related and it is also shown how they can be combined to make best use of each
formulation.

The amplitude relationships were derived using an analysis of power flow and energy distribution.
With these relationships it is possible to determine the spatial variability of the shear stiffness and
damping that provides a desired distribution of shear strain. Hence, these mathematical relationships
may be useful in the design of passive control of tall buildings.
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Abstract: A visco-elasto-plastic (VEP) damper that combines a visco-elastic device and an elasto-plastic
device in series is proposed. Experiments of an isolated damper as well as a frame having the damper
indicated the performance that is very consistent with the analytical predictions. The VEP damper combines
advantages of the two different devices, showing excellent energy dissipation over a wide range of cyclic
deformations. The system using the damper shows better performance than those using single kind of the
device, thus, it can extend performance limitations of currently used passive control systems.

1. INTRODUCTION

Recent earthquakes in metropolitan areas of Japan (Kobe) and U.S. (Northridge) lead to intensive
research effort of the two countries regarding building performance. Conventional structural systems
are now found to have difficulty in satisfying the performance required for protecting socio-economic
value of the buildings. Use of powerful seismic energy dissipaters could be essential, if both safety
and serviceability of the buildings are to be improved significantly. Pursuant to this, we conducted
various studies related to the use of energy dissipaters such as visco-elastic (VE), viscous (VS), and
elasto-plastic (EP) dampers (e.g., Kasai and Watanabe 1997, Kasai et al. 1998, Fu and Kasai 1998).

The VE damper (Fig.1a) uses polymer, and it dissipates energy through molecular motion of the
material. This damper, due to its linear characteristics, adds consistent amount of damping and
stiffness to a structure regardless of the earthquake type and intensity. However, increased
earthquake intensity leads to proportionally increased acceleration and inertia force of the structure,
which can cause failure of the connection and supporting member of the VE damper.
Temperature-dependency of the material is another concern, when using the VE damper (Kasai et al.
1993, 2001, 2002b).

The EP damper (Fig.1b) utilizes yield mechanism of ductile steel (i.e., steel damper) or slip
mechanism at interface of two metal surfaces (i.e., friction damper). Under the earthquake of large
intensity, the EP damper dissipates energy without significantly increasing its force, and thus excessive
loading against the connection and supporting member can be avoided. However, under the more

VE Damper Force: Increase EP Damper | A

Force: Const.
N

R AV
/AT T

Deform: Increase o Damping  Deform: Increase

Figure 1 Hysteresis Loops: (a) VE Damper and (b) EP Damper
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frequent and smaller earthquakes, the damper behaves elastically without dissipating energy, and may
cause relatively large acceleration and consequent failure of the nonstructural component. If yielding
or slipping force is lowered to overcome this problem, the performance against larger quake will be
sacrificed, and in a case of the steel damper low-cycle fatigue may occur. The EP damper also
develops residual plastic deformation and stress, which may cause various problems regarding the
post-earthquake operation (Kasai et al. 1998a).

2. VEP DAMPER

The above problems clearly impose limitations to passive control effectiveness of the VE and EP
dampers. In general, these limitations are also applicable to a linear velocity-dependent damper
type and a nonlinear deformation-dependent damper type, respectively. It is difficult to enhance the
performance of each damper due to its inherent energy dissipation mechanism.

Accordingly, as a method to gain enhanced passive control effectiveness, we consider the
development of a mixed damper, which combines the VE part and the EP part in series (Fig. 2).
From now on, this damper will be called the Visco-Elasto-Plastic (VEP) damper. Our current
analytical and experimental studies have indicated that the VEP damper can eliminate the demerits and
yet maintain the merits of each of VE and EP dampers. This is briefly explained below:

(1) Under a small earthquake, the EP part is elastic. While it does not dissipate energy, the VE part
does, making the VEP damper effective (advantage over the EP damper).

(2) Under a large earthquake, the EP part either yields or slips, preventing increase of the force of the
VEP damper as well as accelerations of the system (advantage over the VE damper).

(3) Under a large earthquake, the EP part deformation confines VE part deformation to a certain
range, leading to the reliable/economical design of the VEP damper (advantage over the VE
damper).

(4) Due to the combined action of the EP and VE parts, temperature-dependency of the VE part is
reduced considerably (advantage over the VE damper).

(5) Residual deformation of the EP part is absorbed by the VE part having low static stiffness,
resulting in negligible residual force of the VEP damper (advantage over the EP damper).

VISCO-ELASTIC ~ ELASTO-PLASTIC ' L '
(VE) PART (EP) PART H ' =)
F (1)
<>

VISCO-ELASTO-PLASTIC
(VEP) DAMPER

i ¥

Figure 2 Schematic Illustrations of (a) VEP damper, and (b) Passive Control System

3. EXPERIMENT AND ANALYSIS OF VEP DAMPEER

We have conducted dynamic testing of a full-size VEP damper in order to examine its feasibility
(Fig. 3). For the VE part, we use the acrylic material called ISD 111, produced by Sumitomo 3M
Company, Japan (e.g., see Kasai et al. 2001). For the EP part, we consider a friction device
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consisting of the vehicle brake pads and steel plates with slotted holes (e.g., see Sasani and Popov
1997). The details of the VEP damper are shown in Fig. 4 and 5.

Reaction Frame N
Unit: mm

EL/ Actuator

2,890 / 3,115
/ VEP Fixed End

| = Roller

[0
1
=2

,1001

—1

| | 1 1] Il
M UL = =

Figure 3 Test Set-Up

EP Part (Movable VE Part
1,550mm—+_

Figure4 VEP Damper Specimen
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(Point C)

.

VE (Point B) VE (Point A) .

ol n
' Lot < {
(;oﬁed\ Friction Pad N VE Material
Hole
— -
1 Ak, 1
A
E .Iﬁj‘d"'rm‘_ll ‘@%ﬂ]q:
& w0 "
L THIF /. .
205mm J Friction Pad  VE Material

Fixed End EP Part VE Part
Figure 5 Details of VEP Damper
Fig. 6 compares the results of cyclic loading tests and analyses. The sinusoidal deformation of
1Hz frequency is applied to the VEP damper. Five different magnitudes of the peak deformation

ranging from 8 mm to 40 mm are considered. ~Analysis uses Kasai’s (1993, 1998, 2001) visco-¢elastic
constitutive rule consisting of fractional time-derivatives of the stress and strain for the VE part, and a
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bilinear constitutive rule for the EP part. The responses of the VEP damper, VE part, and EP part are
shown, respectively. Analysis correlates extremely well with the experiments.

Under the small deformation imposed, the EP part is elastic, and the VE part as well as VEP damper
exhibit typical elliptical hysteresis loops. Under the larger deformations, the EP part slips and
maintain a constant force, which is advantageous for the design of the damper connections and
supporting members. In the tests applying VEP peak deformation of 16 mm or more, the
deformation of the VE part is limited to about 16 mm and the rest of the deformation taken by the EP
part. This indicates that the thickness of the VE material can be designed with high confidence, since
it must be large enough not cause excessive shear strain and consequent tearing failure of the material.
Fig. 7 also shows the case of random loading. Good agreement between the experiment and analysis is
obtained even under the random loading case.

TEST 1004 F 4 (kN) 300, F ¢ (kN) 100, F 4 (KN
v nm
U[( Ov/// 0 2 ) 0 2 m J 15
u(rnm) qu(mm) JuEP (IIIIIU
3001 300 Z00]
ANALYSIS
300, T akN) 300,F a (kN) 300, F a (KN)
L1101 I
-4 (/)/ 40 20 20 -2 4 p5
THEC T 7/ -
-300 -300 -300

Figure 6 Sinusoidal Deformation Test: Comparison between Experiment and Analysis
(VEP Damper, VE Part, and EP Part, in the order from left to right)

200, Fa(N)

15
U gp (mm)

-200-

2007 F 4 (kN)

U gp (mm)

200/ - 200"

Figure 7 Random Deformation Test: Comparison between Experiment and Analysis
(VEP Damper, VE Part, and EP Part, in the order from left to right)
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4. EXPERIMENT OF FRAME WITH VEP DAMPER

We have also conducted dynamic testing of a 0.4-scale steel frame with the VEP damper (Fig. 8).
One of the objectives of this experiment is to examine how properly the damper works when it is
inserted into the frame. Fig. 9 shows the responses of the system and damper, respectively. They
confirm proper functioning of the VEP damper: Under a small drift, the system acts as a structure
with a VE damper only, as evidenced by the elliptical hysteresis loop of the system and damper,
respectively. On the other hand, under a larger drift the system is approximately changed into a
structure with an EP damper. The observations are in conformity with those described earlier for the
VEP damper, and the system has functioned as expected.

T

t 2,400 mm |
] =~ T
— [H = —
] VE, EP, |
- or VEP —

1,500 mm

Actuator

2,670 mm

g 5B
T

T111
T

LI Ll L

Figure 8§ Experimental Set-Up for Steel Frame with VEP Damper

[Shusoidr [Fandon |

System | Frame & Added Comp. | System | | Frame & Added Comp.
F (kN) 150 1 Syst\em Fa Fr (kN) 1507 Frame F (kN) 150 1 Syst\em - Fa Fr (kN)1507  Frame
Test 1.7 ~ " Addedcomp. { > Test Added comp. >
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Figure 9 Sinusoidal and Random Deformation Test: Comparison between Experiment and Analysis
(VEP System, Frame, and Added component, in the order from left to right)

S. PROTOTYPE DESIGN AND EARTHQUAKE RESPONSE ANALYSES

The above results indicate that the experimental results are consistent with the analytical results, and
that there is no appreciable changes of the VEP damper performance when inserted into a frame.
Based on this, we have conducted various time history analyses of a prototype 12-story steel frame
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with the VEP dampers, herein called as the VEP system. In addition, the VE system (frame with VE
dampers only) and the EP system (frame with EP dampers only) are also analyzed to compare with the

VEP system. Analytical models are shown in Fig. 10.
Fig. 11 shows the response of the three systems under the 1995 JMA Kobe record whose peak

velocity 1s scaled to 50 cm/s. The VEP system indicates elliptical hysteresis in a small amplitude
range, and elato-perfectly-plastic hysteresis in a large amplitude range.

T =1. 39%9sec
h =15. 6%

48 m

Brace (4) VE SYSTEM
T =1, 39sec

400cm x 12 STORY

Frame(I) () :Stiffress Relative

to Frame

Figure 10 Three Prototype Systems of 12-Story Height
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Figure 11 Responses at 1st Story Level of 3 Systems
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Fig. 12 plots the peak base shear force and largest peak story drift for each of the three 12-story
systems, under the JMA Kobe earthquakes of various scales ranging from 10 cm/s to 75 cm/s.  Also,
Fig. 13 shows the story shear distributions as well as story drift distributions of the three systems
under the Level-1 (10 cm/s), Level-2 (50 cm/s), and Level-3 (75 cm/s) input. The three systems are
designed to show similar peak responses under the Level-2 input. This could be confirmed from both
Figs. 12 and 13.

Under Level-1 input, the VE system and the VEP system show good control of both the base shear
and story drift, because each system generates damping. In contrast, the EP system shows large shear
force (and accelerations, although not shown) and displacements, since no damping is generated from
the EP damper under this small excitation.

Under Level-3 input, the EP system and VEP system show good control of the base and story shears
by virtue of the slip mechanism that limits the damper force. Whereas, the VE system shows larger
shear force, since it increases proportionally with the input magnitude.
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Figure 12 Base Shear Forces and Story Drifts of 3 Systems under Various Seismic Intensities

Overall, the VEP system reduces all the three response quantities of the displacement, story shear,
and acceleration. The EP system and VE system show performance problems under a small/medium
earthquake and a very large earthquake, respectively. It is also interesting to note that the base shear

of the VEP system is always the smallest of those of both VE system and EP system under the wide
range of seismic input considered (Fig. 12 and 13 Right).
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Figure 13 Drift and Shear Distributions of 3 Systems under Levels-1, 2, and 3 Inputs.
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6. CONCLUSIONS

The following conclusions are given:

(1) In the proposed visco-elasto-plastic (VEP) damper, regardless the type of excitation, not only the
force but also the VE part deformation appears to be bounded, which provides confidence in
deformation-based design of the VE part. This bound can be predicted by our theory to be
reported elsewhere.

(2) Experiments of an isolated VEP damper as well as a frame having the damper indicated the
performance that is very consistent with the analytical predictions. Accordingly, extensive
analytical work is on-going at Tokyo Institute of Technology in order to evaluate the
performance of various building structures using the damper.

(3) VEP damper combines advantages of VE device and EP device, showing excellent energy
dissipation over a wide range of cyclic deformations. The VEP system shows better performance
than VE and EP systems, thus, it extends performance limitations of currently used passive
control systems.

Although not explained in this paper due to the page limitations, the writers have developed

hand-calculation methods to predict equivalent stiffness and energy dissipation of the damper as well

as equivalent period and damping ratio of the system. Future, the writers have developed an efficient

design method for the VEP system. For the details, see the papers by Kasai et al. (2002a, 2005).
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Abstract: Passive control of prefabricated light-gage steel house is discussed in this paper, and the

effectiveness is validated through the shaking table tests. For effective response reduction, the structural

characteristics, such as the frame stiffness, damping factor, and damper yield force are expected to be

given according to the assumed earthquake intensity. The simple response evaluation method of the

viscoelastic system and the elasto-plastic system is adopted, and the design procedure of the system is
* explained. :

In order to realize the required performance, the small-sized viscoelastic damper and the friction
damper are developed, and applied to light-gage steel frames. The performance of frames with dampers
is compared with that of conventional frame through the shaking table tests. The shear forces and
displacements of passively controlled frames were significantly reduced, and it is also verified that the
damage of the frames is quite small.

1. INTRODUCTION

Prefabricated light-gage steel frame structure is one of the structural types which has relatively
high seismic performance in Japan, and recently, new technical development such as the application
of the seismic isolated system has been achieved. On the other hand, however, since the
development of passive control for light-gage steel houses has not excessively done, there is not
much room for choice of design in order to improve the seismic performance. In this paper, a
passive control system for light-gage steel house is proposed for mitigating the damage under the
severe earthquakes. A light-gage steel house has significantly short period as compared with the
tall buildings. However, there are few researches which examine the damping effect for those
systems with short period.

1.1 Intensity of Assumed Earthquake

Since the light-gage steel houses have short period, the response of the structure exists in the
domain of constant acceleration response of the design spectrum. That is, since the acceleration
response is constant, the displacement response is proportional to the square of the period. Such a
characteristics differs from those of the high-rise and medium-rise building, and it is needed to
examine the response reduction considering this difference.
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Fig. 1 shows the design spectrum based on the Japanese Building Code. The structure
assumed to be a two—story house on the medium soil, and the spectrum shows 1.3 g from 0.16 sec
to 0.86 sec. Spectrum of JMA Kobe (NS, 1995) and Taft (EW, 1952) are also shown, which are
normalized to 0.6 g of peak ground acceleration, and the average of the spectrum of these
earthquakes from 0.16 sec to 0.6 sec are about 2.0 g. Here, 1.3 g acceleration response is assumed
as Level 2, and 2.0 g from normalized earthquakes can be regarded as Level 3. The light-gage
steel structures with passive dampers are designed against the Level 3 earthquake.

Spa Taft 0.69 R JMA Kobe 0.6g
3] (x9802 N
cmis?) I,fn i1 2g(Level3)
o A
ga e
2] PATS RN /
i N W
'p"tl \ AR \ ,-\‘ '/, N
11 48 1.3g (Level 2) 7
06 I N S N,
05 -' ~
Assumed Region
. 0.16 ¢ 06 0.86 T(s)

0 0.2 04 0.6 0.8 1 1.2

Figure 1 Response Spectrum

1.2 Prediction of Maximum Response of System with Short Period

The design aims at suppressing the story drift to 1/100 rad. and reducing acceleration as much
as possible even under Level 3 earthquake. In the design procedure, the two-story light-gage steel
house is assumed as SDOF model, considering the lateral stiffness of 1st story and mass ranging
from the half height of 1st story to the top. However, the effect of the external and internal
non-structural member is not taken into account.

The maximum response of the frame with viscoelastic dampers is evaluated using the
equivalent period and damping factor. Fig. 2 shows relationship between pseudo acceleration
spectrum S, and displacement spectrum S, of the frame with viscoelastic dampers. The slope of
straight portion in the figure indicates the square of the equivalent circular frequency of the system.
The factor D, which shows the response reduction ratio when the damping factor changes from /4,

(initial damping) to 4., (equivalent damping), is given as Dy, = J (1 +25h, )/ (1 + 25heq) )

In Fig. 2, two types of system, a)qu =542 and 322 (rad.”/s"), are shown and hey =10.08 and 0.26
are required respectively in order to suppress the story drift to 1/100 rad. As mentioned before,
since the maximum displacement is proportional to the square of the equivalent period T4, the
difference of the period has large influence on maximum displacement, and 4., to provide the same
maximum displacement differs considerably. For the frame with viscoelastic dampers, the
equivalent period should not be short excessively and high damping should be applied to reduce not
only the displacement, but also the acceleration as small as possible.

In Fig. 3, two types of system with initial elastic period T, = 0.16 and 0.21 sec are shown.
Yield forces of these system are set to 0.49%W, 0.70W (W = weight), respectively, against the given
target of the story drift (= 1/100 rad.). From the curves shown in the figure (Kasai, Ito and
Watanabe, 2003), response reduction of the acceleration and displacement of elasto-plastic system
can be evaluated based on the elastic period. Low yield force of the system can suppress the
acceleration response while satisfying the given displacement limit. However, when the yield
force is too low, it is necessary to evaluate carefully since the displacement response is sensitive to
yield force.
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2. DESIGN OF LIGHT-GAGE STEEL FRAMES WITH DAMPERS

2.1 Effect of Stiffness of Major Members

The conventional light-gage steel frame can resist against the lateral force by the tension brace
of 16 mm diameter steel bar. Fig. 4 shows the relationship between shear force and relative story
displacement of the frame. When the compression force of the brace becomes zero, the lateral
stiffness of the system is slightly changed. Tension brace yields at 21 kN, and after that, hysteresis
loop shows nonlinear characteristic. This causes the decrease of the stiffness and energy
dissipation, and is obstacle to the reduction of seismic response. Therefore, by applying the
damper, these issues are avoided.

However, only by attaching the damper, the performance will not be improved because original
frame is so flexible that connections and columns deform too much and effective damper
deformation becomes relatively small. Fig. 6 is the relationship between shear force and relative
story displacement obtained by analysis of viscoelastic system and elasto-plastic system (Fig. 5).
Thin line indicates the original frame with dampers and bold line shows the improved frame with
dampers, that is, the stiffness of the member except for the damper is doubled. The damper
deformations are increased and the stiffness and energy absorption of the system are enhanced by
this improvement. It is recognized that the deformation of connections and columns should be
considered for enhancing the performance.

o
=2700 mm

[h]
o
(=]

H

1115
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Figure 4 Shear Force vs. Relative Story Disp. Figure S5 Numerical Model of Frame with
of Conventional Light-Gage Steel Frame (a) VE Damper, (b) EP (Friction) Damper
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Table 1 Property of Major Members

VE System EP System
Case A Case B Case A Case B
2
Column Ac (cmq) 9.4 9.4
Ic (cm’) 49.6 Double 49.6
Beam AL (cm?®) 2.9 2.9
Iz (cm*) 3.3 33
Ab (cmz) - - 3.5 Double
Brace b (om™ — — 70
Base Rv (kN/em)| 716.1 716.1
Joint__Ke (kKN/cm)| 887.3 Double | 2278.0
Rh (kN/em)| 206.7 206.7 CaseA (a)
Rd' =425 (kN/fem) | & Case B 4
D : Fdy = 60.0 (kN -30
amper &d=23 (N-s/em)| | Y (N)

Figure 6 Result of Numerical Analysis
Using Models Shown in Figure 5

2.2 Details of Proposed Frames

Fig. 7 shows the light-gage steel frames examined in shaking table test. The dimension is 2.7
mby I m. (a) is conventional frame with steel braces. (b) and (c) are the frame with viscoelastic
damper and the frame with friction damper, respectively. As mentioned before, original frame is
so flexible that connections and columns deform too much. To avoid this, stiffness of the column
and connection is increased by making the steel members thicker, by welding the steel plate at the
brace joint, and by piling up a thick washer plate to the base plate of column base.

Yield force of conventional frame is about 21 kN, and the frames with dampers are designed so
that they have similar strength. The details shown here are designed to avoid great change of the
member size since those matters often requires remodeling of the manufacturing system.
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* Unit =mm

* Both end of column is connected
to beams by two bolts (¢ 14).

* Crosspiece A = C-60x30x10x2.3
* Crosspiece B = C-60x30x30x2.3

2985

PL-6  PL-12

I

Reinforcement of Brace Joint

Reinforcement of Brace Joint

Figure 7 (a) Frame with Steel Braces, (b) Frame with Viscoelastic Dampers,
and (c) Frame with Friction Damper
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2.3 Details of Applied Dampers

Fig. 8 shows the details of viscoelastic damper. Since the viscoelastic material is settled
between the inner and outer steel tube, the damper becomes compact. Viscoelastic material used
here shows an elliptic stress-strain relationship under small strain, and it changes to a bi-linear
hysteresis as the strain increases. By this characteristic, the damper force under large deformation
is mitigated.

Large initial stiffness of the elasto-plastic system can contributes to the reduction of maximum
displacement (Sec. 1.2). The initial stiffness of friction damper is significantly large, and this
characteristic is suitable to our purpose. The details of friction damper are shown in Fig. 9. This
damper is applied the brake pad used in automobiles, and the dimensions of the pad is only 50 mm
by 50 mm. These pads are tightened with two high-tension bolts, and the pre-tension force is
controlled by the bolt gauge.

High TE”S“’"H High Tension Bolt (¢12)

«_  Bol (?16) i
Joint-Spacer \\ . i
M16xP2 (Filet-Welded to outer tube) - O [} Q 'e)
e 1/7)) = o ™ {@ ); QO
ms N [ Npingte
| |
Outer Tube: ®42.7x2.3, Inner Tube: ®34x23  joint Spacer ‘ o _Brake Pad |

PL-12

i ¥i/
ua
Washer

~ BrakePad  Spring

Styrene Viscoelastic Material : Thickness = 2 (Shear Area = 720 cm2)

Figure 8 Viscoelastic Damper

Figure 9 Friction Damper

2.4 Required Damper Size

Conventional light-gage steel frame cannot resist against the lateral force without the brace.
This indicates that the system can be evaluated using simplified model which consists of two kinds
of springs representing the damper and other major member shown in Fig. 10.

Friction Damper

T

VE Damper

—PF 21 kN

Kb = 2.7 KN/mm  Damper Stiff.: K&

L.__Y____J

Added Component: Ka
Figure 10 Simplified Models Representing Light-Gage Steel Frames with Dampers

Typical natural frequency is supposed 3.1 Hz (Ooki, Kasai, and et al., 2004) in this study, and how
to decide the shear area of viscoelastic material under ambient temperature 20 °C is explained.
The target performance is set as shear force at story drift 1/200 rad. (relative story displacement =
13.7 mm) = 21.3 kN. Equivalent stiffness K, at this point is evaluated as follows (Kasai and
Kibayashi, 2003):
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2 1 ’
Stiffness of Added Component: K = {(1 hi nd)Kd; Ky }Kdlgb (1)
(Kg +Kp)" +(1,K5)

Target: K;= F/(H/200) = 1.56 kKN/mm

where 77, = loss factor of VE damper, Kj= damper stiffness (two dampers in series are considered),
Ky = stiffness of member in series (2.70 kN/mm). When supposing 7z = 0.9 and substituting it to
Eq. (1), K4=2.62 kN/mm is obtained. Then damper deformation u, in Fig. 10 is obtained as uy =
F/ K;= 8.0 mm. The deformation parallel to the movable direction of the damper 7; = 5.0 mm
since the cosine of the angle between the brace and horizontal line is 0.62.

If the thickness of viscoelastic material is given as d = 2.0 mm, the shear angle of the material
applied to one damper y; = (#4/2)/d = 2.5/2 = 1.25. From our research on viscoelastic material
(Kasai, Ooki, and et al., 2002), storage modulus G’ and loss factor of the damper can be evaluated,
using frequency (3.1Hz), ambient temperature (20 °C), and shear angle of the material y;, as G’ =
30.0x10”° kKN/mm? and ns = 0.84. Obtained 7, is almost same with supposed one, and in such a
case, loss factor of added component is 0.32 and equivalent damping ratio is evaluated as 0.16
(Kasai and Ookuma, 2001). Finally, required shear area of viscoelastic material used for one
damper is obtained:

Ay =2d Kj/G'(0.62)* = 90878 mm® )

However, for the damper shown in Fig. 8, it is difficult to hold the shear area shown above
because of the limit of length and diameter of the steel pipe, therefore 80000 mm? is adopted.

On the other hand, as for the friction damper, it is needed to be consistent with 7 =21 kN (Fig.
10) and yield force of controlled frame F,. By transforming F to movable direction of friction
damper, required damper force F; is obtained:

Ef =F x HIL=21x27="56.7 = 60 kN 3)

3. SHAKING TABLE TEST OF PASSIVELY DAMPED SYSTEM

3.1 Specimens and Applied Excitations

By combining the three kinds of light-gage frames, five kinds of specimens are tested. That
is, frame with two sets of conventional braces, viscoelastic dampers, friction dampers, frame with
brace and viscoelastic damper, and brace and friction damper (Fig. 11). Test scheme is shown in
Table 2, and the natural period and the damping factor are evaluated using the white noise before
and after the each loading in order to examine the damage of the specimens.

Fig. 12 shows the overview of the specimen on the shaking table. The specimen has three
planes parallel to the earthquake direction, and the brace/damper are applied to the center plane.

i R i
\\ / \\\ /;(/ 7/ //
\ / \ '!/ Vb\“\ /’ / .
‘w': ‘\ %ﬁ =
% pl E—‘—v‘
RN { Af/‘ AN \\ i\
/ ; ; AN 3 !
7\ / /// AN N / \
' / ) X
B-B V-V B-V

Figure 11 Combinations of Frames
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Outer planes on both sides consist of the beams and slender columns, and they can hardly
resist to the lateral force. And the weights on the specimen are distributed so that the axial force of
the column is similar to that in the actual houses. Total weight is 65 kN.

Table 2 Applied Earthquakes

No Earthquake (:n(;’:z)
1 White Noise___wl
2 Hachinohe (NS, 1968) 200
3 White Noise w?2
4 Taft (EW,1952) 200
5 White Noise w3
6 | JMA Kobe (NS,1995) 200
7 _White Noise w4
8 | JMA Kobe (NS.1995) = 600
9 White Noise w5
10 | JMA Kobe (NS,1995) 200
. 11 White Noise w6
- Shaking Table ‘ 12| Taft (EW,1952) 600
13 r White Noise w7
Figure 12 Specimen on Shaking Table * Peak Ground Acc. of White Noise = 100 cr/s’

3.2 Test Results
Fig. 13 shows the maximum relative story displacement and base shear of the specimens. As

for specimen F-F, response under Level 3 earthquake is considerably small and almost equal to
1/100 rad. Total amount of viscoelastic material is smaller than that is expected (Sec. 2.4),
therefore the responses of specimen V-V and B-V are slightly large as compared to specimen F-F or
B-F. The maximum base shear through the test is not so different among all of specimens because
the increase of the shear force is mitigated by the changing of the stiffness of the damper or the
yielding of the braces.

Fig. 14 shows the natural frequency and damping factor of specimen. These are calculated
from the transfer function obtained from test results under white noise waves. The specimen
which consists of two sets of damper frames doesn’t change the frequency, and this indicates that
these specimens are hardly damaged under Level 3 earthquakes. The frame with viscoelastic
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Figure 13 Maximum Reponses (Relative Story Displacement and Base Shear)
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damper shows about damping ratio of 13 %, and frame with friction damper shows about 2 %
because the damper doesn’t work under small deformation caused by white noise. The reduction
of stiffness can be supposed by the changing of the natural frequency, and the stiffness of
conventional frame becomes 1/10 as compared with initial condition. In the case of the specimen
B-V and B-F, in which the brace and the damper are combined, reduction of stiffness is about half.

(H2) Before  After After Before  After After
61 Test Kobe 0.6y Taft0.6g O187Test  Kobe06g Tait0.6g
Y ' ' Y Y ]

4 BF Npp 0024 7oy ot
A~ F-F V-V

VvV
oo By
_ 0.06 - y
:: ; / g/ BF

NFF
wli w2 w3 wd w5 wb w7

Wi W2 W3 wh w5 w6 w7
(a) Natural Frequency (b) Damping Ratio

Figure 14 Natural Frequencies and Damping Ratios Obtained
from Transfer Function under White Noise Excitations

4. CONCLUSIONS

A passive control technology was applied to prefabricated light-gage steel frame and the
effectiveness was verified by the shaking table test. The results are concluded as follows:
1) Using the response spectrum, the design policy of the passively controlled frame was shown.
For the viscoelastic system, high damping was rather required for the response reduction. On the
other hand, the high stiffness caused good control to the elasto-plastic system.
2) Lateral stiffness and energy dissipation capability were improved not only by applying the
dampers, but also by increasing the stiffness of major members. Without this improvement, the
contributions of major members to the story drift were too large and the performance of the
passively controlled frame was spoiled.
3) Two kinds of compact dampers were developed. These small size dampers are needed so that
the application of the passive dampers did not affect the manufacturing system of the pre-fabricated
light-gage steel frames.
4) Five specimens were tested by shaking table. Conventional frame showed the story drift of
1/30 rad. under Level 3 earthquake, while the frame with dampers showed 1/2 to 1/3 responses.
The specimens with two sets of damper frames were hardly damaged under Level 3 earthquakes.
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Abstract: This paper proposes a method using strength oriented and passively controlled earthquake
resistant structures to enable earthquake disaster mitigation, including that of existing wooden buildings, to
progress more efficiently. A two-DOF model was created to represent a building, and the force
characteristics were assumed to have nonlinear elasticity. Buckling analysis was performed to formulate
the modes of building collapse, and a method of seismic strengthening was determined by analyzing how
to stabilize these modes. Returning to the subject of building earthquake response analysis, this paper
also describes the restoring force characteristics that are required for seismic strengthening of buildings on
an overall and a local basis, after performance evaluations are taken into consideration.

1. Introduction

It has been suggested that not enough progress is currently being made in Japan with regard to
earthquake disaster mitigation for houses in need of measures for earthquake resistance. This
process, however, takes a considerable amount of time. Performing a seismic diagnosis to
investigate the entire structure of a building so that the appropriate strengthening technique can be
determined is time consuming and expensive. Furthermore, houses have a myriad of structural
features, all of which require individual measures to be carried out. It is currently felt that
substantial progress can be made toward earthquake disaster mitigation if two conditions can be
achieved for buildings as groups. These are, 1) if demonstrable building strengthening
characteristics for seismic performance can be expressed for structures as a whole; and 2) if, for
existing wooden houses, methods (including the application of local measures) can be expressed to
convert buildings as a whole into buildings that possess a seismic performance. If this is possible,
then progress may be made toward a concept of earthquake resistance that treats buildings as groups
rather than individually. The analysis performed in order to formulate this method took into
consideration the fact that substantial damage is caused as a result of the collapse of roofs and the
like. The first step of the analysis was the classification of the modes of collapse deformation for
buildings as a whole. These classifications were then used to determine a method to perform
seismic strengthening on a comprehensive basis.

2. Method of Analysis
2.1 Methods of earthquake disaster mitigation

Preventing the collapse of houses, which are comprised of various types of structural features,
requires exhibition of the necessary seismic strengthening characteristics. A method for more
efficient earthquake disaster mitigation of wooden houses is considered on the basis of the current
movement toward a performance-based code, and demands for design and strengthening techniques
based on seismic performance evaluations. The method employed two-DOF model analysis,
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taking a nonlinear restoring force into consideration as the seismic strengthening characteristic that
reduces building response acceleration on a multi-step basis. As a result, the following method
can be proposed. This method assumes that the earthquake-opposing restoring force
characteristics that a building should possess have been determined. If this is the case, seismic
performance may be achieved by designing these characteristics into newly constructed buildings or,
if local strengthening is being applied to an existing building, by carrying out the strengthening so
as to engender these characteristics. Furthermore, this proposal shows that it is possible to carry
out local strengthening simply by providing a characteristic whereby stiffness is changed multi-step
wise, which is similar to the characteristics that a building as a whole should possess. As a result,
earthquake resistance design is feasible using the same method for new buildings and existing
buildings.

2.2 Analysis settings
a) Modes of deformation

Fig. 1 shows typical patterns of damage (mainly collapse) suffered by wooden houses in the 1995
Hyogo-ken Nanbu Earthquake. It was reported that the most common form of damage suffered by
general houses was the tilting or collapse of portions of the first story, followed by the collapse of
the second story or roof (trusses). Traditional style wooden houses that had totally collapsed or
that had suffered lateral movement were also observed. When analysis settings were made in the
method described below for the deformation and restoring force characteristics of wooden unit
frames, the dominant mode of unit frame deformation was assumed to be that of shear deformation.
Note that deformation was assumed to be small displacement, and that the lateral movement or the
dislocation of pillars, and other forms of rigid body displacement were not taken into consideration.

i

Collapse of 2F Inclination of 1F Collapse of 1F

]

Lateral Movement  Totally Collapse 0 60 d
Flexural System Shear System

Inclination of 2F

Flgur el Modes of Deformation Figure2  Restoring Force Characteristics

b) Unit frame restoring force characteristics

The unit frame restoring force characteristics were calculated by superimposing the models of the
restoring force characteristics for each earthquake-resisting element (unit frames). In this paper,
the restoring force characteristics of the earthquake-resisting elements are considered to have the
nonlinear elasticity shown in Fig. 2. Here, the lateral displacement of each element within the unit
frame was assumed to be uniform, and the axial deformation of the horizontal members (beams)
that connect the top of each earthquake-resisting element pillar was assumed either to be zero, or at
an ignorable level.
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2.3 Analysis flow

The first step in the analysis procedure was the classification of the modes of collapse
deformation for buildings as a whole. The process up to the point of collapse was analyzed by
treating the issue as a buckling problem under vertical load. For this purpose, a two-DOF model
with various types of mass distributions was created to represent a building. The restoring force
characteristics of each building layer were assumed to have nonlinear elasticity. The perturbation
frequency of the system was also calculated by integrating perturbation theory for nonlinear
systems into the analysis.

Next, a horizontal restoring force was imparted in order to determine a method of seismic
strengthening capable of preventing collapse deformation, in an attempt to stabilize the building.
In other words, stabilization analysis was carried out with regard to a restoring force that applies a
horizontal force, instead of one that is strengthening-based. By doing so, it was possible to clarify
a method for strengthening buildings on an overall and a local basis, in accordance with the
classifications of the modes of collapse.

Subsequently, the seismic strengthening characteristics required for a building as a whole, which
take the various performance evaluations for the method of strengthening into consideration, were
determined by resolving the earthquake response problem using the similar two-DOF model.
Finally, a method of seismic strengthening by means of local strengthening was determined for
existing wooden buildings. The summary of analysis flow is shown in Fig. 3.

START

2-DOF Model (Flexural System)

\ 4
Small Deformation Nonlinear Elasticity
v
Classification of Modes of Collapse
v

Building Stabilization Analysis

2-DOF Model (Shear System)
v
Strengthening Restoring Force Characteristics for Building

v

Determination of Local Strengthening Restoring

Force Characteristics

Observation of Reductio
0 in Acceleration

YES
END

Figure 3  Flow Chart

3. Analytical Model
3.1 Two-DOF model

The two-DOF model of a building as shown in Fig. 4 was applied for the purposes of expressing
the modes of collapse deformation and for analysis of methods of strengthening. For the purpose
of analysis, this diagram assumes the action of static end loads Pv (vertical load) and Ph (horizontal
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load). Furthermore, the hinges that express the restoring moment of the pillars are assumed to
have the nonlinear elasticity characteristics as described in Section 2.2 b). The modes of collapse
deformation are analyzed below within the range of small deformation.

First, the modes of collapse deformation were analyzed and categorized as a buckling problem of

the structure under the action of only the vertical load P,. Then, stabilization states were examined
after the application of the horizontal load Py, as a restoring force against these unstable modes.
As shown in Fig. 4, these stability states come down to a question of the external forces acting
while being maintained at a constant angle of ¢ times the tangential angle of the end of the system.
In other words, when ¢=0, only the vertical load P, acts, while ¢+0 is equivalent to the presence of a
non-conservative force (follower force), in which the horizontal load Py, also acts.

\PV ?msz
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ch,-df 2
7

Figure4  Two-DOF Models
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3.2 Basic equations

The hinges in the analytical model shown in Fig. 4, which possess a nonlinear restoring force, are
assumed to have the characteristics as shown in Fig. 2. This restoring force is relatable using the
following equation, in accordance with the nonlinear elastic potential U. with regard to a small
dimensionless relative displacement d.

%[—i—=céjdd2 (c>0,d>0)--cmmmmmmmaeamaaas (1)

The analytical model shown in Fig. 4, which is comprised of a series of stiff members joined by
hinges with the nonlinear elasticity described in equation (1), is a two-DOF model in which the
length 1 of the stiff members has a common value, and m; and m, are concentrated masses located
freely at positions a; and a, on the respective members. Thus, when the vertical and the horizontal
external forces are acting on this system, the following equation of motion can be acquired, taking
the small rotation angles 6; and 8, of each mass point into consideration, and calculating the relative
displacement in equation (1) as d=0;— 0.1 (i=1, 2; 6p=0) by non-dimensional forms;

(a:y? "‘Qz)él +Q2121§\2 "‘(2"(2)191
+(fx?-1)9, - BRAD, -9,7)=0
by By + 0ol 0 -0 +{1-(1-f )k 2},

BB -,)* =0
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where «” is the load parameter and B is the nonlinear elasticity parameter. g; and gy, and 1; and 1,
denote the mass ratio and position of each concentrated mass respectively. The respective
definitions are as follows.

K2=£l', /3-_-i my=gm m,=9g,m a =Ll a,=01l-------- 3
c

>
C

4. Stability Analysis
4.1 Determination of nonlinear system frequencies

Since basic equation (2) is a nonlinear differential equation system, a solution was determined
conventionally by means of fixed components. This, however, could not be applied directly under
the stability criterion method, which involves finding the root of the characteristic equation, i.e. the
natural frequency. Therefore, the nonlinear system was analyzed in accordance with perturbation
theory. By doing so, it was possible to determine a frequency with the characteristics of this
nonlinear system once a perturbation approximation solution was calculated using a nonlinear
elasticity parameter B as the perturbation parameter. This enabled the behaviour of the system to
be analyzed. Hereafter, B is assumed to have a low range value.To carry out the analysis, the
linear term (the term where 3=0) of basic equation (2) is transformed by normal coordinates. When
diagonalization is performed, the following result is obtained.

El = ‘0)1251 +ﬁ(31512 +e,8,¢, +’33522) }

gz = 'C‘)22§2 +ﬁ(6’4512 +eséiés +‘~’6‘522)

The form of the solution with respect to basic equation (4) expressed by the normal coordinates (&1,
&) is assumed to be as follows, with B as the perturbation parameter.

51=A1003t1+ﬁ511+ﬂ2§12+"'> §2=A2008t2+ﬂ§21+ﬂ2622+- """""""" (5)

where 0=0F+% L, =04 +% iy which Oy and O, are natural frequencies to be determined below
taking the nonlinear terms into consideration. v; and v, denote the initial phase.

The solution from equation (5) is substituted into basic equation (4) in order to determine the
frequencies O; and O,, which have nonlinear system characteristics. As a result, the following is
obtained for up to the second order term of 3. When the various amounts (3) denoting the mass
ratio and the position in the model shown in Fig. 4 are as follows,

my =2m, my =m, a, =1, a, =1 , the change in the nonlinear system frequencies O;” and 0,* with

respect to the vertical load «” is as shown in Fig. 5 .

22 2 322A22 e3eSA22 ezzAzz eed,’
O =a -9 2 2 1 2 n t 412 T e 2
4{691 '(01 + 02) } 2{602 '(01 + 02) } {ml '(01 - 02) } {602 '(01 - 02) }
efAiz - ezf4A22 S_— e’4’+ 5163‘422 + ee A’ + izeeAzz S (6)
2w -407} Mo, -407} o, 2w,
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2 2

Hol-407) T 2w -40,7 20, o,

On the curves for 012 and 022 in the same diagram, the static Euler buckling load value (assumed to
be k;°) can be acquired by making the linear frequency ®,°—0. The frequency O, in the
nonlinear system, however, causes substantial differences in behaviour. As shown in Fig. 5, a
change was observed in the frequency of the system when k=K., with 8=0.1. The buckling of

the building occurs following the “Transitional” type of collapse mode.

a) m,>m, [ b) my=m,
1)-a) 1)-b)

1)

2)-b)

2)

(Oslo <)

Figure 5(1) Frequency Curves of Nonlinear System

C) mi<my
1)-c)
1) \
=1
=1
2)
1,=1/2
1,=1/2
* * 2 Q2 : Frequencies in nonlinearsystem o*— . —.— H K o e *
*TTTT* w? w;: : Frequencies in linear system - 10 refer in Section 4.3

Figure 6(1) Changes of Frequency Curves in Systems

-112 -



4.2 Buckling analysis: analysis of modes of collapse
The analysis from the previous sections was used to try to express classifications of the modes of
collapse deformation for the wooden buildings described in Section 2.2 based on the analytical
model. The amounts denoting the various mass ratios and mass positions are expressed as
follows;
aym,>m, bym =m, c)m <m,
H1L=11,=1 2)1,=051,=05
Figs. 6 shows the chanzges with respect to the vertical load «* (Py) that has the nonlinear system
frequencies O,° and O,” (the same as described above) in each respective case. These are shown
in Fig. 7 alongside the form taken by the instability modes. Two classifications are shown,
“Divergence” caused by the primary mode of collapse, and “Transition”, where a shift to a
secondary mode occurs .
These classifications are compatible with the classifications of collapse modes indicated in Fig. 1
of Section 2.1.

(8)

4.3 Stabilization analysis: seismic strengthening analysis

In the model described in Fig. 4 of Section 3.1, instability states caused by the vertical load can
be stabilized by imparting the horizontal force Pp. In other words, it is possible to describe an
increase in the critical value on application of the restoring force for seismic strengthening. This
involves adding the horizontal force Py, to basic equation (2) and calculating the frequency, and it
can be given in the same form as equations (6) and (7). The colored lines in Fig. 6 show the
resgective rgsults when Pp=0.2P,, for the case of the mass distribution. In the frequency curves
O:" and O;", the stable region in the Divergence classification caused by the primary mode of
collapse was enlarged. With the Transition classification, the shift to the secondary mode occurs.
In other words, a method of strengthening using the application of the horizontal force Py, can be
considered as a quantitative method for preventing building collapse.

S. Efficient Methods of Seismic Strengthening
5.1 Overall seismic strengthening
5.1.1 Response analysis

The characteristics for strengthening a building as a whole (i.e., the strengthening restoring force
characteristics) were determined as restoring force characteristics that reduce the building response
acceleration on a multi-step basis in response to the requirements of the various performance
evaluations. A model of a two-layer building has been presented as shown in Fig. 4 of Section 3.1
for stability analysis. The model is shown as a shear system for response analysis in Fig. 8 (1).
In the model, damping is not taken into consideration, and the first and second layers of the building
have been provided with the three types of nonlinear elasticity characteristics as shown in Fig. 8 (2).
The equations of motion for each layer when the external forces impart a typically harmonically
seismic load (with a ground acceleration of ii;) as displacements u; and u; of each layer are as
follows;

gy +(2u; -u,)- B(uy” - 2upu,) = Byl }

8oty +(ug-uy)-Bu, '“1)2 = 'gZiig

where the restoring characteristics of the strengthening members are expressed by the following
equation
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Q=c,d, +d,d> (d, =u,-u, )--w-mmmmmmmmmmm e (10)

Here, the parameters in the above equation are the same as in equations (2) and (3) in Section 3.2,
and the stiffness of each layer is assumed to be equal. The respective definitions are: B=dy/cy,,g1=2,
g2=1, k1=k2=Cb.

Fig. 8 shows numerical results calculated at this point for acceleration generated on the second
story of the building when a harmonically seismic load is imparted. The stiffness after
strengthening in the diagram is rated according to size as I<II<IIl. It was found that the greater the
stiffness of the nonlinear spring characteristic (when the nonlinear elasticity shown in Fig. 8(2) for 3
types B’s, respectively), the lower the peak values for response acceleration with respect to the same
harmonic forces as shown in Fig. 8(3).

Stiffness E1| |Stiffness E2| !Stiffness E3

of E3E2_m|le G G
iz I[ r'S A A
Fj‘ : A Al La
& -, A,
/ tine \ \ll e \V/ \\: e
s> <o TV Y Y

M @ @)

Figure 8 Response Analysis: (1) 2-DOF Model (2) Q-d (3) Result of Analysis

5.1.2 New strengthening proposal ,

The results calculated for response in Fig. 8 (3) show that the seismic force and acceleration after
strengthening decrease in sequence with the initial stiffness values I, II and III (denoted respectively
as E1, E2 and E3). The diagram also shows that the peak values decrease if, after strengthening,
initial stiffness changes from I=II=III multi-step wise in accordance with the performance
requirements. It is therefore possible to propose the following strengthening characteristics that
incorporate this multi-step change in stiffness (see Fig. 9(2)), and perform elastic restoration and
hysteresis damping (see Fig. 9 (3)). That is, the proposal incorporates the following
characteristics:

(1) E1<E2<E3; (2) elastic restoration; and  (3) hysteresis damping.
To carry out strengthening to reduce factors such as seismic force, acceleration, and the like to
targeted design values, it is therefore sufficient to strengthen the building as a whole to achieve

these reduced values by employing characteristics that cause stiffness to change multi-step wise and
that also perform hysteresis damping.
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asawhole (2) Acceleration by local strengthening

5.2 Local strengthening characteristics

In the stabilization analysis performed in Section 4.3, the seismic strengthening effect by means
of a horizontal restoring force was described. It is considered possible to provide local
strengthening by imparting each layer with a restoring force equivalent to this horizontal restoring
force. Fig.10 shows the extent of acceleration reduction for a building as a whole when this kind
of local strengthening is performed. This diagram demonstrates the same reduction as when the
building as a whole was strengthened to the characteristics shown in Fig. 9(3). As a result, seismic
strengthening on a local basis may be performed by application of the same strengthening
characteristics as for a building as a whole.

6. Conclusions

This paper has focused on the prevention of building collapse based on modes of roof collapse
that are considered likely to occur in the future, in order to propose a method for strengthening
buildings that takes performance evaluation requirements into consideration. This method can be
summarized as follows.

(1) The method was applied to classifications of collapse deformation modes of actual buildings.
It used modes of instability deformation obtained from buckling analysis based on a two-DOF
model with various types of mass distribution. This paper also discussed the possibility of
stabilization by adding a horizontal restoring force for the purpose of seismic strengthening.

(2) Next, response analysis using the same model was performed in order to determine the
strengthening characteristics in response to the requirements of the various performance evaluations.
Strengthening characteristics were determined that have elastic restoration and hysteresis damping
characteristics, and that incorporate multi-step changes in stiffness.

(3) It was determined that localized strengthening of layers requiring stabilization using the same
seismic strengthening characteristics as those for buildings as a whole provided the same reduction
in response acceleration as was seen in buildings as a whole.

The next step in this research shall be to discuss actual cases of actual earthquake resistance
design that integrate this proposal.
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Abstract: Truss frame generally had to be designed elastically even against large seismic
force, because of fragile characteristics led by member buckling. The author has proposed
damage tolerant design concept for truss structures using energy dissipation members in
critical positions. In this paper, detailed retrofit designs for steel truss communication tow-
ers whose critical members are replaced to Buckling Restrained Braces are discussed, and
their performances are examined with real-size mock-ups modeling parts of the existing tower.

1.INTRODUCTION

Large earthquake is expected within coming ten years in Tokai area in Japan, and public
facilities in this area are required seismic retrofit against near future seismic impact. Microwave
communication towers owned by electric companies are placed on the top of buildings in the city
and suburb area, communicating the information controlling the power plants serving electric power
within the supplying area. Such communication towers are composed of steel truss structures with
pipe section members, basically designed against wind forces. However, it is appeared that such
structures can collapse with expected large seismic forces, with amplitude caused by the building
structures which the towers are placed on. If the members of such tower once collapse with
seismic forces, it will be catastrophic for such truss structures have less-ductile characteristics
caused by member buckling. Normal reinforcement strengthening the weak members is not nec-
essarily effective, because the other members or connections become critical after reinforcing the
weak members, and reinforcing whole members will be required after all. Such whole reinforce-
ment also shortens the own period of the structure, often causes higher seismic input furthermore.
In these reasons, normal reinforcement can be time-and-cost consuming.

Critical Members

replaced by BRB or
conc. in-filled
|

Diagonal

( BRB or
Conc.in-filled .-;]/GPL

= . T f T
-7 Communication Tower
3350 . . on Building

Test Specimen Figure 1 Test Specimen
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The author has proposed seismic retrofit method by replacing the critical truss member by buck-
ling restrained braces (BRB), which work as high-performance hysteretic damper, and their effects
on tower structures have been confirmed by analyses”?. In this study, the real size truss frame
around the damper are mock-upped, and hysteretic-loading tests was carried out. Their results are
compared with normal pipe diagonal members or concrete in-filled members, and energy dissipation
capacities of each systemare discussed. When structures were reinforced, retrofit work for connec-
tion need to be minimum and simple. In this study, two types of connections are tested, and their out-
of-plane stability are also compared and discussed. Application layout of BRB for communication
towers and mock-up for the test specimen are shown in Figurel.

2. EXPERIMENTAL METHOD

The test configuration is shown in Figure 2, and the list of the test specimens is shown in Table
1. The specimens are divided into Series 1 and Series 2 by their design strength, and each series
consists of four types of retrofit design. In Type-TO, all truss members have normal pipe sections
modeling members before retrofit. In Type-TC, concrete is in-filled within the diagonal member to
strengthen member strength. In Type-TA and TB, diagonals are replaced by BRB whose yield
strength are meeting with the buckling strength of original pipe diagonals. They are distinguished
by connection type. One is welding additional stiffener plates on Gusset-plates (Type-TB), an-
other uses angle instead of splice plate (Type-TA). Type-TB needs site-welding works at high
positions. On the other hand, Type-TA can use gusset plate as existing, while its out of plane
rigidity is smaller than Type-TB. The details of BRB are shown in Figure 3, and joint configura-
tions for Type-TB and TA are shown in Figure 4.

Loading program is shown in Figure 5. Basic loading history is consists of increasing cyclic
loading up to 1/25 story drift. Near field loading history for TA-1’and TA-2’ assumed an earth-
quake directly above its epicenter is modeled up to 1/20 from 1/50 story drift. '

3. RESULTS & DISCUSSION

3.1. Hysteretic Characteristics under Loading History
The test results are shown in Figure 5 through 8, respectively. In each figure, (a) are load-dis-
placement relationship of truss structure, (b) are axial force-deformation of diagonal members,
and (c) show the failure modes.

For Type TO-1, story drift up to 1/100 is followed by slip of connection bolts, then the diago-
nal pipe started buckling at 1st 1/50 cycle in compression, elbow buckling was created at

oooooooooo C I R N T T T TP T TS F T E R T TR R rre .,Ml v Table 1 Test Specimens
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A==t - - ggi piped 165.2x4.5 | 4M-20 C"“g‘:‘;;:‘r‘vﬁ“ed Basic
X X ] in .
| L[ -1000kN Oit Jack Ta2 | BRETe oo
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8 jo! . 0

Load et [T} BRE or = ' e -+ T oat63xas
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Figre 2 Test Configuration Figure 3 Details of BRB
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Figure 4 Joint Configurations Figure 5 Loading Program

2nd 1/50 cycle in compression, and torn off at 1st 1/25 cycle in tension. The maximum axial force
to start buckling was about 820kN.

For Type TC-1, the gusset plate at diagonal-to-beam connection started to deform in out-of-
plane direction at 1st 1/50 cycle in compression, and was buckled at 1st 1/33 cycle in compres-
sion before brace was buckled. From these result, it is found that strengthen diagonal member
only will cause collapse in other parts as connections.

For Type TA and TB used BRB, braces and connections was not buckled and they show quite
stable and symmetrical hysteretic loop up to 1/25 story drift. Each specimens dissipated enough
energy until core plate fracture (For Type TB-1, at 3rd 1/25 cycle in tension, For Type TA-1, at
4th 1/25 cycle in tension, For Type TA-2, at 4th 1/25 cycle in tension.).

For Type TA-1 and 2 with angle joint, out-of-plain deformation did not increased and shows
stable deformation capacity as same as Type-TB. Connection and main frame did not damaged
until BRB showed enough plastic deformation capacity and connection failures were avoided
compared with TO-1 or TC-1.
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3.2. Hysteretic Characteristics under Near-Field Loading History
The test results under near-field loading programs on BRB are shown in Figure 9 through 10. In
each figure, the contents in (a)(b)(c) are the same as Figure 5-8.

For Type TA-1’and TA-2’, In spite of more severe story drift, none of deformation, buckling
at brace and connections were occurred. Both types showed stable hysteresis loop, with 10th
cycles for TA-1’ and with 16th cycles for TA-2’. As though maximum story displacement in-
crease, the number of hysteresis loops increase until core plate fracture, which indicates cumula-
tive deformation capacity relies its amplitude than maximum displacement.

3.3. Behavior of Connections

Figure 11 shows strain in gusset-plates. For Type TO-1, after brace buckling in compression,
gusset-plate went into plastic before the brace reaches to the maximum strength. In Type TC-1,
gusset-plate buckled out-of-plane direction, and plastic strain was largely developed. In Type
TB-1, strain of gusset-plate is kept in elastic range as brace strength is limited. In Type TA-1,
strain of gusset-plate was larger than TB-1 since stiffener plates is not added still in almost elastic
range. In Type TA-2, the same result was obtained as Type TA-1.

Table 2 shows the displacement of bolt hole with connections after the test. In Type TO-1 and
Type TC-1, bolt holes were deformed by bearing because brace strength is higher than joint.
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Especially hall deformation in TC-1 is remarkable. In Type TA-1, deformation of bolt hole was
not observed because brace strength was limited. Some deformation was observed in TA-2.
Table 3 shows result of material tests. Generally yield strength of tube is much higher than allow-
able stress of 325N/mm. Relatively joint strength tend to be smaller than brace itself.

3.4. Behavior of BRB Ends

For the sake of securing energy dissipation capacity of BRC, it is necessary to avoid out-of-
plane buckling including connection plates. When the length of BRB ends with stiffener ribs is
short, restriction is feeble and rotation occurs easily. Then 3 hinges are created in the brace mem-
ber and it buckles in out-of-plane direction.

Figure 12 shows flexural behavior model of BRB end and Figure 13 shows horizontal rotation
angle and axial displacement. In these tests, BRC ends of 300mm are adopted length to avoid
creating hinges. As in Figure 12 considering displacement progress, BRB ends deform compress-
ing unbond material. In case of ignoring the deformation of restrained tubes, rotational angle (1/
75) 1s expected with unbond material thickness. In these tests, it is found that all test pieces rotate
until to maximum 1/50 with amplitude. These difference are caused by the deformation of re-
strainer tube, but still rotation in out-of-plane direction was limited. In conclusion, it is found that
these details have enough strength and stiffness to avoid buckling.

3.5. Cumulative Strain and Energy

Table 4 and Figure 14 shows cumulative strain capacity of each specimen and Table 5 and
Figure 15 shows dissipated energy until fracture. The cumulative equivalent strain capacity in BRB
diagonal was about 6 times and the dissipated energy in BRB diagonal was about 5 times of

8y, (rad) 6,, (rad)

T___L;“____ 0.02 %@) 0.02 ]
Length of BRB end L=300mm :

= : — e
0 0.01 L —# e L1754 0.01 _uuﬁr’::;"wu 14754
be Oe { AT
S o o 0 y - A N U
l’: S R <:| 001 ‘ beipypgd 001 b N 17754
of = |-=s-- R e e Lo —F e B e e e ——d——n
~— -0.02 ; ; o 20,02

Clearance 2mm

i s : 3 3
-80  -60 -40 .20 20 4.0 6‘0 kX -80 -60 -40 -20 o 20 40 60 80

X ) 5, mn ) i 8, (mm)
TA-1 horizontal direction TA-2 horizontal direction

Figure 12 Flexural Behavior of BRB Ends ~ Figure 13 Horizontal Rotation Angle of BRB Ends
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Table 4 Cumulative strain capacity Table 5 Dissipated Energy

Cum. Strain Capacity =14 « |(%) Ratio Ave. of Strain Dissipated Erergy & w,, (N+m) Ratio
Test Piesce tension compression  total (tens/comp) | &, ave (%) Test Piesce tension compression total (tens/comp)
TB-1 44.13 42.87 87.00 1.03 4.216 TB-1 215051 228010 443061 0.94
TA-1 50.40 50.22 100.62 1.00 4354 TA-1 286507 272928 559434 1.05
TA-1' 51.93 49.11 101.04 1.06 4.090 TA-1' 290810 273885 564694 1.06
TA-2 42.30 43.46 85.77 0.97 3.621 TA-2 163507 182298 345805 0.90
TA-2' 58.92 61.09 120.01 0.96 3.549 TA2' 188754 259118 447871 0.73
TO-1 . 7;1:; (8)92 116.39 8-83 TO-1 46612 51405 98016 091
TO-1(pre-buckling)} 0. 9 76 -89 TO- 1(pre-buckling) 9 1196 1286 0.08
TC-1 2.19 1.68 3.87 1.31
TB-1

TA-2
TA-2
TO-1 T I

%% tension H % tension

Bl compression TC-1 M compression

40 60 8.0 160 12.0 140 0 110 210 310 41.0 5]‘0 6 10°
1A ] (%) LH, (Nm)
Fig ure14 Cumulative strain capacity Figure 15 Dissipated Energy

normal pipe (Type TO-1). Estimating until brace was buckled, BRB has capacity of 10 times of
Type TO-1. For the present normal pipe, dissipated energy capacity is quite limited and possibil-
ity of brace fracture is high. Replacing braces into BRB, yield strength is kept in the limit. Damage
to the other members and connections are avoided. In Type TA-1’ and TA-2’ under near-field
loading history, they show the similar displacement capacity as basic loading history. In above,
BRB showed stable capacity in all types of loadings.

4. CONCLUSIONS

In these studies, applying hysteretic damper for communication towers are investigated by
cyclic loading tests with real size mock-ups. By these studies, the following points became clear.
1) Replacement of diagonals into BRB is considered to have excellent performance. The system
showed the most stable hysteretic loops, displacement capacity and dissipated energy capacity up
to 1/20 story drift. Also it is found that angle joint is valid for keeping enough stiffness to avoid
out-of-plane buckling.

2) Replacement of diagonal into Concrete in-filled tube improves the buckling strength of brace
itself, however it might cause collapse in other parts as connections. Therefore reinforcing only
members is not necessarily effective.
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Abstract: Five reinforced concrete (RC) structural wall specimens were tested subjected to cyclic loading
in order to study the influence of diagonal web reinforcement. The parameters varied in each specimen
included the amount and orientation of web reinforcement. The wall with conventional web
reinforcement failed due to web crushing with an abrupt drop in load capacity, whereas the walls
reinforced with diagonal web reinforcement failed in a more ductile mode. Test results clearly indicate
that the walls with diagonal web reinforcement have higher ductility than the one with conventional web
reinforcement at the same amount of web reinforcement. The specimens with diagonal web reinforcement
exhibit less pinching in the hysteresis loop than the wall with conventional reinforcement. Consequently,
the energy dissipation capacity of the former is superior to that of the latter. Finite element analyzes
reveal that diagonal web reinforcement helps reduce the principal compressive stress in the concrete strut,
thereby deferring web crushing with enhanced performance.

1. INTRODUCTION

Observations of RC buildings after earthquake events indicate that the buildings with wall or
frame-wall systems are effective in resisting earthquake forces and they sustain less damage than
buildings that rely solely on frames for lateral resistance (Fintel 1974, 1991). One of the basic
requirements in performance-based design is controlling damage in the structure during an
earthquake. To achieve this, the structure should be able to dissipate energy reliably during an
earthquake and brittle modes of failure should be avoided. The inelastic behavior of RC structural
walls subjected to cyclic loads has received considerable attention in an attempt to improve the
seismic performance of structural walls. The results of recent studies by Sittipunt et al. (2001) and
Mansour et al. (2001) indicate that walls with diagonal web reinforcement have greater energy
dissipation than walls with conventional web reinforcement. Furthermore, it was postulated that
web crushing could be avoided by using diagonal web reinforcement. However, the real mechanism
leading to such an improved behavior is yet to be investigated, which is the main objective of this
study.
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2. TEST SPECIMENS

The dimensions and reinforcement details of the test specimens are shown in Fig.1 and 2,
respectively. The specimens had a barbell-shaped cross section with a web thickness of 130 mm
and 250 x 250 mm boundary columns. The overall length of the cross section was 1500 mm. On the
top of the specimen a 250 mm wide by 250 mm deep load transfer beam was cast monolithically
with the wall.
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Figure 1 Dimensions of Specimens (unit in mm) Figure 2 Reinforcement Details

The reinforcement details and material properties of the specimens are listed in Table 1. The
longitudinal and transverse reinforcements in the boundary elements were the same in all specimens.
The selected longitudinal reinforcement in each boundary element was eight 16 mm deformed bars
(reinforcement ratio, p, = 2.57%). The transverse reinforcement was designed according to ACI
provision for seismic design (ACI committee 318, 2002). The columns were confined with 10 mm
deformed bar at 60 mm (reinforcement ratio, p; = 2.37%) over the first 1500 mm from the base of
specimen and at 150 mm (p=0.95%) over the remaining height of specimen. The shear web
reinforcement of specimen WC1A1 was arranged in the horizontal and vertical directions. It was
selected such that the nominal shear strength was higher than the flexural strength. The selected
web reinforcement was two curtains of 10 mm deformed bars at 150 mm (ratio of web
reinforcement area to gross concrete area, py, = pv = 0.8%) for both horizontal and vertical
directions. To study the influence of web reinforcement orientation and amount of reinforcement,
specimens WD1A1, WD2A1 and WD3A1l were reinforced with 0.8%, 0.6% and 0.7% web
reinforcement, respectively, arranged in diagonal directions at 45 degrees.

Since it is not convenient in practice to arrange reinforcement in diagonal directions, therefore,
it is proposed to compromise by providing diagonal web reinforcement over one-third of the wall
height above the base and with conventional web reinforcement over the remaining height of wall
as in specimen WCD1A1l. The amount of diagonal and conventional web reinforcement in this
specimen was 0.7%. The combination of diagonal and conventional web reinforcement helped
considerably in reducing the time in laying the reinforcement.

All specimens were loaded with an axial load of 0.07 of the axial load capacity based on

concrete ultimate strength fc' and gross cross sectional area 4, .
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Table 1 Reinforcement Details and Material Properties

Specimens fc' Longitudinal fy,b Web reinforcement* fy,w

(MPa) steel (MPa) (MPa)

WC1A1 27.3 pb =2.57% 574.9 Pn = pv = 0.0080 451.3
(8DB16) (DB10 at 15 cm)

WD1A1 40.3 2.57% 574.9 pa** = 0.0080 451.3
(DB10 at 15 cm)

WD2A1 33.7 2.57% 574.9 pa** = 0.0060 451.3
(DB10 at 20 cm)

WD3A1 32.9 2.57% 595.7 pa** = 0.0070 505.9
(DB10 at 17 cm)

WCD1A1 | 33.9 2.57% 595.7 | pn=pyv=pa=0.0070 | 505.9
(DB10 at 17 cm)

* Reinforcement is in 2 curtains, ** Diagonal reinforcement

3. TEST SETUP AND PROCEDURE

The vertical uniform load was simulated by means of a three-point force system with the forces
distributed to the cross-section through the top cap beam. Three hydraulic jacks, all connected to the
same pump to maintain the same constant axial force, were used to apply the axial loads at the
loading points. The lateral force was applied to the specimen by a calibrated actuator attached to the
reaction wall. The specimen was also braced laterally in order to prevent out-of-plane distortion.

All specimens were subjected to a cyclic displacement history. The cyclic lateral displacement
history consisted of several stages and each stage consisted of three loading cycles. During the first
stage, the specimen was pushed (pulled) under load-control until first cracking in concrete occurred.
In subsequent stages, the specimen was loaded under displacement-control to the integer multiples
of the observed yield displacement until failure. In each stage the wall was repeatedly loaded in
three cycles. During testing, lateral displacements, shear deformation, lateral loads and strains in
reinforcements were recorded by means of LVDT’s, load cells and strain gages, whose signals were
input to a computerized data acquisition system.

4. TEST RESULTS

4.1 Load Displacement Response

Figure 3 shows the relationship between the lateral load and the lateral displacement of the wall
specimens. Clearly, the hysteresis loops of wall specimens with diagonal web reinforcement
exhibited less pinching than the wall specimen with conventional web reinforcement.

The total lateral displacement can be decomposed into the flexural, shear, and sliding
components. For the specimens with diagonal web reinforcement, the flexural displacement
comprised around 70-80 percent of the total displacement at ductility level of 4 while that of the
specimen WC1A1, reinforced with conventional reinforcement, was around 45 percent of total
displacement at the same ductility. For all specimens, the shear deformation gradually decreased
while the sliding displacement gradually increased with an increase in the ductility level. It is
important to observe that the specimens reinforced with diagonal web reinforcement had smaller
shear displacement and sliding displacement components than the specimen reinforced with
conventional web reinforcement by about 30% and 50%, respectively, at ductility level 4. An
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increase in the amount of diagonal web reinforcement reduced the shear deformation and sliding
displacement.

It should be noted that due to the large discrepancy in the concrete strengths of specimens
WC1A1l and WD1Al, the reduction in shear component may be somewhat larger than reality if the
concrete strengths of those specimens were equal. A finite element investigation was therefore
conducted for specimens possessing the same concrete properties, the results of which will be
discussed in a later section.
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4.2 Ductility and Failure Modes

It is not economical to design structures to remain elastic during a major earthquake and it may
even be impossible in the case of a large earthquake. Ductility allows the structures to respond
beyond the elastic limit without collapse, provided that sufficient lateral strength could be
maintained. The displacement ductility factor is defined as the ratio of the maximum lateral
displacement to the lateral displacement at first yielding of reinforcing bars, with 80% of the peak
lateral load sustained at the maximum displacement. In order for a given structural element to
develop a larger ductility ratio, special reinforcement details in critical regions are needed. For
structural walls, special confinement of the boundary elements can help to increase the
displacement ductility. Shear modes of failure may limit the deformation of walls and must be
controlled to ensure ductility. In this experiment, boundary elements of all specimens were highly
confined following the ACI provision (ACI committee 318, 2002).

All specimens, except specimen WD1A1, had ductility capacity of 4 while specimen WD1A1
developed a ductility factor of 5. Although the specimen WC1A1 could sustain a ductility factor of
4 as specimen WD3A1, the lateral load of the former dropped suddenly after failure whereas a more
gradual decrease in load capacity at failure was observed in the specimen with diagonal web
reinforcement.

The specimen WC1A1 reinforced with 0.8% conventional web reinforcement failed due to web
crushing. The specimens WD1A1l and WD3A1 reinforced with 0.8 and 0.7% diagonal web
reinforcement, respectively, failed in flexural mode but the specimen WD2A1 reinforced with 0.6%
diagonal web reinforcement failed due to buckling of web reinforcement. Failure modes of the
specimens are shown in Fig. 4 and are summarized in Table 2.

WIMAL

WCIAL

Figure 4 Failure Modes of Wall Specimens
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4.3 Lateral Load Capacity

The lateral load capacities V¢ and V, as predicted by ACI Code (ACI committee 318, 2002)
based on flexural and web shear crushing failure modes are tabulated in Table 2. Since the strain
hardening in reinforcing steel is neglected in the analysis, the flexural strengths (V) are less than
the peak test loads by 5-16%. The web shear crushing, V,,, shown in Eq. (1), is seen to be under-
estimated by as much as 20%.

V.= %ch’Acv (unit in MPa)

Table 2 First Yield Response and Failure Mode

ey

Specimen | First yield | Peak load Vit A Ductility | Mode of
displacement Peak load factor failure™*
WC1A1 9.7 mm 870 kN | 800 kN 0.78 4 wC
WD1A1 6.7 mm 890 kN | 840kN 0.93 5 BL
WD2A1 8.8 mm 880 kN | 785 kN 0.86 4 BW
WD3A1 8.9 mm 980 kN | 823 kN 0.76 4 BL
WCD1A1 10.7 mm 890 kN | 830kN 0.85 4 FL

*WC: Web crushing, BL: Buckling of longitudinal bars, BW: Buckling of web bars, FL: Fracture of
longitudinal bars

4.4 Energy Dissipation
Figure 5 shows the cumulative energy dissipation as a function of the drift ratio. The following
can be observed: ,
(a) Specimen with diagonal web reinforcement had a higher energy dissipation capacity than
the specimen with conventional web reinforcement (WC1A1) by 23% or more at the drift

ratio of 1.5%.

(b) The energy dissipation capacity of the specimen with mixed web reinforcement types
(WCD1AL1) is only slightly less than that of with diagonal reinforcement (by about 6%).

Thus, the mixed mode of web reinforcement is quite promising in practice.
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Figure 5 Energy Dissipation
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S. FINITE ELEMENT ANALYSIS

The test results seem to indicate that web crushing, which creates a more brittle mode of failure,
is prevented when the web reinforcement is oriented in the diagonal directions. Unfortunately, due
to the large discrepancy in the concrete strengths of the test specimens, it is not possible to make a
definite conclusion of the hypothesis. To gain insight into the effect of diagonal reinforcement,
finite element monotonic static analyzes were performed for specimens WC1A1 and WD1A1, using
the same material properties as specimen WC1A1. In this study, concrete was modeled with smear
rotating cracks and reinforcing bars were modeled as truss elements connected between nodes of
concrete elements as shown in Fig. 6. Concrete in compression was modeled with Hognestad model
for unconfined web concrete elements and with Saatcioglu model (1992) for confined concrete
elements in columns. Tension model in concrete proposed by Belarbi et al. (1994) was used in this
study. For the reinforcing steel, the average stress-strain curve of steel reinforcement embedded in
concrete suggested by Belarbi et al. (1994) was adopted. Buckling of reinforcing bars was not
considered. Analyses were conducted using the finite element program, FINITE (Lopez et al.).
Analyzes were terminated when the principal compressive strain in web concrete reached the
crushing strain of 0.003, after which numerical convergence was not achieved.
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Figure 6 Finite Element Modeling: (a) Concrete Elements (b) Steel Elements of WC1A1
(c) Steel Elements of WD1A1

5.1 Finite Element Analysis Results

Figure 7 depicts the results from finite element analyzes. The lateral load-displacement curves
in Fig. 7a indicate that the web concrete in the conventionally reinforced wall reaches the crushing
strain at a drift of about 80% of the wall with diagonal reinforcement. Thus, ductility is enhanced by
about 20% with the use of diagonal reinforcement. The principal compressive stresses in the most
severely stressed element (element 84 indicated in Fig.6) are compared in Fig. 7b for the two walls.
It is observed that at the same loading close to peak load, the compressive stress in the wall with
diagonal reinforcement is reduced by about 20% compared with the case of conventional
reinforcement. The shear strain in the same element, plotted in Fig. 7c, reveals that diagonal web
reinforcement contributes to resisting part of the external shear, and consequently helps reduce the
shear strain in concrete by about 25%.

-128 -



Load (ton)

Principal compressive stres
{(MPa)

0 200 400 600 800 1000
D isplacement (mm) Load (kN)

(@ (b)

0.012

o | OO

110111 JE N S I\ IO, S—

hear strair

B3 0,004 f-mmmmmrm oo e s P

0002 4oy T e

D isplacement (mm)

©

Figure 7 Finite Element Analysis Results:
(a) Lateral Load-Displacement, (b) Lateral Load-Principal Compressive Stress of Element 84
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6. CONCLUSIONS

Based on the experimental and analytical results, walls with diagonal web reinforcement exhibit
better performance than the one with conventional web reinforcement. The following conclusions
can be drawn for the specimens tested:

1. The shapes of hyteresis loops of walls with diagonal web reinforcement exhibit less pinching
than the wall with conventional reinforcement. Therefore, the energy dissipation capacity of
walls with diagonal web reinforcement is superior to that with conventional web reinforcement.

2. Diagonal web reinforcement reduces the shear and sliding displacement components by about
25% and 50%, respectively, at ductility level 4.

3. The effect of diagonal reinforcement is to reduce the shear strain in the web concrete (by about
20%) leading to a reduction in the peak compressive stress in the compression strut. As a
consequence, web crushing in the walls with diagonal reinforcement is deferred with the
improvement of ductility by about 20% compared with the case of conventional reinforcement.

4. Although the brittle web crushing failure mode is alleviated with the use of diagonal
reinforcement, the diagonal bars, subjected to high compressive stress, tend to buckle, resulting
in spalling of the concrete cover with subsequent loss of load capacity. Hence, cross ties
preventing buckling of diagonal web reinforcements are needed for improved performance.
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5. The energy dissipation capacity of the specimen with mixed web reinforcement types
(WCD1ALl) is only slightly less than that with diagonal reinforcement (by about 6%). Thus, the
mixed mode of web reinforcement is quite promising in practice.

6. The web shear crushing strength as predicted by ACI Code (2002) can be under-estimated by as
much as 20%.
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Abstract: Experiments and 3-D FEM analyses were performed on reinforced concrete columns laterally
prestressed by the shear reinforcements to study the influence of the active confinement upon shear strengths
and crack behaviors. The relation between the width of shear crack and the strain of reinforcement has been
proven by measuring every crack over reinforcements and gluing three strain gauges on reinforcements. With
increasing lateral pressure, shear crack strength and ultimate shear strength have increased proportionally,
shear crack patterns have changed appreciably, and shear crack widths have decreased drastically. The FEM
analyses using smeared crack model cannot evaluate a localized crack accurately but can provide valuable
information about the total damage in the overall depth of a specimen.

1. INTRODUCTION

The prestress in concrete structures is generally aimed at controlling the flexural cracks by the
arrangement of tendons in an axial direction of the member. On the other hand, in order to delay
initiating a shear crack and to reduce its width, not to control a flexural crack, experimental studies
have been conducted on the reinforced concrete (RC) columns laterally prestressed by the shear .
reinforcements with high strength (Watanabe et al. 2004). The results of the flexure-shear tests have
indicated that the shear crack strength is increased and the width of a crack, especially its residual
opening is remarkably reduced by introducing the lateral prestress. This reduction of the width has
improved not only durability but also earthquake resistance since the ability to transmit shear force
across a rough crack increases dramatically by reducing its width. The three dimensional finite
element (FEM) analyses were also performed on RC columns mentioned above to investigate the
mechanics of the lateral confinement using the equivalent confining pressure and the degree of
damage in compressive zone as the gauges to evaluate active confinement and compressive-shear
failure quantitatively (Shinohara et al. 2004). These studies have revealed that an increase in the
resistance against shear failure as well as shear cracking with increasing prestress in the shear
reinforcements could be explained by the triaxial state of stress in the core concrete.

The primary purpose of this study is to investigate how the lateral prestress in RC columns would
affect the shear crack behaviors on the basis of the triaxial state of stress in the analysis, to clear the
relationship between the width of a shear crack and the strain of a shear reinforcement and to see the
extent to which the FEM analysis with a smeared crack model can evaluate the actual shear crack
behavior and the shear strength.
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2. OUTLINE OF TEST AND ANALYSIS

2.1 Test Specimens and Analysis Models

The details of the test specimen and the finite element model are shown in Fig.1. The
specifications of the specimens are summarized in Table 1. The flexure-shear tests have been
performed on two columns which are laterally prestressed (LPRC) and not prestressed (RC). The test
specimens have a square cross section of 340 mm x 340 mm and a height of 900 mm. The specimens
were designed to cause a shear failure before the longitudinal reinforcements yield by Architectural
Institute of Japan (1999). For that reason, a high strength steel bar (D22 in Fig.1, 6,=1196 N/mm®) was
used as the longitudinal reinforcements. Moreover, an additional reinforcement (D13 in Fig.1) was
arranged to keep a bond splitting failure off. The lateral prestress was introduced into concrete as
follows: 1) the high strength transverse hoops (U6.4 in Fig.1, 0,=1459 N/mm?) were pretensioned to
about 40% of the yield stress using the rigid steel molds and special jigs shown in Fig.1, 2) concrete
was placed into the molds and cured until the strength of concrete increased adequately, 3) the core
concrete was laterally prestressed by removing the steel molds. The product of the ratio and the stress
of the pretensioned transverse reinforcements is defined as average lateral prestress o1 (=p,oy,) to
indicate the intensity of lateral prestress. The mix proportion of concrete used in the test specimens is
given in Table 2. The coarse aggregate is semi-rounded sea gravel with a maximum grain size of 25
mm. Concrete was placed in the vertical direction. The mechanical properties of concrete and
reinforcements are shown in Fig. 2 and 3 together with their idealizations in analyses.
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Fig. 1 Details of test specimen and finite element model ~ Fig. 3 Mechanical properties and analytical model for reinforcement

Table 1 List of test specimens Table2 Mix proportion
Test b=D Dw oy oy Proportion, by weight
L M/QD oy/ 08 ., 2
D t 9 i
esignation | (mm) (%) N/mm®) | N/mm®) Cement Sand ACoarset Water Admixture Slump
RC 0 0.0 ggregate
LPRC 340 13 029 0.30 536 1.6 1 2.04 2.53 0.50 Super plasticizer | 21 cm

b & D=width & depth of column, M / QD=shear span-depth ratio, p,~ratio of transverse hoop, oy=axial stress of column,
ag=compressive strength of concrete, a,,,~introduced prestress in transverse hoop, o;=lateral prestress (=p,, ow,)

2.2 Loading and Measuring Methods in Tests

The loading apparatus is shown in Fig.4. The vertical force on the test specimen was supplied by
the 2 MN hydraulic jack, and the ratio of axial load to axial strength was kept constant at 0.3 during a
test. The horizontal force was supplied by two hydraulic jacks with the capacity of 500 kN, and
controlled in displacement. The cyclic horizontal load was applied in the way to produce an
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antisymmetric moment in a column. The horizontal load was turned back when the deflection angle of
member, R reached +1/400, +1/200, +1/100, £1/67 and £1/50, until after the peak load.

The widths of every shear crack over shear reinforcements were measured using two digital
microscopes with a resolution of 0.01 mm every cycle three times in loading and two times in
unloading. The crack width used in this paper is defined as a distance normal to the direction of a
crack, as illustrated in Fig. 5. Three strain gauges were glued on each leg of all transverse hoops, and
their locations and designations are shown in Fig.5.
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Fig. 5 Definition of crack width and
designations of strain gauges

Fig. 4 Loading apparatus

2.3 ldealizations in Analysis

The finite element mesh and boundary conditions are shown in Fig.1. Due to the symmetry, only
one half of the column was analyzed. The stiff elements were attached at the top and bottom of a
column to idealize steel stubs. The top nodes were constrained to move uniformly in the vertical
direction and not to allow the upper stiff elements to rotate, so that a column deformed in an
antisymmetric mode. Concrete was modeled by a twenty-node isoparametric solid brick element, and
longitudinal reinforcements were embedded in concrete elements to add stiffness to them. The shear
reinforcements were modeled by a two-node numerically integrated truss element because the effect of
bending was negligible. The bond-slip between concrete and reinforcements was not considered in this
analysis because an additional reinforcement was installed to avoid a bond splitting failure. The
prescribed prestress was introduced into the shear reinforcements, and then the axial load was applied
in load control with ten steps up to the axial load ratio of 0.3, finally the shear load was applied in
displacement control with a step of 0.01 mm. The maximum-tensile-stress criterion of Rankine was
adopted as a failure criterion in the tension zone of concrete. According to this criterion, a crack arises
when the maximum principal stress exceeds the tensile strength, regardless of the normal or shearing
stresses that occur on other planes. Smeared cracking and bi-linear tension softening shown in Fig.2
are adopted in this analysis. The shear stiffness of cracked concrete is generally dependent on the
crack width. This phenomenon is taken into account by decreasing the shear stiffness with an increase
of the normal crack strain. Drucker-Prager criterion was used for a failure criterion in the compressive
zone of concrete. The formulation is given by

U, ) =al, +7, —k=0 )
__ 2sing )
“ V33 -sing) @)
6cos @

- bcosp 3
J§(3—sin¢)c ©)

I, =0, +0,+0, 4)
J=le, -0, +(0, -0 + (0, — )6 5)

where @is the internal-friction angle, ¢ is the cohesion; g1, 02 and o3 are the principal stresses (see
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Chen 1982). The internal-friction angle of Drucker-Prager was determined based on experimental
results performed on concrete cylinders with different strengths and hoops to study the effect of lateral
confinement by Takamori et al. (1996). According to their test results, the strength of concrete
confined by lateral reinforcements similar to our specimen increases to (op+2.00), where op is the
compressive strength of plain concrete and o is the averaged lateral confining stress. An increasing rate
to o of 2.0 is under half 4.1 proposed by Richart (1928) due to the partial confinement by hoops. From
this equation, a set of principal stresses that corresponds to the strength of concrete in a triaxial state of
stress with confining pressure is determined as: g1=02= - 0, 05= - (0p+2.00). The minus refers to
compression. By substituting this state of principal stresses into Eq. (1)

FU, 1) =0-Bayo, +1-4LBayo-Bk=0 (6

Because Takamori’s tests (1996) showed a constant coefficient of 2.0 for any value of the averaged
confining stress, Eq. (6) must be valid regardless of o, as well. Therefore, the multiplication factor of
second term in Eq. (6) must be zero:

(1-432)=0 = a=1/43 (7N

By substituting Eq. (7) into Eq. (2), the internal-friction angle of 20° is estimated to be suitable for
triaxial state of stress confined laterally by reinforcements.

3. RELATION BETWEEN SHEAR STRENGTH AND LATERAL CONFINEMENT

3.1 Shear Load-Deflection Angle Curves

The shear load Q-deflection angle R curves obtained from the tests are shown in Fig.6, compared
with the results of analysis. For the typical crack behavior observed during tests, flexural cracks
appeared first, and they extended into flexural shear cracks near the both end of the specimen, and
finally shear cracks occurred with increasing shear load. The maximum shear loads for RC and LPRC
column are 617 kN when R=1/100 and 762 kN when R=1/67 respectively. The shear loads for both
RC and LPRC were gradually reduced without any reinforcement’s yielding by crushing concrete in
the compressive zone at the top and bottom ends. The shear crack strength and ultimate shear strength
obtained from experiments and FEM analyses are compared in Table 3 together with the calculation
results taking account of the lateral prestress by Watanabe (2004). The shear crack strength of analyses
is defined as the shear load which causes a strain in shear reinforcements to increase rapidly. As can be
seen from Fig. 6, FEM analyses show a higher stiffness than experiments because of the stress locking
by the use of smeared crack model and the additional damage by cyclic loadings. However, FEM
analyses can predict with a fair degree of precision the difference between the shear strengths of RC
and LPRC columns. The relations between shear crack stress ¢y, 7 so(=expQOs/bD) and lateral prestress,
and between ultimate shear stress ey, 7 a(=epOs/bD) and lateral prestress are plotted in Fig.7 together
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Fig. 6 Comparisons between analytical and experimental Q-R curves for RC (left) and LPRC (right) specimens
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with Watanabe’s data (2004) marked by solid-white (o5=35 N/mm?). The difference in strength of
concrete was adjusted by dividing them by the characteristic strength to determine their failure modes.
It can be seen from Fig.7 that the shear crack strength and ultimate shear strength have increased
proportionally with increasing lateral pressure. Furthermore, Fig.8 shows a comparison of the shear
strengths obtained from experiment and analysis. The predictions of FEM analysis are consistent with
all existing experimental data for the shear crack strength and the ultimate shear strength.

Table 3 Shear crack strength and ultimate shear strength

TeSt . epUse e el | FemQu calQsec catQ Qs =shear crack strength by experiment, 0, =ultimate shear strength by experiment
Designation |  (kN) (kN) (kN) kN) (kN) kN) remQs =shear crack strength by FEM, g, =ultimate shear strength by FEM
RC 515 617 495 655 496 648 Qs =shear crack strength by Watanabe, (0., =ultimate shear strength by by Watanabe
LPRC 611 762 577 747 606 725
10 ‘ 020 80 8.0 ‘
e &4 /\:RC A /\:RC
08 e _ .0 ® O:LPRC @ O:LPRC
Lk . 0.15 A o N’éﬁ.o N/E\6,0
& 06 . 1 = - = \E A
NS Lo10 4 €40 €40
‘_; 04 l-é. ’% g\'
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02 A A RC ] A V/_: RC Average: 1.12 Average: 0.98
@ O: LPRC @& O 'LPRC Coefficient of variation: 12% Coefficient of variation: 7%
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(1) Shear crack strength (2) Ultimate shear strength (1) Shear crack strength (2) Ultimate shear strength

Fig. 7 Increase of strength with increasing lateral prestress g,  Fig. 8 Comparison of strength from experiment and analysis

3.2 Triaxial State of Stress by FEM Analysis

Fig.9 shows the distributions of the minor principal stress in the center of RC and LPRC
specimens. For RC specimen, the compressive strut formed by a large compressive stress was revealed
at the shear load of 550 kN, thereafter, the width of the strut reduced slightly and localized in a
diagonal direction at the maximum load. For LPRC specimen, on the other hand, the compressive strut
appeared at the shear load roughly similar to the maximum load of RC and the width of the strut
increased gradually up to the maximum load. This difference is probably due to the crack patterns of
RC and LPRC specimens described in Section 4. The degree of damage for compressive failures and
the equivalent confining pressure were introduced as the gauges to evaluate the effect of active
confinement on the stress state in the core concrete quantitatively, as shown in Fig.10. The degree of
damage for compressive failures is defined using the deviated part of the stress state in principal stress
space. Fig.11 shows the degree of damage for compressive failures in the surface of RC and LPRC
specimens at the same shear load as Fig.9. It can be seen from Fig.9 and Fig.11 that the distributions of
the degree of damage correspond roughly with those of the minor principal stress. This degree of
damage for LPRC is lowered compared with RC specimen because of the active confinement. The red
parts dotted with a white dot at the top and bottom ends represent the post-peak softening zone of
concrete, so that the failure mode of analysis is quite similar to that of experiment. The softening of
concrete for RC specimen occurred when the shear load is about 600 kN, and the softening zone was
limited to the small area. This softening for LPRC specimen, on the contrary, occurred at the shear
load of 700 kN, and the softening zone was gradually expanded up to the maximum load. The
equivalent confining pressure is defined as the lateral pressure when converting the stress state on a
random stress-path into that on the stress-path according to the triaxial compressive test with a
constant lateral pressure, as shown in Fig.10. Consequently, the equivalent confining pressure
increases with increasing hydraulic component and decreasing deviated component of the stress state
in principal stress space. The ratio of the equivalent confining pressure to the strength of concrete is
shown in Fig.12 to compare RC with LPRC at maximum shear loads. Although the very small passive
confining was induced in RC specimen by applying the axial load (Shinohara et al. 2004), it was
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vanished with an increase in the shear load by 400 kN. It can be seen from Fig.9 and Fig.12 that with
further increasing shear load, the equivalent confining pressure increase in the same area where the
compressive stress grew larger and localized. As for LPRC specimen, the active confinement that is
over ten times higher than the passive confinement was produced after applying the axial load, and it
covered wider parts of the specimen than RC specimen until the maximum shear load.
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Fig. 9 Compression strut based on minor principal stress Fig. 11 Comparison of damage in compression zone
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4. SHEAR CRACK BEHAVIOR AND STRAIN IN SHEAR REINFORCEMENT

4.1 Relation between Shear Crack Patterns and Strains in Shear Reinforcement

Fig.13 shows the contours of the crack strain obtained by analyses and the diagrams of shear
cracks observed by experiments. The crack patterns in front and back of specimens were basically
similar (Miyano et al. 2004). The lateral confinement in LPRC specimen restrained greatly shear
cracks from propagating at the shear load similar to the peak load of RC specimen, and the final crack
pattern of LPRC differed drastically from that of RC. The shear cracks developed scatteringly in the
upper and lower side of LPRC specimen, whereas they developed intensively in the center of RC
specimen. The spacing and width of scattered cracks in LPRC specimen are smaller than those of
localized cracks in RC specimen. This small crack spacing developed in LPRC specimen is probably
due to the increase in bond strength (Braam 1990) and to the tensile stress generated by introducing
lateral prestress. Because the ability to transmit shear force across a rough crack is exponentially
reduced with increasing crack width (Shinohara et al. 1999), the scattered crack with a smaller width
can reduce to a certain degree a decrease in shear stiffness of a column.
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Fig.14 shows the distribution of strains in shear reinforcements at the maximum shear loads
obtained from experiments and analyses. As can be seen from Figs. 13 and 14, an increment of strains
in the shear reinforcement is roughly consistent with the width of shear cracks. In the case of RC
experiment, because the shear cracks localized and deviated to the right around middle height, the
corresponding strain & was highest and the three strains of gauges glued on each reinforcement
differed by a maximum of 2700 u. In the case of LPRC experiment, on the other hand, because the
shear cracks did not localized and were scattered over the depth of the column, the differences among
three strains in each reinforcement were within 800 x. The strain distributions by analysis for RC
specimen are antisymmetric to half height and do not fully correspond with those by experiment
because of localized shear cracks, whereas the analytical result for LPRC shows a good agreement
with the experimental result including the shape of the vertical distribution showing higher strains in
the upper and lower side due to the distributed shear cracks in there. The relationship between the
width of shear cracks and the elongation of shear reinforcements is shown in Fig.15 where the total
crack widths over a reinforcement observed by microscope, Ze,w’ (see Fig.5) are plotted as the
abscissa and the elongations of the corresponding reinforcement calculated using the strains, X.qw as
the ordinate. The elongation, X.;w in Figl5 (1) is calculated using only one strain at center and X ,w
in Fig.15 (2) using all three strains. If shear cracks are scattered over shear reinforcements such as
LPRC specimen, the total crack widths, 2.,w’ can be estimated fairly accurately by one strain of the
reinforcement. In the case of localized shear cracks such as RC specimen, a better estimate of Xex,w’
can be obtained by integrating the strain distribution of three gauges.
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4.2 Estimations of Shear Damage by FEM Analysis

To investigate how accurate the FEM analysis with a smeared crack model can evaluate the extent
of actual shear crack damage, the total crack width by FEM analysis, Xgrvw, which is estimated from
the nodal displacements at both ends of a shear reinforcement by neglecting the strains of concrete, is
shown in Fig.16 together with XZe,w’ by microscopes and X w by strains. Although Ze,w’ is
observed on the surface of concrete while 2w and Xppyw are estimated by a reinforcement, these
three crack widths exhibit broadly similar behavior due to the small cover concrete of 9 mm. The
difference between the crack width behaviors of RC and LPRC specimen is basically consistent with
that of shear crack behaviors in Fig.13 and strain

“behaviors of reinforcements in Fig.14 since the ; Z E\ ; NN

total crack width faithfully reflects their behaviors. % $ s I ﬁé[" S| S \}/ F
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Fig. 16 Total crack width obtained from microscope,

strain of shear reinforcement and FEM analysis

5. CONCLUSIONS

1) The shear crack strength and ultimate shear strength have increased proportionally with increasing
lateral pressure.

2) The FEM analyses have revealed that an increase in resistance against shear failure as well as
shear cracking with increasing lateral prestress could be explained by the triaxial state of stress.

3) The shear crack patterns have changed appreciably, and the spacing and width of cracks have
decreased drastically by introducing lateral prestress into a RC column.

4) The close relationship between the width of shear cracks and the distributed strain in
reinforcements has been proven both by experiments and by FEM analyses.

5) The FEM analyses using smeared crack model cannot evaluate a localized crack accurately but
can provide valuable information about the total damage in the overall depth of a column.
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Abstract:  Steel reinforced concrete (SRC) has been widely used in building constructions. In order to
perform well in an earthquake, the SRC design must possess sufficient strength and high ductility. To
further improve the seismic-resistant efficiency of such design, reduction in member weight so that
member ductility can be maintained and a higher strength/mass ratio can be accomplished is essential. For
this purpose, application of light-weight aggregate concrete becomes a promising solution, because
member weight can be significantly reduced. This study is focused on the experimental evaluation of
seismic performance of SRC members using light-weight aggregate concrete. Specimens with various
sectional placements were tested under combined bending and axial loads. Test results showed that the
energy dissipation capacity of light-weight aggregate concrete SRC members with adequate confinements
stayed at the equivalent level as that of normal-weight concrete SRC, which justified the apphcablhty of
light-weight aggregate concrete SRC to the seismic-resistant design.

1. INTRODUCTION

Steel reinforced concrete (SRC) members possess high strength and significant ductility, thus
are effective structural forms for earthquake resistant purposes. Current information on the behavior
of SRC members composed of structural steel and traditional normal weight concrete can be found
in several design codes, such as AIJ(1991), ACI(2002), LRFD(2001), etc. In general, the reinforced
concrete contributes the major portion of the member weight. Although the reinforced concrete can
help prevent the local buckling of the encased steel and enhance the structural stiffness, the higher
structural weight due to comprising concrete might limit the application of the design when seismic
design efficiency is considered. In this regard, a minimization approach to reduce the weight of the
SRC members so that the design efficiency can be improved is essential. To accomplish this goal,
an attempt to employ lighter concrete material, such as light weight aggregate concrete (LWAC), for
SRC designs is made in this study.

In general, LWAC possesses higher brittleness and less concrete-steel bond than the normal
weight concrete (Wang et al. 1978, Khaloo et al. 1999, Ahmad and Barker 1991). These
characteristics are particularly important if the material is used for SRC designs, because the SRC
member performance is significantly affected by the composite behavior between the concrete and
structural steel. In order to apply the LWAC to the SRC seismic design, the member strength and
ductility under dynamic loading must be validated so that the applicability can be justified. This
study is focused on the experimental evaluation of seismic performance of LWAC SRC members by
a series of combined loading tests.
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2. EXPERIMENTAL PROGRAM

Ten specimens with various steel-concrete compositions and various confinement conditions
were fabricated for testing. They included two normal weight concrete SRC members and eight
LWAC SRC members. Two types of structural steels were used for member fabrications: JIS SS400
H125x125x6.5x9 and H150x150x7x10. Compressive strengths of the normal and light weight
aggregate concretes were 34 and 37.2 Mpa, respectively. Specific weight for the LWAC was 1.8.
Half of the specimens were confined with traditional stirrups, and the others were confined with
stirrups and additional tie bars, named bi-lateral confinement hereafter. The longitudinal and
transverse reinforcements of the reinforced concrete were composed of #5 and #3 deformed bars.
The length of the members’ confining zones was 650 mm. The stirrup spacings within and outside
the confining zones were 100 mm and 150 mm, respectively. Specimen details are shown in Figure
1.

All specimens were tested under combined axial and cyclic lateral loads. The magnitude of the
axial load was set to a prescribed fraction of the members’ compressive strength (Py), which was
determined by the following expression:

P =085A.f +Af +Af, 1)

in which, Ac, As, Ar are the cross-sectional areas of the concrete, steel, and longitudinal bars,
respectively; and fc’, fy, fyr are the concrete compressive strength, yield strength of steel and
longitudinal bars, respectively. Axial load magnitude for the normal weight concrete SRC was 0.2
Py, . Results from these tests were used for comparison purposes. Axial load magnitudes used for
the LWAC SRC members were 0.2 P, and 0.35 Py, respectively. The purposes for these load
combinations were to investigate whether performance differences existed when different concrete
materials and various load levels were adopted. Specimen labels and the corresponding load
combinations are listed in Table 1. Axial load was applied by a hydraulic jack and the cyclic lateral
load was generated by a servo-controlled hydraulic actuator through a series of prescribed
displacement commands. The test set-up is shown in Figure 2.

3. OBSERVATIONS

When members were subjected to combined axial and lateral loads, the flexural cracks were
first observed at the members’ confining zones. Drifts at which flexural occurred for both normal
and light weight concrete SRC members were all less than 1%. Among them, the LWAC members
exhibited cracks slightly earlier than the normal weight ones. This can be attributed to the higher
brittleness of the LWAC. Cover concrete spalled following the occurrence of longitudinal bar
buckling at drift ratio approximately equaled to 6%. In general, the normal and light weight
- concrete SRC members exhibited similar failure patterns, however, they differed in the length of the
damaged regions, as shown in Figure 3. It can be found from the figure that the length of crushed
concrete was larger in members composed of LWAC. 1t is also observed that the extent of damage
of the core concrete was reduced when the bi-lateral confinement was adopted.
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4. COMPARISONS OF TEST RESULTS

The typical load-displacement relationships for the test specimens are shown in Figure 4. In
order to define the seismic performance of the LWAC SRC members, the members’ ductility, ug,
was evaluated by their energy dissipation capabilities as follows:

E:EBO
Hp = E Ey (2)
in which SE, is the elastic strain energy and SEg, is the cumulative energy dissipation at the
ultimate stage, determined by the value when the member strength dropped to 80% of its maximum
strength. These values were further normalized with the ductility of the normal weight concrete
SRC members, so that their performance level could be defined.

Table 1 and Figure 5 show the normalized ductility of the test members. It can be found from
the comparisons that, when member weight was ignored, the LWAC SRC members with smaller
steel ratios, i.e. 2.474% in this study, would develop less ductility than the normal weight ones.
However, when adequate steel ratio was used, i.e. 3.277% in this study, the LTWAC SRC members
did possess equivalent seismic resistance as those of the normal weight ones. It is also found in this
figure that for members subjected to higher degree of axial load, i.e. LTBC35, member ductility can
still be maintained as long as effective confinement was presented. These phenomena first validated
that the application of LWAC to the SRC design was promising when adequate sectional detailing
was adopted.

Applicability of LWAC to SRC design can be further validated by considering the member
weight of the IWAC. As shown in Figure 6, when normalized member ductility is scaled by the
member weight, defined as the normalized unit-weight ductility, the ductility of member with
smaller steel ratio can reach a value close to the normal weight member. Furthermore, the ductility
of LWAC SRC members with sufficient steel ratio and effective bi-lateral confinements were also
significantly enhanced. These comparisons concluded the feasible application of LWAC to SRC
designs. ’

5. CONCLUSIONS

This paper presents the combined loading test information of a series of SRC members using
various confinements and concrete with different compositions. Test results showed that the failure
patterns of the LWAC SRC members were similar to those of the normal weight ones. Test results
also demonstrated that the energy dissipation capacity of LWAC SRC members with adequate
confinements stayed at the equivalent level as that of normal-weight concrete SRC, which justified
the applicability of LWAC SRC to the seismic-resistant designs.
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Table 1 Loading Combinations and Normalized Ductility for Test Specimens
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Figure 1 Specimen Details: (a) Confined by Stirrups, (b) Bi-Lateral Confinements

Specimen | Concrete | Confine- | Steel ratio | Axial load SE, SEjg HUE Normalized
used ments (%) (Pn) (kN-m) | (kN-m) |(SEg/SE,)| ductility
NSAC20 | Normal | Stirrups 2.474 0.20 1.53 46.6 30.46 1
LSAC20 | LWAC | Stirrups 2.474 0.20 2.18 46.94 21.53 0.71
LTAC20 | LWAC | Bi-lateral | 2.474 0.20 241 60.92 25.28 0.83
LSAC35 | LWAC | Stirrups 2.474 0.35 2.20 32.72 14.87 0.49
LTAC35 | LWAC | Bi-lateral | 2.474 0.35 2.87 44.76 15.60 0.51
NSBC20 | Normal | Stirrups 3.277 0.20 1.92 61.76 32.17 1
LSBC20 | LWAC | Stirrups 3.277 0.20 2.63 86.82 33.01 1.03
LTBC20 | LWAC | Bi-lateral | 3.277 0.20 3.11 144.27 46.39 1.44
LSBC35 | LWAC | Stirrups 3.277 0.35 2.60 52.56 20.22 0.63
LTBC35 | LWAC | Bi-lateral | 3.277 0.35 3.50 113.15 32.33 1
6 o
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Abstract: A static loading test is effective method to understand restoring force characteristics of structural
members. Test results are usually regarded as the characteristics of the members, but the test results include
friction of experimental apparatus and measuring error. This problem is very serious because hysterisis loops
obtained from test results are expected to dissipate energy input of real earthquake. Purpose of this study is to
consider estimation of static test results based on test results of three steel pipe specimens subjected to
three-directional cyclic loading. As results, in this investigation, the test results had more than 3% of
equivalent damping factor, and differences of axial load and of amplitude of cyclic displacement didn't
influence equivalent damping ratio on one-directional cyclic loading in elastic range.

1. INTRODUCTION

A static loading test is effective method to understand restoring force characteristics of structural
members. Test results are usually regarded as the characteristics of the members, but the test results
include friction of experimental apparatus and measuring error. This problem is very serious because
hysterisis loops obtained from test results are expected to dissipate energy input of real earthquake.
Purpose of this study is to consider estimation of static test results based on test results of three steel
pipe specimens subjected to three-directional cyclic loading. Steel is one of the most predictable
materials of restoring force characteristics, and pipe must show isotropic behaviors under bi-axial
bending. Three steel pipe column specimens were prepared for the test. The specimens have 101.6mm
outside diameter, 5.7mm thickness, and 600mm clear span. The specimens were subjected to
three-directional loading in elastic range those were axial load and two-directional anti-symmetric
bending. The experimental apparatus used in this investigate have been developed for large
displacement to obtain elasto-plastic behaviors of members. If friction of experimental apparatus and
measuring error are a little enough, test results show linear behaviors in the elastic range. Influence of
error included in the test results was investigated from the test results.

2. EXPERIMENTAL PROGRAM
2.1 Specimens

Three identical steel pipe column specimens were prepared for the test those were named SP-1,
SP-2, and SP-3. As shown in Figure 1, the specimens have 101.6mm outside diameter, 5.7mm
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thickness, and 600mm clear span. Sixteen strain gages were pasted on sections near the head and the
base of column. Table 1 shows material properties of steel those were obtained from material test.

—n End plate - Strain gage
5 _—Strain gage - y
5 ( g t /
w T e — =+ / Table 1 Material Properties of Steel
QT i D @
S - 4 4 N P
il LT ' Yield strength [N/mm?] 320
N 't D=101.6mm Yong's modulus [kN/mmz] 210
o H|  t=5.7mm Poisson's ratio 0.30
30 30
19 600 19

Figure 1 Detail of Specimens

2.2 Loading Plans :

Figure 2 shows loading setup. The specimens were subjected to two directional anti-symmetric
lateral cyclic loadings and varying axial force by the experimental apparatus, which developed by the
authors (Nishimura and Takiguchi, 2005) that allows tri-axial translation and restricts tri-axial rotation
of the head of specimens. This apparatus been developed for large displacement to obtain
elasto-plastic behaviors of columns. Therefore measuring error included in test result must be larger
than that of an apparatus aimed to one directional lateral loading test and range of small displacement.

Figure 3 shows loading plans of the three specimens. Displacements and forces are expressed on
rectangular coordinate, and compressive axial displacement and force are taken as positive, as shown
in Figure 4. SP-1 was loaded in cross-shaped path and square path with a constant axial ratio of 0.2.
SP-2 was loaded rectangular path with a constant axial ratio of 0.2. SP-3 was subjected to square
loading and one directional lateral loading with different axial force ratio of 0.1, 0.2, and 0.3.

As shown in Figure 3, The SP-1 was subjected to one-directional cyclic loadings, which were
numbered 1 to 12, and then square loading path, which was from 13 to 19, was repeated twice. The
SP-2 was subjected to rectangular loading, which was from 1 to 14, twice on square of inside and once
on square of outside. The SP-3 was subjected to one-directional cyclic loadings with different constant
axial force ratios of 0.1, 0.2, and 0.3, and then square-loading path was acted under a constant axial
load by 0.3 in axial force ratio.

—

4

<« : Displacement Transducer
o={ oo : Hydraulic Jack with Load Cell
o={"""}=0 : Hydraulic Cylinder

Parallel Rule of

System for Keeping Link Mechanism
Head Horizontally {
| AN i

Loading
Beam

N
"7 System for Keeping >
P Head Horizontally

Figufe 2 Loading Setup
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3. TEST RESULTS
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Figure 4 Coordinate of Force
and Deformation

Figure 5, 6, and 7 show the test results. As shown in these figures, Qx-Rx and Qy-Ry relationship
curves weren’t linear and quadrilaterals shown in Rx-Ry relationships aren’t precise squares.
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Figure 6 Test Result of SP-2
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Figure 7 Test Result of SP-3

4. CONSIDERATION

4.1 Equivalent Damping Ratio

Equivalent damping ratios of every cycle at one-directional lateral cyclic loading stages were
calculated. SP-1 had one-directional lateral cyclic loading stages on X-direction and Y-direction with
different displacement amplitudes under a constant axial load. SP-3 had one-directional lateral cyclic
loading stages on X-direction with constant axial ratios of 0.1, 0.2, and 0.3. Figure 8 shows equivalent
damping ratios and displacement amplitudes relationships. Circle and square marks express the results
of SP-1, and diamond and triangle marks express the results of SP-3. As shown in this figure, the
equivalent damping ratios in this investigation were more than 3%.

O: X-direction, N/GyA=0.2 : Y-direction, N/GyA:O.Z
& X-direction, N/o A=0.1 A:
Yy

14

X-direction, N/o A=0.2 v: X-direction, N/c A=0.3
y Yy

100

Equivalent damping ratio [%]

6
O
4| B L o
2
0 , ‘ . ‘ Equivalent damping ratio =117—r A\V)g
02 03 04 05 06 07 08 ¢

Amplitude [mm]
Figure 8 Equivalent Damping Ratios and Displacement Amplitudes Relationship

As shown in Figure 8, differences of axial load and of amplitude of cyclic displacement didn’t

influence equivalent damping ratio. The equivalent damping ratio of 0.27mm amplitude on
X-direction with axial load ratio of 0.2 was larger than others. The reason for this is that loading
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direction wasn’t agree with center of the column specimens, which could be seen on Rx-Ry
relationship curves in Figure 4 that leaned against X-axis. It seems reasonable to suppose that this
difference between loading direction and center of the specimens made the equivalent damping ratio
relatively larger as amplitude of displacement was smaller.

4.2 Bending Moment and Curvature Relationship

Figure 9 shows the test results of bending moment and curvature relationships at sections where
the strain gages were pasted on. The bending moment at the section is assumed as a value given by
multiplying shear load and length between the section and center of the column together. The
curvature is average of curvatures at the sections of upper side and lower side of the column, which
were calculated from strain of the test results.

10 10 e ——— 10 10
5 5| p 5 5
E E | : B e
Z | H : H
éx 0 = 0 j % 0 ; & 0
= b= / 5 | : =4 /’
5 5 51 P 5 /
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-10 5 0 5 10 -10 5 0 5 10 -10 5 0 5 10 -10 5 0 5 10
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(a) SP-1 (b) SP-2
10 10 .
5 /. 5
E El
: S|
=0 =0
s / 5
5 / 5 ’ 4
-10 : -10
-10 -5 0 5 10 -10 -5 0 5 10
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(c) SP-3
Figure 9 Bending Moment and Curvature Relationships
(4 O: X-direction, N/cryA=0.2 O: Y-direction, N/oyA=0.2
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1 |

O0.2 0.3 014 Oi5 016 0.7 0.8
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Figure 10 hy. and Displacement Amplitudes Relationship

As shown in Figure 10, ratios of areas of M-¢ relationships were calculated in the same way as
equivalent damping ratios. Circle and square marks express the results of SP-1, and diamond and
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triangle marks express the results of SP-3. As shown in this figure, hy is smaller than equivalent
damping ratio shown in Figure 8. One of the main causes of these differences must be measuring error,
because displacement of head of column was measured through measuring jigs.

4.3 Effect of Two-directional Loading

Figure 11 shows ratio of residual displacement in case of no lateral loads and maximum
displacement. Circle marks express the results of SP-1, and diamond marks express the results of SP-2.
If this ratio can be regarded as an index of measuring error, it can be said that two-directional loading
and amplitude of cyclic displacement don’t influence measuring errors.

O: X-direction ®: Y-direction
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Figure 11 r/a and Displacement Amplitudes Relationship

5. CONCLUSIONS

Three identical steel pipe column specimens were prepared, and three-directional loading test of
the columns were carried out to consider estimation of static test results. The base of the columns was
fixed, and the specimens were subjected to two directional anti-symmetric bending and a constant
axial load. As results, the following were founded.

1. The test results had more than 3% of equivalent damping factor under one-directional cyclic
loading in elastic range.

2. Differences of axial load and of amplitude of cyclic displacement didn’t influence equivalent
damping ratio on one-directional cyclic loading in elastic range.

3. Two-directional loading and amplitude of cyclic displacement didn’t influence ratio of residual
displacement and maximum displacement of cycle.
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Abstract: Reinforced concrete (RC) buildings are vastly used in seismic prone areas in variety of building applications.
During strong ground motions, such buildings have been subjected to soft-story or column side sway failure mechanisms.
These mechanisms are characterized by the development of plastic hinges at all columns or joints of a story, leaving the
structure without significant reserve strength capacity and possibly without significant reserve deformation capacity.
Previous research efforts have shown that the column-to-beam flexural strength ratio at the joints in RC frame buildings
plays an important role in determining the building’s response to earthquake loading, including whether or not a soft story
mechanism will form.

Three basic reinforced concrete (RC) moment frame buildings, one three-story, the other six-story, and the last one nine
story were considered as study buildings. For each basic building, multiple models were created, each with a different
column-to-beam strength ratio. Six strength ratios were evaluated, ranging from 0.8 to 2.4. The strength ratio was varied by
increasing the column strength in two separate ways: (1) adding reinforcement without changing the gross dimensions; and
(2) increasing the gross dimensions and holding the reinforcement ratio constant. This gave six sets of models: (1) three-
story, constant column-to-beam stiffness ratio; (2) three-story, varied column-to-beam stiffness ratio; (3) six-story, constant
column-to-beam stiffness ratio; (4) six-story, varied column-to-beam stiffness ratio; (5) nine-story, constant column-to-
beam stiffness ratio; (6) and nine-story, varied column-to-beam stiffness ratio.

Nonlinear time history analyses of all of the model buildings were conducted under three suites of earthquakes (having
50%, 10%, and 2% probabilities of exceedence in 50 years by IDARC computer program. By conducting 540 analyses and
evaluation of story drifts, local and global damage indexes, and number and sequence of plastic hinges formation, it was
concluded that the column to beam strength ratio of two insures the most desirable performance of the buildings and
prevents the soft story mechanism from being developed. Also it was shown that increasing the column to beam strength
ratio lead to considerable decrease in overall damages in buildings, and developing considerable number of plastic hinges
before formation of mechanism in building.

1. INTRODUCTION

Reinforced concrete frames are used in modern buildings all over the world. In the past earthquakes,
some of RC frames have developed soft story mechanism in response to strong ground shaking. Soft
story mechanism involves developing plastic hinges at all columns or joints of a story, and results in an
unstable building which is not able to carry further lateral load. Several studies have shown that the
column to beam strength ratio at the joints of RC buildings is an important factor in the probability of
formation of soft story under earthquakes. ACI 318-71 (1971) requires that, the sum of the moment
strengths of the columns at the design axial load should be greater than the sum of the moment strengths
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of the beams at beam-column connections in order to ensure the plastic hinges will form in beams rather
than columns. In ACI-ASCE 352-85 (1985) the minimum column to beam strength ratio of 1.4 was
recommended. ACI-ASCE 352-91 (1991) in response to very extensive research work, recommended
that, the sum of the nominal column flexural strengths exceed the sum of the nominal beam flexural
strengths by at least 40%. ACI 318-99 (1999) requires that the sum of nominal column flexural strengths
exceed the sum of the nominal beam flexural strengths by at least 20% at beam-column connections.
According to ACI 318-2002 (2002) sum of nominal column flexural strengths must bel.2 times greater
than the sum of the nominal beam flexural strengths. In an extensive research work by Dooley and
Bracci (2001) they have also reached at ratio 2.0. Some building codes such as Mexico and New
Zealand require much larger minimum strength ratio about 2.0. In current study we have extended the
previous studies by using the performance based earthquake engineering concepts in order to examine
the column to beam strength ratio and find out the suitable ratio in the context of PBEE.

2. BUILDING DESCRIPTION

Three RC frames have been considered in this investigation. The frames have three bays, with three,
six, and nine stories respectively. The plan, elevation and beam cross section for nine storey frame has
been shown in Figure 1. All of the buildings have been deigned according to Iranian code which is
mostly same as UBC97, and ACI 318-99. In order to evaluate the effect of strength ratio on seismic
behavior different ratios have been considered. Different ratios are possible by changing all of the
parameters affecting the flexural strength of beams and columns such as f, f, , overall dimensions of
cross sections, and reinforcement percentage. In current study a simple approach has been adopted. By
maintaining f, and f, the same for all of the beams and columns we have varied strength ratio in two
ways, first by using different percentage of reinforcement for columns and keeping its dimensions
constant, which we call it constant column to beam stiffness; and second by using a constant percentage
of reinforcement while changing the column dimensions, which is called varied column to beam
stiffness in this study. It should be reminded that in constant column to beam stiffness case the stiffness
of column remains constant, because the overall dimensions of column do not change, while in varied
column to beam stiffness case the reinforcement percentage remains almost the same and stiffness
changes because of variation in cross sectional dimensions. Based on the approach outlined the two
categories of frames have been used in this study. Three, six, and nine story buildings with constant
stiffness ratio of column to beam, and three, six, and nine story buildings with varied stiffness ratio of
column to beam. Dimensions and reinforcement percentage of the columns for the case of varied
column to beam stiffness ratio of the nine storey building has been shown in Table 1. Required flexural
strength of columns for both constant and varied stiffness has been selected based on flexural strength of
beams connected to columns in joints and according to Eq. (1).

(M) —1/2%(Strength Ratio)* |(M ), + (M) (1)

col ;required

Table 2 shows the required flexural strength of columns for all of frames and all of the strength ratios
considered.

3. GROUND MOTIONS, AND REPRESENTATION OF RESULTS

In performance based engineering earthquake shaking demands are expressed in terms of ground
motion response spectra, discrete parameters that define these spectra, or suites of ground motion time
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Figure 1. Details for nine story frame, (a) plan; (b) elevation; (c) beam cross section

Table 1. Dimensions and reinforcement percentage of the columns for the
case of varied column to beam stiffness ratio of the nine storey frame

Strength M, required Columm Size Possible

P (%)

Ratio (kKN-m) (cm*cm). Reinforcement
0.8 1468 74%74 114 2.08
1.0 1835 80x80 131 2.04
1.2 2202 84%84 150 2.12
1.6 2936 93%x93 177 2.04
2.0 3670 100x100 204 2.04
2.4 4404 106x106 228 2.02

Table 2 Required flexural strength of columns for all of frames

3-sroty Bulding 6- sroty Building 9- sroty Building
Strength (M) col required Strength (ML) colrequired Strength (ML) colrequired

Ratio (kN-m) Ratio (kN-m) Ratio (kN-m)
0.8 718 0.8 1090 0.8 1468
1.0 898 1.0 1362 1.0 1835
1.2 1078 1.2 1634 1.2 2205
1.6 1437 1.6 2179 1.6 2936
2.0 1796 2.0 2724 2.0 3670
24 2155 2.4 3269 2.4 4464
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histories, depending on the analysis procedure selected. Earthquake demands are function of the
location of the building with respect to causative faults, the regional and site-specific geologic
characteristics, and the ground motion hazard level(s) required in the code. Hazard levels may be
defined on either a probabilistic or deterministic basis. Probabilistic hazards are defined in terms of the
probability that more severe demands will be experienced (probability of exceedance) in a 50-year
period. Deterministic demands are defined within a level of confidence in terms of a specific
magnitude event on a particular fault, which is most appropriate for buildings located within a few
miles of a major active fault. Probabilistic hazard levels frequently used and their corresponding mean
return periods (the average number of years between events of similar severity) are as follows:

Earthquake Having Probability of Exceedance Mean Return Period (years)

50%/50 year 72
20%/50 year 225
10%/50 year 474
2%/50 year 2,475

These mean return periods are typically rounded to 75, 225, 500, and 2,500 years, respectively.

The suit of ground motions used in this study is selected from the records developed for Los
Angeles area with certain return period for SAC Joint Venture Phase 2 Steel Project (Woodward Clyde
Federal Services, 1997). Each set of ground motions has probability of exceedence of 50%, 10%, 2%
in 50 year, respectively, and consisted of five records. Table 3 shows the ground motions having
probability of exceedence 2% in 50 year. '

We have used six sets of models: (1) three-story, constant column-to-beam stiffness ratio; (2) three-
story, varied column-to-beam stiffness ratio; (3) six-story, constant column-to-beam stiffness ratio; (4)
six-story, varied column-to-beam stiffness ratio; (5) nine-story, constant column-to-beam stiffness
ratio; (6) and nine-story, varied column-to-beam stiffness ratio. Six strength ratios have been
evaluated, ranging from 0.8 to 2.4. The combination of the six models with six different strength ratios
resulted in 36 building models, which were analyzed under five seismic excitations with probability of
exceedance of 2%,10%, and 50% in 50 years. In the process we have done 540 nonlinear time history

analyses by running IDARC-2D. Only part of the results will be shown in the following section.

Table 3. Ground motions having probability of exceedence 2% in 50 year

SAC Earthquake | Distance | Scale | Number | DT | Duration PGA
Name Record Magnitude (km) Factor | of Points | (sec) (sec) (cm/sec?)
LA23 1989 Loma Prieta 7 3.5 0.82 2500 0.01 24.99 409.95
AL24 | 1989 Loma Prieta 7 35 0.82 2500 0.01 24.99 463.76
AL25 1994 Northridge 6.7 7.5 1.29 2990 [0.005| 14.945 851.62
LA27 1994 Northridge 6.7 6.4 1.61 3000 0.02 | 59.98 908.70
LA30 1974 Tabas 7.4 1.2 1.08 2500 0.02 | 49.98 972.58
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3.1 Story drifts and overall structural damages

Response of the structures under the selected earthquake intensities has been measured by the story
drifts and overall structural damage index. IDARC determines the index based on the damage occurred
in the beams and columns. The earthquake having the probability of exceedance of 2% in 50 years, is a
rare and very intense excitation, and will be used as a controlling excitation in order to obtain a suitable
strength ratio. After establishing a suitable ratio which prevents collapse, and limits the drifts to
acceptable amounts, the same ratio will be used with less intensive earthquakes to check other
performance levels of buildings. Table 4 shows the number of instabilities occurs in the structures under
the earthquake with return period of 2475 years. It clearly shows that at the ratio of two all of the
structures do not experience any instability. Figures 2-7 show the inter story drifts for three, six, and nine
story frames in two case of constant and varied column to beam stiffness ratio, for strength ratio of two.
Inter story drift are maximum for stories 2- 3, stories 2-4, and stories 2-5 for three, six, and nine story
buildings, respectively. As can be seen inter story drifts for varied column to beam stiffness are less than
constant column to beam stiffness ratio. Also shown in Tables 5, and 6 is overall structural damage
index for strength ratio of 1.2, recommended by ACI, and 2. As the Tables show for ratio of 1.2 there are
a lot of instabilities in buildings, while for the ratio of 2 all of the buildings remain stable. We have
examined the same response parameters for earthquakes having return period of 474, and 72 years. The
trend has been found in complete agreement with the above mentioned results for earthquake with
return period of 2475. Finally we have compared maximum story drift ratio for different performance
levels. Table 7 shows that the results are in good agreement with the story drift ratio suggested by
different references Saito,Kanda, and Kanai (1998).

Table 4. Instabilities occured in the structures under the earthquake with return period of 2475 years

3 story 3 story 6 story 6 story 9 story 9 story
Strength Ratio

CCBSR | VCBSR CCBSR | VCBSR | CCBSR | VCBSR
0.8 4 4 2 2 2 3
1.0 4 3 1 1 3 2
1.2 3 2 2 1 2 1
1.6 3 1 1 1 | 1
2.0 - - - - - -
24 - - - - - -

CCBSR:constant column to beam stiffness ratio;  VCBSR:varied column to beam stiffness ratio

Table 5 Opverall structural damage index for strength ratio of 1.2

EQ 3story 3 story 6 story 6 story 9 story 9 story
CCBSR VCBSR CCBSR VCBSR CCBSR VCBSR
La23 0.135 0.128 0.096 0.096 0.075 0.083
La24 Collapse 0.344 Collapse | Collapse | Collapse | Collapse
La25 Collapse | Collapse 0.213 0.212 0.176 0.178
La27 Collapse | Collapse | Collapse 0.307 Collapse 0.331
La30 0.237 0.243 0.208 0.204 0.203 0.19
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Table 6 Overall structural damage index for strength ratio of 2

EQ 3story 3 story 6 story 6 story 9 story 9 story
CCBSR | VCBSR | CCBSR | VCBSR | CCBSR | VCBSR

La23 0.114 0.142 0.115 0.101 0.093 0.089

La24 0.231 0.208 0.275 0.247 0.245 0.224

La25 0.294 0.272 0.220 0.208 0.182 0.177

La27 0.259 0.256 0.220 0.207 0.263 0.241

La30 0.168 0.126 0.158 0.155 0.155 0.152

Table 7 Maximum story drift ratio for different performance level

i Performance of Deformation Deformation Deformation Deformation
Limit State s Current study
building ‘Criteria, Tokyo site | Criteria, Osaka site ‘Criteri‘a'Fema 273 | Criteria ATC 40
. Immediate o o -
o .| Concretecrack |  5.00E-03 4.00E-03 - 1.00E-02 1.01E-2 4E- 03
_ Occupancy : .
; - Failure of . : : ’
. Life Safety 2.00E-02 1.7E-03 - 2.00E-02 2.60E-2 1E- 02
n Structural element | e
_Stl:fuct'u‘tal Collapse of L o Vi
g 3.33E-02 3.33E-02 4.00E-02 033 — 3E-02
' ‘Stability building F Pi

3. CONCLUSIONS

. With increasing column to beam strength ratio, the number of instabilities in the structure
under maximum design earthquake, which has 2% probability of exceedance in 50 years,
decrease, and at ratio of two in both cases of constant and varied column to beam stiffness,
under all of the seismic excitations the structures remain stable.

. By increasing the strength ratio the probability of formation of plastic hinges on columns
decreases, which results in lowering the probability of developing of soft-story.

The strength ratio is more effective in the case of varied column to beam stiffness than the
constant column to beam stiffness ratio; that is the rate of decrease in column drift by
increasing the strength ratio in the first case is more than the latter case.

In all cases damage index decreases by increasing the strength ratio, and plastic hinges develop
n the beams first. ‘

Overall structural damage decreases by increasing strength ratio. The amount of decrease is

more in the case of varied column to beam stiffhess ratio.
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Abstract: Simulated seismic load tests on reinforced concrete one-way interior beam-column joints with
substandard reinforcing details typical of low-rise buildings constructed in Taiwan are described. These
substandard reinforcing details of the beam-column joints are mainly lower concrete strength and lack of
transverse reinforcement. RC jacketing offers a versatility for retrofitting those deficient buildings. The
improvement in performance of the joints rehabilitated with RC jacketing, without dowel anchors into the
concrete-to-concrete interface for preventing premature bond failure, is demonstrated. The experimental
investigation toward the effect of the interfacial bond slip is discussed in the paper. Results showed the slip
observed in newly casting concrete joint is unlikely to influence the overall seismic performance of the
jacketed sub-assemblages if being strengthened to ensure the strong-column and weak-beam mode.

1. INTRODUCTION

The study motivation came from a premature debonding normally occurred in the interface of
composite materials such as FRP or steel plates newly attached to as-built RC columns or beams for
flexural/ shear strengthening (Wang 2003, Wang and Chen 2003). What we called “premature” could
be defined that the debonding failure of such composite plates appeared in an earlier load prior to
member strength and/or in an unexpected elastic or post-yield range before ductility demand. To
prevent premature debonding failure caused by the composite-to-concrete interface, dowel anchors
installed into the interface between two different materials are normally required to prevent the
premature debonding. Similar care is taken to substandard concrete frames strengthened with the
concrete jacket as the way engineers adopt.

Although the dowel installation into the concrete-to-concrete interface is likely to prevent the
interfacial bond slip, it consumes extra labor cost and construction duration in practice. In Taiwan,
dowel anchors are normally required prior to the application of RC jacketing. This is due to a
conservative consideration as previously mentioned. However, how much of the new-to-old concrete
interfacial slip, especially in the joint core, will influence the overall seismic performance of the
jacketed frames is more concerned in the study.

A recent study carried out by the authors (Wang and Lee 2004) was an investigation onto the
seismic behavior of non-ductile RC beam-column joints retrofitted with RC jacketing. The paper only
involved a part of results to deal with the effect of the new-to-old concrete interfacial bond slip in the
joint core. Seven tested joint sub-assemblages were chosen for discussion.

2. TEST PROGRAM
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2.1 Details of the Test Units

Two series of beam-column joint sub-assemblages, series-Ko and series-Ho, were presented in the
paper. Table 1 and Figure 1 depict the details of test units and material properties. All units including
retrofitted units were cast in the horizontal plane. The thickness of 100 mm of RC jacketing was taken
into account.

Table 1 Details of Tested Beam-Column Joint Sub-assemblages

Test series Ko Ho
Unit Ko-JI1 Ko-JI2 | Ko-JIR1 | Ko-JIR2 Ho-JI1  |Ho-JIR1 | Ho-JIR2
As-built Retrofit | Retrofit Retrofit As-built | Retrofit Retrofit
Applied axial load, f’A, 0.14 None None 0.14 None
Concrete casting time(s) 1 1 2 2 1 2 2
h. ,mm 300 500 500 500 400 600 600
b, mm 300 500 500 500 400 600 600
Column Rebar 6D25 | 6D25 | 6D25 | 6D25 8-D25 8D25 | 8D25
(as-built)
Rebar
- 4-D25 4-D25 4-D25 4-D25 4-D25 4-D25
(retrofit)
Jacket Thickness (mm) - 100 100 100 - 100 100
h,, mm 500 500 500 500 400 400 400
Beam by, mm 300 300 300 300 300 300 300
Rebar 4-D25up 4-D25 4-D25 4-D25 4-D19up 4-D19 4-D19
4-D25low | 4-D25 4-D25 4-D25 4-D19low 4-D19 4-D19
As-built 32 32 32 32 27 27 27
£, MPa Retrofit - 32 25 25 - 24 49
Average® -- 32 28 28 -- 25 38
f,, MPa 533 (D25), 554(D10) 541(D25), 514(D19), 471(D10)

®
©)]

Averaged concrete strength adopted from root square of Eq. (1).
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Figure 1 Details of Tested Beam-Column Joints: (a) As-built Units, and (b) RC Jacketed Units.

When estimating joint shear strength of the jacketed units, a consistent concrete strength in the
joint cores was adopted by means of a root-mean rule (Alcocer and Jirsa 1993), stipulated in Eq. (1).
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where A4; is overall joint core area in the case of jacketed units. f’;; is the weighted average concrete
strength. A; is the gross area of existing column. f’;; is the concrete strength in existing column at
joint. A is the area of column jacket included in the joint core, equaling to 4; - 4;. f’. > is the concrete
strength in jacketed column at joint.

Series-Ko units were designed to joint shear failure mode whereas series-Ho units were designed
to beam-end flexural hinging mode. The purpose of Ko-units was to examine the effect of new-to-old
concrete interfacial slip on joint shear strengths. Ko-units except Ko-JI2 were retrofitted by RC
jacketing without installing dowel anchors into concrete interface. Those retrofitted units needed to
cast concrete for two times. However, unit Ko-JI2 with the part of RC jacket cast concrete in a time to
simulate the jacketed concrete with a perfectly interfacial bond condition. The bond slip effect on joint
- shear strength could be observed by means of comparing two units, Ko-JI2 and Ko-JIR1. Meanwhile,
units Ko-JI1 and Ko-JIR2 were subjected to a constantly axial column load to inspect the influence of
vertical load on the behavior of the beam-column joints.

Series-Ho units were selected to verify the seismic performance of the non-ductile concrete
beam-column joints retrofitted with concrete jacketing. The joint shear failure of the prototype unit
Ho-JI1 was expected to occur due to the substandard details in joint with low concrete strength and
without transverse reinforcement. Then, the non-ductile frame was rehabilitated with RC jacketing to
ensure a strong-column and weak-beam failure mode as represented in units Ho-JIR1 & 2. The
new-to-old concrete interface was treated without dowel anchors similar to units Ko-JIR1 & 2. Note
that the design of jacketed columns of longitudinal and transverse reinforcement were adopted
according to ACI 318-02 (ACI 2002), except to check jacketed joint area. The joint shear strengths for
all units, Ko-series and Ho-series, were examined by joint shear degradation model (Park 1997) That
is the capacity of joint shear strength vin of Eq. (2) is taken into account.

——— <15\/f (MPa) 2)

Where, for interior joint, k=1.0. N is the axial compressive load acting on the column. A4, is gross area
of column. f. is probable compressive cylinder strength of concrete, taking average from Eq. (1) if
having two different joint concrete strengths.

2.2  Test Set-up

Load N
p et Load _ electrical type
§ hydranic  -$ ﬂ: g niv;;]ir:.g;gld dlspla@ent gage
2 | actuator ~ jcolumn 07sP f\ E =t interfac poly-
-% oy 0.5P i~ A l el eriace ethylene
8 beam osP VV\[\ N i yeles [ (
4 S ad 0.75R [T }f ) f beam l
Lnal;:l gea" Load | Dis !aceme t u=3 / ]
ce Control Control
strong floor
Figure 2 Test Set-up and Loading Sequence. Figure 3 Measurement of Joint Shear Strain.

Figure 2 shows the test set-up and test sequence. During testing, load controlled cycles were
initially imposed to the units to find the secant stiffness and horizontal displacement at 75% of the
estimated flexural capacity of the beam in each direction of loading. Displacement controlled cycles
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were then applied to the units when loaded beyond the elastic range. These cycles were controlled in
terms of the displacement ductility, u, which is defined as the ratio of the applied horizontal
displacement A to the displacement at first yield of beams A,. The displacement at first yield is defined
as 4/3 times the horizontal displacement observed in the load-controlled cycles to 75% of flexural
strength capacity of beams. Horizontal displacements were measured at the point of application of
loading. Figure 3 displays a diagram of joint shear strain measurement. The joint shear strains were
developed by two diagonal gage strains attained during testing.

3. EXPERIMENTAL RESULTS

3.1 General Behavior

The column shear versus lateral displacement and the failure mode at the end of testing are

represented in Figure 4. Due to two different series, the results are described in the following two
parts.

(a) Ko-J11 (b) Ko-JI2 (c) Ko-JIR1 (d) Ko-JIR2
30

150

o

o
&)
o

w
o

-
(4
o

story height, mm
Ko=2580
Ho=2400

Column shear, kN

o

-150

-300 _
10 5 0 5 10 5 0 5 10 B o 5 10 5 0

drift ratio, %

(¢) Ho-J11 (f) Ho-JIR1 (g) Ho-TIR2

Figure 4 Hysterias Loop and Failure Mode at the End of Test.

Series-Ko Units

The series units were designed to joint shear failure as expected, see Figures 4 (a) to (d). In Ko-JI1
with 0.14f° A, constantly axial load, story column shear starts degrading when maximum column
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shear of 134 kN reached at 2% drift ratio. Thus in the following drift ratio, shear pinching was
developed due to occurrence of joint shear failure. In Ko-JI2 without axial load, maximum column
shear of 321 kN was attained and maintained until 3% drift ratio to the negative cycle, when
afterwards shear pinching began. Note that Ko-JI2 cast concrete in a time to simulate the retrofitted
frame with perfect bond in the interface between new and old concrete joint. It means no interfacial
bond slip occurred during joint shear degradation. Ko-JIR1 has similar details to Ko-JI2 except
concrete casting times (see Table 1). The maximum column shear of 290 kN, lower than Ko-JI12, was
attained at about 3% drift ratio. In Ko-JIR2 with axial load of 0.14f’.A,, a similar maximum column
shear of 289 kN to Ko-JIR1 was obtained but an earlier shear degradation was generated after about
2% of drift ratio. The difference of tendency in shear degradation between Ko-JIR1 (3% drift ratio)
and Ko-JIR2 (2% drift ratio) probably resorted to the effects of interfacial bond slip or/and axially
compressive load.

Series-Ho Units

The series was designed to confirm the seismic performance of non-ductile beam-column joints
rehabilitated with RC jacketing. Jacketing scheme was similar to Series-Ko that no dowel anchors
were provided to the new-to-old concrete interface. It can be seen in Figures () to (g) that as-built unit
Ho-JI1 was loaded to joint shear failure whereas jacketed units Ho-JIR1 and Ho-JIR2 were damaged
to flexural hinging occurred at the ends of beams. That is, the RC jacketing scheme proposed by the
study can improve non-ductile frame with joint shear failure to ductile one that code requirement of
strong-column and weak-beam mode is ensured. The difference between Ho-JIR1 and Ho-JIR2 is
jacket concrete strength, see Table 1, with normal and higher concrete strength, respectively. Both
retrofitted units repealed a similar seismic behavior as beam-end flexural hinging developed. It is
worth mentioning that original jacket thickness 70 mm was evaluated according to imposed joint shear
force when beam hinging mode with steel post-yielding of 1.2 f, was desired. 100 mm in lieu of 70
mm thick jacket was then adopted due to the construction problem.

3.2 Effect of Concrete Interfacial Slip on Joint

Table 2 Results of Imposed Column and Joint Shear

Ko-JI1 Ko-JI2 Ko-JIR1 | Ko-JIR2 Ho-JI1 Ho-JIR1 | Ho-JIR2 | Limit by
As-built Retrofit Retrofit Retrofit As-built Retrofit Retrofit Park™”’
. . . . . . Beam Beam
Failure mode Joint shear | Joint shear | Joint shear | Joint shear | Joint shear
flexure flexure
f’(MPa) 32 32 28 28 26 25 38
1 h
Column shear 134 321 290 289 148 200 200
Ve (kKN)
1 h
Column shear stress |~ 13 12 12 0.93 0.56 0.56
Voot (MPa)
Veor /VEC 0.27 0.23 0.23 0.23 0.18 0.11 0.09 0.29
Joint shear Vj,(kIN) 759 1383 1277 1425 893 1145 1166
int sh tr
Joint shear stress 8.4 553 5.8 5.88 5.58 3.18 474
vip (MPa)
vy i @ - 1.0 1.0 - 1.09 0.64 0.77 1.0
n 15 - - 1.11 - - - 1.33

@) The value presented in lower level means the column subjected to 0.14fc’Ag axial compressive load. Otherwise for no axial

compressive load, the value was marked in upper level.
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Imposed maximum column and joint shear were reduced from raw data as presented in Table 2.
Figure 5 displays two sequences of joint shear strain measured in as-built old concrete and newly
casting concrete joint, respectively. In the section, special care will be taken to joint shear behavior.

| max. Joint strengh reached | [shear degradation starts ] P
. |

(b)Ko-JIR1 !
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Figure 5 Measured Joint Shear Strain in As-built and Newly Jacketed Concrete Joints

In order to waive the effect of concrete strength, the imposed joint shear stresses were normalized
by the ratio of \/fT , referring shear degradation model proposed by Park (1997) as stipulated in Eq.
(2), to represent the joint shear strength. Comparing the units without applying axial load and with
shear failure mode, i.e. Ko-JI2, Ko-JIR1, and Ho-JI1, Park’s model (1997) of 1.0 fc' of interior joint
shear capacity agreed test results very well as depicted in Table 2.

In Figure 5, Ko-JIR1 showed an obviously relative concrete slip in joint core but it had same joint
shear strength with Ko-JI2. It repealed that the shear strength of the jacketed joint was able to be
sustained by means of the interlocking of concrete-to-concrete interface, which is similar to the -
aggregate interlocking mechanism in diagonal shear cracks (Park and Paulay 1975). Both units Ko-J12
and Ko-JIR1 had similar tendency of shear degradation that the maximum joint shear strength was
lasted from 2% to 3% of drift ratio. Therefore, it was concluded that the interfacial slip of concrete
jacket did not influence the overall seismic performance of the retrofitted frame.

For the jacketed units, Ho-JIR1 and Ho-JIR2, with the failure mode of beam-end hinging as
depicted in Figure 5 (d) and (e), the smaller joint shear stresses (see Table 2) than the stresses imposed
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to series-Ko units lead to consistent reaction of joint shear strains measured in new and old concrete
joint. The slip is sure not be created in such jacketed frames if ductile behavior is confirmed.

The effect of axially compressive load on jacketed joint can be seen in the comparison between
Ko-JIR1 and Ko-JIR2, as shown in Table 2 and Figures 5 (b) and (c). The relatively interfacial slip for
Ko-JIR2 is much smaller and the joint shear strength is higher. That is, axial load with the load level of
0.14fC’Ag can hamper the jacketed concrete slip generated in joint core and improve the ability of joint
shear resistance. However, one bad effect was found that the tendency of shear degradation was
developed at 2% drift ratio when the maximum shear strength reached. Also, this phenomenon is
similar to as-built unit Ko-JI1, which has the same axial load level with Ko-JIR2.

4. CONCLUSIONS

The project of non-ductile beam-column joints rehabilitated with RC jacketing is still underway to
find an adequate consideration of the retrofit scheme for engineering purpose. The concrete jacket
without installing dowel anchors to as-built column and joint, as a view of lowering labor work, was
proposed in the study. Some brief conclusions are:

1. RC jacketing applied to columns can effectively improve the frame with substandard joint details
to a ductile behavior.

2. The interfacial bond slip observed in newly casting concrete joint is unlikely to influence the
overall seismic performance of beam-column joints retrofitted with the RC jacketing.

3. The effect of axially compressive load on hampering the slip of the jacketed concrete in joint and
increasing the joint shear strength is positively confirmed. However, the joint shear degradation
might occur earlier.

4. Further tests on as-built and/or concrete jacketed beam-column joints, subjected to different axial
load levels, without or with little shear reinforcement, needed to calibrate the assessment model
of joint shear degradation.
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Abstract:  Static analysis using 2D lattice model considering cyclic stress-strain relationships of concrete is
performed on the shear failure of RC columns. The lattice model can predict the shear carrying capacity of
RC columns accurately. Analytical target is 1/3-scale model of a RC column, tested by Xiao, Seible et al.
(1993) at the University of California, San Diego. Analytical study for the shear resisting mechanism is
carried out by separating flexural and shear deformations and by noting the stress-strain relationships of each
component in the lattice model. It is found out that the updated lattice model can predict on the
energy-absorption performance at inelastic region highly accurately. In addition, it is revealed that the shear
failure in the analysis will happen when the compressive softening behavior of concrete occurs.

1. INTRODUCTION

Kobe earthquake on January 1995 in Japan caused destructive damage to various structures,
including reinforced concrete (RC) structures. The observations following this earthquake showed that
the main causes of severe collapses were due to the shear failure and the insufficient ductility of
structures. Therefore, we reconfirmed the importance of high energy-absorption performance at
inelastic region after the longitudinal reinforcement yields. In the design of RC bridge piers, the
analytical study for seismic response of RC structures subjected to earthquake motion is necessary.
Because of these reasons, in recent years, several significant progresses of the analytical technique for
concrete structures have been achieved. In addition, the rapid development of computer technology
brought to the reduction of the time required for the analysis and the high accuracy to incorporate
more realistic material constitutive model.

To clarify the resisting mechanism for RC members, the lattice model is used in this study. The
lattice model discretes a RC member into truss elements. The lattice model is an objective and simple
procedure, which can be used to explain the shear resisting mechanism for RC members. Appropriate
stress-strain relationship considering nonlinearity is incorporated into each member of the lattice
model. In order to suitably describe the performance of energy-performance, it is important to deal
with nonlinearity of unloading and reloading paths. However, the conventional analysis is insufficient
on the field of unloading and reloading paths of concrete. The aim of this study is to incorporate the
updated stress-strain relationship of concrete into the analysis.

To carry out the shear analysis and to clarify the shear resisting mechanism for RC columns,
1/3-scale model of RC column tested by Xiao, Seible et al. (1993) at the University of California, San
Diego was selected as analytical target.
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2. ANALYTICAL MODEL

2.1 Outlines of Lattice Model

The lattice model consists of members of concrete and reinforcement, as demonstrated in Figure 1.
The column subjected to the load from left hand side is shown. In a RC column, the concrete is
modeled into flexural compression members, flexural tension members, diagonal compression
members, diagonal tension members, horizontal members and two arch members. The longitudinal
and transverse reinforcements are modeled into vertical and horizontal members, respectively. The
diagonal members are regularly arranged with the inclined angles of 45 and 135 degrees with respect
to the longitudinal axis of the column. The arch members connecting the nodes at the opposite
diagonal corners between the loading point and the bottom of the column are arranged according to
the direction of the internal compressive stress flow.

Figure 2 1llustrates a schematic diagram of cross section of a RC column. The concrete is divided
into the truss part and the arch part. When the value of t is defined as a ratio of the width of arch part to
the width of cross section, the widths of the arch part and the truss part are given as bXt and b X (1-t),
respectively where t is in the range from 0 to 1. The value of t is determined based on the theorem of
the minimization of the total potential energy for the lattice model with the initial elastic stiffness. The
total potential energy is obtained from the difference between the summations of the strain energy in
each element and the external work. The pre-analysis using the lattice model is carried out to the total
potential energy.

2.2 Material Constitutive Models
(1) Steel Model

The envelope curve for the stress-strain relationship of reinforcing bars is modeled as bi-linear in
which the tangential stiffness after yielding is 0.01 E;, where E; denotes Young’s modulus. After
yielding, the stiffness of reinforcing bars decreases when the stress state changes from tension to
compression, while the similar behavior is observed when the stress state changes from compression
to tension. In the analysis, by using Fukuura’s model (1997), this phenomenon, so-called Bauschinger
effect, 1s considered by the numerical model of reinforcing bars. In addition, in order to evaluate the
buckling behavior of longitudinal reinforcing bars, the buckling model proposed by Dhakal (2000) is
adopted.
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Figure 1 Outlines of 2D lattice Figure 2 Cross section of RC column
model modeled by 2D lattice

- 168 -



(2) Envelope Curve of Concrete

In order to consider the effect of lateral 4R
confinement of concrete due to suitable
arrangement of transverse reinforcement, the
stress-strain  relationship of  confined
concrete proposed by Mander et al. (1988) is
applied to the diagonal compression
members and the arch members in the lattice
model. For cracked concrete, the
compressive softening behavior of concrete
proposed by Vecchio and Collins (1986) is
considered. The ability of cracked concrete
to resist compressive stress decreases as the

A 4

fe

transverse tensile strain increases. For the Figure 3 Conventional concrete model

flexural =~ compression members, the -

stress-strain relationship represented by the c A®1 ;
p 1ep y A From Tension

parabolic curve is used.

For the flexural tension members of
concrete, which are provided near
reinforcing bars, the tension-stiffening
model (Okamura and Maekawa 1991) is
applied considering the bond effect between
the concrete and reinforcing bars. On the
other hand, for the diagonal tension
members, 1/4 tension softening model
(Rokugo et al. 1989) is applied.
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(3) Conventional and Updated Cyclic

Stress-Strain Relationships of Concrete D

Figure 3 demonstrates conventional
cyclic stress-strain relationships. In the
unloading path of compression, the stress 0> E 5> Co>P—T—
was assumed to decrease with the initial Fo>H—>J > C>D-
stiffness, E.. The reloading curve was B> G

RouteI F

assumed to follow the same path as the Route Il J,
unloading one, that is, the decrease in the
stiffness due to reversed cyclic loading was
not taken into account for simplicity. In the
tensile model of concrete, the unloading path
was assumed to fall directly to the origin and
the reloading path was assumed to follow the
unloading path.

To improve the cyclic behavior of
concrete under both compression and
tension, the cyclic stress-strain relationships
proposed by Naganuma et al. (2000) are
used in the lattice model. Figure 4 shows the updated cyclic stress-strain relationships. The
compressive model can evaluate the decrease in the stiffness of concrete during unloading and
reloading pathes as the maximum compressive strain increases. The detailed scheme about the
unloading and reloading hysteresis of internal curves is abstractly illustrated in Figure 5. In the
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Figure 4 Updated concrete model
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Figure 5 Detailed rules for internal loops of updated compressive model

unloading and reloading hysteresis, the path is reset when the strain exceeds the point of stress oc
(Common point, Figure 5) and the plastic strain of concrete in compression, &, is calculated again.
On the other hand, during the internal state where the strain does not exceed the point of stress o, the
unloading path is assumed to proceed to the state of plastic strain calculated in the previous calculation
step.

For the tensile model of concrete, the unloading path is assumed to fall according to the stiffness
as represented by the following equation.

Ep=1522F, 1)
&

tmax
where Ey.q is the stiffness in the tensile stress-tensile strain relationship of concrete immediately
after the transition from loading to unloading. In addition, &, and E,, are the strain corresponding
to the tensile strength of concrete and the initial stiffness in the tensile stress-tensile strain curve of
concrete.

In the loading process from tension to compression, the closure of cracks is generated due to the
loss of the load. On closing of cracks, the compressive stress is transmitted to the concrete across the
crack surface. Hence the two crack surfaces make contact with each other even though the strain of the
concrete becomes zero. The stress-strain model for the contact of crack surfaces is represented by the
following logarithm function.

O'=(loge(8+a)+b)-c 2)

where a, b, and ¢ are constants. These constants are determined from the condition that the curve
passes through the points at the plastic strain in tension and at the stress represented by Equation (3).

o, = -[1.0 +0.02 (MD f | 3)

cr

where, & imq 15 the maximum tensile strain of concrete during loading hysteresis. Similarly, &, is the
strain corresponding to the tensile strength of concrete, f .

3. EXPERIMENTAL SETUP AND THE LATTICE MODEL

3.1 Experimental Setup

A series of 1/3-scale models of RC bridge columns were tested by Xiao et al. (1993) at the
University of California, San Diego. The tested columns of target analysis had different strengths of
longitudinal and transverse reinforcements and the shear span to effective depth ratio. Because of these
conditions, all columns had relatively low shear carrying capacity. We focused on the column R-3.
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Figure 6 shows the column R-3. The cross section of the column was 610 mm width and 410 mm
depth. The column was 2440 mm height. All reinforcing bars had minimum concrete covering of 25
mm. The longitudinal reinforcement had the yield strength of 469 N/mm?”. The yield strength of
transverse reinforcement was 324 N/mm”. The compressive strength of concrete was 34.1 N/mm>.

During the loading test, the footing of the column was fixed laterally against slip and rotation.
The lateral cyclic displacement is applied to the top of the column while the double bending prevents
the rotation. The amplitude of the lateral displacement was increased step wisely during the test.
Throughout the test, a constant axial compressive load of 507 kN was applied at the top of the column
to simulate the weight of a superstructure. Since the column R-3 had stronger longitudinal
reinforcement and weaker transverse reinforcement, pronounced shear failure happened. Figure 7
shows the crack patterns of R-3 at its final loading stage. The major diagonal shear cracks were
formed near the top and bottom of the column.

3.2 Configuration of Lattice Model

The 2D static lattice model and the boundary conditions used in the analysis are illustrated in
Figure 8. Since the columns subjected to lateral cyclic loads at its top in the condition of preventing
the rotation, the arch members are installed according to a moment distribution as illustrated in Figure 8.
A constant axial compressive load is applied throughout the analysis in order to simulate the vertical
load in the experiment. The lateral load is applied through controlled displacements in the horizontal
direction. In order to prevent the rotation during additional lateral load, the elastic elements are utilized
as a loading stub in the analysis. This loading condition prevents the rotation at the top of the column
while allowing free vertical displacement.

4. ANALYTICAL RESULTS AND DISCUSSIONS

4.1 Load-Displacement Relationship

The nonlinear analysis by 2D static lattice model is carried out. Figure 9 shows the
load-displacement relationships of the column R-3 obtained from the experiment and the lattice model
analysis. In the experiment, the column R-3 was found to fail in a brittle shear failure at the
displacement ductility 1.5, followed by the severely pinched response. It is also clear from Figure 9
that the failure is attributed to shear in the analytical results. That is, the lattice model analysis is able
to capture the brittle shear failure of RC members. On the other hand, residual displacement in the
analytical load-displacement relationship with updated model of concrete is found to be smaller than
that with conventional model. The reason is that the updated model considers the decrease in the

-171-



900 . K 900

Experiment Analysis with
600 ] 600  ypdated model
g 300 g 300 ¢
Q 103
& 0 g 0
g -300 § 2300 |
[u} 1
600 | 600 |
-900 . . -900 . .
-70 -35 0 35 70 -70 -35 0 35 70
Lateral displacement (mm}) Lateral displacement (mm)
900 . T 900 T
Analysis with Analysis and
600 | conventional model 1 600 - Experiment
£ 300 ¢ £ 300 t
3 8
5 0 & 0
= s
g 300 t % -300
~ meww= Experiment
-600 |- ] -600 — Analysis
-900 : : -900 : ' |
-70 -35 0 35 70 -70 -35 0 35 70
Lateral displacement (mm) Lateral displacement (mm)

Figure 9 Load-displacement relationships

stiffness on the compression model. Hence, residual compressive strain in the analytical stress-strain
relationships of each component with updated model is less than that of conventional model.

4.2 Fexural and Shear Deformations

To understand the behavior of the shear-dominated RC column, the total horizontal displacement
at the top of the column is separated into flexural and shear components. In the experiment, this can be
obtained by separated displacements from the three portions of horizontal, vertical and diagonal
measurements throughout the column height as illustrated in Figure 7. In the analysis, the scheme to
separate the deformation into flexural and shear components performed by Ueda et al. (2002) is
applied. In this study, the horizontal displacements of each layer in the 2D lattice model are calculated
as schematically shown in Figure 10. The shear deformation at the top of the column can be obtained
by the integration throughout the column height. On the other hand, the flexural deformation at the top
of the column is calculated by subtracting the shear deformation from the total horizontal deformation.
The experimental and analytical results of the flexural and shear deformations of the column R-3 are
illustrated in Figure 11. It is found that the analytical results show the same tendency with the
experimental result. That is, in the analysis, the shear deformation preceding the shear failure is found
to increase more rapidly than the flexural deformation. From this analyt1cal observation, we can come
to the conclusion that this failure was the shear failure.

4.3 Shear Resisting Mechanism

In order to discuss the shear-resisting mechanism of the column that showed the shear failure, we
note the stress-strain relationships of each component in the lattice model. To express the decrease in
the shear carrying capacity in connection with the development of the diagonal crack, the compression
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Figure 11 Component of flexural and shear deformations

softening behavior was considered in the diagonal compression members and arch members. Figure
12 illustrates the stress-strain relationship of each concrete member of the column R-3. As shown in
the case of the lateral displacement at 38 mm (peak load, Figure 9), the arch member and the diagonal
compression member exhibit the peak stress. On the other hand, the flexural member does not exhibit
the peak stress. It is found that at the lateral displacement at 65 mm (post peak, Figure 9), the arch
member and the diagonal compression member show compression softening behavior in connection
with the increase in the tension strain in the diagonal tension member. Then, the flexural member
shows pre-peak stress. Through these analytical results, it is found that the rapid compression
softening behavior of the arch member and the diagonal compression member damaged by shear force,
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Figure 12  Stress-strain relationship in each concrete member

lead to the brittle shear failure.

5. CONCLUSIONS

The lattice model analysis is carried out to simulate the behavior of the shear-dominated RC
column tested by Xiao, Seible et al. (1993). In the analysis, the updated stress-strain relationship of
concrete 1s incorporated. The conclusions of this study can be drawn out as follows:

(1) Considering the realistic cyclic behavior of concrete under both compression and tension, the
prediction of residual displacement is improved.

(2) The shear deformation preceding the shear failure is found to increase more rapidly than the
flexural deformation.

(3) The shear failure in the analysis is predicted to happen when the compressive softening behavior
of concrete occurs.
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Abstract: This paper describes the field visit to Sri Lanka to inspect the effects of the tsunami which
resulted from the Sumatra earthquake of December 26, 2004.  The team from Tokyo Institute of Technology
was the first international team of scientists to visit Sri Lanka to gather data about the effects of the tsunami.
It is expected that the data reported in this paper will be useful for researchers to calibrate their tsunami
simulation models.

1. INTRODUCTION

The essential details of the Sumatra earthquake are as follows: Magnitude: 9.0; Time: December
26, 2004 at 00:58:53 (Coordinated Universal Time); Local time at epicenter: December 26, 2004 at
7:58:53 AM; Location: 3.3°'N 9.9°E; depth: 33 kim; Region: off the West coast of Northern Sumatra.
This is the fourth largest earthquake in the world since 1900 and is the largest since the 1964 Prince
William Sound, Alaska earthquake. The tsunami generated by the Sumatra earthquake resulted in
more casualties than any previous tsunami (USGS, 2004). Due to the earthquake and tsunami around
200,000 people lost their lives in Indonesia. The other countries that reported a large number of
casualties due to the tsunami were Sri Lanka — around 30,000, India — around 11,000 and Thailand —
around 6,000. The location of the epicenter and surrounding countries are shown in Fig. 1.

2. PREPARATIONS AND PLANNING BEFORE ARRIVING IN SRI LANKA

The Sumatra earthquake occurred on December 26, 2004 which was a Sunday. In the evening of
December 27 (Mon), Prof. Tatsuo Ohmachi, COE Program Leader Center for Urban Earthquake
Engineering (CUEE) suggested that a team from Tokyo Institute of Technology make a trip to Sri
Lanka to gather data from the affected areas. On the same day Prof. Kohji Tokimatsu, COE Program
Sub-Leader agreed that such a trip should be carried out and it was decided that the team members
would be the three authors of this paper, Anil C. Wijeyewickrema (ACW), Shusaku Inoue (SI), and
Toru Sekiguchi (TS).

The next day Dec 28 (Tue) the team members had a meeting to and it was agreed that ACW would
see about the arrangements in Sri Lanka and that SI would see about the airline tickets and that the
team would leave for Sri Lanka on Dec. 29 (Wed). E-mails were sent and calls were also made to
academics in Sri Lanka known to ACW, to find out whether any of them could also assist with the data
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international organizations were arriving or had arrived to assist in relief operations, and tourists
already in Sri Lanka whose vacation plans were disrupted were coming to Colombo from the tsunami
affected areas. Finally ACW was able to make reservations in a small tourist inn in Mount Lavinia
through a friend who knew the owner. The next task was to get some academics from University of
Moratuwa (UM) which is one of the best Engineering Universities in Sri Lanka to agree to join the
field visit. Although e-mails were sent to Dr. U. G. A. Puswewala and Dr. Priyantha Gunaratna of
UM, attempts to reach them by phone were not successful. Fortunately, ACW was able to get in
touch by phone with a graduate student Mr. Manoj Madurapperuma from UM who had applied to
Tokyo Tech to continue his graduate studies. Mr. Manoj was requested to organize a van capable of
carrying a minimum of six persons with a driver.

Not knowing exactly what the ground situation was like in the affected areas it was decided to take
face-masks and rubber gloves to Sri Lanka. At Narita Airport a few face-masks were purchased but
rubber gloves were not available. Since the flight to Colombo was via Singapore a box of rubber
gloves were purchased at the Singapore airport.

3. ARRIVALIN SRI LANKA AND PREPARING FOR THE TRIP

We left Narita at 11:30 on Dec 29 (Wed), arrived in Singapore at 1800, left Singapore at 2240 and
arrived in Sri Lanka at 0020 on Dec 30 (Thu). We checked in to the 'Tropic Inn' in Mount Lavinia
which is just South of Colombo around 0200.

In the morning of Dec 30 (Thu) a meeting was held at University of Moratuwa (UM) which is
located South of Mount Lavina and about 20-30 minutes by van. Those participating in the. meeting
were Prof. Samantha Hettiarachi, Prof. Priyan Dias, Dr. U. G. A. Puswewala, Dr. Priyantha Gunaratna
and Mr. Manoj Madurapperuma from UM and the three team members from Japan. The discussion
centered on which parts of Sri Lanka would be accessible by road and which parts could be covered
within the time available. The areas that were badly affected by the tsunami were the SW, S, SE, E
and NE parts of Sri Lanka. Some sections of the main highway from Colombo to the South (called
Galle Road as it goes through that town) had been closed by the government because of damage
caused to the highway by the tsunami. But now most of this highway was open and only a few
detours were expected. It was decided that the team would leave Colombo on Dec. 31 (Fri) and go
South hopefully upto Yala National park in the SE. Dr. Priyantha Gunaratna and Mr. Manoj
Madurapperuma agreed to join the field visit.

Dr. Priyantha also agreed to arrange for accommodation at University of Ruhuna on Dec. 31 (Fri).
Due to inadequate information about the availability of food and drinking water in the tsunami
affected areas it was decided that all necessary supplies including food and drinking water would be
purchased in Colombo and taken in the van.

4. FIELD VISIT ROUTE

The field visit commenced on Dec 31 (Fri) in the moring and we headed South from Mount
Lavina along the main Colombo-Hambantota highway. The main cities that were visited to gather
data are indicated in Fig. 2. A section of the highway close to Seenigama where a train was swept off
the train tracks by the tsunami was closed, and a detour had to be made to arrive in Hikkaduwa, and
then we went North to Seenigama to inspect the train wreckage. On Dec 31 (Fri) night we stayed at
the faculty guest house of the University of Ruhuna which is located in Hapugala, East of Galle town.
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The next day the field visit continued from Galle upto Hambantota where the field visit ended, since

the highway goes away from the coast at Hambantota.

shown in Fig. 3.

79 E

9'N

Dec. 31, 2004
10:00 Mt. Lavini a8'N

10:45 Moratuwa \

11:00 Panadura ~<

12:50 Beruwala ——————_

15:00 Bentota — .|

1

18:30 Seenigama —

17:05 Hikkaduwa

- £l
im

5N

Fig. 2. Field visit route.
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Fig. 3. Field visit team members: (from left to right) Rohana (driver), Manoj Madurapperuma, Shusaku Inoue,

Priyantha Gunaratna and Anil C. Wijeyewickrema. In the inset is Toru Sekiguchi.



5. SUMMARY OF THE TSUNAMI DAMAGE

The damage due to the tsunami is shown in Figs. 4-14. In general, the damage caused by the
tsunami was most severe in regions between Galle and Hambantota and extended several hundred
meters from the coast. However it was observed that the damage caused was not uniform with some
areas having only, minor damage. Most of the houses that were damaged were masonry houses.
But in some instances the more recently constructed housed seemed to have sustained les damage.
Damage to houses have been mainly due to the tsunami wave pressure but some houses have been
damaged due to boats, trees and vehicles that were swept away by the tsunami.

The Colombo-Matara rail tracks run mostly along the coast. Damage to train tracks were
observed in many places. The only train that was swept away was stopped between stations when
the tsunami struck and around 1,000 people are estimated to have lost their lives due to this incident
(see Fig. 9).

Fig. 4. South Moratuwa: Tsunami came from the left, houses on both sides of the rail tracks were destroyed.

Fig. 5. Beruwala Fishery Harbor: Many boats in the harbor had been damaged.
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Fig. 6. South Bentota: Coastal region is covered by palms and bushes, not much damage could be observed.

Fig. 7. North Ambalangoda: Electric poles lean to the right, rail tracks had been damaged.

Fig. 8. Hikkaduwa: Boat was swept into the hotel, outside wall of the hotel was broken, but the hotel was not
destroyed.
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Fig. 9. Seenigama: Though this area is inland about 200m from the coastal line, express train was washed away
by tsunami and about 1,000 people lost their lives.

Fig. 10. Galle Fort: Galle Fort is a peninsula in the center of Galle city which was one of the most damaged
cities. The interior of Galle Fort was safe from the tsunami due to the 5-6 m high walls of the Fort.

Fig. 11. Talpe: An inland area away from the sea. The overturned lorry on the left was swept away from the
right where another lorry can be seen.
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Fig. 12. Matara: (Top) Inside of St. Mary's church which is located near the coast, the water level reached

up to the feet of the crucifix. (Bottom) Coastal area outside

island was shaved by the tsunami.

Fig. 13. Tangalla: Normal view on
left, waves due to tsunami
on right (photo on right
courtesy of Tangalla guest
house).
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Fig.14. Hambantota: Masonry Louses located within a few hundred meters from the coast were completely
destroyed, a few more recently constructed houses had less damage.

6. EYEWITNESS AND ARRIVAL TIME OF TSUNAMI

In this investigation one of the main objectives was to interview people who had witnessed the
tsunami and record their observations before they forget details such as arrival times. The arrival
times obtained from this field trip are shown in Fig. 15, together with some data from Chapman (2004).
The eyewitness accounts of arrival times are not necessarily accurate as some witnesses did not have
watches and some witnesses did not see all the waves. It is most likely that there were one or two
waves before the biggest wave. Each wave period was about 30 minutes. Before the biggest wave
arrived the water receded for several hundred meters in some locations and the wave height of the
biggest wave is estimated to have been 5-6 meters.
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Fig. 15. Tsunami arrival time from eyewitness accounts. In this figure, date from Chapman (2004) is also
included.

7. CONCLUDING REMARKS

Difficulties encountered during data gathering:

When questioned about wave arrival times, different villagers would give different wave arrival
times as many persons do not use watches. Obviously more accurate wave arrival times could be
obtained from tidal wave gauges and efforts are being made to get such records from the appropriate
government organizations, if available. Some villagers were requesting financial assistance to
purchase food etc. Such requests were politely declined by explaining that the team mission was
scientific and not a relief operation, as otherwise crowds would rapidly gather for handouts and it
would be impossible to gather data. Some villagers who had lost family members and or dwelling
places were too traumatized to give useful answers.

The team rested on Jan. 02 (Sun) for the most part but visited the Galle Face Green in Colombo
and interviewed people who had witnessed the tsunami wave phenomena. On Jan. 03 (Mon) various
newspaper offices were visited to purchase back issues of newspapers such as Daily News, Sunday
Observer, Sunday Times and Sunday Leader, giving information about the tsunami. On the same day
detailed maps of the coastal areas that were investigated were purchased from the Survey Department
of Sri Lanka. On the last day Jan. 04 (Tue), a meeting was held at University of Moratuwa to share
the information that was collected by the team and a meeting was held in the Colombo Port with Prof.
Fumihiko Imamura (Tohoku University) and another team from Japan who had recently arrived in Sri
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Lanka to investigate the tsunami. We left Colombo at 0135 on Jan. 05 (Wed) arrived in Singapore at
0725 and left Singapore at 0940 and arrived in Narita at 1705 on the same day.

The team from Tokyo Institute of Technology was the first international team of scientists to visit
Sri Lanka to gather data about the effects of the tsunami. Other international scientific teams that
arrived afterwards were from the USA led by Prof. Philip Liu (Cornell University) and Prof. Harindra
Fernando (Arizona State University) and from Japan led by Prof. Yoshiaki Kawata (Kyoto University)
and Prof. Fumihiko Imamura (Tohoku University).

As the first field visit reported in this paper was limited to the SW and South Sri Lanka, a second
field trip from March 10-18, 2005 is planned to visit NE, East and SE parts of Sri Lanka, including
Trincomalee, Batticaloa and Yala to get inundation data using GPS equipment.
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ABSTRACT : The behaviour of foundations and buildings in Adapazari during the 17-8-99 Izmit
(Kocaeli) Earthquake is outlined. Settlement, tilting, and complete overturning of numerous buildings
during this devastating earthquake are attributed to the interplay between the yielding/liquefying soil and
the rocking/uplifting foundation, under large inertial overturning moments generated by the slender
buildings. The overturning of Terveler building is studied in detail. It is shown that even such a slender
building, with H/B »2, when it stands alone, despite the repeated cyclic mobilization of the bearing
capacity of the supporting soil, survives the earthquake essentially with only a minor tilt. Significant
uncontrollable tilting leading to overturning occurs only when two buildings stand back-to-back and the
ensuing bearing capacity mobilization is unavoidably one—sided.

1. INTRODUCTION - THE ADAPAZARI FAILURES

Among the numerous failures observed in the Izmit (Kocaeli) earthquake of 17 August 1999, of
particular technical interest were the building—foundation failures in Adapazari: foundation settlement,
permanent tilting, and complete overturning of numerous buildings, which otherwise retained their
structural integrity, captured the attention of the world geotechnical and earthquake community.
Liquefaction of shallow silty soil layers was evident in the ground surface, but not in abundance.

Detailed scrutiny of the Adapazari failures showed that significant tilting and toppling were observed
only in relatively slender buildings (with aspect ratio: H/ B > 2), provided they were laterally free from
other buildings on one of their sides. Wider and/or contiguous buildings suffered small if any rotation.
Our observations are summarized in the graph of Fig. 1, which plots the angle of permanent tilting as a
unique function of the slenderness ratio H / B. Although this diagram is not of general applicability (it
refers mainly to the district of Tigcilar), it does suggest that for the prevailing soil conditions and type of
seismic shaking, most buildings with H / B > 1.8 overturned, whereas buildings with H / B < 0.8
essentially only settled vertically, with no visible tilting. (Note that several other researchers [Yasuda et
al 2001, Yoshida et al 2001] have attempted to correlate building rotation to a number of other problem
parameters, but with rather limited success.)

2. THE TOPPLING OF TERVELER BUILDING

To introduce the issues arising from the Adapazari failures, we outline the case of one of the buildings
(named Terveler), which overturned onto the neighboring building (named Yagcioglu). Terveler was
back-in-back with another building, which also overturned in the opposite direction (see Fig. 2). Soil
profiles based on three SPT and three CPT tests, performed in front of each building of interest, reveal

- 186 -



the presence of a number of alternating sandy-silt and silty-sand layers, from the surface down to a depth
of at least 15 m with values of point resistance ¢, ~ (0.4 — 5.0) MPa (Gazetas 2001). Seismo—cone
measurements revealed wave velocities V; less than 60 m/s for depths down to 15 m, indicative of
extremely soft soil layers (EERI 2001, Bray et al 2001, Erken 2001).

Ground acceleration was not recorded in Tigcilar. Using in 1-D wave propagation analysis, the EW
component of the Sakarya accelerogram (recorded on soft rock outcrop, in the hilly outskirts of the city)
leads to acceleration values between 0.18 g — 0.28 g, with several significant cycles of motion, with
dominant period in excess of 2 seconds. Even such relatively small levels of acceleration would have
liquefied at least the upper-most loose sandy silt layers of a total thickness 1-2 m, and would have
produced excess pore-water pressures in the lower layers. The small amount of water expelled by such
a small-thickness layer, covered by 2 m of fill, barely reached the surface; hence the scarcity of sand boils.
But the effect on foundation stability is predicted to have had been significant.

Building geometry and rotation was the only culprit for the different behaviour of the Terveler and
Yagcioglu buildings. Indeed, Terveler had a base width B ~ 7 m and aspect ratio H/B = 2.1, while the
Yagcioglu had B = 12 m ratio H / B = 1.1. The only problem of the latter was the post-seismic
consolidation of the liquefied layers and the ensuing small settlement.
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Figure 1 The angle of permanent tilting as a unique function of the slenderness ratio H / B.

Figure 2 The Terveler building (left) and its “back—to—back” neighbouring building (right), both of
which toppled in the earthquake, in opposite directions
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3. OVERTURNING OF RIGID STRUCTURE ON 4YIELDING SOIL

A most interesting extension of the rocking of foundations on deformable base is when the supporting
soil 1s soft and weak, and may itself undergo significant deformation and bearing-capacity type failure as
the structure is rocking and uplifting. The problem is becoming of increasing engineering interest in the
realm of the very strong shaking observed in recent earthquakes and prescribed in modern-day seismic
codes. The failures in Adapazari serve as an ideal example of this problem. Our tentative analysis of its
response comprises two consecutive steps (see Gazetas et al 2003):

(a) pseudo-static computation of the critical acceleration a. applied at the effective center of mass of
the building that would produce bearing-capacity failure of the foundation soil for the given (static)
vertical load from the super-structure

(b) dynamic computation of the rocking response of the structure in the time domain, subjected to the
acceleration time-history computed from the Sakarya rock-outcrop record with wave propagation
filtering through the soil.

A set of typical results is summarized in Fig. 3. Elasto-plastic finite-element analysis with
Mohr-Coulomb plasticity gives the so-called M—Q Interaction Diagram, i.e., the combination of M and
Q values that lead to bearing-capacity failure. The scatter reflects uncertainties in soil parameters. The
intersection of the limiting M~Q curve with the likely loading paths M = Q h.= (1/2) Q H or M = (2/3)
QH gives the limiting shear force, whence the critical acceleration is obtained

a.~0.16 g

To visualize the result of the second step of analysis we merely present Fig. 4. As the reader may
expect even a long-period excitation with the expected acceleration levels could not have toppled this
building. Referring to Ishiyama (1982, 1984), Makris & Roussos (2000), and Apostolou et al (2005), we
can state that for a rigid block to overturn whether it is founded on a rigid base, on a deformable elastic
soil, or on a yielding soil, the imposed base acceleration levels must exceed by far (usually at least by a
factor of 2 or 3) the pseudo—statically required critical acceleration a, . An acceleration @, ~ 0.20-0.25
g would not have toppled a structure with a.=0.16 g.
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Figure 3 Moment — Shear force interaction diagram for the Terveler building as computed with
finite element analysis
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Figure 4 The Terveler Building displaced after the last time increment of the finite element analysis,
exhibiting appreciable settlement, but only a minor permanent rotation

Indeed, a preliminary analysis verifies this expectation. The result in Fig. 4 of a finite-element
elastoplastic Mohr-Coulomb dynamic analysis, in the form of a snapshot at the time of the largest
rotation of the building, shows that despite the development of a severe plastic deformation (max ¢,
~2.5%) under the foundation edges, only a limited permanent rotation occurs. Such deformation is
indicative of a partial mobilization of the maximum soil resistance (bearing-capacity failure mechanism).
Under pseudo-static conditions, development of this rotational mechanism on either side of the
foundation would have led to toppling of the structure. Dynamically, each “side” of the rotational
mechanism deforms plastically for a short duration, giving a limited inelastic rotation which is partially
cancelled by the ensuing deformation on the opposite side. Hence, survival is possible.

How do we then explain this and other overturning failures in Adapazari? What may be different
from what we have assumed in the above preliminary analysis? Here is a list of potentially contributing
factors:

(a) Ground shaking could have been more sever than that computed from the Sakarya record with the
help of one-dimensional wave propagation analysis (which led to a < 0.25 g). Three possible reasons:

e A strong “forward-directivity” effect in the “fault-normal” NS component of motion, (which was not
recorded due to malfunctioning in the Sakarya station) could have led to a more deleterious base
ground shaking than the utilized EW component;

e The soil characteristics especially at relatively large depths may be different from those assumed in
our analysis, playing a more detrimental role; and

e 2D and 3D “valley” effects arising from the recently discovered [Komarawa et al (2002)] rapid
fluctuations of the alluvia depth to bedrock across the city may have produced wave focusing and
diffraction effects, further aggravating the ground shaking to which the building was subjected.

However, none of these three factors seems capable of easily explaining the toppling of the building.

(b) The presence of the neighbouring (back-to-back) building could have worsened the performance
of Terveler in a number of ways:

e The apparently out-of-phase motion of the two buildings may have produced impact forces,
aggravating the tendency for outward rotation of each building. This hypothesis can be completely
dismissed on the basis of abundant field evidence which includes the lack of even a mere scratch on
the back sides of the two buildings.

e Mobilization of bearing capacity mechanism in the soil can only happen under the external side of
each foundation, “thanks” to the confining pressure of the neighboring building. When the building
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rotates in the outward direction and this soil yielding mechanism is momentarily mobilized, a
permanent rotation develops. Reversal of this rotation of the structure can not proceed beyond the
point of “impact” at the base the two buildings. Thus no full reversal of the permanent soil rotation
occurs, and the plastic strains continue to accumulate with each exceedance of the critical
acceleration in the outward direction — until the weight of the building “Takes over” and leads to
overturning (Fig. 5).

Substantial evidence exists in support of the latter mechanism. The velocity of overturning, for

example, is computed to be very low — in fact, when the building is at the critical angle, 0. = arctan B/H,
at which overturning is imminent, the natural period of the system tends to infinity (Psycharis & Jennings
1983), which means that its velocity becomes vanishingly small. In the field, evidence of a low velocity
impact of the overturning Terveler onto the Yagcioglu building(and in several other cases as well) is

overwhelming :

o the failed building was structurally and architecturally unscratched

e there were no fatalities (on either building)

e the “injuries” of Yagcioglu building revealed after demolition of Terveler were unbelievably minor
e in other overturned buildings, where no support were provided by a neighbour, the rotation continued

slowly many hours after the earthquake — evidence of toppling cushioned by the reaction of the
same soil that had initiated the failure in the first place.

4. CONCLUSION

The overturning of numerous buildings in Adapazari can be attributed mainly to the following

factors/phenomena:

(a) The nature of the soil profile, especially its top 4 meters below the foundation base: very soft and/or

liquefiable silty/sandy soils, with very high water table.

(b) The directivity and fling affected seismic excitation, which produced strong high—period shaking at

the base of the building, despite the “filtering” effect by the extremely soft soil profile.

(c) The presence of an equally—tall contiguous building only on one side; this neihbour did not “allow”

exceedance of bearing capacity in its direction that (under cyclic conditions) would have reversed
the inelastic rotation occurring in the opposite diection, and would thus have saved the building from
overturning.

Figure 5 The permanent rotation exhibited by the two neighbouring buildings subjected to the Sakarya

record (at rock outcrop) would have been sufficient to initiate a slow complete overturning driven by

gravity
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Abstract: The extent of liquefied areas and the associated ground damages in Yuanlin township were
investigated and analyzed after the Chi-Chi earthquake The investigations on the rehabilitation of damaged
building and their remedial expenses were performed as well. The contours of liquefaction potential index
and the post-earthquake settlements were first established, and then using the data from both the field
reconnaissance and making a survey of the means of damaged building remediation with the questionnaire.
Finally a GIS was developed to integrate the results of the liquefaction analysis and the means of the
rehabilitation of the damaged buildings. A comparison of the results from the liquefaction analysis and the
settlement calculations with the means of rehabilitation and the expenses was performed. A new boundary
curve on the relation of the thickness of liquefied and un-liquefiable layers is proposed to assess whether the
building will be damaged due to ground failure. The outcome in the study can provide the valuable
information for the earthquake scenario simulation and the rapid damage assessment of liquefaction at the
sites having the geological conditions in Taiwan similar to the current study areas.

1. INTRODUCTION

The 1999 Taiwan Chi-Chi earthquake (My=7.6) trigged numerous ground failures in the form of
liquefaction, ground softening, and lateral spreading in inland alluvial areas. After the Chi-Chi
earthquake, the extent of liquefied areas and the associated ground damages in central part of Taiwan
have been investigated and analyzed by many experts. Figure 1 shows the counties that were affected
by liquefaction. In particular, Yuanlin township, Nanto township, and Wufeng township suffered
severe liquefaction damages. However, the investigations on the remediation of damaged buildings
and their remedial expenses after the earthquake were still not available. In the paper, Yuanlin area is
the focus of the investigation reported here. The contours of liquefaction potential index and the
post-earthquake settlements were first established, and then using the data from both the field
reconnaissance and the surveys of the local residents on the means of remediation of their own
damaged buildings with the questionnaire. Finally a Geographic Information System was developed
to integrate the results of the liquefaction analysis and of the remediation measures of damaged
buildings. A new boundary curve on the relation of the thickness of liquefied and un-liquefiable layers
is proposed to assess whether the building will be damaged due to ground failure.

2. DOCUMENTATION OF FIELD DATA AND LIQUEFACTION POTENTIAL ANALYSIS

The town of Yuanlin (population about 116,000; area about 40 km®) is approximately 15 km from
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the Chelungpu fault ruputure, it suffered the severe liquefaction damages. Many buildings in the town
settled and tilted due to ground liquefaction. According to the geotechnical study of the area by MAA
(1999), soil conditions generally consist of Holocene alluvium to depths of 50-60m, which overlie
older sedimentary deposits. Ground water levels are relatively shallow, generally occurring at depths
0.5 m to 3 m. Ground motion records from Station TCU110 in Yuanlin as shown in Figure 2 indicated
a peak acceleration of 0.2 g. This Station is located in an area where no ground failure was observed.
Figure 3 shows a typical soil profile from west to east. The soils in the second layer were classified as
loose silty fine sand and would be considered potentially susceptible liquefaction, especially
Boreholes BH29, BH30, and BH44 have the thicker second layer and are all situated at the severe
subsidence and liquefied area in the southeast of town.

The logs of the SPT borings of 57 holes and of the CPT soundings of 38 points as shown in Figure
2 were prepared in a uniform format as a geological investigation database linked with GIS. The data
included the boring No., coordinates of borehole location, SPT-N values, depth, grain size distribution,
PL, LL, PI, soil classification, water content for SPT boring and g, and f; for CPT soundings. A
program of liquefaction assessment and settlement calculation programming with Visual Basic
language were used in performing the liquefaction potential analysis efficiently. First of all, this
program is capable of checking the accuracy of input data automatically. Various options of the

Liquefaction areas

;& in the Chi-Chi earthquake

Figure 1 Liquefaction areas in the Chi-Chi earthquake
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method of liquefaction potential analysis are available. The simplified methods based on SPT-N value
include the simplified Seed’s liquefaction potential analysis [abbreviated to Seed’s method] (Youd
2001), New Japanese Road Association Method (Japan Road Association 1996), Tokimatsu and
Yoshimi Method [T&Y method] (Tokimatsu and Yoshimi 1983) in the first part of the program. The
simplified methods based on CPT include the R&W method (Robertson and Wride 1998) and the
Olsen method (Olsen 1997) in the second part of the program. In addition, the liquefaction potential
index, L, (Iwasaki et al. 1982) and the settlement after liquefaction can be calculated as well. In the
paper, only the results derived from the Seed’s method are reported.
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Figure 3 Typical soil profiles from west to east in Yaulin

3. FIELD SURVEYS ON DAMAGE PATTERN OF BUILDINGS, MEANS OF BUILDING
REHABILITATION, AND THEIR EXPENSES

The detailed damage data, the means of rehabilitation, and their expenses on the damaged
buildings after the earthquake were collected by making the survey of local residents in Yuanlin
township in the study. A questionnaire sheet was designed to obtain the information of building needed
by sending students visiting the owner of the damaged building or of undamaged building. The
selected visiting sites included: (1) the damaged sites due to ground failure or where the buildings had
undergone severe settlement and tilting and both were reported by the NCEER reconnaissance team or
by local news reporters or the other official reports after the earthquake; (2) the sites neighboring on
the locations where CPT or SPT were conducted; (3) the regions where the soils were considered
potentially susceptible to liquefaction on the basis of the simplified methods or the calculated
settlements were larger but no damages were reported. There were effective samplings of 93
(including damaged sites of 83 and undamaged sites of 10).

The contents of the questionnaire sheet are divided into four parts: (1) basic parameters of building:
GPS positioning of damaged building, building type and what the buildings were made of, foundation
type and depth, number of stories, the building size (length and width), age of building, buildings near
rivers/irrigation cannels/ditches or not; (2) degree and extent of ground failure around the damaged
building including sand boiling or ejection of water, lateral spreading, the total ground subsidence and
the differential settlements between the ground and the buildings, tilting of building, and extent of the
ground failure and subsidence in the surrounding region, any manhole floating up, the road re-paved
and the river or ditch dredged by officers or not after the earthquake; (3) type and degree of failure on
the building including the ground floor, beams and columns, and the lifelines broken or not; (4) the
means of rehabilitation or soil improvement or soil modification used and their total remedial expenses
if buildings were damaged. The survey items described above were aim at justifying that the building
damages were mainly resulted from the ground failure and how many expenses needed to rehabilitate
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the function of building to an acceptable level for the general public. All the spatial data including the
subsurface profiles, the basic parameters of building, the means of rehabilitation and their costs, and
the surveyed damage patterns of building, the results of liquefaction analysis were integrated with the
local map through a GIS system and then to manipulate the several spatial analyses for giving a better
understanding of the scenario during and after the earthquake.

4. ANALYTICALAND INVESTIGATION RESULTS AND DISCUSSIONS

4.1 Assessment of liquefaction potential and seismic settlement

The Seed’s SPT simplified method was first used to perform the liquefaction potential analysis in
the study. Figures 4 and 5 show the contours of the calculated liquefaction potential index (Pr) defined
by Iwasaki et al. (1982) and of the calculated seismic settlement (Ishihara and Yoshimine, 1992) to
quantified the severity of possible liquefaction at any site. In these two figures, once one calculated
point using the Seed’s SPT simplified method manifested the occurrence of susceptible to liquefaction
(FS<1), the locations of this borehole were indicated by hollow circles in the figures 4 and 5. Most of
the boreholes were manifested susceptible to liquefaction, as observed from these two figures. The
darker shade regions have the larger values of P, (Ranges of P, 0-5, 5-10, and 10-13) and the bigger
calculated seismic subsidence (Ranges of settlements, 0-10, 10-20, 20-30, and 30-40.77 cm),
respectively. The measured settlement at the GIS bench mark located at the roof of the building of land
administration in Yuanlin township after the earthquake is 17 cm, while the calculated settlement from
the soil profile of the nearest borehole is about 8 cm. No damage related to the ground failure was
observed in the building of land adminstration.

Detailed surface reconnaissance of ground failure on the buildings in Yuanlin township was
performed in the study. The major observed damages were that roads were deformed and the damaged
buildings experienced significant settlement or tilting in the severe damaged regions as shown within
the confines of the dotted lines in these two figures. However, the severe damaged regions are not
consistent with the regions having the highest calculated P, and the largest calculated settlements, as
observed from Figures 4 and 5.
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4.2 Correlating Building damages with thickness of liquefied and of un-liquefiable layers

For engineering practice, assessing whether soil liquefaction to cause the damages of building or
not is the essence of performing the liquefaction potential analysis on a site. As described in the
previous section, no good correlations between the building damages and the values of P or the
calculated settlement were found in the study area. Ishihara (1985) presumed that the occurrence of
liquefaction at some depth within a soil profile is not necessarily related to damaging a building
founded on or near the ground surface. Only when the development of liquefaction is sufficiently

-195-



extensive and shallow enough in proximity to the building, the damages of building will occur.
Therefore, Ishihara proposed the relationships between the thickness of un-liquefiable layer, H;, and
the thickness of underlying liquefied layer, H,. The method of the determination of H; and H,
proposed in the study is shown in Figure 6. The liquefaction potential analysis was first performed to
calculate the FSs along the depths using the developed program for all the collected boreholes. Any
layer with the calculated FS less 1 was judged as a liquefied layer and greater 1 as a un-liquefiable
layer. The depth of the ground water table is taken as the thickness of un-liquefiable layer, H; (in the
case of Figure 6-a). If the layers near the surface with FS > 1, the thickness of these layers is also
chosen to be H; (in the cases of Figure 6-b and 6-c). The sand stratum with FS<1 is taken as a
liquefied layer. The thickness of such a layer is chosen to be Hy. For the alternative strata including
un-liquefiable layer and liquefied layer, summing the thickness of layers that were identified to
susceptible to liquefaction (FS<1) up is chosen to be equal to H, (in the case of Figure 6-d).

Hy=Hy+Hj

@ :
Figure 6 Definitions of the surface un-liquefiable layer and the underlying liquefied layer

Figures 7 and 8 demonstrate the spatial distributions of the thickness of un-liquefiable layer and
of the thickness of the underlying liquefied layer, respectively, in the study area. In the zones with the
darker shade both the un-liquefiable layer and the underlying liquefied layer are thicker, whereas in the
zones with the lighter shade the un-liquefiable layer and the liquefied layer are thinner. The triangle
symbols indicate the sites where the damaged buildings were manifest. We can see the most of the
damaged buildings concentrated in the zones where the depths of un-liquefiable layer was less 4 m
and the underlying liquefied layer was thicker, as observed from Figures 7 and 8.

The pairs of H; and H; are compiled and plotted in the abscissa and ordinate as shown in Figure 9
for the sites of known liquefaction-induced building damage (indicated with solid symbols) and the
sites without building damage (indicated with hollow symbols) give a new boundary curve differ from
Ishihara already proposed at the shaking of 200 gal for justifying the surface manifestation of
liquefaction- induced damages. It may be seen in Figure 9 that the data points with known
liquefaction-induced damage fall mostly in the zone on the left of the boundary curve. The new
boundary curve moves left and downward. It can be concluded that a building founded on the place
where the underlying liquefied layer close to the ground surface is more vulnerable to damage during
ground liquefaction.

4.3 Results on the damaged and rehabilitation investigation

The building performance on sustaining the liquefaction-induced ground failure is a very complex
interaction among many variables, including building type and its foundation type, ground motion,
and the soil conditions as described in the last section. The types of building and the geological
conditions in Yuanlin township are typical of Taiwan’s midsize cities, especially in the central and
southern parts of Taiwan. The next bigger earthquake may hit these areas unpredictably and cause
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heavy casualties again. The results of the damaged buildings on their rehabilitations’ investigations
and remedial expenses in the study can provide the important information for local residents and the
government officers in charge of the task of hazard prevention when they estimating the possible
property loss in the near future earthquake attack.
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Figure 9 Boundary curve for the manifestation of liquefaction-induced building damages
in the shaking of 200 gal

There are effective samples of 93 (including damaged sites of 83 and undamaged sites of 10). Each
sample represented a typical damage site not just only a damaged building. Most of buildings that
were visited in the study can be roughly categorized into four types: (1) Mud brick residences (MBR):
they are single-story un-reinforced masonry buildings and over 30 years old. (2) Small factories with
un-reinforced brick masonry wall and covered with sheet iron (SFSI): Most of them are single-story.
These two types of buildings were not designed by Engineers. (3) Reinforced Masonry Brick
Construction (RMBC): They have non-ductile reinforced concrete frames and reinforced concrete
slabs with un-reinforced brick masonry infill. They are 2-4 stories high and very common in Taiwan’s
midsize cities. (4) Reinforced concrete buildings of apartment and condominium (RC): They are 6-12
stories high.

Figure 10 shows the distribution of the types of damaged building. The buildings with the
expenses to retrofit the damages were about 74% of the damaged buildings. The right small pie chart
in Figure 10 displays the percentages of the types of the damaged buildings without expenses in an
overall estimate. In general, the buildings of MBR, SFSI, and RMBC were easiest to be damaged
during the liquefaction event, accounting for 67% of the damaged cases, because the depths of
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foundation were very shallow (about 0.5 -1m depth) and the ground floor slabs were only paved with a
poor grade concrete. Figure 11 shows the distribution of the foundation types of damaged building. All
the buildings of MBR, SFSI, and RMBC were founded on the shallow spread footings. They were
very susceptible to differential settlements. The soil liquefied in shallower layers caused settlements
and even partial bearing failure to the spread footings. In addition, floor slab fracture due to
settlements at walls and columns was the most frequent failure types occurred in these buildings. For
the buildings supported with a strap foundation, the damages cases greatly decreased although the
buildings still experienced large settlement. No damage observed inside buildings but outside ground
floor suffered considerable damages. The use of different foundation types beneath a single building,
those that were cataloged as “Others” in Figure 11, (one building with a basement in the one part and
the shallow spread footings in the other part, one building supported by a short pile foundation and the
spread footing, 3% of the damages buildings) led to large differential settlements. Figure 12 shows the
stories of the damaged buildings. The buildings with no basement and 1- to 5-stories high were the
most vulnerable to damages during the liquefaction event, accounting for 92.6% of the damaged cases,
because most of these buildings were MBR, SFSI, and RMBC. Figure 13 shows the distribution of the
means of rehabilitation that the local residents used to make a recovery from the earthquake. The
means of rehabilitation were related to the degree of damage, i.e., ground floor and lifeline retrofits
(68%), grouting to strengthen the tilting building (16%), Jacking building up using a conventional
moving house method (6%), stabilization of foundation soil with grouting (6%), and demolition (4%).
Figure 14 demonstrates the expenses needed to rehabilitate the damaged building with various
remedial means. The expenses to retrofit the ground floor and lifelines took no more than 500,000
NTS$. The expenses to strengthen the tilting buildings were related the number of stories. The higher
the building the more expenses were needed (100,000 3-stories to 600,000 (NT$) 7-stories). The
expenses to soil modification on foundation were from 50,000 to 230,000 NTS$. The expenses to jack
building up took about 600,000 — 1,600,000 NT$ depending on the cases.

RMBC
(19%)

Sample : 69 3 %)

Sample : 69

Figure 10 Percentages of various types of  Figure 11 Percentages of various foundation
damaged building types of damaged building

Demolition (4%)

34, Stabilizing foundation

N—12F/1B (1.4%) with grouting ( 6%)
4F/0B 9F/1B (2.9%)
®.7%) R TE/1B (L4%) Sample : 69
SF/0B (7.2%) Samples:: 51
Figure 12 Percentages of the stories of Figure 13 Percentages of the means of
damaged buildings rehabilitation on damaged buildings
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5. CONCLUSIONS

The extent of liquefied area and the associated ground damages in Yuanlin township were
investigated. The investigations on the rehabilitation of damaged buildings and their expenses with the
questionnaire were performed. The buildings without basement and founded on the spread footings
were the most vulnerable to damages during the liquefaction event. The spread footings connected
with reinforced concrete straps can greatly reduce the liquefaction damages. The higher the building
height is the larger seismic settlement the building will experience, especially no building stands
surroundings and the building easily tilts to the building short direction. A new boundary curve on the
relation of the thickness of liquefied and un-liquefiable layers is proposed to assess whether the
building will be damaged due to ground failure. The outcome in the study can provide the valuable
information for the earthquake scenario simulation and the rapid damage assessment of liquefaction at
the sites having the geological conditions in Taiwan similar to the current study areas.
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Abstract: Effects of inertial and kinematic interaction on pile stresses are studied based on large shaking
table tests on pile-structure models in dry and liquefiable sand deposits. The test results show that the
combination of inertial and kinematic forces on bending moment, shear force and axial force varies
depending on such factors as the relation of natural period of a superstructure and ground, the presence of
foundation embedment, and pile stiffness. A pseudo-static analysis is presented into which these findings
are incorporated and its effectiveness is examined by simulating pile stresses in large shaking table tests. It
is assumed that the pile stress is equal to the sum of the two stresses caused by the inertial and kinematic
effects if the natural period of the superstructure is shorter than that of the ground or the square root of the
sum of the squares of the two if the natural period of the superstructure is longer than that of the ground.
The estimated pile stresses are in good agreement with the observed ones regardless of the occurrence of soil
liquefaction, the presence of foundation embedment and pile stiffness.

1. INTRODUCTION

Field investigation and subsequent analyses after resent catastrophic earthquakes confirmed that
kinematic effects arising from the ground movement as well as inertial effects from superstructure had
significant impact on the damage to pile foundations (e.g., BTL Committee, 1998). It is therefore
import